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Sixty years of the CPT – How far have we come?
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ABSTRACT: Since the mid 1930's the Cone Penetration Test (CPT) has been used to investigate the ground
profile for geotechnical engineering. Significant changes and developments have been made in the past 60
years. Improvements have been made in cone design, pushing equipment, data acquisition, additional sensors,
and interpretation and application of the results. This paper presents a brief overview of these developments
and shows that the use and application of the CPT has come a long way.
1 INTRODUCTION
Probing with rods through weak ground to locate a
firmer stratum has been practised since about 1917.
In the Cone Penetration Test (CPT), a cone on the
end of a series of rods is pushed into the ground at a
constant rate and continuous or intermittent
measurements are made of the resistance to
penetration of the cone. The method has earlier been
referred to as the Static Penetration Test, Quasistatic Penetration Test and Dutch Sounding Test. It
was in the Netherlands in about 1932 that the CPT
was introduced in a form recognisable today. Hence,
the CPT has existed for over 60 years! This paper
attempts to summaries how far the CPT has
progressed in that 60 years. Much of this text is
based on a comprehensive book on the CPT, “Cone
Penetration Testing in Geotechnical Practice” by
Lunne, Robertson and Powell (1989).
CPT systems can be divided into three main
groups: mechanical cone penetrometers, electric
cone penetrometers and piezocone penetrometers. A
cone penetrometer with a 10 cm2 base area cone with
an apex angle of 60 degrees is accepted as the
reference and has been specified in the International
Reference Test Procedure (ISSMFE 1989).

2.1 Mechanical cone penetrometers
P. Barentsen, an engineer at the “Rijkwaterstaat”
(Department of Public Works) in Holland, made the
first mechanical CPT’s in 1932. A gas pipe of 19
mm inner diameter was used: inside this a 15 mm
steel rod could move freely up and down. A cone tip
was attached to the steel rod. Both the outer pipe and
the inner rod with the 10 cm2 cone with a 60 apex
angle (Figure 1), were pushed down by hand
(Barentsen, 1936). Barentsen corrected the measured
cone resistance by subtracting the weight of the inner
rod. The maximum penetration depth was 10-12
metres and the penetration resistance was read on a
manometer.

Figure 1. Old type Dutch cone (Sanglerat, 1972).

2 HISTORICAL BACKGROUND
Sanglerat (1972) and Broms and Flodin (1988) have
given comprehensive reviews of the history of
penetration testing in general.

The first director of Delft Soil Mechanics
Laboratory, T.K. Huizinga designed the first
manually operated 10 tonne cone penetration rig
with which the first tests were carried out in 1935
(de Graaf and Vermeiden, 1988). A photograph of
this system is shown in Figure 2. This device also
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used an outer 19 mm "casing" which eliminated the
skin friction along the inner rod. The cone was first
pushed down 150 mm (maximum stroke) and then
the outer pipe was pushed down until it reached the
cone tip. Then the "casing" and the inner rods were
pushed down together until the next level was
reached and cone resistance could be measured
again.

Figure 3. Dutch cone with conical mantle Sanglerat, 1972).

Figure 2. Dutch cone penetrometer system used in the 1940's
(courtesy of Delf Geotechnics).

Several Dutch and Belgian engineers used the
early version of the cone penetration test for
evaluating pile bearing capacity (e.g. Buisman, 1935;
Huizinga, 1942; De Beer, 1945; Plantema, 1948).
Vermeiden (1948) and Plantema (1948) improved
the original Dutch cone test by adding a conical part
just above the cone. The geometry proposed by
Vermeiden and which has been used since is shown
in Figure 3. The purpose of this new geometry was
to prevent soil from entering the gap between the
casing and the rods.
Begemann (1953, 1969) significantly improved
the Dutch Static Cone Penetration Test by adding an
"adhesion jacket" behind the cone (see Figure 4).
Using this new device the local skin friction could be
measured in addition to the cone resistance.
Measurements were made every 0.2 m and for
special purposes the interval could be decreased to
0.1 m. The method was patented in 1953. Begemann
(1965) was also the first to propose that the friction
ratio (sleeve friction/cone resistance) could be used
to classify soil layers in terms of soil type (see
Figure 5).

Figure 4. Begemann type cone with friction sleeve (Sanglerat).

Figure 5. Soil classification from cone resistance and sleeve
friction readings (Begemann, 1965).
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As outlined by Broms and Flodin (1988) and
Sanglerat (1972), several other mechanical cone
penetrometers with somewhat different features were
developed in other countries such as Belgium,
Sweden, Germany, France, and Russia.
Most of the mechanical cone penetrometers
measure the force to press down the inner rod with a
manometer at ground level.
Sanglerat (1972) also reported the development
by Parez of a cone penetrometer, which consisted of
a conical point, which is connected to the piston of a
small hydraulic jack located at the base of the rod.
An oil pressure line transmits the pressure to
manometers located at the ground surface allowing
continuous readings of cone resistance. The Parez
cone penetrometers were available in three sizes; i.e.
diameters of 45, 75 and 110 mm respectively.
The Centre Experimental du Batiment et des
Travaux Publics (C.E.B.T.P) in France also built
hydraulic penetrometers in 1966 (Sanglerat, 1972).
The cone resistance was measured hydraulically with
manometers at the ground surface. The diameter of
these penetrometers varied from 100 mm to 320 mm.
According to Sanglerat, C.E.B.T.P also developed a
static-dynamic penetrometer.
Mechanical cone penetrometers are still widely
used because of their low cost, simplicity and
robustness. In rather homogeneous competent soils,
without sharp variations in cone resistance,
mechanical cone data can be adequate, provided the
equipment is properly maintained and the operator
has the required experience. Nevertheless, the
quality of the data remains somewhat operator
dependent. In soft soils, the accuracy of the results
can sometimes be inadequate for a quantitative
analysis of the soil properties. In highly stratified
materials
even
a
satisfactory
qualitative
interpretation may be impossible.

3. The simpler and more reliable electrical
measurement of the cone resistance with the
possibility for continuous readings and easy
recording of the results.
Another reason for using electrical measurement
systems are that very sensitive load cells can be used
and much more accurate readings can be obtained in
very soft soils.
The first electrical cone penetrometer in Holland,
called "the Rotterdam cone," was developed and
patented, in 1948 by the municipal engineer Bakker.
Delft Soil Mechanics Laboratory (DSML) had
worked with electric cone penetrometers since 1949
and in 1957 produced the first electrical cone
penetrometer where the local side friction could also
be measured separately (Vlasblom, 1985).
To exploit all the experience accumulated with
the mechanical cone; DSML carried out a series of
comparative studies. They also experimented with
the geometry of the electrical cone attempting to get
the same results as from the mechanical cone
(Heijnen, 1973, Vlasblom, 1985).
In 1965 an electric cone was developed by Fugro
in co-operation with the Dutch State Research
Institute (TNO), (see de Ruiter 1971). Figure 6
shows a diagram of the early Fugro electric friction
cone penetrometer. The shape and dimensions of this
cone formed the basis for the International Reference
Test Procedure (ISSMFE 1977, 1989).
De Ruiter (1971) also reported the use of an
electrical inclinometer, which enabled deviations
from vertical during a test to be monitored.
A large number of different electric cone
penetrometers have now been developed in many
countries all over the world. However, the
mechanical cone penetrometer is still used in some
countries.

2.2 Electric cone penetrometers
According to Broms and Flodin (1988) the very first
electric cone penetrometer was probably developed
at the Deutsche Forschungsgesellschaft für
Bodenmechanik (Degebo) in Berlin during the
Second World War. The signals were transmitted to
the ground surface through a cable inside the hollow
penetrometer rods. Muhs (1978) reviewed the main
improvements of the new penetrometer relative to
mechanical cone penetrometers, namely:
1. The elimination
of possible erroneous
interpretation of test results due to friction
between inner rods and the outer tubes;
2. A continuous testing with a continuous rate of
penetration without the need of alternative
movements of different parts of the penetrometer
tip and no possibility for undesirable soil
movements influencing the cone resistance;

Figure 6. The Fugro electrical friction cone (de Ruiter, 1971).

2.3 The piezocone
Two important papers at the first European
Conference on Penetration Testing (ESOPT-1) in
Stockholm in 1974 presented examples of pore
pressures measured during penetration. A
conventional electrical piezometer, developed by the
Norwegian Geotechnical Institute (NGI), was used
by Janbu and Senneset (1974) to measure pore
pressures during penetration adjacent to CPT
profiles. Schmertmann (1974) also pushed in a
piezometer probe and measured penetration pore
pressures.
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Schmertmann recognised the importance of pore
water pressure measurement for the interpretation of
CPT data. Both Janbu and Senneset and
Schmertmann also showed the results of the changes
in pore pressures during a pause in the penetration.
Almost simultaneously Torstensson (1975) in
Sweden and Wissa et al. (1975) in USA developed
electric piezometer probes with the special purpose
of measuring pore water pressures during penetration
and pauses in penetration. The two probes were of
similar geometry. Results from these probes showed
the potential for detecting thin permeable layers
embedded in clay.
Schmertmann (1978) used the Wissa type
piezometer probe and a 60 cone with filter at the tip
in a study of the evaluation of liquefaction potential
of sands. Baligh et al. (1980) also did tests with the
Wissa probe in addition to tests with 60 cones with
various filter locations. However, each cone
recorded only pore water pressure and from only one
sensing filter element. Parallel tests were performed
with the electric cone penetrometers. Baligh et al.
suggested that the pore water pressure data, when
combined with the CPT data, could provide a
promising method for soil identification and an
estimate of overconsolidation in a clay deposit. The
first publication of combined measurement of cone
resistance and pore pressure in the same probe was
given by Roy et al. (1980). They did tests in sensitive
Canadian clays, to study the pattern of pore water
pressure at or above the cone tip using detachable
tips to vary the position of the filter element.
At the 1981 ASCE National Convention in St.
Louis, Missouri a session was organized on Cone
Penetration Testing and Experience. Several authors
presented results of piezocone tests that could
measure penetration pore pressure simultaneously
with cone resistance and sleeve friction (De Ruiter,
1981; Muromachi, 1981; Baligh et al., 1981; Jones
et al., 1981; Tumay et al., 1981; Campanella and
Robertson, 1981).
Of the piezocones referred to above, some had
filters on the very tip or midway on the cone face
and some on the cylindrical part just behind the cone
tip. In practice most tests were done with the filter
on the cone face. Gradually the practice has changed
so that the recommended position is close behind the
cone (ISSMFE, 1989).
A large number of piezocones have been
developed in recent years. For practical projects pore
pressures are normally measured at one location:
most frequently behind the cone. For research and
special projects, piezocones with two or three filter
positions have been developed. Bayne and Tjelta
(1987) and Zuidberg et al. (1987) report the
development of the triple element piezocones.

3 CPT EQUIPMENT
The CPT equipment consists of a cone penetrometer,
pushing equipment and data acquisition systems.
3.1 Cone penetrometer
Significant developments have taken place in the
design of electric cones. The reference test
equipment consists of a 60 cone, with 10 cm2 base
area and a 150 cm2 friction sleeve located above the
cone. However, 15 cm2 cone penetrometers are
increasingly being used, especially when additional
sensors are incorporated. Miniature cone penetrometers (2 cm2 base area) are also now being used for
shallow depth soundings with light-weight
equipment.
The position of the filter for measurement of pore
pressure is not standardized but the International
Reference Test Procedure suggests behind the cone
(u2) as the preferred location. Other locations are on
the cone (u1) or behind the friction sleeve (u3).
Piezocones which measure pore water pressure at
two or three locations are denoted dual element or
triple element piezocones, respectively. The
measurements of reliable pore water pressures are
not easy and require greater care in instrument
preparation than that for standard friction cone CPT
testing.
Cone resistance, qc, and sleeve friction, fS, are
usually derived from measurements on electrical
strain gauge load cells. Different arrangements are
used by different manufacturers; either the cone
resistance and sleeve friction can be measured by
two independent load cells both in compression, or
the sleeve friction load cell can be in tension, or the
sleeve friction load cell, in compression, records the
summation of the loads from both the cone
resistance and sleeve friction, the sleeve friction
being obtained from the difference in load between
the friction and cone resistance load cells; this cone
is often referred to as the 'Subtraction Cone'. The
main advantage of this design is the overall
robustness of the penetrometer (see Schaap and
Zuidberg, 1982). In early subtraction cones problems
were encountered in the accuracy of the friction
sleeve measurement with this arrangement.
However, recent designs and improvements in
manufacturing details have led to improved accuracy
in the measurement of the sleeve friction. Dual load
cell cones have been designed to cover two ranges of
cone resistance attempting to achieve improved
sensitivity and accuracy.
All current CPT devices include seals and/or Orings in order to stop the ingress of both soil and
water into the body of the device during testing.
Great care must be given to the design of these so
that they work effectively without hindering the ease
of movement of the mechanical parts with resultant
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detrimental effects on the calibration performance of
the CPT.
Measuring pore pressures during cone penetration
requires careful consideration of probe design,
choice and location of the porous element and probe
saturation. For a high frequency response, (i.e. fast
response time), the pore pressure measurement
system must have a small fluid filled cavity, low
compressibility and viscosity of the fluid, a high
permeability of the porous filter, a large area to wall
thickness ratio of the filter (Smits, 1982) and a rigid
or low compliance pressure transducer. To measure
penetration pore water pressures rather than filter
compression effects the filter should be rigid.
However, to maintain saturation, the filter should
have a high air entry resistance, which requires a
finely graded filter and/or high viscosity of the fluid.
A balance is required between a high permeability of
the porous filter to maintain a fast response time and
a low permeability to have a high air entry resistance
to maintain saturation. Clearly, not all of these
requirements can be combined.

clamp saves time in the operation as the next rod can
be screwed on, while the rig is pushing down the
previous one. The standard cone rods have special
tapered threads and are one metre in length.
Typically the rods are pushed in 1 m strokes and
the hydraulic rams then retracted ready for the next
stroke. Systems do exist, however, whereby the rods
can be pushed into the ground without any pause to
reset the system.
The enclosure of a truck provides ideal space for
the installation of all electronic equipment for data
acquisition. Climate control provided in modern
CPT trucks gives added comfort for personnel and
preservation of electronics. Examples are shown in
Figure 7.

3.2 Pushing equipment - on land
The equipment to push the CPT into the ground has
seen significant improvements in the past sixty
years. The pushing equipment consists of push rods,
a thrust mechanism and a reaction system. The rigs
used for pushing the penetrometer usually consist
basically of a jacking system and reaction. The early
systems were based on human power to push the
rods into soft ground using dead-weight for reaction.
Subsequent systems used hydraulic jacks. Today rigs
are usually specially built for this purpose, but
sometimes the pushdown of an anchored drill-rig is
used. The thrust capacity needed for cone testing
generally varies between 10 and 25 tonnes (100 and
250 kN), although 5 and 2 tonne capacities (50 kN
and 20 kN) are also common for use is soft soils. 25
tonne (250 kN) is about the maximum allowable
thrust on the standard 35.7 mm diameter high tensile
steel push rods. Exceeding that load can result in
damage and/or buckling of the test rods, either in the
rig or in soft upper layers of the soil.
Modern land-based rigs are often mounted in
heavy duty trucks that are ballasted to a total
deadweight of around 20 tonnes (200 kN) or more.
Screw anchors can be used to develop extra reaction.
The power for the hydraulic jacking system is
usually supplied from the truck engine. With a
double rear axle and both rear and front wheel drive
the trucks can operate off the road in most terrain
conditions. Sometimes all-terrain (track-mounted)
vehicles are used for work in marshy or soft areas.
The load of the hydraulic ram is transferred either
by a thrust head on top of the push rods or by a
clamping system that works by friction on the
outside of the upper rod. An automatic mechanical

Figure 7. CPT Pushing Equipment (ConeTec Investigations
Ltd.).
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The penetrometer rig can also be placed on a light
trailer equipped with earth anchors. A high
production truck mounted rig can produce up to 200
meters of penetration testing in one day, as compared
to about 100 meters for a trailer mounted rig, both
under favourable site conditions. The most time
consuming part of the trailer-mounted operation is
the setting of screw anchors, which are usually
required to provide additional reaction because of
the lack of dead weight. An intermediate solution is
to mount the rig on a heavy trailer or heavy-duty
truck frame, which can be ballasted. CPT can also be
performed using drilling rigs, but pushing capacity
can be often limited to about 5 tonnes without
anchors. Use of a drilling rig can have the added
advantage of improved cost and flexibility. Some
drill rigs, especially auger rigs, are suited to rapid
installation of anchors for testing with reaction of up
to 20 tonnes.
A 20 tonnes (200 kN) thrust will normally result
in penetration depths of around 30 metres in dense to
medium dense sands and stiff clays. In weaker soils
penetration to depths in excess of 100 metres may be
achieved provided verticality is maintained. Gravel
layers and boulders or heavily cemented zones can
restrict the penetration severely and deflect and
damage cones and rods.
CPT soundings have also been carried out using
down-hole pushing equipment. In the off-shore
industry, sophisticated down-hole equipment has
been developed to provide discontinuous CPT
profiles to great depth. For on-land investigations,
the CPT has been modified to provide cone profiles
using basic drill equipment. A simple cone
penetrometer has been attached to drill-rods and
pushed into the ground at the base of a drill-hole
(Treen and Robertson, 1990).
3.3 Pushing equipment - over water
Modification of the standard techniques on land have
been developed for cone testing over water. CPT
work over water can be divided into shallow-water
(depth <30-40m) and deep-water (depth >30-40m).
For shallow-water CPT work, equipment and
procedures similar to on land CPT work can be used.
A barge or platform can often be used and a dual
casing used for lateral support to the cone rods. An
anchored barge must have a heave compensation
system to prevent cyclic loading during swells and
wave action. If the water depth is shallow, a freestanding platform or jack-up barge resting on the
mudline is very desirable and free of wave action.
A combination of a free-standing platform (large
heavy casing with inner cone rod casing founded on
the seabed) and a floating barge often provide the
most economical solution in shallow waters. The
free-standing casing protrudes through an anchored

barge with the hydraulic jacking system mounted on
the stable casing.
With the development of the electric CPT it was
possible to perform tests in deep water. For deepwater CPT work special equipment has been
developed which can be operated from drilling
vessels. Deep-water CPT's can be divided into the
following modes of operation:
a) down-the-hole mode
b) seabed mode
“Down-the-hole” mode is where the cone
penetrometer is pushed into the ground at the bottom
of the drill hole. Drill string control is mainly
achieved through the ship's heave compensator and a
seabed jack, that can grip the drill string when the in
situ test is to be carried out at the required depth. In
soft soil additional drill string control during drilling
is achieved by using a specially designed system
(hard tie) where the drill string compensator is
connected to the sea floor jacking unit (Amundsen et
al., 1985). Thus, the soil in the bottom of the bore
will be less disturbed and CPT results of higher
quality can be obtained.
In most cases the penetrometer is pushed into the
soil below the drill bit using a hydraulic cylinder
powered by an umbilical while real time results can
be inspected on deck. A pushing force of 10-12 tons
can normally be applied and the stroke length is
limited to 3 m. After the CPT probe is removed
drilling can advance the hole and the process
repeated to produce a near continuous CPT profile.
In deep water, systems exist that do not use an
umbilical cable. The penetrometer is dropped down
the drill string and pushed into the soil at the bottom
of the borehole using mud pressure. Data are stored
in a memory module. The penetrometer is retrieved
with a wireline overshot and the data is plotted on
board the drilling ship (Peterson and Johnson, 1985)
after retrieval.
In “seabed” mode the penetrometer is pushed into
the soil from the seabed. Fugro first introduced
underwater CPTs in about 1970/71 (Zuidberg,
1974). Up to 1984 commercial rigs were used with
discontinuous penetration. In 1983 the Dutch cone
manufacturing company A.P.v.d.Berg made an
important improvement by offering commercially a
seabed jack (Roson) with continuous penetration of
the sounding rods using a wheel system.
Subsequently other systems offering penetration
capability to 45-50 m in soft to medium stiff soils
have been developed. Several companies offer
lighter versions for pipeline studies, where typically
less than 10 m penetration is required. This type of
equipment, when used from modern dynamically
positioning vessels, offers extremely efficient
operations. For pipeline studies a daily production of
25-30 testing stations (3-5 m penetration) several
kilometres apart is frequently obtained (Lunne and
Powell, 1992).
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Superlight rigs using mini cone penetrometers of
2 cm2 area are also used for special surveys (Power
and Geise, 1995; ConeTec Investigations, 1998), as
shown on Figure 8. There is an increasing tendency
to use light-weight seabed CPT rigs in both shallow
and deep water, as these autonomously operating
rigs only need a small vessel or barge with a crane
for deployment.

penetration depth is desirable and pushing reaction
forces are limited. However, the mini CPT has
improved the depth of penetration with lightweight
equipment.
Another way of reducing the rod friction is to
inject drilling mud into the soil from holes in the
rods at some location above the friction reducer.
Jefferies and Funegard (1983) reported such a
system and trials showed that the pushing force can
be reduced by up to 50%. Staveren (1995) reported
that in stiff overconsolidated Boom clay normal
CPTs met refusal at 5 m penetration. Using mud
injection up to 62 m penetration could be achieved.
The holes for mud injection can also be used for
grouting the hole when withdrawing CPT rods. This
may be required when investigating contaminated
soils. However, the mud can make maintenance of
the push rods difficult.
A recently reported approach to increasing
penetration is that by Sanglerat et al. (1995). They
used a combined static-dynamic penetrometer. The
static part is used up to a cone resistance of
140 MPa. The dynamic mode is used to penetrate
layers when qc exceeds 140 MPa. The system returns
to static mode when qc drops back below 140 MPa.
Sanglerat et al reported that more than 100 m
penetration could be obtained with this equipment in
very stiff ground.
3.5 Data acquisition

Figure 8. Mini CPT for off-shore investigations (ConeTec
Investigations Ltd.).

3.4 Depth of penetration
In the early years the CPT was performed only in
soft ground. Today the CPT can be performed in
very stiff to firm ground and even soft rock.
Increased penetration may be achieved by increasing
the pushing force on the rods. However, damage to
the rods by buckling in soft top layers may then be
the limiting factor.
The most common way of increasing penetration
is to reduce the friction along the sounding rods.
Very frequently a friction reducer such as an
expanded coupling is used at distances from 0.3 to
1 m behind the cone. The purpose of the friction
reducer is to expand the diameter of the hole to
reduce friction between the rods and the soil;
however, the resulting force reduction must exceed
the extra penetration resistance of the friction
reducer. Using a 15 cm2 cone penetrometer followed
by 10 cm2 rods has been found to result in increased
depth of penetration. This is the main reason why
15 cm2 cone penetrometers are often used for
offshore testing in the seabed mode where large

The early mechanical CPT equipment required
manual readings from a manometer. The early
electric CPT equipment collected data on chart
recorders, which presented the continuous results but
were cumbersome to present and extract data.
Modern electric cone penetrometers produce
continuous signals that require relatively complex
data collection and processing. Normally the signals
are transmitted via a cable pre-threaded down the
standard push roads. Acoustic transmission of
signals is also used to facilitate easier handling of the
rods since no cable is required. These systems
eliminate the need for a cable but still allow real
time recording (Jefferies and Funegard, 1983).
Other systems allow the storage of data within the
cone penetrometer for subsequent retrieval after test
completion. These systems also eliminate the need
for a cable, however they do not allow real time
interrogation or review of the data (Muromachi et al,
1982). This could be a problem if the cone
encounters a hard layer, which could damage the
penetrometer without the operator's knowledge. To
reduce this possibility a load cell can monitor the
total thrust. However, both the acoustic and memory
cone systems have reduced flexibility but can be cost
effective for routine work.
Most data acquisition systems include analogue to
digital converters so that the analogue signals can be
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directly converted to digital form for data logging.
Data are normally stored on disk for subsequent
processing and plotting. Printers and plotters can
also be used in the field with microprocessors to
calculate, print and plot data in the required format.
In most cases it is an advantage to have data
acquisition systems that allow real time inspection of
measured results. However, ideally data should be
recorded in an unprocessed form so that repossessing
can be undertaken easily if revised zeros or
calibrations need to be used.
Advances in microelectronics have made it
possible to amplify and digitise the data in the cone.
Amplification of the data in the cone has
significantly improved the quality of the data by
reducing the signal to noise ratio. Newer systems
allow auto range amplification where the
amplification can vary automatically depending on
the measured output. Digital cone penetrometers
include amplification and significantly increase the
number of channels that can be measured.
3.6 Additional CPT sensors
With the development of the electric CPT significant
progress has been made to enable the test to measure
additional parameters. The early electric CPT’s
measured tip resistance on the cone (qc) and sleeve
resistance on the friction sleeve (fs). Simple
inclinometers were added to measure the verticality
of the probe (i). With the development of the
piezocone, pore pressure sensors were added (u). In
recent years, additional sensors have been added to
cone penetrometers to enhance their application,
especially for geo-environmental site characterization. A brief description of the main sensors follows.
3.6.1 Seismic
Geophones and/or accelerometers have been added
to cone penetrometers to measure compression (P)
and shear (S) wave velocities (Robertson et al.,
1983; Campanella et al., 1986. Elastic wave theory
relates the small stain shear modulus (G0) using:
G0 =  (Vs)2
where  is the soil mass density.
The small strain shear modulus is an essential
input for prediction of ground-surface motions for
earthquake excitation, for evaluation of foundations
for vibrating equipment and off-shore structures
behaviour during wave loading and, more recently,
for deformation around excavations and foundations.
The seismic cone has facilitated economical
downhole measurements of both shear wave velocity
and CPT data in the same ground. The addition of
seismic measurements during a CPT has made a
significant improvement to the CPT. The CPT has
long been exceptional at stratigraphic profiling and
providing estimates of soil strength. The addition of

the shear wave velocity has enabled the CPT to
provide detailed profiles of ground stiffness. Few insitu tests can combine these in a cost effective,
continuous profile.
3.6.2 Pressuremeter
The concept of mounting a pressuremeter module
behind a cone was first applied in the early 1980’s
(Jezequel et al., 1982; Robertson et al., 1984;
Withers et al., 1986). The penetration is stopped to
allow a pressuremeter test to be performed. The
cone-pressuremeter is a device that has the potential
for the evaluation of shear strength and shear
modulus in soft soils. However, the test is slow and
the equipment complex.
3.6.3 Temperature
One of the earliest sensors included to a cone
penetrometer was a temperature sensor. Initially
temperature sensors were used to aid in either
calibration corrections or to locate zones of different
ground temperature, such as frozen soil. Recently
temperature sensors have been used to aid in the
identification of contaminants that generate heat due
to biological and/or chemical activity.
3.6.4 Electrical resistivity
The measurement of electrical properties was first
developed to evaluate in-situ density of sands
(Kroezen, 1981) but more recently it has been used
to evaluate contaminated soils (Horsnell, 1988;
Campanella and Weemees, 1989; Woeller et al.,
1991, Strutynsky et al., 1991). The measurement of
soil bulk resistivity is a function of both the
resistivity of the pore fluid and the soil particles and
how they are arranged. The dominant factor by far is
the electrical conductivity through the pore fluid. In
many circumstances, the electrical properties of the
soil will be changed by the presence of
contaminants. Therefore, by measuring soil
resistivity, the lateral and vertical extent of soil
contamination can be evaluated. Unsaturated soils
and saturated soils with many non-aqueous-phaseliquid (NAPL) compounds exhibit very high
electrical resistivity (low conductivity). Dissolved
inorganic compounds, such as those contained in
brines and landfill leachates, significantly decrease
soil resistivity.
3.6.5 Dielectric measurements
The electrical measurements discussed above relate
to resistivity. However, electrical measurements can
also be made to measure the dielectric constant of
the material surrounding a penetrometer. The
resistivity is somewhat insensitive to contaminant
type whereas, the dielectric constant can be very
sensitive to contaminant type. The dielectric constant
is frequency dependent. However, above about 50
MHz the dielectric constant is essentially constant.
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Contaminants such as light and dense NAPL zones
can be detected by the low values of dielectric
constant and conductivity in relation to the
background surrounding water saturated soil.

sanitation, designed to dissolve a floating layer of
versatic acid with infiltration of hydroxide solution
beneath a storage tank at a petrochemical plant in the
Netherlands.

3.6.6 pH
The acidity of a material can be measured using pH
sensors mounted either inside a cone or on the
surface of the probe. The disadvantage of sensors
mounted inside the cone is that a sample of pore
liquid must be drawn into the measuring cell and
then expelled. This process can be difficult in low
permeability soils such as clay and the cell and
sensor must be cleaned after each reading. Sensors
mounted on the outside of the cone have the
advantage of direct exposure to the surrounding
material; however, abrasion and damage to the
sensor can be a major problem. Typically a pH
sensor is located in a small recess a short distance
behind the friction sleeve. This recess is designed to
produce a small vortex for pore liquid to enter during
cone penetration. The sensor is then protected from
abrasion and damage from the surrounding solid
material and can measure continuous variations of
the pH of the pore liquid. The pH measurements are
sensitive to temperature changes and generally a
temperature sensor is mounted adjacent to the pH
sensor to allow automatic correction for temperature
effects. The continuous measurement of pH can be a
useful guide for detecting certain contaminants with
significantly different pH values from that of the
background soil.

3.6.8 Radio-isotope
Gamma and neutron sources and sensors have been
added to cone penetrometers in the past in an effort
to measure in-situ density and moisture content (e.g.
Nieuwenhuis and Smits, 1982; Mitchell et al., 1988;
Shibata et al, 1994). However, these devices have
not become popular because they contained active
radiation sources that can present significant
problems if the probes should become lost in the
ground and require expensive recovery. Recently
there has been a trend toward adding passive
gamma-ray sensors in an effort to detect radioactive
contaminants (Marton et al., 1988). A variety of
different passive sensors are available, the selection
of the appropriate sensor is based on efficiency,
range of gamma-ray energies expected, temperature
dependence of the sensor and sensor ruggedness.
The application of gamma-ray sensors is clearly
limited to environments where specific gamma-ray
emitting contaminants are possible.

3.6.7 Oxygen exchange capacity
The oxygen exchange capacity of a material can be
measured with a sensor for redox potential. A CPT
probe (Chemoprobe) described by Olie et al. (1992)
carries out the measurements of redox potential, pH
and conductivity. These three parameters are major
variables of chemical equilibrium for inorganic
substances. The sensors are mounted inside the cone
and a sample is drawn into a measuring cell located a
short distance behind the cone tip. The
measurements are made under a nitrogen atmosphere
to reduce the exchange of atmospheric oxygen with
dissolved gases from ground water. A slight excess
pressure of nitrogen is used during penetration of the
probe to stop the flow of liquid into the 15 ml
measuring cell. The nitrogen is supplied from a gas
cylinder at the surface. The stainless steel porous
filter is cleaned by demineralised water, which is
also used to clean the sensors and check the
calibration. An excess nitrogen pressure pushes out
the water. A pressure sensor is also included to
monitor the flow of liquid into the measuring cell
and to estimate the hydraulic conductivity of the
surrounding soil. Olie et al. (1992) showed that the
measurement of redox potential, pH and electrical
conductivity enabled the monitoring of in-situ

3.6.9 Fluorescence
The most recent sensors to be added to the cone
penetrometer for environmental applications are
those
that
involve
induced
fluorescence.
Hydrocarbons are one of the most common ground
contaminants and most hydrocarbons, because of the
poly-aromatic constituents, produce fluorescence
when irradiated with various forms of light. Laser
induced fluorescence (LIF) technology applied to the
environmental field is relatively new with the first
published work conducted by Hirshfield et al. (1984)
and Chudyk et al. (1985). The initial work and much
of the recent work has centered on the development
of field portable LIF systems. The U.S. Army
Engineer Waterways Experiment Station (WES)
under the sponsorship of the U.S. Army
Environmental Center (AEC) has developed a Site
Characterization and Analysis Penetrometer System
(SCAPS) for investigating and screening sites for
ground contamination using LIF (Lieberman et al.,
1991). SCAPS incorporates existing cone
penetrometer technology with LIF. A 6.35 mm
diameter sapphire window is mounted flush on the
side of the cone approximately 60 cm above the tip.
This window provides a view port for the fibre optic
based LIF system. A pulsed nitrogen laser light (337nm wavelength) is sent down to the window over a
400-micron diameter 60-m long silica optic fibre.
Fluorescence generated in the surrounding material
is carried back to the surface by a second fibre where
it is dispersed using a spectrograph and the intensity
quantified with a time-grated, one-dimensional
photo diode array. Readout of a fluorescence
9

emission spectrum requires approximately 16 milliseconds. A microcomputer based data acquisition
and processing system controls the fluorometer
system, acquires and stores sensor data once a
second, and plots the data in real-time as vertical
profiles on a CRT display. Experience at petroleumoil-lubricant (POL) contaminated sites have been
promising although results have been qualitative
since calibration for specific contaminates is
difficult.
Research has shown that common fuel
contaminants such as heating oil, jet fuels, gasoline
and diesel fuel marine exhibit strong fluorescence
signatures, with the degree of fluorescence
depending on the excitation wavelength (Gillispie
and St. Germain, 1993; Chudyk et al., 1985).
However, common chemical contaminants such as
chlorinated hydrocarbons (e.g. TCE, PCE) do not
fluoresce and are not suitable for the fluorescence
technique. The intensity of fluorescence is a function
of excitation wavelength and recent efforts have
been made to develop tunable laser fluorometers, i.e.
systems that can vary the wavelength of the laser
light source (Bratton et al., 1993), and hence, detect
a greater range of contaminants. More information
about the contaminants can be obtained if the
complete wavelength-time-intensity matrix is
recorded, although this measurement takes a little
longer to perform and a pause in the penetration is
required. Fluorescence research to date has
concentrated on the aqueous phase and very little
work has been carried out to evaluating the LIF
characteristics of contaminated soils (Apitz et al.,
1992). The intensity of the LIF signal is strongly
dependent on soil type, with sands having a stronger
signal for a given concentration than clayey soils.
The calibration and detection limits of LIF in soils
are complicated by soil type, soil grain size effects,
natural organic compounds (humic acid) and the
influence of time on the contaminant degradation.
There are also problems of low signal to noise ratios
for the LIF systems. Currently, field correlations of
LIF intensity to contaminate concentration are
preferred since laboratory calibrations are still
uncertain (Bratton et al., 1993). Concerns also exist
over the long-term durability and maintenance of the
fiber optic cable.
Recently a simpler probe has been developed that
contains a UV light source as well the fluorescence
detection system. During penetration measurements
are made by illuminating the material surrounding
the probe with a small mercury lamp to produce the
UV light source placed behind a clear window. The
fluorescence emitted by the hydrocarbons is detected
in the probe by a small photomultiplicator tube. The
signal is conducted through the electrical CPT cable
to a data processing system at the ground surface. A
detection limit of 50 mg/kg dry weight for light
NAPL is claimed. The intensity of the radiation

emitted by the contaminant is an indication of the
concentration of the product in the soil however,
specific calibration is required. The detection system
can also handle other wavelengths for identification
of other contaminants by using filters to control the
excitation wavelength. Results at a site where NAPL
layers of domestic fuel oil were present show
excellent results (Olie et al., 1993). These results
show excellent baseline stability and clear sharp
peaks in a series of alternating NAPL layers. Van
Ree and Olie (1993) also investigated the effects of
smearing and the displacement of the measured
contaminant due to the penetration process. The
limited results indicate that the soil effectively cleans
the window on the surface of the cone and that the
displacement (smearing) of the detected layer can be
as much as 5 cm.
3.7 New applications
Traditionally the CPT was used to provide a vertical
profile in soft ground. In recent years the CPT has
been applied to a wide range of unusual ground. The
CPT has been pushed into: soft rock, calcareous
soils, cemented soils, snow, permafrost and ice, gas
hydrates, residual soils, mine tailings, mine backfill
(2000m below ground level), sawdust and wood
choppings, Dutch cheese, slurry walls, volcanic
soils, fuel ash, loess and even on the moon in lunar
soils!
3.7.1 Vision cone
A major criticism of the CPT has been the inability
to ‘see’ the ground through which the cone has
penetrated. Although direct-push samplers have been
developed, they tend to be slow and cumbersome for
sampling a significant volume of soil. Recently
miniature cameras have been added to the cone to
allow a video image of the ground during
penetration. Hence, it is now possible to ‘see’ the
ground during a CPT! These video images have been
used to confirm soil description, identify potential
groundwater contamination and identify potential
shear zones in unstable ground. A disadvantage has
been the time required viewing the images, although
research is underway to develop computer image
analysis techniques.
3.7.2 Horizontal directional CPT
In recent years there has been significant
developments in the area of horizontal directional
drilling (HDD). Drill holes can be initially drilled at
an angle and then changed to drill in any direction.
Very long essentially horizontal drill holes are
possible with relatively lightweight equipment.
Recently, attempts have been made to develop CPT
equipment that can also be pushed to provide
horizontal profiles from an initial inclined start.
However, the length of penetration is limited by
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equipment size due to the high friction forces
developed on push-rods that become curved.
Clementino et al. (1998) developed a large cone
that could be pulled through a small horizontally
drilled hole. This approach takes full advantage of
the fact that a horizontal directional drillhole has
both an entry and exit opening. After the hole is
drilled the large cone is pulled through the small
drillhole during retraction of the drillrods. The result
is a horizontal cone profile that can be 500m long!
4 ROLE OF THE CPT IN SITE INVESTIGATION
The objective of any subsurface exploration program
is to determine the following;
1) Nature and sequence of the subsurface strata
(geological regime).
2) Groundwater
conditions
(hydrogeological
regime).
3) Physical and mechanical properties of the
subsurface strata.
For geo-environmental site investigations where
contaminants are possible, the above objectives have
the additional requirement to determine:
4) Distribution and composition of contaminants.
The above requirements are a function of the
proposed project and the associated risks. The
variety in geological conditions and range in project
requirements make the subject complex. There are
many techniques available to meet the objectives of
a site investigation and these include both field and
laboratory testing. Laboratory tests include those that
test elements of the ground, such as triaxial tests and
those that test prototype models, such as centrifuge

tests. Field tests include drilling, sampling, in-situ
testing, full-scale testing and geophysical tests. An
ideal site investigation program should include a mix
of field and laboratory tests.
Table 1 presents a partial list of the major in-situ
tests and their perceived applicability for use in
different ground conditions. Based on current
experience, grades have been assigned which
represent qualitative evaluations of the confidence
levels assessed for each method. The perceived
applicabilities are approximate and given only as a
guide. Details of soil type and equipment type can
influence the perceived applicability. The ground
type provides a guide to the range of ground
conditions applicable for the test. Most of the main
in-situ tests are applicable to soils with an average
grain size finer than gravel size. Only a small
number of tests can be carried out in hard ground
conditions such as, gravel, glacial till, soft and hard
rock. These methods generally require a pre-bored
hole or non-destructive seismic techniques.
However, high capacity CPT equipment has
increased the range of applicable ground conditions.
It is clear from Table 1 that the CPT, piezocone
(CPTU) and seismic CPTU (SCPTU) have the
highest applicability for soils.
The CPT has three main applications in the site
investigation process:
1) to determine sub-surface stratigraphy and identify
materials present,
2) to estimate geotechnical parameters, and,
3) to provide results for direct geotechnical design.
For the above applications the CPT may be
supplemented by borings or other tests, either in situ

Table 1. The applicability and usefulness of in-situ tests (Lunne et al., 1997).
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or in the laboratory. The CPT can provide guidance
on the nature of such additional tests, and helps to
determine critical areas or strata in which in situ
testing or sampling should be undertaken.
Where the geology is uniform and well
understood and where predictions based on CPT
results have been locally verified and correlated with
structure performance, the CPT can be used alone
for design. However, even in these circumstances
boreholes should accompany the CPT, sampling and
testing for one or more of the following reasons:
 to clarify identification of soil type
 to verify local correlations
 to provide complimentary information where
interpretation of CPT data is difficult due to
partial drainage conditions or problem soils
 to evaluate the effects of (future) changes in soil
loading which is not recorded by the CPT.
In soft soils, cone penetration from ground level
to depths in excess of 100 metres may be achieved
provided verticality is maintained. Gravel layers and
boulders, heavily cemented zones and dense sand
layers can restrict the penetration severely and
deflect and damage cones and rods, especially if the
overlying soils are very soft and allow rod buckling.
Testing from the bottom of a borehole can overcome
these problems, providing support is given to the
push rods. In this manner CPT/CPTU data can be
obtained to greater depths.
The CPT has 3 main advantages over the
traditional combination of borings, sampling and
other testing. It provides:
1) Continuous or near continuous data.
2) Repeatable and reliable penetration data.
3) Cost savings.
For environmental applications cone penetration
technology provides the additional advantage that it
avoids direct human contact with potentially
contaminated material.
5 SOIL PROFILING
One of the major applications of the CPT is for soil
profiling and classification. Extensive experience
exists that relates CPT results to soil type.
Experience (Begemann, 1965) has shown that
typically, the cone penetration resistance, (qc) is high
in sands and low in clays, and the friction ratio (Rf =
fs/qc) is low in sands and high in clays. This
observation has been incorporated into several soil
classification charts using both cone penetration
resistance and friction ratio. Douglas and Olsen
(1981) correctly identified that CPT classification
charts cannot be expected to provide accurate
predictions of soil type based on grain size
distribution but provide a guide to soil behaviour

type (SBT). CPT data provide a repeatable index of
the aggregate behaviour of the in-situ soil in the
immediate area of the probe. Hence, the prediction
of soil type based on CPT results are usually referred
to as soil behaviour type (SBT).
In recent years, CPT soil classification charts
have been adapted and improved based on an
expanded database. Also, research has illustrated the
importance of cone design and the effects that water
pressures can have on the measured cone resistance
in soft clays and silts due to unequal end area effects.
Corrections for pore pressure effects on cone
resistance normally eliminates significant differences
in cone design, when expressed in terms of the
corrected cone resistance, qt.
One of the most commonly used CPT soil
behaviour type charts is the chart suggested by
Robertson et al. (1986) and shown in Figure 9. This
chart uses the basic CPT parameters of cone
resistance, qt and friction ratio, Rf = fs/qt. The chart
is global in nature and can provide reasonable
predictions of soil behaviour type for CPT soundings
up to about 20 m (60 ft) in depth. The chart
identifies general trends in ground response, such as,
increasing relative density (Dr) for sandy soils,
increasing stress history (OCR), soil sensitivity (St)
and void ratio (e) for cohesive soils.

Zone Soil behaviour type
1
Sensitive fine grained
2
Organic material
3
Clay
4
Silty Clay to clay
5
Clayey silt to silty clay
6
Sandy silt to clayey silt
7
Silty sand to sandy silt
8
Sand to silty sand
9
Sand
10
Gravelly sand to sand
11
Very stiff fine grained*
12
Sand to clayey sand*
* Overconsolidated or cemented
Figure 9. Soil behaviour type chart (Robertson, 1988).

Since both the penetration resistance and sleeve
friction increase with depth due to the increase in
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effective overburden stress, the CPT data requires
correction or normalization for overburden stress for
very shallow and/or very deep soundings. For
example, in a thick deposit of normally consolidated
clay the cone resistance will increase with depth
resulting in an apparent change in CPT classification
for a large change in depth.
A popular CPT soil classification chart based on
normalized CPT data is that proposed by Robertson
(1990) and shown in Figure 10. The chart identifies
general trends in ground response, such as,
increasing friction angle (), stress history (OCR),
age and cementation for sandy soils, increasing
OCR, age and soil sensitivity for cohesive soils.
Also a zone has been identified in which the CPT
results for most young, uncemented, insensitive,
normally consolidated soils will fall. Again the chart
is global in nature and provides only a guide to soil
behaviour type (SBT).

Overlap in some zones should be expected and
the zones should be adjusted somewhat based on
local experience.
If no prior CPT experience exists in a given
geologic environment it is advisable to obtain
samples from appropriate locations to verify the
classification and soil behaviour type. If significant
CPT experience is available and the charts have been
modified based on this experience samples are
generally not required.
Soil classification can be improved if pore
pressure data are also collected. In soft clay the
penetration pore pressures can be very large,
typically 2 to 3 times the hydrostatic values. In stiff
heavily overconsolidated clays or dense silts and
silty sands the penetration pore pressures can be
small and sometimes negative relative to the
equilibrium pore pressures (u0). Also the rate of pore
pressure dissipation during a pause in penetration
can guide in the soil type. In sandy soils any excess
pore pressures will dissipate very quickly, whereas,
in clays the rate of dissipation can be very slow.
To simplify the application of the CPT
classification chart shown in Figure 10, Jefferies and
Davies (1993) suggested combining the normalized
cone parameters Qt and Fr into one soil behaviour
type index, Ic, where Ic is the radius of the essentially
concentric circles that represent the boundaries
between each SBT zone. Ic can be defined as
follows:
Ic = ((3.47 - log Qt)2 + (log Fr + 1.22)2)0.5
where Qt = the normalized cone penetration
resistance, dimensionless = (qt – vo)/vo; Fr = the
normalized friction ratio, in % = (fs/(qt –
vo))100%.
The boundaries of soil behaviour type are then
given in terms of the index, Ic, as shown in Figure
10. The soil behaviour type index does not apply to
zones 1, 8 and 9. Profiles of Ic provide a simple
guide to the continuous variation of soil behaviour
type in a given soil profile based on CPT results.

Zone
1
2
3
4
5
6
7
8
9

Soil Behaviour Type
Sensitive, fine grained
Organic soils – peats
Clays – silty clay to clay
Silt mixtures – clayey silt to silty clay
Sand mixtures – silty sand to sandy silt
Sands – clean sand to silty sand
Gravelly sand to dense sand
Very stiff sand to clayey sand*
Very stiff, fine grained*

Ic
N/A
> 3.6
2.95 – 3.6
2.60 – 2.95
2.05 – 2.6
1.31 – 2.05
< 1.31
N/A
N/A

* Heavily overconsolidated or cemented
Note: Soil behaviour type index (Ic) is given by:
Ic = [(3.47 – log Q)2 + (log F + 1.22)2]0.5

Figure 10. Normalized CPT soil behaviour type chart
(Robertson, 1990).

6 CPT INTERPRETATION AND APPLICATIONS
When the CPT was first developed, it was used
primarily to locate stronger ground below soft
ground. Today there are interpretation techniques to
provide estimates of almost every geotechnical
parameter. Most techniques are empirical in nature,
but many are based on comprehensive theoretical
solutions. There are numerous theoretical solutions
for the penetration of a cone into soil, however, few
are able to capture the full ground response given the
complexity of real ground. For a full description of
the interpretation of CPT results see Lunne,
Robertson and Powell (1997).
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Methods have also been developed for direct
application of CPT results to many geotechnical
design problems. The most notable is the design of
driven piles. The CPT has long been recognised as a
model of a driven pile and that the results could be
applied to design. Today there are numerous
techniques to apply CPT results for the design of
foundations, ground improvement and geoenvironmental problems. There are also techniques
to evaluate the potential for soil liquefaction directly
from the results of the CPT (Robertson and Wride,
1998). For a full description of the possible
application of CPT results see Lunne, Robertson and
Powell (1997).
7 SUMMARY
It is clear from the above brief overview that the
CPT has come a long way in the past 60 years. From
its early roots, as a crude probe pushed by hand to
locate a firm layer below soft soil, to the
sophisticated electronic probes of today pushed by
specialised equipment to great depths through almost
all types of soil. The new probes are robust, yet
sensitive, contain numerous sensors to detect many
parameters and collect data in digital form for
computer processing and presentation. Results can
be interpreted to provide a wide range of
geotechnical and geo-environmental parameters as
well as direct geotechnical design methods.
Significant progress has been made, but yet the
CPT is still not commonly used in many parts of the
world. Why is this? In the USA and many other parts
of the world, the Standard Penetration Test (SPT) is
still the most commonly used in-situ test. This is
mainly due to the perceived lower cost and
simplicity of the SPT, as compared to the CPT.
Sadly, cost is still the most dominant factor in the
selection of a suitable site investigation method. The
CPT is often significantly less expensive than the
SPT on a cost per meter, however, there remains a
perception that the test is more expensive than the
SPT. Sadly, geotechnical engineering and site
investigation in particular is becoming cheaper in
most parts of the world with little in the way of
value-added components. The future growth of the
CPT in typical on-shore site investigations may
depend on educating clients of the value of high
quality site investigation. It will be interesting to see
what developments will occur with the CPT in next
60 years!
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SUMMARY: By compiling a number of data on SPT N-value and relative density obtained hitherto in Japan
for undisturbed samples of sandy soils, an empirical formula is proposed to estimate the relative density from
SPT N-value. Inasmuch as the relations amongst these parameters vary depending upon soil type, its effect
was incorporated into the proposed formula in terms of the void ratio range, emax - emin.
There have been a number of data for the penetration resistance of the Swedish cone penetration test
which have been obtained in the laboratory using the pressure chamber. The test data were arranged in the
same fashion as those from the SPT and an empirical formula was proposed in which the relative density is
expressed as a function of the Swedish cone penetration resistance, effective overburden pressure and the void
ratio range. Finally, by combining the two empirical formulas thus obtained, a formula correlating the SPT Nvalue and Swedish cone penetration resistance was derived which may be used to convert resistance values
from one to another.
1 INTRODUCTION
Characterization of mechanical properties of soils is
a task of utmost importance in the design and
practice of geotechnical engineering. The properties
of in-situ soils are estimated by various means but
these can be divided into two categories, that is, insitu tests and laboratory tests. It is widely known
that, for any type of soils, the crucial factor
governing their behaviour is the magnitude of shear
strain to which the soils are subjected in working
conditions in the field. Shown in Fig. 1 is a list of
various testing procedures classified in this vein and
also in accordance with whether they are in-situ tests
or laboratory tests.
In the range of small strains, several test methods
such as the down hole test, cross hole test and
Spectral Analysis of Surface Waves (SASW) are
employed to know the shear modulus of in-situ soil
deposits. In the laboratory, the techniques based on
wave propagation such as resonant column test and
bender element test are used to estimate the shear
modulus of undisturbed samples recovered from
field deposits. The precise measurement of small
strain can be made under static loading conditions as
well by means of what is called Linear Differential
Transformer (LDT) for undisturbed samples placed
in the triaxial chamber. The above methods in the
laboratory are considered to yield fairly accurate

values of shear modulus, if the samples are of high
quality without being significantly disturbed. Thus, it
can be mentioned that good correlation can be
established directly between soil property data
obtained in the laboratory and in the field, if care is
taken in handling high-quality samples. This fact is
indicated in a two dimensional illustrative diagram
shown in Fig. 2.
In the range of large strains involving failure,
what might be called the element tests such as
triaxial and torsional tests can be performed in the
laboratory on undisturbed samples to determine
deformation and strength characteristics of in-situ
soils to a desired level of accuracy. On the other
hand, it is generally difficult to conduct an elementlike test in the field where uniform stress or strain is
to be imposed on the soil in-situ. Therefore, the insitu tests such as pressio-meter test, plate-loading
test and dilatometer test are performed to identify
properties of soils as they exist naturally in the field.
However, non-uniformity of stress or strain
distribution makes it somewhat difficult to interpret
the test results from the viewpoint of identifying
basic soil parameters. In addition, these in-situ tests
are generally expensive. Thus, various kinds of
sounding techniques such as the standard penetration
test (SPT), cone penetration test (CPT) and vane test
have been commonly used instead in routine
practice. Since the soils are deformed largely during
17

any penetration tests, these tests appear to reflect
implicitly the deformation properties of soils
undergoing large strains including failure. However,
it is generally a difficult task to directly extract any
basic parameter regarding soil deformability and
strength out of these tests and it has been customary
to seek for empirical relations correlating the
penetration resistance and basic parameters of soils.
Thus, it is obvious that strong needs arise for
establishing any empirical formulae or charts that
can be used in the routine practice for estimating the
strength and deformation characteristics of in-situ
deposits of soils from the penetration tests. This
aspect is also illustrated schematically in Fig. 2.

Fig. 1. Classification of methods of measurement of soil
deformation characteristics according to the level of strain
involved.

issue of importance in early 1970’s, studies in the
laboratory indicated that the relative density was a
key factor dominating the resistance of sands to
cyclic load application and several correlations have
been proposed to correlate the liquefaction resistance
and relative density of various sands based on the
laboratory tests. The relative density has been
recognized in this way as an important parameter for
bridging the gap between the SPT N-value and
cyclic shear strength of sandy soils during
earthquakes. While it is rather easy to express the
cyclic strength as a function of relatively density, it
is not straightforwardly possible to establish reliable
relation between the SPT N-value and relative
density, because of their dependency upon grain
composition of individual sandy soils is question. In
the following, an attempt will be made to find out
some correlation between the SPT N-value and
relative density based on new data obtained recently.
Furthermore, multiple series of test data will be
introduced which have been obtained recently for the
resistance of the Swedish cone penetration using the
pressure chamber in the laboratory. The results of
these tests were also arranged in the same fashion as
those for the SPT N-value and correlations were
established between the SPT N-value and resistance
of the Swedish cone penetration. The outcome of
these studies will be presented in the following
pages of this paper.
2 BACKGROUND
The relation between the SPT N-value and relative
density was first formulated by Meyerhof (1957)
based on the data from the chamber tests conducted
by Gibbs and Holtz (1957). According to the
wellknown expression by Meyerhof, the penetration
resistance is assumed to increase with the square of
the relative density and to be in direct proportion to
the effective overburden pressure of the sand, as
expressed in the following.

 'v  2
N  17  24
D r
98 


Fig. 2. Correlations between in-situ and laboratorydetermined deformation characteristics of soils as governed
by the level of strain.

In the area of earthquake geotechnics, many
attempts have been made in the above context for
cohesionless soils to seek for empirical correlations
for cyclic shear strength or residual strength in terms
of the standard penetration test (SPT) or cone
penetration test (CPT). Historically speaking, an
early attempt to this effect was directed first towards
obtaining a correlation between the SPT N-value and
relative density, Dr, for sandy soils. When the
seismically induced liquefaction was addressed as an

(1)

where N is the SPT blow count, v is the effective
overburden pressure in kPa and Dr is the relative
density expressed as a ratio, not a percentage.
Skempton (1986) expressed the relation of Eq. (1) in
a general form as,
'  2

N   a  b v Dr
98 


(2)

Substituting v = 98 kPa in Eq. (2), it is reduced to
N1
ab
2
Dr

(3)
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where N1 is the penetration resistance normalized to
an overburden pressure of 98 kPa, i.e. 1 kgf/cm2.
Note that in the original definition of Meyerhof, the
ratio N1/Dr2 or the parameter (a + b) was assumed to
take a value of 41.

presented in Fig. 3 where the difference in relative
density between those from undisturbed samples,
Drm, and those estimated by Eq. (1) based on the
measured N-values, Drc, is plotted versus the mean
grain size D50. It may be seen that the empirical
formula by Meyerhof tends to underestimate the
relative density in the range of D50 which is smaller
than about 0.2 mm. Thus, the relation displayed in
Fig. 3 indicates that the parameter (a + b) has to
decrease with decreasing mean grain size of sands,
and that accordingly the ratio N1/Dr2 of fines
containing sands should be smaller than that of clean
sands. Similar conclusions were reached in more
recent studies by Skempton (1986) and Ishihara
(1993).
3 VOID RATIO RANGE

Fig. 3. Deviation of measured relative densities from those
calculated according to the Meyerhof’s Expression (after
Tatsuoka et al., 1978).

The accuracy of the original Meyerhof’s
expression was examined by Tatsuoka et al. (1978)
by compiling new sets of data on relative densities of
undisturbed sand samples and the SPT N-values
obtained nearby. The outcome of the study is

In an effort to find out an appropriate parameter,
conventional indices readily available from gradation
curves such as the mean grain size D50, uniformity
coefficient UC and fines content FC, were examined,
but it turned out that there still is some degree of
scatters in utilizing these parameters. On the other
hand, detailed study was performed recently by
Miura et al. (1997) to examine effects of grain
composition of sands on several possible parameters
which are more or less related with deformation
characteristics of sands. It was pointed out that the

Fig. 4. Variation of void ratio range versus mean grain size of soils.
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difference between the maximum and minimum void
ratio, emax – emin, would be a parameter which is
appropriate more than any others for quantifying the
grain composition characteristics of sandy soils. The
previous study by Cubrinovski and Ishihara (1999,
2000) indicated as well the adequacy for adopting
the void ratio range as a parameter to characterize
the deformation characteristics of various types of
sandy soils. In fact, this is amply illustrated in Fig. 4
where a correlation between the void ratio range and
mean grain size of various cohesionless soils is
shown. The main features manifested in the void
ratio range may be summarized as follows: (1) in
general, emax – emin has values in the range between
0.25 and 0.65 for sands with less than 30% fines; (2)
the value of void ratio range gradually increases with
decreasing mean grain size or increasing fines
content, and (3) for a given mean grain size, the void
ratio range is larger for sands containing more fines.
4 PROPOSED CORRELATION BETWEEN THE
SPT-VALUE AND RELATIVE DENSITY
4.1 Generalized expression
In the light of the expression by Meyerhof and
existing evidence for the effects of grain size on the
penetration resistance of sandy soils, it can be
assumed that the SPT blow count is controlled
primarily by the relative density, effective
overburden stress v and grain-size composition of
soils, which may be expressed as,

N

CD 2
Dr
CN

(4)

where CN is a function of v whereas CD is a
parameter representing the grain-size effects as a
function of the void ratio range, emax – emin. For the
function CN, it is considered most appropriate to
adopt a function proposed by Liao and Whitman
(1986),

being indicative only of the density characteristics of
in-situ sand deposits. It is also to be noted that the
ratio, N1/Dr2, further eliminates the effects of relative
density and therefore that the parameter CD defined
by Eq. (6) is considered as a function of the grain
composition alone as represented by emax – emin.
4.2 Empirical correlation
Data of undisturbed samples recovered from field
deposits with known SPT N-values were compiled
and used to examine the link between the ratio
N1/Dr2 and void ratio range emax – emin. Due to a high
sensitivity of the relative density on sample
disturbance, only high-quality undisturbed samples
mainly secured by means of the ground freezing
technique were complied and used in establishing
the correlation. Various cohesionless soils ranging
from silty sands to gravels were investigated with
values of emax – emin which were anywhere between
0.20 and 0.85. For each undisturbed sample, the
limiting void ratios emax, emin and relative density
were determined by the standard laboratory test
procedure stipulated by the Japanese Geotechnical
Society, while the N1 value corresponding to the
depth of sampling was evaluated from the known
SPT blow count and the sampling depth. Eventually,
for each sample the ratio N1/Dr2 was calculated and
plotted against the void ratio range of the soils, as
shown in Fig. 5. It is evident that the ratio
N1/Dr2 = CD decreases with increasing void ratio
range from a value of about 100 for gravels to a
value of about 10 for soils with (emax – emin) value of
approximately 0.80. The correlation shown in Fig. 5
may be expressed approximately as,

CD 

(5)

where v is given in kPa. If this function is actually
used to normalize a measured N value,
corresponding to an overburden pressure of 98 kPa,
Eq. (4) may be written as,

N1
 CD ; N1  CN  N
2
Dr

(6)

It is to be remembered that the measured N-value is
affected primarily by the relative density and the
confining stress to which the soil is subjected and
therefore by normalizing the measured N-value by
the use of Eq. (5), the effect of confining stress is
eliminated. Thus, the N1-value can be interpreted as

(7)

Now, introducing Eqs. (5) and (7) into Eq. (4), the
following empirical correlation between the SPT Nvalue and Dr is derived

1/ 2

 98 
CN   
 'v 

9
(emax  emin )1.7

N

1/ 2

9Dr
 'v 

1.7 
(emax  emin )  98 
2

(8)

where Dr is defined in terms of just a ratio and v is
given in kPa. It is important to note that, in this
expression, the SPT blow count corresponds to an
energy ratio of about 78 % from the theoretical freefall energy which is the average in Japan, and that in
the case of gravels, the N value represents the blow
count by means of the large penetration test (LPT).
Eq. (8) is also written as,
1/ 2

 N(e  e )1.7  98 1 / 2 
max
min


Dr  
 '  
9

 v  

(9)
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Fig. 5. Correlation between N1/Dr2 and void ratio range.

This empirical correlation is considered to provide a
reasonable link between the penetration resistance
and relative density for a wide range of cohesionless
soils, encompassing soils from silty sands to gravels.
It may be seen in Fig. 5 that the scatter of the data for
gravels is larger than that of sands indicating the
lower level of accuracy expected when it is applied
to gravels. A detailed evaluation of the accuracy of
the correlation may be found in Cubrinovski &
Ishihara (1999) where the relevant comparison with
SPT-based liquefaction criteria derived from case
histories is also given.

the same blow count for the sand with 20% fines
will indicate a relative density as high as 71%. In the
case of the clean sand deposit, the corresponding
relative density takes an intermediate value of
around 49%. The comparison of the soils as above is
summarized in Table 1.

4.3 Illustrative example
In order to illustrate how the effects of different
grading properties are manifested in the proposed
N1 – Dr correlation, three sandy soils with a void
ratio range of 0.30, 0.40 and 0.625 are taken up for
comparison. As shown in Fig. 4, the value of emax –
emin = 0.300 is typical of that for coarse to gravelly
sands, and emax – emin = 0.400 is a representative
value for medium to fine sands, while emax – emin =
0.625 is typical of sands containing approximately
20% fines. Assuming v = 98 kPa and entering
Eq. (8), with the above value of emax – emin,
relationships between the normalized SPT blow
count and relative density were obtained and shown
in Fig. 6. In this figure, the CD value for each soil, as
calculated by Eq. (7), is also indicated. It is evident
in Fig. 6 that soils could have a remarkably different
N1 versus Dr relationships. For example, if a
normalized SPT blow count of N1 = 10 is measured
in the field, then this will indicate a relative density
of about 38% for the gravelly sand deposit, whereas

Fig. 6. N1-Dr relationships for three sandy soils with different
grain-size characteristics.
Table 1. Computed relative densities for N1 = 10.
Soil type
Sand with fines
(FC  20%)
Clean sand
Gravelly sand
(coarse clean sand)

emax – emin

CD

Dr (for N1 = 10)
(%)

0.625

20

71

0.400

40

50

0.300

70

38
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The comparison clearly demonstrates the
importance of the grain-composition characteristics
on the N1 versus Dr relationship for sandy soils. It is
interesting to note that the original expression by
Meyerhof, for which CD = 41, provides a reasonable
estimate for clean medium fine sands, whereas it
overestimates the relative density of coarse
(gravelly) sands, and conversely, it underestimates
the relative density of fines-containing sands.
4.4 Effects of lateral stress
The data used in developing the correlation of Fig. 5
are those from alluvial deposits, and hence, it may be
considered that the above correlation is directly
applicable to normally or slightly overconsolidated
soils where the lateral confining stress can be
represented typically by a K0-value of 0.5. To
incorporate the effects of varying lateral stress on the
N1 – Dr relationship, the outcome of the recent study
by Salgado et al. (1997) concerning the influence of
lateral stress on the CPT (cone penetration test)
resistance may be used. Here, the key assumption is
that the effects of lateral stress on the SPT resistance
are the same as those of the CPT resistance. Acting
upon the suggestion of Salgado et al. (1997), the
SPT resistance for varying K0-conditions N1K may
be expressed as,
1/ 2

N K
N1K  1   
CK  K 0 

 N1

(10)

where N is the SPT blow count for a normally
consolidated sand as obtained through Eq. (8), and
CK is a function of the lateral stress defined as,
1/ 2
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Here, h is the effective lateral stress and K0
represents the K value for a normally consolidated
soil. Introducing Eqs. (10) and (11) into (8), one
obtains a general expression for the SPT blow count
as,
9Dr
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5 SWEDISH CONE PENETRATION TEST
The Swedish cone penetration test device is cheep
and easily handled in the field. It can be operated by
two men’s power. The set of apparatus is simple and
carried around easily for in-situ investigations. In the
case of soil investigations in remote regions such as
in the areas devastated by earthquakes, the Swedish
cone penetration test has proved to be the most

powerful tool that can be used to obtain first-hand
information on soil profiles as well as their
properties. Although the depth of penetration is
limited within about 10 m, it often provided useful
pieces of information on soil conditions at the site
where liquefaction or landslides have taken place
during earthquakes (Ishihara et al., 1993). Therefore,
there are strong needs to provide empirical
correlations permitting the relative density to be
estimated based on the penetration resistance of the
Swedish cone test.
The device for conducting the Swedish cone
penetration test is shown in Fig. 7. It consists of a
screw point, a rod and a set of weights amounting to
100 kgf in total. When soil deposits are soft
consisting of silt or clay, penetration of the screw
point can be advanced by stepwise increasing the
weight. The resistance at this static phase of
penetration is represented by the weight, WSW, which
is mounted on top of the penetrating rod. When the
penetration ceases to advance even with the
maximum weight of WSW = 100 kgf, the rotation of
the rod is executed by hands while mounting the
weight and the number of 180 rotation required for
1m penetration of the rod is counted. This number
denoted by NSW is used as a measure to indicate the
resistance during the rotational phase of penetration.
For clayey or silty soil deposits, the static phase of
penetration is generally workable and the value of
WSW can be taken as a measure to evaluate stiffness
or strength of the soil deposits. For sandy deposits
for which liquefaction is of concern, it becomes
necessary in general to employ the rotation of the rod
in order to advance the penetration. Therefore the
value of NSW is adopted generally as a parameter to
indicate the strength or stiffness of the soil.
With this fact in mind, multiple series of tests has
been planned and performed in the laboratory using
a pressure chamber at the Science University of
Tokyo to clarify the correlation between the Swedish
cone penetration resistance NSW and relative density
of various sands.
The pressure chamber 78.7 cm in diameter and
92.4 cm in height was filled with sands as shown in
Fig. 8. Rubber sheets were placed on the inside face
of the chamber and pressures were applied vertically
and horizontally by sending water in the void
between the rubber sheets and wall or lid of the
chamber. Penetration by rotation was carried out
under the constant weight of 100 kgf while
penetrating the screw point into the sand through a
small hole provided in the center of the top lid. The
number of 180 rotation per 1 m penetration was
obtained to determine the NSW value, under different
vertical pressures for the sands compacted at
different relative densities.
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maximum and minimum void ratios of the sands as
determined by the method of Japanese Geotechnical
Society are shown in Table 2 together with other
physical property indices. It can be seen that the
Toyoura sand is fine sand and Narita sand contains
30%
fines.

Fig. 9. Grain size distribution curves of four sands used for the
tests.
Fig. 7. Apparatus for Swedish cone penetration test.

Table 2. Physical properties of silty sands.
Toyoura
sand

Inage
sand

Fines content, FC (%)

0

23.8

10.7

29.1

Specific Gravity, Gs

2.657

2.546

2.698

2.691

0.973

1.021

1.495

1.76

0.607

0.509

0.884

0.995

0.366

0.512

0.611

0.765

Maximum void ratio,
emax
Minimum void ratio,
emin
emax – emin

Fig. 8. Pressure chamber used for calibration of the
Swedish cone test (Science University of Tokyo).

5.1 Results of Swedish cone penetration test
Four sands used for the tests had grain size
distribution curves as shown in Fig. 9. The

Omigawa Narita
sand
sand

The value of emax – emin ranges between 0.366 and
0.765 for four sands used in the test. Results of a
series of tests on Toyoura sand prepared with
relative densities of 40 to 70% are presented in Fig.
10 in terms of resistance of rotational penetration
NSW plotted against the square root of the vertical
stress (v)0.5. It is also possible to plot the same data
in terms of the NSW versus v relation. However, it
was considered reasonable to arrange the test data
along the same line as addressed in Eq. (5) for the
case of the SPT N-value. It can be seen in Fig. 10
that the value of NSW defined as the number of half
rotation (180) per 1m penetration tends to increase
approximately linearly with increasing value of
(v)0.5. With the plot of data as above, it is now
possible to read off the slope of the straight-lines
running through the data points and zero point. The
value of this slope indicates the penetration
resistance NSW normalized to the square root of v
which is equivalent to eliminating the effects of
confining stress on the penetration resistance by
incorporating the function CNdefined by Eq. (5). In
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the vein similar to defining N1 for the SPT N-value,
the penetration resistance NSW1 normalized to a
confining stress of 1 kfg/cm2 may be defined as,
1/ 2

NSW1  CN NSW

 98 
 NSW
 


'
 v

(13)

Fig. 11. Plot of NSW1 versus Dr for four sands tested.

Fig. 10. Plot of NSW against v for Toyoura sand.

It is to be noted that the normalized penetration
resistance NSW1 is nothing but the value of the slope
of the straight lines shown in Fig. 10. The value of
NSW1 thus obtained for the four sands tested is
plotted versus the square of the relative density in
Fig. 11. The intention of adopting Dr2 for the
abscissas is that the effects of relative density are
expected to be manifested in this fashion in the same
way as the relation of Eq. (6). It may be seen in
Fig. 11 that the relation between NSW1 and Dr2 is
represented approximately by a straight line passing
through the origin for each of the sands tested in the
present study. It is to be noted that the slope of this
line gives the value of CD defined as,

NSW1
 C'D
2
Dr

(14)

In the context similar to CD defined by Eq. (6), the
value of CD is considered to depend upon the grain
composition. Then, a straight line was drawn
through zero point to each data point in Fig. 11. The
value of CD thus determined for individual data
points for Toyoura sand, for example, is plotted in
Fig. 12 versus the value of emax – emin = 0.337.
Similarly, the value of CD determined for individual
data points in Fig. 11 for Narita sand is plotted
versus the value of emax – emin = 0.765 in the
horizontal axis of the diagram in Fig. 12. For other
two sands, the data were processed and displayed
similarly in Fig. 12. It is obvious that the value of
CD tends to decrease with increasing value of emax –
emin. By drawing a curve passing through the average
points for each of the four sands tested, it is possible
to establish a relation between CD and emax – emin as
follows,
C'D  21(emax  emin )3.2

It is to be noticed that the average data point
pertaining to each of the four sands in Fig. 12
indicates the slope of average straight line through
the data points of each sand shown in Fig. 11.

(15)

Fig. 12. Relation between CD and emax – emin.

Introducing Eq. (15) into Eq. (14) and then into
Eq. (13), one obtains an empirical relation as follows
for estimating the relative density of sandy soils,
given the resistance of rotational penetration by
Swedish cone NSW, effective overburden pressure v
and the void ratio range emax – emin.
1/ 2

 N (e  e )3.2  98 
Dr   SW max min  
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 'v 

(16)

1/ 2

N

Dr   SW1 (emax  emin )3.2 
 21


(17)

In the previous study (Cubrinovski – Ishihara, 1999)
a relation similar to the above was obtained for the
SPT N-value based on the same line of data
arrangements as introduced in Eq. (9). It is rewritten
as,
1/ 2

N
Dr   1 (emax  emin )1.7 
9


(18)

Eliminating D r and  'V between Eqs. (9) and (16),
a relation correlating the SPT N-value with the
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resistance of Swedish cone penetration NSW is
obtained as follows,
N  0.43(emax emin )1.5 NSW

(19)

If Eqs. (17) and (18) are used, one obtains,
N1  0.43(emax  emin )1.5 NSW1

Superimposed in Fig. 13 are two empirical
correlations that have been proposed by Inada (1960)
and Miki (1959). It may be seen that the coincidence
is approximately good in the range of NSW1 = 10 - 50
but further studies will be necessary to clarify the
reason for discrepancy outside this range.

(20)

It is to be noted that, when the N-value is to be
estimated from a measured value of NSW, the
required N-value would often be that at the same
depth as that of the measured NSW-value, that is,
under the same overburden pressure. In such cases,
the N-value can be estimated directly from NSW
without considering the effects of overburden
pressure and the relation of Eq. (19) is used for
convention. In other cases where N-value is to be
estimated from NSW-value obtained at different
depths, it is necessary first to enter into Eq. (5) to
eliminate the effect of overburden pressure and then
to use the relation of Eq. (20).
Empirical relations as above suggest that the
correlation between the SPT N-value and NSW would
be different depending upon the soil type whose
characteristics is expressed in terms of emax – emin.
The relations of Eq. (18) and (19) are shown in the
diagram of Fig. 13 for three typical types of soils,
i.e., sand, fine sand and silt having approximately the
value of void ratio range of emax – emin = 0.35, 0.45
and 0.60, respectively. Thus, it is known that, given
the same N-value, the value of NSW1 becomes less
for the soils containing more amounts of fines.

6 CONCLUSIONS
Based on compilation of a number of available data
in Japan on the SPT N-value and relative density of
sandy soil samples recovered by the ground freezing
method, an empirical formula was proposed to
correlate relative density Dr, SPT N-value and
effective overburden pressure v by incorporating
the void ratio range emax – emin which could globally
characterize the grain composition of sandy soils.
The outcome of multiple series of tests on the
Swedish cone penetration resistance conducted in
the laboratory using the pressure chamber was also
presented and arrangements of data sets were
performed in the same fashion as those made for the
SPT N-value. This led to an empirical formula
correlating the Swedish cone resistance with relative
density, effective overburden pressure and grain
composition expressed in terms of the void ratio
range of the four sandy soils used in the tests.
Finally, based on the arrangements of the two suites
of data as above, an empirical formula was proposed
which correlates the SPT N-value and NSW-value in
the Swedish cone penetration test.
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Stress-strain-strength-flow parameters from enhanced in-situ tests
Paul W. Mayne
Georgia Institute of Technology, Atlanta, Georgia, USA

ABSTRACT: Seismic piezocone penetration tests (SCPTu) with dissipation phases are particularly useful for
geotechnical site characterization as they provide four independent readings with depth from a single
sounding, as well as time-rate information. The penetration data (qt, fs, ub) reflect failure states of stress, the
shear wave (Vs) provides the small-strain stiffness, and dissipations give flow properties. Taken together, an
entire stress-strain-strength-flow representation can be derived for all depths in the soil profile. A similar
approach is obtainable from seismic flat dilatometer soundings. Methods of evaluating the degree of
preconsolidation, stress state, strength, stiffness, and permeability characteristics of sands and clays are
reviewed with example applications. For clays, a combined cavity expansion and critical-state model has
proven useful. For sands, chamber test results have guided the interpretation of parameters.
1 INTRODUCTION
The complexities of soil behavior are many and
include the inherent aspects of natural fabric,
anisotropy, nonlinear stress-strain behavior, pore
water response, cementation, and sensitivity, as well
as rheological effects such as aging, strain rate,
creep, and thixotropy. Thus, the over reliance of
some in using the single N-value from the standard
penetration test to provide most of the geotechnical
data needed for engineering analysis is not very
realistic. Many varied and useful tests have been
developed to measure and assess the in-situ
properties and parameters of soils, as discussed in
Jamiolkowski et al. 1985) and Lunne et al. 1994). Of
particular note is the seismic piezocone penetrometer
test (SCPTu) that is a hybrid field method,
combining the virtues of the CPT with downhole
geophysics (Robertson et al., 1986), as illustrated in
Figure 1. In a similar manner, the seismic flat
dilatometer (SDMT) provides both penetration and
wave velocity data from the same sounding (Hepton,
1988).
The SCPTu and SDMT obtain measurements at
two opposite ends of the stress-strain spectrum,
including failure states corresponding to the strength
characteristics (max) of the material, as well as the
nondestructive properties associated with elastic
wave propagation and soil stiffness (E or G). In
addition, both of these tests can also be halted
periodically to monitor the decay rate of readings
with time. This is particularly advantageous in finegrained soils, where excess pore water pressures are

induced by the installation of the probe. These
readings provide direct information about the flow
properties of the soil, namely the coefficient of
consolidation and permeability.

Figure 1. Setup and procedure for seismic piezocone testing.

Of interest to geotechnical exploration, the
SCPTu and SDMT provide optimization of data
collection for geostratigraphy and the evaluation of
soil parameters.
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Figure 2. Illustrative results of SCPTu for geostratigraphic profiling of soil layers in Memphis, Tennessee.

1.1 Geostratigraphic profiling
The cone penetrometer provides continuous readings
with depth, thus is unsurpassed in its ability to
delineate changes in soil strata, layer boundaries, and
the presence of seams, lenses, and inclusions. The
basic readings include: cone tip stress (qc), sleeve
friction (fs), and penetration pore water pressures (u).
An example of the detailed profiling capability is
shown in Figure 2 for Memphis, Tennessee, which
indicates an 11-meter thick sand layer overlaying a
double marine clay layer. The unusual feature at 20
to 22 m depth is believed to be a buried desiccated
crust of the lower clay unit.
A visual examination of the individual
penetration records is often sufficient for
determining stratigraphy and soil classification. If
necessary, the use of empirical soil behavioral charts
can be implemented, such as that by Robertson
1990).
1.2 CPT measurement corrections
The tip stresses must be corrected for pore water
effects on the back of the cone tip (Lunne et al.,
1997), thus designated qT. This correction requires
the pore water pressures to be measured at the
shoulder (ub or u2), therefore, this is the standard
piezocone geometry. The tip stress correction is
paramount for soundings taken in soft to firm to stiff
intact clays where positive u are generated. In the
case of sands where pore pressures are near
hydrostatic (u2 = u0) and much smaller than qc the
correction is often small (therefore, qT  qc). In the
special case of fissured and overconsolidated

materials, the measured ub can be zero or negative,
again diminishing the need for correction. In this
situation, a midface pore water pressure element (ut
or u1) provides more interesting data for stratigraphic
mapping (Mayne et al., 1995).
A similar correction occurs for sleeve readings,
yet is not demanded from a practical standpoint
because additional channels of pore water pressures
must be obtained (Jamiolkowski et al., 1985).
A nice feature concerning pore water readings is
that corrections are not required, provided that
proper saturation techniques are followed and
clogging of the filter does not occur. In general,
plastic porous filters saturated under vacuum with
glycerine are excellent for the shoulder element.
Other filter types include ceramic, sintered brass, and
steel, that can be saturated with water, silicon, and/or
special greases (Campanella & Robertson, 1988).
The importance of taking accurate baseline
readings before and after each sounding should be
noted. As electronics in both the penetrometer and
field data acquisition unit can be affected by changes
in
temperature,
humidity,
electromagnetic
interference, power drops/surges, and other
happenstance, initial baseline values of each channel
must be carefully established prior to advancing the
sounding.
Finally, the use of different class penetrometers
should be considered with regard to data
interpretation, especially on critical projects or where
high-quality results are expected. The use of class 1
cones are sufficient for routine exploration of
subsurface strata and layering sequences across a
site, yet the interpretation of soil parameters and
properties may necessitate a class 3 penetrometer
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(Lunne et al., 1997) at select sounding locations for
calibration and verification with laboratory triaxial
shear, consolidation, and resonant column results.
1.3 DMT measurement corrections
The flat plate dilatometer provides two pressure
readings at either 20-cm or 30-cm depth intervals:
contact pressure (“A”) and expansion pressure (“B”).
Both readings require a correction for the membrane
stiffness taken in air, per Schmertmann 1986). The
corrected “A” and “B” are designated p0 and p1
respectively.
1.4 Corrections to geophysical data
With modern electronics, the early-reported
problems of timing delays associated with trigger
switches and oscilloscopes now appear minimized.
For pseudo-interval downhole tests conducted with a
single horizontal geophone, the individual wave
trains from the geophysical surveys do require an
assessment of the shear wave arrivals that are made
difficult, however, due to the pre-arrival of the Pwave (Campanella, 1994).
Traditionally, the identification of the S-wave
arrival has relied upon polarized wave-generation
and paired sets of right & left strikes to assess a
single point on the time of arrival (ts). Today, with
available software packages such as Mathcad, it is
relatively simple to conduct cross-correlation over
thousands of points on the wave train to evaluate the
interval time. This then represents a correction in
data evaluation procedures. Of course, the trueinterval method with two downhole geophones
approach (e.g., Burghignoli et al., 1991) avoids this
issue and with the advent of new digital cones, may
in fact become the future manner for SCPTu.
Since the same energy source is used for each
separate event, as downhole tests advance with
depth, the amplitude of the wave arrival decreases,
thus the shear strain can be measured as the peak
particle velocity divided by the shear wave velocity,
s = u/Vs.
As such, a correction for the derived small-strain
shear modulus (Go = TVs2) based on the measured
strain level is available (Larsson & Mulabdić,
1991a).

For clays, total stress analyses with no volume
change are the normal assumptions, with penetration
data giving the undrained shear strength (cu or su).
The undrained strength of soil is greatly affected
by many factors, including initial stress state (Ko),
anisotropy, boundary conditions, strain rate,
direction of loading, degree of disturbance, and other
variables. Because of its non-uniqueness for a given
clay, it is best to relate in-situ test results to a more
stable parameter. Consequently, it is recommended
that the preconsolidation stress (p) obtained from
laboratory one-dimensional consolidation (oedometer) tests be used as a unique and consistent
reference for benchmarking in-situ penetration test
data in clays. Then, the normalized form, or
overconsolidation ratio (OCR = p/vo), can be
related to a suite of undrained strengths via either an
empirical stress history approach (Ladd, 1991) or
constitutive relationships, such as critical state soil
mechanics (Wroth, 1984).
2.1 Drained strength of sands
The drained strength of sands can be expressed in
terms of the Mohr-Coulomb criterion as a peak
friction angle (). Here, perhaps, the standard
penetration test (SPT) can be used, provided that
energy corrections are made properly to the
measured N-values. Energy measurements from
donut, safety, and auto-hammers show, on average,
an energy efficiency of 60%, yet this varies with
operator, equipment, and practice in a particular
country.
Recent findings from high-quality frozen sand
specimens and associated N-values in soil borings
have been reported by Hatanaka & Uchida 1996).
These results have been adjusted from the Japanese
78% efficiency to an equivalent 60% value
(designated N60) and normalized to a stress-level of
one atmosphere, designated (N1)60, and related to the
triaxial-measured value of , as shown by Figure 3.

2 SOIL STRENGTH
For saturated geomaterials, it is common to assume
that either the drained strength or undrained
strength conditions prevail during penetration. For
clean sands, fully-drained penetration is the usual
consideration with direct assessment focused on the
effective stress friction angle () and an assumed nil
value for the effective cohesion intercept (c = 0).

Figure 3. Peak friction angle of sands from SPT data.
(Modified after Hatanaka & Uchida, 1996).
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Additional results from residual silty sand in
Atlanta, Georgia (30% fines) reported by Mayne
1998) have also been included and appear to fit this
relationship. The expression for peak  is given by:
'  20  15.4( N1)60

(1)

where qc1 = (qc)/(vo/atm)0.5 = normalized cone tip
resistance. For the silty sand [Piedmont geology], (4)
provides excellent agreement with consolidated
triaxial tests on recovered samples (Figure 5). Two
commercial labs gave consistent results with
characteristic parameters:  = 0 and  = 35  1.

where the energy-corrected and stress-normalized Nvalue is obtained from:

(N1)60 

N60
(vo ' / atm )0.5

(2)

Figure 5. CPT profiling of  in silty sand (30% fines) in
Atlanta, Georgia, USA.

Figure 4. Peak friction angle of clean quartz sands from CPT
(after Robertson & Campanella, 1983).

The parameter atm = 1 bar = 100 kPa = reference
stress equal to one atmosphere.
For the CPT, several separate theories of bearing
capacity and wedge plasticity were evaluated in light
of calibration chamber test data from several quartz
sands that were compiled by Robertson &
Campanella 1983). The recommended relationship
for unaged, uncemented quartz sands is shown in
Figure 4. The expression for peak  from CPT is
given by:
 = arctan [0.1 + 0.38 log (qc/vo)]

The peak angle of friction in sands can also be
assessed by flat plate dilatometer tests. A wedge
plasticity solution for the CPT was presented by
Marchetti 1985) that was later cross-correlated for
CPT-DMT relationships by Campanella &
Robertson 1991). The wedge solutions relate the
DMT lateral stress index (KD) as a function of  and
lateral stress state, including active, at-rest (NC), and
passive

(3)

that shows good agreement between experimental
results and the equation. In essence, this is an inverse
solution to the well-known bearing capacity factor
for a deep foundation: Nq = qc/vo= fctn(). Yet,
for clean sands, it has been observed experimentally
that the measured tip resistance increases in
proportion to the square root of effective overburden
stress (e.g., Olsen, 1994).
An alternative expression that accounts for the
nonlinear normalization of qc with stress level and
consistent with (1) has been proposed (Kulhawy &
Mayne, 1990):
 = 17.6 + 11.0 log(qc1)

(4)

Figure 6. Evaluation of peak  of sands from DMT data
(modified after Marchetti, 1997).
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conditions. For this approach, the passive case
appears to provide a generally conservative
evaluation of peak  when compared with a data
from three field sites (see Figure 6). Results from the
silty sand appear low in this case and perhaps
affected by capillarity effects in the soil.
The expression for the Kp case can be
approximated by a hyperbola of the form:
'  20 

1
0.04  0.06 / K D

(5)

where KD = (p0-u0)/vo = lateral stress index.
2.2 Effective strength of soils
Of special interest is the possibility in evaluating the
effective stress strength parameters of all soil types
from the CPT, since pore water pressures are
measured. An effective stress formulation coupled
with plasticity theory for interpretation of piezocone

The undrained shear strength depends on initial
stress state, direction of loading, rate, stress history,
degree of fissuring, boundary conditions, and other
factors. Each laboratory test (i.e., triaxial, plane
strain, simple shear) provides a different value of su
on the same clay because of these effects. Moreover,
each of the in-situ tests is traditionally assessed using
a different theoretical basis in order to interpret su.
For instance, limit equilibrium is applied to vane
shear tests to obtain su from maximum torque
readings, whereas cavity expansion theory is used to
get su from pressuremeter tests. The result is that a
matrix of interrelationships and calibrations would
be required to connect all of the various laboratory
strength modes to the individual in-situ tests.
Instead, a stress history approach is followed herein.
The normalized undrained shear strength to
effective overburden ratio (su/vo) has been related
to
overconsolidation
ratio
(OCR)
both
experimentally (e.g., Ladd, 1991) and theoretically
(e.g., Wroth, 1984). Extensive calibration efforts
have been made using data from triaxial
compression (CIUC and CAUC), triaxial extension
(CIUC and CAUE), plane strain active (PSA) and
extension (PSE), and direct simple shear (DSS), as
well as special cuboidal triaxial and hollow cylinder
tests (Kulhawy & Mayne, 1990). In as much as the
modified Cam Clay has an isotropic yield surface,
the distinction between compression and extension
type loadings cannot be made without more rigorous
considerations, a hybrid Wroth-Prevost model was
produced to represent the interrelationships between
the laboratory shearing modes, as indicated by
Figure 8.

Figure 7. Effective stress parameter determination for all soil
types from CPTu data (Senneset et al., 1989).

data has been developed that relates effective  to
the cone resistance number (Nm = qnet/vo) and
normalized pore water pressure parameter (Bq =
u2/qnet) where qnet = (qt-vo). Figure 7 shows a
summary graph for one case and full details on the
calculations are given elsewhere (e.g., Senneset et
al., 1989).
2.3 Undrained strength of clays & silts
The undrained shear strength (su, also cu) is a total
stress parameter that is often used in defining the
relative consistency of fine-grained soils. The old
archaic term “cohesion” (c) should no longer be
used, as it results in confusion with the effective
cohesion intercept (c).

Figure 8. Normalized (su/vo)NC ratios with effective  from
Wroth-Prevost calibrated model.

The isotropically-consolidated undrained triaxial
compression test (CIUC) with pore water pressure
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measurements should be considered the minimum
level of effort to be undertaken in the lab
characterization of su. The CIUC provides a direct
measurement of both a total stress parameter (su) as
well as effective stress parameter ().
Anisotropically-consolidated triaxial, plane strain,
simple shear, and extension modes generally require
a relatively high level of technical expertise. Since
most commercial labs can conduct CIUC tests, this
provides a convenient and practical reference. The su
from CIUC tests are the highest, however, and
should be reduced appropriately via Figure 8.
An internally-consistent critical-state model by
Ohta et al. 1985) provides similar interrelationships
for different testing methods. Assuming the
normally-consolidated at-rest state can be
approximated by Ko (NC) = 1 – sin , the
anisotropic bullet Cam-clay model gives the curves
shown in Figure 9.

where M = 6sin /(3-sin ) in triaxial compression.
For fissured geomaterials, consideration should be
given to reducing the strength given by (7) by up to a
factor of 2, depending on the extent of cracking and
discontinuities. An additional adjustment for strain
rate can also be made (Kulhawy & Mayne, 1990).
For many cases, the appropriate mode of
undrained strength (TX, PS, DSS) will not be known
beforehand, particularly during the time of the site
characterization phase. In these cases, the simple
shear is considered a representative and intermediate
value that can be used in engineering analyses
involving embankment stability, foundation bearing
capacity, and excavation problems. A simplified
expression for the DSS mode is given by:
(su/vo)DSS = ½ sin  OCR

(8)

The calibration of (8) with data from a variety of
clays is shown in Figure 10 and seen to be
reasonable.

Figure 9. Normalized (su/vo)NC ratios with effective  from
Ohta critical-state model compared with modified Cam-clay.

Thus, a hierarchy of undrained strength ratios can
be considered for a given clay, depending on the
proper loading case. For each mode, the
overconsolidated strength is obtained from:
(su/vo)OC = (su/vo)NC OCR

(6)

where  = 1 – , = plastic volumetric strain ratio,
 = Cc/2.3 = isotropic compression index,  = Cs/2.3
= isotropic swelling index. For many clays of low to
medium sensitivity, a value of  = 0.8 is appropriate,
while for highly structured and/or cemented clays, a
value of   0.9+ may apply, yet for remolded
and/or artificial materials, lower values are found
(e.g., for Weald clay,   0.6).
If the CIUC test is adopted as a reference value,
then the undrained strength of intact clays can be
represented in terms of stress history and effective
stress by (Wroth & Houlsby, 1985):
(su/vo)CIUC = (M/2)(OCR/2)

(7)

Figure 10. Undrained DSS strength ratio with OCR and .

3 STRESS HISTORY
As the stress history is needed for obtaining su in
clays and silts, the utilization of in-situ test data will
now focus towards the interpretation of the OCR of
the formation. Statistical trends and correlative
methods have been reported elsewhere based on
regression analyses of databases collected by
piezocone (e.g., Larsson & Mulabdić, 1991b; Chen
& Mayne, 1996), flat dilatometer (Pool, 1994), field
vane (Mayne & Mitchell, 1988), as well as other
devices (Mayne, 1995). Herein, an analytical model
based on cavity expansion and critical-state concepts
will be reviewed to express the OCR in terms of
piezocone and flat dilatometer results.
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3.1 Piezocone evaluation of OCR in clays
The cone tip stress can be formulated in terms of the
Vesic spherical cavity expansion theory:
qT = vo + su[(4/3)(ln IR+1) + /2 + 1]

(9)

where IR = G/su = rigidity index, and G = shear
modulus at the appropriate level of strain. For the
solution, the undrained strength from critical-state
soil mechanics given by (7) has been used.
The measured excess pore water pressures are
represented as a combination of changes due to
octahedral (normal) stresses and shear-induced
response:
umeas = uoct + ushear

clays. Moreover, because of the general closeness of
the qT and u1 readings, the use of (14) may result in
some instability of estimates, excepting very stiff to
hard overconsolidated and/or fissured materials
where the correction for qT may actually be small
and/or the difference between qT and u1 is large.
When in doubt, always conduct type 2 soundings
first to determine the level of the correction.

(10)

The normal stress component is associated with a
large failure zone of soil that is disturbed around the
probe and represented by spherical cavity expansion:
uoct = (4/3) su ln IR

(11)

For spherical cavities, the size of the zone of
plastic disturbance is given by rplastic/rprobe = (IR)0.33.
The shear component is an interface value that
reflects a thin annulus zone that is highly-sheared
immediately adjacent to the probe as it punches
through the clay. For a piezocone with midface filter
element (type 1), the shear term was originally
neglected but later was modified (Mayne & Chen,
1994). For shoulder filter elements (type 2), the
shear component is evaluated from CSSM:
Type 1 : ushear  2 vo

(12)

Type 2 : ushear  vo[1 – (OCR/2)]

(13)

The above can be collected and rearranged to
express the overconsolidation ratio in terms of a
normalized form of the effective cone tip resistance,
(qT – u)/vo, and material constants M and 
(Mayne, 1991, 1993):
1/ 

 1

q  u1
Type 1 : OCR  2 
( T
 1)
1.95.M vo '


(14)
1/ 

 1

q  u2
Type 2 : OCR  2 
( T
 1)
1.95.M vo '


(15)

The use of (15) for the direct assessment of
degree of overconsolidation ratio in clays from type
2 CPTus is shown in Figure 11 for 20 clay sites.
Parametric ranges of the input parameters are shown
for 20º <  < 40º and 0.75 <  < 0.88.
It should be emphasized that a class level 3
penetrometer will be most valued as a quality
instrument in providing OCRs in clay deposits
because of the high accuracy of numbers needed. In
this situation, a type 1 cone cannot provide the
accurate correction of tip stresses, particularly in soft

Figure 11. Analytical model for evaluating OCR from type 2
piezocone data in clays.

Results from the ongoing Cooper River Bridge
project in Charleston, South Carolina will be
presented using a class 3 cone. Figure 12 shows the
measured profiles of qT and u1 with depth. Of
particular interest is the clay deposit encountered
below depths of 13 m.
This marine deposit is locally termed “Cooper
Marl” and consists of a sandy calcareous plastic clay
of Oligocene age. Groundwater is about 1 m deep.
The marl has an average 40 percent sand fraction
that is composed of highly- broken shell fragments.
Over the depth range encountered from 13 m to the
final investigation depths of 60 m, a summary of the
index properties are given in Table 1. The percent of
CaCO3 ranges between 50 to 80 percent.
A fairly comprehensive set of consolidated
triaxial tests (CD and CU) indicated a consistently
high effective stress friction angle of   43º to 45º.
Using the NTH effective piezocone method of
Senneset et al. 1989) in Fig. 7, an evaluation of the
processed data from Figure 12 gives mean values for
the cone resistance number Nm = 18.3  2.5 and pore
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pressure parameter Bq = 0.56  0.07. Assuming no
adhesion and  = 0, the interpreted   46.4º. While
some might question the reasonableness of these
values, high frictional parameters in triaxial
compression have been observed for Mexico City
clay with   43º (Diaz-Rodriguez et al., 1992) and
Bothkennar clay with 37º < < 45º (Smith et al.,
1992).

fissuring, and sensitivity. For piezocone tests, a
variety of parameters for obtaining p has been
explored (Larsson & Mulabdić, 1991b). One such
trend for a large database is presented in Figure 14
using the net cone tip resistance.

Figure 13. Measured and Predicted OCRs for Cooper Marl in
Charleston, South Carolina, USA.

The mean trend from regression analysis on intact
clays is given by:
p  0.305 (qT-vo)

Figure 12. Piezocone data for Cooper River Bridge in South
Carolina indicating marl below depths of 13 meters.
Table 1. Index properties of Cooper Marl, South Carolina
Index
Water content, wn
Liquid limit, LL
Plasticity index, PI
Void ratio, eo
Percent fines, PF
Clay fraction, CF
Yield stress, p (kPa)
Shear wave, Vs (m/s)

Mean
46.9
82.9
51.5
1.27
66.8
12.4
682
440

(16)

It can be noted that the separate category of
fissured geomaterials at high OCRs lies above this
line, thus reflecting the added influence of the
macrofabric of discontinuities on the penetration
readings. In these cases, the preconsolidation stress
will be underestimated by (16).

Range
35 - 66
60 - 129
37 - 80
0.93 - 1.66
42 - 93
5 - 22
616 - 785
384 - 555

The SCE-CSSM approach has been used to
evaluate the profile of overconsolidation ratio in the
Cooper Marl per equation (15) with  = 43º and
 = 0.8. The summary results shown in Figure 13
indicate good agreement with two different sets of
consolidation tests performed on recovered tube
samples.
Empirical estimates of the preconsolidation stress
can also be made directly, yet these are dependent
upon the plasticity and mineralogy of the clay, as
well as other likely factors such as age, degree of

Figure 14. Empirical trend for p and net tip stress in clays.
(After Chen & Mayne, 1996).
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The estimate for intact soils is improved if the
clay plasticity index (PI or Ip) is considered. For type
2 cones, three trends can be realized from multiple
regression analyses:
p  0.65 (qT-vo) (Ip)-0.23

(17)

p  0.65 (u2-u0) (Ip)-0.20

(18)

p  (qT-u2) (Ip)-0.18

19)

The ratio p/(qT-vo) does not uniquely decrease
with plasticity index, however, as the organic clays
of Sweden appear to show a more rapid rate of
decrease with Ip than Japanese marine clays (Mayne,
Robertson & Lunne, 1998). The trends given by (17)
through 19) thus do not include effects of geologic
origin, organic content, and mineralogy.

cylindrical cavity expansion and undrained strength
from critical-state theory gives:
1/ 

 2K D 
OCR  2 

 (M. ln IR ) 

(20)

The evaluations of OCR with lateral stress index
(KD) and its possible variations with  and rigidity
index (IR) are evidenced in Figure 16. For this case,
the analysis considers that passive failure may occur
at high OCRs with the likely manifestations that a
network of cracks and fissures are propagated in the
soil mass. The limiting OCR can be estimated from a
Ko-OCR relationship when Ko reaches the passive
stress coefficient (Kp), as discussed subsequently. At
higher OCRs, then the operational undrained
strength is reduced by a factor of two.

Figure 15. Empirical estimates of preconsolidation for the
Cooper marl from piezocone correlations with plasticity index.

These empirical correlations are nevertheless
useful in providing an approximate check on the data
and indication of reasonableness, as well as warning
of anomalous behavior. For Cooper marl, the
applications are shown in Figure 15 using an average
Ip = 52.

Figure 16. Cavity expansion-critical state relationships for OCR
in terms of dilatometer KD, rigidity index IR, and  for clays.

3.2 Dilatometer evaluation of OCR in clays
Although the geometry of the flat plate dilatometer is
non-axisymmetric, lab chamber experiments by
Huang 1991) have shown excess pore water
pressures generated in clays are essentially
symmetric early on, just after installation of the
blade. The observed magnitudes of u become
directional later as dissipation occurs. Since the p0
and p1 readings are taken fairly early (within 15 to 45
seconds of penetration, respectively), cavity
expansion can be used to approximate the level of
induced pressures.
The contact pressures of the DMT are noted to be
dominated by current pore water pressures (Mayne
& Bachus, 1989). An analytical formulation using

Figure 17. Calibration of OCR-KD expression with DMT data.
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The data tend to confirm the generalized
relationship between OCR and KD, including the
effect of the fissuring macrofabric at high OCRs. In
the aforementioned discussion of piezocone
profiling, perhaps the negative pore water pressures
observed in fissured materials already takes these
effects into account. An alternative empirical
approach for a quick evaluation of stress history in
intact clays is (Mayne, 1995):
p  0.51 (p0 – u0)

(21)

4 INITIAL STRESS STATE
The initial state of stress is represented by the lateral
stress coefficient, Ko = ho/vo and remains one of
the most difficult parameters to measure accurately
by either lab or field tests. Instead, for soils that have
experienced a simple stress history caused by loadunloading, the following provides an estimate:
Ko = (1-sin ) OCRsin 

(22)

This expression was developed on the basis of
instrumented oedometer tests, special triaxial stresspath tests, and other laboratory devices on clays,
silts, sands, and gravels (Mayne & Kulhawy, 1982).
More recently, field calibration by push-in spade
cells, self-boring pressuremeter, and hydraulic
fracturing tests have been carried out in clays, as
summarized in Figure 18 (data compiled by Lunne et
al., 1990). For sands, the difficulty in sampling
restricts the usual determination of associated
preconsolidation, however, for a few wellcharacterized sands, Figure 19 appears to confirm
that Ko increases with OCR by field PMT.
Eventually, during unloading, the value of Ko
increases to reach the passive failure state. If a
conservative Rankine criterion is adopted, then the
maximum lateral stress state is given by:
Kp = (1 + sin )/(1 – sin )

(23)

When (22) is equated to (23), a limiting OCR can
be given by:
OCRlimit  [(1 + sin )/(1 – sin )2]1/sin 

(24)

The limiting OCR can be greater than allowed by
(24) if a proper assessment of the effective cohesion
intercept (c) is taken into account. Many triaxial
tests over a wide range of stresses and different
stress paths are needed to define the yield surface,
however. The generalized expression for Kp is then:
Kp 

1  sin '
1  sin '
 (2c' / vo ' )
1  sin '
1  sin '

Figure 18. Field data from Ko measurements in clays. (Data
compiled by Lunne et al., 1990).

(25)

The relevant value of c appears to be controlled by
rate effects, age, test mode, and other factors. It is
also the intercept of a forced fit of a linear Mohr-

Figure 19. Field data from PMT Ko measurements in sands.

Coulomb criterion to a curved yield surface, and thus
depends on stress level (Mesri & Abdel-Ghaffar,
1994). In this case, the following is recommended
for estimating short-term situations:
0.02 < (c/p) < 0.04

(26)

4.1 Geostatic stress state of clays
Although correlations for estimating Ko in clays are
possible from the DMT KD index (e.g., Marchetti,
1980) or CPTu parameters (e.g., MayneKulhawy,
1990), a more consistent approach is achieved by
first assessing the OCR and then using (22) for clays
prestressed by mechanical overconsolidation.
Notably, more research is still needed in quantifying
the magnitudes of Ko caused by desiccation, aging,
cyclic loading, and cementation.
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4.2 Geostatic stress state and OCR of sands
The in-situ Ko in sands may be assessed indirectly by
in-situ penetration tests such as the DMT, as
discussed elsewhere (e.g., Schmertmann, 1986;
Mayne & Martin, 1998). For the CPT, a statistical
evaluation of a large database (n = 590) compiled
from 26 separate series of calibration chamber tests
has produced the empirical relationship shown in
Figure 20 for both NC and OC sands. If the
expression for effective horizontal stress is
normalized by the effective vertical stress, the
relevant Ko can be expressed by the following
regression equation (r2 = 0.871):

K o  1 .33qT 

0.22

vo '-0.31 OCR 0.27

1998; Sully & Campanella, 1995). The downhole Vs
from SCPT and SDMT provides at least one
vertically-directed profile and could be coupled with
data from surface SASW series (e.g., Butcher &
Powell, 1995).

(27)

where qT is in MPa and vo in kPa. Of course, the
formulation applies only to unaged and uncemented
quartzitic sands and has been verified by a limited
number of field test sites (Mayne, 1995b). If an
assumed Ko-OCR relationship is assumed a priori, it
might take the general form:
K o  K oNC OCR 

(28)

Solving (27) and (28) provides the following direct
solution for OCR:
 1.33 q T

OCR  
0.31 
 K oNC  vo ' 
0.22

Figure 20. CPT calibration chamber relationship for evaluating
lateral stresses in unaged clean quartz sands.

1 /    0.27 

(29)

Adopting eqn (22) as a set form for (28), then KoNC =
(1 – sin ) and  = sin . The profile of OCR (and
associated Ko values) can be then be obtained
directly with depth.
An example use of (29) is given in Figure 21 for
Stockholm sand (Dahlberg, 1974). Originally, a 24m thick deposit of glacial sand was available that
was subsequently quarried for construction use.
After 16 m of excavation, a large test program
employing many different types of in-situ tests was
conducted, including SPT, CPT, PMT, screw plate
tests, inplace densities, as well as laboratory testing.
In the original citation, the deduced profile of
OCR was ascertained by calculation of the
mechanical overburden removed: OCR = (v
+vo)/vo
and
this
was
verified
with
preconsolidation stresses interpreted from the results
of the screw plate tests. In addition, the
corresponding Ko profile was assessed and agreed
with lift-off pressures from PMTs. Figure 21 shows
the CPT approach applied to Stockholm obtained
using (3) to obtain  with depth (  40º ) and (29)
to generate the OCR profiles from two nearby
soundings.
Of recent, the use of paired (or more) sets of
directional shear wave velocity measurements have
been explored for deciphering the in-situ geostatic
state of stress in soils and further work in this
direction will be interesting (e.g., Fioravante et al.,

Figure 21. CPT-evaluated profile of OCR in Stockholm sand
deposit (data reported by Dahlberg, 1974).

5 DEFORMATION PARAMETERS
The deformation characteristics of soils include the
consolidation indices (Cc, Cs, Cr) and elastic moduli
(E, G, K, B), as well as rate and creep parameters.
The discussions herein will focus on elastic
parameters to represent soil stiffness under
monotonic loading. The stiffness of soils is needed
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in evaluating deflections of shallow & deep
foundations, retaining walls, and excavations, and
embankments. Stiffness can be measured in-situ
using the pressuremeter, plate load test, dilatometer,
screw plate, and geophysical methods, albeit these
all provide moduli at different points along the
stress-strain curve.

small-strain shear modulus (Go), that provides an
upper limit stiffness given by:

Go   T Vs

2

(30)

where  = T/g = total mass density, T = soil unit
weight, and g = 9.8 m/s2 = gravitational constant.
The modulus Go is a fundamental stiffness of all
solids in civil engineering and can be measured in all
soil types from colloids, clays, silts, sands, gravels,
to boulders and fractured rocks. Interestingly, Go
applies to drained and undrained soil behavior,
because at such small strains, pore water pressures
have not yet been generated. The concept of a
threshold strain would mark the onset of u. The
corresponding equivalent elastic Young’s modulus is
found from:
E o  2G o 1   

(31)

where 0.1    0.2 is the appropriate range of
values for Poisson’s ratio of geomaterials at small
strains.
5.2 Shear wave measurements
Figure 22. Conceptual stress-strain response of soils.

With the recent interest in enhanced in-situ
testing for geotechnical site characterization, it is
timely to discuss the use of seismic piezocone
(SCPTu) and dilatometer (SDMT) for the evaluation
of stiffness over a range of stress-strain-strength
responses, since data are collected at two opposite
ends of the curve. A modified hyperbola (Fahey &
Carter, 1993) can be used to conveniently degrade
the initial stiffness (Eo) with increasing load level
and provide nonlinear load-displacement-capacity
results.
Despite the repeated attempts to estimate
deformation parameters from routine penetration test
data, the stiffness of soils is not really wellrepresented at the peak resistances that occur at
failure strains or beyond (Figure 22). In fact, most of
the activity of interest in earthwork deformations
takes place close to the in-situ Ko state and
corresponding small-strain region characterized by
Gmax (Burland, 1989).
5.1 Small-strain stiffness
Recent research has found that the small-strain
stiffness from shear wave velocity (Vs)
measurements applies to the initial static monotonic
loading, as well as the dynamic loading of
geomaterials (Tatsuoka & Shibuya, 1992; Jardine et
al., 1991). Thus, the original dynamic shear modulus
(Gdyn) has been re-termed the maximum shear
modulus (designated Gmax), or alternatively, the

The shear wave velocity can be measured in
conventional cased boreholes using the crosshole
test (CHT) and downhole test (DHT), or with
improved surface techniques such as spectral
analysis of surface waves (SASW), seismic
refraction (SR), and reflection surveys. Also
available is the suspension logger and downhole
methods of SCPTu and SDMT. The latter are
convenient in that they can map the geostratigraphic
profiles, strength characteristics, and obtain a DH
measurement of Vs within the same sounding.
A representative SCPTu (one of 15) obtained in
soft varved clay at the National Geotechnical
Experimentation Site (NGES) in Amherst, MA is
shown in Figure 23. A companion SDMT at the
same site has been presented elsewhere (Mayne et
al., 1999a). The site profile consists of 1 m of clay
fill over a 3-m desiccated clay crust, underlain by
varved lacustrine silty clay. Groundwater lies 1 m
deep. High excess pore water readings are evidence
of clay materials. The procedure of individual rod
breaks at 1 m intervals can be noted here as well.
In order to obtain the initial stiffness Gmax an
estimate or measurement of mass density or unit
weight is needed. A global compilation of Vs data
from all types of saturated geomaterials ranging from
clays to gravels to rocks finds the following trend:
sat   8.32 log Vs  1.61 log z

(32)

where (sat) is in kN/m3, Vs (m/s), and z (meters).
The estimate is also handy for calculating vo and
vo.
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Figure 23. Representative seismic piezocone results in varved clay at NGES in Amherst, Massachusetts.

values from laboratory test. These tests will provide
a modulus somewhere along the stress-strainstrength curve (Fig. 25), generally at an intermediate
level of strain. Of particular note, the small-strain
modulus from shear wave velocity measurements
provides an excellent reference value, as this is the
maximum stiffness that the soil can exhibit at a
given void ratio and effective confining state.
Herein, a generalized approach based on the small
strain stiffness from shear wave measurements will
be discussed, whereby the initial modulus (Eo) is
degraded to an appropriate stress level, or current
factor of safety (FS).

Figure 24. Correlation for unit weight from depth and Vs.

5.3 Intermediate stiffness of soils
The stress-strain-strength-time response of soils is
complex, highly nonlinear, and depends upon
loading direction, anisotropy, rate effects, stress
level, strain history, time effects, and other factors. It
is therefore a difficult issue to recommend a single
test, or even a suite of tests, that directly obtains the
relevant Es for all possible types of analyses in every
soil type. This is because the modulus varies
considerably with strain level (or stress level).
In certain geologic settings and types of
geomaterials, it has in fact been possible to develop
calibrated correlations between specific tests (e.g.,
PMT, DMT) with performance monitored data
obtained from full-scale structures, including
foundations and embankments, or with reference

Figure 25. Reduction of shear modulus with level of strain.

The shear modulus decreases with shear strain
level and is commonly shown in normalized form,
with current G divided by the maximum Gmax (or
Go). The relationship between G/Go and logarithm of
shear strain is well recognized for dynamic loading
conditions (e.g., Vucetic and Dobry, 1991), however,
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the monotonic static loading curves show a more
rapid decay with strain, as depicted in Figure 26. The
cyclic response is representative of data obtained
from laboratory resonant column tests, whereas the
monotonic curve has been only more recently
addressed with the advent of special internal & local
strain measurements in triaxial tests, as well as by
torsional shear devices (Jamiolkowski et al., 1994).

1995; Tatsuoka & Shibuya, 1992). Figure 27 shows
a selection of normalized secant moduli (E/Eo) at
their corresponding mobilized stress level (q/qult)
obtained from lab tests on uncemented and
unstructured geomaterials.
5.4 Stress-strain-strength representation
A modified hyperbola can be used as a simple means
to reduce the small-strain stiffness (Eo) to secant
values of E at working load levels, in terms of the
mobilized strength (q/qult). Figure 28 illustrates the
representative modulus reduction scheme for
unstructured clays and uncemented sands. The
generalized form may be given as (Fahey & Carter,
1993; Fahey et al., 1994):

E / E o  1  f q / q ult 

Figure 26. Modulus reduction for monotonic & cyclic loading.

g

(33)

where f and g are fitting parameters. Values of f = 1
and g = 0.3 appear reasonable first-order estimates
for unstructured and uncemented geomaterials
(Mayne et al., 1999a) and these provide a general fit
for the data shown in Figure 27. The mobilized
stress level can also be considered as an inverse
factor of safety, or (q/qult) = 1/FS. That is, for a stress
level half of ultimate, (q/qult) = 0.5 and the
corresponding FS = 2.

Figure 27. Modulus degradation in terms of mobilized stress
from instrumented laboratory test specimens.

Laboratory monotonic shear tests with highresolution deformation instrumentation have shown
that strain data obtained external to the triaxial cells
are flawed because of seating errors, bedding
problems with the filter stone, and boundary effects
at the specimen ends. Thus, old strain data show
geomaterials generally softer than they really are.
New internal measurements are now available that
accurately measure the soil stiffness at small- to
intermediate- to large-strains (LoPresti et al., 1993,

Figure 28. Modified hyperbolic curves to represent modulus
reduction from small-strain region to intermediate strains.

Modulus reduction has been addressed using a
number of different numerical schemes (e.g.,
Duncan & Chang, 1970; Hardin & Drnevich, 1972;
Prevost & Keane, 1990; Tatsuoka & Shibuya, 1992).
Several of these approaches have a more
fundamental basis or a better fitting algorithm over
the full range of strains from small- to intermediate40

to large-ranges (e.g., Puzrin & Burland, 1996, 1998).
Herein, only an approximate approach has been
sought so that the Vs data may be incorporated into
stress-strain estimations, starting from the initial
stiffness and quickly reducing these values to
intermediate- and high-strain regions of soil
stiffness.

penetrometers, a dilatory response can occur in
overconsolidated fissured materials, whereby the
pore water values initially increase during
dissipation, reach a peak, and then subsequently
decay with time. In addition, existing approaches
only match a single point (usually 50%) of the
recorded dissipation.
6.1 CE-CSSM approach
Using the hybrid cavity expansion-critical state
formulation described earlier, the octahedral normal
and shear-induced components can be allowed to
dissipate separately. The summation of their
responses given (Figure 30) provides the type of
measured behavior during pore water dissipation.
The octahedral component is obtained from (11) and
always a positive value, whereas shear-induced
values from (13) can be positive or negative

Figure 29. Applied modified hyperbola to SCPTu data and
comparison with laboratory DSS data on Amherst soft clay.

From the SCPTu field data in soft Amherst clay
given in Figure 23, the degree of overconsolidation
and derived shear strengths for simple shear have
been evaluated. The initial stiffness has been taken
from the Vs data and a modified hyperbola used to
connect the two ends of the curve. Measured results
from two laboratory DSS tests (nos. G91 and G92)
on specimens taken from the same depths are shown
to be in nice agreement with the predicted curves in
Figure 29. Since data are taken along the entire depth
of the sounding, it is possible to generate nonlinear
-s curves for all depths, if desired. Illustrative
stress-strain comparisons are made from SCPTu
(Burns & Mayne, 1996) and SDMT data (Mayne et
al., 1999).
6 FLOW CHARACTERISTICS
The hydraulic conductivity (k) and coefficient of
consolidation (cv) represent the flow characteristics
of fluids through the soil mass. In this regard, the
excess pore water pressures generated during probe
installation can be monitored with time at periodic
stops in the sounding. Several methods of
interpreting piezocone dissipation tests have been
available for this purpose (e.g. Teh & Houlsby,
1991), however, prior derivations have been
developed solely to address monotonic decay of pore
water pressures with time. With type 2

Figure 30. Normal- and shear-induced components of excess
pore water pressures around the cone.

depending upon the degree of OCR and frictional
qualities. Moreover, the large octahedral zone will
require long times to decay because of the noted soil
volume influenced. In contrast, the shear zone occurs
as a thin annulus that will decay more rapidly. It is
possible, therefore, to represent both monotonic and
dilatory responses with this approach. Full details are
given elsewhere on the solving of the second-order
differential equation for radial flow and
consolidation (Burns & Mayne, 1998). Herein, only
a brief review of the features will be discussed and
an approximate closed-form given for practical use.
In lieu of merely matching one point on the
dissipation curve (i.e., t50), the entire curve is
matched to provide the best overall value of the
horizontal coefficient of consolidation (ch). The
excess pore water pressures ut at any time t can be
compared with the initial values during penetration
(ui). measured initial excess pore water pressure
(ui = u2-u0) is given by:
u i  u oct   u shear i

(34)
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where (uoct)i = (2/3)Mvo(OCR/2)ln(IR) = the
octahedral component during the penetration and
(ushear)i = vo[1-(OCR/2)] is the shear-induced
component. For practical use, an approximate
closed-form expression is presented here. The pore
water pressures at any time (t) are obtained in terms
of the modified time factor T* from:
u 

u oct i



u shear i

1  50T * 1  5000T *

include intact clays, desiccated crustal clays, and
fissured materials. Curves showing normalized
excess pore water pressures from the rigorous
method for various OCR and ' have also been given
(Burns & Mayne, 1998).

(35)

where the modified time factor is defined here by:
T* 

ch t
0.75
a I R 
2

(36)

and a = probe radius. Using a spreadsheet, log values
of T* are established and used to generate
corresponding times t for given IR and a. Trial &
error is performed on the value of ch to give the best
fit.
Figure 32. Measured and fitted dilatory response in the hard
overconsolidated Taranto clay (data from Pane, et al. 1995).

6.2 Monotonic dissipations
A representative look at monotonic dissipation is
shown in Figure 31 for the Amherst site (z = 12.2
m). Using (35) and (36) with the following input
parameters (OCR = 1.8, IR = 227,  = 33º,  = 0.8),
the predicted response is also indicated using a trial
& error for the entire u recording with time to
determine a best fit ch = 0.5 cm2/min.

Figure 33. Comparison of consolidation coefficients from
oedometer and piezocone for clays (Burns & Mayne, 1998).

6.4 Undrained rigidity index

Figure 31. Measured and fitted monotonic dissipations in soft
clay at Amherst site (data from Lutenegger, 2000).

6.3 Dilatory dissipations
In contrast, a dilatory type curve is shown in Figure
32 for the hard Taranto clay (data from Pane, et al.
1995). Here, the CE-CSSM model used the
following input parameters (OCR = 28, IR = 12,  =
28,  = 0.8) to obtain the fit for ch.
A summary comparison of measured cv from
laboratory oedometer and consolidation tests with
the piezocone fitted ch values using the rigorous
method is presented in Figure 33. The categories

For the evaluation of ch from piezocone dissipation
tests using any of the cavity expansion or strain path
methods, an evaluation of undrained rigidity index is
required. If quality samples are available, the value
of IR = G/Su can be assess at 50% of the peak
strength. Results from pressuremeter tests (PMT)
can also be used. In many cases, the site exploration
may solely rely on soil borings with SPTs and
companions series of CPTs. Thus, some direction
towards the evaluation of IR is warranted.
An empirical approach between IR, OCR, and PI
has been published on the basis of CAUC triaxial
test data (Keaveny & Mitchell, 1986). Figure 34
presents the empirical curves that show IR decreasing
with OCR and PI which may approximately be
expressed by:
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0.8

(37)

 1.5

 q  vo 
IR  exp
 2.925  t

2
.
925

 q t  u 2 
 M


(39)

The expression is somewhat sensitive to the quality
of input data because of the exponential form, thus
the importance in using class 3 penetrometers
(Lunne et al., 1997) for this purpose, An example
evaluation using piezocone data from the UK test
site at Bothkennar, Scotland is presented below in
Figure 36. The profile compares well with the
aforementioned empirical approach using PI and
OCR that give good estimates of ch.

Figure 34. Empirical rigidity estimate from PI and OCR.

Alternatively, a Cam-clay derivation has been
suggested that depends on routine soil parameters for
input (Kulhawy & Mayne, 1990). Figure 35
illustrates the curves obtained by this approach
( = 0.8) which can be calculated from:
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Figure 36. Direct rigidity index from CPTu measurements.

6.5 Permeability
Once the coefficient of consolidation has been
determined, the hydraulic conductivity or
permeability (k) can be evaluated from:
k = ch  w / D

(40)

where D = 1/mv = constrained modulus, as defined
from one-dimensional oedometer tests and
w = 9.8 kN/m3 = unit weight of water. In lieu of a
direct measure of D', it seems possible that this
stiffness might correlate with the small-strain
modulus from shear wave velocity measurements.
As such, Figure 37 presents a compiled database on
clays where both laboratory consolidation moduli
(D') and field values of Go were available. A
conservative trend appears to be defined by:
Figure 35. Rigidity index from Cam-clay derivation.

D = 0.1 Go

(41)

The third and final method discussed is a
reformulation of the SCE-CSSM method for
piezocone penetration. Interestingly, the back
calculation of soil rigidity index (IR = G/Su) from (9)
is accomplished using (7) and (15) to provide a
direct evaluation as:

Using the aforementioned value ch = 0.5 cm2/s for
z = 12.2 m at the Amherst site and the SCPTu data
from Figure 23 (qT = 690 kPa; Vs = 140 m/s), the
evaluated parameters are T = 16.1 kN/m3, Gmax =
32.2 MPa, and D = 3.2 MPa (per eqn 41), giving a
permeability k = 2.5310-7 cm/s. This corresponds
well to the reported value from laboratory testing
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(and other field methods) of k = 410-7 cm/s at
z = 12.2 m given by DeGroot & Lutenegger 1994).
Alternatively, a first-order estimate on the
constrained modulus is obtained from the net tip
resistance (Kulhawy & Mayne, 1990):
D'  8.25 qT  vo 

(42)

Figure 37. Relationship for constrained modulus from smallstrain shear modulus in clays.

As a check, an empirical estimate of k can be
made directly from the t50 reading (Parez & Fauriel,
1988). This is conveniently approximated by:
k (cm/s) = (251  t50)-1.25

(43)

where t50 is in seconds (Finke & Mayne, 2001). For
t50= 600 s scaled from Fig. 31, (43) provides another
reasonable estimate of k = 3.3710-7 cm/s.

7 DIRECT APPLICATIONS
Another approach to utilization of SCPTu and
SDMT data is the direct application of the measured
resistances to foundation analyses (e.g., Robertson et
al., 1988). Along these lines, full-scale load tests
from
the
new
National
Geotechnical
Experimentation Site (NGES) at Opelika, Alabama
will be presented. A drilled shaft was constructed
under slurry installation methods with a diameter d =
0.914 m and embedded length L = 11.0 m. The soil
profile consists of residual soils (ML and SM) of the
Piedmont geology derived from the inplace
weathering of metamorphic and igneous rocks,
primarily schist, gneiss, and granites.
Results from a representative seismic piezocone
sounding at the site are shown in Figure 38. The
negative pore water pressures are typical in this
geology (Finke & Mayne, 2001). The downhole
shear waves from CHT, DHT, and SASW compare
well (Schneider et al., 1999). At this site, the DHT
values were obtained using both series of seismic
cone and seismic dilatometer tests.
The side friction component was calculated on the
basis of measured CPT fs and u2 per the method of
Takesue et al. 1998) and the end bearing capacity
based upon the approach of Eslami & Fellenius
1997) using the effective tip stress (qt-u2). The soilpile stiffness is obtained from the shear wave
measurement and the modulus reduction procedure
per (33) utilized in an elastic continuum analysis of
the axially-loaded pile. The comparison of measured
and predicted axial pile response is shown in
Figure 39. In addition to giving nonlinear loaddisplacement-capacity representation, the associated
load-transfer for the drilled shaft is also obtained
with good agreement.

Figure 38. Results of seismic piezocone tests in residuum at Opelika NGES, Alabama, USA (Schneider, et al., 1999).
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Direct measurements of stiffness at intermediate
strains (i.e., cone pressuremeter) would be valuable
in tailoring the fitting parameter of the modified
hyperbola used here, or for more robust degradation
and reduction schemes (e.g., Puzrin & Burland,
1996, 1998). New directions for enhanced
geotechnical site characterization might include the
seismic piezocone pressuremeter (SCPMTu), as seen
in Fig. 40, as well as added sensors such as dielectric
(permittivity) and resistivity to further improve and
optimize the amounts and types of data recorded.
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Site characterization in peat and organic soils
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ABSTRACT: This paper reviews site characterization approach to ground with significant peat and organic
soils including sampling and in situ testing techniques that are employed. The aspects of site characterization
specific to such deposits are emphasized. Distinguishing characteristics of organic deposits and description of
various organic deposits are described. The requirements for sampling and the applicability of in situ tests
depend on the type of organic deposit. These deposits typically exhibit a higher level of spatial variability than
inorganic soils and are sensitive to sampling disturbance due to presence of fibers, high compressibility and
rapid drainage capacity. The literature describes the difficulties of sampling and limitations of conventional in
situ tests. However, with some modifications standard approaches and testing have been pursued for site
exploration and obtaining design parameters. It is recognized that larger diameter samplers and use of piston
samplers are appropriate especially for peats. Field vane shear test appears to be the most popular field test for
characterization of undrained shear strength. Larger size vanes and use of a reduction factor seem appropriate.
Cone penetration test is also used, sometimes with a larger cone than the usual Dutch cone and an extra
sensitive measurement device for cone penetration resistance. Use of other in situ tests has been reported but
their use appears to be very limited. Interpretation of in situ test results requires corrections usually calibrated
based on local experience with organic deposits and laboratory strength tests. Combined use of extensive
sampling for the definition of site variability, in situ tests, and laboratory mechanical property tests and where
possible use of test fills provide a reasonable approach in dealing with these difficult organic deposits.
1 INTRODUCTION
Peats and organic soils are encountered at widely
varying areas of the world. The glaciated areas of the
northern hemisphere (Canada, the northern states of
USA, northern Europe and Asia) have large areas
where peats and organic soils are encountered. It is
encountered as part of fluvial deposits such as in San
Joaquin Delta in California or along Mississippi
River in Louisiana, USA or Po Valley in Italy. There
are also coastal peat and organic soil deposits such
as in Florida, USA or Adriatic coast of Italy.
Additionally, such organic deposits are encountered
in many parts of East Asia such as in Hokkaido as
well as several other districts in Japan, in
Kalimantan, as well as other islands of Indonesia,
and in Sarawak and other states of Malaysia. Peats
encountered in tropical areas have not been studied
as intensely as the peats from the northern
hemisphere. There is a growing interest in behavior
of peats and organic soils and construction
techniques that can be used effectively and
economically dealing with such deposits especially

in East Asia due to rapid development in recent
years.
Peats and organic soils, because of their organic
solids and typically high water content in their
natural state, exhibit mechanical properties
somewhat different, both in nature and magnitude,
than the customary inorganic or mineral soils.
Various investigators have studied these properties
of peats and organic soils and the reported results
indicate important differences in behavior from
inorganic soils both qualitatively and quantitatively.
Because of the capacity of these materials to retain
high water contents, they are generally weak in their
natural states but significant strength gain is
achievable with consolidation. Presence of fibers
induces both some anisotropy and internal
reinforcement. Figure 1 shows the scanning electron
micrographs of Middleton peat (organic content of
90% and fiber content of 50%) that was loaded to
400 kPa in an oedometer test. Interwoven fibers and
interfiber macropores are evident. Close examination
of the individual fibers reveals an internal cellular
structure and associated micropores. The vertical
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plane indicates the pronounced anisotropy. These
effects are reflected in strength and compression
parameters and lateral earth pressure transfer.
Peats and organic soils also exhibit a higher level
of spatial variability compared to most mineral soil
deposits. They are difficult materials to obtain
undisturbed samples and to have high recovery in
tube samples. Additionally, presence of fibers affects
the results of in situ tests such as vane shear test.
Because of these reasons, site characterization is a
challenge especially in highly organic deposits with
high water content. This paper presents a review of
commonly employed sampling and in situ testing
techniques for peat and organic soil deposits.

Horizontal Plane, 100
Vertical Plane, 130

Figure 1. Scanning electron micrographs of fibrous Middleton
peat (Fox, 1992).

2 DISTINGUISHING CHARACTERISTICS OF
ORGANIC DEPOSITS
2.1 General Characteristics of Organic Deposits
Peats and organic soils are encountered in low-lying
areas like coastal wetlands, deltas, glaciated regions,
and tropical forests where water table is near or

above ground surface. They are present mostly in
surface soils but in some cases as deep buried
deposits. Soil organic matter originates from
plant/animal remains and is often observed in
various stages of decomposition with an end product
known as humus. There are certain terms used in
characterizing peats and organic soils. The terms that
are important for geotechnical considerations are:
 Water Content: determined from loss of weight at
105 C as percentage of oven-dried mass at 105
C (ASTM Standard D 2974).
 Organic Content: determined from loss on
ignition (LOI) at 440 C as percentage of ovendried mass at 105 C (ASTM Standard D 2974).
 Fiber Content: determined from dry weight of
fibers retained on #100 sieve (> 0.15 mm) as
percentage of oven-dried mass (ASTM Standard
D 1997).
 Degree of Humification (von Post): describes
degree of biochemical decomposition of the plant
components (fibric: >67% FC or von Post H1 to
H3; hemic: 33-67% FC or von Post H4 to H6;
sapric: <33% FC or von Post H7 to H10) (ASTM
Standards D4427 and D 5715).
Classification of these materials is a controversial
issue with numerous approaches available for
varying purposes. Peat is a naturally occurring
highly organic substance that is derived primarily
from fossilized plant materials. Peat is distinguished
from organic soils by its high organic content, lower
decomposition or humification, and fiber content. It
also refers to a distinct mode of behavior different
than traditional soil mechanics in certain respects.
Gyttja is an organic deposit originating from
microscopical plants and animals rich in fats and
protein. There is no consensus yet on classification
of organic deposits but the following approach may
be useful.
 LOI < 5%: little effect on behavior - considered
inorganic soil.
 LOI 6-24%: affects properties but behavior is still
like mineral soils - organic soil (organic silts and
clays).
 LOI 25-100%: organic matter governs properties;
traditional soil mechanics may or may not be
applicable - silty or clayey organics or peats.
MacFarlane and Radford (1965) suggest that
engineering behavior of soils in this group, i.e.,
peats can be grouped broadly into two categories
of fibrous and amorphous granular.
Peats have certain characteristics that set them
apart from most mineral soils and require special
considerations for construction over them. These
special characteristics include:
 High natural moisture content (up to 1500%)
 Specific gravity of solids in peat and organic soils
is typically lower than inorganic soils (1.1 to 2.5).
Specific gravity is often determined by kerosene
displacement instead of water. An approximate
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and easier method of determining specific gravity
is to use loss on ignition (LOI) assuming that the
ash is composed of clay minerals with specific
gravity of 2.70 and the organic matter has a
specific gravity of 1.37 (Gs = 2.70 (1- LOI) + 1.37
LOI) (den Haan and El Amir, 1994).
Due to lower specific gravity of solids found and
higher water holding capacity, unit weight of
peats and organic soils is typically lower
compared to inorganic soils. Saturated unit
weights (sat) vary from about 10 to 18 kN/m3 as a
function of organic content, i.e., loss on ignition
as it decreases from 90% to 5%.
The natural void ratios of peats and organic soils
are generally higher than for inorganic soils
indicating their higher capacity for compression.
The natural void ratio of fibrous peats is usually
very high and values as high as 10 to 25 have
been reported. The natural void ratio of
amorphous peats, on the other hand, is much
lower down to a value of 2. The usual range is
typically from 5 to 15. For slightly organic clay, a
natural void ratio less than 2 is expected. For
submerged peats and organic soils, void ratio
linearly varies with water content as a function of
specific gravity and gas content.
High compressibility including significant
secondary and even tertiary compression.
Low strength in natural conditions (typically
cu = 5 to 20 kPa), fiber reinforcement and
consequently high normalized undrained strength
(cu = 0.5 to 0.7) and high effective friction
angles ( = 40 to 60o) and anisotropy.
High initial permeability (like sand), rapidly
reduced when compressed (like clay)
High degree of spatial variability
Potential for further decomposition as a result of
changing environmental conditions

2.2 Decomposition
Decomposition of organic constituents involves
microbial activity with the formation of gases, water,
new bacterial cells, and volatile acids with a net
effect of decrease in the organic solids fraction (Al
Kafaji & Andersland, 1981). Under normal field
conditions, total degradation of the organic fraction
under water is limited due to volatile acid toxicity
and nutrient imbalance. Introduction of nutrients by
groundwater seepage may initiate or sustain
decomposition over long periods. The process is
finally complete when there is only humus
(nondegradable residue) and microbial cells are left.
Decomposition causes a decrease in solid volume
and results in compression.
The rate of decomposition of peat depends on
environmental factors (aerobic versus anaerobic,
temperature, dry versus wet, etc.). Natural
decomposition appears to be rather slow in

comparison with the typical life of engineered
structures; however, artificial effects such as
changing chemistry of pore water chemistry or
dewatering may result in relatively rapid
degradation. The submerged organic component of
peat is not entirely inert but undergoes a very slow
decomposition, accompanied by the production of
marsh gas (methane) with lesser amounts of nitrogen
and carbon dioxide (Muskeg Engineering Handbook,
1969). Hydrogen sulfide is another gas encountered
in deposits containing sulfur. Gas content is of
considerable practical importance since it affects all
physical properties measured and field performance
that relates to compression and water flow.
Consolidation test results are particularly impacted
by gas. The gas content of peat is difficult to
determine and no widely recognized method is yet
available. A gas content of 5 to 10% of the total
volume of the soil is reported for peats and organic
soils (Muskeg Engineering Handbook, 1969).
Lowering of groundwater table for sustained
periods allows organic fraction come in contact with
air, which leads to shrinkage and oxidation.
Consequently, the fiber structure is destroyed due to
accelerated decomposition and becomes more
amorphous-granular. This activity may result in
significant changes in engineering properties.
The significance of these effects on the long-term
performance of the structures placed on peat is not
taken into account rigorously. The opinion appears
to be split regarding the long-term degradation of
peats especially in the absence of any significant
change in the submergence of these deposits
(Venmans, 1994). Landva et al. (1986) reviewed 30
structures founded over peats and organic soils and
determined that none of these structures appeared to
be experiencing difficulties that could be attributed
to the degradation and decomposition of the organic
ground on which they were founded. Magnan (1994)
reports that the experience in France with respect to
degradation of peats and organic soils is
inconclusive. An embankment built of air-dried peat
in the 18th century in Ireland has shown no signs of
deterioration to date. However, dike breaches caused
by humification of the dike body by air-rich water
are reported in the Netherlands.
2.3 Spatial variability of peat
In general, peat deposits have significant spatial
variability so that it is difficult or impossible to
obtain representative samples for testing, unless a
very large number of samples are taken (Magnan,
1994). For this reason the laboratory behavior cannot
be expected to yield more than a crude picture of the
field behavior. The same concerns apply to in situ
tests and even to test fills, even though a test fill is
much more representative of the peat behavior than a
small laboratory sample or in situ tests.
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Oedometer tests performed by Fox (1992) on the
specimens (63.5 mm in diameter) trimmed from a
block sample (400 mm square) indicated intrinsic
differences in the rate of creep compression of these
specimens that could not be accounted for by stress
and temperature changes or differences in initial
void ratio. These specimens could be considered
"undisturbed" since they were trimmed from a large
block sample and the variability could not be
attributed to sample disturbance. A parameter was
defined to account for the microstructural effects on
the rate of creep compression. This parameter could
be related to the position of the test specimens in the
block sample and four zones could be identified in
the block sample, as shown in Fig. 2. It is clear that a
minimum representative volume for peat test
specimens to account for spatial variations in
laboratory testing can be quite different than the
conventional rules used for mineral soils.

3 SITE INVESTIGATION
3.1 Mapping
Before embarking on a project and locating a
structure or embankment, it is important to have an
overview of the distribution of soils, in particular,
location of organic ground. Use of archival
materials, earlier investigations, air photos, and maps
is important in delineating areas of rock outcrops,
coarse or fine grained soils, and organic ground (i.e.,
organic soils, gyttja, peats). Organic ground can be
identified on aerial photos if not covered by mineral
soils. They typically have flat topography (except
raised bogs) that coincides with low areas, plants
requiring a great amount of water, and wetlands,
coastal lowlands, and isolated river marshes.
Mapping organic ground is particularly important in
selection of highway routes.
3.2 Stratigraphy

Figure 2. Zones of microstructure in a 0.4-m block sample of
Middleton peat (P: oedometer specimens) (Fox, 1992).

Similar trends of high spatial variability are
observed in field investigations. Borings taken at 2m centers in a peat area in Delft, Netherlands
showed strong variations in LOI distribution on the
decimeter scale (den Haan et al., 1995). Noto (1991)
reported that the coefficient of variation on the order
of 40% or more based cone penetration test results
over a small peat zone of 10 x 10 x 3-m deep. This is
markedly higher than those typical of mineral soils
(e.g., 12-33% for clay). Termaat (1998) reported that
Dutch peats show a strength variability of up to 25%
and provided an excellent summary of how this
variability is taken into account and managed in
reducing design uncertainties.

3.2.1 Soundings
A soil investigation aims at delineating not only the
areal distribution but also the subsurface
stratigraphy. In areas of organic ground,
determination of the depth of soft organic substrata
is important. This is best accomplished by sounding.
Several methods of sounding are available from
simple to more sophisticated. Practice of sounding
varies regionally. In Scandinavian countries, Light
Dynamic Probing Method (LDP) (Stefanoff et al.,
1988) and Weight Sounding Test (WST) are two of
the simpler sounding methods (Bergdahl, 1996). The
former is similar in concept to widely used dynamic
cone penetrometer (DCP) that evolved from Scalas
(1956) original penetrometer. LDP uses a conical tip
with an apex angle of 90o and a cross-sectional area
of 10 cm2 attached to hollow rods with a diameter of
22 mm. The cone is driven by blows from a 10-kg
hammer that falls 0.5-m height. WST was developed
in 1917 in Scandinavia and consists of a screwshaped conic point, a range of driving weights, and
hollow rods. It is used as a static penetrometer in soft
soils but in stiffer soils it is screwed in and number
of turns for every 0.2-m of penetration is recorded. A
variety of dynamic probing methods are also used in
Germany and the Netherlands especially for
sounding deposits containing hard or gravelly layers.
In Japan, a single-tube cone penetrometer was
developed for peat deposits in 1952 and a doubletube cone penetrometer in 1958 (Noto, 1991).
However, currently the Dutch cone is the most
common method of sounding.
More sophisticated methods of sounding include
the quasi-static cone penetration test (CPT) which is
widely used in Europe, Japan, and to a limited extent
in USA and the standard penetration test (SPT),
widely used in USA. In addition to sounding, CPT
provides strength information and SPT soil samples.
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3.2.2 Geophysical Methods
Ground penetrating radar can be used to determine
the thickness of strata with highly contrasting
electro-magnetic properties (i.e., dielectric constant)
from surface down to a depth of 10 m. During
investigation, the antenna is moved over the ground
surface, while the reflection of the electromagnetic
waves is recorded. The method is quick and effective
in delineating thickness of organic deposits and
depth to firm bottom layers. This method is gaining
greater interest and much development is underway.
Down-hole radar provides a three-dimensional
distribution of soil strata.
3.3 Sampling
Peat is a difficult material to sample because of the
presence of fibers and woody remnants. It generally
exhibits anisotropy in its properties. Conventional
thin-wall sampling tubes (typically 76.2-mm in
diameter) used for taking "undisturbed" samples of
soft clays may not be suitable for sampling peats.
Sample size is important with respect to both
sampling disturbance and representative sample
volume. Peat samplers 100 to 250 mm in diameter
have been developed, including a block sampler
(Landva, et al., 1983).
3.3.1 Disturbed but representative sampling
Samples that are disturbed in a geotechnical sense
(changed density and mechanical properties) but
representative of the type and proportion of the
constituents and water content can be obtained at
shallow depths by manually operated samplers such
as Hiller borer, Davis sampler, Finnish piston-type
sampler and Scottish Macaulay sampler (Muskeg
Engineering Handbook, 1969; Peat Testing Manual,
1979). Macaulay sampler has a vane or cover. It is
inserted into position by pushing with the vane
closed. Rotating the sampler opens the vane and the
edge of the vane removes a one-half cylinder of
material that is relatively undisturbed by rotation. It
is evaluated to be the best available sampler for oneperson operation (Peat Testing Manual, 1979). Two
types of shallow samplers are reportedly used in
Japan: a sampler with a cover and a piston sampler
(Noto, 1991), the former and the more popular one is
similar to Macaulay sampler. A screw auger sampler
and a peat drill similar to the side intake Macaulay
sampler are used in Sweden for obtaining disturbed
but representative samples at shallow depths
(Bergdahl, 1996). These samplers are portable and
can be carried and operated by one person. They can
efficiently evaluate the stratification of peat down to
a depth of 5 m.
Split spoon samplers can obtain deeper disturbed
but representative samples as part of the Standard
Penetration Test (SPT). Screw augers also provide
disturbed sample where a drill rig can be mobilized.

3.3.2 Undisturbed sampling
It is virtually impossible to obtain undisturbed
samples of any type of soil, including peats and
organic soils. Booth physical intrusion of the
sampler and the removal of in situ stresses cause
disturbance. However, using certain sampling
techniques, disturbance can be minimized. It can be
said that there is a reasonably well-established
understanding of the causes of disturbance during
sampling, transport, and handling of inorganic clays
and corresponding accepted practices of sampling
such soils. There are additional factors that need to
be considered in sampling peat. These include
compression while forcing the sampler into the
ground, tensile resistance of fibers near the sampler
edge during extraction of the sampler, and drainage
and internal redistribution of water. Precompression
of peat occurs even with relatively large diameter
samplers (100 to 150 mm) during pushing of tube
sampler (Helenelund et al., 1972). Landva et al
(1983), on the other hand, report that, as long as the
peat sample is retained during sampler retrieval, the
degree of disturbance does not significantly affect
the shear or consolidation test results since similar
fabrics are generated after consolidation under the
initial load irrespective of disturbance. Most
geotechnical applications result in compression of
peat beyond its initial state of stress thus modifying
the initial fabric. The degree of disturbance can be
evaluated by comparing water content, loss on
ignition, and density. These parameters should be
consistent with each other. The shapes of stressstrain and void ratio-logarithm of vertical stress
curves also provide clues for disturbance. The
observation of fabric under scanning electron
microscope was also used to study disturbance
(Landva and Pheeney, 1980). Measurement of
residual pore pressures provide yet another measure
of disturbance (Tsushima and Mitachi, 1998).
Undisturbed samples can be obtained at shallow
depth using a peat corer (Peat Testing Manual,
1979). It consists of a sharp serrated cutting edge
attached to a core holder tube, which in turn is
attached to a driving head. The driving head can be
rotated using a battery-powered portable drill. It
takes cores of 76.2 cm in diameter. A 100-mm
version of the peat corer with plastic core holder
tube, known as “peat sampler,” was developed by
the Swedish Geotechnical Institute (Bergdahl, 1996).
A relatively inexpensive, light-weight, and easily
constructed core sampler with a sample diameter of
about 150 mm was developed by Holowaychuk et al.
(1965) for low-disturbance sampling at shallow
depths. A stationary-piston sampler developed by
Livingstone (1955) and modified by Wright (1967)
for sampling lake sediments has been used to obtain
undisturbed samples of some peats except fibrous
and woody peats (Peat Testing Manual, 1979).
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Operation of this sampler is difficult and requires
several persons.
Deep undisturbed samples can be obtained by
thin-wall tube samplers by hydraulically pushing
them into the ground. The most common thin-wall
sampler used in North America for undisturbed
sampling is the Shelby tube sampler and it consists
of a 76.2-mm diameter tube with a wall thickness of
1.6 mm. Slightly different diameter thin-wall tube
samplers are also used, e.g., 68-mm in Netherlands
and also larger, i.e., 100-mm or 200-mm diameter
sampling tubes are available. It has been suggested
that a diameter of 76.2 mm, while appropriate for
undisturbed sampling of clays, may not be adequate
for peats and organic soils. Typically the cutting
edge of the tube is sharpened to cut peat fibers and
generate samples with fewer disturbances.
To improve recovery, thin-wall piston samplers
are used. A number of piston samplers with different
diameter are available (ISSMFE Subcommittee on
Sampling, 1981) for sampling soft clays and can be
adopted for peat sampling. A 100-mm diameter
piston sampler was developed at the University of
New Brunswick and used successfully in sampling
fibrous peats and soft organic bay sediments (Landva
et al., 1983). Typically, a fixed piston is used and the
sample recovery can be above 95%. Steel foil
sampler is similar to piston sampler and typically
used to obtain long, continuous, and undisturbed
samples. It requires a large-size boring equipment
and careful operation thus it is not widely used. The
66-mm Begemann boring unit developed in
Netherlands is a method that allows continuous
undisturbed sampling in which the material passes
through the cutter shoe into a stocking on the inside
of the sampling tube. A liner can be fitted in the unit.
The reduction of the friction between the sample and
the liner by the watertight stocking and the lubricant
outside of it allows obtaining long (up to 25 m)
undisturbed samples. A clamping device prevents
dropping of the sampled material upon extraction of
the 1-m long sampling tubes. This sampler is used in
conjunction with a cone penetrometer-testing unit.
Additional methods of obtaining undisturbed
samples of peat and organic soils include frozen-core
sampling and block sampling. Frozen-core sampling
is used to sample peat samples with high water
content by freezing the core in the sampler while it is
in the ground by circulating a cooling liquid in a
sleeve surrounding the sampler (Sasaki, 1979). It is
cumbersome for routine sampling and expansion of
water may cause some damage to the texture of peat
and stresses. Block samples can be obtained from
surficial peat deposits. Typically a pit is excavated
and blocks of peat are removed from the pit wall.
The materials above the depth of sampling are
removed exposing the top surface of the block. Side
surfaces of the block are cut using fine-teethed saws
and large knives. A large steel plate with a serrated

edge and a wooden handle approximately the same
size as the block sample can be inserted under the
block sample cutting its bottom surface and
providing a supporting platform during removal of
the block. The block is then wrapped in plastic,
sealed with gauze and molten wax, and placed in a
box for transport. Large block samples (250-mmsquare) can be obtained from below the ground and
groundwater surface (down to a depth of 7 m) using
a block sampler for peats described by Landva et al.
(1983). It provides somewhat disturbed samples but
retains their general structure. There are other largesize downhole block samplers such as Sherbrooke
sampler (250-mm in diameter) and Laval sampler
(200-mm in diameter) that have been developed for
sampling clays but can also be used for organic soils
and probably for peats.
4 IN SITU TESTS FOR PROPERTIES
There are no special tools available for determining
in situ properties of peats and organic soils.
Therefore, select methods that have been developed
for use in soft clays are used either directly or in a
somewhat adapted manner to testing peats and
organic soils. Because of the nature of these soils,
certain methods have gained prominence over the
others. The methods of interpretation of the in situ
test results as applied to peats and organic soils are
limited in the literature and direct use of the methods
primarily developed on the basis of mineral soil
experience should be conducted with great caution.
Because of the greater variability and fabric effects
in organic deposits, larger number of in situ tests and
complementary sampling and laboratory testing are
required in arriving at design properties. Some of the
more common approaches to in situ testing in such
deposits are reviewed.
4.1 Vane shear test
The field vane shear test is probably the most
common in situ test for determining the shear
strength of organic deposits. This test was first
developed in the Scandinavian countries to measure
the shear strength of sensitive clays. The method
since then has been quite standardized, e.g., ASTM
standard D 2573. There are several types of vanes
that are available. There are two main types: one has
a protective housing around the vane when driven
into soil and another one with a robust vane but
without a protective housing. Typically, the height to
diameter ratio is two and the shear strength is
calculated from the measured maximum torque.
Field vanes may be rectangular or tapered with
diameters typically ranging from 38 to 92 mm. The
softer the soil the larger is the vane diameter
recommended. Vane strength decreases with
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increasing vane diameter in peats as reported in
Muskeg Engineering Handbook (1969) and Noto
(1991) whereas vane size was shown to have little
effect in clays (Cadling and Odenstad (1950). A
large vane with a diameter of 100 mm is
recommended in Muskeg Engineering Handbook
(1969). Noto (1991) reports that a 55-mm vane has
become virtually the standard for Hokkaido peat
mostly because of ease of handling.
The test is recommended to start within 5 minutes
of vane insertion, which probably should be sooner
in peat. The field vane standards call for a rate of
rotation of the vane always slower than 0.1 degree/s
and such that the failure to occur within 2 to 5
minutes. While such a rate may be acceptable for
clays, a faster rate may be appropriate for
maintaining comparatively smooth rotation and
minimize compression and drainage in the vicinity
of the vane in testing peat. Noto (1991) shows a
decrease in vane shear strength with increasing rate
of vane rotation and recommends that a standard
rotational speed of 1 degree/s for peat should be
adopted. In Sweden and Poland, a time to failure of 3
minutes is taken as the reference and correction
factors for those tests in organic deposits where
failure takes shorter or longer than 3 minutes have
been recommended (Bergdahl, 1996). Correction is
also made for the torque rod friction.
Vane shear tests have shown reasonable
consistency in organic clays, amorphous-granular
peats, and non-woody fine-fibrous peats but erratic
results in woody fibrous peats. Helenelund (1967)
confirmed that peat was not cut along the edge of the
vane in fibrous peat and the uncut fibers provide
resistance to vane rotation. Fibrous peat is easily
drained and compressed. Landva (1980) observed
that a void was generated behind the blade into
which the compressed peat in front of the blade
drained resulting in a modified peat. He also
reported that the cylindrical shear surface occurred at
a diameter 7-10 mm outside the edge of the vane and
the length of the vane shear face was shorter due to
the compression/void mechanism described above
(Figure 3). Because of these considerations, Landva
et al. (1986) concluded that the vane shear test in
fibrous peat is of little engineering value and also not
suitable for organic soils though it may give a lower
strength than the peak strength. However, the review
of 13 embankments designed using the vane shear
test on peat including fibrous peat indicated that in
11 of the cases embankments were constructed
successfully, in one case the peat was purposefully
loaded to failure, and in another case an unplanned
failure occurred (Muskeg Engineering Handbook,
1969). This performance shows that the vane shear
test has some merit. In the only unplanned failure, a
small diameter vane was used. Since 1969,
numerous vane shear tests have been performed and
the results have been used in guiding design. Certain

reduction factors are introduced to provide a safe
design. Thus,the undrained shear strength, cu is
obtained from the measured field vane shear
strength, sfv using the reduction factor,  as follows:
cu =   sfv

(1)

These reduction factors are either ad hoc relations
based on local experience or calibrated for a given
site based on laboratory tests (triaxial compression
and direct simple shear tests). An example of

Figure 3. Interaction of vane with peat during the test (from
Noto, 1991).

undrained strength profiles (measured and corrected)
is shown along with the measured laboratory
strengths in Figure 4. For organic soils and gyttja,

Figure 4. Undrained shear strength profile from vane shear tests
(from Bergdahl, 1996).

excepting fibrous peat, the Swedish Geotechnical
Institute developed the following reduction factor:

 0.43 

  

 wL 

0.45

(2)
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where wL is the liquid limit and  varies between 0.5
and 1.2 (Larsson et al., 1984). Equation 2 is based on
experience with normally consolidated and lightly
overconsolidated highly plastic soft soils. Based on
the measurement of the failure zone during vane
shear tests, Golebiewska (1983) has proposed
 = 0.5-0.55 for peats and  = 0.6-0.8 for gyttja. As
can be seen, nearly a 50% reduction is recommended
for peats. Landva and La Rochelle (1983) provide
field vane and laboratory ring shear data where the
ring shear strength is 42 to 57% of the field vane
strength with an average reduction factor of 50%.
Hanzawa et al. (1994) report that in Japan the
mobilized shear strength in a peat deposit that failed
under an embankment load was calculated to be 50%
of the measured vane shear strength. Hanzawa et al.
(1994) present their data and show that the
laboratory direct shear strength is 67% of field vane
shear strength for a peat from Niigata Prefecture.
These reduction factors are arrived at using a variety
of techniques and considerations, however, they
collectively suggest that carefully measured and
acceptable field vane strengths should be reduced 40
to 50% for use in design.
Normalized undrained strength with vertical
consolidation pressure is a very useful way of
expressing the undrained behavior of soils. For
normally consolidated deposits, undrained strength
ratio provides a means of estimating strength
increase with depth. Alternatively, for staged
construction or preloading, it allows a means of
estimating strength gain because of consolidation
when it is expressed incrementally, i.e., cu/v.
Figure 5 presents normalized undrained strength as a
function
of

undrained strength on organic content. The fibrous
and the amorphous peats show no perceptible
differences and give an average normalized
undrained strength of 0.59 with most of the data
falling between 0.5 and 0.7. The organic soils,
especially those with an organic content less than
20%, seem to have lower normalized undrained
strength compared to the peats.
Normalized undrained strength can also be
obtained from the field vane shear test. Field vane
normalized undrained strength is given as a function
of organic content in Figure 6 for two highway sites
in Wisconsin, USA. The data shows much greater
dispersion than in the laboratory tests but similar
trends with respect to organic content and type of
peat. The data for peats vary between 0.5 and 1.5.
Landva and La Rochelle (1983) reported similarly
high field vane strengths compared to laboratory ring
shear strengths (1.23 versus 0.5 to 0.7). They
attributed it to the peculiarities of vane shear when
applied in a fibrous material. Hanzawa et al. (1994)
reported a normalized undrained strength of 0.45 for
their peat from Niigata Prefecture based laboratory
direct shear tests and stated that this value is lower
than that of typical Hokkaido peat based on field
vane shear tests as reported in the Japanese
literature.
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Figure 6. Normalized undrained strength vs. organic content
from field vane shear tests.
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Figure 5. Normalized undrained strength vs. organic content
from triaxial compression tests.

organic content for peats and organic soils based on
laboratory triaxial compression tests (Edil and
Wang, 2000). Again, the University of Wisconsin
(UW) data and the data from the literature showed
no distinct differences and are plotted together. The
data indicate no direct dependency of normalized

Static and dynamic penetrometers of many different
sizes, shapes, and modes of penetration have been
developed in various countries mainly for site
investigation but also property determination
(Sanglerat, 1972). A hand-held cone penetrometer
developed by US Army Corps of Engineers for
trafficability of soft mineral soils has been applied to
trafficability and studies of organic terrain (Muskeg
Engineering Handbook, 1969). It has a proving ring
attached to its handle to indicate the force of
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penetration. The reading on the dial indicator, read
typically at intervals of 7.5 to 15-cm penetration, is
called the cone index. The total length of penetration
is 0.9 m and the cone index is intended to provide an
index of surface trafficability, i.e., “go” or “no go”
basis for vehicle performance. It can also be used for
deeper penetration in very soft ground using
extension rods as a sounding tool for delineating
depth of soft organic deposits. There is also a
dynamic cone penetration test performed by driving
a cone using a drop hammer (Scala, 1956). This
latter test is used in highway construction or
earthwork quality control in shallow depths and
provides only an index of soil property. It is not very
suitable for peats and organic soils.
Deep continuous logs of penetration and frictional
resistance can be obtained using CPT and the results
can be interpreted for engineering properties that can
be used in geotechnical design. Cone penetration has
gone through several stages of development with the
mechanical Dutch cone test being one of the most
widely available one. In recent years, electronic cone
has been introduced which can incorporate several
sensors to monitor primarily end bearing, side
friction, and pore water pressures but also other
physical and chemical properties (seismic,
temperature, pollutants, etc.). CPT data can be used
to interpret subsurface stratigraphy, and through use
of site-specific correlations it can provide data on
engineering properties of soils for geotechnical
design and construction. CPT has achieved the
greatest degree of standardization and is in
widespread use. For instance, ASTM standards D
3441 and D 5778 describe the procedures for the
Dutch cone test and the electronic friction cone and
piezocone, respectively. Similar standards are
available in other countries such as the Japanese
standard JIS A 1220. The cone described in these
standards has a 60o apex angle and a projected cross
sectional base area of 10 or 15 cm2. Different size
cones, both larger and smaller, have been used
though these dimensions are the most commonly
used ones for soil investigations. The penetration
rate is 10 to 20 mm/s and thus it is a quasi-static
penetration test.
Application of CPT to soft peat deposits is not as
straight forward as its use in inorganic clays. First of
all, the accuracy of the standard cone is insufficient
to delineate the strength of very soft organic
deposits. This limitation can be overcome by use of
an extra sensitive cone since the typical cone
resistances often vary between 0.1 and 0.5 Mpa in
such deposits. Use of piezocone can help delineating
very soft clays from similarly soft peats through
differences
in
their
respective
hydraulic
conductivities and excess pore pressure responses
although it is very difficult to separate clays from
organic soils on the basis of CPT results alone.
Landva (1986) observed that negative pore pressures

are induced and large vertical compression and
expulsion of water surrounding the cone take place
in CPT of fibrous peats to mobilize strength
indicating that a considerable and uncontrolled
consolidation occurs prior to failure. He also argues
that the observed failure mode in laboratory cone
penetration experiments does not resemble to the
real modes of deformation under structures and
embankments on peats and therefore CPT is of little
use in determining the engineering properties of
peats. He indicates that CPT is likely to yield
strength values close to the remolded strength in
organic soils and may be appropriate in modeling
progressive failure of embankments founded on such
soils. Static cone penetration test is commonly used
in Hokkaido peat in Japan; however, a WP-20 type
of cone (apex angle 30o, base area 20 cm2) is used
and correlated to the Dutch cone. Noto (1991)
indicates that cone penetration test can only be
regarded as an engineering index.
4.3 Pressuremeter test
According to Landva et al. (1986), few
pressuremeter tests in organic deposits have been
reported and this type of test is not recommended for
peats. For stiff organic soils, it is possible that
pressuremeter test can be applied and useful.
However, there are no guidelines available how to
conduct pressuremeter tests in such deposits and
how to interpret the test results.
4.4 Dilatometer test
There are some reported test results for dilatometer
in organic deposits. It may be possible to develop
local correlations for the undrained strength in
amorphous peats and organic soils against other
tests. However, the conventional dilatometer cannot
be used to estimate undrained shear strength of
fibrous peats.
4.5 Plate load test and screw plate load tests
According to Landva et al. (1986), plate load test is
not applicable for determining strength and
deformation characteristics in peat. However, it can
relate the bearing capacity for concentrated loads
such as vehicle wheel loads. Screw plate load tests
were performed by Schwab (1976) in soft organic
soils and found to be useful in determining shear
strength using a bearing capacity factor of 9 when
compared to large-scale tests. A standard plate load
test on an organic wastewater treatment plant sludge
(organic content of 25%) similarly provided useful
bearing capacity and back-calculated shear strength
values (Edil and Aydilek, 1996). The strength values
were difficult to measure by standard in situ test
equipment, e.g., CPT due to their extremely low
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values (1.1 to 2.6 kPa) but plate load test provided
measurable values later used successfully in design
(Edil and Aydilek, 2001).

approach in dealing with these difficult organic
deposits.
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SUMMARY: The role of in situ testing is generally even more important in offshore soil investigations than
onshore. In situ tests are included in most offshore investigations all over the world. Deployment platforms
exist for water depths up to several thousands of metres. There are basically two modes for doing in situ tests,
namely in the bottom of a borehole or from the seabed. One recent trend with seabed testing is the increased
use of very light minirigs. Advantages of these types of rigs are that transportation is easier and less
expensive, and that smaller and cheaper vessels can be used. One problem that needs to be considered is that
non- standard equipment dimensions are frequently used; e.g. cone penetrometers with area of 1 to 5 cm2
compared to the standard 10 cm2. Today’s trend of down hole testing in increasingly deeper waters requires
testing without cable connections. The data are then stored in memory units and downloaded and processed
when the tool returns to deck. When considering whether seabed or downhole deployment should be used the
disturbance caused by drilling should be considered, generally higher quality testing can be obtained with
seabed testing. A new very interesting method whereby CPT can be carried out while drilling is advanced
facilitates continuous testing to large depths. Regarding the in situ tools in use today the CPT/CPTU is by far
the most important. In the paper examples of its use are included and special discussions are focussed on the
accuracy that may be achieved in the two operational modes and the use of non-standard sizes. In some
geographical areas the vane test is also used regularly. For special purposes the seismic cone and the
BAT/DGP probes are used on large important projects. Two new in situ tests are discussed in some detail: the
T-bar which is especially suited for very soft clays and the piezoprobe which is used for assessing if excess
pore pressures relative to hydrostatic exist. This last parameter is especially important for geohazard studies.
In addition other in situ tools are available, or potentially available, including: the pressuremeter, the
dilatometer, the electrical resistivity probe, the nuclear density probe, the hydraulic fracture tool and heatflow
probes. These tools are not described in the paper but key references are given.
1 INTRODUCTION
Lunne and Powell (1992) gave a review of
developments in offshore investigations covering
mainly the period from 1985 to 1992. In this period
several very interesting developments took place
with new in situ tests being tried out in the offshore
environments, including several examples of field
model testing.
Generally the most important trend over the last
6-7 years has been the gradual increase in deepwater
developments. Due to the difficulty of taking
undisturbed samples in deep water there has been a
tendency to rely more on situ testing. Special
geotechnical problems associated with geohazard
evaluations have also inspired developments within
the field of in situ testing. In addition the general

competitiveness of the market has been a driver for
cost efficient solutions.
The scope for this paper is to present a summary
of equipment and techniques available today for
offshore in situ testing. Vessels used for deploying in
situ testing equipment will be briefly covered as well
as the different means of pushing in situ tools into
the ground. A range of tools that are in use today
will be described and sample results given where
appropriate. Interpretation in terms of soil design
parameters will be briefly reviewed in terms of the
applicability of the different tools for various
purposes. Some thoughts on possible future
developments will be included as well as recommendations as to when special in situ tests are most
relevant and useful.
Geophysical borehole logging or seismic
reflection or refraction techniques will not be
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included in this paper. Furthermore only ’standard’
size in situ tests will be dealt with and model tests
are not included herein and the reader is referred to
the overview given by Lunne and Powell (1992).
2 DEPLOYMENT
2.1 General

sectional area of 15 cm2 is normally used, although
in very soft soils use of cone penetrometers of up to
33 cm2 have been reported (Hawkins and Marcus,
1998). Under favourable conditions in soft soils
50 m penetration is possible. To avoid the rig
sinking into the soft seabed, a skirt underneath the
base of the seabed rig is frequently used. Presently
the water depth range of the Seacalf is 2-3000 m.

In order to push an in situ test tool into ground a
support vessel or operating platform is needed from
which the tool can be deployed. This deployment can
be either by pushing the in situ tool into the soil from
the bottom of a drilled borehole, called ’downhole’
mode, or directly into the seabottom, called seabed
mode, in the following.
2.2 Support vessels
In shallow water depth a jack up rig can provide the
platform for operation. In waters with strong currents
this is an especially favourable working platform. To
speed up movement from one borehole location to
another, the British company Seacore has developed
a ’walking’ jackup rig (Anonymous, 2000) that can
operate in 30 m water depth.
For seabed testing geophysical survey vessels or
supply vessels are frequently used. The testing rigs
can be operated over the side of the vessel or
frequently over the back using an A-frame.
For downhole testing drilling vessels with moon
pools are mostly employed. Anchored vessels are
still in use, but have water depth limitations of about
200 m. For deeper waters efficient operations require
the use of vessels with dynamic positioning.

Figure 1. Fugro’s Wheeldrive Seacalf seabottom rig (from
brochure).

2.3 Seabed testing
Until a few years ago only a few companies had rigs
for seabed in situ testing. With the development of
lighter rigs there are now quite a number of
companies worldwide that can offer seabed testing
especially for pipeline and cable route surveys where
penetration of only 3 – 5 m is required. In the
following, rigs of ’normal’ size, capable of
penetrating 40 – 50 m below seabed and ’minirigs’
with a limited penetration, are discussed separately.
2.3.1 ‘Normal’ size rigs
In the first years of offshore investigations, from
about 1972 to 1983, seabed rigs used a hydraulic
cylinder to push in the cone rods in a discontinuous
manner with stroke length of up to 0.9 m. Nowadays
the majority of testing is done with continuous
penetration.
Figure 1 shows the Wheeldrive Seacalf operated
by the international company Fugro. This rig secures
continuous penetration using a steel wheel to drive
the cone rods. A cone penetrometer with a cross

Figure 2. ROSON rig with one set of roller wheels (from
brochure).

The ROSON rig developed and manufactured by
the Dutch company A.P. van den Berg is now
operated by several companies; Fig. 2 shows a
typical version where electrically operated steel
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wheels are used to drive the rods continuously. With
one set of ’roller’ wheels as shown in Fig. 2 the total
thrust is normally limited to 5 tons.
2.3.2 Minirigs
Another rig manufactured by A.P. van den Berg and
operated by the British company Gardline is shown
in Fig. 3. This rig, in its light weight version has a
base area of 2.25 m2, weighs less than 3 tons, has a
water depth limitation of 2000 m and has a thrust
capacity set at 1 ton. The penetration is normally
limited to 5 m. Further the rig is battery powered and
data from the testing is transferred to the support
ship by acoustic telemetry. Thus only a single
mechanical cable is used while the results are still
available in real time. In addition subsea data storage
is providing extra security. A 2 cm2 piezocone is
normally used, although 5 and 10 cm2 piezocones
can also be used, when the base dimensions and
weight are somewhat increased.

Figure 4. The Seascout mini rig (after Power & Geise, 1994).

The latest of these minirigs are now being
developed to work in up to 3000 m of water using a
2 cm2 cone penetrating to depths of 15 m.
One aspect of the use of ’minirigs’ is that the
cone penetrometers used are less than the standard
(10 cm2), which is dealt with below when the
various in situ testing tools are discussed.
2.4 Downhole testing

Figure 3. Gardline’s CPT rig with acoustic telemetry (from
brochure).

Yet another minirig that has been much used is
the Seascout operated by Fugro. This rig is shown in
Fig. 4 and uses a coiled rod and a wheeltype thruster
unit which is driven by a battery operated hydraulic
power pack. The piezocone penetrometer used has a
cross sectional area of 1 cm2. This rig weighs only
1 ton and is presently rated to 2000 m water depth
(Hawkins and Marcus, 1998). Maximum penetration
below seabed is 5 m with the possibility of extension
to 10 m. The rig is deployed using a combined lifting
and logging cable giving results in real time.

In this case the in situ probe (e.g. cone penetrometer)
is pushed into the soil below the drill bit. Drill string
control is mainly achieved through the ship’s heave
compensator and a seabed jack that can grip the drill
string when the in situ test is to be carried out at the
required depth. In soft soil additional drill string
control is achieved by using a ’hard tie’ system
where the drill string compensator is connected to
the sea floor jacking unit compensator (Amundsen et
al., 1985).
In shallow water the in situ tool is pushed into the
soil below the bit using a hydraulic cylinder powered
through an umbilical while real time results can be
monitored on deck. A pushing force of 10-12 tons
can normally be achieved and the stroke length is
limited to 3 m.
In deep waters Fugro now operates a system
called XP for pushing in situ tools in downhole
mode. This system operates without an umbilical
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it can also be even worse than the example shown in
Fig. 6. The aspect of soil disturbance due to drilling
is also dealt with in subsequent sections when the
various in situ tools are discussed.
Cone resistance, qc (MPa)
Sleeve friction, fs (MPa)

Pore pressure, u
(MPa)

Depth below seabed (m)

cable. The tools are allowed to free fall within the
drill string and are retrieved on a wire line using an
overshot. They latch in at a bottom-hole-assembly
located immediately above an open centre drill bit.
Mud pressure is used to push the in situ tool into the
soil below the drill bit. Upon retrieval the data stored
in a memory unit is downloaded to a computer and
the results can be printed out. Fig. 5 shows in principle the XP system.

Figure 6. Example of downhole CPTU showing soil
disturbance due to drilling.
qc (MPa)

The in situ testing tool should be pushed a certain
distance below the bottom of the borehole before
disturbance due to drilling is overcome. This
distance depends on how carefully the drilling is
carried out, the capacity and reaction time of the
heave compensator and other factors. Fig. 6 shows
an example from offshore Norway where the hardtie
system was not working well due to some problems
with freezing in subzero temperatures. It can clearly
be seen from the measured cone resistance and pore
water pressure that the first 0.4 to 0.8 m below the
bottom of the borehole for each stroke are not
representative for the in situ soil conditions. In the
interpretation of the results in terms of the soil
profile and soil design parameters this must be taken
into account. It is also important to bear in mind that
the samples taken in between the CPT strokes will
equally be affected by soil disturbance. Fig. 7 shows
another example of a downhole CPTU result. In this
case it can clearly be seen that the soil disturbance is
much less and the quality of the CPTU results is
higher. In most cases the disturbance due to drilling
will be in between the two examples just shown, but

fs (MPa)

Pore pressure, u2 (MPa)

Friction ratio, Rf (%)

Depth below seabed (m)

Figure 5. Fugro’s downhole XP system (after Hawkins &
Marcus, 1998).

Figure 7. Example of downhole CPTU with little soil
disturbance due to drilling.
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2.5 Advantages and disadvantages of traditional
seabed and downhole testing methods
When planning a soil investigation, especially for
large projects, a strategy should be worked out
regarding whether the in situ tests should be done in
downhole mode, in seabed mode or in a combination
of the methods. As a guide, the following aspects
should be considered:
2.5.1 Advantages of the downhole type testing:
Penetration below seabottom can be large, only
limited by the drilling system;
 penetrations to 150 m and more are quite
common in normal operations
 hard layers can be penetrated by drilling
 it is possible to do a combination of different
types of in situ tests and /or sampling in the same
borehole
2.5.2 Advantages of the seabed type testing
includes:
 Easier and quicker deployment; it may be
possible to do a series of tests at different
locations without hoisting the deployment rig up
and down. Especially in deeper waters this may
be a large time saver
 The problem of disturbance due to drilling is
eliminated and the quality of the testing will be
higher
Examples of the two methods of carrying out in situ
tests are including in later parts of the paper.

2.6 New alternative downhole wireline method
The Italian company SPG and the Swedish company
ENVI have together developed a new alternative
method for carrying out CPTU in a borehole. Figures
8 and 9 outline the method. A cone penetrometer
protrudes in front of the drill bit during drilling in
the same way as a corer. CPT data are stored in a
memory unit (Memocone). At the same time as the
CPT data are logged drilling parameters (drill bit
load, torque, rate of penetration and fluid pressure)
are also recorded. If a hard layer is encountered the
CPT unit will be pushed into the drill bit and thus
protected; the CPT system can also be retrieved
using a wireline thus allowing cores to be taken.
Fig.10 gives a typical example from a profile with
this system. It is thought that the combination of
both CPT and drilling parameters will be a very
powerful basis for interpreting the data. The
advantage of this system compared to the downhole
type CPTU described above is that much longer
strokes than the normal 3 m can be made; in addition
the information from the drilling parameters will be
very useful, especially in hard formations where
CPTU cannot be performed. Further studies are
planned to verify that the results from CPTUs carried
out this way are similar to CPTUs carried out in the
traditional way. It is also expected that future
development work will improve the method in terms
of the procedures for carrying out the tests.

CPTwd- GENERAL VIEW- DISASSEMBLED-

Drive rod

Pre-assembled
memocone-internal
part of CPTwd barrel

Recovering device

Containing the safety
device

Rotating part (in
red) of CPTwd barrel
with special bit

1: - recovering device wire-line
2: insertion to the rod and clamps
3: clamps (angler)

No coring assembly

4: connection for bearings-bearings holder
5- bearings

External part of CPTwdbarrel

6:- water filled chamber
7: core barrel (WLCPT BARREL)
8: -external casing rods
9: precalibrated safety valve
10-internal piston barrel
11: piston
12:-holes for water flush

Manual pump to
pressurise the safety
device by emulsioned
water

13 guide
14:widia external shoe
15: ENVI special designed memocone
16 internal adaptable BIT with radial slots for mud
injection

Figure 8. New type of CPT while drilling a
system (after Sachetto, 2001).

Figure 9. New type of CPT while drilling a system
(after Sachetto, 2001).
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Table 1 : Overview of in situ testing tools for offshore soil investigations.
In situ test method

Category Main purpose

CPT/CPTU

A

Vane
Seismic CPT/CPTU

B
B

BAT/DGP

B

Piezoprobe

C

T-bar
Electrical resistivity

C
D

Nuclear density
Dilatometer

D
D

Heat flow
Pressuremeters

D
D

Hydraulic fracture

D

Notes: A :
B:
C:
D:

General profiling and soil parameter
determination
Undrained shears strength of clays
Shear wave velocity in addition to CPT/CPTU
use
Pore water/gas sampling and determination of
gas content
In situ pore water pressure
Coefficient of consolidation
Undrained shears strength of soft clays
In situ density of sands
Contamination
In situ density of sands
General profiling and soil parameter
determination
Thermal properties
Stress strain properties; in situ horizontal
stress
Conductor setting depth

Widely used
Used regularly for specific purposes
’New’ tools starting to be used regularly
Used occasionally last 10 – 15 years

Dealt with in
paper
(1)

Main reference on applicability
Lunne et al. (1997)

(1)
(1)

Chandler (1986)
Campanella and Davies (1994)

(1)

Mokkelbost and Strandvik (1999)

(1)

Dutt et al. (1997)

(1)
(2)

Randolph et al.(1998)
Campanella and Kokan (1993)

(2)
(2)

Tjelta et al. (1986)
Marchetti (1997)

(2)
(2)

Zielinski et al. (1986)
Clarke (1995)

(2)

Aldrigde and Haaland (1991)

(1) Specific aspects discussed in detail
(2) Reader referred to key reference for description

all in situ testing offshore consists of CPT/CPTU.
There is a tendency for the CPTU to be used, not
only as a logging tool, but also to define soil
parameters for foundation design or evaluation of
geohazards. This is especially so in deep waters
where it is difficult to take good undisturbed
samples. It is therefore more and more important that
the results from the CPTU are accurate and
repeatable. The correction of the cone resistance for
pore pressure effects have been accepted by the
industry (e.g. Lunne et al., 1997) and this has lead to
increased reliability of the results.
Two other aspects will be dealt with in the
following which have a bearing on the accuracy of
test results:
Figure 10. Example result of new type CPT while drilling (after
Sachetto, 2001).

3 IN SITU TESTING TOOLS
3.1 General
Table 1 gives a list of in situ testing tools reported to
have been used offshore. Other very special methods
may also have been used, but are not covered in the
following discussion.
3.2 Cone penetrometer/piezocone
The cone penetrometer is now regarded by the
industry as essential in most offshore soil
investigations; it is estimated that more than 95% of

3.2.1 New international reference test procedure
The International Society of Soil Mechanics and
Geotechnical Engineering (ISSMGE) have introduced the use of accuracy classes in the latest
version of the International Reference Test
Procedure (IRTP) for the Cone Penetration Test
(ISSMGE, 1999). The IRTP presents the requirements listed in Table 2.
For deepwater piezocone testing there are several
favourable factors; the most important being steady
temperatures and high backpressure on the pore
pressure measurement system.
Peuchen (2000) discusses the accuracy that may
be achieved in deepwater CPTUs. He evaluates both
seabed and downhole CPTs. The first type of test is
normally zeroed at the seabottom to hydrostatic
pressure at the start of the test with a zero- correction
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uncertainty approaching the resolution of the CPT
system. For downhole tests the CPT system latches
into the bottom end of a drill pipe where the fluid
pressure conditions may not be in full equilibrium
with the surrounding ground water pressure. This
introduces uncertainty about the required zerocorrection value. In addition comes the uncertainty
about soil disturbance at the bottom of the borehole
which has been mentioned previously in this paper.
Peuchen concludes that for the seabed system the
uncertainty for u and qc is about 10 kPa thus
complying with accuracy Class 1 according to Table
2. However, in the author’s opinion this is strictly
true only if the measured pore pressure is larger than
500 kPa. Thus it is possibly better to say that the
seabed type CPTU is approaching Class 1 as given
in Table 2. The corresponding uncertainty for a
downhole system is probably in the order of
100 kPa, thus complying with accuracy Class 2.
Table 2 Requirements according to ISSMGE (1999).
Test
class

Measured
parameter

1

Cone resistance
Sleeve friction
Pore pressure
Inclination
Penetrated depth
Cone resistance
Sleeve friction
Pore pressure
Inclination
Penetrated depth
Cone resistance
Sleeve friction
Pore pressure
Inclination
Penetrated depth
Cone resistance
Sleeve friction
Penetrated length

2

3

4

Allowable
Maximum length
minimum
between
accuracy
measurements
50 kPa or 3%
20 mm
10 kPa or 10%
5 kPa or 2%
2
0.1 m or 1%
200 kPa or 3%
20 mm
25 kPa or 10%
25 kPa or 2%
2
0.2 m or 2%
400 kPa or 5%
50 mm
50 kPa or 15%
50 kPa or 5%
5
0.2 m or 2%
500 kPa or 5%
100 mm
50 kPa or 20%
0.1 m or 1%

Notes: The allowable minimum accuracy of the measured
parameter is the larger value of the two quoted. The
relative or% accuracy applies to the measurement rather
than the measuring range or capacity. Method for
calculation of penetration depth from penetrated length
and measured inclination is given by ISSMGE (1999).
Class 1 is meant for situations where the results will be
used for precise evaluations of stratification and soil
type as well as parameter interpretation in profiles
including soft or loose soils. For Classes 3 and 4, the
results should only be used for stratification and for
parameter evaluations in stiff or dense soils. Class 2
may be considered more appropriate for stiff clays and
sands.

Peuchen backed up this evaluation with the
example in Fig. 11 which shows a comparison of test
results obtained by seabed and downhole CPT
systems. The test locations are within an area of
about 5 km by 10 km. The water depth range is 1280
to 1400 m. The examples clearly illustrate the
excellent performance of the seabed system, taking

into account the wide spacing of the locations. The
higher uncertainty applicable to a downhole system
is also evident.
3.2.2 Use of non-standard size cone penetrometer
It was mentioned above that in the offshore site
investigation industry a wide range of sizes of cone
penetrometers are used. For seabed testing use of 15
cm2 cone penetrometers have been accepted for
many years. For downhole testing 10 cm2 cone
penetrometers have dominated. As mentioned above
the use of minirigs has meant that cone
penetrometers with cross-sectional areas as small as
1 cm2 are being employed. Previous studies on scale
effects between cone penetrometers (e.g. Lunne et
al.,1986 and Tumay and Lima, 1992) has shown that
15 cm2 cones can give analogous results to the
standard 10 cm2 cone. Powell (2001) report good
general agreement between 10 and 15 cm2 cones in
clays. For cones with a cross sectional area varying
from 5 to 15 cm2, De Ruiter (1982) reported that
differences in the cone resistance and sleeve friction
are not significant. The new IRTP (ISSMGE, 1999)
acknowledges this experience and allows some
flexibility with regards to size:
Quote: ‘The cross-sectional area of cone shall
nominally be 1000 mm2 , which corresponds to a
diameter of 35.7 mm. Cones with diameters between
25 mm (Ac = 500 mm2 ) and 50 mm (Ac = 2000 mm2)
are permitted for special purposes, without the
application of correction factors. The recommended
geometry and tolerances should be adjusted
proportionally to the diameter’.
A recent study by Titi et al. (2000) described a
field testing programme to systematically compare
results of cone penetrometers with x-sectional areas
of 15 and 2 cm2. Parallel tests were carried out in
soft clay, stiff clay and compacted clay in Louisiana,
USA. Based on a statistical study of the average
results from 3 clays, Titi et al. concluded that the
cone resistance, qt, was 11% higher for the 2 cm2
cone compared to the 15 cm2 cone. On the other
hand the sleeve friction was about 9% lower for the
2 cm2 cone relative to the 15 cm2 cone penetrometer.
Titi et al then recommended to use these numbers to
correct the results of the 2 cm2 cone penetrometer
before interpretation in terms of soil parameters. One
aspect that must be born in mind when evaluating
the results of Titi et al. is that the soils they tested
were to some extent layered. For layered soils the
larger cone penetrometer needs a thicker layer to
reach a steady cone resistance. Therefore in the thin
layers the small cone may reach a ’plateau’ while
this may not be so with the larger diameter cone
penetrometer.
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Figure 11. Results of Seabed CPT’s and downhole CPTs in deep water (after Peuchen, 2000).

Soil profiling

Soil identification

Table 3. Summary of perceived interpretation capability of offshore in situ tests.

CPTU

1

1-2

Vane

-

-

SCPTU

1

1-2

BAT/DGP

-

-

T-bara

2

-

Piezoprobe
Electrical
resistivity b
Nuclear
density b
Hydraulic
fracture
Heat flow

-

-

-

-

-

-

-

-

-

-

Dilatometer
Cone
pressuremeter
(PCPTU)

2

2

1

1-2

Test tool

Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand
Clay
Sand

Strength
parameters

Initial state

Soil
type
, Dr

u

3
2
3-4
2
1-2
2
1-2
3
2
3
2

2
1
2
1
1-2
1
2
2
2
1

OCR Ko
3
4
2-3
3
4
3
3
4
3
4

4-5
4-5
2f
4-5
4-5
2c
2-3
2-3
3
3
3

Deformation
parameters

Flow
characteristics

Special application

su

St

c,'

E,G

M

Gmax

k

2
1-2
2
1-2
3
2
-

2-3
1
2-3
1-2
-

3-4
2
4
3-4
2
-

5
3-4
4-5
5
3-4
-

5
2-3
5
2-3
-

4
2-3
1
1
-

2-4
2-4
12
12
3
-

-

3
3-4
2

2-3
2-3
1-2e
1-2e

2-4
2-3
5
2-3

4
3
3-4
2-3

- Conductor installation
- analyses
- Thermal conductivity
3-4 3-4
2-4 2-3
-

2-3

ch
2-3 Liquefaction potential
2-3
2-3
2-3
2
-

Liquefaction potential
Shallow gas detection

In situ pore water
pressure
Soil density, sands
only
Soil density

RATING

: 1. High reliability; 2. High to moderate reliability; 3. Moderate reliability; 4. Moderate to low reliability; 5. Low
reliability.
LEGEND
: a. Soft clay only; b. May be coupled w/CPTU; c. If hydraulic fract. test; d. For selfboring device; e. Unload/reload
modulus; f. When copuled with CAUC test.
SOIL PARAMETER :  = soil unit weight; Dr = relative density; u = in situ pore pressure; OCR = overconsolidation ratio; Ko = coefficient of
earth pressure at rest; su = undrained shear strength; St = sensitivity; c,' = effective stress shear strength parameters; E =
Young’s modulus; G = shear modulus; M = constrained modulus; Gmax = small strain shear modulus; k = coefficient of
permability; ch = coefficient of consolidation.
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One advantage of the smaller cone penetrometers
is that in layered soils they will give better
definitions of the layers. This was demonstrated in
laboratory experiments by Hird et al. (2001) who
also showed that by increasing the recording rate
(e.g. 100 readings per second), much more effective
use could be made of miniature piezocones to
determine the fabric of soils. In some cases this
could be an important issue.
The conclusion on cone size effects: in practice it
is suggested that cone penetrometers ranging in
diameters from 5 to 15 cm2 will give very similar
cone resistance values in most materials. For
diameters outside this range it is recommended that
correction of the results should be considered,
preferably based on site specific correlations.
Regarding interpretation of CPTU results a
comprehensive overview of methods to be used for a
range of soils is given by Lunne et al. (1997). A
summary is given in a subsequent section of this
paper, see Table 3.

For downhole tests Geise et al. (1988) demonstrated the importance of a good heave compensation
system and the necessity for the vane to be pushed a
sufficient distance into the soil below the drill bit. As
an example they showed how drilling with the hard
tie system caused less disturbance in the soil below
the drill bit resulting in higher shear strength values
in the soil within 1 m below the drill bit (see
Fig. 13).

3.3 Vane
The in situ vane test is primarily used in soft to stiff
clays with undrained shear strengths less than 200
kPa. It can be used in the downhole or seabed mode.
Geise et al. (1988) gave a comprehensive review of
vane design. Fig. 12 shows a typical example of a
wireline operated downhole vane. The reaction vane
is larger than the rotation vane and the torque versus
rotation is measured relative to the reaction vane.

Figure 12. Wireline operated vane apparatus (after Geise et al.,
1986).

Figure 13. Vane results illustrating effects of soil disturbance
caused by drilling (after Geise, 1988).

Vane tests can also be done in seabed mode using
large rigs as mentioned in the previous section on
seabed rigs. Tests have been done to 25 m below
seabed in this way with measurements normally
being taken at 1 m intervals.
Small rigs or templates can also be used for
shallow penetration vane test such as the Halibut
system described by Dutt et al. (1997). This type of
small vane rig can be deployed over the side of a
vessel or a drilling unit with a small crane and the
vane tests are performed at several penetration
depths. The test interval is increased in steps of
about 1 m and tests can be done at several locations
before bringing the rig back on deck. After a test at a
particular setting depth the rig must be retrieved to
deck to add ballast and rod lengths for the next
desired penetration. According to Dutt et al. this
system is capable of performing vane tests in very
soft cohesive sediments to a total penetration of
about 8 m. Fig. 14 shows one such example of a
small rig, the MARVANE, that has been used by the
American company MARSCO to do tests in a water
depth of 2100 m.
Dutt et al. (1997) reported that a new generation
of the Halibut vane has been developed which
allows vane tests to be performed at 1 m intervals up
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Undisturbed su (kPa)
Remoulded su (kPa)

Vane rotation (deg)
Figure 14. MARSCO’s Marvane (from
brochure).

Figure 15. Typical result of undisturbed and remoulded vane test results.

9 m of vane testing (in 1 m intervals) can be
accomplished in three deployments. The Halibut
vane utilizes a wireline umbilical for lifting, test
control and data acquisition, allowing real time
monitoring of the test results.
The MARVANE uses a memory unit on the rig to
collect the torque data which is retrieved when the
vane is lifted back on the vessel. In this case a purely
mechanical lifting wire can be used.
Normally the torque is measured as a function of
the degree of rotation so a complete ’stress strain’
curve is obtained and not just the maximum torque.
See a typical result in Fig. 15. This information has
the potential to provide information on the shear
modulus of the clays tested. The remoulded
undrained shear strength may also be measured as
shown in the example in Fig. 15.
A comprehensive review of interpretation of the
vane test was presented by Chandler (1986). It must
be born in mind that the undrained shear strength as
measured by the vane test is influenced by
anisotropy and rate effect and cannot be used
without corrections for geotechnical calculations
(e.g. Aas et al., 1986).
3.4 BAT/DGP probes
NGI is operating two probes which can be used to
sample pore water with any content of gas. Both
tools are pushed into the soil in the bottom of a
borehole using the same equipment as for a CPT.
The sample of pore water/gas can be analysed
onboard the vessel using a gas chromatograph for its
content of hydro carbon gases.

The BAT probe is operated with a cable and has a
depth limitation (water depth plus depth below
seabed) of about 700 m. The main parts of the BATprobe, as shown in Fig.16 consist of a stainless steel
container for high pressure water-gas samples, a
pressure transducer to monitor the pressure inside
the container during sampling and a filter tip unit.
Each end of the container, the bottom part of the
transducer unit, and the upper part of the filter unit,
have a rubber disc for sealing off the individual
parts. Connections between the filter, the container
and the transducer are made using two sets of spring
loaded, double ended hypodermic needles. Once the
BAT probe is penetrated to the desired test level the
motor is activated to connect the container to both
the transducer and the filter through the spring and
the double-ended hypodermic needle units. When
sampling the pressure in the container is much lower
than the ambient pore water pressure and water will
start to flow into the container. The change in
pressure is read continuously with time and this
information can be used to compute the permeability
of the soil in the vicinity of the filter. The pressure vs
time information can also be used to compute how
much pore water has entered the container so that the
operator can determine when sufficient sample has
been obtained. At this time the motor is reversed,
bringing the container, the filter and the transducer
apart, thus sealing off the water-gas sample inside
the container. The BAT-probe is then brought back
on deck and dismantled. The in situ gas collected in
the container is analysed after each test using a field
gas chromatograph on board the vessel to determine
the composition of the gas and the concentration of
each gas as explained under interpretation below.
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See Rad and Lunne (1994) and Mokkelbost (1996)
for more details.

brought back on deck. Since there is no
communication with the DGP during a test, the
sampling time is programmed prior to launching the
tool. The sampling time can be set to anything from
a few minutes to several hours, depending on the soil
conditions. The DGP is designed for use in soil
conditions ranging from soft clays to dense sands.

Figure 16. NGI’s BAT probe.

For deep waters NGI has developed the so-called
Deepwater Gas Probe (DGP) as described by
Mokkelbost and Strandvik (1999). This probe can be
operated in downhole mode without the use of an
umbilical cable. The probe is capable of working in
water depths down to 2000 m. The DGP consists of
a stainless high strength steel body with a conical tip
at the lower end followed by a sintered stainless steel
high entry filter (see Fig. 17). The total length of the
tool is about 1700 mm and with an outer diameter of
36 mm. The filter has a length of 120 mm. The probe
is fully self-contained and can be installed into the
subsoil using the pushing equipment as for a CPT.
The DGP is designed to work with deployment
systems like the XP-system operated by Fugro and
can withstand the shock forces during the free-fall
installation.
The DGP has a 100 ml internal container with an
inflow valve that can be opened and closed to seal
off the pore water/gas sample. The probe has a
pressure transducer and a temperature chip that
monitor the development of pressure and
temperature inside the container during a test. The
data are transferred from two internal memory units
to a computer for further analysis once the probe is

Figure 17. NGI’s Deepwater Gas Probe (after Mokkelbost and
Strandvik, 1999).

Interpretation of BAT/DGP results can be done
on-board immediately after the tool is back on deck.
The degree of pore water-gas saturation, , is
defined as the amount of gas dissolved in the pore
water divided by the maximum amount of gas that
71

0

Gas saturation, %
10
20
30
40

In situ soil temperature, deg.C

-4

50

4

8

12

16

0
Legend
Boring A
Boring B

100

200

Depth below seabed, m

0

Depth below seabed, m

0

100
b

200
Legend
Boring A
Boring B

a

300

300

Figure 18. Results of DGP tests in Norwegian Sea (after Mokkelbost and Strandvik, 1999).

can be dissolved in the pore water under the in situ
conditions. An -value of 100% indicates that the in
situ pore water is fully gas saturated for that
particular gas and free gas may be present at the
depth where the pore water/gas is sampled. The
trend of dissolved gas content with depth may be
used to predict gas pockets ahead of the drill bit
during soil investigations or drilling operations. In
many cases it has been observed that sediments
overlying a gas charged permeable zone, e.g. a sand
layer, will have a gas content that increases with
depth and reaches an -value close to or equivalent
to the gas charged layer. Thus a warning may be
obtained that a layer with free gas exist ahead of the
drilling depth.
Figure 18 shows the results from DGP tests in
two boreholes in the Vøring area of offshore Norway
carried out on behalf of the Norwegian Seabed
Project. The water depths at the two boreholes were
532 and 966 m, respectively. The deepest test was
304 m below seabed.
The purpose of the soil borings was to collect data
for increased knowledge on regional geology and to
get first knowledge on geotechnical conditions in the
area.
Relatively low - values were obtained in the two
borings with pore-water gas saturation generally
below 5% in the upper 60 m of the profile, and
typically less than 22% in the depth interval 200 to
300 m. The temperature profile is presented in
Fig. 18b. It is interesting to note the difference in
seabed temperature of 4.8C from the ’shallow’
boring in 532 m water depth to the deep boring in
966 m water depth where the seabed temperature
was about -1 C. The boring in shallow water
reflects a thermal gradient of about 4C/100 m while
the deep boring reflects a gradient of about
5C/100 m. The subzero seabed temperatures in the

Norwegian Sea deep waters are caused by cold water
currents which dominate the environments.
3.5 Piezoprobe
In connection with geohazard studies it is very
important to determine if the in situ pore pressure
deviates from the hydrostatic. Onshore the in situ
pore pressure can normally be determined from
installed piezometers. In the offshore environment
this can in most cases not be done due to operational
and cost problems. An alternative is to carry out
dissipation tests with a standard size piezocone. The
problem with this approach is that for testing in clays
a dissipation time of several days may be required in
order to get a reliable definition of the in situ pore
water pressure. Due to the cost of soil drilling
vessels this approach may be very costly. Logging
capacity can also be a limitation (Dutt et al., 1997).
Since the time to achieve full dissipation for a
cylindrical probe is proportional to the square of the
probe diameter it is obvious that using a probe of
smaller diameter will be efficient in reducing the
required dissipation time. Since dissipation tests are
frequently required to quite large depths below
seabed it is important that the probe is sufficiently
strong not to be bent or damaged during insertion
into the soil.
Dutt et al. (1997) describe a piezoprobe with a
6.35 mm diameter used in the Gulf of Mexico. Fig.
19 shows the piezoprobe used by NGI. In this case
the thin probe has a diameter of 9.5 mm and a length
of 109 mm.
Sutabutr (1999) used the MIT-E3 Model to
predict the dissipation around a piezoprobe for
Boston Blue clay. His work showed that the
dissipation response can be divided into 3 stages: (i)
initial dissipation that is controlled by the radius of
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the extension piece, (ii) a transition stage,
characterized by marked retardation of the
dissipation response due to migration of pore water
generated around the cone rods, and (iii) long term
response that converges to the behaviour of a
conventional standard size cone penetrometer.

geometry, dimensions and material of the probe,
instrumentation and interpretation of results.
One example at the end of the paper illustrates the
practical use of the piezoprobe.

Time Factor, T

a). Theoretical prediction

Figure 19. NGI’s BAT Piezoprobe.

Figure 20a, taken from Sutabutr (1999), shows
predicted dissipation curves for Boston Blue Clay
for a simple pile (which represents a standard piezocone) and a tapered piezoprobe. It can be seen that
the theoretical solutions do not vary so much for
OCR between 1 and 2. Fig. 20b shows that real in
situ, measured dissipation curves confirms the
theoretical predictions for Boston Blue Clay.
Sutabutr (1999) suggested an interpretation
method utilizing measurement of pore pressure
dissipation at two locations on the piezoprobe: one
on piezoprobe extension piece (as shown in Fig. 19)
and a second one located just above the tapered
section on the standard diameter cone rod. Sutabutr
showed this method to work well for Boston Blue
Clay. To the authors knowledge this method has not
been tried out in other clays.
One problem with the piezoprobe is that the thin
probe is quite vulnerable to damage. It is expected
that the piezoprobe and its offshore use will see
interesting developments in the near future:

b). Measured curve
Figure 20. Theoretical prediction and result of piezoprobe test
in Boston Blue clay (from Sutabutr, 1999).

3.6 T-bar
The T-bar is a ’flow-round’ type penetrometer,
where (apart from the rods used to push the
penetrometer into the soil) the soil is allowed to flow
around the penetrometer as it penetrates the soil. The
T-bar is really a modified cone penetrometer with a
steel bar welded perpendicular to the cone
penetrometer as shown in Fig. 21. The cylindrical
bar is 250 mm long with a 40 mm diameter, the
projected area is thus 100 cm2. It is penetrated at the
same rate as the CPT, i.e. 20 mm/sec.
According to Randolph et al. (1998) the T-bar has
the following advantages over the CPT:
 The overburden stress is in equilibrium above and
below the penetrometer (apart from the area of
the push rods themselves - typically 10% of the
area of the bar), and so the load cell measures
only the differential force needed to penetrate the
bar. Thus the load cell can be of higher resolution
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(also because the area is much larger than for the
cone penetrometer).
 The penetration resistance may be calculated
directly by plasticity solutions of numerical
analysis, and should depend only on the shear
strength of the soil, independently of the rigidity
index (G/su, where G is the shear modulus) or on
the in situ stress conditions.
 The T-bar resistance may be measured during
extraction as well as during insertion, which
allows an assessment of the remoulded shear
strength and hence the sensitivity.
Stewart and Randolph (1994) recommended
interpretation by making use of the plasticity
solution for limiting pressure acting on a cylinder
moving through a purely cohesive soil. The analysis
assumes full closure of the soil behind the cylinder
(or bar), such that a gap does not occur. The
theoretical solution results in a simple expression for
the limiting force acting on an infinitely long
cylinder:

P
 NT
su  d
where P = force per unit length acting on the
cylinder; d = diameter of the cylinder; NT = bar
factor; su = undrained shear strength.

used, and also for the T-bar a cone factor of 10.5 was
used.
The CPTU su-value falls close to the CAUC tests
while T-bar falls closer to the DSS test results.
Randolph et al. noted that one possible
explanation for the divergence of T-bar and CPTU
derived su-values with depth is strength anisotropy.
The ‘average’ strength deduced from the CPTU is
most influenced by the soil response in triaxial
compression (e.g. Baligh et al., 1986), where the
undrained shear strength is larger than in other
shearing modes, such as simple shear or triaxial
extension. The symmetry of the T-bar deformation
field, with full flow around the probe, is more likely
to yield an average strength, which is generally close
to that measured in direct simple shear. The present
author believes that strain softening and rate effects
also may be of importance in the understanding of
the difference between the two testing devices.
Finally it should be mentioned that Randolph et al.
found that the ratio of extraction to insertion
resistance for the T-bar test gave a good measure of
the clay sensitivity. It is, of course, very important
that the T-bar is not in any way rotated for the
measurement of remoulded shear strength to be
reliable. The main potential for the T-bar is testing
of shallow very soft clays where the measured cone
resistance in a CPT will be very small.

Figure 21. T-bar (from Randolph et al., 1998).

From a theoretical viewpoint one advantage of the
T-Bar relative to the CPT is therefore that it is not
necessary to make any correction for the stress level.
An exact plasticity solution for NT, confirmed by
finite element analysis, has yielded a range between
9.1 (smooth) and 11.9 (rough).
Stewart and Randolph (1994) recommended an
intermediate value of 10.5.
Randolph et al. (1998) give results of T-bar tests
from a soil investigation in 380 m water depth
offshore Australia.
Figure 22 shows results of 11 CPTs and 11 T-bar
tests in terms of the measured cone resistance and Tbar resistance. Fig. 23 shows results of undrained
shear strength interpreted from in situ CPT, T-bar
and vane tests and also CAUC triaxial and DSS
tests. For the CPTU a cone factor (NKT) of 10.5 was

Figure 22. Results of T-bar and piezocone tests offshore
Australia (after Randolph et al., 1998).

Figure 23. Undrained shear strength interpreted from results in
Fig. 22 compared to DSS, CAUC triaxial and in situ vane tests
(after Randolph et al., 1998).
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3.7 Seismic cone
The dynamic (or initial or maximum) shear modulus,
Gmax, is an important soil parameter for offshore
structures, and especially for deep water platforms
where dynamic behaviour may be the critical issue.
Onshore Gmax has traditionally been measured in
situ by surface techniques, or with the cross-hole
methods which requires 2 or more boreholes or
downhole which uses a surface source and receivers
in a borehole. Recently the seismic cone has
facilitated more efficient downhole measurements.
The modern version of the seismic cone was
developed at the University of British Columbia
(UBC) initially for onshore use (Campanella et al.,
1986).
Over the last 15 years seismic piezocone testing
has become a practical test offshore, notably in the
North Sea, and tests may be carried out both in the
seabed and the downhole modes.
Figure 24 shows the setup used by FugroMcClelland for downhole testing (Lange et al.,
1990). The seismic source is now an Hydraulic
Underwater Shear Wave Box (HUSHBOX). As this
system is integrated in the underwater hydraulic
power system, an unlimited number of blows can be
generated for signal stacking. According to Lange et
al. One blow of the HUSHBOX produces
sufficiently strong shear wave signals to a depth of
40-50 m. Below this depth several blows can be
stacked to improve signal to noise ratio and testing
has successfully been achieved down to 100 m.

Normally travel times are recorded at different
depth intervals so that average shear wave velocities
(Vs) can be computed in each depth interval. Gmax
can then be computed in these intervals using elastic
theory:
Gmax = Vs2  
where  is soil density.
Figure 25 shows an example from an offshore site
where Gmax computed in this way is compared to
results of laboratory measurements (from Lange et
al., 1990).

Figure 25. Results of Gmax measurements at an offshore site
(after Lange et al., 1990).

Agreement between laboratory and in situ testing
for Gmax results is not always to be expected even in
the best quality tests. The anisotropy of the deposit
can significantly affect the results depending on the
orientation of the shear waves. This will be
particularly true in heavily overconsolidated clays
(Butcher and Powell, 1995).
When coupled with piezocone testing the seismic
cone is a very powerful tool. Also while doing the
seismic testing at a particular depth a dissipation test
can be performed simultaneously.
4 INTERPRETATION ON TERMS OF SOIL
PARAMETERS
Figure 24. Set up of seismic cone testing in downhole mode
(after Lange et al., 1990).

According to Butcher and Powell (1995) onshore
studies have shown that the use of two sets of
receivers either 0.5 or 1 m apart can greatly improve
the quality of the data produced by eliminating
problems related to triggering times. The data is also
specific to that particular depth.

Some aspects of the interpretation of in situ test
results have been dealt with in previous sections.
Table 1 also indicated some key references where
interpretation is included. As an overview, and also
to be able to choose the in situ test method for
specific purposes, Table 3 has been prepared. In
short it is felt that the piezocone test (CPTU) is the
most versatile tool currently available and should be
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included in important investigations. Other tools
may be added based on the local experience and the
engineering problem to be solved.
It must be noted that the evaluation shown in
Table 3 expresses the opinion of the author based on
his experience. It is to be expected that engineers
with other backgrounds and experience may have
opinions which deviate from that expressed in
Table 3. When deciding on which in situ test to use
the cost effectiveness of each device must also be
considered.
5 CASE HISTORIES
Three case histories from practical offshore soil
investigation projects are given below.

Figure 26 shows as an example the route for the
Europipe II pipeline where Statoil is the operator.
This pipeline route is about 650 km long. The distances between the testing locations were chosen
based on geophysical profiling and varied along the
route from 10 km to 50 m. The offshore part of the
soil investigation for this pipeline route consisted of
135 testing locations with an average penetration
below sea bottom of 3.4 m. Water depth varied
between 26 and 373 m. CPTUs were carried out at
all testing locations, vibrocore or gravity core
sampling were done at selected locations. Fig. 27
shows how CPTU results and laboratory tests are
combined at each testing location. At the locations
where no samples were taken the soil parameters
were based solely on the CPTU results.

5.1 North Sea pipeline investigation
Norway is a net producer of oil and gas and several
large pipelines have been laid from the Norwegian
Sector of the North Sea to the European continent. In
some areas the pipeline has had to be trenched for
protection, in other areas the pipeline have been laid
on the sea bottom. For analysis of pipeline/soil
interaction it is necessary to characterize the upper
3 m of the sea bottom soils. For all the soil
investigations for the pipeline routes the CPT has
been an essential part.

NKT = 15-20

Figure 27. Integrated results of CPTU and laboratory tests on
vibrocore sample, Europipe. Example location.

Figure 26. North Sea Pipeline (Europipe) from Norway to
Germany.

Based on the results of all field and laboratory
tests, as well as the geophysical profiles, the pipeline
route was divided into 39 sections according to soil
type and strength characteristics. For each section
soil parameters required for trenching evaluation or
pipeline/soil interaction were recommended; an
example for one section is given in Table 4. It should
be mentioned that with dynamically positioned
survey ships a soil investigation as described in this
example can be very efficient. A daily production of
25-30 testing stations several km apart is frequently
obtained.
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Table 4. North Sea pipeline recommended parameters to be used from KP 134.7 to KP 201.6.
Top Bottom
Layer
M

m

I

0

0.5-3

II

0.5-3

>3

Soil
description

Water
content

Total Friction
Attracsu
unit
angle
su top
tion
bottom
weight undrain
kPa
kPa
kPa
kN/m3
Deg

CLAY, very
soft, very
80-120 14-155
high plasticity
CLAY, soft
to medium

40-70

16-18.5

30

2

25
(2-3)

6
(5-8)

30

2

9
17
(8-10) (10-25)

M
St

Perm

D50

cm/sec

mm

K0
MPa

2-4 0.5-1.6 0.8-1.1 2E-07

0.0020.004

4-6

0.0060.008

16-5

1-1.5

5E-08

NOTES : Numbers in parenthesis show the variation
LEGEND : A = attraction (= c  cot friction angle in terms of effective stresses); su = undrained shear strength; St = sensitivity; M = constrained
deformation modulus; K0 = coefficient of earth pressure at rest; D50 = the size such that 50% of sample consist of particles having a
smaller nominal diameter

5.2 Typical investigation for a floating structure
with suction anchors, North Sea
For deep waters oil and gas field developments
floating structures anchored to the sea bottom by
suction anchors (e.g. Andersen and Jostad, 1999) are
now frequently used. Fig. 28 shows an example of
an anchor pattern for a floating production unit
(FPU) for the Visund field offshore Norway, where
Norsk Hydro is operator. In this case the water depth
is about 340 m, and 4 clusters each of 4 anchors with
an overall diameter of 2300 m were used. In most
cases it is most efficient to have the same anchor
geometry and dimensions for all anchors even if the
soil conditions can vary to some extent over such a
large area. In this case the soil investigation was
planned with expected suction anchor dimensions of
diameter 5 m and length 11-13 m. The main purpose
of the soil investigation was then to give input to the
design of a suction anchor that could be penetrated
in all cases and that would also have sufficient
bearing capacity. A soil investigation program of 9
boreholes to 15 m with a combination of CPTUs and
sampling in each borehole was designed. Fig. 29
shows an example of one of the anchor clusters were
3 soil borings were planned. Fig 30 shows the results
of down-hole CPTUs in one of the boreholes. In
Fig. 31 the results of the CPTUs have been
combined with data from laboratory tests on the
obtained samples. Based on correlations between a
number of CAUC triaxial test and the CPTU cone
resistance, qt, a cone factor of 13.5 was chosen. Fig.
31 shows a summary of CPTU and CAUC results for
all the 9 boreholes. Fig. 32 also shows that two shear
strength profiles were chosen for the static analyses;
one for calculation of skirt penetration resistance and
one for bearing capacity stability calculations. Based
on this input, cyclic loading effects studied in
laboratory tests, and the forces given, suction
anchors with dimension of diameter 5 m and length
11 m were found to be optional for all anchor
locations. The anchors were successfully installed in
1997 (Solhjell et al., 1998).

Figure 28. Anchor pattern for North Sea floating production
unit (FPU).

Figure 29. Example borehole locations for one anchor cluster
(Fig. 28 case history).

5.3 Shallow gas investigation offshore Malaysia
Lunne et al. (1996) describe an example of the
use of the BAT probe from offshore Malaysia at the
Duyong field. The Malaysian company Teknik
Lengkap Geotechnics (TLG) carried out a soil
investigation for the operator, Petronas Carigali, in
1993 in connection with a new platform. A gas blow
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Figure 30. Example down-hole CPTU profile (Fig. 29 case history).

Figure 31. Borehole combining results of CPTU and laboratory tests (Fig. 29 case history).
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Figure 32. Recommended design shear strengths for suction
anchors (Fig. 29 case history).

approaching the upper gas charged layer, and was
high between the two layers. An -value of 6% was
measured at 45 m depth, and = 30% was measured
at 77 m between the two layers. Due to the fact that
the gas charged layers were not homogeneous sand
layers but rather consisted of interbedded sand/silt
and clay layers and seams, and that gas kicks were
experienced every time these layers were punctured,
no pore water/gas samples could be obtained from
the gas charged layers. The risk of having free gas in
these two layers could therefore not be excluded.
In addition to BAT tests, piezoprobe tests were also
carried out in order to check if the gas charged layers
had caused any excess pore water pressure in the
clay. Lunne et al. (1996) reported the use of a thin
8 mm diameter piezoprobe. The result of one of
these tests is shown in Figure 34a. It can be observed
that for this particular test at 81.5 m an in situ pore
water pressure of about 230 kPa in excess of
hydrostatic was evaluated. The results of several
BAT tests gave a profile of excess pore water
pressure vs depth as shown in Fig. 34b.

Figure 33. Results of BAT tests at Duyong Field offshore
Malaysia (after Lunne et al.,1996).

out occurred when the drilling reached a depth of
59 m. A subsequent geophysical survey revealed two
major gas charged sequences, and a second pilot
boring at this location showed gas charged
sequences at 59 and 89 m. A desk study by NGI
concluded that the gas over-pressured sequences
were most likely due to leakage from the gas
reservoir along a well installed in 1983.
A special soil investigation was carried out by
NGI, as subcontractor to TLG, including BAT tests.
This investigation showed (see Fig. 33) that the
water-gas saturation was increasing when

Figure 34. Result of piezoprobe dissipation tests at Duyong
Field offshore Malaysia (after Lunne et al., 1996).
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These measurements were important input in the
evaluation of the effects of the gas on the bearing
capacity of the piles of the installed platforms. It
should finally be mentioned that CPTUs were also
an important part of the boreholes carried out during
the special soil investigation described above.
6 SUMMARY AND CONCLUSIONS
In situ testing is an essential part of offshore soil
investigations. In situ tests can be performed in two
modes: from the seafloor or socalled seabed mode
and in the bottom of a drilled hole, in downhole
mode. The need for investigations in deeper and
deeper waters has led to the development of light
minirigs which can be used to carry out shallow tests
from less expensive ships compared to traditional
more heavy equipment. Besides reducing the cost,
this type of equipment can be mobilized more
quickly. One problem that needs to be considered is
the use of non-standard sizes of in situ tools; e.g.
cone penetrometers with a cross sectional area of
1 to 5 cm2 are used instead of the standard 10 cm2 .
For ease of operation data from the tests are
frequently stored in memory unit instead of being
transferred through a umbilical. Systems utilizing
transfer of data by acoustic telemetry are also
entering the market.
For downhole testing basically two systems are
being used : the traditional where the umbilical is
used for powering the push-in operation and also for
transferring the signals in real time; and for deep
waters, where the mud pressure is used to push in the
in situ tool in the bottom of the borehole and the data
from the testing are stored in a memory unit.
When considering whether seabed or downhole
deployment should be used, the disturbance caused
by drilling should be taken into account; generally
higher quality test results can be obtained in seabed
mode compared to downhole mode. On the other
hand downhole testing can reach much larger
penetration. A new very interesting system, whereby
CPT can be carried out while drilling, facilitates
continuous testing to greater depth.
CPT/CPTU is by far the most important in situ
tests in offshore investigations today. Mini CPTs
that deviates from the standard 10 cm2 cone
penetrometer should not be used uncritically without
considering the possible size effects which may
affect measurements and interpretation and may also
vary from one soil type to another. In some
geographical areas the vane test is also used,
especially in soft clays. For special purposes the
seismic cone and the BAT/DGP probes are used on
large project where information on small strain shear
modulus or possible presence of shallow gas are
required.

Two new in situ tests are currently entering the
market: the T-bar for accurate determination of
undrained shear strength in very soft clays, and the
piezoprobe for assessment of in situ pore pressure,
which is particularly important for geohazard
studies.
Other in situ tools are available, or potentially
available, including: the pressuremeter, the dilatometer, the electrical resistivity probe, the hydraulic
fracture tool and heat flow probes. These tools are
not described in the paper but key references are
given.
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An overview of residual soils in Java, Indonesia, and implications for the
interpretation of in situ tests
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ABSTRACT: A brief overview is given of the geology of the island of Java relevant to geotechnical
engineering, followed by a description of the main residual soil types of engineering interest. These are the
clays of volcanic origin that are rich in the clay minerals halloysite and allophane. It is shown that while these
soils have quite distinct and unusual properties, they generally perform very well as engineering materials.
Specific aspects of their consolidation properties, shear strength, and compaction behaviour are described. The
properties likely to influence the results and interpretation of in situ tests are identified and discussed. To
illustrate the influence which volcanic origin may have on the results of in situ tests, some research work into
the penetration resistance of a pumice soil in New Zealand is described.
1 INTRODUCTION
This conference is being held in a wet tropical
country where soils of volcanic origin are relatively
widespread, especially in the islands of Sumatra,
Java, and Bali. The combination of these two factors
(tropical climate and volcanic origin) results in the
formation of particular soil types of unusual
properties. The primary purpose of this paper is to
give an overview of the geotechnical properties of
the more important of these soil types, and to
comment on them in the context of a wider picture
of residual soils. A secondary purpose is to raise the
issues that need to be taken account of in the
interpretation of in situ tests on residual and/or
volcanic soils.
2 GEOLOGY AND SOIL CONDITIONS IN JAVA
2.1 General
The writer’s knowledge and experience of
Indonesian soils is confined primarily to the island of
Java, and hence this overview applies specifically to
Java. While there are similarities between conditions
in Java and some of the other islands, especially
Sumatra and Bali, the conditions are by no means
identical. For example, parts of Bali are dominated
by a "welded tuff' (or ignimbrite), formed during the
cataclysmic eruption of Mount Batur some 20,000
years ago. This is the relatively soft grey rock widely
used in Bali for making stone carvings and for

decorative building work (in conjunction with red
bricks). It is also widespread in the Bukittinggi area
of Sumatra (e.g. in the Buffalo Canyon), but only
occurs in small pockets in Java. For a broad
overview or introduction to Indonesian geology the
reader is referred to Sukamto and PurboHadiwidjoyo (1997).
2.2 Broad picture of geological and soil conditions
A very broad geotechnical overview of the geology
of Java is shown in the schematic cross section in
Figure 1. For the purposes of geotechnical
engineering the soil types can be divided into three
broad categories.
1) Old formations not of volcanic origin: these are
mainly sedimentary formations (shales and
sandstones), but may include igneous rocks, such
as andesitic intrusions.
2) Young sedimentary formations: these are the soft
coastal marine clays, found especially along
Java's north coast.
3) Materials of volcanic origin: this is inevitably an
oversimplification, but it is a useful starting point
for coming to grips with the broad picture. Some
general points worth noting are the following:
 Materials of volcanic origin generally have
much better engineering properties then those
of sedimentary origin, even though these
properties may be unusual, or even
extraordinary.
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Figure 1. Schematic cross-section illustrating the geology of Java.


Category 1 above is responsible for many, if
not most, of the very intractable slope stability
problems found in Java. Such problems may
involve slips entirely within the old
sedimentary materials or may involve volcanic
deposits slipping on the underlying
sedimentary formations (mudstones or shales).
 Category 1 is also responsible for problems
associated with soil shrinkage and swelling.
 Category 2 provides many challenges for
structures in coastal regions - which is where
most of the engineering activity is. The
deposits can be very deep and quite varied.
 Category 3 soils are the most interesting from
a geotechnical perspective, because of their
"novel" properties, but not because they are
problem soils. They may be "problematic”
because of their unusual properties, but they
perform well as engineering materials
(Wesley, 1998).
The properties of the first two categories above
are similar to those of such soils wherever they are
found, and will not be discussed further here. The
third category is the main focus of this paper.
2.3 The volcanic soils of Java
Volcanic material in Java exists in the form of
breccia, tuff, tuffaceous sandstone, lahar flows, ash,
and occasionally lava flows. This material has
undergone weathering to great depths to produce
very fine-grained soils. These soils can be
categorised into two dominant soil types, closely
related to each other. The first is the red clay formed
on the lower slopes of the volcanoes right down
virtually to sea level, and the second is the yellowish
brown volcanic ash clay found on the higher slopes.
Basic properties of the soils are described by
Wesley (1973, 1977). The slopes of a typical
volcano in Java (and I believe also in Bali and
Sumatra) will be seen to consist of deep red and
reddish brown clays up to an altitude in the vicinity

of 1000 m. Generally, somewhat before the 1000 m
altitude is reached, the red colour starts to fade and
there is a general transition until above 1100 or 1200
m only brown and yellowish brown soil is found.
Local soil science terminology for the two groups (at
least in the 1970s) was latosol for the red clay, and
andosol for the yellowish brown volcanic ash soil.
However, in this paper the terms red clay and
volcanic ash soil will be used to identify the two
groups. The term volcanic ash soil is a rather loose
term; in this paper it refers only to the clay soils rich
in the mineral allophane (described below).
Figure 2 shows the approximate distribution of
the two soils groups in the island of Java.
Observation of these soils in the field demonstrates
very clearly that they have quite remarkable stability
characteristics. Much of the area covered by these
soils in Java and Bali is terraced rice fields; at the
higher elevations the slopes are frequently over 30
and may approach 45. During the rice growing
season the slopes are permanently saturated by
irrigation water flowing from one terrace to the next.
Despite the steep slopes and permanent saturation,
slips are rare in these terraced paddy fields. The soils
are not prone to swelling or shrinkage, and are
certainly not in the category of expansive clays.
Mineralogical studies show that in the volcanic
ash soils the dominant clay mineral is the amorphous
mineral allophane, while in the red clays it is
halloysite. Figure 3 illustrates some points about the
weathering process in the tropics. Allophane is an
amorphous clay mineral, while halloysite consists of
tubular or “scroll” shaped particles.
In Java the soils are quite young and the
weathering process does not appear to have
proceeded much beyond the halloysite stage. At high
altitudes the weathering process is slower and may
not in fact proceed beyond the allophane stage.
Along with clay mineral formation, the weathering
involves leaching out of silica materials and a
concentration of hydrated aluminium and iron oxides
84

Figure 2. Distribution of red (halloysitic) clays and volcanic ash (allophanic) soils in Java.

Figure 3. Soil formation processes in the Java situation.
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(the “sesquioxides”). Ultimately the concentration of
these materials results in the formation of laterites,
which are gravelly materials consisting of hard
“concretions” of iron and aluminium compounds.
Laterites are not found in Java, but can be found in
older volcanic areas in some other Indonesian
islands. There is no rigid boundary between these
materials, and volcanic ash soils -and the red clays
are likely to contain both allophane and halloysite.
The process of leaching out silicate minerals with a
concentration of iron and aluminium oxides appears
to take place regardless of the parent material. In
some areas of Java where old sedimentary layers
(shales and mudstones) occur in hilly terrain, the soil
at the surface, especially at the crests of hills, is
generally red or reddish brown, indicating the
presence of iron oxide. Whether the weathering of
the shales and mudstones improves their engineering
properties is not known. This is a topic on which no
research has been carried out, as far as the writer is
aware.
A summary of the predominant characteristics of
the red clay and volcanic ash is as follows:
a) Both soil types:
 Have high strength, low compressibility, and
generally do not exhibit significant
shrink/swell characteristics.
 Are very stable in their undisturbed state.
 Undergo significant irreversible changes when
air or oven dried.



Are fairly erosion resistant in their undisturbed
state.
b) Specifically red clays (halloysitic):
 Have natural water contents close to their
plastic limits, and are therefore not a problem
in earthworks operations.
c) Specifically volcanic ash soils (allophanic – noncrystalline):
 Have extremely high natural water contents
and Atterberg limits.
 Undergo extreme irreversible changes when
air or oven dried - from plastic to non-plastic
(from clay to gritty sand).
 Have natural water contents generally higher
than their plastic limit, and they can be of
moderate to high sensitivity. Earthworks can
therefore be a problem.
Figure 4 shows the position the soils occupy on the
standard Plasticity Chart of the Unified Soil
Classification System. This illustrates clearly the
very unusual nature of the volcanic ash (allophane)
soil.
Figure 5 shows some limited data relating natural
water content to the proportions of allophane and
halloysite; this is sufficient to clearly demonstrate a
clear relationship between water content and the
relative proportions of allophane and halloysite. In
the following sections, the consolidation, shear
strength, and compaction characteristics of these

Figure 4. Position occupied on the Plasticity Chart of halloysite and allophane clays.
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Figure 5. Increase in water content and Atterberg limits with
increasing allophane content.

apparent that no such preconsolidation pressure
exists. The compression versus pressure curve is
close to linear or there is a steady stiffening of the
soil as the stress level increases. The behaviour
illustrated in Fig. 6 is typical of the red clays. They
generally appear to be rather “dense” materials
without significant structure, so that no yielding or
breakdown of structure occurs to produce a yield
stress or an “apparent” preconsolidation pressure.
Looking next at Fig.7, the e-log (p) curves tend to
give the impression that the consolidation behaviour
of the three samples is similar (except for the wide
variation in void ratio), and that “preconsolidation”
pressures are evident. However when the data is replotted using a linear pressure scale, then the
behaviour of each sample is clearly different. One of
the samples illustrates a clear yield or “apparent”
pre-consolidation pressure, one shows almost linear
behaviour, and the third shows steadily increasing
stiffness with stress level. It is very apparent from
these results that conventional e-log (p) plots do not
give a good picture of the behaviour of the soils.

soils are discussed in some detail, and commented
on in the context of residual soils in general.
Figure 5 shows some data relating natural water
content to the proportions of allophane and
halloysite. The amount of data on mineralogical
content of these soils is quite limited, but that in
Fig. 5 is sufficient to clearly demonstrate a clear
relationship between water content and the relative
proportions of allophane and halloysite. In the
following sections, the consolidation, shear strength,
and compaction characteristics of these soils are
discussed in some detail, and commented on in the
context of residual soils in general.
2.3.1 Consolidation characteristics
The results of conventional consolidation tests on
several samples from both soil groups are shown in
Figs. 6 and 7. The results are plotted firstly in the
conventional e-log (p) form and secondly as
compression versus pressure on a linear scale. This
is done to illustrate that e-log (p) plots may not
always be the best way to present results of
consolidation tests on these soils, or indeed on
residual soils in general. It is important to recognise
in evaluating these test results that concepts of
normally consolidated or overconsolidated are not
relevant to residual soils. The properties of residual
soils are governed by the physical and chemical
processes which form them, and not by stress history
effects.
Looking first at Fig. 6, it is seen that the
conventional e-log (p) plot does not show a clearly
defined “preconsolidation” pressure, of yield
pressure. When the data is re-plotted using a linear
scale for pressure, then it becomes even more

Figure 6. Typical consolidation test results from red clays.

The curves in Figs. 6 and 7 raise issues about how
best to present and interpret results of consolidation
tests on these soils, or residual soils in general. In the
absence of a clearly defined preconsolidation stress
and no approximate straight lines from which to
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determine Cc or Cs parameters, it is questionable
whether the use of the log plot serves any useful
purpose. The use of the log scale for pressure arose
in the early days of the development of soil
mechanics because the virgin consolidation of a soft
soil formed by a sedimentation process generally
follows an approximate straight line on such a plot.
Also when unloaded the rebound curve follows a
straight line, albeit at a much flatter slope. This
behaviour gives rise to the stress history framework
within which sedimentary soils are described and
evaluated.

Figure 7. Typical consolidation test results from volcanic ash
soils.

With residual soils, such as the red clay and
volcanic ash described here, the formation process is
totally different from that of sedimentary soils, and
there is no reason at all to expect their behaviour to
conform to that of sedimentary soils. The results in
Figs. 6 and 7 suggest there is thus good reason to be
wary of the standard e-log (p) plot when dealing with
soils not of sedimentary origin. At the very least the
consolidation test results should be evaluated using
both a linear and log plot. A rational decision can
then be made in assigning compressibility
parameters to the soil. In some cases it may be
appropriate to use Cc or Cs values, but in many cases
it may be more sensible to interpret the behaviour
from the linear graph than the log one. There is no
point in trying to assign Cc or Cs values to the soil
when a single m, value clearly and more accurately
defines the whole curve. Thus it often seems
preferable to use the linear parameter m, when
dealing with residual soils than work in terms of the
Cc or Cs parameters.
A second issue arising from consolidation
behaviour relates to the time rate. Figure 8 shows
typical compression versus root time plots from the
two clays. It is evident that there is no clear linear
section, and hence determination of t90 and the cv
value is problematical. At higher stress levels the
behaviour becomes more conventional and the
normal construction can be used. The first
explanation that came to the writer’s mind at the
time of encountering this phenomenon was that the
soil was not fully saturated, and the rapid
compression was instantaneous compression of air,
rather than expulsion of water. Later investigations,
however, showed that his was not the case. Pore
pressure dissipation tests using a triaxial cell were
carried on samples of volcanic ash from both
Indonesia and New Zealand. Back pressure was used
to ensure full saturation. The tests, involving steadily
increasing stress levels, were done first on the
undisturbed soil and then on the same soil after
remoulding. The results are shown in Figure 9. They
show extremely high values of coefficient of
consolidation at low stress levels, and a steep decline
in values as the stress level rises. The remoulded
samples all show quite low values. It appears that the
natural structure of the soil gives it a high
permeability and this is destroyed by high stress
levels or by remoulding the soil. Similar tests have
not yet been done on the red clay, so the result in
Figure 9 should not be assumed to apply to other
soils.
It is important to recognise that there is a clear
upper limit to the value of the coefficient of
consolidation that can be measured with a
conventional consolidation test. This value is in the
vicinity of 0.01cm~/sec. If the value is higher then
this, then pore pressure dissipation will occur so
rapidly that its rate cannot be measured, i.e.
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sufficient readings cannot be taken during the
dissipation stage to enable t90 or t50 to be determined.
Many residual soils exhibit values higher than this,
and hence reliable cv values cannot be obtained from
conventional consolidation tests.

2.3.2 Shear strength behaviour
As mentioned earlier, the remarkable strength
characteristics of these soils are clearly demonstrated
by their field behaviour. Laboratory measurements
which help explain this behaviour show the
following characteristics of the soils:
a) High peak strength.
b) Small difference between peak and residual
strength.
c) A real and substantial c intercept in both the
undisturbed and remoulded state.
Fig. 10 shows shear strength data for both clays.
The peak strength is from triaxial tests and the
residual values from ring shear tests. The high values
for both peak and residual strength are immediately
apparent. The residual r values from the volcanic
ash are extraordinarily high and bear no relationship
to those from sedimentary soils of similar plasticity
or particle size. Fig 11 illustrates this point. There is
something quite unique in the nature of the clay
mineral allophane which gives the soil a high 
angle, and very little change in its value with
displacement on a shear plane.

Figure 8. Typical compression versus root time graphs.

Figure 10. Typical shear strength behaviour.

Figure 9. Results of pore pressure dissipation tests on volcanic
ash samples.

The triaxial tests show significant c values; this
is also the case with remoulded or compacted
samples (Wesley, 1992?), and there is ample field
evidence to show that comparable values apply in
the field. Bali, like Java, is a land of terraced rice
fields; Fig. 12 shows a typical cross section through
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such rice fields, together with an assumed flow net.
Back analysis can be used to obtain estimates of the
value of c necessary to maintain stability.

Figure 11. Values of r versus Plastic Limit for volcanic ash
samples.

The terraces are usually between about 0.5 and
2.0 m in height, but occasional terraces are up to
about 3 m. The average depth of soil (before rock is
reached) is unlikely to be less than about 3 m. Using
these figures, the above relationships give
respectively: c = 8.4 kPa and c = 15.3 kPa. It should
be noted that terraced rice fields are made up of both
undisturbed and remoulded soil. In fact, observation
of the way they are worked by farmers suggests that
they are probably mostly remoulded soil. The
analysis confirms that terraced rice fields would not
remain stable were it not for the fact there is a
significant contribution to shear strength from the
cohesion component.
2.3.3 Compaction behaviour
Typical compaction test result from a red clay and a
volcanic ash sample are shown respectively in
Figures 13 and 14. The tests have been carried out in
three ways, firstly by starting with the soil at its
natural water content and drying it back in stages,
and then after air and oven drying the soil, and rewetting. The result from the red clay shows that its
properties are changed significantly by air and oven
drying; the material becomes less plastic with an
accompanying drop in the optimum water content.
With the volcanic ash sample the influence of drying
is very dramatic. Air drying has been carried out to
two water contents, one about 66% and the other
about 33%. When the soil is re-wetted from these
values it follows very different curves. If it is oven
dried then the material becomes essentially non
plastic and its compaction curve like that of sand.

Figure 12. Stability analysis of terraced rice fields.

Two possible modes of failure can be analysed;
the first is wedge failure of an individual terrace on a
plane such as A-B, and the second is failure as an
infinite slope on a plane such as C-D. The overall
inclination of the slope is taken as 35, which is
reasonably conservative as some slopes are steeper
than 40. The  value is taken as 35 and the soil
density as 16 kN/m3. Analysis of a series of trail
wedges with failure planes such as A-B leads to the
expression:
c (kPa) = 2.8H

Figure 13. Typical compaction curves from red clay.

(1)

where H (m) is the height of the terrace. Analysis of
failure as an infinite slope leads to the expression:
c (kPa) = 5.1D

(2)

where D (m) is the average vertical depth to the
failure plane.

Figure 14. Typical compaction curves from volcanic ash clay.
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The behaviour shown by these curves has been
the source of considerable difficulty and confusion
in controlling earthworks compaction operations.
The properties of these soils are still not widely
known in the geotechnical world and some agencies
still carry out compaction tests after drying of the
soil. Compaction specifications are then based on the
results of these tests. Contractors, however, are
unable to attain the specified densities because they
are operating on a different compaction curve.
Problems with compaction of volcanic ash soils are
described by Parton & Olsen (1980) and Moore &
Styles (1988).
There is a second problem with earthworks in
these soils, which tends to be common to many
residual soils, and that is the natural variability of the
material within quite small distances.

densities. This presents severe difficulties in
specifying and controlling earthworks compaction
operations using the traditional water content and
density criteria.
To overcome this problem, an alternative method
of controlling compaction has been developed in
New Zealand, and has now become established
practice for virtually all earthworks operations,
especially those involving residual soils. The method
involves the use of undrained shear strength and air
voids as the controlling properties. The undrained
shear strength is usually specified to be not less than
150 kPa, and the air voids are limited to not more
than 8%. The values may be altered to suit particular
situations and soil types. The concept of the method
is illustrated in Figure 16.

Figure 16. Alternative compaction control method for residual
or variable soils.

The shear strength criterion has the effect of
preventing the soil being too wet. If it is too wet the
shear strength cannot be achieved. The air voids
criterion has the effect of preventing the soil being
too dry. If it is too dry it is not possible to reduce the
air voids to the required value. The net result is that
the compacted soil ends up in the same state as it
would if a conventional specification were used. The
method is very easy to use, and avoids the
difficulties and needless disputes that are often part
of compaction operations.

Figure 15. Compaction test results from variable soils (after
Pickens, 1980).

Figure 15 shows results of compaction tests on
samples from two small industrial sites in New
Zealand. It is evident that there is a large variation in
the soil types present at the sites, and hence a wide
range of optimum water contents and maximum dry

3 IMPLICATIONS FOR THE INTERPRETATION
OF FIELD MEASUREMENTS
For clays, the significant characteristics of residual
soils that are likely to have some bearing on in situ
measurements and their interpretation, are probably
the following:
1) The high permeability. It appears that the usual
assumption made when carrying out in situ
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strength tests such as the cone penetrometer test is
that the soil behaves in an undrained manner.
This is probably still the case with most residual
soils, but may not be the case with volcanic ash
cays.
2) The irrelevance of overconsolidation ratio. This
features in some correlations; see for example
Mayne and Kulhawy (1982), or more recently
Hoyes and Macari (1999).
3) The state of lateral stress. This is linked to the
previous item. With sedimentary soils, it is
reasonable to expect some relationship between
overconsolidation ratio and the lateral stress state,
but no such relationship applies to residual soils.
The lateral stress will simply reflect the
weathering process that produces the material.
4) Mineralogical composition. This is especially true
of volcanic ash clays. The unusual characteristics
of allophane, especially its abnormally high
friction angle, are likely to have some influence
on interpretations of cone penetrometer tests.
For sands, the most important features are likely
to be the following:
1) The composition and shape of the grains. Most, if
not all, correlations between cone resistance and
relative density for sands have been developed
from calibration chamber studies using clean
quartz sands; such sands undoubtedly consist of
very hard grained particles. However, not all
sands consist of such particles, and some may
consist of much softer particles. Volcanic sands in
particular may consist of a variety of minerals,
and in some cases may consist of material that is
much softer than quartz. To illustrate the
significance of particle strength an account is
given in the next section of some CPT tests on a
pumice sand.
2) Possible bonding, or cementation, between
particles.

chamber was the original Australian Country Roads
chamber described by Holden (1967). A schematic
view of the chamber is shown in Fig. 18.

Figure 17. Photograph of a particle of pumice sand (approx.
diameter 3 mm).

The chamber allows the sample to be subjected to
a controlled vertical stress, as well as controlled
lateral test conditions. These may be either stress or
deformation controls. Two parallel sets of tests were
carried out, one on the pumice sand, and the other on
a “conventional” hard grained sand. This sand was
predominantly quartz, but did contain significant
amounts of other material. The use of two sands was
to ensure that valid comparisons of behaviour could
be made. The sands were selected to have particle
size curves as similar as possible; the size range was
0.3 to 2 mm. Grading curves of the two sands are
given in Fig. 19.

4 CONE PENETROMETER TESTS ON PUMICE
SAND USING A CALIBRATION CHAMBER
Some parts of New Zealand contain significant
deposits of pumice sand. These are characterised by
particles containing an intense network of small
holes, or vesicles. Compared to most sands their
particles are soft and the crushing of them under load
has a significant influence on their behaviour. Fig.
17 shows an enlarged photograph of a single
particle. The geotechnical section at Auckland
University has recently been conducting a research
programme into the properties of pumice sand.
A problem of immediate practical interest is how
to interpret the results of cone penetrometer tests. To
investigate the influence of the soft grains on
penetration resistance, a series of tests has been
carried out using a calibration chamber. This

Figure 19. Grading curves of the two sands.

The test programme consisted of six tests on each
sand, three at the minimum density and three at the
maximum density, with vertical confining stresses of
50, 100, and 200 kPa at each density. All test were
done on dry samples. The results are illustrated in
Figs. 20 to 23.
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Figure 18. Schematic cross section of the calibration chamber.

Figure 20. Typical results from the pumice sand.

Figure 22. Results from both sands plotted together.

Figure 21. Typical results of tests on the quartz sand.

Figure 23. Summary of all test results.
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The dramatic difference in behaviour of the two
sands is immediately apparent. The quartz sand
behaves as expected, showing large differences in
cone resistance between the loose and dense states,
and steadily increasing values with increasing
confining stress. The pumice sand however shows
several very surprising characteristics:
1) There is no significant change in resistance
between the loose and dense states.
2) The increase in resistance with vertical stress is
more gradual than with the quartz sand.
3) The penetration resistance for both the loose and
dense states is marginally higher than that of the
quartz sand in its loosest state.
The unusual behaviour of the pumice sand must
clearly be related to the softness of its grains, as this
is the major difference in the properties of the two
sands. With the pumice sand, there is no dilatant
component of shear strength, and the cone values
simple represent the ultimate state of the sand
regardless of whether it is initially loose or dense. It
should be noted also that the results from the
"quartz" sand to not agree well with existing
correlation curves for such sands. This is believed to
be because the latter curves are based on very clean
uniform quartz sand, while the sand involved here
was not a very “pure” material.
Two important points emerge from this study.
The first and most important is that cone
penetrometer tests cannot be used to determine the
relative density of soft grained materials such as the
pumice sand tested here. The second is that
correlation charts relating cone resistance to relative
density are likely to be misleading when applied to
any sand other than that on which the correlation is
based.
5 DISCUSSION AND CONCLUSIONS
Residual soils are very widespread throughout the
world, and their properties vary enormously. There
are no straightforward ways of classifying them or
placing them in a tidy theoretical framework. Each
type needs to be evaluated on its own merits. The
residual soils of volcanic origin that have been
described in this paper are among the more unusual
of residual soils. However, their behaviour
highlights issues that are likely to be of some
relevance to many, if not most, residual soils. These
can be summarised as follows:
1) Conventional theoretical concepts applicable to
sedimentary soils may not be relevant to residual
soils, and their application to residual soils may
result in wrong or misleading conclusions. The
use of the e-log (p) graph for analysing the
consolidation behaviour of residual soils is an
example of this. A linear pressure scale will often
give a better picture of their behaviour.

2) Some residual soils contain clay minerals not
found in sedimentary soils; these can give the
soils behavioural characteristics not found in
sedimentary soils.
3) Empirical
correlations
developed
from
sedimentary soils should not be applied
unthinkingly to residual soils. Correlations
involving O.C.R. values for clays are clearly
irrelevant; also, correlations for sands based on
tests using clean hard grained quartz sands are
likely to be inapplicable when applied to sands of
volcanic origin, because of the soft grained nature
of the latter.
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The flat dilatometer test (DMT) in soil investigations
A report by the ISSMGE Committee TC16
Marchetti S., Monaco P., Totani G. & Calabrese M.
University of L'Aquila, Italy

ABSTRACT: This report presents an overview of the DMT equipment, testing procedure, interpretation and
design applications. It is a statement on the general practice of dilatometer testing and is not intended to be a
standard.
FOREWORD
This report on the flat dilatometer test is issued
under the auspices of the ISSMGE Technical
Committee TC16 (Ground Property Characterization
from In-Situ Testing). It was authored by the
Geotechnical Group of L'Aquila University with
additional input from other members of the
Committee.
The first outline of this report was presented and
discussed at the TC16 meeting in Atlanta – ISC '98
(April 1998). The first draft was presented and
discussed at the TC16 meeting in Amsterdam – 12th
ECSMGE (June 1999). Members of the Committee
and practitioners were invited to review the draft and
provide comments. These comments have been
edited and taken into account by the original authors
and incorporated in this report.
AIMS OF THE REPORT
This report describes the use of the flat dilatometer
test (DMT) in soil investigations. The main aims of
the report are:
 To give a general overview of the DMT and of its
design applications.
 To provide "state of good practice" guidelines for
the proper execution of the DMT.
 To highlight a number of significant recent
findings and practical developments.
This report is not intended to be (or to originate in
the near future) a Standard or a Reference Test
Procedure (RTP) on DMT execution.
Efforts have been made to preserve similarities in
format with previous reports of the TC16 and other

representative publications concerning in situ
testing.
The content of this report is heavily influenced by
the experience of the authors, who are responsible
for the facts and the accuracy of the data presented
herein. Efforts have been made to keep the content
of the report as objective as possible.
Occasionally subjective comments, based on the
authors experience, have been included when
considered potentially helpful to the readers.
SECTIONS OF THIS REPORT
Part A : Procedure and operative aspects
1.
2.
3.
4.
5.
6.
7.
8.

Brief description of the flat dilatometer test
DMT equipment components
Field equipment for inserting the dmt blade
Membrane calibration
DMT testing procedure
Reporting of test results
Checks for quality control
Dissipation tests

Part B : Interpretation and applications
9.
10.
11.
12.
13.
14.
15.

Data reduction and interpretation
Intermediate DMT parameters
Derivation of geotechnical parameters
Presentation of DMT results
Application to engineering problems
Special considerations
Cross relations with results from other in situ
tests
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BACKGROUND AND REFERENCES

Conferences, seminars, courses

Background

Several conferences, seminars and courses have been
dedicated to the DMT. The most important are
mentioned here below.
 First International Conference on the Flat
Dilatometer, Edmonton, Alberta (Canada), Feb.
1983.
 First International Conference on the Flat
Dilatometer, Edmonton, Alberta (Canada), Feb.
1983.
 One-day Short Course on the DMT held by S.
Marchetti in Atlanta (GA), USA, in connection
with the First International Conference on Site
Characterization (ISC '98), Apr. 1998.
 International Seminar on "The Flat Dilatometer
and its Applications to Geotechnical Design" held
by S. Marchetti at the Japanese Geotechnical
Society, Tokyo, Feb. 1999.

The flat dilatometer test (DMT) was developed in
Italy by Silvano Marchetti. It was initially introduced
in North America and Europe in 1980 and is
currently used in over 40 countries.
The DMT equipment, the test method and the
original correlations are described by Marchetti
1980) "In Situ Tests by Flat Dilatometer", ASCE Jnl
GED, Vol. 106, No. GT3. Subsequently, the DMT
has been extensively used and calibrated in soil
deposits all over the world.
Basic DMT references / Key papers
Various international standards or manuals are
available for the DMT. An ASTM Suggested
Method was published in 1986. A "Standard Test
Method for Performing the Flat Plate Dilatometer" is
currently being prepared by ASTM (last edition:
Draft 2000). The test procedure is also standardized
in the Eurocode 7 1997). National standards have
also been developed in various countries (e.g.
Germany, Sweden). A comprehensive manual on the
DMT was prepared for the United States Department
of Transportation (US DOT) by Briaud & Miran in
1992. Design applications and new developments are
covered in detail in a state of the art report by
Marchetti 1997). A list of selected comprehensive
DMT references is given here below.
Standards
ASTM Subcommittee D 18.02.10 1986, Schmertmann, J.H.
(Chairman). Suggested Method for Performing the Flat
Dilatometer Test. ASTM Geotechnical Testing Journal,
Vol. 9, No. 2, June.
Eurocode 7 1997. Geotechnical design - Part 3: Design
assisted by field testing, Section 9: Flat dilatometer test
(DMT).

DMT on the Internet
Key papers on the DMT can be downloaded from the
bibliographic site: http://www.marchetti-dmt.it
PART A : PROCEDURE AND OPERATIVE
ASPECTS
1 BRIEF DESCRIPTION OF THE FLAT
DILATOMETER TEST
The flat dilatometer is a stainless steel blade having
a flat, circular steel membrane mounted flush on one
side (Fig. 1). The blade is connected to a control unit

Manuals
Marchetti, S. & Crapps, D.K. 1981. Flat Dilatometer Manual.
Internal Report of G.P.E. Inc.
Schmertmann, J.H. 1988. Rept. No. FHWA-PA-87-022+84-24
to PennDOT. Office of Research and Special Studies,
Harrisburg, PA, in 4 volumes.
US DOT - Briaud, J.L. & Miran, J. 1992. The Flat Dilatometer
Test. Publ. No. FHWA-SA-91-044, February, 102p.
Departm. of Transportation - Fed. Highway Administr.,
Washington, D.C.

State of the art reports
Lunne, T., Lacasse, S. & Rad, N.S. 1989. State of the Art
Report on In Situ Testing of Soils. Proc. XII ICSMFE, Rio
de Janeiro, Vol. 4.
Lutenegger, A.J. 1988. Current status of the Marchetti
dilatometer test. Special Lecture, Proc. ISOPT-I, Orlando,
Vol. 1.
Marchetti, S. 1997. The Flat Dilatometer: Design Applications.
Proc. Third International Geotechnical Engineering
Conference, Keynote lecture, Cairo University, 28p.

Fig. 1. The flat dilatometer - front and side view.
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on the ground surface by a pneumatic-electrical tube
(transmitting gas pressure and electrical continuity)
running through the insertion rods. A gas tank,
connected to the control unit by a pneumatic cable,
supplies the gas pressure required to expand the
membrane. The control unit is equipped with a
pressure regulator, pressure gage(s), an audio-visual
signal and vent valves.
The blade is advanced into the ground using
common field equipment, i.e. push rigs normally
used for the cone penetration test (CPT) or drill rigs.
Push rods are used to transfer the thrust from the
insertion rig to the blade. The general layout of the
dilatometer test is shown in Fig. 2. The test starts by
inserting the dilatometer into the ground. Soon after
penetration, by use of the control unit, the operator
inflates the membrane and takes, in about 1 minute,
two readings:
1) the A-pressure, required to just begin to move the
membrane against the soil ("lift-off")
2) the B-pressure, required to move the center of the
membrane 1.1 mm against the soil.
A third reading C ("closing pressure") can also
optionally be taken by slowly deflating the
membrane soon after B is reached.
The blade is then advanced into the ground of one
depth increment (typically 20 cm) and the procedure
for taking A, B readings repeated at each depth.
The pressure readings A, B are then corrected by
the values A, B determined by calibration to take
into account the membrane stiffness and converted
into p0, p1.
Push force provided by
penetrometer or drill
rig or other equipment

1.1 mm

1. Dilatometer blade
4. Control unit
2. Push rods
5. Pneumatic cable
3. Electric-pneumatic cable 6. Gas tank

7. Expansion of the membrane
Fig. 2. General layout of the dilatometer test.

The field of application of the DMT is very wide,
ranging from extremely soft soils to hard soils/soft
rocks. The DMT is suitable for sands, silts and clays,
where the grains are small compared to the
membrane diameter (60 mm). It is not suitable for
gravels, however the blade is robust enough to cross
gravel layers of about 0.5 m thickness.
Due to the balance of zero pressure measurement
method (null method), the DMT readings are highly
accurate even in extremely soft - nearly liquid soils.
On the other hand the blade is very robust (can safely
withstand up to 250 kN of pushing force) and can
penetrate even soft rocks. Clays can be tested from
cu = 2-4 kPa up to 1000 kPa (marls). The range for
moduli M is from 0.5 MPa up to 400 MPa.
2 DMT EQUIPMENT COMPONENTS
The basic equipment for dilatometer testing consists
of the components shown in Fig. 2.
2.1 Dilatometer blade
2.1.1 Blade and membrane characteristics
The nominal dimensions of the blade are 95 mm
width and 15 mm thickness. The blade has a cutting
edge to penetrate the soil. The apex angle of the edge
is 24° to 32°. The lower tapered section of the tip is
50 mm long. The blade can safely withstand up to
250 kN of pushing thrust.
The circular steel membrane is 60 mm in
diameter. The normal thickness is 0.20 mm (0.25
mm thick membranes are sometimes used in soils
which may cut the membrane). The membrane is
mounted flush on the blade and kept in place by a
retaining ring.
2.1.2 Working principle
The working principle of the DMT is illustrated in
Fig. 3 (see also the photo in Fig. 4). The blade works
as an electric switch (on/off). The insulating seat
prevents contact of the sensing disc with the
underlying steel body of the dilatometer. The sensing
disc is stationary and is kept in place press-fitted
inside the insulating seat. The contact is signaled by
an audio/visual signal. The sensing disc is grounded
(and the control unit emits a sound) under one of the
following circumstances:
1) the membrane rests against the sensing disc (as
prior to membrane expansion),
2) the center of the membrane has moved 1.1 mm
into the soil (the spring-loaded steel cylinder
makes contact with the overlying sensing disc).
There is no electrical contact hence no signal at
intermediate positions of the membrane.
When the operator starts increasing the internal
pressure (Fig. 3), for some time the membrane does
not move and remains in contact with its metal
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support (signal on). When the internal pressure
counterbalances the external soil pressure, the
membrane initiates its movement, losing contact
with its support (signal off). The interruption of the
signal prompts the operator to read the "lift-off" Apressure (later corrected into p0). The operator,
without stopping the flow, continues to inflate the
membrane (signal off). When the central movement
reaches 1.1 mm the spring-loaded steel cylinder
touches (and grounds) the bottom of the sensing
disc, reactivating the signal. The reactivation of the
signal prompts the operator to read the "full
expansion" B-pressure (later corrected into p1).
The top of the sensing disc carries a 0.05 mm
feeler having the function to improve the definition
of the lift-off of the membrane, i.e. the instant at
which the electrical circuit is interrupted.
The fixed-displacement system insures that the
membrane expansion will be 1.10 mm  0.02 mm
regardless of the care of the operator, who cannot
vary or regulate such distance. Only calibrated
plexiglass (or quartz) cylinders (height 3.90  0.01
mm) should be used to insure accuracy of the
prefixed movement.








displacement controlled test - fix the
displacement and measure the required pressure.
Thus in all soils the central displacement (and, at
least approximately, the strain pattern imposed to
the soil) is the same.
The membrane is not a measuring organ but a
passive separator soil-gas. The measuring organ is
the gage at ground surface. The accuracy of the
measurements is that of the gage. The zero offset
of the gage can be checked at any time, being at
surface. A low range pressure gage can be used,
e.g. in very soft soils, to increase accuracy to any
desired level.
The method of pressure measurement is the
balance of zero (null method), providing high
accuracy.
The blade works as an electric switch (on/off),
without electronics or transducers.
Given the absence of delicate or regulable
components, no special skills are required to
operate the DMT.

2.2 Control unit
2.2.1 Functions and components
The control unit on ground surface is used to
measure the A, B (C) pressures at each test depth.
The control unit (Fig. 5) typically includes two
pressure gages, a pressure source quick connect, a
quick connect for the pneumatic-electrical cable, an
electrical ground cable connection, a galvanometer
and audio buzzer signal (activated by the electric
switch constituted by the blade) which prompt when
to read the A, B (C) pressures, and valves to control
gas flow and vent the system.

Fig. 3. DMT working principle.

Fig. 5. Control unit.

Fig. 4. Particular of the DMT blade.

2.1.3 NOTE: Remarks on the DMT working
principle
 The membrane expansion is not a load controlled
test apply the load and observe settlement - but a

2.2.2 Pressure gages
The two pressure gages, connected in parallel, have
different scale ranges: a low-range gage (1 MPa),
self-excluding when the end of scale is reached, and
a high-range gage (6 MPa). The two-gage system
ensures proper accuracy and, at the same time,
sufficient range for various soil types (from very soft
to very stiff).
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According to Eurocode 7 1997), the pressures
should be measured with a resolution of 10 kPa and
a reproducibility of 2.5 kPa, at least for pressures
lower than 500 kPa. Gages should have an accuracy
of at least 0.5 % of span. In case of discrepancy
between the two gages, replace the malfunctioning
gage or correct as appropriate. In case of single-gage,
the gage should be periodically calibrated.
Though the control unit is encased in an
aluminium carrying case, it should be handled with
care to avoid damaging the gages.
2.2.3 Gas flow control valves
The valves on the control unit panel permit to
control the gas flow to the blade.
The main valve provides a positive shutoff
between the gas source and the blade-control unit
system. The micrometer flow valve is used to control
the rate of flow during the test. It also provides a
shutoff between the source and the DMT system
(anyway it is advisable to close the main valve and
to open the toggle vent valve if the control unit is left
unattended for some time). The toggle vent valve
allows the operator to vent quickly the system
pressure to the atmosphere. The slow vent valve
allows to vent the system slowly for taking the Creading.
2.2.4 Electrical circuit
The electrical circuitry in the control unit has the
scope of indicating the on/off condition of the bladeswitch. It provides both a visual galvanometer and
an audio buzzer signal to the operator. The buzzer is
on when the blade is in the short circuit condition,
i.e. collapsed against the blade or fully expanded.
The buzzer is off when between these two positions.
The transitions from buzzer on to off and then off to
on as the membrane expands are the prompts for the
operator to take respectively the A and B pressure
readings.
A 9-Volt battery supplies electrical power to the
wire inside the p-e cable quick-connect. The power
is returned at the ground cable jack if the blade is in
the short circuit condition.
A test button permits to check the vitality of the
battery and the operation of the galvanometer and
buzzer. Note that it simply shorts across the blade
portion of the circuit and hence provides no
information about the status of the blade, the p-e
cable or the ground cable. If annoyed by the sound
during test delays, the operator may disable the
buzzer. However, quieting the buzzer involves the
risk of missing the prompts to take the readings and
overinflating the membrane.

the dilatometer blade. It consists of a stainless steel
wire enclosed within nylon tubing with special metal
connectors at either end. Two different cable types
are normally used (Fig. 6):
 Non-extendable cable: this cable has an insulated
male metal connector for the DMT blade on one
end and a non-insulated quick-connect for
attachment to the control unit on the other. The
cable length (minus a working length at the
surface) limits the maximum sounding depth:
once the test depth is such that all the cable is
inside the soil, the cable cannot be extended and
the test must be stopped. This inconvenience is
balanced by the simplicity of the cable and its
lower cost.
 Extendable cable: by using an extendable cable,
the operator may connect additional cable(s) as
needed during the sounding. An insulated female
metal terminal replacing the quick-connect at the
upper end joints to the male terminal of the cable
above. This terminal cannot fit directly into the
corresponding quick connector in the control unit.
Therefore a cable leader (or short connector
cable) permitting such a connection must be used
in conjunction with this cable. This short adapter
section is removed when a new cable is added.
Though slightly more complex, this type of cable
provides the operator with greater flexibility.
The proper type and length of cable should be
chosen based on the expected sounding depth. For
ease of handling and to minimize pressure lag at the
control unit gage, always use the shortest length
practical. Short cables are easier to handle, but
require junctions. Junctions normally work well and
do not represent a problem as long as care is
exercised to avoid particles of soils getting into the
conduits.
To keep contaminants out and help prevent
corrosion, the terminals and connectors must always
be protected with caps when disconnected.
The metal connectors are electrically insulated
from the inner wire to prevent a short circuit in the
ground and sealed by washers to prevent gas
leakage.
The cables and terminals are not easily repairable
in the field.

Fig. 6. Types of pneumatic-electrical cables.

2.3 Pneumatic-electrical cable
The pneumatic-electrical cable provides pneumatic
and electrical continuity between the control unit and
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2.4 Gas pressure source
The pressure source is a gas tank equipped with a
pressure regulator, valves and pneumatic tubing to
connect to the control unit.
The pressure regulator (suitable to gas type) must
be able to supply a regulated output pressure of at
least 7-8 MPa.
When testing in most soils, the output pressure is
set at 3-4 MPa. In very hard soils the output pressure
is further increased (without exceeding the highrange gage capacity).
Any nonflammable, noncorrosive, non toxic gas
may be used. Compressed nitrogen or compressed
air (scuba tanks) are most generally used.
Gas consumption increases with applied pressure
(A, B readings) and test depth (cable length). In
"average" soils a scuba size tank ( 0.6 m high),
initially at 15 MPa, contains gas to perform
approximately 70-100 m of "standard" sounding (
one day of testing). In general, it is more economical
and efficient to have a large tank ( 1.5 m high)
delivered to the site when more than one day of
testing is anticipated.

hard layers, where the obstacle-destroying capability
will permit to continue the test past the obstacle.
DMT USING A
PENETROMETER

DMT USING A
DRILL RIG

Fig. 7. Equipment for inserting the DMT blade.

3.1 Pushing equipment

When the DMT sounding is resumed after
preboring, the initial test results, obtained in the zone
of disturbance at hole bottom ( 3 to 5 borehole
diameters), should be regarded with caution.
When the DMT is performed inside a borehole,
the diameter of the borehole (and casing, if required)
should be as small as possible to minimize the risk
of buckling (possibly 100-120 mm).
In all cases the penetration must occur in "fresh"
(not previously penetrated) soil. The minimum
recommended distance from other nearby DMT (or
CPT) soundings is 1 m (25 diameters from
unbackfilled/uncased borings).

The dilatometer blade is advanced into the ground
using common field equipment.
The blade can be pushed with a cone
penetrometer rig or with a drill rig (Fig. 7). The
penetration rate is usually 2 cm/s as in the CPT (for
DMT rates from 1 to 3 cm/s are acceptable, see
Eurocode 7 1997).
The DMT can also be driven, e.g. using the SPT
hammer and rods, but statical push is by far
preferable.
Heavy
truck-mounted
penetrometers
are
incomparably more efficient than drill rigs.
Moreover the soil provides lateral support to the rods
(which is not the case in a borehole). Pushing the
blade with a 20 ton penetrometer truck is most
effective and yields the highest productivity (up to
100 m of sounding per day).
Drill rigs or light rigs may be used only in soft
soils or to very short depths. In all other cases
(especially in hard soils) light rigs may be inadequate
and source of problems. However drill rigs may be
necessary in soils containing occasional boulders or

3.1.1 NOTE: Possible problems with light rigs
Possible problems with light rigs (such as many SPT
rigs) are:
 Light rigs have typically a pushing capacity of
only 2 tons, hence refusal is found very soon
(often at 1-2 m depth).
 Often there is no collar near groundsurface (i.e. no
groundsurface side-guidance of the rods).
 There is a hinge-type connection in the rods just
below the pushing head, which permits excessive
freedom and oscillations of the rods inside the
hole.
 The distance between the pushing head of the rig
and the bottom of the hole is several meters,
hence the free/buckling length of the rods is high.
In some cases the loaded rods have been observed
to assume a "Z" shape.
 Oscillations of the rods may cause wrong results.
In case of short penetration in hard layers it was
occasionally observed that the "Z" shape of the
rods suddenly reverted to the opposite side. This

2.5 Electrical ground cable
The ground cable provides electrical continuity
between the push rods and the control unit. It returns
to the control unit the simple on/off electrical power
carried to the blade by the pneumatic-electrical
cable.
3 FIELD EQUIPMENT FOR INSERTING THE
DMT BLADE
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is one of the few cases in which the DMT
readings may be instrumentally incorrect:
oscillations of the rods cause tilting of the blade,
and the membrane is moved without control close
to/far from the soil.
3.1.2 NOTE: Pushing vs driving
Various researchers (US DOT 1992, Schmertmann
1988) have observed that "hammer-driving alters the
DMT results and decreases the accuracy of
correlations", i.e. the insertion method does affect
the test results, and static penetration should be
preferred.
According to ASTM 1986), in soils sensitive to
impact and vibrations, such as very loose sand or
very sensitive clays, dynamic insertion methods can
significantly change the test results compared to
those obtained using a static push. In general,
structurally sensitive soils will appear conservatively
more compressible when tested using dynamic
insertion methods. In such cases the engineer may
need to check such dynamic effects and, possibly,
calibrate and adjust test interpretation accordingly.
US DOT 1992) recommends that, if the driving
technique is used, as a minimum 2 soundings be
performed side by side, one by pushing and one by
driving. This would give a site/soil specific
correlation which would allow to get back to the
parameters obtained from correlations based on the
pushing insertion (with added imprecision,
however). According to Eurocode 7 1997), driving
should be avoided except when advancing the blade
through stiff or strongly cemented layers which
cannot be penetrated by static push.

able to withstand a working load of approximately
250 kN. The stronger rods have several advantages:
 Capability of penetrating through cemented
layers/obstacles.
 Better lateral stability against buckling in the first
few meters in soft soils or when the rods are
pushed inside an empty borehole.
 Possibility of using completely the push capacity
of the truck.
 Reduced risk of deviation from the verticality in
deep tests.
 Drastically reduced risk of loosing the rods.
Obvious drawbacks are the initial cost and the
heavier weight. Also, their use may not be
convenient in OC clay sites because of the increased
skin friction.
3.3 Rod adaptors
The DMT blade is connected to the push rods by a
"lower" adaptor (Fig. 8). The most common adaptor
has its top connectable to CPT rods, its bottom
connectable to the DMT blade (ending cylindrical
male M27x3mm).
If rods other than CPT rods are used, specific
adaptors need to be prepared (see Fig. 8).

3.2 Push rods
While in principle any kind of rod can be used, most
commonly CPT rods or drill rig rods are employed.
A friction reducer is sometimes used. However
the consequent reduction in rod friction is moderate,
because of the multi-lobate shape of the cavity
produced in the penetrated soil by the blade-rod
system. If used, the friction reducer should be
located at least 200 mm above the center of the
membrane (Eurocode 7 1997).
3.2.1 NOTE: Use of stronger rods
Many heavy penetrometer trucks performing DMT
are today also equipped with rods much stronger
than the common 36 mm CPT rods. Such stronger
rods are typically 44 to 50 mm in diameter, 1 m
length, same steel as CPT rods (yield strength >
1000 MPa). A very suitable and convenient type of
rod is the commercially available 44 mm rod used
for pushing 15 cm2 cones. The stronger rods have
been introduced since the rods are "the weakest
element in the chain" when working with heavy
trucks and the current high strength DMT blades,

Fig. 8. "Lower" adaptor connecting the DMT blade to the push
rods.

An "upper" slotted adaptor is also needed to allow
lateral exit of cable, otherwise pinched by the
pushing head.
When using a CPT truck, a DMT sounding
normally starts from the ground surface, with the
tube running inside the rods.
When testing starts from the bottom of a
borehole, the p-e cable can either run all the way up
inside the rods, or can exit laterally from the rods at
a suitable distance above the blade. In this case an
additional "intermediate" slotted adaptor is needed to
permit egress of the cable (Fig. 9a). Above this point
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the cable is taped to the outside of the rods at 1-1.5
m intervals up to the surface.
The torpedo-like bottom assembly in Fig. 9b is
composed by the blade, 3 to 5 m (generally) of rods
and the "intermediate" slotted adaptor. The "torpedo"
is pre-assembled and then mounted at the end of the
rods each time.
The "torpedo" arrangement speeds production,
since it is easier to handle the upper rods free from
the cable.
Since the unprotected cable is vulnerable, the
"intermediate" slotted adaptor needs a special collar
(Fig. 9a). The collar has a vertical channel for the
cable and has a diameter larger than the upper rods
so as to insure a free space between the upper rods
and the casing.
The operator should not allow the slotted adaptor
and the exposed cable to penetrate the soil, thus
limiting the test depth to the length of rods threaded
at the bottom.

4 MEMBRANE CALIBRATION
4.1 Definitions of A and B
The calibration procedure consists in obtaining the
A and B pressures necessary to overcome
membrane stiffness. A and B are then used to
correct the A, B readings.
Note that in air, under atmospheric pressure, the
free membrane is in an intermediate position
between the A and B positions, because the
membranes have a slight natural outward curvature
(Fig. 10).
B
A
free
Fig. 10. Positions of the membrane (free, A and B).

A is the external pressure which must be applied
to the membrane, in free air, to collapse it against its
seating (i.e. A-position). B is the internal pressure
which, in free air, lifts the membrane center 1.1 mm
from its seating (i.e. B-position).
Various aspects related to the membrane
calibration are described in detail by Marchetti 1999)
and Marchetti & Crapps 1981).
4.1.1 NOTE: Meaning of the term "calibration"
The membrane calibration is not, strictly speaking, a
calibration, since the term calibration usually refers
to the scale of a measuring instrument. The
membrane, instead, is a passive separator gas/soil
and not a measuring instrument. Actually the
membrane is a "tare" and the "calibration" is in
reality a "tare determination".
4.2 Determination of A and B

Fig. 9. (a) "Intermediate" slotted adaptor; (b) Torpedo-like
bottom assembly of blade and rods.

A and B can be measured by a simple procedure
using a syringe to generate vacuum or pressure.
During the calibration the high pressure from the
bottle should be excluded from the pneumatic circuit
by closing the main valve on the control unit panel.
To obtain A: quickly pull back (almost fully) the
piston of the syringe, in order to apply the maximum
vacuum possible (the vacuum causes an inward
deflection of the membrane similar to that resulting
from the external soil pressure at the start of the
test). Hold the piston for sufficient time (at least 5
seconds) for the vacuum to equalize in the system.
During this time the buzzer signal should become
active. Then slowly (in 10 to 20 seconds) release the
piston and read A on the low-range gage (gage
vacuum reading at which the buzzer stops, i.e. Aposition). Note this negative pressure as a positive
A value (e.g. a vacuum of 15 kPa shoud be reported
as A = 15 kPa).
To obtain B: push slowly (in 10 to 20 seconds)
the piston into the syringe and B on the low-range
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gage pressure when the buzzer reactivates (i.e. Bposition).
Repeat this procedure several times to have a
positive check of the values being read.
Membrane corrections A, B should be
measured before a sounding, after a sounding,
whenever the blade is removed from the ground.
A, B are usually measured, as a check, in the
office before moving to the field. However the initial
A, B to be used are those taken just before the
sounding (though the difference is generally
negligible). The final values of A, B must also be
taken at the end of the sounding.
The calibration values of an undamaged
membrane remain relatively constant during a DMT
sounding. Comparison of before/after values
indicates the condition of the membrane and a large
difference should prompt a membrane change.
Therefore, the calibration procedure is a good
indicator of the equipment condition, and
consequently of the expected quality of the data.

as during current testing (Fig. 12) with cables of
normal length (say 20 to 30 m).

Fig. 11. Layout of the connections during membrane calibration
(blade easily accessible).

4.3 Acceptance values of A and B
Acceptance values of A, B are indicated in
Eurocode 7 1997).
 The initial A, B values must be in the following
ranges: A = 5 to 30 kPa, B = 5 to 80 kPa. If the
values of A, B obtained before inserting the
blade into the soil fall outside the above limits,
the membrane shall be replaced before testing.
 The change of A or B at the end of the
sounding must not exceed 25 kPa, otherwise the
test results shall be discarded.
Typical values of A, B are: A = 15 kPa, B =
40 kPa.
A, B values also indicate when it is time to
replace a membrane. An old membrane needs not to
be replaced as long as A, B are in tolerance.
Indeed an old membrane is preferable, in principle,
to a new one, having more stable and lower A, B.
However, in case of bad wrinkles, scratches, etc. a
membrane should be changed even if A, B are in
tolerance (though A, B are not likely to be in
tolerance if the membrane is in a really bad shape).

Fig. 12. Layout of the connections during current testing.

The calibration procedure is the same. The only
difference is that, in the second case, due to the
length of the DMT tubings, there is some time lag
(easily recognizable by the slow response of the
pressure gages to the syringe). Therefore, in that
configuration, A, B must be taken slowly (say 15
seconds for each determination).

4.4 Configurations during the calibration
The membrane calibration (determining A, B) can
be performed in two configurations.
1) The first configuration (blade accessible, Fig. 11)
is adopted for example at the beginning of a
sounding, when the blade is still in the hands of
the operator. The operator will then use the short
calibration cable, or the short calibration
connector.
2) The second configuration (blade not readily
accessible) is used when the blade is under the
penetrometer, and is connected to the control unit

4.5 Exercising the membrane
The exercising operation is to be performed
whenever a new membrane is mounted. A new
membrane needs to be "exercised" in order to
stabilize A, B values (obtain A, B values which
will remain constant during the sounding).
The exercising operation simply consists in
pressurizing the blade in free air at about 500 kPa for
a few seconds two or three times.
If membrane exercising is performed with the
blade submerged in water, it is possible to verify
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blade airtightness.
After exercising, verify that A, B are in
tolerance: A = 5 to 30 kPa (typically 15 kPa), B =
5 to 80 kPa (typically 40 kPa).
4.6 Importance of accurate A and B
The importance of accurate A, B measurements,
especially in soft soils, is pointed out by Marchetti
1999). Inaccurate A, B are virtually the only
potential source of DMT instrumental error.
Also, A, B are used to correct all A, B of a
sounding, hence any inaccuracy in A, B would
propagate to all the data.
The importance of A, B in soft soils derives
from the fact that, in the extreme case of nearly
liquid clays, or liquefiable sands, A and B are small
numbers, just a bit higher than A, B. Since the
correction involves differences between similar
numbers, accurate A, B are necessary in such
soils.
A, B must be, as a rule, measured before and
after each sounding. Their average is subsequently
used to correct all A, B. Clearly, if the variation is
small, the average represents A, B reasonably well
at all depths. If the variation is large, the average
may be inadequate at some depths. In fact, in soft
soils, the operator can be sure that the test results are
acceptable only at the end of the sounding, when,
checking A, B final, he finds that they are very
similar to A, B initial.
In medium to stiff soils A, B are a small part of
A and B, so small inaccuracies in A, B have
negligible effect.
4.6.1 NOTE: How A, B can go out of tolerance
In practice the only mechanism by which A, B can
go out of tolerance is overinflating the membrane far
beyond the B-position. Once overinflated, a
membrane requires excessive suction to close (A
generally > 30 kPa), and even B may be a suction.
5 DMT TESTING PROCEDURE
5.1 Preliminary checks and operations before
testing
Select for testing only blades respecting the
tolerances (have available at least two).
Similarly, use only properly checked pieces of
equipment.
Pre-thread the p-e cable through a suitable
number of push rods and the adaptors. During this
operation keep the cable terminals protected from
dirt with the caps.
Wrench-tighten the cable terminal to the blade.
Connect the blade to the bottom push rod (with
interposed the "lower" adaptor). Avoid excessive
twists in the cable while making the connections.

Insert the electrical ground cable plug into the
ground jack of the control unit. Clip the other end
(electrical alligator clip) to the upper slotted adaptor
or to one of the push rods (not to the metal frame of
the rig, which may be not in firm electrical contact
with the rods).
The connections should be as indicated in Fig. 12
(but do not open the valve of the bottle yet!).
Check the electrical continuity and the switch
mechanism by pressing the center of the membrane.
The signal should activate. If not, make the
appropriate repair.
Record the zero of the gage ZM (reading of the
gage for zero pressure) by opening the toggle vent
valve and read the pressure while tapping gently on
the glass of the gage.
Perform the calibration as described in detail in
Section 4.
With the gas tank valve closed, connect the
pressure regulator to the tank and set the regulated
pressure to zero (fully unscrew the regulating lever).
Connect the pneumatic cable from the gas tank
regulator to the control unit female quick connector
marked pressure source.
Make sure that: the main valve is closed, the
toggle vent valve is open and the micrometer flow
valve is closed.
Set the regulator so that the pressure supplied to
the control unit is about 3 MPa (this pressure can be
later increased if necessary). Open the tank valve.
Open the main valve. (This valve normally
remains always open during current testing. During
current testing the operator only uses the micrometer
flow valve and the vent valves).
5.2 Step-by-step test procedure (A, B, C readings)
The DMT test basically consists in the following
sequence of operations.
1) The DMT operator makes sure that the
micrometer flow valve is closed and the toggle
vent valve open, then he gives the go-ahead to the
rig operator (the two operators should position
themselves in such a way they can exchange
control and visual communication easily).
2) The rig operator pushes the blade vertically into
the soil down to the selected test depth, either
from ground surface or from the bottom of a
borehole. During the advancement the signal
(galvanometer and buzzer) is normally on
because the soil pressure closes the membrane.
(The signal generally starts at 20 to 40 cm below
ground surface).
3) As soon as the test depth is reached, the rig
operator releases the thrust on the push rods and
gives the go-ahead to the DMT operator.
4) The DMT operator closes the toggle vent valve
and slowly opens the micrometer flow valve to
pressurize the membrane. During this time he
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hears a steady audio signal or buzzer on the
control unit. At the instant the signal stops (i.e.
when the membrane lifts from its seat and just
begins to move laterally), the operator reads the
pressure gage and records the first pressure
reading A.
5) Without stopping the pressurization, the DMT
operator continues to inflate the membrane
(signal off) until the signal reactivates (i.e.
membrane movement = 1.1 mm). At this instant
the operator reads at the gage the second pressure
reading B. After mentally noting or otherwise
recording this value, he must do the following
four operations:
a. Immediately open the toggle vent valve to
depressurize the membrane.
b. Close the micrometer flow valve to prevent
further supply of pressure to the dilatometer
(these first two operations prevent further
expansion of the membrane, which may
permanently deform it and change its
calibrations, and must be performed quickly
after the B-reading, otherwise the membrane
may be damaged).
c. Give the rig operator the go-ahead to advance
one depth increment - generally 20 cm (the
toggle vent valve must remain open during
penetration to exclude the risk of pushing the
blade with the membrane expanded).
d. Write the second reading B.
Repeat the above sequence at each depth until the
end of the sounding.
At the end of the sounding, when the blade is
extracted, perform the final calibration.
If the C-reading is to be taken, there is only one
difference in the above sequence. In Step 5.1, after
B, open the slow vent valve instead of the fast toggle
vent valve and wait (approximately 1 minute) until
the pressure drops approaching the zero of the gage.
At the instant the signal returns take the C-reading.
Note that, in sands, the value to be expected for C
is a low number, usually < 100 - 200 kPa, i.e. 10 or
20 m of water.
5.2.1 NOTE: Frequent mistakes in C-readings
As remarked in DMT Digest Winter '96, several
users have reported poor C-readings, mostly due to
improper technique. The frequent mistake is the
following. After B, i.e. when the slow deflation
starts, the signal is on. After some time the signal
stops (from on to off). The mistake is to take the
pressure at this inversion as C, which is incorrect (at
this time the membrane is the B-position). The
correct instant for taking C is some time later, when,
completed the deflation, after say 1 minute, the
membrane returns to the "closed" A-position, thereby
contacting the supporting pedestal and reactivating
the signal.

5.2.2 NOTE: Frequence of C-readings
a. Sandy sites
In sands (B  2.5 A) C-readings may be taken
sporadically, say every 1 or 2 m, and are used to
evaluate u0 (equilibrium pore pressure). It is
advisable to repeat the A-B-C cycle several times
to insure that all cycles provide similar Creadings.
b. Interbedded sands and clays
If the interest is limited to finding the u0 profile,
then C-readings are taken in the sandy layers (B 
2.5 A), say every 1 or 2 m.
When the interest, besides u0, is to discern freedraining layers from non free-draining layers, then
C-readings are taken at each test depth.
5.2.3 NOTE: Electrical connections during testing
The rig operator should never disconnect the ground
cable (e.g. to add a rod which requires to remove the
electrical alligator) while the DMT operator is taking
the readings and anyway not before his go-ahead
indication.
5.2.4 NOTE: Test depths
The test depths should be recorded with reference to
the center of the membrane.
5.2.5 NOTE: Expansion rate
Pressures A and B must be reached slowly.
According to the Eurocode 7 1997), the rate of
gas flow to pressurize the membrane shall be such
that the A-reading is obtained within 20 seconds
from reaching the test depth and the B-reading
(expansion from A to B) within 20 seconds after the
A-reading. As a consequence, the rate of pressure
increase is very slow in weak soils and faster in stiff
soils.
The above time intervals typically apply for
cables lengths up to approximately 30 m. For longer
cables the flow rate may have to be reduced to allow
pressure equalization along the cable. During the
test, the operator may occasionally check the
adequacy of the selected flow rate by closing the
micrometer flow valve and observing how the
pressure gage reacts. If the gage pressure drops in
excess of 2 % when closing the valve (ASTM 1986),
the rate is too fast and must be reduced.
5.2.6 NOTE: Time required for the test
The time delay between end of pushing and start of
inflation is generally 1-2 seconds. The complete test
sequence (A, B readings) generally requires about
1 minute. The total time needed for obtaining a
"typical" 30 m profile (if no obstructions are found)
is about 2 hours. The C-reading adds about
30 seconds to 1 minute to the time required for the
DMT sequence at each depth.
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5.2.7 NOTE: Depth increment
A smaller depth increment (typically 10 cm) can be
assumed, even limited to a single portion of the
DMT sounding, whenever more detailed soil
profiling is required.
5.2.8 NOTE: Thrust measurement
Some Authors or existing standards (Schmertmann
1988, ASTM 1986) recommend the measurement of
the thrust required to advance the blade as a routine
part of the DMT testing procedure. The specific aim
of this additional measurement is to obtain qD
(penetration resistance of the blade tip). qD permits
to estimate K0 and  in sand according to the
method formulated by Schmertmann 1982, 1983).
Measuring qD directly is highly impractical. One
way of obtaining qD is to derive it from the thrust
force, measurable by a properly calibrated load cell.
The preferable location of such load cell would be
immediately above the blade to exclude the rod
friction (however the lateral friction on the blade has
still to be detracted). Even this cell location is
impractical and not presently adopted except for
research purposes, so that the load cell is generally
located above the ground surface.
Practical alternative methods for estimating qD are
indicated in ASTM 1986): (a) Measure the thrust at
the ground surface and subtract the estimated
parasitic rod friction above the blade. (b) Measure
the thrust needed for downward penetration and the
pull required for upward withdrawal: the difference
gives an estimate of qD. (c) If values of qc from
adjacent CPT are available, assume qD  qc (e.g.
ASTM 1986, Campanella & Robertson 1991, ASTM
Draft 2000).
6 REPORTING OF TEST RESULTS ("FIELD
RAW DATA")
A typical DMT field data form is shown in Fig. 13.
Besides the field raw data, the test method should
be described, or the reference to a published standard
indicated (Eurocode 7 1997).
7 CHECKS FOR QUALITY CONTROL
7.1 Checks on hardware
7.1.1 Blade
7.1.1.1 Membrane corrections tolerances
Verify that all blades available at the site are within
tolerances (initial A = 5 to 30 kPa, initial B = 5 to
80 kPa).
Sharpness of electrical signal
Using the syringe (in the calibration configuration)
apply 10 or more cycles of vacuum-pressure to
verify sharpness of the electrical signal at the off and
7.1.1.2

on inversions. If the signal inversions are not sharp,
the likely reason is dirt between the contacts and the
blade must be disassembled and cleaned.

Fig. 13. Typical DMT field data form.

Airtightness
Submerge the blades under water and pressurize
them at 0.5 MPa.
7.1.1.3

Check elevations of sensing disc, feeler and
plexiglass cylinder
These checks are executed using a special "tripod"
dial gage (Fig. 14). The legs of the tripod rest on the
surrounding plane and the dial gauge permits to
measure the elevations above this plane. Their
values should fall within the following tolerances:
 Sensing disc
Nominal elevation above the surrounding plane:
0.05 mm. Tolerance range: 0.04-0.07 mm.
 Feeler
Nominal elevation above the sensing disc:
0.05 mm. Tolerance range: 0.04-0.07 mm above
the sensing disc.
 Plexiglass cylinder
Only calibrated plexiglass (or quartz) cylinders
(height 3.90  0.01 mm) should be used to insure
accuracy of the prefixed movement. Therefore
checking the elevation of the top of the plexiglass
cylinder is redundant. Such elevation can be
checked, and should be in the range 1.13-1.18
mm above the membrane support plane.
7.1.1.4
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Continuity between the metal tubelet and blade
body if the plexiglass cylinder is lifted.
 No continuity (insulation) between the metal
tubelet and blade body if the plexiglass cylinder is
depressed (continuity in this case would mean
that the blade is in short circuit).
A recommended check just before mounting the
membrane is the following:
 Press 10 times or more on the plexiglass cylinder
to insure that the on and off signal inversions are
sharp and prompt.
Fig. 14. "Tripod" dial gage.

Sensing disc extraction force (the sensing disc
must be stationary inside the insulating seat)
The disc should fit tightly, thanks to the lateral
gripping force, inside the insulating seat. The
extraction force should be, as a minimum, equal to
the weight of the blade so that, if the sensing disc is
lifted, the blade is lifted too without falling.
If the coupling becomes loose (disc free to move)
then the gripping force should be re-increased. One
quick fix can be the addition, while reinstalling the
disc, of a small piece of plastic sheet laterally (not on
the bottom).
7.1.1.5

Sensing disc, underlying cavity and elements
inside cavity must be perfectly clean
The parts of the instrument inside the membrane
(disc, spring, metal cylinder, cylinder housing) must
be kept perfectly clean (e.g. blowing each piece with
compressed air) to insure proper electrical contacts.
A complete guide for disassembling and cleaning
the blade can be found in Marchetti & Crapps 1981)
and Schmertmann 1988).
In particular, the critical electrical contact points
(highlighted in Fig. 15) should be perfectly free from
dirt/grains/tissue. If not, the defective electrical
contact will cause severe and costly inconveniences.
In fact electrical malfunctioning will result in no
B-signal.
7.1.1.10

Conditions of the penetration edge
In case of severe denting of blade's edge, straighten
the major undulations, then sharpen the edge using a
file.
7.1.1.6

Coaxiality between blade and axis of the rods
With the adaptor mounted on the blade, place the
inside edge of an L-square against the side of the
adaptor. Note the distance from the penetration edge
of the blade to the side of the L-square. Turn the
blade 180° and repeat the measurement. The
difference between the two distances should not
exceed 3 mm (corresponding to a coaxiality error of
1.5 mm).
7.1.1.7

Blade planarity
Place a 15 cm ruler against the face of the blade
parallel to its long side. The "sag" between the ruler
and blade should not exceed 0.5 mm (to be checked
with a flat 0.5 mm feeler gage).
7.1.1.8

Check the blade for electrical continuity
If the calibration has been carried out without
irregularities in the expected electrical signal, the
calibration itself already proves that the electrical
function of the blade is working properly.
Additional electrical checks can be carried out
with the membrane removed (but with the plexiglass
cylinder in its place) using a continuity tester. The
open blade should respond electrically as follows:
 Continuity between the metal tubelet and the
sensing disc.

Fig. 15. Electrical contact points to be kept clean to avoid
membrane overinflation.

In absence of B-signal, the operator will keep
inflating, eventually overexpanding the membrane
beyond A, B tolerances, in which case the test
results will be rejected.
The risk of absence of B-reading can be reduced
by the following check: before starting a sounding,
repeat the calibration (A, B) 10 times or more, to
make sure that the B-signal is regular and sharp.

7.1.1.9

7.1.2 Control unit
7.1.2.1 Check the control unit for electrical operation
 Press the test button with the audio switch on.
The galvanometer and buzzer should activate.
 Connect with a wire the inside of the ground jack
with the female quick connector marked
dilatometer. The galvanometer and buzzer should
activate.
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Check the control unit for gas leakage
Close the vent valves, open the main valve and the
micrometer flow valve. Pressurize the control unit to
the maximum gage range. Close the main valve to
avoid further pressure supply. Observe the gages for
leaks.
7.1.2.2

7.1.3 Pneumatic-electrical cables
7.1.3.1 Check the cable for mechanical integrity
Inspect the entire length to determine if the tubing is
pinched or broken.
Check the cable for electrical operation
Check by a continuity tester both electrical
continuity and electrical insulation between the
terminals. The male quick connectors should be in
contact with the inner wire, while the metal
terminals should be insulated from the wire.
7.1.3.2

Check the cable for gas leakage
Plug with the special female closed-ended terminal
the blade terminal of the cable and connect the other
end of the cable to the control unit. Use the control
unit to pressurize the cable to 4-6 MPa. Then close
the micrometer flow valve. Observe the gage for any
loss in pressure. A leak can be localized by
immersing the cable and fittings in water.
7.1.3.3

7.2 Checks on test execution


Verify that A is reached within 20 seconds, B
within 20 seconds after A.
 The change of A or B before/after the sounding
must not exceed 25 kPa, otherwise the test will be
rejected.
 The C-reading, when taken, should be obtained in
45 to 60 seconds after starting the deflation
following B.
7.2.1 NOTE: Accuracy of DMT measurements
The prefixed displacement is the difference between
the height of the plexiglass cylinder and the
thickness of the sensing disc. These components are
machined to 0.01 mm tolerance, and their
dimensions cannot be altered by the operator. Likely
temperature dilatation of such components are less
than 0.01 mm. Hence the displacement will be 1.10
mm  0.02 mm.
The pressure measurements are balance of zero
measurements (null method), providing high
accuracy. The accuracy of the pressure
measurements is the accuracy of the gages in the
control unit.
Since the accuracy of both measured pressure and
displacement is high, the instrumental accuracy of
the DMT results is also high, and operator
independent.
Accuracy problems can only arise when the
following two circumstances occur simultaneously:

(a) The soil is very soft. (b) The operator has badly
overinflated the membrane, making A, B
uncertain.
7.2.2 NOTE: Reproducibility of DMT results
The high reproducibility of the test results is a
characteristics of the DMT unanimously observed by
many investigators.
It has been noted that "peaks" or other
discontinuities in the profiles repeat systematically if
one performs more than one sounding, therefore they
are not due to a random instrumental deviation, but
reflect soil variability. Even in sand, which is usually
considered inherently variable, the DMT has been
found to give repeatible profiles, i.e. the variability
can be followed and the instrumental dispersion is
negligible.
7.2.3

NOTE: Automatic data acquisition for DMT
and "research" dilatometers
While the mechanical DMT is the type most
commonly used today, various users have developed
automatic data acquisition systems. These systems
are outside the scope of this report. Only a few
comments are given below.
Automatic data acquisition is not as indispensable
as in other in situ tests (e.g. CPT/CPTU), since the
DMT generates only a few measurements per
minute, that the operator can write easily in the dead
time between the operations.
Automatic acquisition does not speed the test or
increase productivity or accuracy. Rather, automatic
recording is requested nowadays mostly for quality
control checks, easier when everything is recorded.
"Research" dilatometers, involving blades
instrumented with various types of sensors, are
outside the scope of this report. The interested reader
is referred to Boghrat 1987), Campanella &
Robertson 1991), Fretti et al. 1992), Huang et al.
1991), Kaggwa et al. 1995), Lutenegger & Kabir
1988), Mayne & Martin 1998).
One of the interesting findings obtained by testing
with different instrumented blades is that the
pressure-displacement relationship, between A and
B, is almost linear.
8 DISSIPATION TESTS
In low permeability soils (clays, silts) the excess
pore water pressure induced by the blade penetration
dissipates over a period of time much longer than
required for the DMT test. In these soils it is possible
to estimate the in situ consolidation/flow parameters
by means of dissipation tests.
A DMT dissipation test consists in stopping the
blade at a given depth, then monitoring the decay of
the total contact horizontal stress h with time. The
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flow parameters are then inferred from the rate of
decay.
The recommended DMT dissipation method is
the DMT-A method (Marchetti & Totani 1989).
Other available methods are the DMT-C method
(Robertson et al. 1988) and the DMT-A2 method
(ASTM Draft 2000). The interpretation is covered in
Section 11.4.1.
Dissipation tests are generally performed during
the execution of a standard DMT sounding stopping
blade at the desired dissipation depth. After the
dissipation is completed, the sounding is resumed
following the current test procedure. In this case, the
time required for the entire DMT sounding includes
the time for the dissipation.
Dissipation tests can be time consuming and are
generally performed only when information on flow
properties is especially valuable. In very low
permeability clays, a dissipation can last 24 hours or
more. In more permeable silty layers, the dissipation
may last hours, if not minutes.
Dissipation tests can also be performed separated
from DMT soundings, by means of one or more
blades pushed and left in place at the desired depths.
This permits to carry out DMT soundings and
dissipations simultaneously, with considerable time
saving.
The dissipation depths are decided in advance,
based on earlier DMT profiles or other available soil
information.
It should be noted that DMT dissipations are not
feasible in relatively permeable soils (e.g. some
sandy silts) whose permeability is such that most of
the dissipation occurs in the first minute, because the
first reading cannot be taken in less than 10-15
seconds from start. Clearly DMT dissipations are not
feasible in sand and gravel.
8.1 DMT-A dissipation method
The DMT-A method (Marchetti & Totani 1989)
consists in stopping the blade at a given depth, then
taking a timed sequence of A-readings. Note that
only the A-reading is taken, avoiding the expansion
to B. The operator deflates the membrane by opening
the toggle vent valve as soon as A is reached (this
method is also called "A & deflate" dissipation).
Procedure:
1) Stop the penetration at the desired dissipation
depth and immediately start a stopwatch. The
time origin (t = 0) is the instant at which pushing
is stopped. Then, without delay, slowly inflate the
membrane to take the A-reading. As soon as A is
reached, immediately vent the blade. Read at the
stopwatch the elapsed time at the instant of the Areading and record it together with the A-value.
2) Continue to take additional A-readings to obtain
reasonably spaced points for the time-dissipation
curve. A factor of 2 increase in time at each A-

reading is satisfactory (e.g. 0.5, 1, 2, 4, 8, 15, 30
etc. minutes after stopping the blade). For each Areading record the exact stopwatch time (which
has not necessarily to coincide with the above
values).
3) Plot in the field a preliminary A–log t diagram.
Such diagram has usually an S-shape. The
dissipation can be stopped when the A–log t curve
has flattened sufficiently so that the contraflexure
point is clearly identified (the time at the
contraflexure point tflex is used for the
interpretation).
8.2 DMT-A2 dissipation method
The DMT-A2 method (described in ASTM Draft
2000) is an evolution of the DMT-C method
(Robertson et al. 1988, see also details in
Schmertmann 1988 and US DOT 1992).
The DMT-C method consists in performing, at
different times, one cycle of readings A-B-C and
plotting the decay curve of the C-readings taken at
the end of each cycle.
The DMT-C method relies on the assumption that
p2 (corrected C-reading) is approximately equal to
the pore pressure u in the soil facing the membrane.
Then the method treats the p2 vs time curve as the
decay curve of u (hence p2 after complete dissipation
should be equal to uo).
The assumption p2 = u has been found to be
generally valid for soft clays, not valid for OC clays.
Thus the DMT-C method should be used with
caution.
In 1991 (DMT Digest 12) Schmertmann found
that a better approximation of the u decay can be
obtained in the following way. Perform first one
complete cycle A-B-C (only one cycle), then take
only A-readings (called by Schmertmann "A2") at
different times, without performing further A-B-C
cycles.
The procedure for DMT-A2 is very similar to the
one previously described for the DMT-A dissipation,
with the following differences:
1) The readings taken and used to construct the
decay curve are the A2 readings rather than the Areadings.
2) The dissipation is stopped after making at least
enough measurements to find t50 (time at 50 % of
A-dissipation). If time permits, the test is
continued long enough for the dissipation curve
to approach its eventual asymptote at 100 %
dissipation A100. Ideally A100 = u0 when corrected.
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PART B : INTERPRETATION AND
APPLICATIONS
9 DATA REDUCTION AND INTERPRETATION
9.1 Interpretation in terms of soil parameters
The primary way of using DMT results is to interpret
them in terms of common soil parameters.
In many cases the parameters estimated by DMT
are used by applying the usual design methods. In
this way the engineer can compare and check the
parameters obtained by other tests, select the design
profiles, then apply his usual design methods.
This methodology ("design via parameters")
opens the door to a wide variety of engineering
applications.
Direct DMT-based methods are limited to some
specific applications (e.g. P-y curves for laterally
loaded piles).
9.2 Data reduction / Intermediate and common soil
parameters
The basic DMT data reduction formulae and
correlations are summarized in Table 1.
Field readings A, B are corrected for membrane
stiffness and gage zero offset in order to determine
the pressures p0, p1 using the following formulae:

p0 = 1.05 (A – ZM + A) – 0.05 (B – ZM – B)

(1)

p1 = B – ZM – B

(2)

where A, B = corrections determined by
membrane calibration; ZM = gage zero offset (gage
reading when vented to atmospheric pressure).
9.2.1 NOTE: Gage zero offset ZM
In all the formulae containing ZM enter ZM = 0 (even
if ZM  0) if A, B are measured by the same gage
used for the current A, B readings (this is the normal
case today using the dual-gage control unit).
The reason is that the ZM correction is already
accounted for in A, B (this compensation can be
verified readily from the algebra of the correction
formulae for A, B). Hence entering the real ZM would
result in applying twice the correction to A and B.
The corrected pressures p0 and p1 are
subsequently used in place of A and B in the
interpretation.
The original correlations (Marchetti 1980) were
obtained by calibrating DMT results versus high
quality parameters. Many of these correlations form
the basis of today interpretation, having been
generally confirmed by subsequent research.
The interpretation evolved by first identifying
three "intermediate" DMT parameters (Marchetti,
1980):

Table 1. Basic DMT reduction formulae.
SYMBOL
DESCRIPTION
P0
Corrected First Reading
P1
Corrected Second Reading

ID
KD
ED

K0
OCR
cu

ch
kh

M

u0

BASIC DMT REDUCTION FORMULAE
p0 = 1.05 (A - ZM + A) - 0.05 (B - ZM - B)
ZM = Gage reading when vented to
atm.
p1 = B - ZM - B
If A & B are measured with the
same gage used for current
readings A & B, set ZM = 0 (ZM is
compensated)
Material Index
ID = (p1 - p0) / (p0 - u0)
u0 = pre-insertion pore pressure
Horizontal Stress Index
KD = (p0 - u0) / 'v0
'V0 = pre-insertion overburden
stress
Dilatometer Modulus
ED = 34.7 (p1 - p0)
ED is NOT a Young's modulus E.
ED should be used only AFTER
combining it with KD (Stress
History). First obtain MDMT = RM
ED, then e.g. E  0.8 MDMT
Coeff. Earth Pressure in Situ K0,DMT = (KD / 1.5)0.47 - 0.6
for ID < 1.2
Overconsolidation Ratio
OCRDMT = (0.5 KD)1.56
for ID < 1.2
Undrained Shear Strength
cu,DMT = 0.22 'V0 (0.5 KD)1.25
for ID < 1.2
Friction Angle
safe,DMT = 28° + 14.6 log KD - 2.1 log2 KD
for ID > 1.8
Coefficient of Consolidation ch,DMTA  7 cm2 / Tflex
Tflex from A-log t DMTA-decay
curve
Coefficient of Permeability
kh = ch w / Mh (Mh  K0 MDMT)
Unit Weight and Description (see chart in Fig. 16)
Vertical Drained
MDMT = RM ED
Constrained Modulus
if ID  0.6
RM = 0.14 + 2.36 log KD
if ID  3
RM = 0.5 + 2 log KD
if 0.6 < ID < 3 RM = RM,0 + (2.5 - RM,0) log KD
with RM,0 = 0.14 + 0.15 (ID - 0.6)
if KD > 10
RM = 0.32 + 2.18 log KD
if RM < 0.85
set RM = 0.85
Equilibrium Pore Pressure
u0 = p2 = C - ZM + A
In free-draining soils
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the material index ID
the horizontal stress index KD
the dilatometer modulus ED
then relating these intermediate parameters (not
directly p0 and p1) to common soil parameters.
The intermediate parameters ID, KD, ED are
"objective" parameters, calculated from p0 and p1
using the formulae shown in Table 1.
The interpreted (final) parameters are common
soil parameters, derived from the intermediate
parameters ID, KD, ED using the correlations shown
in Table 1 (or other established correlations).
The values of the in situ equilibrium pore
pressure u0 and of the vertical effective stress 'v0
prior to blade insertion must also be introduced into
the formulae and have to be known, at least
approximately.
Parameters for which the DMT provides an
interpretation (see Table 1) are:
 vertical drained constrained modulus M (all soils)
 undrained shear strength cu (in clay)
 in situ coefficient of lateral earth pressure K0 (in
clay)
 overconsolidation ratio OCR (in clay)
 horizontal coefficient of consolidation (in clay)
 coefficient of permeability kh (in clay)
 friction angle  (in sand)
 unit weight and soil type (all soils)
 equilibrium pore pressure u0 (in sand).
Correlations for clay apply for ID < 1.2. Correlations
for sand apply for ID > 1.8.
The constrained modulus M and the undrained
shear strength cu are believed to be the most reliable
and useful parameters obtained by DMT.
9.2.2 NOTE: Correction formula for p0
Eq. 1 for p0 (back-extrapolated contact pressure at
zero displacement) derives from the assumption of a
linear pressure-displacement relationship between
0.05 mm (elevation of the feeler pin above sensing
disc) and 1.10 mm (Marchetti & Crapps 1981).
9.2.3 NOTE: Sign of A, B corrections
Although the actual A-pressure is negative
(vacuum), it simulates a positive soil pressure.
Consequently it is recorded and introduced in the p0
formula as a positive number when it is a vacuum
(which is the normal case).
B is normally positive.
NOTE: Selecting the "average" A, B to
calculate p0, p1 (for a detailed treatment of
this topic see Marchetti 1999)
Selecting the average A, B from the before/after
A, B values must be done by an experienced
technician. While performing the average, the entity
of A, B and their variations during the sounding
will also give him an idea of the care exercised
during the execution.
9.2.4

If the test has been regular (e.g. the membrane has
not been overinflated, and the Eurocode 7 tolerances
for A, B have not been exceeded), the before/after
values of A, B are very close, so that their
arithmetic average is adequate.
If A or B vary more than 25 kPa during a
sounding, the results, according to the Eurocode 7
1997), should be discarded. However, if the soil is
stiff, the results are not substantially influenced by
A, B, and using typical A, B values (e.g. 15 and
40 kPa respectively) generally leads to quite
acceptable results.
9.2.5

NOTE: Comments on the three intermediate
parameters
The three intermediate parameters ID, KD, ED are
derived from two field readings. Hence, clearly, only
two of them are independent (the DMT is just a twoparameter test).
ID, KD, ED have been introduced because each one
of them has some recognizable physical meaning and
some engineering usefulness.
10 INTERMEDIATE DMT PARAMETERS
10.1 Material index ID (soil type)
The material index ID is defined as follows:
ID 

p1  p0
p0  u 0

(3)

where u0 is the pre-insertion in situ pore pressure.
The above definition of ID was introduced having
observed that the p0 and p1 profiles are
systematically "close" to each other in clay and
"distant" in sand.
According to Marchetti 1980), the soil type can
be identified as follows:
clay : 0.1 < ID < 0.6
silt : 0.6 < ID < 1.8
sand : 1.8 < ID < (10)
In general, ID provides an expressive profile of soil
type, and, in "normal" soils, a reasonable soil
description.
Note that ID sometimes misdescribes silt as clay
and vice versa, and of course a mixture clay-sand
would generally be described by ID as silt.
When using ID, it should be kept in mind that ID is
not, of course, the result of a sieve analysis, but a
parameter reflecting mechanical behavior (some
kind of "rigidity index"). For example, if a clay for
some reasons behaves "more rigidly" than most
clays, such clay will be probably interpreted by ID as
silt.
Indeed, if one is interested in mechanical
behavior, sometimes it could be more useful for his
application a description based on a mechanical
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response rather than on the real grain size
distribution.
If, on the other hand, the interest is on
permeability, then ID should be supplemented by the
pore pressure index UD (see Section 11.4.4).

The horizontal stress index KD is defined as follows:
p  u0
KD  0
 v 0

(4)

where v0 is the pre-insertion in situ overburden
stress.
KD provides the basis for several soil parameter
correlations and is a key result of the dilatometer
test.
The horizontal stress index KD can be regarded as
K0 amplified by the penetration. In genuinely NC
clays (no aging, structure, cementation) the value of
KD is KD,NC  2.
The KD profile is similar in shape to the OCR
profile, hence generally helpful for "understanding"
the soil deposit and its stress history (Marchetti
1980, Jamiolkowski et al. 1988).
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10.3 Dilatometer modulus ED
The dilatometer modulus ED is obtained from p0 and
p1 by the theory of elasticity (Gravesen 1960). For
the 60 mm diameter of the membrane and the 1.1
mm displacement it is found
ED = 34.7 (p1 - p0)

(5)

ED in general should not be used as such, especially
because it lacks information on stress history. ED
should be used only in combination with KD and ID.
The symbol ED should not evoke special affinity
with the Young's modulus E' (see Section 11.3.2).
11 DERIVATION OF GEOTECHNICAL
PARAMETERS
11.1 Stress history / state parameters
11.1.1 Unit weight  and soil type
A chart for determining the soil type and unit weight
 from ID and ED was developed by Marchetti &
Crapps 1981) (Fig. 16).
Many Authors (e.g. Lacasse & Lunne 1988) have
presented modified forms of such table, more closely
matching local conditions. However the original
chart is generally a good average for "normal" soils.
On the other hand, the main scope of the chart is not
the accurate estimation of , but the possibility of
constructing an approximate profile of 'v0 , needed
in the elaboration.

11.1.2 Overconsolidation ratio OCR
11.1.2.1 OCR in clay
The original correlation for deriving the
overconsolidation ratio OCR from the horizontal
stress index KD (based on data only for uncemented
clays) was proposed by Marchetti 1980) from the
observation of the similarity between the KD profile
and the OCR profile:
OCRDMT = (0.5 KD)1.56

(6)

Eq. 6 has built-in the correspondence KD = 2 for
OCR = 1 (i.e. KD,NC  2). This correspondence has
been confirmed in many genuinely NC (no
cementation, aging, structure) clay deposits.
The resemblance of the KD profile to the OCR
profile has also been confirmed by many subsequent
comparisons (e.g. Jamiolkowski et al., 1988).
Research by Powell & Uglow 1988) on the OCRKD correlation in several UK deposits showed some
deviation from the original correlation. However
their research indicated that:
 The original correlation line by Marchetti 1980) is
intermediate between the UK data points.
 The datapoints relative to each UK site were in a
remarkably narrow band, parallel to the original
correlation line.
 The narrowness of the datapoints band for each
site is a confirmation of the remarkable
resemblance of the OCR and KD profiles, and the
parallelism of the datapoints for each site to the
original line is a confirmation of its slope.
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The Marchetti 1980) OCR-KD correlation for clay
was also confirmed by a comprehensive collection of
data by Kamei & Iwasaki 1995 (Fig. 17), and,
theoretically, by Finno 1993 (Fig. 18).
A confirmation of KD  2 in genuine NC clays
comes from recent slip surface research (Totani et al.
1997).

researchers have attempted to develop correlations
also in cemented clays.
It cannot be expected the existence of a unique
OCR-KD correlation valid for all cemented clays,
because the deviation from the uncemented
correlation depends on the variable entity of the
cementation and the consequent variable increase in
KD. Therefore, in general, datapoints for cemented
clays should be kept separated, without attempting to
establish a unique average correlation for both
cemented and uncemented clays.
Practical indications for estimating OCR in
various clays
The original OCR-KD correlation (Eq. 6) is a good
base for getting a first interpretation of the OCR
profile (or, at least, generally accurate information
on its shape).
In general the KD profile is helpful for
"understanding" the stress history. The KD profile
permits to discern NC from OC clays, and clearly
identifies shallow or buried desiccation crusts.
The KD profile is often the first diagram that the
engineer inspects, because from it he can get at a
glance a general grasp on the stress history.
In NC clays, the inspection of the KD profile
permits to distinguish genuine NC clays (KD  2,
constant with depth) from cemented NC clays
(KD  3 to 4, constant with depth, e.g. Fucino,
Onsøy). In these clays any excess of KD compared
with the "floor" value KD  2 provides an
indication of the intensity of cementation/
structure/aging. However the NC condition can be
easily recognized (despite KD > 2), because KD
does not decrease with depth as in OC deposits.
In cemented OC clays the inspection of the KD
profile does not reveal cementation as clearly as
in NC clays (though the cementation shows up in
the form of a less marked decrease of KD with
depth). In cemented clays the geological OCR
will be overpredicted by Eq. 6.
Highly accurate and detailed profiles of the in situ
OCR can be obtained by calibrating OCRDMT
versus a few (in theory even one or two - see
Powell & Uglow 1988) high quality oedometers.
Since OCR is a parameter difficult and costly to
obtain, for which there are not many measuring
options, the possibility of projecting via KD a
large number of high quality data appears useful.
Stiff fissured OC clays. It is found that in non
fissured OC clays the KD profiles are rather
smooth, while in fissured OC clays the KD
profiles are markedly seesaw-shaped. Such
difference indicates that fissures are, to some
extent, identified by the low points in the KD
profiles. The sensitivity of KD to fissures may be
useful in some studies. Note that the KD s in the
fissures of an OC clay are still considerably > 2,
therefore fissures cannot be confused with slip

11.1.2.3





Fig. 17. Correlation KD -OCR for cohesive soils from various
geographical area (Kamei & Iwasaki 1995).






Fig. 18. Theoretical KD vs OCR (Finno 1993).

In fact: (a) In all the layers where sliding was
confirmed by inclinometers, it was found KD  2. (b)
The clay in the remolded sliding band has certainly
lost any trace of aging, structure, cementation, i.e.
such clay is a good example of genuine NC clay.
Thus KD  2 appears the lower bound value for
KD,NC . If a geologically NC clay has KD > 2, any
excess of KD above 2 indicates the likely existence
of aging, structure or cementation.
Cemented-aged-structured clays (for brevity
called below "cemented clays")
The original OCR-KD correlation for clays
established by Marchetti 1980) was presented as non
applicable to cemented clays. However various
11.1.2.2
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surfaces - characterized by KD = 2 (see Section
13.4).
OCR in sand
The determination (even the definition) of OCR in
sand is more difficult than in clay. OCR in sand is
often the result of a complex history of preloading or
desiccation or other effects.
Moreover, while OCR in clay can be determined
by oedometers, sample disturbance does not permit
the same in sand. Therefore some approximation
must be accepted.
A way of getting some information on OCR in
sand is to use the ratio MDMT /qc. The basis is the
following:
 Jendeby 1992) performed DMTs and CPTs before
and after compaction of a loose sand fill. He
found that before compaction (i.e. in nearly NC
sand) the ratio MDMT /qc was 7-10, after
compaction (i.e. in OC sand) 12-24.
 Calibration chamber (CC) research (Baldi et al.
1988) comparing qc with M, both measured on the
CC specimen, found ratios Mcc /qc: in NC sands
4-7, in OC sands 12-16.
 Additional data in sands from instrumented
embankments
and
screw
plate
tests
(Jamiolkowski 1995) indicated a ratio (in this
case E'/qc): in NC sands 3-8, in OC sands 10-20.
 The well documented finding that compaction
effects are felt more sensitively by MDMT than by
qc (see Section 13.5) also implies that MDMT /qc is
increased by compaction/precompression.
Hence OCR in sands can be at least approximately
evaluated from the ratio MDMT /qc, using the
following indicative values as a reference: MDMT /qc
= 5-10 in NC sands, MDMT /qc = 12-24 in OC sands.
An indication of some ability of KD to reflect
OCR in sand comes from the crust-like KD profiles
often found at the top of sand deposits, very similar
to the typical KD profiles found in OC desiccation
crusts in clay.

Example comparisons of K0 determined by DMT
and by other methods at two research sites are shown
in Fig. 19 (Aversa, 1997).

11.1.2.4

11.1.3 In situ coefficient of lateral earth pressure K0
11.1.3.1 K0 in clay
The original correlation for K0, relative to
uncemented clays (Marchetti 1980), is:
K0 = (KD / 1.5) 0.47 - 0.6

(7)

Various Authors (e.g. Lacasse & Lunne 1988,
Powell & Uglow 1986, Kulhawy & Mayne 1990)
have presented slightly modified forms of the above
equation. However the original correlation produces
estimates of K0 generally satisfactory, especially
considering the inherent difficulty of precisely
measuring K0 and that, in many applications, even an
approximate estimate of K0 may be sufficient.
In highly cemented clays, however, the Eq. 7 may
significantly overestimate K0, since part of KD is due
to the cementation.

Fig. 19. K0 from DMT vs K0 by other methods at two clay
research sites (Aversa, 1997): (a) Bothkennar, UK (Nash et al.,
1992); (b) Fucino, Italy (Burghignoli et al., 1991).

K0 in sand
The original K0-KD correlation was obtained by
interpolating datapoints relative mostly to clay. The
very few (in 1980) datapoints relative to sand
seemed to plot on the same curve. However,
subsequent sand datapoints showed that a unique
correlation cannot be established, since such
correlation in sand also depends on  or Dr.
Schmertmann 1982, 1983), based on CC results,
interpolated through the CC datapoints a K0 -KD -
correlation equation (the lengthy fractionlike
equation reported as Eq. 1 in Schmertmann 1983 or
Eq. 6.5 in US DOT 1992). Such equation is the
analytical equivalent of Fig. 10 in Schmertmann
1983), containing, in place of a unique K0-KD
equation, a family of K0-KD curves, one curve for
each . Since  is in general unknown, Schmertmann
1982, 1983) suggested to use also the Durgunoglu &
Mitchell 1975) theory, providing an additional
condition qc -K0 -, if qc (or qD) is also measured.
He suggested an iterative computer procedure
(relatively complicated) permitting the determination
of both K0 and . A detailed description of the
method can be found in US DOT 1992).
To facilitate calculations, Marchetti 1985)
prepared a K0 chart in which  was eliminated, by
combination of the Schmertmann 1982, 1983) K0 KD - relation and the Durgunoglu & Mitchell 1975)
qc -K0 - relation. Such chart (reported as Fig. 6.4 in
US DOT 1992) provides K0, once qc and KD are
given.
Baldi et al. 1986) updated such chart by
incorporating all subsequent CC work. Moreover the
chart was converted into simple algebraic equations:
11.1.3.2

K0 = 0.376 + 0.095 KD - 0.0017 qc /'v0

(8)

K0 = 0.376 + 0.095 KD - 0.0046 qc /'v0

(9)
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Eq. 8 was determined as the best fit of CC data,
obtained on artificial sand, while Eq. 9 was obtained
by modifying the last coefficient to predict
"correctly" K0 for the natural Po river sand.
In practice the today recommendation for K0 in
sand is to use the above Eq. 8 and Eq. 9 with the
following values of the last coefficient: -0.005 in
"seasoned" sand, -0.002 in "freshly deposited" sand
(though such choice involves some subjectivity).
While this is one of the few methods available for
estimating K0 in sand (or at least the shape of the K0
profile), its reliability is difficult to establish, due to
scarcity of reference values.
Cases have been reported of satisfactory
agreement (Fig. 20 , Jamiolkowski 1995). In other
cases the K0 predictions have been found to be
uncorrect as absolute values, though the shape of the
profile appears to reflect the likely K0 profile. The
uncertainty is especially pronounced in cemented
sand (expectable, due to the additional unknown
"cementation").
An inconvenience of the method is that it requires
both DMT and CPT and proper matching of
correspondent KD and qc.

Kemigawa

Ohgishima

Fig. 21. Correlation KD -Dr for NC uncemented sands (after
Reyna & Chameau, 1991; also including Ohgishima and
Kemigawa datapoints obtained by Tanaka & Tanaka, 1998).

11.2 Strength parameters
11.2.1 Undrained shear strength cu
The original correlation for determining cu from
DMT (Marchetti, 1980) is the following:
cu = 0.22 'v0 (0.5 KD)1.25

(10)

Eq. 10 has generally been found to be in an
intermediate position between subsequent data
points presented by various researchers (e.g. Lacasse
& Lunne, 1988; Powell & Uglow, 1988).
Example comparisons between cu DMT and cu by
other tests at two research sites are shown in Figs. 22
and 23.
Experience has shown that, in general, cu DMT is
quite accurate and dependable for design, at least for
everyday practice.
K Pa

0
Fig. 20. K0 from DMTs and SBPTs in natural Ticino sand at
Pavia (Jamiolkowski, 1995).
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11.1.4 Relative density Dr (sand)
In NC uncemented sands, the recommended relative
density correlation is the one shown in Fig. 21
(Reyna & Chameau 1991), where Dr is derived from
KD. This correlation is supported by the additional
KD -Dr datapoints (also included in Fig. 21) obtained
by Tanaka & Tanaka 1998) at the Ohgishima and
Kemigawa sites, where Dr was determined on high
quality samples taken by the freezing method.
In OC sands or possibly in cemented sands,
Fig. 21 will overpredict Dr, since part of KD is due to
the overconsolidation or cementation, rather than to
Dr. The amount of the overprediction is difficult to
evaluate at the moment.

10

15

20
Fig. 22. Comparison between cu determined by DMT and by
other tests at the National Research Site of Bothkennar, UK
(Nash et al., 1992).
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KPa

Fig. 23. Comparison between cu determined by DMT and by
other tests at the National Research Site of Fucino, Italy
(Burghignoli et al., 1991).

11.2.2 Friction angle  (sand)
Two methods are currently used today for estimating
 from DMT (see also Marchetti 1997).
The first method (Method 1) provides
simultaneous estimates of  and K0 derived from the
pair KD and qD (Method 1a) or from the pair KD and
qc (Method 1b).
The second method (Method 2) provides a lower
bound estimate of  based only on KD.
Method 1a ( from KD, qD)
This method, developed by Schmertmann 1982,
1983), has been described in Section 11.1.3.2
relative to K0 in sand.
11.2.2.1

Method 1b ( from KD, qc)
This method (Marchetti 1985) first derives K0 from
qc and KD as indicated in Section 11.1.3.2 (K0). Then
uses the theory of Durgunoglu & Mitchell 1975), or
its handy graphical equivalent chart in Fig. 24, to
estimate  from K0 and qc.
11.2.2.2

Method 2 ( from KD)
Details on the derivation of the method can be found
in Marchetti 1997).  is obtained from KD by the
following equation:
11.2.2.3

safe,DMT = 28° + 14.6° log KD – 2.1° log2 KD

(11)

As already noted,  from Eq. 11 is intended to be not
the "most likely" estimate of , but a lower bound
value (typical entity of the underestimation believed
to be 2° to 4°). Obviously, if more accurate reliable
higher values of  are available, then such values
should be used.

Fig. 24. Chart qc, K0,  according to Durgunoglu & Mitchell
(worked out by Marchetti, 1985).

11.3 Deformation parameters
11.3.1 Constrained modulus M
The modulus M determined from DMT (often
designated as MDMT) is the vertical drained confined
(one-dimensional) tangent modulus at 'v0 and is the
same modulus which, when obtained by oedometer,
is called Eoed = 1/mv.
MDMT is obtained by applying to ED the correction
factor RM according to the following expression:
MDMT = RM ED

(12)

The equations defining RM = f(ID, KD) (Marchetti
1980) are given in Table 1. The value of RM
increases with KD (major influence).
It is to be noted that RM, being dependent on
ID,KD, is not a unique proportionality constant
relating M to ED. RM varies mostly in the range
1 to 3.
Since ED is an "uncorrected" modulus, while
MDMT is a "corrected" modulus, deformation
properties should in general be derived from MDMT
and not from ED.
Experience has shown that MDMT is highly
reproducible and in most sites variable in the range
0.4 to 400 MPa.
Comparisons both in terms of MDMT –Mreference
and in terms of predicted vs measured settlements
have shown that, in general, MDMT is reasonably
accurate and dependable for everyday design
practice.
MDMT is to be used in the same way as if it was
obtained by other methods (say a good quality
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oedometer) and introduced in one of the available
procedures for evaluating settlements.
Example comparisons between MDMT and M from
high quality oedometers at two research sites are
shown in Figs. 25 and 26.
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Fig. 25. Comparison between M determined by DMT and by
high quality oedometers, Onsøy clay, Norway (Lacasse, 1986).

assessment of settlements has been emphasized
by many researchers (e.g. Leonards & Frost 1988,
Massarsch, 1994).
 In clays, ED is derived from an undrained
expansion, while M is a drained modulus. For
more details on this specific point see Marchetti
1997).
11.3.2 Young's modulus E'
The Young's modulus E' of the soil skeleton can be
derived from MDMT via theory of elasticity using the
following expression:
E 

(1   )(1  2 )
M DMT
(1   )

(13)

(e.g. for a Poisson's ratio  = 0.25-0.30 one obtains
E'  0.8 M DMT).
The Young's modulus E' should not be derived
from (or, worse, confused with) the dilatometer
modulus ED.
11.3.3 Maximum shear modulus G0
No correlation for the maximum shear modulus G0
was provided by the original Marchetti 1980) paper.
Subsequently, many researchers have proposed
correlations relating DMT results to G0.
A well documented method was proposed by
Hryciw 1990). Other methods are summarized by
Lunne et al. 1989) and in US DOT 1992).
Recently Tanaka & Tanaka 1998) found in four
NC clay sites (where KD  2) G0 /ED  7.5. They also
investigated three sand sites, where they observed
that G0 /ED decreases as KD increases. In particular
they found G0 /ED decreasing from  7.5 at small KD
(1.5-2) to  2 for KD > 5.
Similar trends in sands had been observed e.g. by
Sully & Campanella 1989) and Baldi et al. 1989).
11.4 Flow characteristics and pore pressures

Fig. 26. Comparison between M determined by DMT and by
high quality oedometers, Komatsugawa site, Japan (Iwasaki et
al., 1991).

NOTE: Necessity of applying the correction
RM to ED
 ED is derived from soil distorted by the
penetration.
 The direction of loading is horizontal, while M is
vertical.
 ED lacks information on stress history and lateral
stress, reflected to some extent by KD. The
necessity of stress history for the realistic
11.3.1.1

11.4.1 Coefficient of consolidation ch
The recommended method for deriving ch from
DMT dissipations is the DMT-A method (Marchetti
& Totani 1989). Another accepted method (ASTM
Draft 2000) is the DMT-A2 method.
The test procedures - and some information on
their origin - are described in Section 8.
In all cases the dissipation test consists in
stopping the blade at a given depth, then monitoring
the decay of the contact pressure h with time. The
horizontal coefficient of consolidation ch is then
inferred from the rate of decay.
Note that, as shown by piezocone research, the
dissipation is governed in most cases predominantly
by ch rather than by cv, which is the reason why ch is
the target of these procedures.
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Dissipation method DMT-A
The interpretation of the DMT-A dissipations for
evaluating ch is very straightforward (Marchetti &
Totani 1989):
 Plot the A–log t curve
 Identify the contraflexure point in the curve and
the associated time (tflex)
 Obtain ch as
11.4.1.1

ch, OC  7 cm2 / tflex





(14)

It should be noted that ch from Eq. 14 refers to the
soil behavior in the OC range.
A ch value several times lower should be adopted
for estimating the settlement rate in a problem
involving loading mainly in the NC range.
An example of DMT-A decay curve (Fucino clay)
is shown in Fig. 27.
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Fig. 27. Example of DMT-A decay curve.

Dissipation method DMT-A2
Basically the DMT-A2 method (that can be
considered an evolution of the DMT-C method)
infers ch from t50 determined from the A2-decay
dissipation curve. ch is calculated from t50 by using
an equivalent radius for the DMT blade and a time
factor T50 obtained from the theoretical solutions for
CPTU.
A detailed description of the method for
interpreting the DMT-C dissipations can be found in
Robertson et al. 1988), Schmertmann 1988) and US
DOT 1992).
The DMT-A2 dissipation can be interpreted in the
same way as the DMT-C, with the only difference
that the readings A2 are used in place of the
readings C.
A detailed description of the method for
interpreting DMT-A2 dissipations can also be found
in ASTM Draft 2000.
11.4.1.2

NOTES
The DMT-A method does not require the
knowledge of the equilibrium pore pressure uo,
since is uses as a marker point the contraflexure
and not the 50 % consolidation point.

11.4.1.3



The use of tflex in the DMT-A method is in line
with the recent suggestions by Mesri et al. 1999)
advocating the preferability of the "inflection
point method" for deriving cv from the oedometer
over the usual Casagrande or Taylor methods.
The DMT-A method is very similar to the well
established "holding test" by pressuremeter. Note
that, in the case of the DMT blade, there is for
sure no further movement of the probe (or of its
membrane) once the probe has been installed.
The DMT-A2 method (and the DMT-C method)
rely on the assumption (generally valid for soft
clays, but dubious in more consistent clays) that
the contact pressure A2 (or C), after the
correction, is approximately equal to the pore
pressure u in the soil facing the membrane.
Case histories presented by Totani et al. 1998)
indicated that the ch from DMT-A are in good
agreement (or "slower" by a factor 1 to 3) with ch
backfigured from field observed behavior.
The problem of filter smearing or clogging does
not exist with the DMT membrane, because the
membrane is anyway a non draining boundary,
and what is monitored is a total contact stress.

11.4.2 Coefficient of permeability kh
Schmertmann 1988) proposes the following
procedure for deriving kh from ch:
 Estimate Mh using Mh = K0 MDMT, i.e. assuming M
proportional to the effective stress in the desired
direction.
 Obtain:
kh = ch w / Mh

(15)

11.4.3 In situ equilibrium pore pressure by
C-reading in sands
The DMT, though non provided with a pore pressure
sensor, permits, in free-draining granular soils (B 
2.5 A), the determination of the pre-insertion
ambient equilibrium pore pressure u0. Since analysis
of the DMT data depends on the in situ effective
stress, water pressure is an important and useful
measurement.
The reason why the DMT closing pressure
(C-reading) closely approximates u0 in sand (e.g.
Campanella et al. 1985), is the following. During
inflation, the membrane displaces the sand away
from the blade. During deflation the sand has little
tendency to rebound, rather tends to remain away
from the membrane, without applying effective
pressure to it ('h = 0, hence h = u0). Therefore, at
closure, the only pressure on the membrane will
be u0.
This mechanism was well known to
pressuremeter investigators, who discovered long
ago that the contact pressure, in a disturbed
pressuremeter test in sand, is essentially u0.
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C-reading

In clay the method does not work because, during
deflation, the clay tends to rebound and apply to the
membrane some effective stresses. Moreover, in
general, u > u0 due to blade penetration. Hence
C > u0.
u0 in sand is estimated as p2, where:
(the gage zero offset ZM is generally considered = 0,
more details in Section 9.2).
Before interpreting the C-reading the engineer
should insure that the operator has followed the right
procedure (Section 5.2), in particular has not
incurred in the frequent mistake highlighted in
Section 5.2. Note that, in sands, the values expected
for C are low numbers, usually < 100 or 200 kPa, i.e.
10 or 20 m of water.
C-pressures typically contain some experimental
scatter and the engineer will usually rely on a p2
profile vs depth, to provide a pore water pressure
trend, rather than on individual measurements.
If the interest is limited to finding the u0 profile,
then C-readings are taken in the sandy layers, say
every 1 or 2 m.
When the interest, besides u0, is to discern freedraining layers from non free-draining layers, then it
is recommended to take C-readings routinely at each
test depth (see next Section).
More details about the C-reading can be found in
Marchetti 1997) and Schmertmann 1988).
11.4.4 Discerning free-draining from non freedraining layers. Index UD
In problems involving excavations, dewatering,
piping/blowup control, flow nets etc. the
identification of free-draining/non free-draining
layers is important.
For such identification, methods based on the
DMT C-reading (corrected into p2 by Eq. 16) have
been developed (see Lutenegger & Kabir's 1988
Eq. 2, or Schmertmann's 1988 Eq. 3.7).
The basis of the method is the following. As
discussed in the previous Section, in free-draining
layers p2  u0. In layers not free-draining enough to
reach u = 0 in the 1-1.5 min elapsed since insertion,
some excess pore pressure will still exist at the time
of the C-reading, hence p2 > u0.
Therefore, p2 = u0 indicates a free-draining soil
(u = 0 in 1-1.5 min) while p2 > u0 indicates a non
free-draining soil (Fig. 28).
11.4.5 Index UD
Based on the above, the pore pressure index UD was
defined by Lutenegger & Kabir 1988) as:
UD = (p2 - u0) / (p0 - u0)

SAND

(16)

(17)

In free-draining soils, where p2  u0, UD  0. In non
free-draining soils, p2 will be higher than u0 and UD
too.

DEPTH (m)

p2 = C - ZM + A

Hydrostatic line

(bar)

Indicates ID

CLAY

SAND

Fig. 28. Use of C-readings for distinguishing free-draining from
non free-draining layers (Schmertmann, 1988).

Fig. 29. Use of UD for discerning free-draining layers (UD = 0)
from non free-draining layers (Benoit, 1989).

The example in Fig. 29 (Benoit 1989) illustrates
how UD can discern "permeable" layers (UD = 0),
"impermeable" layers (UD = 0.7) and intermediate
permeability layers (UD between 0 and 0.7), in
agreement with Bq from CPTU.
Note that UD, while useful for the above scope,
cannot be expected to offer a scale over the full
range of permeabilities. In fact beyond a certain k the
test will be drained anyway, below a certain k the
test will be undrained anyway.
In layers recognized by UD as non free-draining,
quantitative evaluation of ch can be obtained e.g.
using the DMT dissipations described earlier.
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In layers recognized by UD as free-draining, the
DMT dissipations will not be performed (the DMT
dissipations are not feasible if most of the dissipation
occurs in the first minute, because readings cannot
be taken in the first  15 sec).
11.4.6 NOTE: Drainage conditions during the
dilatometer test
In a clean sand the DMT is a perfectly drained test.
u is virtually zero throughout the test, whose
duration (say 1 min) is sufficient for any excess to
dissipate.
In a low permeability clay the opposite is true, i.e.
the test is undrained and the excesses do not undergo
any appreciable dissipation during the test.
It should be noted that, for opposite reasons, the u
values in the soil surrounding the blade are constant
with time during the test in both cases. In permeable
soils everywhere u = u0. In impermeable soils the
pore pressures do not dissipate.
There is however a niche of soils (in the silts
region) for which 1 min is insufficient for full
drainage, but sufficient to permit some dissipation.
In these partial drainage soils the data obtained can
be misleading to an unaware user. In fact the reading
B, which follows A by say 15 sec, is not the "proper
match" of A, because in the 15 sec from A to B,
excess has been dissipating and B is too low, with
the consequence that the difference B-A is also too
low and so are the derived values ID, ED, M. In such
soils ID will possibly end up in the extreme left hand
of its scale (ID = 0.1 or less) and M will also possibly
be far too low.
Note that the sites where this occurrence has been
encountered are very few (e.g. Drammen, Norway).
To be sure, in case of very low ID and M, there is
some ambiguity because the low values of B-A could
just be the normal response of a low permeability
very soft clay. The ambiguity can be solved with the
help of C-readings (or UD). If the UD values in the
"low B-A" layers are intermediate between those
found in the free-draining layers and those found in
the non free-draining layers, than the above
interpretation of partial drainage is presumably
correct. Of course the partial drainage explanation
can also be verified by means of laboratory sieve
analysis or permeability tests.
In practice, if the partial drainage explanation of
the low B-A is confirmed, all results dependent from
B-A (recognizable by very depressed ID troughs)
have to be ignored.
12 PRESENTATION OF DMT RESULTS
Fig. 30 shows the recommended graphical format of
the DMT output. Such output displays four profiles,
namely ID, M, cu and KD.

Fig. 30. Recommended graphical presentation of DMT results.
VENEZIA LIDO

STAGNO LIVORNO

Fig. 32. Example of DMT results in NC sites (KD = 1.5-2).

Experience has shown that these four parameters
are generally the most significant group to plot (for
reliability, expressivity, usefulness).
Note that KD, though not a common soil
parameter, has been selected as one to be displayed
as generally helpful in "understanding" the site
history, being similar in shape to the OCR profile.
It is also recommended that the diagrams be
presented side by side, and not separated. It is
beneficial for the user to see the diagrams together.
The graphical output contains only the main
profiles. The numerical values of these and other
parameters are listed in the tabular output normally
accompanying the graphical output (see Fig. 31 on
the next page).
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Figs. 32 and 33 show examples of DMT results in
predominantly NC and OC sites.
The condition NC or OC is clearly identified by
KD (KD in the vertical band between the two dashed
lines (KD = 1.5-2) in NC sites, higher KD in OC
sites).

It should be noted that the above formula, being
based on linear elasticity, provides a settlement
proportional to the load, and is unable to provide a
non linear prediction. The predicted settlements is
meant to be the settlement in "working conditions"
(i.e. for a safety factor Fs = 2 to 3).

AUGUSTA

Fig. 34. Recommended settlement calculation.

TARANTO

13.1.1 Settlements in sand
Settlements analysis in sand are generally carried out
using the 1-D elasticity formula (in 1-D problems,
say large rafts) or the 3-D elasticity formula (in 3-D
problems, say small isolated footings).
However, based on considerations by many
Authors (e.g. Burland et al. 1977), it is
recommended to use the 1-D formula (Eq. 18) in all
cases. The reasons are illustrated in detail by
Marchetti 1997).
In case it is opted for the use of the 3-D formulae,
E' can be derived from M using the theory of
elasticity, that, for  = 0.25, provides E' = 0.83 M (a
factor not very far from unity). Indeed M and E' are
often used interchangeably in view of the involved
approximation.

Fig. 33. Example of DMT results in OC sites (KD >> 2).

13 APPLICATION TO ENGINEERING
PROBLEMS
As mentioned earlier, the primary way of using
DMT results is "design via parameters".
This Section provides some details on the use of
DMT in some specific applications.
13.1 Settlements of shallow foundations
Predicting settlements of shallow foundations is
probably the No. 1 application of the DMT,
especially in sands, where undisturbed sampling and
estimating compressibility are particularly difficult.
Settlements are generally calculated by means of
the one-dimensional formula (Fig. 34):
S1DMT 

 v

M

z

(18)

DMT

with v generally calculated according to
Boussinesq and MDMT constrained modulus
estimated by DMT.

13.1.2 Settlements in clay
Eq. 18 is also recommended for predicting
settlements in clay. The calculated settlement is the
primary settlement, because MDMT is to be treated as
the average Eoed derived from the oedometer curve in
the expected stress range.
It should be noted that in some highly structured
clays, whose oedometer curves exhibit a sharp break
and a dramatic fall in slope across the
preconsolidation pressure pc, MDMT could be an
inadequate average if the loading straddles pc.
However in many common clays, and probably in
most sands, the M fluctuation across pc is mild, and
MDMT can be considered an adequate average
modulus.
In 3-D problems in OC clays, "according to the
book", the Skempton-Bjerrum correction should be
applied. Such correction in OC clays is often in the
range 0.2 to 0.5 (<<1). However considering that:
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Fig. 31. Example of numerical output of DMT results.


The application of the Skempton-Bjerrum
correction is equivalent to reducing S1-DMT by a
factor 2 to 5.
 Terzaghi & Peck's book states that in OC clays
"the modulus from even good oedometers may be
2 to 5 times smaller than the in situ modulus"
these two factors approximately cancel out.
Therefore, pending a specific study on this
subject, it is suggested to adopt as primary
settlement Sc (even in 3-D problems in OC clays)
directly S1-DMT from Eq. 18, without the SkemptonBjerrum correction (while adopting, if applicable,
the rigidity and the depth corrections).

13.1.3 Comparison of DMT-calculated vs observed
settlements
Many investigators have presented comparisons of
observed vs DMT-predicted settlements, reporting
generally satisfactory agreement.
Schmertmann 1986 a) reports 16 case histories at
various locations and for various soil types. He
found an average ratio calculated/observed
settlement  1.18, with the value of that ratio mostly
in the range 0.75 to 1.3.
Fig. 35 (Hayes, 1990) confirms the good
agreement for a wide settlement range. In such figure
the band amplitude of the datapoints (ratio between
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maximum and minimum) is approximately 2. Or the
observed settlement is within ± 50 % from the DMTpredicted settlement.

Horizontal pressure against piles driven in
clay during installation
Totani et al. 1994) report a finding of practical
interest to engineers having to decide the thickness
of the shell of mandrel-driven piles in clay. The
paper describes measurements of h (total) on a pile
57 m long, 508/457 mm in diameter, driven in a
slightly OC clay. The pile was instrumented with 8
total pressure cells. Cells readings (h against the
pile) were taken during pauses in driving. The h
values were found at each depth virtually equal to p0
determined by a normal DMT.
This finding is in accordance to theoretical
findings by Baligh 1985), predicting h independent
from the dimensions of the penetrating object (these
results suggest independence of h even from the
shape).
13.2.1.2

Low skin friction in calcareous sand
Some calcareous sands are known to develop
unusually low skin friction, hence very low lateral
pile capacity.
DMTs performed in calcareous sand (Fig. 36)
have indicated unusually low KD values in such
sands. This suggests: (a) The low fs in these sands is
largely due to low 'h. (b) The low KD measured by
DMT in calcareous sands is possibly usable as an
indication suggesting low skin friction.
13.2.1.3

Fig. 35. Observed vs DMT-calculated settlements (Hayes,
1990).

Similar agreement has been reported by others
(Lacasse & Lunne, 1986; Skiles & Townsend, 1994;
Steiner et al., 1992; Steiner, 1994; Woodward &
McIntosh, 1993; Failmezger et al., 1999; Pelnik et
al., 1999).
13.2 Vertically loaded piles
13.2.1 Driven piles
13.2.1.1 The DMT-hc method
The DMT-hc method (Marchetti et al. 1986) was
developed for the case of piles driven in clays. The
method is based on the determination of 'hc
(effective horizontal stress against the DMT blade at
the end of the reconsolidation). Then a  factor is
applied to 'hc, and the product is used as an estimate
of the pile skin friction (fs =  'hc).
The DMT-hc method has conceptual roots in the
theories developed by Baligh 1985). However, in
practice, the method has two drawbacks:
a. In clays, the determination of 'hc can take
considerable time (the reconsolidation around the
blade of low permeability clays can take many
hours, if not one or two days), which makes the
'hc determination expensive (especially in
offshore investigations).
b. The  factor has been found to be not a constant,
but a rather variable factor (mostly in the range
0.10 to 0.20). Therefore, until methods for
guiding the selection of are developed, the
uncertainty in fs is too wide. Nevertheless, in
important jobs, the method could helpfully be
used to supplement other methods, e.g. for getting
information on the shape of the fs profile, or for
estimating a lower bound value of fs using  =
0.10.

Fig. 36. DMT results in the Plouasne (Brittany) calcareous sand
(KD << 2).

13.2.2 Screw piles
Peiffer 1997) developed a method for estimating the
skin friction of Atlas screw piles based on p0 from
DMT. The DMT is run in the usual way, but is
performed next to the pile (one diameter away from
the shaft) after its execution.
This method is intermediate between a real design
method and a pile load test. It is not a pre-execution
design method because the skin friction is estimated
after the pile has been executed. Nor is it a load test,
because the skin friction is estimated not by loading
the pile but from DMT-determined properties of the
after-pile-installation soil, in accord with the widely
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recognized notion that pile capacity largely depends
on execution, besides soil type.
13.2.3 Bored piles
No special DMT-based methods have been
developed for the design of bored piles, which is
generally carried out via soil parameters.
However the method developed by Peiffer 1997)
for skin friction on screw piles (perform DMT in the
soil surrounding the pile, see above Section) is in
principle applicable also to bored piles.
13.2.4 Monitoring pile installation effects
DMT has also been used extensively by Ghent
investigators (Peiffer & Van Impe 1993, Peiffer et al.
1993, Peiffer et al. 1994, De Cock et al. 1993) for
comparing soil changes caused by various pile
installation methods. For instance De Cock et al.
1993) describe the use of before/after DMTs to
verify, in terms of KD, the installation effects of the
Atlas pile (Fig. 37).

agreement between predicted and observed behavior
(first time monotonic loading).
Marchetti et al. 1991) streamlined the Robertson
method for clay (anchored to the Skempton 50 Matlock cubic parabola approach) and proposed a
more direct procedure for predicting the P-y curves
(only for clay).
However, since the accuracy appears similar, use
of the Robertson method (covering also sands) is
adequate. It may be noted that DMT provides data
even at shallow depths, i.e. in the layers dominating
pile response.
Detailed chapters on the use of DMT in this
application can be found in Lunne et al. 1989) and
US DOT 1992).
A number of independent validations (NGI,
Georgia Tech and tests in Virginia sediments) have
indicated that the two methods provide similar
predictions, in quite good agreement with the
observed behavior.
13.4 Detecting slip surfaces in OC clay slopes

Fig. 37. Before/after DMTs for comparing installation effects
of various piles (here an Atlas pile) - DeCock et al. 1993).

Totani et al. 1997) developed a quick method for
detecting active or old slip surfaces in OC clay
slopes, based on the inspection of the KD profiles.
The method is based on the following two elements:
a. The sequence of sliding, remolding and
reconsolidation (illustrated in Fig. 38) generally
creates a remolded zone of nearly normally
consolidated (NC) clay, with loss of structure,
aging or cementation.
b. Since in NC clays KD  2, if an OC clay slope
contains layers where KD  2, these layers are
likely to be part of a slip surface (active or
quiescent).
In essence, the method consists in identifying zones
of NC clay in a slope, which, otherwise, exhibits an
OC profile, using KD  2 as the identifier of the NC
zones.
1. SLIDING

2. REMOULDING

13.3 Laterally loaded piles
Methods have been developed for deriving P-y
curves from DMT results. The authors recommend
the methods developed by Robertson et al. 1987) and
by Marchetti et al. 1991).
The Robertson method is an adaptation of the
early methods for estimating P-y curves that utilized
soil properties obtained from laboratory testing
(Matlock 1970). The soil input data required for
determining P-y curves are estimated directly from
DMT data.
Robertson et al. 1987) illustrate the step-by-step
procedure to estimate from DMT the P-y curves,
both for sands and clays.
Validations of the Robertson 1987 method by
Marchetti et al. 1991) indicated remarkably good

3. RECONSOLIDATION
(NC STATE)

4. INSPECT KD PROFILE
02
10
20

KD (DMT) 2

30

Fig. 38. DMT-KD method for detecting slip surfaces in OC clay
slopes.

Note that the method involves searching for a
specific numerical value (KD = 2) rather than for
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simply "weak zones", which could be detected just
as easily also by other in situ tests.
The "KD method" provides a faster response than
inclinometers in detecting slip surfaces (no need to
wait for movements to occur). Moreover, the method
enables to detect even possible quiescent surfaces
(not revealed by inclinometers), which could
reactivate e.g. after an excavation.
On the other hand, the method itself, unlike
inclinometers, does not permit to establish if the
slope is moving at present and what the movements
are. In many cases, DMT and inclinometers can be
used in combination (e.g. use KD profiles to optimize
location/depth of inclinometers).
The method was validated by inclinometers or
otherwise documented slip surfaces (see Fig. 39).

(nearly twice, see Fig. 41), a result similar to the
previous case.

MDMT (bar)

LANDSLIDE "FILIPPONE" (Chieti)

DOCUMENTED
SLIP SURFACE

Fig. 40. Before/after DMTs for compaction control (resonant
vibrocompaction technique, Van Impe et al., 1994).
LANDSLIDE "CAVE VECCHIE" (S. Barbara)

0

0

M DMT / q c
10
20

30

DOCUMENTED
SLIP SURFACE

5

Fig. 39. Examples of KD  2 in documented slip surfaces in two
OC clay slopes.

13.5 Monitoring densification / stress increase
DMT has been frequently used for monitoring soil
improvement, by comparing DMT results before and
after the treatment (see e.g. Fig. 40). Compaction is
generally reflected by a brisk increase of both KD
and M.
Schmertmann 1986 b) reports a large number of
before/after CPTs and DMTs carried out for
monitoring dynamic compaction at a power plant
site (mostly sand). The treatment increased
substantially both qc and MDMT. The increase in
MDMT was found to be approximately twice the
increase in qc.
Jendeby 1992) reports before/after CPTs and
DMTs carried out for monitoring the deep
compaction produced in a loose sand fill with the
"vibrowing". He found a substantial increase of both
qc and MDMT, but MDMT increased at a faster rate

before
compaction
10
Fig. 41. Ratio MDMT /qc before/after compaction of a loose sand
fill (Jendeby, 1992).

Pasqualini & Rosi 1993), in monitoring a
vibroflotation treatment, noted that the DMT clearly
detected the improvement even in layers marginally
influenced by the treatment, where the benefits were
undetected by CPT.
All the above results concurrently suggest that the
DMT is sensitive to changes of stresses/density in
the soil and therefore is well suited to detect the
benefits (in particular increased h and increased Dr)
of the soil improvement.
An interesting consideration by Schmertmann
1986 b) is that, since treatments are often aimed at
reducing settlements, it would be more rational to
base the control and set the specifications in terms of
minimum M rather than of minimum Dr.
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13.5.1 Stationary DMT as pressure sensing
elements
DMT blades have also been used to sense variations
in stress state/density using them not as penetration
tools, but as stationary spade cells. In this application
DMT blades are inserted at the levels where changes
are expected, then readings (only A) are taken with
time.
Various applications of this type have been
reported. Peiffer et al. 1994) show (Fig. 42)
representative results of such application, where a
DMT blade was left in the soil waiting for the
installation of a PCS auger pile. The clear distance
between the blade and pile face was 1 pile diameter.
Sufficient time was allowed for stabilization of
the DMT A-reading before starting pile insertion.
Fig. 42 shows that the A-readings reflected clearly
the reconsolidation, the screwing of the piles and the
casting of the concrete.
It may be noted that DMT blades used as
stationary pressure cells, while able to detect stress
variations, do not provide absolute estimates of the
stresses before and after construction, in contrast
with before/after continuous DMTs. Note also that
each stationary blade can provide information only at
one location.

groundsurface (i.e. the subgrade soil) to support the
road superstructure (subbase, base, pavements).
Borden 1986), based on laboratory work on A-2-4
to A-7-5 soils, tentatively suggested to estimate CBR
% (corrected, unsoaked) as:
CBR % = 0.058 ED (bar) -0.475

19)

Marchetti 1994) describes the use of DMT as a fast
acceptance tool for the subgrade compaction in a
road in Bangladesh. The procedure was the
following:
 Perform a few preliminary DMTs in the accepted
subgrade (i.e. satisfying the contract specifications).
 Draw an average profile through the above MDMT
profiles and use it as an acceptance profile
(Fig. 43).
The acceptance MDMT profile could then be used
as an economical production method for quality
control of the compaction, with only occasional
verifications by the originally specified methods
(Proctor, laboratory/in situ CBR and plate load
tests).
Interestingly, all the after-compaction MDMT
profiles had the typical shape of the profile shown in
Fig. 43, with the maximum MDMT found almost
invariably at 25-26 cm depth.
Cases have been reported of after construction
checks with the blade penetrating directly through
asphalt.
It can be noted that many today's methods of
pavement design make use of moduli rather than
other parameters. Hence the availability of the MDMT
profiles may be of some usefulness.

Fig. 42. Stationary DMT blades left in place to feel stress
variations caused by the nearby installation of a screw pile
(Peiffer et al., 1994).

13.6 Monitoring soil decompression
The DMT has been used not only to feel the
increase, but also the possible reduction of density or
horizontal stress.
Peiffer and his colleagues, as mentioned in
Section 13.2.4, used the DMT to monitor the
decompression caused by various types of piles.
Some investigators (e.g. Hamza & Richards, 1995
for Cairo Metro works) have used before/after DMT
to get information on the decompressed volume of
soil behind diaphragm walls.
13.7 Subgrade compaction control
Some experience exists on the use of DMT for
evaluating the suitability of the compacted

Fig. 43. Example of MDMT acceptance profile for verifying
subgrade compaction (Marchetti, 1994).

13.8 Liquefaction
Fig. 44 summarizes the available knowledge for
evaluating sand liquefiability by DMT.
The curve currently recommended to estimate the
cyclic resistance ratio (CRR) from the parameter KD
is the curve by Reyna & Chameau 1991).
Such curve is based for a significant part on their
curve KD-Dr (relative to NC sands) shown in Fig. 21.
This KD-Dr correlation has recently been confirmed
by additional datapoints obtained by Tanaka &
Tanaka 1998) at the sites of Ohgishima and
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Kemigawa, where Dr was determined on high quality
frozen samples.
Once CRR has been evaluated from Fig. 44, it is
used in liquefaction analysis with the methods
developed by Seed (a detailed step-by-step procedure
can be found in US DOT 1992).

RECOMMENDED
CURVE

FEM parameters as follows. Predict for a simple
case of simple loading the settlement by DMT
(generally predicting well such settlements - see
Section 13.1). Then repeat for the same loading
case the settlement prediction by FEM. The
comparison of the two predicted settlements may
help in the final choice of the FEM parameters.
Alternatively, simulate by FEM a simple
laboratory test (e.g. oedometer), adjusting the
FEM input parameters to improve the matching
of MFEM vs MDMT.
d. Other approaches try to identify an "equivalent
representative average" DMT strain, with the
intent of producing a point in the G- degradation
curve.
14 SPECIAL CONSIDERATIONS
14.1 Distortions caused by the penetration

KD
Fig. 44. Recommended curve for estimating CRR from KD
(Reyna & Chameau, 1991).

The demonstrated high sensitivity of the DMT in
monitoring densification suggests that the DMT may
be a sensitive tool also for sensing sand
liquefiability. In fact a liquefiable sand may be
regarded as a sort of "negatively compacted" sand,
and it appears plausible that the DMT sensitivity
holds in the positive and negative range.
Fig. 44, in combination with the available
experience (see Marchetti 1997), suggests that a
clean sand (natural or sandfill) is adequately safe
against liquefaction (M = 7.5 earthquakes) for the
following KD values:
 Non seismic areas: KD > 1.7
 Low seismicity areas (amax /g = 0.15): KD > 4.2
 Medium seismicity areas (amax /g = 0.25): KD > 5.0
 High seismicity areas (amax /g = 0.35): KD > 5.5
13.9 Use of DMT for FEM input parameters
Various approaches have been attempted so far.
a. Use the simplest possible model (linear elastic)
assigning to the Young's modulus E'  0.8 MDMT.
An example of such application is illustrated by
Hamza & Richards 1995).
b. Model the dilatometer test by a FEM computer
program by adjusting the input parameters until
the DMT results are correctly "predicted". This
approach has the shortcoming of involving, at the
same time, many additional (unknown)
parameters.
c. Another more feasible approach, in problems
where linear elasticity is known to give
inadequate answers (e.g. settlements outside
diaphragm walls), is to check the set of intended

Fig. 45 compares the distortions caused in clay by
conical tips and by wedges (Baligh & Scott 1975).
The deformed grids show that distortions are
considerably lower for wedges.
CONE

WEDGE

Fig. 45. Deformed grids by Baligh & Scott 1975).

Davidson & Boghrat 1983) observed, using a
stereo photograph technique, the strains produced in
sand by CPT tips and by DMT blades. Considerably
more severe strains were observed in the sand
surrounding the cone.
14.2 Parameter determination by "triangulation"
In situ tests represent an "inverse boundary
conditions" problem, since they measure "mixed"
soil responses rather than "pure" soil properties. In
order to isolate "pure" soil properties, it is necessary
a "triangulation" (a sort of matrix inversion).
The "triangulation" is possible if more than one
response has been measured.
The availability of two independent responses by
DMT permits some elementary form of response
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combination. E.g. MDMT is obtained using both p0
and p1.
It may be remarked that one of the two responses,
p0 (hence KD), reflects stress history, a factor often
dominating soil behavior (e.g. compressibility,
liquefiability).
14.3 Arching and sensitivity to H
Hughes & Robertson 1985) analyzed the horizontal
stresses against the CPT sleeve in sands. They
showed that at the level of the conical tip h reaches
very high values, while, behind the tip, h undergoes
an enormous stress reduction. The penetration of the
cone creates of zone of high residual stress, at some
distance from the sleeve. The resulting stiff annulus
of precompressed sand is a screen limiting h at
interface, while the enormous unloading makes
undetermined h. This mechanism may be viewed as
a form of an arching phenomenon.
A "plane" tip (DMT width/thickness ratio  6)
should largely reduce arching and improve the
possibility of sensing h. Also the stress reduction
after the wedge is likewise considerably smaller due
to the streamlined shape in the transition zone.

where pL = limit pressure from PMT.
Ortigao et al. 1996) investigated the Brasilia
porous clay by Menard PMT, Plate Loading Tests
(PLT) and DMT. As Kalteziotis, they found that
EPMT was less than half ED and also EPLT. They
explained such low PMT moduli with soil
disturbance. After careful correction of the PMT
field curve, EPMT were similar to ED and EPLT.
Similar ratios (about 1/2) between PMT moduli and
DMT moduli are quoted by Brown & Vinson 1998).
Dumas 1992) reports good agreement between
settlements calculated with PMT and with DMT.
Contributions DMT/PMT have also been presented
by Lutenegger 1988), Sawada & Sugawara 1995),
Schnaid et al. (2000).
15.2 Relation DMT/CPT
As previously mentioned (Section 11.1.2.2), existing
data suggest, in sand, the following broad cross
relations:
MDMT /qc = 5-10

in NC sands

(21)

MDMT /qc = 12-24 in OC sands

(22)

14.4 complexity of the theoretical models

15.3 Relation DMT/SPT

The DMT is more difficult to model than
axisymmetric tips for at least two reasons:
1) The penetration of the DMT blade is a truly
three-dimensional problem, in contrast with the
two-dimensional nature of cone penetration.
2) The DMT is made of two stages:
 Stage 1. Insertion.
 Stage 2. Expansion. (Moreover expansion is
not the continuation of Stage 1).
As a consequence, theoretical solutions have been
developed so far only for the first stage (insertion).
Solutions have been worked out by Huang 1989),
Whittle & Aubeny 1992), Yu & Booker 1992),
Finno 1993).

According to Schmertmann 1988), the estimation of
NSPT from DMT would be "a gross misuse of the
DMT data ... any such correlation depends on soil
type and is probably site specific and perhaps also
rig specific".
As a broad indication, Schmertmann 1988) cites
the following relation, based on data from a number
of US sites:

15 CROSS RELATIONS WITH RESULTS FROM
OTHER IN SITU TESTS

16 SUMMARY

15.1 Relation DMT/PMT

The Flat Dilatometer Test (DMT) is a push-in type
in situ test quick, simple, economical, highly
reproducible.
It is executable with a variety of field equipment.
It provides estimates of various design
parameters/information (M, cu, soil stratigraphy,
deposit history).
One of the most fitting application is
investigating the in situ soil compressibility for
settlements prediction.
Interpretations and applications described by
various Authors include: Compaction control,
Sensing the effects of pile installations

Some information exists about the relation between
DMT and PMT results. Cross relations could help
DMT users to apply the design methods developed
for PMT.
Preliminary indications, in clays, suggest:
p0 / pL  0.8, p1 / pL  1.2

(20)

(Schmertmann, 1987)
p1 / pL  1.25, EPMT  0.4 ED
(Kalteziotis et al., 1991)

(21)

NSPT = M (MPa) / 3

(24)

Tanaka & Tanaka 1998) based on data from three
sandy sites (Tokyo and Niigata areas) indicate:
NSPT = ED (MPa) / 2.5

(25)
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(increase/decrease Dr and h), Liquefiability of
sands, Verify if a slope contains slip surfaces,
Laterally loaded piles, Pavement subgrade
compaction control, Coefficient of Consolidation
and Permeability of clays, Phreatic level in sands,
Help in selecting FEM input parameters.
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Characterization of a slope failure by in situ tests
J. Vakili
Ninyo & Moore, Irvine, California, USA

ABSTRACT: The objective of this paper is to present the results of a pre- and post-failure investigation
performed on a spoil pile on an open pit lignite mine utilizing an in situ testing method among others. It was
demonstrated that by Cone Penetrometer Tests (CPT) a slope failure surface could be located and the soil
types and shear strength of spoil material as well as foundation clay could be estimated. The remarkable
correlation of the results indicated the reliability of CPT procedure in estimating cohesive soil properties for
slope stability investigation.
1 INTRODUCTION
Vast deposits of lignite occur in the Gulf Coast states
and northern plain states of the United States. All
lignite in the U.S. is mined at present by open pit
method which includes top soil removal, overburden
removal, lignite mining, spoil pile regrading, and top
soil replacement, as well as ash disposal and
construction of water retention facilities. Draglines
are primarily used to remove the overburden and pile
the resulting spoil in the adjacent pit. Spoil is usually
considered a mixture of poorly graded gravel, sand,
silt, and clay containing rock fragments.
In this paper, a case study of spoil pile instability
problems associated with weak clay layers
underlying the lignite seams in a strip mine in Gulf
Coast region will be discussed and the application of
in situ cone penetrometer tests in the investigation of
failures will be described.

determined by surveying. The height of the spoil
slopes ranged from 33 to 36 meters with a 15 meter
wide bench. The interbench angles were
approximately 30 degrees. A number of post-failure
spoil slopes were surveyed. Figure 1 shows a
configuration for a typical failed slope. The failures
generally created approximately 10 to 12 m high
escaspments on the top of the failure surfaces
standing at angles approximately 70 degrees. The
failure resulted in floor heaves as far away as 27 m
from the toe of the slope. For the failed slope shown
on Figure 1, the maximum heave was about 3 m
located at a distance of 9 m from the toe.

2 BASIC DATA
A thick layer of highly plastic green clay underlain
the lignite seam in this open pit strip mine. The
overburden was excavated by a dragline to expose
the lignite seam and the spoil material was placed on
this clay foundation in the adjacent pit. The lignite
was then removed from the bottom of the pit by an
Easy-Miner. The spoil pile in the adjacent pit often
failed after the lignite was removed from the pit
bottom. It was noted that the failures occurred often
after a heavy rainfall. Rainfall in the project area is
in the order of 1000 to 1300 mm per year. The
geometry of the spoil slopes before any failure was

Figure 1. Spoil slope configuration.

3 METHOD OF INVESTIGATION
A geotechnical investigation program was planned to
evaluate the field conditions and to determine the
causes and mechanism of the spoil pile failures.
Toward these ends, field investigation, in situ and
laboratory testing, and slope stability analyses were
performed.
133

3.1 Field investigation
A number of boreholes were drilled on the stable and
failed spoil slopes, pit floor, and highwall. Disturbed
and undisturbed samples were collected from
various depths using Shelby tubes, pitcher samplers,
and split spoon samplers. Piezometers were installed
in a number of boreholes on the spoil slopes and the
pit floor to locate and monitor phreatic surface in the
spoil slopes.

shown on Figures 2 through 4. Figure 2 shows the
result of a CPT through failed slopes and Figure 3
and 4 represent the CPT results through stable ones.

3.2 In situ testing
Static CPTs were performed using an electric
penetrometer that records the end bearing pressure of
a conical tip and the side friction of a sleeve. The
tests were conducted according to ASTM Standard
3441-75T. A 1,000 mm2 cylindrical cone has been
standardized for the electric penetrometer. A 15,000
mm2 friction sleeve is located immediately above the
conical tip. The rig used for pushing down the
penetrometer consisted of a hydraulic jacking system
mounted on a heavy duty truck of a total deadweight
of approximately 150 KN. The electric cone
penetrometer produced continuous data. A chart
recorder was used to display the conditioned signals
from the penetrometer as a function of depth in an
analog form. After the field work was completed, the
data tapes were transported to the office to transfer
their contents to a disc system for subsequent data
reduction and analysis. Seven cone penetrometer

Figure 3. Cone Penetrometer T-3

Figure 4. Cone Penetrometer T-5

3.3 Laboratory tests

Figure 2. Cone Penetrometer T-4

tests were performed in the project area. Two of the
CPT holes were located on the slopes and one on the
pit floor of the failed area. All were on a line
perpendicular to the centerline of the pit. Three other
test holes were located in another area where the fill
slopes were stable. A CPT was also performed on
the undisturbed overburden material to evaluate the
thickness and types of the different soil units. The
results of three of the cone penetrometer tests are

Laboratory tests were conducted on the highwall,
spoil pile, and pit floor samples for soil
classifications, index properties, and strength
properties of various soil types encountered. The
following tests were performed on the spoil material
and foundation clay: Consolidated-undrained triaxial
with
pore
pressure
measurements,
unconsolidated-undrained triaxial, direct shear with
residual shear measurements, moisture content,
density, grain size analysis, and x-ray diffractions.
4 INTERPRETATION AND VERIFICATION OF
CPT RESULTS
4.1 Determination of in situ shear strength
The main purpose of CPTs was the estimate the in
situ shear strength of the fill and foundation material.
The sleeve friction values from CPTs were used to
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evaluate the shear strengths. The average value of
sleeve friction determined from the two CPTs
performed on stable spoil slopes (Figures 3 and 4) is
0.120 MPa. By using the experimental curve of
Cleveland (1971) from Figure 5, the average shear
strength of spoil material was estimated to be 0.100
MPa. The average shear strength of soft foundation
clay at the failure zone was estimated to be 0.042
MPa.
The shear strengths of spoil material determined
from CPT results were verified by “back calculation”
using the data from slope failures. A review of the
previous failure records showed that spoil piles were
unstable at heights greater than 27 m and at an angle
of 35 degrees. The back calculation resulted in an
average shear strength of 0.101 MPa for the spoil
material and 0.05 MPa for the soft foundation clay.
The average shear strength of the spoil material was
also verified by the results of Standard Penetration
Tests (SPT) performed in the boreholes. Five SPTs
were performed on the spoil material and the average
number of blow counts (N) was found to be equal to
13. By using the correlation curves between N and
shear strength in medium plastic clays from the
Department of Navy Design Manual (DM-7.01,
1986), the shear strength of spoil clayey material was
estimated to be 0.097 MPa.
The estimated average shear strength value from
CPT results was utilized in determination of the
bearing capacity factor Nc :
Su 

qc    z
Nc

the failure surface, both the tip resistance and sleeve
friction against penetration of the cone drop
appreciably.

Figure 5. Comparison of various relationships between dutch
cone sleeve friction and undrained shear strength.

(1)

where Su = undrained shear strength; qc = tip
resistance; z = weight due to overlying soil; Nc =
bearing capacity factor for cohesive soil for the
specific site and testing conditions.
The value of Nc was found to be 25. This value,
along with tip resistance was used to determine the
variation of shear strengths of spoil material
throughout the spoil pile.

Figure 6. Soil id graph for the electrical cone constricted type.

4.2 Determination of soil types
The spoil slopes and foundation soil types were
identified from the CPT results. The results of the
evaluation were shown on Figures 2 through 4. The
soil types determined in one of the test holes using
soil identification graph (Figure 6), were verified by
the results of laboratory classification tests on soil
samples obtained from a neighboring borehole.
4.3 Determination of the failure surface
Depth of the failure surface was estimated by a CPT
through the failed spoil piles. Figure 2 shows an
example of CPT results through a failed slope. The
result shows that at a depth where the cone intercepts

Figure 7. Comparison of soil types determined by in-situ and
laboratory testing.
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5 COMPARISON OF IN SITU AND
LABORATORY SHEAR STRENGTH VALUES
Laboratory tests were performed on samples from
the fill material and both the undisturbed and
remolded green foundation clay to determine their
shear strength properties. Triaxial compression tests
were performed on samples of spoil fill material
which resulted in very low shear strengths. The
average shear strength value found for fill material
was 0.032 MPa. Residual shear tests were performed
on disturbed green foundation clay samples from the
failed zone. The residual shear strength measured
was 0.038 MPa.
Shear strengths of these magnitudes should have
led to slope failures for slope heights of much less
than 27 m. The reason for the unrealistic low shear
strength values measured by laboratory testing was
that the samples were probably disturbed. As stated
earlier, it is very difficult to recover an undisturbed
sample from soft fill material or a failure zone. Also
the spoil fill was a nonhomogeneous mass and a few
discrete samples could not be representative of the
average properties of the material. Both triaxial
compression and direct shear tests were performed
on undisturbed stiff to hard green foundation clay.
The results were shear strengths of 0.13 MPa and
0.37 MPa, respectively. Table 1 shows the shear
strength values determined by both in situ and
laboratory testing.
Table 1. Comparison of average shear strengths determined by
various methods.
Method of
Evaluation of
Shear Strength
Sleeve friction
values measured
by CPTs
Back calculations
using previous
failure data
Blow counts in
SPTs
Tip resistance
values measured in
CPTs
Laboratory tests

Average Shear Strength Value (MPa)
Spoil Fill
Material

Soft
Clay

Stiff
Clay

Hard
Clay

0.100

0.042

0.150

0.400

0.101

0.050

-

-

0.097

-

-

-

0.100

0.048

0.130

0.480

0.032

0.038

0.131

0.374

6 SPOIL SLOPE METHOD
Using survey measurements, boreholes and CPT
results, and Piezometer measurements, a model for
spoil slope and its failure surface was constructed as
shown on Figure 8.

Figure 8. Spoil pile model.

6.1 Failure surface
The failure surface was determined from the data
gathered by surveying and cone penetrometer tests.
The survey data indicated the initiation and end
points of the failure plane. The CPT results
identified some intermediate points on failure
surface. A further indication of the location of failure
surface was provided by a Piezometer hole which
shear at a depth of 18m as a result of the spoil slope
failure. It was concluded that the failure surface was
bi-linear with an upper plane inclined at 70 degrees
from horizontal emerging behind the crest of the
most recent row of spoil piles and resulting the
formation of an escarpment. The lower failure plane
traversed the soft clay layer of the foundation.
6.2 Groundwater conditions
The groundwater levels were evaluated from the
piezometer readings in the spoil slope and pit floor
borings. The piezometer readings showed that a
location where failure occurred, water level rose up
to 8 meters on the day before failure.
6.3 Spoil and foundations soils characteristics
The soil borings, laboratory testing, and CPTs were
utilized to evaluate the spoil material and foundation
soils properties. The spoil material is primarily
composed of clay with minor amount of sand and
silt. The foundation clay is highly plastic with liquid
limits ranging from 118 to 231 and plasticity indices
of 89 to 201.
The shear strength properties of spoil and
foundation soils for the spoil slope model were
estimated from correlation of CPT results, laboratory
test results, and back calculating results of existing
failed slopes.
6.4 Slope stability analysis
Slope stability analysis was performed using a limit
equilibrium method with a bi-linear failure mode.
The slope was analyzed for both soft and stiff clay
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foundations. It was found that in the case of stiff clay
foundation the slopes were stable and the factor of
safety against failure is 1.3. However, in the case of
soft clay, the factor of safety was calculated to be
0.93 that indicates instability of spoil slopes.
7 MECHANISM OF FAILURE
By removing the lignite from the pit bottom, the
foundation clay is exposed to atmospheric influence.
The highly montmorillonitic clay showed a
significant tendency to slake and deteriorate due to
the atmospheric influence. These phenomena
contributed to the loss of shear strength in the
presence of water. Fissures and cracks appear in the
surface of stress relieved floor strata and rainwater
can be temporarily stored in these fissures. Also,
rain water ponded in the valleys between successive
wind rows of spoil material infiltrates down to the
fill base. Analyses of the spoil pile without the
presence of water using only stiff clay in the
foundation clearly indicate a high factor of safety.
Therefore, it can be concluded that the specific cause
of the slope instability was the result of loss in shear
strength of the foundation clay in the presence of
water.
8 CONCLUSIONS
The following conclusions may be drawn from the
foregoing investigation about the application of in
situ tests in slope stability analyses.
Extremely low shear strengths of the fill and soft
foundation clay materials measured in laboratory
were due to the disturbance of samples during
drilling operations. Therefore, it was concluded that
sampling and laboratory testing is not a reliable
method in determining the shear strength of soft
soils such as spoil material, and in situ
measurements of shear strength should be considered
in such cases.
Comparisons have been made between measured
values of shear strength found by CPT and those
determined from the back calculations using the data
from previous failures. Close agreement between the
shear strength values supports the validity and
reliability of using CPT results in determining shear
strength of spoil material for slope stability analysis.
The soil types estimated from the CPT results
using Begemann charts of 1965 are in good
agreement with those determined from geotechnical
borehole logs.
The shear strengths measured by in situ testing
were used in slope stability analysis and the
mechanism of failure of spoil slopes was
determined. It was concluded that fill slopes placed
on dry stiff foundation clays were safe, and the

specific reason of slope failures was the loss of shear
strength of the clay in the presence of water.
REFERENCES
ASTM D 3441 1979. Standard Method of Deep Quasi-Static,
Cone and Friction-Cone Penetrometer Tests of Soil.
American Society for Testing and Materials.
Bhattacharyya, K.K., Vakili, J. & Chi, S.Y., 1982.
Geotechnical Considerations for the Design of Highwall and
Spoil Slopes in Lignite Mines. Proceedings Mini
Symposium of Lignite Mining and Stability, 1st
International SME-AIME Fall Meeting, Honolulu, HI, Vol.
1, pp. 1-7.
Begemann, H.K.S. 1965. The Friction Jacket Cone as an Aid in
Determining the Soil Profile. Proceedings, Six ICSMFE,
Montreal, Vol. 1, pp. 17-20.
Cleveland, E.P. 1971. Use of the Dutch Cone Penetration Test
for Soil Exploration in Kentucky. Thesis presented to the
University of Kentucky.
deRuiter, J. 1981. Current Penetrometer Practice. Proceedings
of the Session on Cone Penetrometer Testing and
Experience ASCE, St. Louis, MO, pp. 1-47.
Department of Navy 1986. Design Manual – Soil Mechanics,
Foundations and Earth Structures. NAVDOCKS DM-7-01,
pp. 71-88.
Durgunoglu, H.T. & Mitchell, J.K. 1975. Static Penetration
Resistance of Soils I – Analysis. Proceedings of the
Specialty Conference on In Situ Measurement of Soil
Properties, ASCE, Raleigh, North Carolina, pp. 151-171.
Durgunoglu, H.T. & Mitchell, J.K. 1975. Static Penetration
Resistance of Soils II – Evaluation of Theory and
Implication for Practice. Proceedings of the Specialty
Conference on In Situ Measurement of Soil Properties,
ASCE, Raleigh, North Carolina, pp. 172-188.
Gorman, C.T., Drenevich, V.P. & Hopkins, T.C. 1975.
Measurement of In-Situ Shear Strength. Proceedings of
ASCE Conference on In Situ Measurement of Soil
Properties, ASCE, Raleigh, North Carolina, Vol 2, pp. 139140.
Schmertmann, J.H. 1975. Measurement of In Situ Shear
Strength. Proceedings of ASCE Conference on In Situ
Measurement of Soil Properties, Raleigh, North Carolina,
Vol. 2, pp. 57-138.
Vakili, J. 1982. The Effect of a Weak Layer in Slope Stability.
1st International SME-AIME Fall Meeting, Honolulu,
Hawaii, September 4-9.
Wesley, L.D. 1967. The Dutch Penetrometer and Its Use in
Indonesia. Proceedings, Southeast Asian Regional
Conference of Soil Engineering, Bangkok, pp. 223-230.

137

138

International Conference on Insitu Measurement of Soil Properties and Case Histories, Bali 2001, ISBN 979-95267-4-4

The use of a Continuous Surface Wave Measurement System for in situ
characterisation of soil
S. Anand, E.C. Leong & H.K. Cheong
Nanyang Technological University, School of Civil & Structural Engineering, Singapore

ABSTRACT: Information relating to in situ strength and stiffness of soil are important for geotechnical
design and have been traditionally derived using laboratory investigation procedures. Ideally soil should be
characterised in situ at its natural stress and saturation levels, and should cover a large volume of the soil. In
the laboratory, however, such conditions may not be achieved. Furthermore sampling disturbances, small
volume of sampled soil, and limited stress configurations and strain measurement range in laboratory tests
introduce uncertainties in the characterisation. There is thus growing support for soil characterisation using in
situ methods, particularly geophysical methods. Research into the stiffness-strain behaviour of soils in the past
decades suggests that many soils are significantly non-linear, with very high stiffnesses being observed at
small strains. Geophysics addresses the major concern of the determination of shear modulus at very small
strains. This paper illustrates in situ characterisation of two residual soil sites using a Continuous Surface
Wave Measurement System (CSWS). The CSWS is a non-intrusive field seismic test consisting of a mass
vibrator and several receiver geophones connected to a computer controlled system. The system collects and
analyses the field data, and provides a shear modulus profile of the test site using the wavelength-depth
inversion approach. This shear modulus profile also provides information about the soil profile and
stratigraphy. Field tests have sometimes been mismatched by disadvantages that arise due to the difficulty of
interpretation, particularly with respect to stratification and assignment of relevant engineering parameters.
The paper also addresses the analyses and interpretation of the field test data with a view of characterising the
in situ soil. The simplified wavelength-depth approach and a more rigorous finite element approach (using
LS-Dyna) are illustrated for inversion of field data. The correctness of the soil profile and stratification
obtained using the CSWS is ascertained by comparison with borehole information. It is well known that the
soil profile and stratification by visual classification in a borehole log usually differs from the design soil
profile. The results obtained suggest that the CSWS method accompanied by some analyses, offers a better
engineering basis for in situ characterisation of soil compared to arbitrary stratification using a borehole log.
1 INTRODUCTION
Although Singapore has a small land area, the highly
urbanized environment and the variability of
underlying soil over short distances pose major
challenges to geotechnical engineers, especially for
soil characterisation purposes. Today, soil
characterisation is substantially undertaken using in
situ methods, with less emphasis on laboratory
procedures. The move towards in situ tests was
mooted due to sampling disturbance, unrepresentative sampling and the need for measurement of soil
properties at their natural state (Burland and Lord
1970, Jardine et al. 1986). Congested test sites
sometimes also pose problems for setting up
sampling equipment and sample recovery.

Recent research suggests that the soil shear
modulus, G, (and hence the stiffness of the ground)
should be measured over a large strain range, so as
to account for the highly non-linear behaviour of
most soils (Matthews et al. 1996). In practice, in situ
tests are the only way for the accurate determination
of the very low-strain shear modulus, i.e. Gmax.
Accurate determination of Gmax will also enable the
underlying soil to be properly characterised.
The use of the Continuous Surface Wave System
(CSWS) for in situ characterisation offers attractive
benefits compared to other types of geophysical
methods (e.g. cross-hole survey). The CSWS is nonintrusive and tests a large zone of the ground. The
equipment can be set-up relatively quickly and
provide a quick profile of the underlying soil
encountered. One of the key elements in addressing
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the results is the interpretation of field test data. The
interpretation entails the proper stratification of
underlying soil or rock, and the assignment of
correct shear modulus for the discrete layers. The use
of a finite element (FE) approach can assist in the
interpretation of the field test results.

Consider a simple case in which a continuous
vibratory source of surface wave is placed on the
ground and driven at a known frequency, f. Two
geophones, positioned at distance, d, apart will
experience a phase difference,  (i.e. 1 - 2, in
radians), due to a train of steady state signals that
pass between them, as shown in Figure 2.

2 IN SITU GROUND STIFFNESS PROFILING
USING THE CSWS
2.1 Overview of the Continuous Surface Wave
System
A continuous surface wave system (CSWS)
developed by GDS Instruments Limited (GDS 1998)
is used for the shear modulus profiling in this study.
A schematic set-up of the GDS system is shown in
Figure l.
Figure 2. Illustration of phase difference

If d is less than the wavelength, , then by
proportion,
 = 2d / 

(1)

If d is greater than , then
 = 2d / (2n + 

Figure 1. Schematic equipment set-up for the GDS Continuous
Surface Wave System.

(2)

where n is an integer. For most CSWS applications,
Equation (2) will hardly be required as the geophone
are generally placed at distances typically ranging
from 0.5 m to 1.0 m apart.
The velocity of the Rayleigh wave, Vr, of
frequency, f, at the site is given by the familiar
relationship
Vr = f

(3)

A computer controlled inertial vibrator (mass of
64 kg) applies a regulated and measured continuous
vertically polarised disturbance to the ground
surface. This generates surface waves from 5 Hz to
100 Hz, which are detected by a line of geophones
(either 2 Hz or 4.5 Hz) which are collinear with the
vibrator. The signals from the geophones are fed
back to the computer, which analyses the phase
relationships and computes the velocity of surface
waves. By progressively varying the frequency of
disturbance, velocity measurements can be made
over a range of depths. The resulting field dispersion
curve is inverted to produce a profile of surface
wave velocity with depth.

A plot of Vr against  for various frequencies is
called the field dispersion curve. According to elastic
theory, the velocity as shear wave propagation Vs is
related to Vr by

2.2 Formulation

G = p2Vr2

As most soils behave elastically at very small strains
(Jardine et al. 1986), the formulation for geophysical
methods are derived based on the theory of elasticity,
i.e. by considering the propagation of elastic waves n
an elastic medium (see Matthews et al., 2000 for
further discussion).

Vs = pVr

(4)

where p is a function of the Poisson’s ratio, , and
varies from 1.088 and 1.047 for  = 0.25 and 0.5,
respectively. The shear modulus, G, can now be
related to the shear wave velocity by
G = rVs2

(5)

where  is the bulk density of the soil. Combining
Equation (3) and (4), the following equation is
obtained:
(6)

Equations (1) to (6) illustrate the principle of
using surface wave (Rayleigh wave) to obtain G.
Rayleigh waves have depths of penetration
depending on their wavelength. As the amplitude of
Rayleigh waves diminishes exponentially with
depth, there is a limitation on the maximum depth of
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measurement using the CSWS method. As a result,
the CSWS is suited to near surface characterisation
only. The system can provide stiffness profiles in
soft ground up to about 10 m, and can reach a
maximum depth of 50 m in hard soils and rocks. The
presence of nearby vibration sources or
environmental conditions (e.g. vehicular traffic) can
limit the maximum depth over which stiffness
profile is obtained. As such, CSWS measurements
should be carried out when ambient disturbances are
minimal.
3 FIELD TESTING USING THE CSWS
3.1 Field tests
Field tests conducted at two residual soil sites (site 1
and site 2) are presented. The field tests were carried
out using six 4.5 Hz geophones spaced 0.5 m apart
and placed collinear with the vibrator. The vibrator
was programmed to propagate surface waves of
frequency 10 Hz to 100 Hz at 10 Hz increment
initially, so as to establish the average stiffness of the
ground. The frequency runs were subsequently
varied from 5 Hz to 100 Hz at smaller increments to
obtain a more accurate shear modulus profile of the
ground. The main interest is generally in the lower
frequencies which dictate the maximum depth of
profiling that can be obtained using the CSWS.
Figures 3a and 3b show a typical test set-up of the
CSWS and a close-up view of the vibrator and geophones, respectively.
3.2 Geology of residual soil sites and CSWS results
Site 1. The subsoil within site 1 can be classified as
fill and the Jurong Formation. A schematic cross
section across four boreholes spaced about 1 m apart
(BH 1 to 4) is shown in Figure 4a. The fill consists
of residual soils mixed with construction debris. The
Jurong Formation is found mainly on the western

part of Singapore. It consists of sedimentary rock of
mudstone, siltstone, sandstone, conglomerate and
limestone subjected to different modes of weathering
which resulted in the decomposition of the rock
(Public Works Department, 1976). The residual soil
above the sedimentary rock consists of a completely
weathered zone of disintegrated rock material with
the original mass structure still largely intact. This is
followed by reddish brown to yellowish brown
residual soil of clayey silt composition.
CSWS
Result
and
Observations.
The
corresponding shear modulus profile for site 1 using
the CSWS is shown in Figure 5a. Figure 5a suggests
that a change in the shear modulus profile was
encountered at about 6.5 m and about 14 m depths.
Figure 4a supports this observation, as a completely
weathered siltstone layer was encountered at about 6
m depth. As the boreholes were terminated at about
9.3 m, the presence of a stiffer deposit at 14 m depth
cannot be verified. The characterisation of soil in the
Jurong Formation can be a daunting task, as the
colour of the extracted soil (e.g. reddish brown, etc)
from visual inspection may lead to difficulties in
assigning the material to a particular stratum. The
results also illustrate that the CSWS can reach a
depth of about 20 m.
Site 2. The subsoil within site 2 consists of
residual soil of the Bukit Timah Granite. A
schematic cross-section across two boreholes (BH1
and BH2) spaced at 40 m apart is shown in Figure
4b. The residual soil consists of reddish brown sandy
clayey silt, with traces of quartz gravel and laterite,
probably from weathering effects of the parent rock.
The Bukit Timah granite is found mainly on the
central part of Singapore and extends to the South of
the island. The granite is generally light grey and
medium grained, with quartz accounting for 30% of
the minerals present. Reddish brown biotite, a
ferromag-nesian mineral, is also commonly found in
the granite (Public Works Department, 1976).

Figure 3. CSWS test: (a) Test set-up (b) Vibrator and geophones spaced at 0.5 m apart.
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Figure 4. Cross-sectional view of borehole logs (BH): (a) Site 1 (b) Site 2.

CSWS Result and Observations. The corresponding shear modulus profile for site 2 using the CSWS
is shown in Figure 6a. Figure 6a shows a linearly
increasing stiffness profile until about 12 m, after
which a significant change in stiffness was observed.
The borehole log can again be reconciled as the soil
investigation works were terminated at about 11.7 m
for BH1 upon encountering a rock formation. The
sudden change in stiffness profile can thus be
attributed to the underlying Bukit Timah granite.
4 DEVELOPMENT OF GENERAZED SOIL
PROFILE
4.1 Inversion of field test data
Inversion is the process of converting a field
dispersion curve to a Rayleigh wave velocity-depth
relationship. This is an important stage for the
development of soil stratification and assignment of
relevant stiffness properties, thereby characterisation
of the in situ soil. Although Figures 5a and 6a only
provide shear modulus profiles for the test sites, it is
possible to obtain the corresponding field dispersion
curve from the CSWS data files. These files provide
the corresponding frequency for the shear modulus.
The phase velocity and wavelength can thus be
computed using Equations (1) to (6), where
applicable. Further details on inversion of Rayleigh
waves can be found in Honjo et al. (1998).
4.2 Soil profiling using FE analyses
Finite element analyses were undertaken using LSDyna, with FEMB Pre- and Post-processors (Livermore Software Technology Corp. 1998), running on
a stand-alone PC. The 2-D axisymmetric finite

element (FE) models with an estimated initial shear
modulus profile for the residual soil sites are shown
in Figures 5b and 6b. The FE model used for site 1
and site 2 comprised of 4700 and 4950 four-noded
quadrilateral elements, respectively. Non-reflecting
boundaries were specified to avoid the effects of
reflected waves.
The field and synthetic dispersion curves for site 1
and site 2 are shown in Figures 5c and 6c,
respectively. A good match was achieved after 12
iterations for both sites. The commencing and final
soi1 profiles at the end of FE analyses, together with
the CSWS field results are shown in Figures 7b and
7d for site 1 and site 2, respectively. Figures 7a (site
1) and 7c (site 2) show the final FE profile on the
cross-section of borehole logs.
5 DISCUSSIONS
The GDS CSWS uses a factored wavelength of
k/z = 3 for inversion purposes, where z is depth [see
Gazetas (1982) for details]. This is the simplest of all
inversion methods. As an illustration, consider a
phase velocity, Vr, of 100 m/s associated with a
wavelength, , of 12 m from a field dispersion
curve. The shear modulus, G, can be computed using
Equation (6). Assuming k/z = 3 applies, the
corresponding depth at which the shear modulus
occurs is simply computed as z = 4 m. However, this
approach also results in a varying Gmax profile,
instead of a constant Gmax profile as evidenced by FE
analyses. In the absence of additional FE or linear
modeling, there could be some uncertainty in the
assignment of the correct Gmax to the appropriate
depth.
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Figure 5. Site 1: (a) CSWS shear modulus profile (b) Initial FE model and starting Gmax (c) Field and synthetic dispersion curve.

Figure 6. Site 2: (a) CSWS shear modulus profile (b) Initial FE model and starting Gmax (c) Field and synthetic dispersion curve.

Figure 7. Site 1: (a) Final FE profile on borehole log cross-section; (b) Initial Gmax profile, final Gmax profile and CSWS profile
Site 2: (c) Final FE profile on borehole log cross-section; (d) Initial Gmax profile, final Gmax profile and CSWS profile
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The in situ characterisation of soil in the Jurong
Formation can be particularly difficult from borehole
log information. The sedimentary residual soils are
generally difficult to distinguish due to the
multiplicity of soil colours arising from their
composition observed during the borehole logging
process. Characterizing the in situ soil using the
CSWS and FE analyses is a better approach for
engineering characterisation of the in situ soil
compared to arbitrary stratification shown in the
borehole log. The analyses of CSWS data can assist
with proper engineering stratification of the in situ
soil and assignment of relevant stiffness parameters.
The mismatch in the soil profile from soil
investigation works and shear modulus profile using
the CSWS can be reconciled as the stratification in
the borehole log is largely by visual observation,
which do not necessarily imply a change in the soil
stiffness. Furthermore, the CSWS employs an
inherently averaging technique and aims to provide
an average characterisation of the test site. This
conclusion is supported by FE analyses where
assignment of a constant or average stiffness for the
soil strata under consideration provides a match with
the field dispersion curve.
With the FE analyses available, the stratified site
can be further characterised by undertaking
additional engineering tests (e.g. Atterberg limit and
shear strength tests) to fully describe the soil strata.
Borehole log descriptions for site 2 like ‘loose
clayey silt with quartz gravels can sometimes lead to
a misleading impression of the available Gmax. Close
scrutiny of the geology of the test site provides
additional information of the site investigated and
provides support for the field data obtained. The
presence of quartz gravel in the ‘loose’ soil, gives
rise to high Gmax values. Further support for this
conclusion can be obtained by considering the
starting and final Gmax values for the second layer of
site 2. i.e. “loose sandy clayey silt with quartz
gravels”, whose starting Gmax is about 50% higher
than the “stiff residual soil” from site 1. A study into
the geology of the site can assist in the interpretation
of field test data. The apparently higher Gmax values
may not be realized if the characterisation was just
based on borehole log information.
6 CONCLUSIONS
New findings and better understanding of the
physical behaviour of soils, especially over the last
decade have facilitated a shift towards geophysical
methods for shear modulus profiling. The non-linear
stress-strain behaviour exhibited by most soils has
spurred a growing appreciation for the measurement
of very small strain stiffness, Gmax.

The CSWS is non-invasive and tests a large zone
of soil and so the method avoids the problems of
borehole based methods, i.e. sampling disturbance
and unrepresentative samples.
The field tests suggest that the CSWS can easily
provide shear modulus profiles up to a depth of 20 m
in residual soils. Changes in soil stiffness or
presence of rock formation are easily discernible
from the CSWS results as confirmed by the borehole
log information. Whilst the CSWS appears attractive
for in situ soil characterisation purposes, it should be
noted that the technique is suited for near surface
characterisation only.
More tests have been planned to obtain a better
insight of using CSWS for characterisation of
Singapore soils.
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ABSTRACT: Berengbengkel trial site is located at vast peat deposit area in Central Kalimantan. A number of
field and laboratory testing were implemented to interpret the soil parameter. These include the use of field
vane, field permeability, static cone penetrometer and piezocone. Standards laboratory testing were also
implemented to measure strength, compressibility and hydraulic conductivity of the soils. The result from
both field and laboratory testing were presented. Correlations were also evaluated and compared to other
published correlations. It was found that correlations between density and loss on ignition and also between
dry density and moisture content fit well with the already known correlations for Dutch soil. However,
specific gravity values tend to be higher than specific gravity values indicated by Skempton-Petley and Dutch
correlations. The use of Searle chart for static cone based soil identification was also evaluated. Behavior of
mobilized shear stress during strength test was presented and discussed. The use of piezocone for soil probing
was also analyzed together with pore water pressure dissipation behavior. Values of coefficient of hydraulic
conductivity and its anisotropy on permeability of the peat were also presented and discussed.
1 INTRODUCTION

2 THE SITE

Berengbengkel site was assigned for the location of
trial embankments currently under monitoring stage.
The site is situated at peat deposit with depth ranging
from 2.5 to 11.0 m. The trials consist of five types of
embankment, i.e.:
 Type IA: Normal embankment with corduroy
platform
 Type IB: Surcharge embankment with corduroy
platform
 Type IIB: Timber pile embankment
 Type IV: Mini (concrete) piled embankment with
concrete mattress
 Type V: Lightweight embankment
As part of the trial embankment project, field and
laboratory tests were carried out, prior to the
commencement of the embankment construction, to
characterize the mechanical properties and to assess
soil parameter.
Fieldworks were performed only on the first four
embankments, some ground investigation have been
implemented earlier at the adjacent site for another
purpose. This paper presents field and laboratory
data interpretation, as well as some comparison to
other available data of Indonesian peat soil.

The site is located on Berengbengkel area, at the
vicinity of km. 35+100 to km. 35+550 Palangkaraya
to Banjarmasin national highway, Central
Kalimantan. The site plan of the trial embankments
is shown in Figure 1.
km.35+000

Palangkaraya

Figure 1. Trial embankment plan.

The trial embankment site was located at Barito
Basin with geological formation as follows (Van
Bemellen, 1949; Heryanto and Sanyoto, 1994):
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Figure 2. Geotechnical stratification.

a. Alluvial, kaolinite clay, silt with intercalations of
sand, lignite, loose pebble and gravel, as river and
swamp deposits.
b. Dahor
Formation,
unconsolidated
quartz
sandstone medium grained, poorly sorted, loose
conglomerate with quartz fragments, 1-3 cm in
size, softly clay, locally contains lignite and
limonite; deposited in fluviatile environment with
thickness about 250 m and Plio-Plistocene in age.
Types of faults are unknown yet, they are
generally presumed as strike fault and normal fault.
Tectonic activity is previously identified to occur at
Past Miocene, however it has probably occurred
before Tertiary time.
Soil stratification at the site was interpreted from
available data obtained through a fairly extensive
fieldwork, particularly with the use of peat auger.
The geotechnical stratification consists of mostly
10 m peat deposit overlying a soft clay layer. At
some locations peat sediment up to 15 m thick was
identified. The hard stratum is a sand deposit at
depths varying from 12 to 18 m. The interpreted
stratification of the site is shown in Figure 2.
3 GROUND INVESTIGATION
3.1 Field test
Typical field test and sampling location in every trial
is shown in Figure 3. In general the fieldworks were
conducted at the center of embankment crown, and
at the left and right toe of the embankment.
The field test consists of:
a. Boring and sampling with fixed piston sampling
and peat piston sampling.
b. Peat augering.
c. Field vane shear test, pre-bored (Farnell) and
push-in (NGI) types.
d. Static Cone Penetrometer Test (Dutch Cone
Type).
e. Electronic Cone Penetrometer Test (Piezocone)
and Dissipation Test.
f. Field Falling Head Permeability Test.

Legend
Boreholeand sampling
Field vane shear test
DCPT
Piezocone & Dissipation
Permeability Test

Figure 3. Typical fieldwork location.

3.2 Laboratory test
Laboratory test was performed at Geotechnical
Laboratory of Institute of Road Engineering in
Bandung. The samples were transported to the
laboratory using land and sea transportation.
The laboratory tests are:
a. Index test: moisture content, Atterberg limits,
specific gravity, bulk density, particle size
distribution, acidity level (pH), organic content
and fiber content.
b. Compressibility: vertical two-way drainage and
horizontal drainage consolidation test.
c. Shear Strength Test: triaxial unconsolidated
undrained (UU) test, triaxial consolidated
undrained (CU) test and direct shear test.
d. Permeability Test: falling head method.
4 DATA INTERPRETATION
4.1 Soil identification
The subsoil identification derived from visual
observation at field is summarized in Table 1. Von
Post Classification test for peat shows a wide range
degree of humification.
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Table 1. Subsoil description (IRE, 2000).

1.

2.
3.

Type and Description
Embankment IA (BH 201)
Embankment IIB (BH 203)
Depth: 0 - 3.5m
Depth: 0 – 6.5m
Dark Brow highly fibrous Dark Brow highly fibrous
peat, trace roots. H2-H3
peat, trace roots. H2-H5
Depth: 3.5-17.0
Depth: 6.3-17.0
Clay-Silt
Clay-Silt
Depth: 17.0-20.0
Depth: 17.0-20.0
Sand
Sand

4.1.1 Index properties of peat
Moisture content of the peat ranges from 467 to
1224%. Organic content also shows range value
from 41 to 99.7%. The value of 41% was obtained
from the sample at 11.8 m deep, which is close to the
clay layer. From ash content data, most of the peat
samples can be classified as a low ash peat.
Specific gravity of the peat ranges from 1.50 to
1.77 with an average of 1.65. Bulk density of the
peat ranges from 9 to 10.5 kN/m3 with an average of
9.9 kN/m3.
Fiber contents range from 6 to 56%, samples
taken from shallow depth exhibits lower fiber
content. This may be due to the burning of surficial
peat commonly occurred in the area. The peat can be
classified as hemic peat according to ASTM D 442792, and fibrous peat according to Macfarlane (1969).
pH values of the peat range from 1.77 to 3.25
(using H2O solution) and 1.75 – 3.14 (using CaCl2
solution). These values are surprisingly lower then
common pH values of peat. Noto (1991), for
example, the suggested pH value for peat is in the
range of 4 to 7.
According to all data mentioned above, the
Berengbengkel peat can be classified as a fibrous,
hemic, low ash, and highly acidic peat.
4.1.2 Correlation of specific gravity vs. LOI
Figure 4 shows plots of specific gravity correlated to
loss on ignition (LOI). Data from other Indonesian
peats and soft soils are also plotted for comparison.
The plots of specific gravity values tend to be above
the Skempton and Petley line as well as Dutch
relationships (IRE, 2000).
Specific Gravity vs L oss o n Ig nition
3
Jambi Pe at and Clay

Embankment IV (BH 205)
Depth: 0 – 11.0m
Dark Brow highly fibrous
peat, trace roots. H2-H5
Depth: 2.5-16.5
Clay-Silt
Depth: 16.5-20.0
Sand

4.1.3 Correlation of density vs. LOI
Figure 5 shows plots of density values of
Berengbengkel Peat and other Indonesian Soils. The
values are generally in the range of the upper and
lower limit of Dutch peaty soils (IRE, 2000).
Density vs Loss on Ignition
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Embankment IB (BH 202)
Depth: 0 - 2.5m
Dark Brow highly fibrous
peat, trace roots. H2-H3
Depth: 2.5-18.0
Clay-Silt trace sand
Depth: 12.0-20.0
Sand
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4.1.4 Correlation of dry density vs. moisture
content
Figure 6 shows correlation of dry density and
moisture contents. It is shown that all of the data are
agreed well with the relationship suggested by CUR
(1996).
Dry Density vs Moisture Content
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Figure 6. Dry density vs. moisture content (IRE, 2000).
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4.1.5 Soil type classification using static cone
penetrometer test (SCPT)
Plot of data in Searle (CUR, 1996) correlation chart
is shown in Figure 7. The chart is generally used to
identify type of soils based on interpretation of cone
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resistance and friction ratio value obtained from
SCPT.
It can be seen that plots of the peat data is not
conform to the type of soil suggested by the chart.
These data indicates the limitation of this chart for
peat identification. Modification of the chart needs
to be developed for peat identification purpose, after
sufficient amount of peats data has available.
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Figure 7. Plot of data in correlation charts.

4.2 Interpretation from SCPT and piezocone
Figure 8 shows typical SCPT and Piezocone test
result at the center of Embankment IIB along with
Grain Size

Soil Type
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25%

50%

qc (MPa)
75%

100% 0

2

4

6

soil profile and grain size distribution. The soil
profile is interpreted from borehole and peat auger
visual observation as well as from laboratory test
data. Soil profile at this location consists of peat
down to 6.5 m deep overlying very soft clay-silt
mixtures layer. The underlying soil can be classified
as fat clay and elastic silt according to USCS
classification. The lowest stratum is a sand layer at
about 18 m below ground surface.
The cone resistance (qc) from piezocone generally
shows conformity with SCPT although the result
from the mechanical equipment is slightly higher.
Friction ratio from both types of equipment is widely
differs for peat and soft clay-silt layers, but generally
about the same for sand layer.
The measured pore pressure using Piezocone in
peat layer are close to hydrostatic pressure. This
indicates that the build-up pore water pressure due to
cone insertion was rapidly dissipated in peat layer.
On the other hand, the build-up pore water pressure
was clearly identified in the clay layer down to
17.5 m deep. However, sudden decrease and
negative pore water pressure was recorded at 13 m
deep in an intercalation silt layer. Similar to the peat
layer, at sand layer the build-up pore water pressure
was hardly identified.
The ability of piezocone to measure pore water
pressure provides better soil identification capability,
compared to ordinary (mechanical) penetrometer.
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Figure 8. DCPT and piezocone test result.
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4.3 Behaviour of mobilised shear stress of peat
during vane test
Figure 9 shows typical curves relate vane rotation
and mobilized stress in peats. A similar curve for
clay was also presented for comparison. In peats, the
mobilized stress for each rotation tends to fluctuate,
often with extreme difference. The peat curves also
rarely exhibited peak stress value even at more than
100 rotation. On the contrary, the clay soil showed
clear peak stress at smaller rotation.
40

35

Clay
30

25

blade of 75 mm wide showed larger scattered values
compared to 55 mm wide blade of NGI (Figure 10).
However, it should be noted that degree of
disturbance on Farnell vane test is probably greater,
due to boring and casing activities.
4.4 Behaviour of mobilised shear stress in
laboratory strength test
In triaxial test, most of Berengbengkel peats rarely
exhibited peak stress. Figure 11 shows typical
triaxial CU data of peat. It is shown that the peak
stresses cannot be identified even at 30% strain, thus
it is difficult to determine the shear strength. The
choice will be dependent upon the level of strain
associated with failure.
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Figure 9. Result of NGI vane test.
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Noto (1991) explained that this behavior was due
to the fibers in peat which experienced breakdown or
elastic response during testing. Extraordinary high
strength values may be caused by large diameter of
peat components. Helenelund (1967) and Landva
(1980) associated the behavior of resistance values
to the “actual” length of vane shear face. It was also
suggested that standard vanes caused no apparent
failure face in fibrous peat.
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Figure 11. Stress-strain in triaxial CU test.

The effective angle internal friction, , derived
from CU test is ranging from 17 to 39, while the
effective cohesion is ranging from 0-4 kPa. In this
case, if peak stress cannot be clearly identified, the
strength was determined at strain of 30%.
Plots of stress path for those specimens are given
in Figure 12. The path of the specimen is turn to the
right. With higher cell pressure the path deviates to
the left for the two last specimens.
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Figure 10. Vane dimension and vane shear strength.
0

According to Macfarlane (1969), different vane
dimensions had significant effect on the results of
vane test in peat. He concluded that larger vanes
produce smaller average strength and less scattering
values.
In Berengbengkel trial site, the results from 2 m
deep peat layer indicated that Farnell vane with
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Figure 12. Stress path in triaxial test.

Similar to triaxial CU test, the peak stress in
direct shear test was hard to be identified
(Figure 13). The test gives  as high as 43 with
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cohesion of zero. Other samples have cohesion value
ranging from 9 to 27 kPa and angle of shear
resistance from 20 to 33. The high shear strength
resistance, particularly cohesion value, may be due
to the predetermined failure surface and by the fiber
action in peat.
Results of triaxial UU test shows that peat has
undrained shear strength ranging from 6 to 17 kPa.

those figures show that undrained shear strength
from Farnell vane is more scattered compared to
NGI type. This condition is probably due to casing
penetration during pre-boring activities in Farnell
test.
The cone factor (Nkt) derived from available data
is 18.4 for Farnell type and 13.2 for NGI vane
(Figure 20). The cone factor is defined with the
following formula (Dobbie and Wong, 1990):
qt – v = Suv  Nkt

120
Norm al Stres s = 20 kPa
Norm al Stres s = 40 kPa

S hear S tress (kPa)

100

(1)

where (qt-v) = corrected cone resistance (kPa),
Suv = vane shear strength (kPa), Nkt = cone factor.

Norm al Stres s = 80 kPa

80
60

4.7 Pore pressure dissipation in piezocone test

40

Figure 18 shows curves of measured pore pressure
with time in peat and clay. In clay layer, the
development of pore water pressure can clearly be
observed, while in peat layer the development is
hardly identified. The latter related to the high
coefficient of hydraulic conductivity of peat.
Figure 19 shows normalized pore pressure of peat
and a sample in clay. The normalized pore pressure
was calculated with the following formula:
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Figure 13. Stress-strain in direct shear test.

4.5 Comparison of measured undrained shear
strength

u

Undrained shear strength derived from field vane
test and triaxial UU is given in Figure 14 along with
corresponding soil profile in each boreholes. The
figure shows that the strength of peat does not
increase in depth direction. Undrained shear strength
derived from triaxial UU is in line with strength
measured by NGI vane shear apparatus, whereas
Farnell type gives the highest value.

u t  u0
ui  u0

(2)

where u0 = equilibrium pore pressure (kPa),
ui = initial pore pressure (kPa), ut = recorded pore
pressure at time t (kPa).
The clay curve is almost similar with theoretical
curve. Conversely the dissipation in peat layer gives
non-distinct curve, which could lead to an erroneous

4.6 Strength correlation
Figure 15 and Figure 16 show plots of moisture
content and loss on ignition data with vane shear
strength. Although the correlations are not obvious,
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interpretation. This may be due to small changes in
the measured pore water pressure. These changes
can be caused by external factors such as fluctuation
of water level. It can be suggested that the piezocone
dissipation test data may not be suitable for the
determination the rate of consolidation.
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4.8 Hydraulic conductivity
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Figure 16. Loss on ignition vs. vane shear strength.
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Field permeability test in peat gives a relatively high
coefficient of hydraulic conductivity (k), in a range
of 10-6 to10-4 cm/s. Laboratory permeability test with
falling head method gives coefficient of hydraulic
conductivity in the order of 10-5 cm/s.
Coefficient of hydraulic conductivity of peat in
vertical direction derived from consolidation test
shows wide scatter from 10-7 to 10-5 cm/s with an
average of 510-6 cm/s, while the horizontal
consolidation gives k values ranging from 10-6 to
810-6 and an average of 410-6 cm/s. The ratio of
horizontal to vertical hydraulic conductivity is in
order of 0.3 to 2.6. Those results show the high
degree of hydraulic conductivity anisotropy of peat.
This may be due to fiber orientation in the peat.
Figure 20 shows void ratio and coefficient of
permeability of peat samples derived from laboratory
consolidation test.
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The curves show a nearly straight-line relationship in
log-log plot. As the consolidation pressure increase,
the coefficient of hydraulic conductivity of peat is
significantly reduced down to 5% from initial value
correspond to 50% decrease of void ratio.

Berengbengkel peat has a high degree anisotropy
of hydraulic conductivity. This may be due to fiber
orientation of peat. Laboratory permeability test
gives the coefficient of hydraulic conductivity in the
range of those from field test. Significant decrease of
coefficient of hydraulic conductivity with the void
ratio was also identified.

5 CONSLUSION
ACKNOWLEDGEMENT
The sub-soils at Berengbengkel trial site consist of
peat at the uppermost layer overlying very soft clay
with some intercalation of silt layer. The hard
stratum was found in the lowermost sand layer,
which varies from 12 to 18 m below ground surface.
Bereng-bengkel peat mostly can be categorized as a
fibrous, hemic, low ash and highly acidic peat.
Some comparison among index properties
conforms well to Skempton and Petley line as well
as to the Dutch relationship, but specific gravity and
loss on ignition tends to be higher than values
produced by those correlations.
Soil identification using Searle’s chart does not fit
well for Berengbengkel peat data. Some adjustment
should be made for peat identification purpose.
Piezocone test gives greater precision in
identifying peat strata compared to static cone
penetrometer test because of its advantage in
measuring pore pressure.
Peak stresses in the field vane shear test were
barely identified even at large strain. Pre-bored field
vane test (Farnell) produces wide range mobilized
shear stress compared to those in the push-in type
(NGI). This may be due to disturbance during boring
and casing activities.
The determination of shear strength from triaxial
CU test data and direct shear test is troublesome, as
peak stresses often cannot be clearly identified.
Setting the failure strain at 30%, Berengbengkel peat
exhibits high angle of internal friction. Cohesion
values from direct shear test tend to be higher than
those from triaxial CU test, because the failure
surface in direct shear test was predetermined.
Undrained shear strengths in peat layer derived
from triaxial UU and field vane shear test tend to be
constant with depth. Undrained shear strength values
from NGI vane are close to those from triaxial UU
test, whereas Farnell vane gives higher values.
Correlations between water content and loss on
ignition with vane shear strength show that Farnell
vane strength gives wider scatter values compared to
NGI type, although the relations are not apparent.
Mobilization of pore pressure dissipation in peat
layer is hardly observed. The excess pore pressure
appears to be dissipated rapidly. Small changes in
the measured pore pressure may be due to external
factors such as variation in water level. These
changes resulting an unusual normalized pore
pressure curve.

The authors acknowledge Mr. H. J. Rijanto, Director
of Institute of Road Engineering, Indonesia, for his
permission to use the data.
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Geophysical test improve reliability in sinkhole investigations
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ABSTRACT: Since the early 1980s, reports of damage to residential structures caused by sinkhole activity in
Southwest Florida have increased dramatically. Geotechnical engineering firms appointed by the insurance
carriers have conducted numerous investigations to determine whether the damage is related to sinkhole
activity. The inadequacy of Standard Penetration Test alone to find a conclusive correlation between reported
damage and sinkhole activity has promoted the use of ground penetrating radar. However, this test has a few
limitations and other geophysical tests are required to improve reliability. The effectiveness of electrical
resistivity test in locating sinkhole potential is discussed, as it has proven to be cost effective for the quality of
data it provides. Recently multi-channel analysis of surface waves has also been found to be very effective in
locating effects of sinkhole activity. The merits and demerits of the various methods are discussed.
1 SINKHOLES IN SOUTHWEST FLORIDA
The Florida Peninsula has been primarily shaped by
the sea. The basement consists of an early Cambrian
granatic batholith and associated felsic rocks. This is
overlain by a sequence of early Paleozoic
sedimentary rocks, all of which are interpreted to be
of Gondwanan origin. A series of Mesozoic grabens
are superimposed on the Paleozoic features. The near
surface sediments consist of carbonates consisting of
mainly of late Pleistocene formations and recent
alluvial deposits. (Randazzo, 1997). Sea level
changes in the Pleistocene Epoch have resulted in
the formation of numerous continuous and
contiguous solution cavities in the limestone
formations. The solution activity during the low sea
level periods and the in-filling with marine
sediments during the periods of high sea levels has
rendered the Tampa Formation a non-homogenous
and porous limestone. The contiguous solution
cavities render the limestone highly permeable.
Consequently, the Pleistocene formation is a major
source of water known as the Floridan Aquifer and
covers most of northern and central Florida.
Southern Florida is served by the Biscayne Aquifer,
a shallower aquifer system.
Most of Southwest Florida is at an elevation less
than 40 m above sea level. The central part of the
state is the primary recharge area of the Floridan
Aquifer and the southwest region is the major
discharge area. This is also a region of high

population density and constant growth. The general
lithology of this area of Florida may be described in
the following table.
Table 1. Generalized lithology of Southwest Florida.
Surface to

30 feet

30 feet

250/300 feet

250/300 feet

400/550 feet

400/550 feet

1100 feet?

SAND and SILTY Sand
recent deposits
Hawthorne Group
(Aquiclude) followed by
Tampa and Suwannee
Limestones Pleistocene
to recent, with solution
and erosion feature.
Ocala Formation coquinoid Eocene
formations
Avon Park and Lake City
Limestones, hard,
fossiliferous

The surficial sands form the groundwater or
surficial aquifer. The weathered limestones of the
Hawthorne Group act as an aquiclude separating the
Floridan and the surface aquifers. The Tampa and
Suwannee Formations form the Upper Floridan
Aquifer and the Ocala and Avon Park limestones
form the Lower Floridan Aquifer. Because of the
karst terrane the surface and the Floridan aquifers are
interconnected. Difference between the hydrostatic
head between the two aquifers causes flow between
the two aquifer systems, with accompanying erosion.
In addition to the natural processes, increased
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construction activity has changed the hydraulic
characteristics in recent years.
Further, a constant rate of pumping (about
l15,000 cubic meters per day) for over a decade from
the Floridan Aquifer irrespective of the varying
recharge rates has caused additional changes in the
hydraulic gradients. Dolines therefore appear at
various locations in this region. Consequently
numerous residential structures have been affected.
Dolines are classified into four groups based on
the type of collapse. In describing these types the
words sinkhole and doline are interchangeably used
(Ogden, 1984). These four types may be described as
collapse doline, solution doline, subsidence doline
and subjacent karst collapse doline. In adapting these
terms to local conditions, the terminology used is
solution sinkhole, cave collapse sinkhole, subsidence
sinkhole and buried sinkhole (Frank and Beck,
1991), The area covered under this study includes a
five-county area around the Tampa Bay as illustrated
in the figure below.

Figure 1. Map of the Southwest Florida area covered under this
study (shown shaded).

A report prepared by the Florida Geological
Survey (Publication No. 16) indicates that the most
sinkholes in Southwest Florida are cover collapse or
in-filled cavities. However, in the area covered there
were more subsidence and solution sinkhole cases
than collapse sinkholes. In some cases, the damage
was related to reactivation of a paleosink.

2 DAMAGE RELATED TO SINKHOLE
ACTIVITY
Florida law requires insurance companies to provide
coverage for sinkhole-related damage. Typically
when a homeowner reports settlement damage, the
onus is upon the insurance company to establish that
the settlement is not related to sinkhole activity.
Geotechnical engineering firms appointed by the
insurance carriers used Standard Penetration Test
(SPT) to determine the cause of the settlement. The
analysis and subsequent conclusions were based
directly on material properties of the soil without
regard to the geology of the area. Typically, if clayey
soils were encountered, the settlement would be
attributed to the behavior of the clay,
notwithstanding the fact that expansive clays are not
common in Florida. If organic matter were present in
the soil, the settlement would be directly related to
the presence of organic matter. If loose sands were
encountered, settlement would be attributed to creep
effect. Poor workmanship was blamed in a few cases
and holes dug by animals were also blamed. The
general pattern was to identify some cause that
settlements could be related to, other than sinkhole
activity. As more and more of these cases went in to
litigation, the shortcomings of SPT as the sole
investigative tool became obvious.
The standard penetration test is well understood
by geotechnical engineers as it provides a numerical
value that could be used to estimate soil properties
and a soil sample that could be used in laboratory
tests that do not require an undisturbed sample.
Hence engineers tend to rely on the SPT in their
analysis. However, the SPT represents the soil
conditions within a 100-mm diameter hole and is
neither representative of the entire house lot nor is
capable of taking into account the geological features
that may vary between borings. Hence a better
investigative tool was needed to supplement the SPT
data. Further, in the early 1990s there were no
guidelines on performing sinkhole investigations.
The need for better investigative techniques was
brought to light when the City of Dunedin was
deluged with complaints of sinking homes and
cracking walls which were blamed on a water supply
well owned by the City. The City of Dunedin
commissioned a study and the Florida Sinkhole
Research Institute was assigned the task of studying
the problems in a regional context. In this study over
one hundred engineering reports were evaluated.
Many blatant omissions and shortcomings of the
methods of interpretation in these reports were
pointed out. To obtain site specific regional data
GPR was extensively used by the study group. Their
report (Frank and Beck, 1991) stressed the need to
investigate obvious surface features that might
154

indicate subsurface anomalies. The use of GPR has
since then has become a standard supplement and in
many cases, the primary guide in positioning SPT
borings.
2.1 Ground penetrating radar (GPR)
Ground penetrating radar uses electromagnetic
energy that is continuously sent into the ground as
the equipment is towed along the ground. The
transmitter housed in the antenna unit sends the
electromagnetic waves that penetrate the various soil
strata and are reflected back. The receiver located in
the antenna unit picks up the reflected waves. The
velocity and the depth of penetration are both
dependent electrical properties of the soil. Highly
resistive media such as dry sand will permit a greater
depth of penetration of the incident wave than a
highly conductive media such as clay. Thus the GPR
is capable of picking up soil stratification, interface
between varying soil types and the surface of the
clay stratum underlying surficial sands. However,
this itself limits the use of the GPR in sinkhole
investigations. GPR equipment used by geophysical
testing companies in this area could not penetrate the
clay stratum and locate loose sands or cavities
located below the clay layer. Hence in many cases
GPR was effective only in profiling the surface of
the clay layer. 1n some cases a sloping clay surface
or a conical depression of the clay surface could be
seen. These could be interpreted as collapse feature
or cones of depression formed by subsurface
collapse. Geologists interpreting the data could not
be sure whether the anomaly was a subsurface
feature or an electrical disturbance caused by large
metallic objects such as parked cars or high-tension
transmission poles.

stratum was encountered. The level of detail
obtained was not sufficient to identify whether the
attenuation was due to the presence of clayey soils or
the presence of ground water.
To overcome the limitations of GPR, electrical
resistivity methods were suggested by some of the
geologists in the area who had used the resistivity
methods. Electrical resistivity depends on measuring
the basic parameters such as voltage and current flux
generated by the electrodes placed in the ground.
The depth of penetration varies with the electrode
spacing and is 1imited by the strength of signal that
could be picked up by measuring sensors.
2.2 Electrical resistivity tests
Since the 1920s when Schlumberger introduced the
electrical resistivity method, it has gained acceptance
in the fields of hydrogeological, mining,
geotechnical and environmental surveys. The
resistivity of a soil is a function of various geological
parameters such as mineral content, porosity, water
content, and degree of saturation. In simple terms
resistivity measurements are made by injecting an
electric current into the ground and measuring the
voltage at a given point. The most basic electrode
arrangements are called the Schlumberger and
Wenner arrays. Two variations of these arrays,
Dipole-Dipole array and Pole-Dipole array, are most
commonly used.
By using a method called Lee Directional survey,
raveling zones and cavities could be located. This
method is useful in locating anomalies along the line
of survey at various depths. When an anomaly is
detected in more than one direction, it may be
classified as a second or third order anomaly.
2.3 Multiple Electrode Resistivity survey (MER)

Figure 2: Typical GPR transect. Nothing below the clay layer
was recorded.

In reviewing over thirty such reports we found
that the depth of penetration was between 1 to 5 m
below the surface depending upon where the clay

An improved version of the four-electrode resistivity
method has been available for decades in the form of
equipment that could be programmed to read a
number of electrodes placed in a line. The electrodes
are normally placed at a constant spacing and are
connected together by a special cable. Equipment
typically used for this survey handles a maximum of
28 electrodes and could be placed at a maximum of
6 m spacing. The recording unit is usually placed at
the center of the array. For want of a better term, this
arrangement is called Multiple-Electrode Resistivity
survey or MER.
Typically, Schlumberger and Di-pole – Di-pole
arrays are used. The inversion software used in the
analysis is available for a 2 dimensional or threedimensional analysis (Loke, 1999). This modeling
program calculates the apparent resistivity of each
subsurface stratum by using a finite difference or
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finite element method. The final output shows
contours of calculated resistivity and it is possible to
delineate different materials directly in the crosssection plotted. Numerical values of apparent
resistivity have also been correlated with the type of
soils and hence the material could be easily
identified. Further, as only the resistivity is
measured, a stratum of higher resistivity does not
obscure an underlying stratum of lower resistivity.
Areas of very high resistivity will represent cavities.

Figure 3: Typical MER plots for a residence in Palm Harbor,
Florida.

If required, the survey could be extended by
moving the electrodes along farther down the initial
survey line. This is called rolling along. A modified
version of rolling along technique is used in new
equipment called Coupled Capacitance Resistivity
Survey.
2.4 Coupled Capacitance Resistivity survey (CCR)
A new electrical resistivity mapping system has been
developed which uses a transmitter and receiver that
are capacitively coupled to the ground. There is no
need for metal electrodes and the survey involves an
operator pulling along the transmitter and receiver
that are physically joined by a rope and are in contact
with the ground. The transmitter charges the ground
and the receiver that is tuned to the transmitter
records the voltage. This equipment called
OhmMapper uses only the Di-pole – Di-pole configuration. The separation between the transmitter and
the receiver could be varied to repeat the survey.

Figure 4: Capacitively Coupled Resistivity profile obtained for
a site in New Port Richey, Florida.

The equipment consists of two sets of coaxial
cables that act as current and voltage dipoles. The
transmitter and the receiver are physically separated
by a rope and electrically connected by the ground
resistance. As the equipment is dragged along, the
resistivity data is recorded at the rate of two readings
per second. Thus it provides more data points for
analysis than the MER, which requires a physical
separation of at least 0.3 m between electrodes.
Further, as it takes only one operator, it is more
economical and provides at least 5 times more data
as compared to a two-man crew required for a MER.
The CCR uses the same software and analytical
methods as the MER. Because of the higher density
of data points obtained near the surface, it provides a
higher resolution. The di-pole cables and the space
between the transmitter and receiver could both be
varied to obtain multiple sets of data. The software
also allows plotting horizontal or vertical crosssections of the area surveyed. The major constraint is
that the depth surveyed is limited to about 17 m
because of equipment limitations.
Electrical resistivity methods have produced far
better results and reliable data than GPR. In fact all
three geophysical test methods above have been used
both inside and outside residential structures. The
only limitation of the resistivity methods is that the
depth of penetration depends upon the electrode
spacing and the lateral spread of the survey line.
Hence, the depth of profile obtained is limited by the
space available to set the electrodes in the MER
method or space available to drag the CCR.
2.5 Multi-channel Analysis of Surface Waves
(MASW)
While seismic refraction has been available for
decades as an effective method of subsurface
profiling, it has been adopted to sinkhole studies
recently. However, to profile the near-surface strata,
the better method has been the use of surface waves.
Surface waves are generally susceptible to the
influence of noise such as traffic and, in some of he
more sensitive equipment, people walking around
the geophones.
Analysis of the shear wave velocity using a Multichannel Analysis of Surface Waves (MASW) was
tested in Tampa Bay area successfully to locate
subsurface variations in shear wave velocity and
relate these to the subsidence responsible for the
structural damage. The results are encouraging,
(Miller et al., 1999) though the test method is
expensive. Shear wave velocity in the range of 30 to
365 m/s was measured and was compared to the soil
profile obtained from standard penetration tests. The
depth of penetration was between a few meters to
about 30 m below the land surface. In this method of
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analysis, it would be possible to identify both
existing and potential failure zones associated with
subsurface cavities. The results of MASW were
compared with MER surveys in six cases in the
Tampa Bay area, and were found to be in agreement
as far as detecting the location of anomalies was
concerned. The two major drawbacks of the MASW
are the cost and the level of expertise required
operating the equipment. A typical output from the
reduced data is shown in the figure below. The
darker shaded areas represent shear wave velocity
contours for limestone and the lighter area represent
sands. Intermediate shades represent various
mixtures of sand and clays.

Figure 5: Multi-channel Analysis of Surface Waves (MASW)
Profile generated at a house in New Port Richey, Florida.

3 DISCUSSION ON CASE HISTORIES
In the last two decades the withdrawal from the
aquifer has remained more or less steady, though the
recharge has been fluctuating. As the cities grow the
population has been pushed outward, with new
communities springing up on the edges of well
fields. All of these factors add to one common
problem – altered hydrogeological conditions. The
result is a renewed acceleration of solution activity,
which in turn manifests itself as ground subsidence,
localized doline formation, increased frequency of
reports of sinkholes opening and complaints from
homeowners of settlement problems. Florida law
requires insurance providers to cover sinkhole
damage. Practically all the geotechnical engineering
firms hired by the insurance companies did not use
geophysical methods two decades ago. Their
investigation therefore focused on finding causes of
settlement that would satisfy the needs of the

insurance companies. As the number of cases arose,
there was a need to locate the borings more
appropriately where subsurface anomalies might
exist. The ground penetrating radar was therefore
used a preliminary tool to profile the subsurface and
select areas of anomalies where borings would be
placed.
If the borings did not find any conclusive
evidence of solution activity such as a void or cavity,
the settlement problems were related to other causes
besides sinkholes. Frequently, the following causes
were related to settlement problems.
 Poor construction methods and materials
 Inadequate site preparation
 Presence of organic matter
 Expansive soils below the footing elevation
 Presence of large trees near the building
 Problems related to ground water fluctuation
 Burrows dug by animals.
3.1 Detecting sinkhole activity
The Florida Sinkhole Research Institute conducted a
detailed investigation in 1991 for the City of
Dunedin, Florida. After reviewing over a hundred
subsurface exploration reports and conducting their
own field tests, the report submitted (Frank and
Beck, 1991) recommended guidelines for identifying
problems associated with sinkhole activity. Specific
indicators were given to distinguish settlement
caused by expansive clays as against those caused by
sinkholes. The insurance industry conducted its own
study and prepared a report to the State of Florida in
1992 (Butler et al., 1992). Their report indicated that
there was no uniform set of criteria that could be
universally applied to the investigation of sinkhole
claims. Their recommendations to the State were
based on financial decisions, such as forming a
sinkhole subsidence fund and dividing the State into
four zones for the purposes of setting premiums.
Another method suggests the use of reported
frequency of sinkholes within a given area (Wilson,
1997) as a guide to predicting the potential for future
sinkhole development. Some firms use the presence
of a raveling zone as the only indicator of sinkhole
activity, but have no criteria to determine what
constitutes a raveling zone or how to locate one.
The only conclusive evidence of sinkhole activity is
therefore a geophysical test that could show an
actua1 cross-section of the ground or locate a cavity.
The Federal Highway Administration compared
various cavity-locating methods and found the
electrical resistivity a suitable technique for cavity
logging (Kirk & Werner, 1981). They also listed
gravity, ground penetrating radar and seismic
methods as suitable techniques.
In almost all these cases studied, the resistivity data
was compared with SPT data and found that the use
of MER was invaluable in locating sinkhole activity.
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The use of Capacitively Coupled Resistivity test was
recently introduced in this area. The CCR has also
proved to be equally reliable and is less expensive
and is faster. The use of Multi-channel Analysis of
Surface Waves is also a dependable mapping
solution, but being expensive is unlikely to be a
routine procedure. In six of the ease studies both the
MER and MASW were compared and found to be in
very close agreement in locating subsurface
anomalies.

Miller, R.D. et al. 1999. MASW to investigate subsidence
effects in The Tampa, Florida area. Draft Open-file Report: 9934. Lawrence, Kansas Geological Society.
Ogden, A.F. 1984. Methods for describing and predicting the
occurrence of sinkholes. Proc. First Multidisciplinary
Conference on Sinkholes. Rotterdam: Balkema
Randazzo, A.F. & Jones, D.S. (eds.) 1997. The Geology of
Florida. Gainesville: University Press of Florida.
Wilson, W.L. 1997. Better tools emerge for analysis of an
area's sinkhole potential. Winter Park: Florida Specifier.

3 CONCLUSION
The use of geophysical tests should be encouraged
among engineers, who rely heavily on the standard
penetration test. Though it is widely used in
engineering design, this test is not adequate to locate
the effects of geomorphologic processes such as
solution activity in the weathered limestone
formations.
Electrical resistivity tests have proven to be the most
reliable in subsurface profiling and detecting the
effects of karst activity. All variations of the
resistivity tests have proven to be equally effective.
Ground penetrating radar has not been very effective
in identifying potential problems as compared to the
resistivity methods. The presence of clayey soils near
the surface limits the depth of excavation and the
resolution of the equipment are not sufficient to pick
up variations in the near-surface soils. The use of
multi-channel analysis of surface waves, a seismic
method has been found to be very effective in
subsurface cavity locating. However, the expense
and level of expertise required limits the use of this
method. Geophysical testing is indispensable in site
characterization and provides a better guideline for
further geotechnical investigations.
There is also a need to establish procedures for
subsurface exploration that will yield dependable
data. Emphasis needs to shift from financial to
technical considerations in sinkhole investigations.
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Geotechnical characterization by in situ tests of a loess-like deposit in its
natural state and after saturation
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ABSTRACT: A series of Marchetti Dilatometers Tests (DMT), Cone Penetration Tests (CPT), Ménard
Pressuremeters (MPM), Field Vane Tests (FVT) and Dynamic Penetration Tests (DPSH) were performed in a
silty weakly cemented loess-like soil in its natural state and after saturation. In view of the kind of soil, an
important reduction in the mechanical parameters was expected with an increasing degree of saturation Sr.
The aim of the experiment was to quantify, for subsequent engineering applications, the weakening of the soil.
It has been verified that the decrease upon saturation of the strength parameters qc and PlMPM is very similar
(from 34 to 38%) and the decrease of the deformability parameters, EMPM and MDMT, is roughly of the same
order in both cases (61 and 68%, respectively). Such reduced stiffness (EMPM or MDMT after saturation) should
be used for settlement prediction if an increase in water content is considered likely. The combination of DMT
and CPT tests is a faster and more cost effective method to get information on strength and deformability.
Besides, the combination CPT/DMT through KD parameter and qc/MMDT =  ratio clearly show the
destructuration of this soil when saturated.
1 INTRODUCTION
This paper deals with the characterization carried out
through geotechnical field tests and identification
laboratory tests of a weakly cemented loess-like silt
deposit located near the city of Girona in the North
East of the Iberian Peninsula.
In addition to reconnaissance borings, a series of
Dilatometer Marchetti Tests (DMT), Static
Penetration Tests (CPT), Ménard Pressuremeter
Tests (MPM), Vane Electronic Tests (FVT), and
Continuous Dynamic Penetration Tests (DPSH)
were carried out on the soil in its natural state and
after saturation with water.
2 SITE DESCRIPTION
The area of study is located in the lower part of a
housing development called Bosc de can Palol, in
the neighborhood of Montfullà, district of Bescanó,
in the county of Girona (Figure 1).
From a geological point of view, the site is
located on the northeastern border of the prelittoral
Cordillera Catalana and is adjoined to the foot of the
Macizo de les Guilleries, between 0.5 and 1 km
south of the Ter riverbed.

Figure 1: Location of the experimental area.

The studied formation is adjoined, forming a
terrace, to the schist rock base and it forms a curved
strip a little longer than 1 kilometer with a width
ranging from 100 to 300 meters and a thickness of
over 20 meters according to the cartographic
interpretation. The gap with the valley of the Ter
River is higher than 25 meters, giving way to almost
vertical slopes that reach up to 10 meters in height. It
could be said that this deposit is a geological relict
but one with very special geotechnical
characteristics.
The deposit consists of light brown color silts,
with some coarse lenses of poor lateral continuity
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considered as colluvial contamination from the
nearby highland. These coarser materials often cover
the upper part of the terrace and, indeed, their
presence has prevented the silts from being
completely eroded.
At first glance, the site shows an open porous
massive structure with columnar-type erosion on
the slopes. Recrystalization patinas along with
insoluble carbonate nodules are found in the soil
mass giving it a weak cementation.
The vertical slopes (Figure 2) indicate significant
cohesion. The type of erosion found on the slopes,
and the low blow count on the first Dynamic
Penetration Tests conducted, immediately suggested
a potentially unstable soil which might be
collapsible, a suspicion later confirmed by the
laboratory tests.

Figure 2: General view of slopes.

3 SOIL TYPE
The identification laboratory tests show that the
average distribution of the grain size is 14% fine
sands, 76% silt and 10% clays. It is non-plastic and it
is classified as an ML soil. The carbonate content is
high, ranging from 20 to 24%. The specific gravity
Gs varies from 2.55 to 2.65 and its dry density dry
ranges from 1.45 to 1.75 gr/cm3.
Natural moisture content ranges from 11% to
13%, the void ratio e varies from 0.60 to 0.70 and
the average saturation degree in the natural state is
Sr  50%.
Is this a loess soil? Dry density would seem to be
higher, and the void ratio lower, than published data
on this type of soil in other countries. This fact could
be explained by the high carbonate content (literature
exists which mentions carbonate contents ranging
from 5% to 10% in loess soils).
Loessic deposits cover broad landmasses of Asia,
Eastern Europe and North and South America. In
Spain, however, loess deposits are more of a
geological curiosity (Jiménez Salas and de Justo
Alpañés, 1975).

The absence of any kind of sedimentary structure
(totally massive), the gradation and uniformity of the
grain size, the lack of correlation with the alluvial
terraces of the area, the type of slopes, etc. are
reasons that suggest that it is, in fact, a loessic relict.
In any case, detailed sedimentological and
microscopic studies would be interesting to broaden
the knowledge of what is a real geological curiosity
in this region.
4 QUALITY OF SAMPLES
Special emphasis must be placed on the difficulty in
collecting good quality undisturbed samples of this
soil. In fact, some of the samples were lost before
reaching the laboratory despite the utmost care being
taken with collection and handling.
Though insufficient data are available for
statistical analysis of laboratory results, a certain
compaction of the standard undisturbed samples can
be seen compared with the paraffined samples
101 mm carefully collected in two of the boreholes.
Other parameters such as natural moisture and the
plasticity indexes do not present significant
deviations, as is to be expected.
The difficulty in collecting good quality samples
in loessic soils has been acknowledged by many
authors. Marcu and Sotoica (1998) have performed a
comparative statistical analysis between undisturbed
samples and block samples cut on the site. Their
results are very clear: porosity figures in the samples
collected with a sampler are substantially lower than
those of the block samples, showing a higher
compaction of the soil. On the other hand, the
dispersion of the experimental values of the first
ones is extremely high while in the latest ones the
variation around the average value is  2%.
This is very important because the collapsibility
of the soil is usually determined by laboratory tests,
using various oedometer techniques. If the sample is
denser, the confined vertical unitary deformation z
is clearly underestimated:

z 

V0  V1 h 0  h1

V0
h0

(1)

being h0 the height of the confined sample (coming
from an undisturbed sample) and h1 the height of
that same sample under the same confinement load
after wetting the sample.
In the present case, the values obtained from the
oedometer with a flooded sample were, z = 0.07 for
v = 50 kPa and z = 0.19 for v = 150 kPa.
In view of the difficulty in getting good quality
samples, it is clear that in situ tests can produce
valuable information for the characterization of these
soils.
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5 FIELD TESTS
Although in the studied area collapse is not to be
expected because structures are and will be slight, it
would be very important to assess variations in
deformability and strength contrasted with a
hypothetical increase in moisture content.
As previously stated, the aim of this research was
to conduct a series of field tests on this soil in its
natural state and to carry out the same tests in an
experimental area of soil that had been previously
moistened with water. The measured parameters
were then to be compared.
In the natural state, these soils present a high
apparent cohesion that is given by the clay bridges
between the coarser particles, the salt crystallization
and the suction. If the soil increases its moisture
content the process reverses; among the clay
particles repelling forces interact, the soluble salts
become hydrated and dissolve, and the suction tends
to vanish as the soil becomes saturated (Rinaldi et
al., 1998).
Evidently, an important reduction in the
mechanical parameters was expected with an
increasing degree of saturation Sr. The aim of the
experiment was to quantify, from a practical point of
view, the weakening of the soil.
5.1 Test program

more impermeable than the upper stretch. Table 1
summarizes the amount of performed tests at each
stage.
Table 1. Test program.
Test
Bore Hole
CPT electronic
DMT Marchetti
FVT Vane Test
MPM Ménard Pressuremeter
DPSH Dynamic Penetration

Phase 1
Sr = 50%
4
4
2
3
2
2

Phase 2
Sr = 97%
2
2
2
3
3
2

In order to flood the ground, 17 drills of 55 mm
diameter and up to 5 meters deep were arranged in a
60 cm radius around the point of research, according
to the layout shown in Figure 3.
The drills were performed by static penetration
with a closed end taper keeping the water level on
top of the borehole during around 24 hours, after
which the corresponding tests were performed. Total
volume of consumed water was of  6 m3. The
computed permeability in the flooding drills by
means of variable and constant head tests was of
3.510-4 cm/s. Table 2 presents the average basic
properties of the soil in the initial state and after
adding water.
Table 2. Soil proprieties in natural state and after saturation.

The work was divided in two stages. During the first,
tests were carried out on the soil in its natural
condition (no water table was found). During the
second stage, a specific section was flooded until
saturation point was nearly reached (Sr = 96.6%) the
same tests were then carried out on the flooded
section.
The distribution of the points of investigation is
shown in Figure 3. Tests were carried out at a depth
of between 2.5 and 5.0 m (at a low confinement
pressure). From a depth of 4.5 m onwards, a hardpan
begins in this sector, which is more cemented and

Properties
s (Mg/m3)
dry (Mg/m3)
e
w (%)
Sr (%)

Initial State
2.6
1.6
0.63
12.0
49.9

Saturated State
2.6
1.8
0.46
17.5
96.6

5.2 Ménard Pressuremeters: MPM
These tests were carried out according to the
AFNOR 1991 and the ASTM D 4719-87 standards
(Figure 4). A probe with rubber jacket, properly

Saturation Point
Bore Hole
DPSH
FVT
CPT
Sr = 97%

0.6 m

Figure 3. Test

layout in experimental area.
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calibrated, was used. The pressuremeter drills were
performed with stem augers 63 mm in order to
disturb the drill walls as little as possible. A third
drill was performed in the saturated area using
continuous core recovery technique and 66 mm
pipe with the intention of verifying the effect of the
drilling technique on the quality of the test.

Pl MPM in the saturated area are consistent for all the
tests, notwithstanding the drilling technique, with an
average of 0.55  0.03 MPa. This agrees with the
theoretical conclusion by Baguelin and Jézéquel
(1972) that demonstrated that the Pl MPM is not
affected by the presence of a surrounding area of soil
disturbed by the perforation.
The weakening of Pl MPM when the soil was
saturated was of 33%, that is:

Pl97%
 0.66
Pl50%

(3)

5.3 Marchetti Dilatometer: DMT

Figure 4. Ménard CPV 200 pressuremeter.

Figure 5 presents the uncorrected pressuremeter
curves comparing the four tests performed with stem
auger drills. The results achieved are summarized in
Table 3.
600
R H-4 2,5 m

VOLUME 60" [cm3 ]

500

R H-4 3,4 m
R H-6 2,7 m
S 1R T 2,7 m

400
300
200

Sr = 50%

100

Sr = 97%
0
0

2

4

6

8

10

PRESSURE [bar]

Figure 5. MPMs in natural state and after saturation.

Based on these data, a drop in the value of EMPM
can be noticed when saturating the soil around 60%
of the average EMPM value of the soil in its natural
state for the tests carried out in the auger drills:

E MPM 97%
 0.39  0.4
E MPM 50%

(2)

Tests conducted inside coring boreholes show
very similar values of EMPM (3 MPa), which means
a drastic drop of 80% in relation to the average of
the boreholes RH-4 and RH-5 (natural state). This is
attributed to the drilling technique, leading to a
bigger alteration of the drill walls, thus resulting in a
clearly higher deformation value. Coring technique
is obviously not appropriate for pressuremeter tests
in this type of soil. On the other hand, the values of

A total of four DMT tests were performed according
to the accepted standards (ASTM, Eurocode 7 and
SGS). Three of the tests were performed in the
natural soil area and the fourth one was conducted in
the saturated experimental area. The blades were
statically driven with a 20-ton CPT truck.
Figure 6 reflects the comparative graphics for ID,
KD and oedometric modulus MDMT for the soil in the
natural state and after saturation.
ID parameter refers to the soil behavior type
(SBT); it shows its mechanical behavior and not a
specific granulometric gradation. It could be said to
be a stiffness index, therefore even when the grain
size of the present soil is overestimated, what is
really important is that it is behaving more rigidly
than an actual silt and this, in this case, is due to the
effect of cementation.
As can be seen in Figure 6, ID is increased after
saturation, moving further away from the silt values
region, indicating a more sandy behavior (same as
SBT with CPTs), an expectable fact since the
proportion of the cementation/cohesion contribution
decreases after saturation.
The analysis of the KD parameter is particularly
interesting. KD can be regarded as the at rest earth
pressure coefficient K0 amplified by the penetration.
The profile of KD resembles in shape to the profile of
the over consolidation ratio (OCR) and results from
the tensional history of the deposit (Marchetti, 1997;
Totani et al., 2001). In this type of soil KD is the
result of the horizontal tension h, the additional
strength added by the cementation and the soil aging.
In the analysis of the natural soil, some values are
found to be considerably high, with an average
around 8. In the test on saturated soil, the value of
KD decreases to a 2.17 average, a value that denotes
a normal consolidated type of soil (NC). In the
present case, the decrease of KD is a direct way of
measuring the structural change of the soil, that goes
from a soil with a strong apparent overconsolidation
to a NC type of soil when the moisture content
increases.
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Table 3. Pressuremeter MPM tests results (corrected values).
Zone
Sr 50%
Sr 97%

Bore Hole
RH-4
RH-5
RH-6
RT-1
RT-1

Type
Stem Auger 63
Stem Auger 63
Stem Auger 63
Coring 66
Coring 66

Prof. (m)
2.5
3.4
2.7
2.7
3.5

EMPM (MPa)
17.1
14.0
6.1
3.0
3.1

Pf

(MPa)
0.28
0.32
0.26
0.28
0.12

E/Pl*
20.7
21.6
13.9
6.3
4.9

Pl MPM. (MPa)
0.82
0.68
0.55
0.50
0.58

MPM.

3441-86 standards and the ISSMFE 1988
recommendations.
Puppala et al. (1998) have conducted CPTs in
very similar soils (weakly cemented loessic silts in
Vicksburg, Mississippi) varying the penetration
speed (0.25, 1 and 2 cm/s). They noted that this
variation does not affect the results of qc, concluding
that penetration takes place in drained conditions
because otherwise qc would vary with the
penetration speed. Because of the similarity of the
soils described, a drained cone penetration is also
assumed for present case.

Depth (m)
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Figure 6. DMTs in natural state and after saturation.

-6
-7
-8
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The ratio saturated/natural is:

K D97%
 0.27
K D50%

-11

(4)

-13

One of the main advantages of the DMT tests lies
on the estimation of the oedometer modulus both for
cohesive soils as well as for granular soils. The
variations of MDMT as a result of the soil saturation
are also shown in Figure 6. Average drop of the
confined modulus MDMT is of about 70% when
saturating the ground, that is:

M DMT97%
 0.32
M DMT50%

-12

(5)

being this ratio is slightly lower than pressuremeter
modulus EMPM.
5.4 Static Penetration Test: CPT
Six electronic CPT´s have been conducted up to
15 m deep with a 20 t reaction driving system. The
tests were conducted according to the ASTM D-

qc

-14
-15
0
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2

qc [kp/cm ]

0
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8

10

2

fs [kp/cm ]

Figure 7. Example of representative CPT.

Figure 7 shows one of the CPTs conducted up to
around 13 m depth, in which some coarser
intercalations can be seen at the beginning of the test
and at 9 m deep. Notice that there is no linear
increase of qc with the increasing depth, instead it
remains constant (2 MPa) until 9 m, not showing
any increase due to confinement. This fact indicates
that until this depth qc is more dependent on the
cementation than on the confinement pressure
(Puppala et al., 1995 & 1998).
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From 9 m deep on, the trend seems to change (or
there might be a seam of coarser material).
The comparative results of one of the tests
conducted on natural soil and a test carried out in a
saturated area, are shown in Figure 8. Once again the
saturation effect on the soil is clearly visible, as in
the DMT case, but with data every 1 cm deep.
Precisely because of that abundance of data, the
lesser variation in the parameters measured is clearly
visible.
-2 ,5

correlation between the saturation degree Sr and the
cone resistance qc normalized for atmospheric
pressure (= 100 kPa). The relation is shown in the
equation:

qc
 a  b  (1  Sr )
pa

(8)

where a and b are constants whose ratio is nearly
equal to 1, and a is the normalized cone resistance of
the fully saturated soil, taken as a residual resistance.
Present results validate Sussic and Sasojevic’s
correlation.
5.5 Field Vane Test: FVT

-3 ,0

These tests were conducted according to the ASTM
D-2573-72 (1978). Electronic equipment with a
special nipple was used in order to measure the
parasitic friction of rods. Blades of 11050 mm were
used.
Although this test is generally applied to clayey
soils, it has been carried out in this cemented silty
soil in order to study its behavior. Figure 9 shows the
results of the tests conducted at 3.0 m of depth on
natural and on saturated soil.
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Figure 8. CPTs in natural state and after saturation.

From the average values of qc and fs to 4.3 m of
depth it results as follows:

qc97%
 0.62
qc50%

(6)

Torque (Nm)

0

70
60
50
Sr=50%

40
30
20
10
0

fs97%
 0.33
fs50%

(7)

As fs decreases proportionally more than qc, FR%
(or Rf, defined as fs/qc in %) is logically reduced as
well. Thus, the soil is classified as clay to silty clay
with intercalations of silty clay to clayey silt in its
natural state, and as clayey silt to sandy silt with
intercalations of sandy silt to silty sand when
saturated. Therefore the soil tends to have a more
granular behavior as the moisture content increases,
a fact that reflects reality since there is a
restructuring of the soil particles with a clear
reduction of the cohesive component of the shear
strength. The same was observed with ID parameter
in DMTs.
Sussic and Sasojevic (1995) proposed, for the
collapsible Belgrade Loess, a simple linear

0

25

50

75

100 125 150 175 200

Turning Angle
Figure 9. FVTs in natural state and after saturation.

It can be seen that in natural soil, once the peak
resistance is reached, the curve presents a dented
shape that is not usually to be found on the tests
conducted in clays. The results of all the tests
performed are summarized in Table 4. It can be seen
that for the tests at 3.0 and 4.0 m the decrease of the
peak shear strength is almost identical, 45%. The
tests at 4.8 m were carried out at the beginning of the
hard layer and almost all the results agree.
The Vane Test is generally performed on cohesive
soils and it is assumed to be undrained, but in the
present soil the shearing takes place in drained or, at
least, partially drained conditions.
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Table 4. Field vane tests results.
Vane Borer-1 (Sr = 50%)
SFVT Peak
SFVT Res.
179.1
92.4
190.7
111.2
248.1
168.1

Depth (m)
3.0
4.0
4.8

Vane Borer-2 (Sr = 97%)
SFVT Peak
SFVT Res.
99.9
59.4
104.9
55.2
233.6
112.1

SFVT50%/SFVT97%
(Peak)
0.56
0.55
0.94

SFVT50%/ SFVT97%
(Residual)
0.64
0.50
0.66

Table 5. Parameters Ratios in natural and saturated soil.
MPM

DMT

CPT

Pl MPM 97%
Pl MPM 50%

E MPM 97%
E MPM 50%

M DMT 97%
M DMT 50%

K D 97%
K D 50%

0.66

0.39

0.32

0.27

FVT

qc 97%
qc 50%

fs 97%
fs 50%

SFVT 97% Peak
SFVT 50% Peak

SFVT 97% Res
SFVT 50% Res

0.62

0.33

0.55

0.57

The interpretation of the Vane Test in the case of
this c- soil is not simple and a more in-depth study
is called for, with laboratory triaxial tests to be
compared with the field results.
Despite these observations, an interesting
conclusion in view of the results is that in the
saturated state, once the structure of the soil has been
modified, the cohesive component of shear strength
prevails as important for low confinement pressures.

Figure 10 shows the values of  based on the
values of the confined modulus measured with the
DMT (MDMT).
Clearly the values of  in natural soil are much
higher than those published for NC soils. In fact, the
values are similar to those of compacted soils.
Actually, as shown in Figure 10, the ratio 
decreased from about 20 (typical of OC sands-silts)
to about 8 (typical of NC sands-silts).

5.6 Dynamic Penetration Tests: DPSH

6 SUMMARY & FINAL COMMENTS

As could be expected, DPSH tests present a decrease
in blow counting N20. Even so, the ratios
N20SAT/N20NAT present a huge dispersion and do not
add any quality parametric information that would
quantify the studied phenomenon.
5.7 Correlations
Over the years numerous correlations between the
confined modulus and the cone resistance of the
CPT tests have been published. These relations are
as follows:
M  qc  

(9)
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a 97%

Depth (m)

a 50%
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Figure 10. MDMT/qc values in experimental zone.
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Table 5 presents the reduction factors between the
natural and saturated state for each measured
parameter. Obviously a larger population of data
would increase the reliability of the average
values.
 It has been verified that the decrease upon
saturation of the strength parameters qc and PlMPM
is very similar (from 34 to 38 %) and the decrease
of the deformability parameters, EMPM and MDMT,
is roughly of the same order in both cases (61 and
68%, respectively).
 It was also found that the decrease of KD (DMT)
and fs (CPT), both sensitive to horizontal stresses
(tough mainly the first), is very similar to the
decrease undergone by the deformability
parameters EMPM and MDMT.
 To interpret the results of the field tests in terms
of c- is problematic because of the additional
unknowns. The in situ tests results should be
backed up by laboratory tests. Such interpretation
is outside the aim of this paper. Briefly, in the
natural state, the strength in these soils depends
on the level of confinement and on the degree of
cementation. For low confinement conditions,
like in the present case, the cohesive component
of shear strength is prevailing. Field vane tests in
the saturated state suggest that the cohesive
component is also important. However it is not
possible to separate the two components, since
the frictional one cannot be evaluated. The
interpretation of FVT calls for specific analysis.
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More and more, today, the factor controlling the
design of a foundation is not the bearing capacity
but the necessity of limiting settlements. In the
investigated loess-like deposit, saturating the soil
resulted in a reduction in stiffness of 60-70%.
Such reduced stiffness (EMPM or MDMT after
saturation) should be used for settlement
prediction if an increase in water content is
considered likely.
 MPM results are valuable in that they provide
indications on both strength and deformability
(PlMPM and EMPM). However, MPM results are
highly dependent on drill quality and operator,
and therefore more tests are needed to establish
representative correlations. Moreover, MPMs are
more costly and time consuming than CPTs and
DMTs.
 The combination of DMT and CPT tests is a
faster and more cost effective method to get
information on strength and deformability. DMT
and CPT tests can be performed with the same
type of pushing equipment, they do not require a
borehole having an operator dependent quality,
and they provide a larger amount of data.
 Besides, the combination CPT/DMT, through KD
and qc/MMDT =  ratio, clearly shows the
destructuration of this soil when saturated.
Figure 11 represents this phenomenon.
NATURAL STATE
FINAL STATE
STRUCTURED
SATURATION
NC SOIL
SOIL / OC
Sr = 50%
Sr = 97%
KD = 8
KD = 2
 = 20
 = 8
Figure 11. Destructuration of soil through KD and  drops after
saturation.


The CPT/DMT methodology, widely used for
monitoring
soil
improvement
treatments
(dynamic compaction, preload, vibroflotation,
etc.), due to higher sensitivity to horizontal stress
changes, has been shown to represent an excellent
method even to study the deterioration (negative
improvement) of the investigated loess-like
deposit upon saturation.

for the critical reading of the paper. Finally the
authors also wish to thank P. Garcia of Paymasa,
who performed the laboratory tests and all the staff
from IGeoTest, S.L. who took part in the field
studies.
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Site characterization for Garuda Wisnu Kencana statue project in
Ungasan, South Bali
Paulus P. Rahardjo
Parahyangan Catholic University, Bandung, Indonesia

ABSTRACT: Garuda Wisnu Kencana Statue is a new landmark of Bali, located in Ungasan, South Bali. The
statue will be 120 m high sitting on ten storey building, one of the highest of its kind. The site is dominated by
slightly to severely weathered limestones in the upper strata and becoming competent at the bottom strata
layer. In the east-south boundary, the limestones form very steep cliff facing the ocean.
Site characterization was conducted for the development of the project including georadar, drilling, sampling
and in situ testing. The in situ testing performed included SPT and the use of elastmeter with capacity of 200
bars. The georadar was able to detect stratification of soil and limestones, and the elastmeter tests were
directed to study the strength and compressibility of the limestones. Laboratory tests were conducted on
selected samples to verify the lime stone properties. The result of site characterization has been used to design
the foundation and method of excavation. A number of the limestones will be used as pillars and carved
manually to represent the art of Balinese stone carving. The recommendation in site characterization is useful
for the development of the project, which will be completed in 2003.
1 INTRODUCTION
Garuda Wisnu Kencana statue is a prestigious
national located in Ungasan, South Bali. The statue
is part of the development of the resort area at the
Nusa Dua east side, rising up to 146 m above its
foundation.
The statue will be mounted on the 13th floor of a
hotel complex sizing up to 101 x 101 m2. Site
characterization using drilling and georadar were
carried out by the author and elastmeter-200 was
used to characterize its strength and stress strain
properties.
This paper discusses the result and finding of the
site characteristics and rock properties encountered
during the investigation work. Plan view and cross
section of this statue are shown in Fig. 1 and Fig. 2.
2 GEOTECHNICAL INVESTIGATION
The geotechnical investigation consisted of 13
boreholes with SPT of 2.0 m interval. In every
borehole, samples were taken and either uniaxial
compression test or point load test were conducted.
In addition, lateral load tester (pressuremeter test)

was also carried out to obtain the stress strain
properties and strength of the rock material.
The pressuremeter used was OYO Elastmeter200, capable of inflating the membrane to 200 bars.
The equipment was provided by the pressuremeter
sonde, digital indicator, and high pressures hand
pump.
To obtain a general stratification of the
subsurface, georadar was applied and the
interpretation was conducted by comparing the
borehole and the strata referred by georadar.
3 GEOLOGY AND SEISMICITY OF THE SITE
The southern peninsula of Bali island mostly
consists of compact limestones. During the Dutch
colony, this site was named “tafelhoek”. The rock
concerned is poorly bedded limestones, which is
dipping 5 to 7 degrees south, the thickness is about
500 to 600 meters (Purbo-Hadiwidjojo, 1971). Based
on the foraminifera content of the limestones, the
rock belongs to the Miocene age (Kadar, 1971).
The most recent significant earthquake in the Bali
region was the July 14, 1976, earthquake that
occurred in the West Bali. The epicenter was located
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0815’52” LS and 11452’10.8” LoS. The intensity
of the earthquake is on the Modified Mercally
Intensity (MMI) of VIII. Most damage is in the
Seririt area where there is appreciable soft and
saturated alluvium of significant thickness. At this
level of earthquake, it is estimated that maximum
acceleration at the ground surface was 100 m/sec2
(Purbo-Hadiwidjojo, 1978).
Another earthquake of similar intensity was the
earthquake of January 21, 1917. Substantial damage
occurred at South Bali. Since 1917, earthquake
intensity higher than MMI V was recorded in 1917,
1928, 1930, 1963, and 1976.

4 SUBSURFACE STRATIFICATION
The stratification of the site is generally dominated
by limestones, severely weathered. In some parts, top
soil consisting of silt and gravel mixed with
completely weathered limestones were found. The
maximum depth of the top soil is 1.20 m and down
to 60 m where drilling were stopped, all layers are
limestones. No water table was detected.
In some areas where limestones were exposed due
to stone mining, this phenomenon is also revealed.
The general view of this is shown on Fig. 3.

Figure 3. Limestones exposed by mining excavation.

Figure 1. Plan view of the project.

The limestone is brownish white to yellowish
white in colour, moderately to highly weathered with
a vesicular structure, weak to well cemented. The
NSPT blows ranging from 7 to over 60.
The average rock mass rating classification
system estimated by the author is RMR = 40. This
classification is based on criteria suggested by
Bieniawski consisting of 5 parameters: strength of
the rock, drill core quality, ground water condition,
joint and fracture spacing, and joint characteristics.
Since bedding planes could not be referred from
the drilling holes and possible underground cave
were suspected, georadar investigation was
proposed. The georadar was conducted by the
Maritime Geology Research Center in Bandung.
Subsurface Interface Radar (SIR) is one of the
geophysical investigations to observed subsurface
stratification. The principal of this test is using
electromagnetic wave and interpreting its velocity in
term of rock strength and stratification. The capacity
of penetration is 30 m.
Based on the georadar investigation, underground
caves were not detected and in the whole area the
limestones were homogeneous. Down to 7.50 m the
layer consisted of weathered limestones with sand
size gradation. From 7.50 m to 30.0 m the
limestones were inter-bedded by crystalline
limestones. This intercept was shown very clearly as
detected by the georadar. The interpretation of the
georadar for rock layering is shown on Fig. 4.

Figure 2. Cross sectional area.
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Figure 4. Layering of limestones as interpreted using georadar.

5 ENGINEERING CHARACTERISTICS OF
THE LIMESTONES

18
16
14
12

Stress (MPa)

A number of samples were taken to the laboratory
for chemical and strength test. 23 point load tests,
22 unconfined compression tests and 6 chemical
tests were performed to characterize the limestones
for the purpose of design.
The chemical tests determined that the chloride
content of the limestones is about 18 ppm on the
average and solubility in water is in the range of
0.02% – 0.51%. This phenomenon is important
when the limestone is to be used in exposure since
the plan was to ornament big limestone column in
Balinese carvings. As the solubility of the
limestone is high, it is degrading easily under
rainwater.
A high range of strength test result was obtained
from uniaxial compression tests and point load
tests. The range of the rock strength could be as
low as 12.7 kg/cm2 to as high as 273.6 kg/cm2.
There is no systematic strength increase due to
sample depth. However, this test is subject to
disturbance during sampling since wash boring
was used during the drilling. Some material might
have been washed out by the circulating water.
Typical unconfined compressive strength test result
is shown in Fig. 5. Based on this test, an average of
rock modulus is found to be in the range of 131.5
MPa – 2770.0 MPa.
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Figure 5. Typical result of unconfined compressive strength
test result.

To obtain more realistic strength result,
pressuremeter test was conducted to estimate the
average earth pressure at rest, rock moduli and
rock strength. The low rock moduli are found in
the range of 960 – 1548 kg/cm2 and the fresh rock
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could go as high as 14700 kg/cm2. Typical
pressuremeter test result is shown in Fig. 6.
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Figure 6. Typical pressuremeter test result on limestone.

Evaluation of the in situ horizontal stress based
on elastmeter data from surface down to 30.0 m
yield a range of 2.00 kg/cm2 – 5.50 kg/cm2. The
moduli
obtained
by
pressuremeter
test
interpretation give values of 960 kg/cm2 – 14700
kg/cm2. There is no systematical relationship
between the initial horizontal stress or moduli with
depth.
6 CONCLUSIONS SUMMARY
Geotechnical investigation has been conducted to
characterize the site of Garuda Wisnu Kencana
project, and combination of the drilling and
georadar survey enable a more accurate
stratification of the geological section.
The limestones in the project site range from
severally weathered to fresh rock and the range of
strength and moduli are very high. Laboratory tests
may not be reliable since sample retrieval by
drilling can disturb the structure of the limestones
and decrease the strength and moduli.
To overcome the limitation of the laboratory
tests, in situ testing such as pressuremeter test is
recommendable. The moduli and strength obtained
by the pressuremeter test are in general higher than
those tested in laboratory.
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Site characterization for foundation design and analysis study using field
and laboratory test data (case study of soil investigation at office
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ABSTRACT: Soil Investigation is an urgent initial work in civil engineering building design. The
investigation proposed to determine the representative soil parameters that relevant to safely, economics, and
easily foundation construction.
To find out the soil characteristic, some tests that covered all field tests and laboratory tests have been
done. This field test data of heavy DCPT, SPT and deep boring are compared with laboratory test data
(physical and engineering properties). From this case study discussed in this paper, can be found the
correlation between field and laboratory tests data was found with some interesting phenomenon.
1 INTRODUCTION
In general, the areas of Jakarta consist of marine and
alluvial sediments in the North part and young
volcanic in the South part. The marine sediments
along the cost and the river deposits of the streams
and creeks are made up of clay, silt and local sand as
shown in Figure 1.

Although the subsoil condition along the Thamrin
area in the center of Jakarta comprises of alluvial
sediments, there are many high-rise buildings that
have been built or prigress in design.
This study was conducted on site which is part of
office building complex close to Thamrin street area.
2 SOIL INVESTIGATION & SIMPLIFIED SOIL
PROFILE

GROGOL
GAMBIR

MANGGARAI

KEBAYORAN

Figure 1. Geologic map of Jakarta.

In the south of Jakarta, the area is covered by
young volcanic and consists of breccia, lahar and
tuffaceaous breccia as well known as lateritic soil
area.

Soil investigation has been conducted in this area
to know the subsoil condition beneath the project
site consisting of 4 boreholes and 14 cone
penetration tests of 5.0 tonf capacity. Three
boreholes were drilled down to 50 m and one
borehole to 60 m. The standard penetration tests
(SPT) were conducted in the boreholes at
approximately 2.00 m interval and undisturbed soil
samples retrieved from each borehole for laboratory
tests.
The ground surface at the project site is ranging
from el. -1.35 to el. -2.10 m. The ground water level
at the site was monitored during the site
investigation in the boreholes drilled and located
between 0.60 m to 1.80 +m below ground surface or
at the elevation of -2.70 m to -3.15 m.
Based on the result of boring works and cone
penetration tests; the simplified soil profile has been
prepared as presented in Figure 2. The soil profile
indicates that subsurface soils in this area can be
divided into 3 (three) main soil layers.
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Figure 2. Simplified soil profile

In general, the first layer comprises of very soft to
stiff clay/silty clay, clayey silt with intercalation
loose to medium dense fine sand/silty sand. This
layer was found from ground surface down to
elevation of about -22.00 m to -31.00 m, with
thickness of about 20.00 m to 29.00 m. The N-SPT
and cone resistance values are ranging from 1 to 19
and 1 to 200 (kg/cm2).
The second layer is medium to very dense
sand/silty sand/clayey sand intercalation of medium
stiff silty clay. This layer is located at elevation of 22.00 m to -37.00 m with thickness of about 4.00 m
to 11.00 m. The N-SPT and cone resistance values
are ranging from 4 to 46 and 6 to 300 (kg/cm2)
respectively.
The last soil layer is consisting of stiff to very
hard clay/silty clay/clayey silt/sandy silt layer and
medium to very dense clayey sand/silty sand/sand
layer. This layer was found to the bottom of the
boreholes. The N-SPT values are ranging from 19
to 60.
3 THE RESULT OF LABORATORY TESTS
Beside the field tests, the laboratory tests have been
conducted on undisturbed sample to get laboratory
data and to complete the lack of field data.
The laboratory test comprises of Atterberg limits,
grains size distribution, UU Triaxial and
Consolidation tests. The result is summarized in
table 1.

Especially for clay/silty clay, the undrained
modulus of elasticity (Eu) was found in a
relationship with N-SPT, Eu = 0.7 N and Eu = 1.0 N
for sand (Eu in MPa), as shown in Figure 3.
The plot of compression index (Cc) and void ratio
(e) are shown in Figure 4 and 5.
Table 1. Summary of laboratory test result
No
A

Value

Description
wn
PI
LL
Gs
wet

B

Gravel
Sand
Silt & Clay

C

eo
Po
Pc
OCR
Cr
Cc
Cu


(%)
(%)
(%)
(t/m3)

(kg/cm2)
(kg/cm2)

(kg/cm2)
(o)

Min.
22
32
61
2.20
1.23

Max.
158
120
146
2.68
2.01

20
1
8

22
92
100

0.75
0.49
1.9
1.0
0.016
0.217
0.10
2

3.313
4.3
4.6
5.92
0.107
1.286
1.64
25

4 SIMPLIFIED SOIL PARAMETERS
In this analysis, the clay is assumed saturated and the
undrained shear strength (Cu) was found to be 6N
where N is a blow count of standard Penetration
Tests. Then the clay/silty clay angles of internal
friction, , was taken to be 0 degree too.

Figure 3. The relationship between N-SPT and cohesion
strength.
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Relative simple soil parameters are required for
analysis of foundation especially for bearing capacity
and settlement analysis. For this purpose the detailed

soil parameters have been prepared as shown in
Table 2.

Table 2. Simplified soil parameter.
Stratum
No.

Elevation
(m)

1

-1.70 to -20.00

2

-2.00 to -34.00

3

-34.00 to -40.00

4

-40.00 to -46.00

5

-46.00 to -50.00

6

< -50.00

Average
Soil Layer
Clay / Silty Clay
Silty Clay /
Silty Sand / Sand
Clay / Silty Clay /
Sand
Silty Clay / Clayey
Sand
Silty Clay /
Clayey Sand / Sand
Clay / Silty Clay

N value


(kN/m3)

Cu (kPa)

u

Eu (MPa)

Cc

OCR

eo

1

16.0

6

0

0.70

1.30

2.0

3.0

4

16.5

25

0

2.80

0.70

1.60

1.9

15

17.0

90

0

10.0

0.45

1.40

1.40

25

17.5

150

0

17.5

0.35

1.20

1.20

35

17.5

0.30

1.0

1.10

17.5

0
35o
0

35

27

200
0
160

18

0.30

1.0

1.10

Figure 4. Plot of compression index (Cc) with depth (elevation).

Figure 5. Plot of void ratio (e) with depth (elevation).

Figure 6. Plot of laboratory soil parameters with depth (elevation).
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Figure 7. The result of Dutch Cone Penetration Tests (DCPT).

5 RECOMMENDATION OF FOUNDATION
5.1 Raft foundation
The raft foundation system is not recommended for
the building in this project because the SPT N-value
below the cut-off level varies from 1 to 17 down to
29.00 m below ground surface where the soil can be
classified as very soft to stiff, clay/silty clay/clayey
silt (at Figure 2). Bearing capacity of soil on this
elevation is very small and ranging between 10 to
20 kPa.
5.2 Deep foundation
The project is medium rise building designed for 8
stories with two level of basement. The average
ground surface is at elevation -2.00 m hence the cutoff level will be approximately at el. -10.00 m.
Based on the soil profiles, the soil layer at this
level down to el. -30.75 m consist of very soft to stiff
clay/silty clay/clayey silt containing some fine
sand/silty sand, with N-SPT and Cone Resistance
values ranging from 1 to 19 and 1 to 200 (kg/cm2),
respectively.
Considering to the subsoil condition at that
elevation and distributed load by the building, a type
of deep foundation is appropriate to transfer the load
to the hard layer by using long piles.
The second layer is located at the elevation
-22.00 m to -37.00 m, with N-SPT and Cone
Resistance values are ranging from 4 to 46 and 6 to
300 (kg/cm2), namely.
Type of driven piles (concrete or steel) can be
used to transfer the load but the pile will be hardly

penetrating into that soil layer, thus preboring will be
required in order to drive the pile into a deeper layer.
Considering to the subsoil condition then the
bored pile or barrier pile will be the most appropriate
foundation and recommended for the proposed
building and the pile can be placed by penetrate into
hard soil layer.
The bored piles or barrier piles should penetrate
to the depth of about 47.00 m to 52.00 m with
effective length of about 41.00 m to 46.00 m.
6 CONCLUSION
The interpretation of soil characteristics based on the
field test only is not sufficient. The test should be
complemented with the laboratory test to compare
the result with field test.
The simplified soil profile and parameters are
very useful in analysis of foundation. The result of
this both tests will achieve the optimum value in
designing and constructing the foundation.
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Some case studies on application of geoelectrical resistivity imaging for
geotechnical site investigation in Malaysia
Abdul Rahim Samsudin, Rahman Yaacup & Lakam a/k Mejus
School of Environmental Science and Natural Resources, Universiti Kebangsaan Malaysia

ABSTRACT: Geoelectrical resistivity techniques have the ability to image the subsurface in two or three
dimensions by analysing the resistivity distribution within the earth. It provides the general information on the
subsurface geological strata and the depth to the bedrock below the lines of traverse. The resistivity imaging
surveys carried out basically measures and maps the resistivity of subsurface materials. The resistivity
anomalies may indicate the presence of geological features which may introduced geotechnical hazard in area
of development sites. This paper briefly describes some results of the geoelectrical resistivity imaging surveys
to assist in understanding the underground conditions at three development sites in Malaysia. The 2-D
resistivity survey was conducted using an ABEM SAS300C resistivity meter and a Lund automatic imaging
system. The measured two dimensional resistivity profiles have been interpreted using 2-D resistivity
inversion programme (RES2DINV) and the inversion results were compared to the actual subsurface
geological information derived from the borehole data.
The geoelectrical imaging technique was used in this study to help in delineating bedrock profile at the first
two sites, whereas for the third site, the technique was employed to investigate the soil profile and geological
structure of a failed slope. In the first case study results of the resistivity imaging has been successfully used to
determine whether the drilling bit had actually hit the bedrock or boulder below ground. This information is
very useful for geotechnical site assessment as well as for foundation design purposes. The second case study
involved measurement of resistivity imaging in a development area with limestone bedrock. The study was
conducted to investigate the topography of the limestone bedrock and to confirm whether the piles driven in
the area have actually rested on the solid rock. The third case study demonstrates the applicability of the
geoelectrical resistivity imaging to delineate the subsurface problematic area which has caused a slope failure
at a housing development site.
Results of the three case studies indicate that the geoelectrical resistivity imaging technique in conjunction
with a limited borehole data can be effectively used in subsurface soil investigation especially for bedrock
depth determination and geological structure associated with slope failure studies. The geoelectrical resistivity
technique is relatively cheap and fast compared to the commonly used seismic refraction technique for
geotechnical site investigation.
1 INTRODUCTION
Geoelectrical resistivity methods were developed in
the early twentieth century but only widely used
since the 1970s due primarily to the availability of
computers to process and analyse the data
(Reynolds, 1997). These techniques are used
extensively in the search for suitable ground water
sources and also to monitor types of groundwater
pollution and in archaeology for mapping out the
areal distribution of buried foundations of ancient
buildings. The application of the geoelectrical
resistivity technique for environmental study such as
in assessing contaminated land poses many problems
and is both difficult and hazardous. Major

difficulties include locating the actual contamination
and determining its spatial distribution. An accurate
measurement of contaminant concentrations in
highly heterogeneous soils is extremely difficult.
Extensive drilling, probing and direct sampling of
contaminated materials poses health and safety
hazards and can be costly. This technique is both
non-invasive and non-destructive. It can be deployed
rapidly and cost effective, and have the ability to
remotely locate significant contamination to
determine its distribution and to monitor any change
over time.
The geoelectrical resistivity technique is not
commonly used in geotechnical site investigation,
however with rapid development in instrumentation
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and computer-based data acquisitioning and
processing technologies as well as improved field
procedure, it has a great potential to be used
effectively to revealed subsurface information for
specific geotechnical site assessment.
The geoelectrical imaging technique was used in
this study to help in delineating bedrock profile at
the first two sites, whereas for the third site, the
technique was employed to investigate the soil
profile and geological structure of a failed slope. In
the first case study, results of the resistivity imaging
has been successfully used to determine whether the
drilling bit had actually hit the bedrock or boulder
below ground. This information is very useful for
geotechnical site assessment as well as for
foundation design purposes. The second case study
involved measurement of resistivity imaging in a
development area with limestone bedrock. The study
was conducted to investigate the topography of the
limestone bedrock and to confirm whether the piles
driven in the area have actually rested on the solid
rock. The third case study demonstrates the
applicability of the geoelectrical resistivity imaging
to delineate the subsurface problematic area which
has caused a slope failure at a housing development
site.
This paper described results of three case studies
where two dimensional resistivity imaging technique
was employed to investigate its subsurface
geological strata.
2 MATERIAL & METHODS
The resistivity of the subsurface material can be
measured by injecting a small current into the
ground through two electrodes and the resulting
voltage on the ground surface is measured at two
potential electrodes. By varying the spacing between
the electrodes, as well as the location of the
electrodes, a 2-D electrical resistivity image of the
subsurface can be obtained. The 2-D electrical
imaging survey was carried out with a SAS300C
resistivity meter and Abem LUND ES464 electrode
selector system. This system was connected to a total
of 61 steel electrodes which were laid out on a
straight line with a constant spacing via a multicore
cable. A microcomputer connected to the resistivity
unit then automatically selects the four active
electrodes used for each measurement. The Wenner
equal spacing electrode array was used for this
survey. The measured resistivity data were
interpreted using the RES2DINV inversion software
(Loke and Barker, 1995). Details about the survey
and interpretation method can be found in the papers
by Keller & Frischknecht (1966), Griffiths et al.
(1990), Griffiths and Barker (1993), and Loke and
Barker (1996).

The resistivity of the subsurface materials
depends on several factors such as the nature of the
solid matrix and its porosity, as well as the type of
fluids (normally water or air) which fill the pores of
the rock or soil. In general, rock and dry soil have
high resistivities of several hundred or thousands
ohm-meter. Unconsolidated water saturated soil and
clay material have relatively low resistivity values of
generally below 1000 ohm-m. The resistivity of
sediments below water table is normally controlled
by the resistivity of the groundwater which depends
on the concentration of the electrolytes present.
Fresh ground water generally has resistivity values
of about 10 to 100 ohm-m.
3 RESULTS AND DISCUSSION
3.1 Case study I
In the first case study, the geoelectrical resistivity
survey was used to obtain further information
whether site for a new proposed condominium
building in Seremban, Negeri Sembilan, Malaysia is
underlain either by solid and massive bedrock or by
rock boulders. Borehole data indicated that the
granite bedrock in the area is rather shallow and
partly exposed on the ground surface.
Two resistivity imaging lines with electrode
spacing of 1.5 m (Temiang 1 and Temiang 2) were
established at the study site. Temiang 1 runs across a
proposed block T whereas Temiang 2 cuts through
block U and block S sites of the proposed
condominium. The interpreted resistivity inverse
sections are shown in Figure 1.
The interpreted resistivity sections (Figure 1) for
both of the resistivity lines show a relatively high
resistivity values (>500ohm-m) for the upper layer of
the section. There is no distinct or isolated high
resistivity reading observed in the sections
suggesting that the ground consists of bedrock with
no core-boulders. Field observation indicates that
part of the weathered granite bedrock is exposed on
the ground surface and partly intruded by several
dykes. The low resistivity value of less then 200
ohm-m (light to dark blue in colour), observed at
depth ranging from 6m to 20 m below surface
suggests that the bedrock has undergone some
degree of fracture which has been occupied by water.
The interpreted resistivity sections revealed that
the site for the proposed condominium is confirmed
to be entirely underlain by fairly weathered and
partly fractured bedrock. Accumulation of
groundwater may have occurred within the fractured
zone of the bedrock and should be taken into
consideration in the foundation design of the
proposed condominium.
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Temiang 1

Water filled
fractured granite
bedrock

Temiang 2

Figure 1. Resistivity inversed model for Temiang 1 and Temiang 2.

Figure 2. Interpreted resistivity image showing the limestone bedrock topography and location of piles.

3.2 Case study II
The resistivity imaging survey in the second case
study was conducted to investigate the profile of
limestone bedrock at a site for a construction project
of a proposed public park near Gunung Lang, Ipoh,
Perak. The main objective was to determine whether
the base of the driven piles for the site foundation
was lying on a stable limestone bedrock.
A resistivity profile (Figure 2) which consists of
two overlapping resistivity imaging lines with
electrode spacing of 1.0 m was established at the
study site. The resistivity profile with a total length
of about 100 m runs parallel to the array of the
concrete piles at the proposed site.

The interpretation of the resistivity profile was
based on the borehole data which show that the
depth of the limestone bedrock at the resistivity
station is about 6.0 m below surface. The interpreted
resistivity inverse model indicates a distinct
boundary at a depth of about 6.0 m, between the top
of the limestone bedrock and the alluvial sediment
above it. The soft sediment which covers the
limestone bedrock has low resistivity values ranging
from 2.0 ohm-m to 181 ohm-m. A relatively high
resistivity values (>181ohm-m) for the lower layer of
the resistivity section is interpreted as the weathered
fractured limestone bedrock. . A regular and almost
horizontal resistivity contour (pink in colour)
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observed in the section suggests that the topography
of the bedrock along the resistivity line is relatively
flat. Field observation at the site shows that the
driven piles in the area is of similar lengths (~15
feet) along the surveyed lines which confirms that
the limestone bedrock has regular or flat surface
bedrock. It is clearly established that the piles rest on
the limestone bedrock.

of new housing project in Indera Mahkota area of
Kuantan, Pahang.

3.3 Case study III
The purpose of the third case study was to test the
effectiveness of the 2D electrical imaging method
for mapping the presence of subsurface soft clay
layer or weak zone related to a slope failure at a site

Figure 3. Location of Resistivity Imaging Lines (L2, L3 and
L4).

L4

L2

L3

Figure 4. Interpreted resistivity inverse model for lines L4 (top), L2 (crossing failed area) and L3 (near toe of the slope).
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The geoelectrical imaging survey was conducted
along three straight lines (L2, L3 & L4)
perpendicular to the direction of an earth-filled slope
and their locations are shown in Figure 3. Two of the
resistivity lines (L4 & L2) are located at the top of
the slope on a relatively flat land with line L2
crossing zone of a failed slope. The resistivity line
L3 was established near the toe of the slope and runs
parallel and adjacent to a small stream (Talam
River).
Interpreted models of the resistivity sections for
all the three resistivity lines are shown in Figure 4.
The most prominent feature in the model sections is
the presence of a middle low resistivity layer (with
resistivity values of less than 100 ohm-m) at depth of
about 6m below the ground surface. This layer is
associated with a soft clay layer with an average
thickness of about 6m as indicated by the borehole
data. This clay layer was interpreted to be deposited
in a buried channel and is underlain by dense sand
layer of high resistivity. On the upper part of each
line, there is a layer of high resistivity material. This
top layer is related to a relatively dry lateritic soil
and boulder-filled materials with resistivity of over
500 ohm-m.
In this study the geoelectrical resistivity survey
has successfully detected a low resistivity zone at
depth of about 6 metres below ground surface. This
result is supported by the borehole data which
indicated the presence of soft clay layer with an
average thickness of about 5 metres. This clay
material is geologically interpreted to be deposited in
a buried channel. The resistivity sections show that
the middle low resistivity layer for line L2 appears to
have less thickness compared to those of lines L3
and L4. This feature suggests a possible occurrence
of subsurface down slope movement due to
liquefaction of the soft layered material at line L2
which led to subsidence of the ground surface and
collapsed of the retaining wall. An obvious reduction
of the clay layer thickness along line L2 is very
likely to be associated with the down slope
subsurface movement of the soft layered material
that caused subsidence of the ground surface and
slope failure.
A special remedial measure for the slope has been
suggested in which complete removal of the soft
layered material is necessary. This is required to
prevent future slope failures.

survey and it can provide additional subsurface
information especially for a geotechnical site
investigation and design of foundation.
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4 CONCLUSION
The results of the three case studies revealed that the
two dimensional geoelectrical resistivity imaging, in
conjunction with borehole data, could be used to
investigate subsurface geological strata at a
development site. This technique is relatively cheap
compared to a conventional seismic refraction
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Cone penetration testing: Experience in Indian offshore
R.K. Ghanekar & Ch. Ravi Kumar
Institute of Engineering and Ocean Technology (IEOT), ONGC, PANVEL, INDIA

ABSTRACT: Petroleum production from Indian offshore began in mid seventies with Oil and Natural Gas
Corporation Limited (ONGC) installing its first offshore oil platform. ONGC, a public sector company, which
till recently was the only oil company working in Indian offshore, has till now installed more than 150
offshore platforms, in western and eastern Indian offshore. The platforms are piled steel jackets and have been
installed in less than 100 m water depths. ONGC owns a Geotechnical Testing Vessel (GTV) “Samudra
Sarvekshak” using which soil investigations for the platforms have been carried out since 1987. The western
Indian offshore generally has a layered soil profile with inter-bedded calcareous clay, sand with varying
degree of cementation and calcarenite layers. In eastern offshore a predominantly clayey profile is encountered
with shallower layers showing a soft consistency. The Cone Penetration Testing (CPT) has been an important
in situ test for soil investigations in Indian offshore. This paper presents the experience with CPT, describing
the equipment, general practice for its use and interpretation as applied satisfactorily in Indian offshore.
1 INTRODUCTION
Oil and Natural Gas Corporation Limited (ONGC), a
premier public sector oil company of India, has
installed more than 150 offshore platforms in Indian
offshore, both western and eastern, since mid
seventies. The platforms are fixed steel jackets
anchored to the foundation soils by driven, openended steel pipe piles. Indian offshore also has a
huge network of offshore pipelines and a contingent
of offshore jack-up rigs for exploration and
production drilling and work over operations. The
water depth, in which ONGC has operated till
recently, has been generally less than 100 m. ONGC
owns a Geotechnical Testing Vessel (GTV) –
Samudra Sarvekshak .
There are a number of oil fields which are being
exploited in Indian offshore and soil conditions vary
to a large extent from one field to another and even
within a field. The western offshore, in contrast to
the eastern offshore, has predominance of calcareous
soils, including clays and sands with varying degree
of cementation, marked by large lateral and vertical
variations in their characteristics. The eastern
offshore in comparison has predominantly noncalcareous clayey profile with some areas containing
very soft clays, sometimes under-consolidated, to
substantial depths below seabed.
Cone Penetration Testing (CPT) has been an
extremely valuable tool for in situ testing and

characterization for calcareous and non-calcareous
sediments since the beginning of the era of oil
production in Indian offshore.
This paper presents the experience with CPT,
especially the practice of interpretation of its results
for deriving the required soil design parameters for
design of foundations for the structures in Indian
offshore.
2 SOIL INVESTIGATION PRACTICE
Major objective of soil investigation programmes in
Indian offshore has been to perform sampling, insitu testing and laboratory testing with the aim of
deriving required soil design parameters for :
- Analysis and design of open ended steel pipe pile
foundations
- Jack-up rig leg penetration predictions
- Mud mat bearing capacity calculations
- Offshore pipelines installations
The general practice has been to perform one
boring at each platform or jack-up rig location with a
sequence of sampling and in situ testing. When the
lateral variability of soil is expected at the location,
additional shallow continuous CPT is performed up
to a depth of 20 to 30 m., and, if required data from
one more boring is obtained. For the pipelines it is
general practice to have a boring at every 500 m
along the selected pipeline route. The interpretation
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methods presented in the paper are discussed mainly
considering the platform and jack up locations. The
following general sampling and in situ testing
sequence has been adopted, after years of
experience, for the Indian offshore :
0 – 15 m Near Continuous sampling
15 – 30 m Sampling at 1.5 m interval
30 – 50 m Sampling at 3 m interval with
occasional CPT (such that the
maximum non-tested interval does
not exceed 2.5 m)
50 – 150 m Sampling and CPT with a
maximum non-tested interval of 1
m
The general sequence presented above and depth
of borehole is adjusted depending on the type of
structure and the variation in strata encountered on
location. The maximum depth of borehole in general
varies from 100 m to 150 m for piled platforms,
about 40 m for jack up rig sittings and 6 m for
pipeline routes. In the earlier investigations, in situ
vane tests were also performed. However, the
practice was discontinued later, probably after
ascertaining the adequacy of CPT.
Samudra Sarvekshak has been performing
offshore soil investigations for ONGC since 1987.
This GTV, with positioning capability with dynamic
thrusters as well as conventional four anchor system,
can perform soil investigations to a maximum depth
of 250 m below seabed up to maximum water depths
of 250 m, using wireline operated sampling and
insitu testing equipment. The drilling is performed
by Samudra Sarvekshak using a 5” OD drill string
through the “moon pool” with a drill pipe having an
open bit by a straight flush rotary system. The GTV
is also equipped with a heave compensating system.
WISON Cone Penetrometer, with 10 cm2 cone base
area, 150 cm2 sleeve area and  factor of 0.45, has
been used in Indian offshore. The CPT has been
performed both in down-the-hole mode and seabed
mode using SEACLAM or SEACALF sea bed
frames (Fugro 1985).
The work on-board includes extrusion of samples
from sample tubes, visual inspection, determining
water contents, unit weights, performing index shear
strength tests and Unconsolidated Undrained (UU)
triaxial tests, packing disturbed and undisturbed
samples for forwarding to on-shore laboratory for
further testing and preparation of a preliminary
report.
Institute of Engineering and Ocean Technology
(IEOT) – one of the applied R&D institute of ONGC
– has been carrying out the onshore laboratory work,
interpretation of soil design parameters and
preliminary engineering analysis required since
1994.
The on-shore laboratory work includes
classification tests and strength tests. UU triaxial
tests mainly form the basis of strength

characterization of clays in Indian Offshore. In the
earlier investigations some consolidated triaxial tests
and oedometer tests have also been conducted. The
emphasis on UU triaxial tests for strength
determination is mainly due to adoption of API
guidelines for pile design in Indian offshore – the
guidelines having been based on an extensive UU
database. However, with increasing involvement of
IEOT in soil investigations, more sophisticated
strength tests and also design methods shall find
application in Indian offshore for both conventional
jacket platforms and for new foundation designs like
bucket foundations, suction anchors etc.
3 EXPERIENCE FROM WESTERN INDIAN
OFFSHORE

Figure 1. Distribution of carbonate soils around India (after
Datta et al., 1982)

The surface soils on inner continental shelf up to a
depth of 60 m from shore consists of generally
terrigenous soils and occasional carbonate soils with
predominantly skeletal components. However the
surface soils on the outer continental shelf up to a
water depth of 200 m consists of zones of carbonate
soils, consisting of predominantly non-skeletal
components, alternating with zones of dark coloured
silt-clay/mud. The deep-sea surface deposits of
Arabian Sea comprise of calcareous ooze.
The subsurface soils show carbonate soils both
fine grained and coarse grained with and without
cementation at various depths even when surface
deposits are non-carbonate soils. Distribution of
soils around Indian coast is illustrated in Figure 1.
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Several distinct oil fields have been located and
are being exploited in the western Indian offshore.
The fields include Bombay High, Bassein,
D-Structure, Heera, Ratna, Mukta, Panna and Kutch,
which are shown in Figure 2. Bombay High is the
oldest and the biggest oil field in Indian offshore and
has been extensively investigated in the last more
than two decades. For the purpose of this paper
focus has been put on Bombay High and Heera
fields.

typical soil profile from Bombay High field is
presented in Figure 3.

Figure 3. A typical Bombay High soil profile

The Heera field is closer to the coast. The soil
profile consists of a top soft clay layer underlain by
clay layers showing a sharp increase in the
Undrained Shear Strength. The carbonate contents
are relatively lower. Although, dominance of clay is
observed, some calcareous sand layers with varying
degree of cementation and calcarenite layers are also
encountered. A typical soil profile from Heera field
is presented in Figure 4.
Figure 2. General Location Plan (after Fugro 1985)

3.1 General soil conditions

3.2 Cone penetration testing for stratigraphy and
classification

Western Indian offshore soil profile is characterized
by interbedded layers of calcareous clays, calcareous
sands with varying degree of cementation and
Calcarenite. Large lateral and vertical variability in
soil profile is observed in the whole western offshore
within a field and also between the fields.
The Bombay High area can be characterised as a
shallow marine carbonate plateau during the time of
deposition. The northern part of Bombay High field
has a comparative dominance of cohesive soils,
while the southern part has dominance of calcareous/
carbonate sands with varying degree of cementation
and also Calcarenite. Inter-bedding of clay and sand
layers is observed throughout the Bombay High
field. The clays generally are normally consolidated.
Large lateral variability is observed in the
cementation and strengths of the sands and
calcarenites throughout the field. The carbonate
content of the soils is generally high, 60 to 90
percent for sands and 5 to 75 percent for clays. A

3.2.1 Stratigraphy
CPT is known to have an excellent profiling
capability. The cone resistance not only responds to
changes in material type like soft and stiff layers, but
also can be used to detect and mark more subtle
changes within the deposit. Results of the CPT as
reported by Ebelhar et al. (1988) for a South African
Site emphasizes the point as shown in Figure 5.
CPT can give a good indication and quantification
of the cementation in calcareous sand layers. It has
been observed that less cemented soils produce a
smooth profile whereas more cemented, calcarenetised, produce an irregular profile, which indicates
the "stick-slip" failure under the cone.
Beringen et al. (1982) have reported this for a
North Rankin site as shown in Figure 6. This stick slip behaviour is characteristic of more-cemented
materials and has been observed in other areas such
as Caribbean and Persian Gulf. The cone resistance
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in carbonate soils is indicative both of cementation
and unit weight.

The soil profile shown in Figure 8 is from a
location at Bombay High Field. The profile shows
well cemented sand layer from 88 m to 110 m. The
cementation at depth 94 m to 97 m is less than that at
other depths. Stick-slip behaviour due to
cementation is evident in the layer. The difference
between the strengths at depths 94 m to 97 m and
other depths have been predicted taking into
consideration the CPT data and supplementing it
with the drilling data.

Figure 4. A typical soil profile of Heera field.

Figure 6. Typical cone resistance profile for calcarenite (after
Beringen et al., 1982).

Figure 7. Drilling parameters in a carbonate formation of
Arabian – Persian Gulf (after Becue et al., 1988).

Figure 5. Soil stratigraphy with typical CPT data, South Africa
site (after Ebelhar et al., 1988).

The drilling parameters can be used in
conjunction with the data from the recovered
samples to assess the cementation of soil layers
qualitatively (Becue et al. 1988). An example is
shown in Figure 7.

Figure 8. A typical CPT profile indicating stick-slip behaviour
& drilling behaviour at a Bombay High location.
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3.2.2 Classification
The basic parameters like cone resistance, friction
ratio and pore pressure have been used by various
researchers like Douglas & Olsen (1981), Robertson
et al. (1986), Robertson (1990), Jefferies & Davies
(1991) for development of classification charts.
Douglas & Olsen (1981) mention that CPT
classification charts cannot be expected to provide
accurate predictions for soil type based on grain size
distribution but as a guide to soil behaviour type.
The basic property of sands producing high cone
resistance and low friction ratio and that of clays
producing low cone resistance and high friction ratio
has been used for developing the classification
charts.
It has also been observed that the cone design
shall have effect on the values measured and
subsequently on the classification, hence certain
corrections have to be applied to eliminate
significant differences.
The general classification charts developed can
also be used for classification of carbonate soils.
Beringen et al. (1982) have shown that the carbonate
soils can be classified into clays and sands using the
cone resistance and friction ratio. The cementation
of carbonate sands can also be qualitatively defined
using both the cone resistance and friction ratio.
Figures 9 -10 show this classification

cementation. Highly compressible calcareous soils
tend to have low cone resistance and higher sleeve
friction while cemented calcareous soils tend to have
higher cone resistance and very low sleeve friction

Figure 10. Classification chart for cemented sands and silts
(after Beringen et al., 1982).

Classification system considering the grain size
and post depositional characteristics of carbonate
rock, which is an indirect indication of strength, has
been proposed by Fookes & Higginbottom (1975).
Clark & Walker (1977) proposed a system
considering carbonate content, grain size and as well
as strength of the material. This system has been
used widely for offshore site investigations
The Clark and Walker system as has been
modified by Fugro (1985), Fugro McClelland
(1992), taking into consideration practical laboratory
and insitu testing methods for strength
determination, is widely used in the Indian context
and is shown in Table 1. In this system the
cementation has been related to the approximate
rock strength, which is related to the cone resistance
3.3 Undrained shear strength for clays

Figure 9. Classification chart for sands and clays (after
Beringen et al., 1982).

Two more important characteristics of the
calcareous soils to be taken into account while using
the classification charts are compressibility and

In the absence of pore pressure measurement, two
empirical approaches are available for interpreting
undrained shear strength from CPT cone resistance :
1. Direct correlation between qc (measured cone
resistance) and su (undrained shear strength) such
that su = qc / Nk, where Nk is an empirical cone
factor
2. Correlation between (qc – v) and su, such that su
= (qc – v) / Nk, where v is the total over-burden
pressure
First of these approaches has been used in Indian
offshore, after a number of correlation studies for
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various fields suggested the reasonability of this
simple approach, with an average cone factor range
of 15 to 20 as given by Beringen et al. (1982), Fugro
(1985), Fugro McClelland (1990), Dames & Moore
(1990).
Figures 11 - 12 present the results of correlation
studies for Bombay High and Heera fields
respectively.
Results of UU triaxial tests mainly form the basis
of the studies. It has not been possible to use CPT
data and results of laboratory tests on samples from
the same depth for the purpose of correlation studies.
The difference in depths, however, was restricted to
a maximum of 2 m in any given layer. There is a
certain scatter in the presented data, which can be
attributed to the soil inhomogeniety, presence of
inclusions, difference in depths between laboratory
and in situ tests and sample disturbance affecting the
results of laboratory tests. An important source of
discrepancy could be the soil disturbance caused
below the bottom of the borehole due to drilling and
other operations.
The recommended shear strength profile is
derived after integrating the results of Index shear
strength tests, UU triaxial tests and interpretation of
CPT data, with more emphasis on CPT and triaxial
test data. Due importance is given to the quality of
UU test results, soil inhomogeniety in terms of
inclusions etc. and established correlations between
index parameters and undrained shear strength. A
qualitative indication of relative strengths of various
layers from the drilling records is also taken into
account
while
deciding
on
the
final
recommendations

Figure 11. Relation between cone resistance and undrained
shear strength for North Sea and Bombay High clays (after
Beringen et al., 1982).

The application of second approach using
effective overburden pressure instead of total

overburden pressure has been reported in literature.
The main reason for this appears to be the fact that
sensors zeroed at the bottom of the borehole do not
give the correct value of qc and use of effective
overburden pressure amounts to having two
compensating errors.

Figure 12. Relation between cone resistance and undrained
shear strength for Heera field clays.

The second approach, although theoretically more
rational (Lunne et al., 1997) has not been applied in
Indian Offshore
3.4 Strength parameters for sands
Calcareous sands generally display low grain
crushing strength, high compressibility and varying
degree of cementation. Problems with undisturbed
sampling and simulation of in situ conditions in
laboratory put limitations on measurements of
strength parameters of sands in general. Special
nature of calcareous soils makes the laboratory
measurements even more difficult. The drilling and
sampling operations can cause serious disturbance
due to grain crushing and break down of
cementation, especially in weakly cemented soils.
It has been observed that laboratory values of ’,
angle of internal friction, of uncemented calcareous
sands may be higher than values for normal quartz
sands under the same test conditions. However, such
values will be unconservative for pile design since it
has been demonstrated that due to grain crushing,
high compressibility and arching effect, low residual
radial stresses exist after pile driving in calcareous
sands.
In situ testing, especially CPT, in conjunction
with classification testing seems to be the best option
for strength characterization of calcareous sands.
Relative density and ’ can be estimated from the
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CPT results using relationships proposed by several
researchers.
However,
caution
has
been
recommended for direct use of such estimates for
calcareous soils.
A number of pile load tests or calibration
chamber tests have been reported in literature on
calcareous sands from various regions of the world,
which help in arriving at a reasonable estimate of
strength characteristics of the sands specific to the
region. The basic nature of calcareous soils varies
from region to region due to differences in
depositional environment and diagenetic processes.
Hence, caution again is warranted while using
recommendations suited to one region for other
regions.
Unfortunately, no pile load tests have been
conducted in Indian offshore. However, the general
philosophy for estimating the strength characteristics
of the Indian calcareous sands is presented here
which has been applied consistently for the last more
than two decades and has not been found to be
unconservative.
The relative density, which is used as an
intermediate soil parameter, is test dependent, and,
the complicated stress - strain behaviour can not be
represented by the relative density (Lunne et al.,
1997). Most of the available correlations between
cone resistance and relative density are valid for
uncompressible siliceous sands. Only a few
correlations are available for compressible soils.
The Indian calcareous/carbonate sands to a large
extent are cemented in nature hence the relative
density and friction angles interpreted from CPT are
not considered seriously for recommending the
designing parameters.
It has generally been observed by various
researchers that the skin friction and end bearing
values of driven piles in carbonate sands are much
lower than those in silica sands, due to the weaker
carbonate grains and a strong arching effect. The
skin friction and end bearing in carbonate soils
varies due to variations in cementation and porosity.
Based on pullout tests McClelland (1974)
suggested a limiting skin friction value of 20 kPa
and limiting end bearing value of 50 tons/sq.ft for
driven piles in calcareous sands, which is one-fifth
and one half respectively that of siliceous sands as
recommended in API RP2A Guidelines. This
reduction was regardless of carbonate contents.
Agarwal et al. (1977), based on their observations
and experience in Bombay High, have recommended
the reductions based on the carbonate contents of the
sands. They have recommended a limiting skin
friction value of 100 kPa for sands with a carbonate
content less than 30% and increased the
recommended limiting values as recommended by
McClelland by a percentage taking into
consideration the carbonate contents for soils with
carbonate greater than 30%. Similarly they have

recommended modification of end bearing values.
Pile installation experience at other locations
indicated low skin frictions for carbonate soils.
Fugro (1985), Fugro McClelland (1990) have
recommended skin friction values in the range of 20
kPa to 60 kPa and end bearing values ranging from 2
MPa to 10 MPa taking into consideration the
carbonate contents, fines content and the
cementation.
Hence the practice in Indian offshore is to use the
CPT values and drilling parameters to assess the
density, cementation and use the carbonate content
test values in conjunction to recommend the limiting
skin friction and limiting end bearing values and
effective friction angle.
4 EXPERIENCE FROM EASTERN INDIAN
OFFSHORE
Some of the oil fields, which are being exploited in
Indian offshore, are situated off the eastern Indian
coast. The fields include Godavari delta region,
Pennar, Porto Novo and Palk Bay. The fields are
shown in Figure 2. Godavari delta is a relatively
extensively investigated area of all the eastern Indian
offshore and is considered for discussion in this
paper.
4.1 General soil conditions
The profile encountered in this area is predominantly
a clay profile. Clays are present from mudline till
depths ranging from 70 m to 99 m. Sand layers are
observed in the depth ranges of 70 m to 118 m
sometimes interbedded with clay layers. Below these
depths again clays are encountered. A typical soil
profile of Godavari Delta is shown in Figure 13.

Figure 13. A typical soil profile of Godavari delta.
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Table 1. Soil classification chart for calcareous soils (after Fugro, 1985 & McCleland, 1992).

The clays in the top 40 m are very soft to soft,
become firm below 40 m and stiff by the depth of 80
m. The clays in deeper depths are stiff to hard. The
carbonate content is less than 20 percent and the
clays are highly plastic. It is observed that many
upper clay layers show normalised shear strength to
be less than 0.2 giving an indication that these clays
are still undergoing consolidation. In some of the
borings clays to depth of 100 m show
underconsolidation. Deeper clay layers in general are
normally consolidated.
The sands encountered in this region are in
general fine to coarse, medium dense to dense with
carbonate contents less than 20%. The sands
generally do not show cementation.

For sands encountered in this region the
classification system as given by Fugro (1985),
Fugro McClelland (1992) as shown in Table 1 is
used.
For estimating the shear strength of clays, correlation
as mentioned in section 3.3 is used. The correlation
studies for this field suggest an average cone factor
range of 15 to 20 as shown in Figure 14.
For sands, the CPT recordings along with the
laboratory test results are used to recommend the
design friction angle. The reported correlations are
used to arrive at the friction angles. The limiting skin
friction and end bearing values are chosen as the
values recommended by Fugro (1985), Fugro
McClelland (1990) in case of sands with carbonate
contents greater than 10 percent.

4.2 Stratigraphy and classification
The CPT recordings are used extensively for
deciding the stratigraphy of a boring especially to
mark subtle changes within a layer.
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4.3 Strength parameters.

offshore, has been reviewed. Imminent changes and
new developments with regard to soil investigation
practice in Indian offshore have also been presented.
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Calibration of DMT for Venice soils
G. Ricceri, P. Simonini & S.Cola
Department of Hydraulic, Maritime and Geotechnical Engineering, University of Padova, Italy

ABSTRACT: The research presented here is concerned with the reliability of the flat dilatometer as a simple
and expedient indexing tool in the stratification and evaluation of the main geotechnical properties of the soils
of the Venetian lagoon. To this purpose, the results of an exhaustive geotechnical investigation carried out at
the port of Malamocco in the Venetian Lagoon are used to compare the dilatometer-based approximate
parameters with those directly measured on the soil with various types of laboratory and in situ tests. The
ultimate goal is to verify the applicability of the most accepted empirical correlations to characterize certain
relevant soil design parameters on this specific site.
1 INTRODUCTION
The Italian Government recently financed an important project dealing with the design of special mobile
barriers, located at the three inlets of the Venetian
lagoon and capable of protecting the lagoon and its
historic city against recurrent flooding events.
The design of the gate foundations requires
knowledge of the soil properties up to depths of 5060 m, where the soils are composed of a complex
system of interbedded sands, silts and silty clay.
To this purpose a comprehensive in situ and
laboratory investigation was carried at the port of
Malamocco where several types of geotechnical tests
were concentrated over a limited area (Ricceri,
1997). More particularly, on a small core – called
MTS, namely Malamocco Test Site – boreholes with
a large diameter undisturbed sampling, cross-hole,
seismic piezocone, self-boring pressuremeter and
dilatometer were executed on contiguous verticals.
Some interesting results of this investigation
concerning the laboratory response of these soils
have been already presented (Cola & Simonini,
1999). In addition, an attempt to calibrate an in situ
test such as the piezocone has also been put forward
(Ricceri et al., 1999).
This research examines the reliability of the most
common empirical relationships linking dilatometerquantities with the geotechnical design parameters
for Venetian soils. Their possible modification and
re-calibration is also proposed. Indeed, the
complexity of the test procedure precludes any
rigorous method of interpretation. That turns the
DMT, as observed by Mayne & Martin (1998), into

an exploratory device, which ought to be utilized
with a site-specific calibration, conducted on each
soil type and geology.
2 THE MALAMOCCO TEST SITE
The soil deposits of the Venice lagoon, which reach
up to depths of approximately 900 to 950 m, are
composed of interbedded sediments of sands, silts
and silty clay. They were formed throughout the late
Quaternary, during which marine regression and
transgression alternated and the rivers transported
fluvial materials.
Due to such a complex geological history, the
sediments exhibit great non-homogeneity; making it
very difficult to devise a scheme on soil profile
where the cohesive and granular soils could be
clearly distinguished.
Figure 1 sketches a schematic soil profile
determined at the MTS on the basis of grain-size
distribution. Diameters D10 and D60, Atterberg limits
(LL, LP), natural water content (wo) and in situ void
ratio (eo) are also reported.
It can be noted that the great majority of samples
fall into the category of silt (ML of USCS) and very
silty clay (CL), characterised by low plasticity.
Granular formations are composed mainly of
medium-fine sand and fine silty sand (SP-SM).
Some layers with a significant organic content - not
depicted in Figure 1 - are embedded at depths
between approximately 29-34 m and 45-52 m below
Mean Water Level (MWL).
193

However, despite the very large interbedding and
heterogeneity of the sediments, it was observed, on
the basis of a comparison among data coming from
various sites within the lagoon, that the basic
sediment properties vary over a narrow range. This
was due to the combined effects of relatively unique
mineralogical origins, a similar evolution of particle
crushing and a common sedimentation environment.
D10, D60 , mm
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index ID, the horizontal stress index KD and the
dilatometer modulus ED. These indices were used to
classify the soil and determine a wide variety of
properties and parameters, such as total unit weight
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(su), effective stress friction angle of sands (’),
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Figure 1. Profile of basic properties at MTS.

3 DILATOMETER TESTS AT THE MTS
At the Port of Malamocco three dilatometer tests
were performed: one test (labelled DMT2) was
driven exactly at the MTS center, the other two
(DMT3 and DMT4) about 50 m far from DMT2.
Figure 2 shows the profiles of p0 (corrected liftoff pressure) and p1 (corrected pressure necessary for
the expansion of 1.1 mm) recorded in the three tests.
The principal feature of these profiles is the coupled
continuous oscillation of the two pressures, thus
confirming the high degree of heterogeneity of the
soil. The p0 pressure varies in a relatively narrow
range among the three tests. On the contrary, a larger
variation of p1 was measured in the three tests,
especially at depths between 18 and 28 m and
between 40 and 50 m below MWL.
On the basis of p0 and p1, Marchetti (1980)
proposed three other indices, namely the material

Figure 2. DMT pressures profiles in the tests at Malamocco.

Starting from those proposed by Marchetti (1980)
many types of correlations have been suggested: for
instance, Mayne & Martin (1998) collected over 230
different correlations for the interpretation of DMT
data, most of them being highly site-dependent.
Therefore, we initially checked the validity of the
original
Marchetti
correlations,
improved
successively by the author and co-workers (e.g.
Totani et al., 1999), for the interpretation of our data;
then, where necessary, attempted a more convenient
site-specific calibration for the Venetian soils.
4 SOIL PROFILE AND BULK DENSITY
The material index ID was originally used as a simple
and approximate parameter for identifying the soil
type, i.e. ID<0.6 for clay, 0.6<ID<1.8 for silt and
ID>1.8 for sand. However, it was later recommended
to combine ID with the dilatometric modulus ED for a
better soil classification. Figure 3 summarizes the
data obtained from the MTS and plotted on the
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Figure 3. Classification by mean of Marchetti & Crapps’ chart.

The two extreme classes of soil, namely the silty
clay (CL) and silty sand (SM-SP) appear to be better
defined than those of silts (ML). In the latter case, a
much larger variation of ID can be noted and in some
instances these soils are not properly classified as
silts but as silty sands or as silty clays.
Marchetti & Crapps’ soil classification chart
provides indications about the unit weight of soils. In
comparing the predicted values of  with those
measured in the laboratory, we observe that the
range of maximum scatter around the average values
does not exceed 15%. Nevertheless, the chart tends
to overestimate the bulk density of silty clays while
underestimating that of sands.
5 IN SITU STRESS HISTORY
The estimation of OCR for clays was proposed by
Marchetti in relating KD with OCR from oedometer
tests with the following correlation:
(1)

The use of correlation (1) is restricted to materials
with ID<1.2, free of cementation which have
experienced simple one-dimensional stress histories.
Among several relationships available in
literature, that put forward by Lacasse & Lunne
(1988):
OCRDMT = 0.225KD1.561.67

r2=0.630

10

Fit on all data

OCR=0.66*KD1.05
r2=0.845
OCR=0.225*KD1.351.67
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1
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Figure 4. OCR-KD relationships and calibration.
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improved chart proposed by Marchetti & Crapps
(1981). The unified soil classification system
(USCS) was used to classify the Venetian soils.

(2)

seems to account for the exponent variation in a
large range of soil plasticity, namely 1.35 for plastic
clays and up to 1.67 for low plasticity materials.

The applicability of correlations (1) and (2) to our
data was verified in Figure 4, where OCR=’p/’vo
was obtained from several oedometer tests using the
traditional Casagrande method for determining ’p.
Many difficulties were encountered in applying the
method because of a low-pronounced yielding
curvature, dividing OC from NC states. This was
probably due to the influence of a sampling
disturbance, which is more important in nonstructured and low-plasticity silty soils.
Marchetti’s correlation seems to provide a rather
good estimation of OCR at lower values of KD.
Large differences compared to laboratory results
occur at higher horizontal stress indexes (KD>10),
that is, for the highly overconsolidated silty clay
layer called caranto lying at shallow depths. This
layer has a very complex stress history with repeated
loading-unloading cycles coupled with a long phase
of desiccation during the last glacial period.
No improvement of data relating to any of the
range of KD was obtained by adopting the Lacasse &
Lunne relationship.
In applying the power regression to our data we
have:
OCRDMT = 0.66KD1.05

(r2 = 0.845)

(3a)

and excluding those with KD>10,
OCRDMT = 0.50KD1.21

(r2 = 0.630)

(3b)

the fitting curve approaches Marchetti’s original
curve, but with a sharp decrease of the regression
coefficient r2.
6 COEFFICIENT AT REST KO
The original correlation between at-rest coefficient
Ko and KD is:
Ko,DMT = (KD/1.5)0.47 – 0.6

(4)
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where the reference Ko values were empirically
obtained from OCRs and plasticity indices on ten
Italian soils. Lacasse & Lunne (1988), on the basis of
direct Ko measurements, argued that the Marchetti
relationship tends to overestimate Ko. To determine
Ko in clays, they suggested the following correlation:
Ko,DMT = 0.34KD0.440.64

(5)

1.0
Marchetti ('80)
0.9
K =(K /1.5) 0.47-0.6
0.8 o D
0.7

for ID<1.2

Schmertmann ('83)
=25°, 35°, 40°

0.6

Using the well-known dependence of su/’vo on
OCR, Marchetti proposed a correlation between su
and KD:
su/’vo = 0.22(0.5KD)1.25

0.5

s u/ 'vo=0.22*(0.5KD)1.25

10

Lacasse & Lunne ('88)
Ko=0.34*KD0.54 for ID<1.2

0.4

(6)

Correlation (6) was recommended, as similarly done
for correlation (1), only for material with ID<1.2 and
a simple loading history. It was then validated on the
basis of su values measured on several sites by mean
of field-vane tests or triaxial tests by other
researchers (i.e. Lacasse & Lunne, 1988).
In our case, su from triaxial tests is plotted against
KD in Figure 6: data from the boreholes driven
exactly at the MTS with those carried out close to
the DMT3 and DMT4 tests are drawn using the same
symbol due to the absence of any distinct trend of
su/’vo against KD in the three different verticals. A
relatively large scatter among all data can be
observed. Nevertheless, a general increase of
undrained strength as a function of KD is
appreciated: the power fitting proposed here –
similar to that of Marchetti – showed a poor
regression coefficient (r2=0.788). Therefore, it may
be suggested that the original correlation could be
utilized for a preliminary rough estimate of the trend
of su with depth but above all for the range of KD.

Marchetti ('80)

SBP
CL - Oed. Ko

0.3

CL

Tx
CKoU/D
SP-SM

Lacasse & Lunne ('88)
for sand and silty sand

ML

su/'vo

Ko from laboratory and in-situ tests

where the lower exponent value is associated with
highly plastic clays.
For granular materials Schmertmann (1983)
suggested the use of a chart based on the correlation
between the friction angle ’, the in situ vertical
effective stress ’vo and static cone penetration
resistance qc.
In Figure 5 Ko values measured in CKoU/D
triaxial cells are plotted, with distinctions among the
different types of soils: some data determined with a
Ko-oedometer cell and the self-boring pressuremeter
are also reported. Correlations (4) and (5) together
with the Schmertmann curves for granular materials
are also sketched in the Figure.

7 UNDRAINED SHEAR STRENGTH

s u/ 'vo=0.17KD0.96

1

r2=0.788

0.2
1

10

KD
Figure 5. Relationship between at-rest coefficient and horizontal stress index.

No significant differences in Ko values are noted
among the data from different tests nor from three
classes of soils or according the material index ID.
The points are located below both the Marchetti and
Lacasse & Lunne curves and seem to be more in
accordance with Schmertmann’s suggestions. This is
probably due to the prevalently silty nature of
Venetian cohesive soil, which is characterized by
low chemical interaction and bonds between soil
particles together with a high sensitivity to the stress
relief inherent on the sampling disturbance. A good
correlation between Ko and KD does not seem
possible using the data collected so far.

0.1
1

10

100

KD
Figure 6. Relationship between normalized undrained shear
strength and horizontal stress index.

The large oscillation of su around the best fitting
curve may be justified if we consider that Venetian
soils are particularly interbedded. This feature arises
on account of the extreme difficulty in coupling
laboratory data with the corresponding layer in DMT
estimations. Even at higher depths, the presence of
some non-homogeneous layers of highly OC silty
clay similar to caranto, that have probably been
subjected to complex stress histories, increases the
range of su possible values.
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8 EFFECTIVE FRICTION ANGLE
Observing a linear correlation between KD and CPT
penetration resistance, Marchetti adapted the chart
proposed by Durgunoglu & Mitchell (1975) for an
interpretation of the CPT test, thus presenting a new
abacus (Marchetti, 1985) that provides a prediction
of the peak triaxial friction angle ’ of sand from KD
(if Ko is known or determined with correlation (4)).
A comparison between laboratory values of peak
and/or critical friction from triaxial tests on SP-SM
and ML soils and the angle predicted from
Marchetti’s chart is plotted in Figure 7. The data
shows a large scatter. However it should be noted
that Marchetti’s chart may be used only for a
prediction of the peak angle and not the critical one.

Marchetti (from Totani et al., 1999) more recently
proposed two additional empirical correlations,
which could be used to give lower and upper bounds
of the range of possible friction angles:

’max = 31 + KD/(0.236 + 0.066KD)

(7)

’min = 28 + 14.6log KD – 2.1(log KD)2
(8)
In Figure 8 again the laboratory results are used to
check (7) and (8). In this case the two formulae seem
to define only the range of variation of critical angle
values in SP-SM materials, while for ML soils they
could provide the peak angle.

9 ONE-DIMENSIONAL CONSTRAINED
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Figure 7. Relationship between friction effective angle of sands
and sandy silts with horizontal stress index.
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where the factor RM is a function of KD and ID
through some relationships not reported here for the
sake of brevity. Comparison between MDMT and M
from oedometer tests, carried out by Lacasse &
Lunne (1988), showed that the ratio   M DMT / M
could vary from 0.5 for high-plasticity clays to 2.0
for sandy or silty soils.
In Figure 9 the MDMT estimated according to
Marchetti’s suggestions was plotted against the M
determined from oedometer tests, carried out on all
the classes of Venetian soils, including sandy
materials. In our case, the ratio  is always greater
then the unity and is not influenced by the type of
soil or its ID value. It does not seem possible to find
a correlation between RM and KD and ID. Moreover
RM appears to decrease with both KD and ID.
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Figure 8. Relationship between effective friction angle of sands
and sandy silts with horizontal stress index.
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Figure 9. Comparison between one-dimensional constrained
modulus from oedometer tests and from DMT data.
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As discussed above for other soil properties, the
high dispersion of data may probably be attributed to
the difficulty in finding – in these highly stratified
soils – a very precise correspondence between the in
situ derived parameters and those measured directly
in the laboratory on soil samples. In addition, the
laboratory constrained modulus is highly sensitive
not only to sample disturbance but especially to
small variations of grain size distribution, the latter
being extremely variable even in a few centimetres
of soil profile.
10 VERY SMALL-STRAIN MODULUS
A very small-strain modulus can be also estimated
from dilatometric modulus. The ratio:
RG = Go / ED

(10)

where Go is the maximum shear modulus, is
sometimes expressed as a function of KD or relative
density Dr (e.g. Jamiolkowski et al., 1988), but these
relationships cannot be applied straightforward to all
soils. Hryciw (1990) expressed Go as a more general
function of Ko, DMT and ’vo, in which Ko is given
by correlation (1) and DMT is the total unit weight
determined from DMT data by means of Marchetti
and Crapps’ chart.
25

ED and I D are the average
values on 1 m thickness

RG = Go/ED
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Figure 10. Relationship between RG ratio and material index.

As presented above the errors in estimating DMT
and Ko for Venice soil are not negligible.
Consequently, we preferred to propose a direct
correlation between RG and dilatometric indices,
using Go data measured in situ by means of crosshole and down-hole tests carried out on verticals
very close to DMT2. The best correlation was found
to be that between RG from cross-hole data and ID as
shown in Figure 10: the regression coefficient is
0.853. Down-hole data seem to be more sensitive to
the presence of high-organic content layers and give
a rather poor correlation.

11 CONCLUSIONS
The level of applicability of DMT correlations to
estimate the main geotechnical properties of
Venetian soils has been analysed in the paper.
The main difficulty in performing such a
calibration of DMT was due to the high level of
heterogeneity of the Venetian soils: even though the
DMT tests were carried out at a very short distance
from the reference borehole verticals, laboratory
parameters might not have been measured on the
corresponding materials tested on the DMT verticals
at the same depths. Similar difficulties have been
also found very recently for the calibration of
piezocone test at the same site.
Nevertheless, some correlations, like for
instance, those for estimating Soil Type, OCR, su and
Go, provided more satisfactory results with respect to
the correlations used for estimating other parameters.
However, a conclusive judgment concerning the
degree of reliability of all the discussed correlations
for the Venetian soils requires additional research; a
project that has already been planned in the very near
future.
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Development of a methodology for determining some in situ parameters
for cohesionless soil
A.M. O. Mohamed
Civil Engineering Department, UAE University, AI Ain, United Arab Emirates

ABSTRACT: This paper focuses on a developed technique for determining some in situ parameters of
cohesionless soil. The proposed technique allows the prediction of any two of the in situ soil parameters , 
and  (respectively, the interfacial friction angle between the material of a wedge penetrometer and the soil,
the internal friction angle, and the unit weight of the soil), given the value of any one of them and the results
of penetration tests of two different apex angle wedges. The paper contains the theoretical development and
preliminary experimental validation of the method.
1 INTRODUCTION
The shear strength and deformation parameters of
soil obtained from laboratory tests are dependent on
the laboratory specimen tested. The requirement of
soil parameters representative of the in situ soil often
calls for field techniques, especially in the case of
cohesionless soil where recovery of “undisturbed”
samples for laboratory testing is extremely difficult.
Furthermore, the cost of sampling, transportation,
preparation and laboratory testing can be prohibitive.
On the other hand, the sort of controlled test
conditions possible in the laboratory cannot, in
general, be incorporated in the current field testing
techniques. In particular the variety of stress paths
feasible in laboratory testing in unattainable in field
testing. It is logical, therefore, that some
combination of laboratory and field testing be
implemented, especially in the case of major
geotechnical projects. The combined effort of
laboratory and field testing will of course, depend on
the specific project. Occasionally field testing is used
as a tool towards a more economical laboratory
testing program. For example, the cost of extracting,
transporting and preparing an “undisturbed” sand
sample can be considerably saved if the in situ unit
weight of the soil is determined by field techniques
and a laboratory sample prepared to the same unit
weight is tested.
In this paper, a theoretically-based technique for
determining the unit weight, , and internal friction
angle, , of cohesionless soil is presented. The
information required is (a) one data point on the
penetration force-depth curve obtained by a wedge

penetrating the soil, (b) another data point similar to
(a) but obtained by a wedge of a different apex
angle, and (c) the interfacial friction angle, ,
between the material of the wedge penetrometer
(same material for both wedges) and the soil. It
should be recalled that in limit equilibrium analysis
of the cohesionless soil, the only soil parameters
required, besides , are , and. In fact, given the
value of any one of the three parameters, the other
two can be simultaneously determined by the
technique to be proposed.
The underlying theory of the proposed technique
is detailed in subsequent sections. Charts, from
which any two of the ,  and  can be readily
obtained, given the value of any one of them, are
presented. Analytical predictions and experimental
results are compared for validation of the proposed
technique.
2 ANALYTICAL DEVELOPMENT
2.1 Governing equations
The stress field in the vicinity of and at the interface
between a wedge and soil is determined by solving
the stress equations using the method of
characteristics (Sokolovskii, 1965). The plane-strain
stress equations are determined by combining the
equilibrium equations:
 x
x



 xz
z

0

(1)
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with the Mohr-Coulomb yield criterion
R = f ()



 [sin() sin( 2)]

x
z


[2 sin() sin(2)]
 [2 sin() cos(2 )]
0
x
z
[1  sin() cos(2)]

(9)

(3)

where x, z, and xz are the stress components at a
point, oriented as shown in Figure 1;  is the density
of the soil; g is the acceleration due to gravity (g =
);  is the mean normal stress, 1/2(x + z) and
geometrically is the center of the Mohr circle; and R
is the radius of the Mohr circle.



 [1  sin() cos( 2 )]

x
z
(10)


[2 sin() cos(2 )]
 [2 sin() sin( 2 )]
1
x
z
[sin() sin( 2 )]

where the stress parameter  has been nondimensionalized with respect to gL; x and z with
respect to L, the characteristic length of the soil
structure interaction problem. For the wedge
indentation problem considered herein, L is chosen
to be the depth of penetration.

Figure 1. Stress components at a point.

Figure 3. Mohr-Coulomb construction.
Figure 2. Principal stresses and directions.

Expressingx, z, and xz in terms of , R, and 
(Figure 3) gives:
x =  – R cos(2)

(4)

xz = R sin(2)

(5)

z =  + R cos(2)

(6)

By introducing the
(Sokolovskii, 1965)



logarithm

ln 
2 tan()

transformation
(11)

where


 2 xz
1
tan 1 
 
2
x
 z






(7)

 is the angle, measured positively in the anticlockwise direction, from the z axis to the direction
of the major principal stress, 1 (Figure 2). In this
study, a linear Mohr-Coulomb yield criterion is
considered, for which f() =  sin (), i.e.,
R =  sin()

(8)

By eliminating R from Equations (4) to (6) using
Equation (8) and substituting the resulting Equations
into (1) and (2), the following hyperbolic stress
equations are obtained:

Figure 4. Grid numbering system.

into Equation (9) and (10), two real families of
stress-characteristics are obtained:

   
sin       

x
 4 2 
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z
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2 sin() cos      
 4 2 
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2.2 Boundary Conditions

(13)

Computation of the stress field may originate from
either the soil surface OA or from the edge OB of
the Rankine zone (Figure 5). If OA is horizontal and
is subjected to a surcharge po, which has been nondimensionalized with respect to gL, then (Graham,
1971)
Along OA:


   
= tan      
 4 2 


z=0
=

where
=+;

 =  – 



Analytical solutions to Equation (12) and (13) are
not in general, possible and so a numerical approach
is adopted. Figure 4 shows the grid numbering
system used. The boundary conditions in a wedge
indentation problem are such that the i- and j-lines
(Figure 4) correspond to the characteristic lines
x/z = tan [ – (/4 – /2)] and x/z = tan [ +
(/4 – /2)], respectively.
Backward finite difference analysis applied to
Equations (12) and (13) at an arbitrary field (i.e.,
non-boundary) node (i, j) enables x, z,  and  at the
node to be determined. If x, z,  and  at (i, j-1) and
(i-l, j) are already known,  and  are then
determined from , and , using Equations (11) and
(14):
 = exp [( + ) tan ()]
 = ½ ( – )

(15)

z = -x cot ()

(17)

where  is the half angle of the wedge (Figure 5). 
is determined from the equation:
 = exp [2 ( - w) tan ()]

(18)

where w is the value of  at the wedge interface.

1  sin()

(19)

=/2

Figure 5. Wedge and soil geometry.

Along OB:
z = x tan (/4 – /2)
=

(16)

To allow for the curvature of the slip lines,
computation of x, z,  and  at (i, j) is repeated with
i-1,j and i-1,j in finite difference equations replaced
by ½ (i-1,j + i,j) and 1/2 (i-1,j + i,j) respectively.
Similarly, ½ (i,j-1 + i,j) and ½ (i,j-1 + i,j) replace
i,j-1 and i,j-1 respectively. The so-called “, iteration” method (Graham, 1971) is used in this
study. Iteration is continued until a specified degree
of accuracy is obtained.
At a node on the wedge/soil interface, with 
specified, x, z and  are solved from Equation (13)
and the following wedge surface equation:

po

z  po
1  sin()

(20)

=/2
Regardless of the value of po and the profile of
the soil surface, the following boundary conditions
are applicable.
Along OC:
z = -x cot ()
=



1
1 sin 
  
    sin 

2 
sin




(21)

provided  =  = 0, point O has two distinct values
of , given by Equations (20) and (21).
Traditionally, such a discontinuity is handled by
treating point O as a degenerate characteristic line
along which is ascribed a specified number of nodes
each with a -value differing from that of its
neighbor by the same amount, .
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Figure 6. Variation of mean stress () with surcharge (po) and depth (z).

Since dx = dz = 0, it can be shown that:
d = 0

(22)

Total differentiation of Equation (11) and (14)
d
yields: dx 
2 tan 

(23)

and
d = dx + d



From Equations (22), (23), and (24), one obtains:
d + 2 tan  d = 0

(25)

which on integration yields
i = o exp [2 tan  (o – i)]

(26)

where the subscript “o” denotes the soil side of point
O and “i” indicates node i on the degenerate
j-characteristic. The soil region bounded by the
i-characteristic lines emanating from the sand and

wedge sides of point O is the so-called “transition”
or “radial” zone.
For Po = 0 (i.e., a stress free soil surface),
computational difficulties are encountered in the
solution of Equations (12) and (13). To overcome
this numerical problem, the following technique
developed by Graham (1971) was used in this study.
First a surcharge Po, large enough to cause no
difficulties is used to compute the stress field as far
as the tip of the wedge (i.e., z = 1). The physical
dimension of the problem, as represented by the
characteristic length, L is increased by an order of
magnitude, resulting in a corresponding decrease of
x, z,  in the entire field. The outermost j-line of this
compressed field of characteristic lines is now made
to “replace” the degenerate j-line. Equations (12) and
(13) are again solved, now using the reduced value
of Po. The new value of a at z = 1 is compared with
the previous one and if the percentage difference is
less than a specified limit, say 0.1%, the stress field
obtained is considered to essentially represent the
zero surcharge solution; otherwise the characteristic
204

length L is further increased by an order of
magnitude and the whole process repeated.
The variation of  with non-dimensional depth, z,
at the surface of a 15 half angle wedge, as the
length scale, L, is increased by a factor of 10 and Po
accordingly reduced. It is evident that the -z
relationship for Po = 10–3 is essentially the same as
that for Po = 10–4, as shown in Figure 6, and for
practical purposes, may be considered zero surcharge
solution.

Note that s / cos  =  / z. The penetration force, F
as given above is non-dimensional with respect to
L3 (i.e., it has units of L3). Given two wedges,
1 and 2, with half angles, 1 and 2, nondimensional widths, b1 and b2 and actual penetration
forces, (F1)D and (F2)D at depths, L1 and L2
respectively, Equation (33) gives:
L1 b1T1[1  sin  cos 2(  1 )]
3

( F1) D
( F 2) D



2.3 Penetration force
The normal stress n and the tangential stress n at
the wedge/soil interface may be computed from the
equations (Graham, 1971):
n =  [1 – sin  cos 2( + )]

(27)

n = n tan 

(28)

At a depth equal to L, the penetration force per unit
non-dimensionalized width of wedge is given by:

where T1 = (tan 1 + tan ); T2 = (tan 2 + tan ); the
subscript “D” indicates that the forces are
dimensional. Note that for the special case of b1 = b2
and L1 = L2, the above equation becomes:
( F1) D
( F 2) D

(29)

where the integral is simply the vertical component
of the stress vector acting on the wedge, and r is the
distance (non-dimensionalized with respect to L)
along the wedge/soil interface, measured from point
O (Figure 5).
The penetration force as given by Equation (29)
takes into account the two slant faces of the wedge.
The contribution of the two vertical triangular
shaped faces is discussed latter.
Substituting Equations (27) and (28) into (29) yields:
F  2 [sin   tan  cos ] 
1
cos 

(30)



[1  sin  cos 2(  )]  dr
0

A similarity analysis (Yong et al., 1972) shows that
 varies linearly with depth along the wedge surface.
Therefore, let
=sr

(31)

where s is the proportionality factor.
The integral in Equation (30) becomes

0

F1
F2

s1
cos 1

s
T2 [1  sin  cos 2(   2 )] 2
cos  2

0





T1[1  sin  cos 2(  1 )]



1
cos 

cos 1
s
3
L2 b2T2 [1  sin  cos 2(   2 )] 2
cos  2

(34)

1
cos 

F  2 [ n sin    n cos ]dr

(32)

substituting Equation (32) into (30) gives
F  [tan   tan ][1  sin  cos 2(  )]

s
cos 

(33)

(35)

3 APPLICATION
A Fortran computer program to solve for the stress
field has been written and implemented on the IBM
PC. For the results shown graphically in Figures 7
and 8, F1, F2 and F3 refer to 15º, 22.5º and 30º half
angle wedges respectively. For a given , it is
observed that the sensitivity of F1, F1/F2 and F1/F3
to  decreases as  increases.
3.1 Determination of  (or ) and  for
given  (or )
If (F1)E and (Fk)E are the experimentally-determined
penetration forces of wedge 1 and k (where k = 2 or
3) at the same depth of penetration, then the in situ
value of  (or ) is that at which the vertical line
F1/Fk (= (F1)E / (Fk)E) in Figure 7 intersects the line
corresponding to the given . With  and  known, 
is then determined from the relation



s
s r dr 
2 cos 2 

s1

( F1) E
L3b( F1)

(36)

where F1 is obtained from Figure 8.
Recall that L is the depth of penetration, b = w/L
where w is the actual (dimensional) width of the
wedge and F1 is the non-dimensionalized (with
respect to L3) penetration force per unit width of
wedge penetrometer.
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Figure 7. Variation of (F1/F3) and (F1/F2) with interfacial () and internal () friction angles.

3.2 Determination of  and  for a given 
Given , one obtained F1 from Equation

F1 

( F1) E
L3b

(37)

Log (10F1) is then computed and a vertical line is
drawn through it in Figure 8. A vertical line is also
drawn through F1/Fk (= (F1)E/(Fk)E) in Figure 7.
The combination of  and  common to both vertical
lines is then selected.
4 EXPERIMENTAL VALIDATION
The analysis presented so far, with results portrayed
graphically in Figures 7 and 8 does not take into
account the contribution of the triangular shaped
vertical faces of the wedges. A series of such tests
have been performed by Chen (1972). The
penetration forces for 12.7 mm (0.5 in), 25.4 mm (1
in) and 38.1 mm (1.5 in) of penetration for the 30º
and 45º wedges (wedges 1 and 2) are shown in
Table 1.
Given an experimentally-determined value of  =
28, the predicted values of  and, using Figures 7

and 8 are shown in the last. two columns of Table 1.
The average value of  is 46º and the average of  is
14.07 kN/m3. The measured values of  and  (Chen
1972) are 44º and 15.44 kN/m3, respectively. Thus,
the predicted results are reasonably close to the
measured values.
Table 1. Prediction of  and  for 30 and 45 wedges.
Pen.
F1
F2
F1/F2
 (P)
 (P)
(mm)
(E)
(E)
(deg.)
(kN/m3)
12.7
6.67
11.12
0.6
42
21.98
25.4
24.47
44.48
0.55
48
10.10
38.1
53.38
97.86
0.55
48
10.10
Note that (F1)E is the force measured for 30 wedge while (F2)E
is the force measured for 45 wedge.

Since the rigid plastic assumption made in the
analysis implies no volume change, it is anticipated
that predictions of soil parameters made on the basis
of smaller depths of penetration will be better since
the stress levels and corresponding volume changes
are likely to be smaller. This can readily be observed
in the results listed in Table 1. When the penetration
depth is 12.7 mm, the values of  and  are more
compatible than those predicted for larger
penetration depths. It is unlikely that sand of low
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Figure 8. Variation of F1 with interfacial () and internal () friction angles.

density ( = 10.10 kN/m3) will acquire a very high
angle of internal friction ( = 48).
5 TRIANGULAR-SHAPED VERTICAL FACES
OF WEDGE
In laboratory testing, it is possible to isolate the
triangular shaped vertical faces (ABC and A’B’C’,
Figure 9) from the indentation process. This is not
the case in field testing. In this section, a technique

as that resulting from the rectangular shaped slant
faces (BB’C’C and AA’C’C, Figure 9).
In the next subsection, the analytical development
of the proposed simplified technique is presented.
Next, predictions, are compared with experimental
results.
5.1 Analysis
The force due to the two triangular-shaped vertical
faces (ABC and A’B’C’) is given by:
1



F  2  n t dr

(38)

0

where t = 2 (1 – r) tan.
Substituting Equations (28), (27), with  set equal
to zero (vertical face), and (31) into (38) gives:
1



F  4 tan  tan  [1  sin  cos  ] s [1  r ]r dr

(39)

0

which on evaluating and simplifying yields
Figure 9. Wedge penetrometer.

for predicting the contribution to the total
penetration force of the faces ABC and A’B’C’ is
suggested. It is recognized that the plane strain
assumption may not be satisfied to the same extent

F
2
 tan  [1  sin  cos 2 ] s  FO
tan  3

(40)

It should be noted that s in Equation (40) is to be
evaluated with a  value of zero (vertical face of
wedge). The unit of F is L3.
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Figure 10. Variation of FO with interfacial () and internal () friction angles.

5.2 Validation of predictions
A chart relating FO (Equation 40) with  and  is
given in Figure 10. A series of wedge indentation
tests were performed in the sand contained in the soil
bin. The wedges (30, 45 and 60) used were made
of plexiglass, with a similar width 91.5 mm and
depth 152.4 mm. The following parameters were
measured in the laboratory:  = 37,  = 14.94
kN/m3, and  = 32.
The predictions and the measured values of the
penetration load varying with penetration depth for
the 30, 45 and 60 wedges are shown in Figures
11, 12 and 13, respectively. The predictions for a
given set of ,  and  are obtained by simply
summing the predictions obtained from the two slant
faces, using Figures 7 and 8, to those obtained from
the two vertical, triangular faces, using Figure 10.
The predictions and the measured values agree
well at small depths of penetration. The two results
progressively deviate from one another as the depth
of penetration increases, probably as a consequence
of the increased volume changes at larger penetration
depths.

Figure 11. Variation of load with penetration for 30 wedge.

Figure 12. Variation of load with penetration for 45 wedge.
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Figure 13. Variation of load with penetration for 60 wedge.

6 CONCLUSION
A technique has been presented, together with useful
charts, for predicting any of the in situ cohesionless
soil parameters (, , and ) given the value of any
one of them and the results of penetration tests of
two different apex angle wedges. The contribution of
the vertical, triangular shaped faces of the wedges to
the total penetration force was investigated. The
obtained results via the proposed model are quite
encouraging.
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Evaluating undrained shear strength of Klang Clay from cone
penetration test
C.S. Chen
SSP Geotechnics Sdn Bhd, Malaysia

ABSTRACT: The undrained shear strength (Su) of clay is generally obtained from the laboratory test on
undisturbed soil sample or direct measure using the field vane shear test. As cone penetration test (CPT) has
become a popular method for exploring the subsoil stratification, it will be useful for practising engineers to
evaluate the Su of clay based on the CPT results if correlation between the Su and the cone resistance (qc) has
been established. In this paper, the Su from vane shear tests and cone resistance, qc, of CPT tests from three
sites located on Klang Clay are presented. These results are compared and correlated so as to establish an
empirical relationship between the Su and qc. An empirical cone factor (Nk) in the range of 5 to 12 is obtained.
This Nk value can be used to evaluate the Su of Klang Clay. The obtained Nk values are compared with Nk
values of other known soft clays. It was found that in general the Nk value of Klang Clay is at the lower
boundary of the published Nk values.
1 INTRODUCTION
In the past day when the static cone penetration test
(CPT) has not gained acceptance to many countries,
the undrained shear strength (Su) of soft clay is
generally obtained from the results of laboratory test
on undisturbed soil samples or results of field vane
shear test. As CPT has proved its valuable for soil
profiling, effectiveness in both time and cost as
compare with conventional exploratory holes, the
use of CPT has increased. As more and more results
of CPT are available, many attempts have been
performed to evaluate the Su of clay from the results
of CPT. These attempts including theoretical
methods such as bearing capacity solution (Terzaghi,
1943; Meyerhof, 1951), cavity expansion approach
(Ladanyi, 1963; Vesic, 1972), strain path approach
(Baligh, 1985), and empirical correlation approach.
All the theories have the following relationship
between the Su and the cone penetration resistance,
qc:
q c  N k  Su  

(1)

where Nk is cone factor and  is overburden
pressure.
The findings by Lunne et al. (1976) & from five
sites in Scandinavia show that the Nk values are in
the range of 15 to 19 for marine clay and 11 to 13 for
soft clay. Schmertmann (1975), Lunne and Eide

(1978) also recommended that the Nk value for
various type of soil should be correlated locally.
This paper attempts to correlate the undrained
shear strength of Klang Clay from field vane shear
test to the qc of CPT test and establish an empirical
relationship.
Results of both vane shear tests and CPT tests
from three sites located on the Klang Clay deposit as
shown in Figure 1 are presented. The equipment
used and the physical properties of Klang Clay at the
three sites will also be presented.
2 DESCRIPTION OF EQUIPMENT USED
2.1 Vane Shear Test apparatus
Geonor Vane apparatus were used in all the three
sites. After the blades of the vane were pushed to the
level where the soil strength was to be determined,
the vane was then rotated in a rate of about 0.1º/sec
and the corresponding torque was measured. The Su
of soil was calculated from the maximum torque and
the dimension of blades used.
2.2 Cone Penetration Test apparatus
The cone penetrometer used for the three sites has a
10 cm2 base area cone with an apex angle of 60
degree. Above the cone there is a 13.4 cm long
straight cylindrical shaft having the same diameter as
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the cone. The cone has transducers to measure cone
resistance, local friction and water pressure. The
jacking unit was a 100 kN twin cylinder hydraulic
ram. All these jack, data acquisition equipment and
necessary accessories are mounted on a self
propelled crawler chassis. The total weight of the
unit is about 25 kN. Before conducting the test, 4
numbers of screw anchors will be installed to
provide reaction to the apply thrust in order to
advance the penetrometer. The penetration rate will
be maintained at 20 mm/sec and the measured data
will be recorded every 25 mm.

The results of CPT carried out are also shown in
Figure 2. A similar trend of increasing in soil
strength (qc value) with depth is also observed.
Nk values were computed based on the average Su
and qc values. The computed results are as shown in
Figure 2. Wide range of Nk value was obtained
within the top 5 m. However, the Nk values become
more consistent, in the range of 7 to 12, as the depth
increases.

3 DESCRIPTION OF SUBSOIL AND RESULTS
OF TESTS
3.1 Site A
Site A as shown in Figure 1 is generally a flat ground
approximately 2 km away from the coast with very
soft clay at the top 20 m. The Standard Penetration
Test Results (SPT) in this very soft clay is equal to
or less than 1. Disturbed samples were obtained after
the SPT tests. Undisturbed samples were also
obtained at designated depth. The Plasticity Indices
(PI) of this soft clay at varies depths are as shown in
Figure 2 which is in the range of about 25%to 50%.
The average of bulk density is about 14 kN/m3 as
shown in Figure 2.
Four numbers of field vane shear tests were
carried out inside the boreholes at 1 m to 1.5 m
intervals. The direct measured Su shows an
increasing trend with depth as shown in Figure 2. In
general, the Su of soft clay is about 8 kPa to 10 kPa
at 2 m below the ground surface and increases to
about 40 to 70 kPa at 18 m depth.

Figure 1. Locations of test sites

3.2 Site B
Site B is located near to the coastal area as shown in
Figure 1. The subsoil condition is as shown in Figure
3. In general, about 2 m thick silty fine sand layer
can be encountered near the ground surface.
Underneath this sand layer is an approximately 2 m

Figure 2. Soil properties, test results and Nk values of Site A.
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thick clayey silt with sand and followed by thick
layer of silty clay. At about 11 m below the ground
surface, sand layers could be encountered. The PI of
the silty clay layer is in the range of 70% to 90% as
shown in Figure 3. Average bulk density is about
14.5 kN/m3.
The results of vane shear tests are as shown in
Figure 3. An increase in Su values with depth is
observed. The Su results at the same depth are quite
consistent except when there are existence of sand
layers.
Results of CPTs as shown in Figure 3 clearly
demonstrate its value for soil profiling especially
when there are existence of sand layers. The qc
values also show the increasing trend as observed
from the vane shear tests.
The calculated Nk values at various depths are
also shown in Figure 3. Except at locations where
sandy layer may be encountered, the Nk values are
generally in the range of 6 to 10 which is similar to
that from Site A.
3.3 Site C
Location of Site C is as shown in Figure 1 which is
also at the coastal area. The subsoil condition is as
shown in Figure 4. In general, there is a 1m thick top
soil mainly consists of sandy silt. Underlying is a
thick layer of silty clay with localised silty sand layer
could be found between 3 to 6 m below the ground
surface. Below this silty clay layer, sandy silt or silty
sand layer could be encountered. The PI of the silty
clay layer is shown in Figure 4. Except at depths
where localised sand layer could be found, the PI

values are in the range of 40% to 60%. Average bulk
density is about 16 kN/m3.
The Su as obtained from vane shear test are as
shown in Figure 4. Apparently the soil strength
remains constant at the top 4m and begins to show
an increasing trend like the other sites after 4m
below ground surface.
Results of CPT are presented in Figure 4.
Localised sand layers were found within 3 m to 6 m
below ground surface.
The computed Nk values are in the range of 5 to 9
as shown in Figure 4.
3.4 Summary of test results
Table 1 summarizes the results of vane shear tests
and CPT tests from the three sites.
Table 1. Summary of test results.
Site
A
B
C

Depth
(m)

PI
(%)

Su
(kPa)

Nk

5-18
4-18
1-13

25-50
70-90
40-60

10-70
10-70
7-50

7-12
6-10
5-9

4 COMPARISON OF DERIVED CONE FACTOR
WITH PUBLISHED VALUES
The derived empirical cone factors, Nk, from the
three sites indicate that the Nk for the Klang Clay is
in the range of 5 to 12 or average of about 8. The
plasticity indices of the Klang Clay from these three
sites are in the range of 25 to 90.

Figure 3. Soil properties, test results and Nk values of site B.
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Figure 4. Soil properties, test results and Nk values of site C.

A comparison of Nk value of Klang Clay with
other known Nk values for various types of soft clay
is as shown in Figure 5. By superimposed the Nk of
Klang Clay into Figure 5 abstracted from Lunne and
Kleven (1981), it is clear that the Nk of Klang Clay is
generally at the lower bound of published Nk values.

Figure 5. Comparison of obtained Nk values

5 CONCLUSIONS
An attempt has been performed to correlate the cone
resistance, qc, from cone penetration test to the
undrained shear strength, Su, of Klang Clay obtained
from field vane shear test. These tests have been
carried out in three sites. An empirical cone factor,
Nk, was derived from the correlation and the values
are in the range of 5 to 12 or average of 8. From this
exercise, it is suggested that a Nk of 8 can be used
for the evaluation of undrained shear strength of
Klang Clay from cone penetration test.
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Evaluation of fill compressibility by means of a trial embankment
J. Škopek
Charles University, Dept. of Engineering Geology, Albertov 6, 128 43 Praha 2, Czech Republic

ABSTRACT: A proposed new freeway crosses several former open pit mines, which were backfilled with
mined out clay overburden. Settlement potential analysis and forecast are an integral part of any highway
design, thus a rigorous comprehensive field investigation and testing program to evaluate the overburden fill
compressibility was implemented for the proposed construction. Field testing program included CPT
sounding, auger core drilling, and collection of undisturbed samples for oedometer testing. The results of field
and laboratory tests were not considered to be satisfactorily representative and a trial embankment was
constructed on an instrumented subsoil to investigate the behaviour of overburden backfill. The trial
embankment was 6 m high and 35 m long. Flexible plastic tubes for hydrostatic leveling were placed on the
surface of the trial embankment subgrade. In addition, settlement reference points were installed in two
boreholes to measure vertical movements. Presented herein are the results of the field measurements, along
with the comparison of oedometric moduli determined from displacement of settlement reference points with
oedometric moduli determined from oedometer tests.
1 INTRODUCTION
The proposed alignment of the new freeway in
Northern Bohemia, linking Prague, Czech Republic
and Dresden, Germany crosses an area of North
Bohemian Brown Coal Basin, where numerous
backfilled open pit coal mines are found. This area
presents specific geotechnical design challenges
related to the significant potential for total and
differential settlement. The problem area along the
proposed alignment is about 10 km long and
includes several mines backfilled with clay mine
spoil. The backfill was end-dumped 20 to 30 years
ago and consisted of clay shale overburden lumps up
to 0.5 m in diameter. Due to the overburden pressure
and water penetration the lumps have been gradually
transformed into a more uniform cohesive material.
Following the transformation from the initial lumpy,
particulate structure the fill reached a total porosity
60%, which is suggestive of a very significant
settlement potential.
As a settlement analysis of bridge piers and
embankments are an integral part of any freeway
design, a special attention was given to collection of
adequate and representative overburden fill
compressibility parameters. Results of the usual field
and laboratory tests were not believed to be
satisfactorily representative and a trial embankment

was constructed on an instrumented subsoil to
investigate the mine spoil response upon surcharge.
2 SITE AND LABORATORY INVESTIGATION
The investigation has shown that the stratigraphy
along the proposed alignment in the subject area
consists of about 34 m of non-engineered mine spoil
backfill, which is underlain by tertiary clayey and
coal layers. Relatively undisturbed samples were
collected during the field drilling program.
Oedometer tests were performed on the samples to
determine deformation moduli. In addition, more
than 70 CPT soundings were carried out in the
project area (Škopek, 2000). The results of CPT
soundings and oedometric deformation moduli
determined from undisturbed samples at different
depth are presented in Figure 1.
3 TRIAL EMBANKMENT
The trial embankment was constructed in the area
where the overburden backfill is in contact with a
lagoon ash deposit. The stratigraphy below the trial
embankment consists of 2 m of saturated ash over
about 28 m of overburden fill. The embankment has
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been separated from the underlying ash by a 0.5 m
thick gravel layer.

and compacted according to the applicable grading
requirements for the final embankment. The soil was
spread in 0.3 - 0.4 m layers and compacted to a
minimum of 95% of maximum dry density as
determined by Standard Proctor Test. Unit weight of
naturally moist clay ranged from 1820 to 1950 kg/m3
with an average unit density of 1835 kg/m3.
Construction of the embankment is shown on Figure
3 and completed embankment on Figure 4.

Figure 3. Construction of the trial embankment.
Figure 1. Results of CPT sounding and oedometric moduli.

Figure 2. Shape of the trial embankment.

The shape of the trial embankment is shown in
the Figure 2. The embankment is 6 m high, 35 m
long. The total volume of the embankment is about
5000 m2. The embankment was constructed from
clay with liquid limit and plasticity index of about
80% and 46%, respectively. As the trial embankment
will be in the future incorporated into the final
freeway alignment, the embankment was constructed

Figure 4. Completed trial embankment.

4 INSTRUMENTATION OF TRIAL
EMBANKMENT
The instrumentation of the embankment consisted of
installation of settlement monuments along three
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profiles on the subgrade and embankment surface. In
addition, three flexible plastic tubes, 40 mm in
diameter, were installed prior to the embankment
construction on the subgrade immediately below the
embankment to facilitate hydrostatic leveling.
Hydrostatic measurements were carried out using a
measuring device IISM-D Glötzl.
Depth reference points were installed in two
boreholes instrumented with a plastic pipe, 76 mm in
diameter, with outside-mounted free-moving
magnetic rings for measurement of position changes.
Measurements of vertical movements of magnetic
rings were carried out by a special device
manufactured by Glötzl, which was lowered into the
plastic pipe in the borehole. The reference points
displacement monitoring program began in March
1998 and the last measurement was taken in March
2000.

construction and after two years the settlement was
essentially stabilized. Last measurements indicated a
slight heave of reference points which may be
explained by the groundwater rise in the area. At
present, groundwater has risen to the embankment
base.

5 MEASUREMENT RESULTS
Hydrostatic leveling was carried out in three profiles.
Measurement results for Profile 3 are presented in
Figure 5. Also shown are smooth polynomial
approximations of the last two measurements. The
settlement curves are convex with a maximum close
to the centre of the embankment. Maximum
settlement measured in individual profiles varied
from 0.2 to 0.3 m. Most of the settlement occurred
during and shortly after the construction of the
embankment and within a year the settlements
essentially stabilized. The magnitude of recent
variations of readings corresponds to the accuracy of
the hydrostatic leveling technique (0.005 m).

Figure 5. Hydrostatic leveling, Profile 3.

Settlement of depth reference points measured in
one of the two measuring columns is shown in
Figure 6. The rate of settlement of selected reference
points is shown in Figure 7, where the elapsed days
since the beginning of embankment construction are
plotted in logarithmic scale. The rate of settlement
has a similar character as indicated by hydrostatic
leveling. The greatest settlement was recorded
shortly after the completion of embankment

Figure 6. Settlement of depth reference points (Kurka, 1999).

Figure 7. Rate of settlement of selected reference points
(Kurka, 1999).

Oedometric moduli of the fill between reference
points were calculated based on the settlement of
individual reference points. Oedometric moduli
measured in the laboratory on undisturbed soil
samples and those calculated from the displacement
of depth reference points are shown in Figure l.
Disproportion in settlement of several reference
points relative to the settlement of adjacent points is
attributed to causes which occurred during
embankment construction.
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The difference between oedometric moduli
determined in the field and in the laboratory is
significant. The moduli determined from the
settlement of depth reference points are higher than
moduli determined in laboratory by oedometer test
by up to 50 percent.
Oedometric moduli were also derived from the
results of CPT sounding. Correlation of in situ and
laboratory tests shown, that the empirical formula
Eoed = qc can be used, with  fluctuating between 2
and 4.
6 CONCLUSION
The test has shown that the compressibility of the
overburden backfill increases with depth but less
than what anticipated according to CPT soundings.
Oedometer moduli determined from settlement of
depth reference points were higher than deformation
moduli determined by oedometer test. The difference
was up to about 50 percent.
Determination of oedometric moduli from CPT
cone resistance qc proved to be very unreliable.
Oedometric modulus may be calculated using an
empirical relationship Eoed = qc. Correlation with in
situ test result indicates that the empirical coefficient
 of about 2-4 may be used for the end-dumped
backfill.
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In situ measurement of artificially cemented ground properties
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ABSTRACT: The use of artificially cemented fill, compared to conventional compacted fill materials, is
increasing particularly in the coastal areas. The main reason is due to lack of quality soils for construction
purposes near the shorelines, and also the desire to accelerate the construction process due to economic
reasons. Therefore, there is a need to assess quality of the engineered fill materials. This paper presents an in
situ device for field testing of artificially cemented ground. The device and its components are discussed along
with the case history of a project. Discussion is extended to employ regionalized variable theory, an
interpolation technique controlled by the variogram, for graphical representation of the spatial autocorrelation
between pairs of observation points for cement treated ground.Semivariogram analysis provides the tools for
describing the stochastic structure of a linearized random variable. Kriging estimation, which uses the results
of the semivariogram analysis as input, provides the means for making the best linear unbiased estimation can
then be used to describe the stochastic structure of artificially cemented ground.

1 INTRODUCTION
A number of methods are available for in situ
measurement of ground properties based on probing
technologies and geophysical techniques. Standard
penetration test is one method that has been
commonly used for subsurface investigation.
However, in recent years cone penetration test (CPT)
has gained popularity as an in situ test for site
characterization and geotechnical design.
The conventional cone penetration test consists of
pushing a probe into the ground using the reaction of
a heavy mass (truck or dead load) and the cone
resistance is measured that represents the end
bearing stress at the cone tip. The most commonly
used cone has a 600 apex and a cross sectional area
of 10 cm2. The advantages of CPT are simplicity,
repeatability, and accuracy (Robertson and
Campanella, 1985), as well as elimination of core
sampling. In addition, CPT provides a continuous
record of penetration resistance with depth that
allows a better description of soil variability; and
identification of the thin lenses, voids, and weak
zones.
One drawback in using the conventional CPT is
the difficulty in penetrating into the hard ground, and
this difficulty is mainly induced by friction
mobilized along the penetration rod. In other words
cementation provides bonds among the particles of a

cement treated soil which make it difficult to use the
conventional cone penetrometers.
This study presents the application of a
specially designed cone penetrometer, namely
FRICON (FRIctionless CONe), which is aimed to
assess the in situ properties of lightly cemented
ground, coupled with the case study of a cement
treated project. In addition, the measured in situ
strength properties of cemented ground were
compared with conventional laboratory tests using
Mikasa’s apparatus and unconfined compression
tests on core samples. An advanced technique using
regionalized variable theory is employed for
variogram analysis.
2 RATIONAL FOR IN SITU MEASUREMENT
Core sampling of cement-treated soil pose
difficulties due to the problems associated with the
locking of the sampler, transportation and trimming
of the samples which is subject to cracking, and so
on. Therefore, there is a need to use in situ tests to
evaluate the strength characteristics of cemented
ground.
Cone penetration test measures ground resistance
at the tip, side friction, and in piezocone tests, pore
pressure. Previous pilot studies on the possible
effects of very weak cementation on cone
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penetration test results, reported by Puppala et al.
(1995), indicate that cementation increases the tip
and friction resistances (Rad and Tumay 1986; Akili
and Al-Joulani 1988). These studies clearly display
that low levels of cementation will have a substantial
effect on penetration resistance. In addition, in situ
testing of cemented soil, mainly naturally occurring,
have been reported by several investigators (see, for
example, Frydman et al. 1980; Bachus et al. 1981;
and Beckwith and Hansen 1982).
3 DESCRIPTION OF THE IN SITU DEVICE
Figure 1 shows schematic diagram of the FRICON
and its components. The most practical way to
achieve the frictionless condition along the
penetration rods could adopt the circulate mud water
system being the same as that used in the drilling.
From this point of view, a specially designed
coupling was manufactured.
Mud water is applied through pump with the
same capacity to drilling and the water is released
from four holes of 8mm in diameter installed at the
bottom end of the penetration rod, i.e., boundary
between the rod and the CPT device.
Since penetration force acts on the penetration rod
through the forcing part of CPT device, any excess
load does not act on the special coupling during
penetration. Preliminary tests suggested that this is
an important requirement to achieve the perfect
water tight condition easily between the special
coupling and the measurement cable during
penetration. Mud-water released through the holes
installed in inclined shape at the end of the drilling
rod reduces the skin friction above this point.
Specially
designed
coupling
Boring rod

Data
acquisition
system

Cable

The device is consisted of a cone penetrometer, a
housing unit connector, a penetrometer connector,
and a push rod connector. In addition, the system
includes specially designed coupling joint, a pump
that injects water through a pipe and recycles at the
exit point, a data logger and a laptop computer to
keep record of continuous data during the test. The
boring machine used to drive the main shaft is fitted
to a strong steel frame to allow pushing the probe at
a constant rate. The cone probe has an outside
diameter of 36 mm and then increases to 40.5 mm
with a smooth transition angle of 5o to allow housing
of the cables.
The housing units and connectors are constructed
from high strength hardened steel to prevent damage
during driving. The rate of pumping water in the
system is adjusted based on the strength properties of
the treated ground to maintain the rate of penetration
at 20 mm/sec.
From the logistic viewpoint all the connections
have identical common thread diameter and pitch
that make the system modular, and thus easy to
disassemble and relocate. Although the measurement
of side friction is forfeit by smooth driving into the
hardened ground, it is possible to measure the pore
pressure using the transducer installed at the tip of
the cone.
Typical depth intervals for readings of cone
resistance for natural soil are about 50 mm.
However, for cement treated soil, which is an
artificial manufactured soil smaller interval of 10
mm would be preferable. Readings of parameters at
any frequency interval is averaged before they are
stored in the data memory.
Calibration of cone resistance is performed by
step-wise axial loading of the tip. The calibration is
made for different measuring ranges with special
consideration to ranges applicable to the field
condition. During the calibration, the same
electronic devices and data acquisition systems used
in the field tests are employed to check for accuracy.

Boring machine

4 CASE STUDY OF A PROJECT

Circulated
mud-water

4.1 Project description

P
Pump
Outflow
Cone probe

50cm

Figure 1. Schematic diagram of FRICON

This study was conducted during the reconstruction
project of a sea wall in Port Island that had damaged
due to Hyogoken-Nanbu earthquake. The cement
treated ground was comprised of dredged material
obtained from the seabed close to the project site,
mixed with air foam to control the density, and
ordinary portland cement to fill the voids and cement
the particles together. The strength and density of the
fill were calibrated by increasing or reducing volume
of the additive and the cement content, respectively,
based upon the requirements of a project. Liquid
limit and plastic limits of the dredging were 122 and
97, respectively. The grain size distribution of the
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cone are 23, 22 and 18, respectively. This means that
qt=23DST-CD, =22DST-CU, and qt=18(qu/2). Where qt
is the cone resistance from CPT test, DST is the shear
strength from direct shear test, and qu is the
unconfined compressive strength, respectively.
Cone resistance, qt (kgf/cm2)
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dredging comprised of 3% gravel, 14% sand, 54%
silt and 28% clay, with 3% organic content. After
initial mixing to provide uniformity, the dredged
material is directed toward a chamber for adjustment
of water content. The slurry is then routed to a
mixing/calibrating unit where a measured amount of
foam and cement are added and mixed thoroughly.
After each stage taking samples to ensure conformity
with the designated density controls density and flow
rate of the slurry. If necessary, proportions are
adjusted to reach the target values. The treated soil is
then pumped through a hose to the placement area.
Two types of mixtures were prepared for placement
in the above water level (mixture A) and below
water level (mixture B). The target density for
mixtures A and B were 1.0 and 1.2 t/m3 for above
water and under water, respectively. To prepare one
cubic meter fill and achieve the target densities, 849
kg dredging was mixed with 279 liter foam and 140
kg cement for mixture A; and 952 kg dredging was
mixed with 196 liter foam and 140 kg cement for
mixture B, respectively.
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In addition to in situ measurement using CPT,
laboratory strength tests were performed using direct
shear test (DST) and unconfined compression test
(UCT). Double tube sampler with sleeve (commonly
used for hard materials such as deep cement mixing
and soft rocks) was used for sampling.
Mikasa’s modified direct shear apparatus that is
very common in Japan is used in this study. This
apparatus is designed to minimize the friction
between the upper and lower shear boxes and the
loading plate. The cylindrical specimens are 60 mm
in diameter and 20 mm in height, maintaining a
height to diameter ratio of 0.33. The upper shear box
is fixed to a loading plate that is horizontally guided
by a set of rigid rollers. The lower shear box
surrounds a loading plate of slightly smaller
diameter, fixed to a vertically guided rigid loading
rod, through which the vertical normal load is
applied. Further details are provided by Takada
(1993). In addition to direct shear test, a series of
conventional unconfined compression tests was also
conducted on undisturbed samples.
Figures 2 compares the results of cone penetration
tests with those from the unconfined compression
tests and direct shear tests, respectively. The
presence of low strength zones within the treated
ground, as clearly identified by CPT, is attributed to
many factors including, variability of the dredged
materials, mixing and placement technique,
construction sequence, and so on. The results of
direct shear tests, as shown in the figures, are more
consistent with those from CPT, and the data is less
scattered compared to the unconfined compression
tests. The correlations between DST and qu/2 with
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Figure 2. Comparison of in situ and laboratory strength tests at
four locations.

5 ANALYSIS OF FIELD DATA
It is necessary to analyze the results of CPT to
incorporate
the
autocorrelation
concept.
Measurements taken at irregularly spaced locations
require estimation to facilitate spatial description.
Regionalized variable theory provides a stochastic
interpolation technique that is based upon
establishing the autocorrelation between observation
points avoiding dependence upon the mean. In this
technique the measured "experimental" value of a
single variable is described in terms of the distance
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of separation "lag" between the observation points.
This is given by the "experimental variogram",
which is the average square of the difference in value
between pairs of observations of the parameter a
given distance apart, and so is a measure of
dissimilarity. Further discussions have been
presented by Matheron 1971; Journel and
Huijbregts, 1981; McBratney et al., 1982; among
others.

express the spatial distribution of the predicted
values. It uses a linear combination of surrounding
sampled values to make such predictions. Once the
variogram has been determined, the set of weights
that minimize the error variance are calculated by
solving the set of equations derived using the
method of Lagrange multipliers for the constrained
optimization problem. Solving a set of equations
gives the weights and the estimated error variance.
Once the weights are determined, the estimated
value at the point can be calculated. The theoretical
foundation of kriging process is available in various
publications (Yates et al., 1986; Venkatram, 1988;
Webster and Oliver, 1989 and Laslett, 1994).
6 CONCLUSIONS

Fig. 3. A typical result of variogram analysis.

Regionalized variable theory provides a stochastic
interpolation technique that is based upon
establishing the autocorrelation between observation
points avoiding dependence upon the mean. In this
technique the measured "experimental" value of a
single variable is described in terms of the distance
of separation "lag" between the observation points.
This is given by the "experimental variogram",
which is the average square of the difference in value
between pairs of observations of the parameter a
given distance apart, and so is a measure of
dissimilarity. Further discussions have been
presented by Matheron 1971; Journel and
Huijbregts, 1981; McBratney et al., 1982; among
others.
A theoretical model chosen by curve fitting such
as spherical, exponential, Gaussian models and so
alike can represent the experimental variogram. The
behavior near the origin is the most critical for
estimation, together with a measure of the overall
variance and the distance "range" over which the
local variance continues to exhibit an increase in
magnitude. Figure 3 shows a typical result obtained
from variogram analysis with a spherical model.
The interpolation technique known as kriging can
then be applied. Kriging is essentially a weighted
moving average technique for estimation whereby
the selection of weights is made such that the
estimation variance is minimized. This gives the
most likely value that the parameter will have at a
given location together with the range within which
it is likely to lie.
In practice, the effectiveness of kriging depends
upon the appropriate selection of the model
variogram parameters and how representative the
observation points are of the phenomenon. In
summary, Kriging technique employs variogram to

There are a number of advantages in using the cone
penetration test for in situ measurement of ground
properties, as described in the introduction,
including quick working rate and obtaining more
parameters during driving. One drawback is the
difficulty in penetrating into the hard ground, and
this difficulty is mainly induced by friction
mobilized along the penetration rod. In other words
cementation provides bonds among the particles of a
cement treated soil which make it difficult to use the
conventional cone penetrometers. To overcome this
difficulty a specially designed cone, namely
FRICON reduces the side friction by injecting water
through nozzles installed to ease penetration to the
desired depth. The case history of a cement treated
project is presented to shed light on the applicability
of the device for in situ testing. It was found that the
results of direct shear tests are more consistent with
the cone resistant and less scattered compared to
unconfined compression tests.
Regionalized variable theory provides an
interpolation technique controlled by the variogram,
a graphical representation of the spatial
autocorrelation between pairs of observation points.
In practice, the effectiveness of kriging depends
upon an appropriate selection of the model
variogram parameters, and how representative are
the available observations. The combination of
semivariogram analysis and kriging estimation can
then be used to describe the stochastic structure of
slurry fill. A measure of the reliability of the
interpolation, from the kriging error variance of
estimation, makes the use of theory as an aid to
mapping of considerable interest. Identification of
weak zones in the treated ground is an important
consideration for future loading at the top of the
stabilized zone.
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In situ measurement of the properties of cemented sand deposits in
Kuwait
Nabil F. Ismael
Professor, Civil Engineering Department, Kuwait University, Safat, Kuwait

ABSTRACT: Competent deposits of cemented sands cover large areas of Kuwait and the Arabian Peninsula.
The properties of these deposits were examined at a foundation testing site in South Surra, Kuwait by in situ
tests. These tests included Standard Penetration tests (SPT), plate load tests, and pressuremeter tests. The
plate sizes employed were 0.30 m, 0.45 m, and 0.61 m in diameter. The results of this and another major
testing program had revealed the unique and interesting features of these inhomogeneous deposits and their
spatial variability.
The determination of appropriate soil modulus value (E) was of major importance for settlement
prediction during the different stages of loading. The strength parameters and ultimate bearing capacity were
assessed employing the in situ tests and the associated laboratory tests. The influence of the environmental
factors on the formation and behavior of these deposits it discussed.
1 INTRODUCTION
Cemented sand deposits exist in Kuwait and in many
places in the world where arid or semi-arid
conditions prevail (Ismael, 1999). The excess of
evaporation over rainfall, even in the winter months,
leads to upward movement of the groundwater of
high salinity, precipitation of carbonates, sulfates
and other salts in the soil matrix and the formation of
crusts or layers of cemented sands. The degree of
cementation varies with depth from very weak or
uncemented to strongly cemented material at the
same location. The variability of these deposits and
its response to foundation loads have not been
investigated or adequately examined.
With economic development, several heavy
structures were constructed on cemented sand in
Kuwait. This offered an excellent opportunity to
examine the properties of these deposits by in situ
tests. The tests included penetration tests,
pressuremeter tests, and plate load tests. Laboratory
tests were also carried out for the determination of
the basic properties, strength, and compressibility.
By detailed site investigation and foundation
monitoring, the unique and interesting characteristics
of these deposits were explored.
This paper presents test results at two sites in
Kuwait. The first site is a research testing site
located in south Surra Kuwait. The second site is
located in downtown Kuwait where a heavy structure

is constructed (Al-Sanad et al., 1993; Ismael & AlSanad, 2000). Emphasis is placed herein on the
modulus value which is necessary for settlement
prediction. The data from the plate load tests is
employed for prediction of the variation of
settlement with foundation size, and for
determination of the ultimate bearing capacity.
2 SITE 1 – SOUTH SURRA
One auger boring was drilled at the test site to a
depth of 6.5 m. Sampling and Standard Penetration
Tests were carried out at 1 m intervals. Dynamic
Cone Penetration tests were performed in the
vicinity of the borehole to give a continuous record
of the soil resistance with depth. Pressuremeter tests
using the Texam model were carried out at depths of
0.5 m, 2 m, 3 m, 4 m, and 6 m. Figure 1 is a
summary of the soil conditions. Indicated from left
to right is the soil description, moisture contents,
SPT-N values, dynamic cone penetration test results,
pressuremeter modulus E, and the ratio E/N. The
soil profile consists of a medium dense weakly
cemented silty sand layer to a depth of 4.5 m. This
is underlain by very dense silty sand with cemented
lumps to the bottom of the borehole. The relative
density of the surface samples was determined as
73%.
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Figure 1. Soil conditions at test site 1 – South Surra.

2.1 Pressuremeter tests
Pressuremeter tests were carried 2 m away from the
borehole in an augured hole in accordance with
ASTM D4719-87 (ASTM 1987). Prior to the tests
the pressuremeter was calibrated for volume and
pressure losses. The soil modulus E was determined
from
E  2 (1   ) (Vo Vm )

P
V

(1)

where E = pressuremeter modulus, kPa;  = Poisson
ratio, the value of  recommended for use in the
calculations is 0.33; Vo = Volume of the measuring
portion of the uninflated probe at 0 volume reading
at ground surface, cm3; Vm = corrected volume
reading in the center portion of the V volume
increase; P = corrected pressure increase in the
center part of the straight line portion of the
pressure-volume curve; V = corrected volume
increase in the center part of the straight line portion
of the pressure-volume curve, corresponding to P.
The variation of the modulus with depth is plotted
in Figure 1. The ratio between these values and the
SPT-N values is also plotted. The average ratio is
given by E/N = 935 or
E = 935 N

Sanad, 1993). The plate diameters employed were
0.3 m, 0.45 m, and 0.61 m and tests were performed
on natural and soaked ground. The purpose being to
find out if soaking leads to the softening or to the
loss of weak cementation bonds.

(2)

From Fig. 1 it is evident that some scatter occurs
in the magnitude of this ratio particularly at points
where loose and very dense soil conditions occur.
The limit pressure Pℓ defined as the pressure where
the probe volume reaches twice the original soil
cavity volume was not reached in all tests even after
the probe expanded to the maximum volume.
2.2 Plate load tests
Plate load tests were carried out at this site at a
depth of 0.2 m to examine the bearing capacity and
settlement of weakly cemented sands (Ismael & Al-

Figure 2. Comparison between the pressure settlement curves
for the 0.3 m and 0.6 m plates.

Test results were plotted in the form of pressure
vs. settlement curves. Figure 2 shows test results on
natural and soaked ground for the 0.3 m and 0.6 m
plates. Several interesting observations can be made
on this data. First, failure is progressive in nature
with the failure pressure not well defined and
punching shear failure observed below the plates.
The failure pressure is determined by the slope
tangent method at the intersection of the tangents to
the initial and final portions of the pressure
settlement curves as shown by vertical arrows in
Fig. 2. Soaking led to significant reduction in
bearing capacity and to increased compressibility.
The bearing capacity under soaked ground is 55%,
on average, of the corresponding value under natural
moisture conditions.
The above results can be explained by examining
direct shear test data on natural and soaked
specimens taken from a depth of 0.5 m (Ismael &
Al-Sanad, 1993). The strength parameters c,  of the
natural samples were 15 kPa, 35 respectively
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compared to 0 kPa, 35 for the soaked samples.
Thus soaking leads to the loss of the cohesion
component of strength of very weakly cemented
sands. As a result, the bearing capacity is
significantly reduced. Soaking, however, has little
or no effect on moderately to strongly cemented
sands where the cementation bonds are strong as will
be shown at site 2.
The elastic modulus was calculated from the
theory of elasticity as
E

qB
S

(1 -  2 ) I s

(3)

where q = intensity of contact pressure, S =
settlement, and Is is the influence factor which
depends on the shape of the plate and its rigidity.
For a rigid circular plate Is = /4 = 0.785.
Poisson’s ratio was calculated from a combination of
the equations:


Ko
1 Ko

and K o  1 - sin  (Jaky, 1948)

(4)

where Ko is the coefficient of earth pressure at rest.
For  = 35, the values of Ko and  determined
from Eq. (4) are 0.426 and 0.3, respectively.
Substituting the above values into Eq. 3 yields
E

qB
S

0.7147 

average value of the settlement ratios is much
smaller than what might be predicted using the well
known Terzaghi and Peck relationship which has the
form
 2B 
S B  S1 

 B  0.3 

2

(6)

where SB is the settlement of a footing of width B m
and S1 is the settlement of a 0.3 m square steel plate,
both having the same pressure. According to this
equation S0.46/S0.3 = 1.46 and S0.61/S0.3 = 1.78
compared to the measured values of 1.02 and 1.18
for natural conditions and 1.16 and 1.46 for soaked
ground conditions (Table 2).
Table 2. Settlement ratios for different width ratios
Pressure, q
kPa
300
400
500
600
Avg.

Natural Ground
S0.46/S0.3 S0.61/S0.3
1.0
1.143
1.06
1.22
1
1.166
1.02
1.181
1.02
1.18

Soaked Ground
S0.46/S0.3
S0.61/S0.3
1.08
1.33
1.25
1.60
1.16
1.46

- : Not considered. It lies outside the linear elastic line.

3 SITE 2 – ANTENNA TOWER SITE
(5)

From the slope of the initial linear segment of the
pressure settlement curves, q/s is determined.
Employing Eq. 5, the modulus E is calculated for
each plate size. A summary of the modulus values is
given in Table 1. The modulus values ranged from
17.4 to 37.1 MPa for the soaked ground and 36.3 to
62.3 MPa for the natural ground with the largest
values for the 0.61 m plate.
Table 1. Soil modulus values for different ground conditions.
Soil Modulus, E, kPa
Natural Ground
Soaked
First Loading Reloading
ER/EN
Es
Es/EN
EN
ER
0.3
36300
108940
3
17430 0.48
0.46
54460
26140 0.48
0.61
62280
169840
2.73
37100 0.59
- : Not measured
Plate
Size
m

By superimposing the lowest measured E values
from the plate load tests on Fig. 1 it is evident that
the pressuremeter modulus values are substantially
lower than the plate load test values.
From Figure 2, a clear trend may be observed for
the increase of settlement with plate size. The
settlement increases with size for all pressure
increments. The settlement ratios for the different
width ratios are given in Table 2 at several applied
pressures within the initial elastic range. The

The recently completed 370 m high antenna tower in
Kuwait is founded on a ring-shaped raft, 55.5 m in
diameter and embedded 18 m below the ground
surface. It is located in downtown Kuwait city,
about 20 km away from the above site. Soil
exploration at this site was carried out to a depth of
70 m (Brenner et al., 1990). The soil profile consists
of dense to very dense, calcareous, fine to medium
sand with little coarse sand and gravel. A special
feature in the soil profile is the presence of several
layers or horizons of cemented sand underlain by
uncemented cohesionless sand. Moreover there are
other layers of partially or weakly cemented sands
where the cementation bonds are not well developed.
Figure 3 shows a summary of the soil conditions at
the test site (Al-Sanad et al., 1993). Indicated from
left to right are the soil description, location of the
cemented layers, bulk unit weight, moisture content,
SPT blow count corrected for overburden pressure as
per Peck et al. (1974) and the soil composition. The
degree of cementation is based purely on
observations during the drilling and sampling. Weak
and very weak cementations are easily crushed under
a small pressure, whereas strong cementation are not
easily crushed or disintegrated.
Mineralogical analysis of 36 samples from
borehole 1 revealed that the major mineral phase is
quartz, which is always larger than 60%. The
remaining components include calcite, dolomite, and
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Figure 3. Soil conditions for site 2 - the Antenna Tower (Al-Sanad et al., 1993).

gypsum. Clay minerals were found in very small
quantities which ranged from 5-10%. Analysis of
the
gradation
characteristics
and
mineral
composition of the sample revealed that both
cemented and uncemented sand layers are of fluvial
origin (Ismael & Al-Sanad, 2000).
Deformation moduli, EM, obtained from
pressuremeter tests are reproduced in Fig. 4 (Brenner
et al., 1990). It is evident that the pressuremeter
moduli increase gradually with depth followed by a
sharp increase below a depth of 25 m. It falls within
the range of 30-50 MPa at the foundation level
located 18 m below ground level. The range of
moduli derived from plate load tests at the
foundation level is also indicated in Fig. 4. The
reloading modulus was found to be about 2-2.5 times
larger and 4 times larger than the virgin modulus as
determined from the plate load tests and the
pressuremeter tests respectively. The difference in
the modulus values obtained from pressuremeter and
plate load tests are due to the difference in the
method of load application and the inhomogeneity of
these deposits.
The foregoing results indicate that cemented sand
deposits are nonhomogeneous with cemented and
uncemented or partially cemented layers or bands in
succession. Within each cemented stratum, the
degree of cementation is not constant or uniform.
Nevertheless, the soil stiffness increases rapidly with
depth as demonstrated by the pressuremeter test data,
Fig. 4. Below a depth of 43 m no modulus
values were measured.

Instrumentation monitoring at the Antenna tower
site (Ismael & Al-Sanad, 2000), revealed that the
modulus increase below a depth of 43 m, which was
back calculated from extensometer data, was
significantly larger than what was assumed based on
the measurements shown in Fig. 4.

Figure 4. Pressuremeter moduli with depth and range of
moduli obtained from plate load tests at the antenna tower
(After Brenner et al., 1990).

Consolidation tests on selected samples from the
boreholes revealed very low compressibility, with
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the compression index below 0.1 and the term Cc/(1
+ eo) limited to a maximum of 0.05 for all samples.
The increased strength and stiffness with depth are
similar to those measured for deep soft rock ground
in the suburbs of Tokyo (Kawasaki et al., 1993). It
has been similarly recorded for raft foundations on
the bouldery clay of Singapore (Wong et al., 1996).
3.1 Plate load tests
Typical load settlement curves at the tower site are
depicted in Fig. 5 (Ismael, 1993). These tests were
carried out at the foundation level, which was 18 m
below ground level. During the test using the 610
mm plate, the test area was wetted and allowed to
soak at an applied pressure of 1000 kPa. The
additional settlement due to soaking was
insignificant. The vertical arrows in Fig. 5 indicate
the ultimate bearing capacity as determined by the
slope tangent method. The observed failure mode in
all these tests is punching shear failure below the
plates with no heave or ground surface movement
adjacent to the plates. The soil modulus values
ranged from 40-60 MPa near the ground surface,
increasing sharply with depth.

Figure 5. Pressure settlement curves for circular plates on
cemented sands at the tower site, depth = 18 m (Ismael, 1993).

From the plate load test results at the above sites
and another site, the variation of the settlement ratio
with the width ratio was plotted in Fig. 6 and
compared with the results and predictions for
granular soils (Ismael, 1996). The smaller
settlements shown for the test plates on cemented
sand deposits compared with very dense uncemented
sand are due to the large stiffness (soil modulus) of
cemented sands, and to the steady and continuous
increase of the soil modulus with depth. Additional
field tests are required, however, to examine in detail
the variation of the settlement ratio with the width
ratio, which is the ratio of the width or diameter of
the test plate to that of a 0.3 m diameter reference
plate. This can be done by testing larger size plates,
since the width ratio in the tests conducted so far
was limited to a maximum value of 4.

Figure 6. Settlement ratio versus width ratio for two sites
(Ismael, 1996).

4 DISCUSSION
From the preceding results it is noted that cemented
sands are competent deposits with settlement being
the governing factor for foundation design.
Settlement at working loads is smaller compared
with uncemented sands with similar relative density.
The selection of appropriate soil modulus value for
the different sublayers is critical for proper
settlement analysis. As shown the values determined
by the pressuremeter are lower than the plate load
test values and should form a conservative lower
limit. Plate load tests with large plate sizes should
be carried out to supplement the pressuremeter test
data.
If the ground is weakly or very weakly cemented
soaking will cause softening or loss of the weak or
apparent cementation bonds resulting in larger
settlement and more compressibility of the soil
matrix.
However, for moderately to strongly
cemented sands with well developed cementation
bonds, soaking will have a small or negligible effect
on settlement and bearing capacity.
5 CONCLUSIONS
Based on the in situ measurements of the
properties of cemented sand deposits at two sites in
Kuwait the following conclusions are made:
1. Cemented sands are competent nonhomo-geneous
deposits characterized by the presence of
cemented and uncemented layers in succession
and the presence of cemented layers with different
cementation levels.
2. The pressuremeter modulus usually ranges
between 20 and 50 MPa and increases with depth.
It is lower than the values obtained from plate
load tests.
3. Larger bearing capacity and smaller settlement are
obtained in cemented sands compared with
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uncemented sands of similar relative density.
This is due to the induced cohesion and stiffness
due to cementation.
4. The failure mode in cemented sand is punching
shear. Failure is progressive in nature with the
failure load not well defined.
5. Soaking or ground wetting has a pronounced
effect on weakly and very weakly cemented sands
of medium density. It softens or dissolves
cementation bonds leading to larger settlement
and lower bearing capacity compared with natural
ground. However, for dense to very dense,
moderately to strongly cemented sands soaking
has little or no effect on the strength and
compressibility.
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In situ tests as the method of strength parameters determination for
mining waste
Jacek Kawalec
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ABSTRACT: Anthropogenic soils are one of the main construction materials of civil engineering in the area
of Silesia. Coal mining has caused that there are already ca 80 million tons of mining waste deposited in spoilheaps. Traditional laboratory methods of strength parameters determination for these materials are frequently
burdened with a scale error. Determination of strength parameters as a result of model tests in a natural scale
seems to be the best approximation.
The paper presents the method of strength parameters determination for mining waste based on destructive
tests of a test field specially formed for that purpose. A road embankment 100 m long, 20 m wide and 5 m
high was prepared for destructive tests of slope stability loss, using more than 18,000 tons of material.
Experimental loading of slopes of the destroyed embankment and the back analysis of destruction surface
shape enable estimation of strength parameters that are definitely closest to reality.
1 INTRODUCTION
Application of mining waste in civil engineering is
connected with liquidation of existing hazards that
occur in the spoil-heap material as well as reduces
the fact of covering increasingly large areas by new
mining waste dumps. However, making the decision
on their practical application required a detailed
recognition of material properties, i.e. its chemical,
physical and mechanical properties. The engineering
approach focuses on basic physical and strength
parameters. If the notions of unit weight, water
content, granulation, etc. are connected with real
measurements, then strength parameters in the
geotechnics require a more detailed explanation. The
strength is a notion connected with a simple state of
stress (unidirectional stretching, unidirectional
compressing, clear shear). In respect to soils the
strength is rather a slogan than a precise term. In
fact, speaking about strength people usually think
about complex boundary states of stress that occur in
the subsoil or in an earthen structure and that result
in a plastic failure (unlimited shape deformations).
Identification of these states requires an introduction
of certain terms from the field of mechanics of
continuum, such as: a criterion of failure, condition
of a boundary state, surface of a boundary state. The
first two notions are synonyms that define a
mathematical relation between components of the
stress, at which a failure is to occur, the third term

refers to a geometrical representation of the above
relation in the stress space.
In the soil mechanics such a relation is a simple
law, formulated more than two hundred years ago by
Coulomb and generalised over ninety years ago by
Mohr. It describes in a realistic way a boundary
condition in a practically significant range of
stresses. Parameters of the Coulomb-Mohr law: the
angle of internal friction  and the cohesion c are
usually considered as so-called strength parameters
of soil. They occur in a definite majority of
analytical formulae or numerical algorithms defining
the stability of slopes, the bearing capacity of subsoil
or the soil pressure on the retaining structure used in
the current practice.
Therefore their exact estimation is crucially
important for a correct forecast of the slope stability
factor, the boundary load of the subsoil, etc. Even
today the angle of internal friction and the cohesion
are as a rule determined in a laboratory: in triaxial
compression and direct shear apparatuses. Recently
the results of static CPTU sounding became
competitive.
At present the examinations in a triaxial apparatus
provide the greatest opportunities, where
approximately homogeneous states of stress and
strain may be achieved thanks to various procedures,
where a half of their invariants and the water
pressure in pores may be controlled.
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Much
worse
conditions
of
calibrating
examinations (estimation of parameters) occur in a
direct shear apparatus. Primarily there is no
homogeneity of the stress state there. Drainage
conditions are also not controlled and there is a
forced shear plane.
CPTU tests allow to measure water pressure in
pores, but to estimate strength parameters empirical
correlation formulae based on the data from triaxial
examinations shall be used.
Attention shall be drawn to visible differences in
estimations of  and c using various methods. This
proves a sensitivity of strength parameters to
examination conditions, i.e. in other words – to the
load path. That means that in fact  and c are not
material constants, providing an undeniable proof of
the Coulomb-Mohr law imprecision. In the case of
strongly overconsolidated soils, weakened at higher
deformations, additionally there is a dilemma,
whether in stability analyses  and c values
connected with a peak or a residual strength shall
occur or perhaps intermediate values.
Two ways lead to more precise forecasts of a
slope stability factor or of a boundary load of the
subsoil:
1 Application of a more sophisticated model of soil
behaviour under load, e.g. representing the family
of models of critical state mechanics.
2 Calibration of the Coulomb-Mohr model in
conditions possibly close to the geotechnical
situation existing in the design calculations or in
experts’ analyses.
The second approach is an example of using the
ESE (experimental soil engineering) strategy, based
on preserving possibly simple model of soil and on
optimisation of the process of its calibration
(parameters estimation). This strategy seems to
dominate in the modern applied soil mechanics. It
requires large scale in situ tests, preferably trial loads
imitating a real course of load and the solution of
inverted boundary condition. Boundary conditions
are given in this task, including also determined
experimentally magnitudes sought in design analyses
(operating and boundary loads, corresponding
displacements), while parameter values are
unknown.
In situ conditions and a large scale become
particularly important in the case of the subject of
this paper – the mining waste. This results from
technical difficulties of laboratory examinations of a
material
characterised
with
an
extreme
inhomogeneity and sharp edges of fragments. The
latter eliminate triaxial examinations of samples in
elastic envelopes. What remains are tests in largesize direct shear apparatuses of a special design
(multi-plane shear), mitigating inhomogeneities of
stress and the forcing of the shear plane. At present
strength parameters of mining waste are examined
most often in this way. A drawback of these

examinations consists in conditions created in a box
apparatus, far different from those in a sliding slope.
During in situ tests the static soundings eliminate
difficulties in passing through fragments of spoil.
What remains is the technology of trial loading a
slope with slabs that relatively well imitate useful
loads.
2 THE IDEA OF THE RESEARCH METHOD
A huge number of trial loads have been carried out
in the world. However, these have been primarily
examinations of bearing capacities of piles and
loading a subsoil surface with small shores,
generally to estimate the rigidity moduli. They
include the loading with a VSS plate, 30 cm in
diameter, common in road building as well as with
slightly larger plates (ca 1.0 m2 of projection surface)
used in foundation work. At present these are already
routine technical examinations, with one or two
“load-settlement” cycles, generally non-destructive.
Using the technology of trial loading a number of
small scale model examinations was carried out in
laboratories, carrying out a cognitive objective.
Execution of in situ tests by the method of trial
loading is connected with overcoming numerous
technical problems and with a substantial
involvement of equipment, people and funds.
Therefore it is important to verify earlier the
examination carried out in a laboratory scale, that
allows at least partly to find the best research
methodology (the method of load application,
material behaviour during preparation and the test
itself, checking the method of analysis, etc.). All the
aforementioned drawbacks of in situ tests are
compensated with the consciousness of material
operation in conditions close to the real ones. It shall
be emphasised that the methodology of preparatory
work (embankment formation), adopted according to
the engineering of real constructions, guarantees
good modelling of load paths what is very important
when the disintegrated material is very sensitive to
that property. The size of the test area compared with
a laboratory test is another undoubted advantage of
field tests, that allows to draw and formulate
conclusions at a smaller number of tests or even at a
single test.
With reference to trial loading of slopes the in
situ tests enable the best simulation of the process of
slide formation, incomparable to any laboratory tests
or numerical analyses. Technical problems are
connected in this case with difficulties in achieving
the state of boundary equilibrium, corresponding
with the most realistic estimations of strength
parameters: the angle of internal friction  and the
cohesion c.
In the case of transport embankments an
immobile static load, instead of a mobile dynamic
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load, creates a restriction. From a technical point of
view a simulation of a mobile dynamic load is also
possible, however, it is connected with a significant
increase of costs of examinations, anyway already
high. For the same reasons in the case of application
for transport requirements a load of a slope is a striptype load (planar strain) instead with loading with a
set of wheels. Both these deviations from real
conditions of the material operation are imposed by
interpretation capabilities.
Tests carried out on an experimental embankment
shall allow to measure the “load-settlement”
relationship for the slope which is necessary for
analyses by means of an elastic – ideally plastic
model of soil and to measure the slope shape before
and after failure (precise surveying), taking into
account a destructive load, that is necessary to
analyse by means of a rigid – ideally plastic model.
Loading of the top surface of slope with a pile of
pavement slabs with a measurement of settlement
after each incremental step is considered to be the
optimum solution. To be capable of considering the
problem as a linear (planar strain) a load was
assumed to be applied on a length of three pavement
slabs, i.e. 9.0 m.
3 CONSTRUCTION OF THE TEST SITE
To build an experimental site an unburnt mining
waste was used, separated in the process of coal
preparation in the “Sosnica” coal mine. More
precisely, this is a sandy shale with trace inclusions
of a sandstone, that features granulation
corresponding to gravel. This waste was examined in
a detailed way from the geotechnical point of view.
Dimensions of the base projection of the
experimental site prepared were ca 100 x 20 m. It
was formed in layers 0.4 – 0.6 m thick compacted by
a vibration roller.
Experiments show that in the case of unburnt
mining waste the best results are obtained when
compacting 0.4 – 0.6 m thick layers. Attempts to
keep such a thickness were made during the
embankment formation.
The final height of the site was in the range 4.5 –
5.0 m. This height was achieved by consecutive
forming and compacting of overlapping 9 layers.
The compaction of each formed layer was carefully
checked. The waste was delivered to the region of
the site by rail and then to the place of building-in by
a wheeled loader. Individual layers were formed by
means of a heavy caterpillar bulldozer. Overall,
18,000 tons of unburnt mining waste was used to
form the site.
A proper and effective compaction is the basic
condition to achieve a high bearing capacity and a
stability of road-engineering embankments, formed
from unburnt mining waste. The compacting

equipment, used to compact individual embankment
layers, is tested on a specially prepared trial
experimental sites or during formation of the first
embankment layer.
Effects of work of a “Stavostroj” VV 111
vibration roller with a plain roll, that was planned to
be used in the further stage of examinations for
compaction of the designed experimental site,
formed from unburnt mining waste originating from
the “Sosnica” coal mine, were controlled during
formation of the first layer of the site.
This layer was spread using a bulldozer on a
previously carefully compacted subsoil. The formed
layer was approximately 0.5 m thick, that
corresponds to the thickness of layers most
frequently compacted during formation of
embankments from unburnt mining waste. Tests
have shown that the water content in the waste, from
which the site was built, ranged from 6.94 to 10.40%
(on average 8.55%). The water content of waste was
slightly higher than the optimum one (wopt= 7.60%).
Hence a water content criterion recommended at
formation of road-engineering embankments was
met, i.e.:
0.8 wopt = 6.08% < wav = 8.55% < 1.2 wopt = 9.12%
The analysis of the obtained results has shown
that road-engineering embankments formed from
unburnt mining waste, originating from the
“Sosnica” coal mine, shall be compacted according
to the following technology:
 Spreading by means of bulldozers or scrapers
layers 0.4 – 0.6 m thick and watering it properly
(the water content close to the optimum one).
 Execution of an initial two-fold static rolling,
with the roller moving forward in the first pass, at
a speed of 2-3 km/h.
 Execution of “n”-times vibration rolling with the
2nd amplitude of vibrations switched on and a
speed of 2-3 km/h, where “n” means:
a. 6 vibration passes to obtain the compaction
coefficient IS = 0.92.
b. 7 vibration passes to obtain the compaction
coefficient IS = 0.95.
c. 8 vibration passes to obtain the compaction
coefficient IS = 0.97.
d. 9 vibration passes to obtain the compaction
coefficient IS = 1.0.
 Execution of a final two-fold static rolling, with
the roller moving forward in the first pass, at a
speed of 2-3 km/h.
Taking into account the compaction requirements
related to lower layers of road and motorway
embankments, an attempt was made to maintain
IS>0.97 as the minimum criterion during
construction of the experimental site, formed from
unburnt mining waste.
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On the basis of test results during formation of
the first layer, the aforementioned technology was
executed with 9-10 vibration passes.
As a result of compaction control of consecutive
layers of the experimental site the average value of
the compaction coefficient for the entire
embankment IS = 1.024 was achieved.
During the formation of the experimental site
embankment as well as after its completion
additional tests of the bearing capacity were made
using a VSS pressure plate, 30 cm in diameter, apart
from checking the compaction coefficient.
Consecutive layers of the formed embankment
were checked at random, while after completion of
the experimental site detailed examinations were
performed in the region of test stands in the area of
the top surface loaded with pavement slabs.
The required minimum value of the rigidity
modulus for a subsoil amounts to 15 MPa.
The tests have confirmed that the completed
experimental site meets the requirements set for road
embankments.
4 PREPARATION OF TEST STANDS
After completion of forming and compacting the
experimental site projection was 100 m long and 20
m wide and the site was 4.5 – 5.0 m high. A varied
height of the site resulted from inclination of the
ground on which it was formed.
The slope of the site slopes after its construction,
on the side of the designed test stands, amounted to
ca 50° on the entire length. This zone was then
divided into three equal sections on which locations
for test stands were modelled (by applying rules and
cutting off the excess) with slopes of ca 75°, 60° and
45° slopes. A precise slope of slopes in individual
test stands, required for calculations, was determined
by surveying methods.
In each of the three mentioned parts of the
experimental site two 9.4 m long test stands were
prepared, used then for destructive in situ stability
tests of slopes loaded with pavement slabs.
Altogether six test stands, consisting of three
segments each, were prepared in the test site.
5 PROGRAMME AND EXECUTION OF TESTS
After completion of site formation and compaction
and after profiling slopes the top surface of the 75°
slope was loaded with pavement slabs exerting a
pressure of 50 kPa. The stock of pavement slabs,
made available for tests, was used up there. The
described part of the embankment was left under this
load from the fall until the spring. The loaded slope,
with such a high slope, despite heavy rains and a
very severe winter, did not show even the smallest

failures and deformations. This was the first signal
showing that the unburnt mining waste in practice
reveals a much better behaviour then indicated by
their physical and mechanical properties measured in
laboratory conditions and model examinations in
laboratory scale.
The destructive tests were repeated in the spring
period. The completed embankment was not
protected in any way for the winter period. This
allowed to perform examinations taking into account
the influence of weathering inside the compacted
embankment. Tests were carried out on six separate
test stands composed of three segments each.
In the first stage two layers of pavement slabs
were laid parallel to the edge of the top of the
embankment surface, in three load zones of equal
length (3 pavement slabs, each 3.0 m long, with
spacing of 0.2 m between them), on each test stand
prepared for tests. On each lower slab reference
marks were then stick on both sides, what allowed to
monitor the process of loading by means of
surveying methods and to record the deformation of
the top surface of the embankment. Surveying was
carried out from two positions, one situated on the
top surface of the embankment and the other,
situated on the level of the bottom plane of the
embankment edge.
The area of pressure was controlled by partial
moving of two lower layers of slabs outside the edge
of the top surface of the embankment. For the slope
of nearly vertical slope, i.e. ca 75°, the area of
pressure for one segment amounted to 3.0 x 1.0 m.
In the case of slopes with ca 60° and 45° slopes the
area of pressure was reduced to 3.0 x 0.9 m. The
load was applied axially in respect to the lower area
of pressure, using permanent surveying monitoring.
A heavy breakdown crane was used to lay down the
slabs.
The load was applied systematically till the loss
of the slope stability, the moment of which was
advised by surveyors with some advance.
The course of tests in individual test stands was
recorded in photographs.
6 RESULTS OF FIELD TESTS
Results of field tests that create the database to
estimate strength parameters of mining waste, as the
material of the embankment slope, may be included
in three sets:
a. Average values of unit load of the embankment
surface with an increasing pile of pavement slabs.
b. Values of the average settlement of the middle
pile of slabs corresponding with consecutive load
increments.
c. Coordinates of points of the slope profile and of
the slide plane.
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Sets (1) and (2) create “load-settlement”
characteristics of the slope under the middle pile of
slabs. To estimate an increase of unit load a number
of 3.0  1.5 m slabs was weighed at random, the
average weight of a ballast layer consisting of two
plates was determined and divided by the area of the
middle pile base (3.0 m2 or 2.7 m2).
Average settlements were determined as mean
values of levelling measurements of middle pile
corners.
Experimental “load-settlement” curves feature
certain peculiar properties:
a. A very clearly marked instant of slide start
(sudden breakdown points in curves).
b. Division of characteristics into two ranges of a
small linear deformability and of a large
deformability with a poor linear course.
c. The more steep is the slope, the longer is the
range of small linear deformations and hence a
more violent course of failures.
The third set of the database describes the
geometry of mechanisms of slope failure. To identify
the slide planes they had to be made accessible for
measurements. To this end the slopes of the test
stand after completion of destructive tests were
subject to the procedure of unbonding the loose
material. These actions required precision and a
certain “archaeological” feeling so there was a need
of permanent supervision over these actions. After
removing the loose material from each stand the
exposed slide planes were precisely surveyed.
The analysis of points surveyed at the beginning
has shown precise values of the slope of slopes in all
stands. These values provided initial slopes for
further calculations. It shall be emphasised that test
points of each stand analysed in the YZ plane have
shown a very small deviation from a straight line.
This indicates very smooth planes of slopes in the
test stands.
The final surveying included the entire width of
each stand and after the analysis in the YZ plane it
did not create an unambiguous plane. Therefore
cross sections situated under side slabs were rejected
and an average shape of the slide under the middle
slab was taken for further calculations. Characteristic
cross sections obtained as a result of matching
appropriate points in slope surfaces, before and after
failure, provide the basis for further calculations
using the Janbu method.

Mohr model, obtained on the basis of back analyses
by the FEM method and the Janbu strips method,
respectively.
In the case of elastic – ideally plastic
interpretation attention is immediately drawn by an
excellent consistence of estimations for various
slopes of the slope, obtained on the basis of trial
loading of various regions of the embankment.
Standard deviations from the mean values:
av = 22.7°,

cav = 50 kPa

amount only to
s = 0.47°,

sc = 5.1 kPa

This entitles to say that the obtained mean values
may be treated as independent of slope, what is
considered as an important proof of reliability of
results.
The design procedure, consisting in using
parameters estimated on the basis of trial loading of
the slope on the first, short section of structure built
from a specific material (e.g. mining waste) in the
FEM analysis of the embankment, becomes
promising in the light of the above results. A
possibility of adjusting the slope of slopes in relation
to the first section makes such methodology
attractive.
Destructive tests carried out in individual stands
have given unexpectedly good results. The slope of a
75° slope loaded on the top surface of the
embankment withheld pressures in the order of 180200 kPa and the slopes of 60° and 45° were
destroyed only under the pressure of loads in the
order of 220-300 kPa.
Nearly vertical slopes (75° slope) are practically
not used in the road-engineering practice. This study
has shown what are the real features and possibilities
of using unburnt mining waste to built high road
embankments.
In the roadway that is far from slopes the studied
mining wastes transfer pressures corresponding to
cohesive soils in a semi-compact state or to noncohesive soils in a compacted state and at a very
careful compaction even to rocky soils. The tests
carried out on the test site indicate a full suitability
of this type of industrial waste for construction of
road embankments formed below a freezing zone.
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Interpretation of in situ pressuremeter tests in grouted soils
C. Dano & P.Y. Hicher
Civil Engineering Laboratory of Nantes Saint-Nazaire, Ecole Centrale of Nantes, France

ABSTRACT: Pressuremeter tests are usually carried out to check the quality of soil improvement. They can
also be used to identify the parameters of a constitutive model by inverse analysis. The procedure used here
consists in minimizing the gap between the experimental pressuremeter curve and the analytical solution
previously developed by Yu and Houlsby (Yu & Houlsby, 1991). Specific properties of grouted soils make it
possible to solve current problems of parameters coupling as shown in the proposed procedure. Finally we
present an application to experimental pressuremeter tests on Dunkerque site (France).
1 INTRODUCTION

F()  (3  1 )  (3  1 )  sin  2C  cos  0

Pressuremeter test is proved to be an interesting in
situ experiment to assess the mechanical properties
of natural soils. It gives information both on their
deformability properties through the pressuremeter
modulus and on their failure properties through the
limit pressure. However, these two parameters are
not intrinsic to the soil, but are linked to the loading
path imposed by the pressuremeter test.
Shao (Shao et al., 1991) showed that the entire
test curve could be exploited to identify the
parameters of a constitutive model by inverse
analysis. We propose here to apply this
computational method to pressuremeter tests carried
out in grouted sands, taking into account the results
of the same tests performed in situ before grouting.

and the flow rule:

(1)

d p  dG()/d

(2)

G()  ( 3  1 )  ( 3  1 ).sin  cst

(3)

where  = angle of internal friction;  = angle of
dilatancy; C = cohesion.

2 BEHAVIOR OF GROUTED SOILS
Nowadays transport substructures often develop in
depth, sometimes in soils of mediocre mechanical
properties. In order to improve them, grout injection
under pressure is an effective technique that consists
in impregnating the soil with a fluid loaded with
very fine cement or another cementing material.
Triaxial tests on grouted sands either prepared in
the laboratory or sampled in situ impregnated soils
by Tailliez (Tailliez, 1998) indicate that their
behavior before failure can be accurately reproduced
using a linear elastic model with a non associated
Mohr-Coulomb plasticity criterion (Figs. 1-2). This
model is defined by the yield surface F:

Figure 1. Triaxial tests on grouted soils.
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Figure 1 represents the evolution of the stress
deviator q and the volumetric strain v, as a function
of the longitudinal strain 1, for four lateral stresses
3: 0, 0.1, 0.2 and 0.4 MPa.
Compared with the initially purely frictional sand,
the grouted soil is characterized by an important
increase of the elastic modulus and of the cohesion
due to cement setting. The value of the friction angle
is approximately the same probably due to the fact
that low injection pressures do not cause disturbance
of particles assembly. Finally, the angle of dilatancy
is increased by some degrees.
Figure 2 shows the case of Fontainebleau Sand
injected with very fine cement grout. The angles of
internal friction before and after injection are
respectively 39 and 41. The cohesion increases up
to about 0.2 MPa.

where G = shear modulus and P0 = initial earth
pressure. As soon as P = Ppl, a plastic annulus
develops concentrically to the borehole.
However, small strain analysis developed from.
Monnet’s work (Monnet et al., 1994) is usually
assumed to be no longer valid for strains higher than
10%. In order to avoid the underestimate of the
mechanical parameters of the soil with such a
hypothesis, the solution with large strain analysis
proposed by Yu and Houlsby (Yu & Houlsby, 1991)
is introduced in inverse computations. The curves in
Figure 3 obtained with the set of parameters
indicated in Table 1 clearly show the difference
when using an assumption or the other. The equation
of the pressuremeter curve in the plastic domain for
large strain hypothesis is then:
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Figure 2. Envelope of Mohr’s circles of natural (dotted line)
and grouted (continuous line) soils.
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3 THEORETICAL CONSIDERATIONS FOR THE
PRESSUREMETER CURVE



The pressuremeter curve links the deformation of the
borehole lining Ua/a (a is the initial radius of the
borehole, Ua its displacement) to the pressure P of
the probe. It is deduced from the mechanical
problem of a cavity expansion in an unbounded three
dimensional homogeneous and isotropic soil whose
behavior follows the above-mentioned model. We
assume the plane strain conditions in the horizontal
plane.
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3.1 Expression of the pressuremeter curve
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Initial increments of pressure are low enough to
cause small and reversible strains. So we can
consider the existence of an elastic domain as long
as P is less than Pp1 such as:

 1 ( x , y) 

Pp1  C.Cos  P0 .(1  sin)

Table 1. Set of parameters for comparison between small and
large strain hypothesis.

(4)

The equation of the pressuremeter curve is then:
U a /a  (P - P0 )/2G

(5)

n

 1 for n  

n 0

E = elastic modulus and  = Poisson’s ratio.

Parameters
E
Units
MPa
Value

60









C
MPa

P0
MPa

0.25

39

10

0.2

0.1
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5 EXPERIMENTAL AND NUMERICAL
PROCEDURE

Figure 3. Influence of the assumption of small strain or of large
strain analysis on the pressuremeter curve.

3.2 Inverse analysis
Once the characteristics of a mechanical problem are
defined, namely the geometry, the initial conditions,
the boundaries conditions and the loading
conditions, the input of a constitutive model permits
to calculate the response to solicitations. This is
called a direct problem.
On the contrary, inverse analysis consists in
identifying values of the parameters of the
constitutive model that fit at best with an
experimental result. Practically, this requires
computations with an optimization technique that
minimizes the difference between the experimental
response and the numerical solution given by
Equation (6). This procedure was implemented in a
commercial software.
4 SENSITIVITY TO CONSTITUTIVE MODEL
PARAMETERS
All the parameters (E, , , C), except the Poisson’s
ratio whose influence is negligible, have the same
qualitative effect on the pressuremeter curve: an
increase of their value induces a greater pressure
required to reach the same strain state at the borehole
lining. Quantitatively, we note that the Young’s
modulus affects the whole of the curve whereas the
angle of internal friction and to a less degree the
cohesion and the angle of dilatancy only control the
large strain domain.
In spite of the great care provided in carrying out
the tests, the earth pressure could not be accurately
deduced from the pressuremeter curves and had to be
hence considered as additional parameter of the
model. The curve aspect and the size of the elastic
domain depend on its value.
Besides, the angle of friction and the angle of
dilatancy are correlated and depend on the relative
density of the sand. This coupling makes their
simultaneous determination impossible.
Furthermore, optimization calculations of some
parameters sometimes converge to physically non
acceptable values. Then it is advised to use initial
constraints on the parameters, empirical correlations
and laboratory results in order to guide calculations.

In order to reduce the number of parameters to be
simultaneously optimized, we recommend to exploit
laboratory observations and to carry out
pressuremeter tests:
 in uncemented natural soils before treatment
(5 parameters: P0,N, , EN, N, N);
 then in grouted soils 28 days after injection
(6 parameters: P0,G, , EG, G, G, C).
These parameters are determined in the following
way (Fig. 4).
Determination of P0
Nature of the soil
Uncemented soil

Grouted soil

Cycle  EN
 fixed
C0
N = f(N)

Cycle  EG
 fixed
G = N

N optimized
by inverse analysis

G and C optimized
by inverse analysis

Figure 4. Optimization process.

5.1 Earth pressure P0
The value of the earth pressure measured at the
beginning of the pseudo-elastic stage of the
pressuremeter curve often integrates experimental
errors (removal of the load during sounding, collapse
of the borehole, ...).
Without
reliable
technique,
geotechnical
investigations or information about the historical
record of the site to estimate earth pressures, we
calculate P, from the relation:

  .z

P0  K 0 . ,v  K 0 .

,
i

i

(7)

where ’v = vertical stress; Ko = 1 since the
mathematical relation (6) by Yu and Houlsby
assumes an isotropic initial stress state in the soil.
5.2 Poisson ’s ratio v
As its effect is negligible, the Poisson’s ratio cannot
be optimized in a significative way. So this
parameter is set to an arbitrary value between 0 and
0.5: in our case,  is set to 0.3.
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5.3 Elastic modulus E
The loading process has to include at least one
unloading/reloading cycle. It often shows a linear
part on which the shear modulus is measured as:
G  P/2  U a /a 

(8)

Elastic modulus derives from this value by the
expression:
E  2G  (1  ν)

(9)

Then it is equivalent to optimize E or G since v is set
to a fixed value.

As a consequence, for grouted soils, its value is kept
unchanged and equal to the angle of internal friction
of the purely frictional material.
5.7 Procedure validation
This methodology has been only partially validated
on well-defined laboratory pressuremeter tests in
cohesionless sands carried out by Mokrani (Mokrani,
1991). Validation on cemented sands can not be
done because of a lack of bibliographical
experimental data.

5.4 Angle of dilatancy 

6 APPLICATION

For natural soil, the angle of dilatancy is correlated
to the angle of friction by:

6.1 In situ conditions

    30

(10)

More complex expressions could be considered in
order to take the density into account (Kasdi, 1994).
For grouted soils, such an expression does not
exist. Then this parameter is optimized with the
constraint that the angle of dilatancy for grouted
soils is at least equal to the angle of dilatancy for
natural soils as noted in laboratory experiments.
Nevertheless note that different values can be
assigned to y in plane strain or triaxial cases.
5.5 Cohesion C
For uncemented natural sands, the cohesion is set to
a very low value close to 0 and less than 15 kPa in
any case.
For grouted soils, the cohesion is simultaneously
optimized with the angle of dilatancy. Indeed,
previous calculations showed that these two
parameters are not correlated. Initial value depends
on the cement content of the grout mixture and the
nature of the treatment. Acceptable values are
located between 0.2 and 0.5 MPa for a strengthening
improvement and close to 0.1 MPa for a
waterproofing treatment.
After computations, we have to verify that the
size of the elastic domain is not changed too much
during calculations since Ppl is controlled by the
cohesion.
5.6 Angle of internal friction 
In the case of natural soils, the angle of internal
friction remains the only unknown parameter since
another ones are previously determined or correlated.
Then, optimization calculations are carried out on
this variable with the initial constraint: 25 <  <
60.
Then, we assume that injection with low grouting
pressures does not alter the angle of internal friction.

Pressuremeter tests (Tailliez, 1998) were performed
in a homogeneous sandy formation before and after
injection of a mineral grout. The soil is constituted
of fine sand (D10  100 m, D50  230 m, D60  270
m) for which the humid density is 19.6 kN/m3 and
the density is 15.7 kN/m3. The level of the water
table is located 5 meters below the ground surface.
Particle size of the grout was small enough to allow
permeation to occur without excessive pressure.
6.2 Pressuremeter tests
A dozen of pressuremeter tests were carried out
between 4 and 8 meters depth. A conventional
treatment leads to the pressuremeter characteristics
presented in Table 2.
Table 2. Conventional pressuremeter characteristics before and
after grout injection.
Parameters
Units
Mean value
before injection
Mean value
after injection
Improvement
ratio

EM,P
MPa

GM,C
MPa

PF
MPa

PL
MPa

23

60

2.2

3.4

62

95

3.3

5.8

2.7

1.6

1.5

1.7

where:
EM,P = Menard pressuremeter modulus
GM,C = Cyclic pressuremeter shear modulus
PF = Creep pressure
PL = Limit pressure
6.3 Optimization computations
We noted an important scattering among all the tests.
We retained four representative tests (Fig. 5):
 one pressuremeter test with cycle in uncemented
sand SP3 (5.5 meters deep);
 one pressuremeter test with cycle in grouted sand
SP3P (5 meters deep);
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one conventional test in uncemented sand SP2-8
(8 m deep);
 one conventional test in grouted sand SP1P-8
(8 m deep)
for which earth pressures are calculated from
expression (7): P0 = 0.137 MPa at 8 m deep.

Figure 5. Experimental pressuremeter tests.

Cyclic elastic moduli EN and EG (with a Poisson’s
ratio equal to 0.3) are deduced from SP3 and SP3P
unload-reload cycles. The values are respectively
156 MPa and 247 MPa. Unless otherwise stated,
these values are introduced in optimization
calculations using Newton algorithm.
For uncemented saturated sand, the cohesion is
null. For SP2-8 test, according to the procedure
previously exposed, computation leads to an angle of
internal friction equal to 41.5º and a correlated angle
of dilatancy equal to 11.5º.
For grouted soils with the angle of internal
friction kept to 41.5º, simultaneous optimization on
C and  leads to cohesion equal to 0.102 MPa and
the angle of dilatancy equal to 20º.
The analytical solutions are close to the
experimental pressuremeter curves as shown in
Figures 6a and 6b. Note that we systematically do
not take into consideration the three first values of
the pressuremeter curve because of initial
disturbance as previously stated by Cambou
(Cambou et al., 1993).

obtained by inverse analysis were confirmed by
triaxial laboratory tests that are not presented in this
paper.
However, the experience we have got incites us to
examine potential failure modes of a frictional
cohesive soil subjected to pressuremeter-like
loading. In particular, what is the part of damage
caused by orthoradial extensive strains on the
evolution of the elastic modulus and the pressure
generation? (Haberfield, 1997). These conditions are
not relevant anymore to analytical expressions.
Recourse to finite element calculations and new
optimization tools is necessary.
Finally, only high-quality pressuremeter tests can
be accurately interpreted with inverse analysis. As
sensitivity to parameters of the constitutive model is
important, any experimental defect, in particular
during sounding, can induce objectionable
computational results. That is why self-boring
pressuremeter testing is often advised: disturbance
around the borehole is then limited.

Table 3. Optimization calculations.
Tests
Units
SP3
SP3P
SP2-8
SP2P-8

P0
MPa

E
MPa



0.137
0.137

156
247
156
247

0.3
0.3
0.3
0.3




41.5
41.5




C
MPa

11.5
20

0
0.102

6.4 Comments
Conventional pressuremeter characteristics and
calculations practically prove the efficiency of
injection for mechanical improvement of the soil.
Soil strength is then sufficient to make underground
works possible without excessive deformations in
the surrounding soil. The values of the parameters

Figure 6. Comparison between experimental tests and
numerical simulations.

7 CONCLUSION
Inverse analysis is an efficient computational method
for the interpretation of in situ pressuremeter tests in
grouted soils. Providing that tests are carried out
with great care, it can be used to identify parameters
of a linear elastic non associated plastic model with
good accuracy. We also consider that large strain
analysis appears to be more adapted for
pressuremeter testing.
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The method, based on previous laboratory
experimental results, is rather easy to implement.
The proposed procedure exploits specific mechanical
properties of grouted soils and bibliographical
results to uncouple optimization computations of
typically correlated parameters. But further
developments are necessary to integrate more
complex constitutive models, in particular if we
want to take the influence of damage into
consideration.
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Preconsolidation pressures and soil moduli from borehole shear tests
David J. White & R. L. Handy
Dept. of Civil and Construction Engineering Iowa State University, Ames, Iowa, 50011, USA

ABSTRACT: Preconsolidation pressure and elastic soil modulus are important in foundation design for
defining a shift from elastic to consolidation behavior and for predicting the amount of elastic settlement.
New methods are described to measure preconsolidation pressure and elastic modulus in situ with Borehole
Shear Tests (BST). Solutions for preconsolidation pressure are presented for a “Boussinesq soil” whereby
consolidation resumes in the direction of the major principal stress, and for “Westergaard soil” whereby
consolidation is assumed to take place only in a vertical direction. The solutions rely on Mohr theory and
principles of soil mechanics, not data correlations. In addition, a proposed theoretical derivation is described
for elastic soil modulus from BST spring constant measurements and a simplified theoretical solution for
displacement. Modulus results are compared to values from other in situ tests.
1 INTRODUCTION
Settlement of structures on soil relates to the applied
stress, but also is a function of the soil stress history.
Past stress conditions may be inferred from an
understanding of geomorphology and further defined
with in situ and laboratory testing. The maximum
past effective pressure, i.e. the preconsolidation
pressure, is particularly important because it
represents the maximum stress that can be applied
before shifting from elastic recompression to a more
severe consolidation behavior.
Conventional practice to measure preconsolidation pressure relies on laboratory odometer
testing. Although this approach is relatively simple,
limitations include soil disturbance, small sample
thickness, inexact interpretation, and lengthy testing
time, A seldom-used alternative method is to plot a
series of triaxial or direct shear tests, which may
show a distinctive break in the shear envelope at the
preconsolidation pressure (Hogentogler, 1937). This
approach, however, is limited by sample variability
and the number of tests required. Lastly, empirical
correlations can be used to estimate preconsolidation
pressure from in situ tests such as the vane shear test,
cone penetration test, or flat dilatometer. Although
convenient, the variability inherent in empirical data
correlations reduces accuracy.
This paper presents a new approach for measuring
preconsolidation pressure in situ with the Borehole
Shear Test (BST), and offers the advantage of rapid

testing while emphasizing a fundamental theoretical
approach that until now has for the most part been
limited to laboratory testing. Equations for
calculating preconsolidation pressure from BST are
presented for a “Boussinesq soil” and a
“Westergaard soil”. In addition, a proposed method
and theoretical derivation for determining elastic soil
modulus, which can be conducted simultaneously
with the BST preconsolidation measurements, is
presented. Elastic modulus is useful for predicting
settlement and stress distribution under applied load,
particularly at stress conditions below the
preconsolidation pressure. Results are compared to
other in situ tests with observations and comparisons
explained.
2 BACKROUND
The BST was designed to give a rapid, direct, in situ
measurement of soil cohesion (c') and friction angle
(') on a drained or effective stress basis. Figure 1
shows the BST apparatus, Tests are performed by
laterally expanding diametrically opposed contact
plates into a borehole under a constant normal stress
(), then allowing the soil to consolidate, and finally
by pulling vertically and measuring shear stress ().
Points are generated on the Mohr-Coulomb shear
envelope, indicated in Figure 2, by measuring the
maximum shear resistance at successively higher
increments of applied normal stress. Depending on
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soil type, total testing time for a typical test with 4 to
5 data points is approximately 30 to 60 minutes.
Because drainage times are cumulative, the BST is
normally a drained test, which is attested to by pore
pressure measurements and second shear envelopes
that extrapolate through the origin.

large number of tests required and a demonstrated
poor resolution caused by sample variability in
laboratory tests (Gibbs et al., 1960). The BST avoids
these difficulties by testing soil in situ with a series
of increasing normal stress increments applied at the
same borehole location.
As illustrated in Figure 4, at the instant of
shearing, the major principal stress in the BST is
inclined 45-/2 from vertical. Using this information
and Mohr circle theory, solutions were obtained for
preconsolidation pressure as a function of the
intersection stress and normally-consolidated friction
angle from the second part of a bilinear BST shear
envelope (Handy & Lawton, 2000).
3.1 Boussinesq soil

Figure 1. Schematic of Borehole Shear Test device.

In a “Boussinesq soil,” consolidation is assumed to
initiate in the direction of the major principal stress.
This relationship is best suited for homogeneous
isotropic soils where elastic theory is applicable.
From Mohr theory, the preconsolidation pressure in
the direction of the major principal stress, Pc1 is
Pc1   '1   'h

1
sin  '

(1)

where ’1 and ’h are the major principal effective
stress and normal stress applied during the BST,
respectively, and ' is the friction angle on a drained
or effective basis. The complete derivation is given
in Handy & Lawton (2000).

Figure 2. In situ borehole shear test results, showing cohesion
intercept and friction angle. The first point is indicative of the
seating load and the last point indicative of full expansion of
the shear head, so these points were ignored in the regression.

3 PRECONSOLIDATION PRESSURE
As noted, preconsolidation pressure is important in
foundation design for defining a shift from elastic to
consolidation settlement. Preconsolidation also
changes soil shearing resistance by producing a
bilinear failure envelope, as shown by the BST tests
shown in Figure 3. The first leg of the shear
envelope gives a cohesion intercept and shallow
friction angle compared with the second leg, which
on an effective stress basis gives a higher friction
angle and extrapolating through the origin. In theory
the point of intersection of the bilinear failure
envelope should pinpoint the preconsolidation stress
condition. This feature has not previously been
utilized by geotechnical engineers because of the

Figure 4. Mohr diagram showing BST stresses when
consolidation resumes at the intersection of the bilinear shear
envelope.

3.2 Westergaard soil
In a “Westergaard soil,” consolidation is assumed to
be only in the vertical direction and therefore
depends only on the vertical stress component. This
relationship is best suited for soils with horizontal
layering that prevents lateral compression.
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Figure 3. Borehole Shear Test results indicating bilinear shear failure envelopes (from Handy & Lawton, 2000).

Preconsolidation pressure measured from the vertical
component of stress is given by
Pc1   '1   'h

1  sin 2  '
1  sin 2  '

(2)

Preconsolidation stresses calculated from BST
data for Boussinesq soil and Westergaard soil

normally differ by less than 15 percent. Figure 5
indicates the overconsolidation pressure (OCP)
calculated from the BST data shown in Figure 3,
which suggests a normally consolidated zone from
approximately 2.5-3.5 m depth. OCP is defined as
the difference between preconsolidation pressure and
effective overburden stress (see Handy & Lawton,
2000).
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3.3 Advantages and limitations

4.1 Derivation of an elastic modulus

Measurement of preconsolidation pressure from BST
is a rapid process in comparison to conventional
laboratory analysis and can be made simultaneously
with strength parameter measurements. A limitation
to this process is that the soil must be saturated. In
addition, compression index and consolidation
coefficients are not obtained, but as presented in the
next section, BST can be used to estimate elastic
modulus. Future testing is planned to compare
laboratory preconsolidation measurements with
BST.

As the BST shear head is displaced, the vertical
force, Ps, (Fig. 1) resisted by the shear head is given
by
Ps = As

(3)

where A is the area of the contact plates and s is the
induced shear stress where 0sf. Similar to
analysis of an axially loaded rough pile, the model
used for BST is that the displacement, w, for a
vertically induced load generates a uniform shear
stress in the soil around the contact plates. The
displacement and shear stress are related to the
spring constant, ks, as
s = ksw

(4)

where the spring constant is the slope of the linear
portion of the displacement versus shear stress curve
(Fig. 7).
To relate elastic modulus to shear stress and
displacement, the theoretical relation between the
spring constant and displacement under load must be
known. A simplified model can be used for this
purpose by adopting a relationship reported by Scott
(1981) for estimating deflection related to shear for
an axially loaded pile, as follows
Figure 5. Pressure for consolidation to occur from BST
preconsolidation pressure (from Handy & Lawton, 2000).

4 ELASTIC MODULUS
Settlement rather than bearing capacity is often the
controlling factor in design. Furthermore, if the
design stress is less than OCP, the settlement should
resemble near-linear-elastic recompression. For this
reason an estimate of elastic soil modulus is useful.
In this section the determination of elastic modulus
based on the relation between induced shear stress
and vertical displacement of the BST shear head is
presented. The derivation does not rely on empirical
correlations, but rather on a measured spring
constant and a simplified theoretical solution for
displacement.
Figure 6 shows the conceptualized near-vertical
elastic response during shear, represented by a series
of small springs.

Figure 6. Conceptualized elastic soil response during shear.

ks 

Gs
4(1   )r

(5)

where Gs is the shear modulus,  is Poisson’s ratio,
and r is the radius of the shear head. This model is
convenient because solving for the BST boundary
conditions is mathematically complex and tedious.
Next, using the relationship for elastic modulus
during shear,
E = 2G(1 + )

(6)

the modulus in terms of the measured BST spring
constant can be solved from (5) and (6) as follows
E = 0.3ks(1 – 2)

(7)

where ks is in units of kPa/m and r is 38 mm.
4.2 Comparison with SPT, CPT, PBP and CD
Triaxial Tests
A geotechnical investigation was carried out at a
highway embankment site where foundation soils
consisted of approximately 5-6 meters of
compressible alluvial clay overlying fine sand and
weathered shale. At this location a 10-meter high
bridge approach embankment was to be constructed.
Analysis indicated up to 36 cm of consolidation
settlement occurring in the compressible layer.
Consequently, short aggregate piers (GeopierTMfoundation elements) were installed to facilitate the
construction schedule by reducing the time delay
between embankment construction and pile driving
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for the bridge and to reduce negative skin friction on
the piles from excessive settlement. In order to
design the short aggregate pier spacing and depth,
allowable bearing pressure, pier modulus, and matrix
soil modulus values were required, which provided
the opportunity to evaluate BST modulus with
comparisons made to other in situ tests.
Comparative testing included cone penetration
tests (CPT), pre-bored pressuremeter (PBP), and
standard penetration tests (SPT). In addition, several
laboratory consolidated-drained triaxial tests were
performed. A summary of the test methods and
relevant modulus calculations are provided in
Table 1.
CPT tests were performed using a Hogentogler
Type 2, 10-ton electronic subtraction cone. The cone
had a tip angle of 60 degrees, a tip area of 10 cm2,
a net area ratio correction factor of 0.8, and a friction
sleeve area of 150 cm2. The single cell displacement
PBP consisted of a NX sized probe 70 cm long with
a 70-mm diameter. A rubber membrane sleeve with
a metallic sheath covered the steel cylinder probe.
SPT were performed with a 5 cm split-barrel
sampler driven into the soil with a 63.5 kg hammer.
The BST was fitted with two dial gages (.0025 mm
divisions) connected to the pull rod to measure
average displacement during shear.
Table 1. Summary of test methods and correlations to elastic
soil modulus.
Test
Method

Equation

Comments

Correlation for clayey silt
(Bowles, 1996)
SPT
Correlation for saturated
Es = 250(N + 15)
sand (Bowles, 1996)
Correlation for soft clay or
1
CPT
Es = (3 to 8)qT
clayey silt (Bowles, 1996)
CD
Conventional analysisEs = 
Triaxial
Tangent
Texam pressuremeter with
PMT EPMT = (1 + )2VP/V
70 mm diameter probe
BST Es = 0.3 ks (1 – 2)
76 mm contact plates head
1
Es = (5.5)qT shown in Fig. 8
Es = 300(N + 6)

Figure 7 shows plots of shear stress versus
displacement for the BST at different depths over a
range of applied normal stresses. From these plots
spring constant, ks, was determined. In general these
plots closely resemble laboratory stress-strain curves
with the exception of some curves bowing upward.
Figure 8 indicates modulus versus depth through
the compressible layer for all in situ test methods.
Overall, the PBP and SPT tests appear to be slightly
conservative relative to the CD triaxial tests. The
modulus correlation for CPT tip resistance, which
can vary by a factor of 2 to 3, was calibrated from
the PBP tests. The main advantage of CPT is the
continuous profile.

Figure 7. Induce shear stress versus displacement of shear head
(a) 2.59 m, (b) 4.1l m, (c) 6.00 m.

In contrast, the calculated BST modulus values at
a given depth are relatively scattered. However, upon
closer evaluation of the data, BST modulus values
ascertained from tests conducted with an applied
confining stress near the estimated in situ horizontal
stress show modulus values similar to other tests.
This finding suggests that confining stress
significantly influences modulus. This is seen
graphically in Figure 7, which shows that the slope
of the displacement versus shear stress curve
increases as BST normal stress increases.
According to Lambe & Whitman (1969), as
confining stress increases elastic modulus increases
as n where n varies from 0.4 to 1.0. This finding is
supported by Figure 9, which indicates that modulus
increases by 0.65, as an average for all BST.
Additional testing needs to be conducted to evaluate
the significance of applied confining stress on
modulus from BST.
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Figure 9. Elastic soil modulus from BST as a function of
applied normal stress.

5 CONCLUSIONS
Methods
are
presented
for
measuring
preconsolidation pressure and elastic modulus from
in situ BST. Preconsolidation pressure is measured
from the intersection of bilinear shear envelopes and
applying Mohr circle theory and soil mechanics
principles. Unlike laboratory-drained test that require
hours or days, the time for a complete series of BST
tests is typically one hour. Modulus can be measured
simultaneously by measuring displacement of the
shear head versus induced shear resistance. Based on
the proposed derivation, modulus measurements
appear to be function of the applied normal stress,
with the most accurate values obtained near the in
situ horizontal stress. Future testing should be
conducted to compare BST with other in situ and
laboratory tests.
248

International Conference on Insitu Measurement of Soil Properties and Case Histories, Bali 2001, ISBN 979-95267-4-4

Stiffness parameters from in situ tests in sand
C. I. Teh, L. F. Cao & M. F. Chang
Nanyang Technological University, Singapore

ABSTRACT: A variety of in situ tests including plate load test, self-boring pressuremeter test, seismic cone
penetration test and flat dilatometer test were carried out in the sandfill for evaluating stiffness parameters at a
reclaimed site in Singapore. Elastic theory was used to interpret the results of plate load test, and dilatometer
test. A hyperbolic model was used to describe the decay of stiffness with strain in the interpretation of selfboring pressuremeter test. A comparison of the stiffness parameters obtained from the various tests shows the
importance of considering the effect of the strain and stress levels and yielding. The self-boring pressuremeter
test was found to be the most versatile for evaluating soil stiffness among various in situ tests.
1 INTRODUCTION

2 SOIL CONDITIONS

The stiffness parameters of soils are required in
evaluating the movement of foundations under loads.
With the advent of in situ tests, attempts have been
made to assess the stiffness parameters from in situ
test results. Progress on the front is important for the
design of foundation on sand for which undisturbed
sampling is difficult, unreliable and not cost
effective. However, considerable difficulties exist in
the interpretation of stiffness parameters from in situ
tests, as the parameters are affected by various
factors. These factors include the stress and strain
history of the soil deposit, the current level of mean
effective stress, the induced level of shear strain, soil
anisotropy, aging and creep.
In situ tests including “direct tests” such as plate
load test (PLT), self-boring pressuremeter test
(SBPMT), seismic cone penetration test (SCPT), and
the indirect method such as flat dilatometer test
(DMT), were carried out in the sandfill at a
reclaimed site in Singapore. PLT and SCPT provide
a measure of soil stiffness in the vertical direction,
whereas SBPMT provides a measure of the property
in the horizontal direction. It is important that the
results of these in situ tests are interpreted on the
basis of appropriate theoretical frameworks and the
resulting moduli deducted from indirect tests are
compared with those from “direct” tests.

The test location is at the Changi East reclamation
site where the mean sea level was 1.6 mCD (Chart
Datum) and the original seabed was about –3 mCD.
The seabed was underlain by the Kallang Formation
of Singapore, comprising soft to medium stiff
marine clay. Typical parameters of the Singapore
marine clay at the site have been reported by Cao et
al. (2000). During reclamation, the placement was
carried out by hydraulic sand filling up to 4 mCD,
which was followed by the installation of vertical
drains of 1.2 to 1.5 meter square spacing. Surcharge
was then placed up to the elevation of 8 to 10 mCD
by using hydraulic filling or direct surface damping
methods. The fill is a fine to medium marine sand of
loose to medium density with less than 10% of shell
fragments. The coefficient of uniformity of the sand
varies from 2 to 6.
Laboratory triaxial consolidated-drained tests
were conducted on samples reconstituted from sand
recovered from the test site to determine the angle of
internal friction  and the angle of dilation  at the
maximum deviator stress. The secant modulus at
50% maximum deviator stress, E50, and Poisson’s
ratio  prior to 50% maximum deviator stress, were
also determined from the tests. Table 1 shows the
typical values of ,  and E50 for samples with
different dry densities d (or relative densities Dr)
and void ratios e under different effective confining
pressure pc. As expected, the values of ,  and 
increase with dry density or relative density, but
decrease as the confining pressure increase. The
modulus E50 increases with the confining pressure
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and the density. When the density is kept constant,
the secant modulus of the soil may be expressed as a
function of its relative density and confining
pressure (Janbu, 1963) as follows
E50

 p 
 A  p a  c 
p 
 a

n

(1)

where A and n are constants and pa is the
atmospheric pressure. Porovic & Jardine (1994)
pointed out that A and n are in fact not constant, but
vary with the strain level. For the sandfill at the
Changi site, the average value of n was found to be
typically 0.6 to 0.7 based on laboratory triaxial tests.
Table 1. Parameters for the sandfill at Changi East
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1.34

6.5

1.01

1.52

57.7

0.78

1.64

85.5

0.64

50
100
200
50
100
200
50
100
200

33.4
34.5
33.9
41.7
40.1
39.9
48.5
45.3
43.4

0
0
0
14.2
12.0
10.8
18.7
17.8
14.5

11
16
26
19
29
53
28
42
64

0.36
0.30
0.25
0.42
0.42
0.28
0.45
0.44
0.37

3 TEST METHODS AND INTERPRETATION
3.1 Seismic cone penetration test (SCPT)
A seismic cone (piezocone embedded with a
geophone) manufactured by Hogentogler (USA) was
used in SCPT. A sledge hammer with an electrical
trigger was used to generate shear waves at the
ground surface and the shear wave velocity was
measured after the cone penetration was stopped at
preselected depth intervals. A detailed description of
the Hogentogler seismic-piezocone system and the
interpretation of SCPT results have been reported by
Cao et al. (2001). The pseudo time interval method
was found to be applicable to determine the shear
wave velocity Vs at every 1 m depth for various
reclaimed sandfill. From Vs, the shear modulus at
small strain level Gmax was derived. Test results
indicated that there existed a strong correlation
between the cone resistance qt and Gmax. This is
logical as both qt and Gmax are the functions of the
void ratio and the in situ stresses.
It should be pointed out that the process of cone
penetration causes changes to the local stresses near
the cone. A reasonable analysis of the cone
penetration problem in cohesionless soils is not yet
available. Experimental data indicated that a
complex loading/unloading process occurred along
the cone sleeve during the cone penetration. For
cohesionless soils, the radial stress acting on the
cone sleeve, after cone penetration, is significantly

smaller than the cone resistance and the limit
pressure predicted by the cylindrical cavity
expansion theory (Cao et al. 1998). The values of Vs
and Gmax derived from SCPT reflect the aggregated
behaviour of the soil layer of 1 m thickness.
Therefore Gmax may be considered as that
corresponding to the stresses that is similar to or
slightly larger than the in situ stresses.
3.2 Self-boring pressuremeter test (SBPMT)
A Cambridge self-boring pressuremeter with six
strain measuring arms was used in this study. The
pressuremeter was steadily jacked into the test
location by a contained drilling system prior to test.
The soil displaced by the instrument entered the
cutting head before being flushed to the ground
surface by the drilling fluid. When the pressuremeter
unit reached the desired depth, the pressuremeter
membrane was inflated by the application of gas
pressure. The membrane was monitored by the six
feelers spaced at 60o around its mid-plane. The
applied gas pressure and the pore pressure in the soil
in contact with the membrane were measured by
electrical transducers mounted on the pressuremeter.
Typically, three small unloading-reloading loops
were taken during the expansion of the
pressuremeter membrane. Before initiating the
unloading-reloading loop, the applied pressure was
held for a few minutes to allow the apparent creep to
fall to a low level.
Conventionally, an unloading-reloading shear
modulus Gur was determined from the unloadingreloading loop based on linear elastic theory.
However, the relationship between relative strain
magnitude and Gur is not clearly defined. The
potential of using the unloading-reloading loop in
SBPMT in clays to establish a non-linear stiffness
variation with strain level has been discussed by
Wood (1990). Cao et al. (1998) used a power law
function to fit the unloading-reloading curve in
SBPMT in sand based on the assumption of zero
volumetric strain under a small strain regime. The
assumption of zero volumetric strain may not be true
for sands, although the curve fitting method appears
to be successful.
With the assumption of plane strain condition in
the vertical direction, the expansion of the
pressuremeter can be considered to be analogous to a
cylindrical cavity expansion. A small strain solution
for the drained expansion of cylindrical cavity can be
developed based on the following assumptions:
1 The non-linear shear stress  and shear strain 
relationship of sand is described by the hyperbolic
model
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where ho is the in situ horizontal stress, ao is the
initial cavity radius and a is the current cavity radius.
For the unloading curve, po and ao in equation (4)
must be replaced by the initial pressure of unloading
pi and the initial cavity radial of unloading ai,
respectively.
The mean stress p at the cavity wall can then be
written as


where








and vo is the in situ vertical stress. For the
unloading curve, ao in equation (5) is replaced by ai.
Adopting the Mohr-Coulomb yield function, the
mean stress at the cavity wall when the soil around
the cavity starts to yield can be expressed as
p
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The value of Gi and r can be obtained by curve
fitting equation (4) with the unloading or reloading
curve in a pressuremeter test. The secant shear
modulus at any strain level can then be calculated
using equation (2). Since three unloading-reloading
loops at different stress levels are generally
performed, the effect of stress level on the deduced
shear modulus can be studied. Using equation (1),
these deduced moduli can be converted to that
corresponding to the in situ stress level.
Figure 1 shows results of a typical SBPMT carried
out at the Changi site together with the data analysis
procedure. Figure 1(a) shows the pressuremeter
expansion curve that includes three small unloading-
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where r is the radial stress,  is the
circumferential stress; r and  are the strains in
the corresponding directions.
2 Hooke’s law is suitable for describing the nonlinear elasticity with the assumption of a constant
 and a variable secant shear modulus Gs.
Based on the above two assumptions, the cavity
pressure a may be expressed as
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reloading loops. The curve fitting of the first
reloading curve using the hyperbolic model is
presented in Figure 1(b). Good curve fitting with the

(

where Gi is the initial shear modulus and r is the
reference shear stress at infinite strain. The shear
stress and shear strain are defined as

Unloading
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100
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100
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Figure 1. Typical results of a self-boring pressuremeter test.

coefficient of deformation r2 of 0.996 was obtained
when was assumed to be between 0.1 and 0.5. The
values of Gi and r that resulted in the best fit were
recorded. Figure 1(c) shows the relationship between
Gs and  derived from equation (2). It was found that
the value of Gs was not sensitive to the value of  for
 < 0.1%, indicating that the analysis method based
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3.3 Plate load test (PLT)
Plate load test is a traditional in situ testing method
used as a model footing test and for estimating the
elastic modulus of soil E. The loading plate used in
this study was made of steel and was 25 mm thick
and 200 mm in diameter. The linear elastic theory is
used to back-calculate E from the measured pressure
P versus settlement s curve through the following
equation (Poulos & Davis, 1974)
E

 PD(1   2 )
4
s

(7)

where D is the diameter of loading plate.
Figure 2 show typical results of PLT carried out at
the test site. The load increment at each step was set
at 125 kPa. After each load increment, the pressure
was maintained for 30 minutes before the final
settlement was recorded. An unloading-reloading
cycle was incorporated in the test.
1500

P (kPa)

on the assumption of zero volumetric strain may be
suitable for problems with  of no greater than 0.1%.
Based on laboratory test results, a value of  of 0.3
was adopted in the subsequent analysis.
From equation (2), Gs at any strain level can be
calculated. Logarithmic plots of Gs against the mean
effective stress p for  of 0.001% and 0.1% are
presented in Figure 1(d). For unloading, p was
calculated from the initial unloading pressure based
on equation (6). For reloading, p was computed
from the initial reloading pressure based on equation
(5), and  was obtained from the previous unloading
curve. The results show that:
1 At each  level, the moduli from the unloading
and reloading paths vary linearly with p on a loglog plot. This suggests that equation (1) provides
a fair representation of the relationship between
secant modulus and the effective confining
pressure.
2 The gradients of the log G – log p relationship
increase with strain level. Similar trend was also
found by Porovic & Jardine (1994) based on a
laboratory study on behaviour of sand at small
strains.
3 At the same  and the same p, the difference
between the secant moduli obtained from the
unloading and reloading curves is not significant.
4 The data shows small scatter at different  levels.
This may be due to creep and soil inhomogeneity.
Creep could not be fully eliminated before
initiating the unloading-reloading loop and it may
affect the selection of the initial point for the
unloading or reloading paths. The unloadingreloading curves are calculated from the average
deformation of the six arms in the pressuremeter.
As observed in the field, the deformations of the
six arms were found to be not the same.
Following the procedure described above, Gs at
any stress and strain levels can be calculated from
SBPMT results. Note that the modulus determined
from the unloading-reloading curves reflects the
shear stiffness of the sand below the current yield
surface. In principle, it refers to the sand in the
overconsolidated state.

1000
500
0
0

10

20

30

40

s (mm)
Figure 2. Typical results of a plate load test.

The modulus may be calculated from either the
initial loading curve or the unloading-reloading
curve. The modulus calculated from the unloadingreloading curve, which corresponds to the
overconsolidated state, is generally larger than that
calculated from the initial loading curve. Typically,
only an average secant modulus is determined from
PLT.
3.4 Flat dilatometer test (DMT)
Marchetti’s flat dilatometer was used in this study.
The dilatometer blade comprised a 94 mm wide and
14 mm thick steel plate with an approximate 16o
cutting edge. The dilatometer blade was pushed into
soil. At the required depth, the membrane was
inflated by means of gas pressure immediately after
the penetration stops. The test consisted of the
recording of 2 pressure readings during the
expansion phase. The first reading was the pressure
required to just lift-off the membrane and was
denoted as Po. The second reading corresponded to
the pressure required to move the centre of the
membrane by 1.0 mm into the soil and was denoted
as P1. The pressure readings should be corrected for
the membrane stiffness effect. The dilatometer
modulus ED was calculated from the pressures Po
and P1 as
E D  34.7( P1  Po )  E /(1   2 )

(8)

Equation (8) is based on linear elastic theory. Note
that the soil around the dilatometer blade will yield
when the blade is penetrated into soil. The measured
ED therefore corresponds to the soil modulus at the
current yield locus and not the elastic small strain
behaviour. Thus the correlations between ED and E
in the vertical direction are largely empirical.
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A series of SCPT, SBPMT and DMT were carried
out in the sandfill at a few selected areas on the top
of the surcharge sandfill at the Changi site.
Subsequently the fill was removed at 2 m intervals
and parallel PLT and in situ density tests were
conducted at each level. The in situ test results were
analyzed using the methods described earlier.
Laboratory tests were carried out on specimens
reconstituted from sand samples recovered at the
site.
4.1 Comparison of results between plate load test
and laboratory triaxial compression test
For the hydraulic sandfill, the secant Young’s
modulus E50 on the initial loading curve at 50%
maximum loading pressure in PLT was computed.
Similarly, E50 determined from the triaxial
compression test on samples with the same relative
density as the in situ sand and isotropically
preconsolidated under a confining pressure of 50 kPa
was obtained. The E50 from PLT was found to be
much larger than the E50 from triaxial test. On the
other hand, E50 for the sandfill placed using surface
dry dumping method determined from PLT are
similar to the laboratory triaxial test results. This
suggests that the sandfill placed using dry dumping
method is similar to the laboratory specimens, and
the soil structures formed during hydraulic filling
cannot be easily reproduced in the laboratory.
The preliminary test results indicate that even for
the recent sandfill without complex stress history
and age effect, the modulus do not correlate well
with laboratory test results obtained from
reconstituted samples. In situ tests could therefore be
more useful for assessing the in situ stiffness
parameters for cohesionless soils than laboratory
tests.
4.2 Comparison of Gmax from seismic cone and
pressuremeter tests
The shear modulus obtained from SCPT corresponds
to small strain level with  of less than 0.001% and
the stress level that is similar to the in situ stresses.
After being corrected on the bases of the in situ
mean effective stress, Gs at a strain level of 0.001%
interpreted from SBPMT may be considered as the
in situ Gmax.
Figure 3 shows the profiles of Gmax interpreted
from SCPT and SBPMT at a particular test area
within the reclaimed site, where reclamation was
carried out using hydraulic pipeline pumping method
in two stages. In between these two stages, surface
dumping method was used, resulting in a loose layer
at depths of 7.5 to 8.5 m. The existence of the loose
sand layer is clearly indicated by qt profile. The Gmax

interpreted from SBPM was found comparable to the
SCPT results except in the loose sand layer.
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4 TEST RESULTS AND DISCUSSIONS
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Figure 3. Profiles of maximum shear modulus interpreted from
seismic cone tests and self-boring pressuremeter tests.

Note that the shear modulus from SCPT
represents the stiffness of the soil in the vertical
direction. On the other hand, SBPMT measures the
stiffness of the soil in the horizontal direction. The
shear moduli in the vertical and horizontal directions
are not the same for anisotropic soil. Since the
modulus interpreted from SBPMT has been adjusted
to account for in situ mean stress level, the effect of
stress anisotropy to the modulus is partly reduced.
This may be one reason that the values of Gmax
obtained from SCPT and SBPM are similar.
The value of Gmax interpreted from SBPMT refers
to the stiffness of sand in the overconsolidated state,
whereas Gmax determined from SCPT corresponds to
the stiffness of sand in a stress condition that is
similar to the in situ stress state. The similarity
between Gmax interpreted from SCPT and SBPMT
implies that the modulus at small strain level is not
significantly affected by the stress history of soil.
Other researchers (e.g. Jamiolkowski et al., 1988)
also found that Gmax of cohesionless soils is not
significantly influenced by the stress and stress
history of the soils.
4.3 Comparison of modulus from plate load and
pressuremeter tests
Similar to SBPMT, the modulus determined from
the unloading-reloading curves in PLT corresponds
to the response of sand in the overconsolidated state.
PLT measures the stiffness in the vertical direction
and SBPMT measures that in the horizontal
direction.
The shear strain level for most unloadingreloading curves in SBPMT was found to be about
0.2%. Gs at a shear strain level of 0.2% under the in
situ effective stress condition was therefore
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interpreted from SBPMT and compared with that
derived from PLT. A Poisson’s ratio of 0.3 was used
to convert Gs from E that was derived from the
unloading-reloading curve in PLT. Figure 4 shows
the comparison of Gs profile from both tests. Also
depicted is the cone resistance at the same location.
The average qt was about 20 MPa, indicating that the
sandfill was medium dense to dense. Good
agreement between the values of Gs interpreted from
SBPMT and PLT indicates the applicability of both
tests.
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Figure 5 show the variation of the ratio E50/ED
with Dr. The E50/ED ratio decreases as Dr increases,
suggesting that ED underestimates the soil modulus
in loose sand and overestimates the soil modulus in
dense sand. This finding is consistent with
calibration chamber test results reported by
Jamiolkowski et al. (1988) who found that the ratio
of the measured constrained modulus to the
constrained modulus calculated from DMT
decreased as Dr increased. Great care must be taken
if one were to use the modulus calculated from DMT
in the geotechnical design, with due consideration
given to the effect of Dr.

2

4
SBPMT
PLT

6

Figure 4. Profiles of secant shear modulus interpreted from
self-boring pressuremeter tests and plate load tests

4.4 Comparison of modulus from plate load and
dilatometer tests
The insertion of the dilatometer would have led to
local yielding of the soil. Therefore, ED interpreted
from DMT reflects the soil at the current yield locus.
Good correlation between ED and the modulus
determined by PLT or SBPMT is not expected. In
this study, ED was compared with E50 determined
from the initial loading curve in PLT. It was found
that a correlation between ED and E50 determined
from PLT might exist when difference in Dr of the
soil was accounted for.

The stiffness parameters of a sandfill at a
reclamation site in Singapore were investigated
using seismic cone penetration test, self-boring
pressuremeter test, plate load test and dilatometer
test. From this investigation, the following
deductions may be made:
1 The maximum shear modulus deduced from the
unloading-reloading response in self-boring
pressuremeter test is comparable with that
determined from the shear velocity measured in
seismic cone test.
2 The secant shear modulus at 0.2% shear strain
level interpreted from self-boring pressuremeter
test is similar to the secant shear modulus
calculated from the unloading-reloading curve in
plate load tests.
3 The modulus calculated from dilatometer test
could not be used in geotechnical design unless
adjustment is made to account for the effect due
to relative density of sand.
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ABSTRACT: A new in situ permeability test to determine both saturated and unsaturated hydraulic properties
of soil is proposed. In this method a ponded single-ring infiltrometer technique, such as the Guelph Pressure
Infiltrometer (GPI) is performed to determine the field-saturated hydraulic conductivity. Simultaneously
measured transient soil water content and cumulative inflow data during GPI test are used to identify
unsaturated soil hydraulic functions, which are defined by van Genuchten. These hydraulic functions are
identified by genetic algorithms (GA) incorporating finite element analysis of non-steady axisymmetric
seepage flow. GA are search algorithms based on the mechanics of natural selection and natural genetics, and
one of the increasingly popular global optimization methods. The advantage of the proposed method is
estimation of unsaturated soil hydraulic parameters that have not been successfully measured by any field
tests. The utility of our proposed method is demonstrated by using experimental data for Japanese dune sand.
1 INTRODUCTION
It is well known that saturated and unsaturated
hydraulic properties of soil are essential for accurate
determination of water movement as well as
contaminant transport in soil such as agricultural
field, compacted soil and landfill. Unsaturated
hydraulics properties consist of the hydraulic
conductivity as a function of pressure head and the
soil water retention curve. These hydraulic properties
of unsaturated soil should be measured in the filed.
Because air bubbles are usually entrapped in porous
media when they are saturated by infiltrating water,
the saturated hydraulic conductivity measured in
unsaturated soil is lower than the truly saturated
hydraulic conductivity measured by laboratory
experiments and is often referred to as a field
saturated hydraulic conductivity, Kfs. Unsaturated
hydraulics properties and Kfs are important to
describe water movement in soil because many
natural and manmade infiltration processes result in
significant air entrapment within the soil.
Most field experiments require restrictive initial
and boundary conditions. Measurements are
therefore time consuming, expensive and restricted
to a certain range. One of the more recently
developed field methods for measuring soil
hydraulic properties of unsaturated soils is a singlering infiltrometer known as the Guelph Pressure
Infiltrometer (GPI) (Reynolds & Elrick ,1990; Elrick

& Reynolds, 1992; Reynolds, 1993). This method
involves only a measurement of a steady-state
infiltration rate required to maintain a steady head of
water applied on the soil surface within the ring
inserted a small depth into the soil. An apparatus to
measure the steady-state infiltration as well as a
procedure to calculate soil hydraulic properties (Kfs,
matric flux potential, capillary length) is quite
simple.
In this paper, a new field experimental method by
using GPI is proposed. This method presents some
advantages in the analysis of transient inflow data by
GPI. Soil water content data will be measure near
inserted single-ring of GPI by using the amplitude
domain reflectometry (ADR) sensor. Inverse analysis
is applied to identify unsaturated soil hydraulic
functions, which are defined by van Genuchten
(1980). Unknown parameters of these functions are
estimated by genetic algorithms (GA) incorporating
finite element analysis of axisymmetric transient
seepage flow. Measured soil water content and
cumulative inflow data as a function of time were
used to evaluate the objective function in our GAbased method. Our proposed method is verified by
data from the experiment of the Japanese dune sand.
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2 APPARATUS AND PROCEDURE
2.1 GPI test with transient water content
measurement
The GPI apparatus consists of a single steel ring with
a radius a inserted into the soil to a depth d, a water
supply tube and a water reservoir tank as shown in
Figure 1. The position of an air tube controls the
constant head of water H applied on the soil surface
within the ring. The steady-state infiltration rate Qs is
measured during the constant-head infiltration from
the single-ring into the soil.

inserted into the soil to a depth d = 3.0 cm. ADR
sensor was installed at r = 10 cm and z = 20 cm. The
infiltration rate from the ring into the soil Q and
water content with time are measured during the GPI
test.

Figure 2. The monitoring instruments (a) and the initial
pressure head measured (b) in the proposed in situ permeability
test.

Figure 1. Schematic diagram of the GPI apparatus.

Based on theoretical considerations and the
numerical experiments of the three dimensional
infiltration from the single-ring into the soil,
Reynolds & Elrick (1990) developed the equation to
calculate Kfs of the soil:
K fs 

 *GQs
 *aH  a   * a 2G

(1)

where G is a dimensionless shape factor which
accounts for the geometry of the infiltration surface
within the ring and is calculated by
G  0.316

d
 0.184
a

(2)

* in Equation 1 is a parameter which describes an
exponential relationship of unsaturated hydraulic
conductivity and soil suction, and is interpreted as an
index of texture/structure component of soil
capillarity. The GPI method requires that * be siteestimated by simple observation of soil. Suggested
values of * for various soil textures and structures
are given by Elrick & Reynolds (1992).
Figure 2a illustrates the proposed in situ
permeability test based on the GPI, which was
conducted for Japanese dune sand. This dune sand is
classified as uniform fine sand. Its maximum and
minimum particle diameters are about 1 mm and 0.1
mm, respectively. The steel ring with a = 5.5 cm was

Constant head H = 9.7 cm was imposed on the
soil surface within the ring for 10 minutes. The
infiltration rates Q decreased soon after the
beginning of the constant head infiltration and
approached the constant value. Qs, which is
calculated as an average of the infiltration rate
measured during 5 to 10 minutes, was 12.89 cm3/s.
The soil was dug, instrumented and uniformly
back-filled before the permeability test. The average
value of the dry density in the compacted soil was
1.48 g/cm3. The distribution of initial pressure head
in the soil measured by using four tensiometers
before the beginning of infiltration is given in
Figure 2b. The radius of considered area is 40 cm so
that the flow out of the single-ring will not be affect
significantly.
2.2 Water flow
Although the water flow from a single-ring will
occur spatially in three dimensions, we can assume
axisymmetric transient seepage flow through the
homogeneous, isotropic and rigid porous medium
described by Richards equation.
C

h   h  K  h    h

 K      K
 K
t r  r  r  r  z  z


(3)

where r is the radial coordinate, z is the vertical
coordinate (positive upward) and h is pressure head.
C = d/dh is the specific soil water capacity with the
volumetric water content , K is the hydraulic
conductivity and t denotes the time. The solution of
Equation 3 is obtained with a finite element model
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of transient saturated-unsaturated seepage flow.
The soil hydraulic functions employed in
numerical model are described by van Genuchten
(1980). These functions will be referred as VG
model.

  r  1 
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GA have been established as the reasonable and
robust approach to inverse problems which requires
efficient search. The GA method is extremely simple
to use. Because it does not need to evaluate
derivatives of objective functions. GA are search
algorithms based on the mechanics of natural
selection and natural genetics (Goldberg 1989).
Compare to conventional optimization and search
techniques, the advantages of GA are:
a. A coding of the parameter set is used.
b. Search begins from multiple locations.
c. Objective function is used directly.
d. Stochastic operators are used.
Various gradient-based inverse methods have
been used to estimate unsaturated soil hydraulic
functions. Generally the sums of weighted
differences between observed and predicted data are
used as the objective function. In this study, the
parameters , n and s in VG model are estimated
using GA from change of water content and inflow
data based on the same type of objective function.
A commonly used expression for the objective
function O(b) is the weighted least squares, as
defined by Equation 7.
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The water content c(ti, b) and the cumulative
inflow Q(ti, b) are computed at prescribed times t.
and as a function of the set of optimized VG model
parameters in the vector b.
Using GA, three unknown parameters are
encoded as binary strings. The ranges of , n and s
are 0.005 to 0.068 cm-1, l. l to 7.4, and 0.3 to 0.45,
respectively.  and n are divided into 64
possibilities, which can be represented by a 6-bit
binary code. s is divided into 16 possibilities, which
can be represented by a 4-bit binary code. There are
65,536 (= 646416) different combinations of
unknown parameters. The possible solutions can be
searched from the immensity parameters by using
GA. These results in a 16-bit long binary code for
each individual string composed of all three
unknown parameters. One evaluation of the string
corresponds to each axisymmetric seepage flow
simulation.
3 RESULTS AND DISCUSSION
The parameter Kfs was determined by steady state
inflow rate measured by GPI to 2.74 X 10-2 cm/s.
We employ transient water content and inflow data
to perform our GA-based parameter estimation
procedure. In our GA operations the number of
population of 30, crossover probability of 0.6 and
mutation probability of 0.1 are used as the empirical
parameters of which may need frequent adjustment
to ensure successful and efficient application of the
GA method.
Table l. Estimated VG model parameters from GA.
GA run

Known parameters
Kfs (cm/s)
r
2.74x10-2

0.0

Unknown parameters
(cm-1)
N
s
0.034
4.6
0.37
0.033
5.0
0.38
0.033
4.9
0.38

(7)

2

m

Q 

1
2
3

2

m

 m(t ) / N
m

2.3 Parameter estimation using genetic algorithms

Ob  

(8)
2

where m = l-l/n, Se is the effective saturation, s is
the saturated water content, ris the residual water
content, Ks is the saturated hydraulic conductivity,
and , n are the soil retention curve shape
parameters (empirical parameters). In the parameter
estimation problem Ks and r have been measured
independently. Ks can be determined as Kfs by the
GPI theory. We assumed in our study that r takes
the value of 0.0 for sandy soil.

N

  1.0
N

K Se  K s Se0.5 1  1  Se1 / m
1/ m

m(it) and cumulative inflow Qm(ti), respectively. The
weighting factors are used to account for differences
in accuracy of measurements, and for correlation
between residuals. We assumed that the weighting
factors are determined by following equations.

j

j 1

where  and Q are weighting factor, N and M are
the number of measurements of the water content

Table 1 shows the estimated VG model
parameters by GA. Figure 3 and 4 show the
measured data from our transient field experiment.
The water content and cumulative inflow are
presented in these figures, where the solid lines refer
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to the computed data using estimated parameters of
VG model. The symbols denote the measured data.
The behavior of computed transient water content
and cumulative inflow rate agree with the measured
data.

Figure 3. Change of estimated and measured water content with
time.

model was compared with observed data from the
laboratory experiment in Figure 9 and 10,
respectively. As seen in these figure, a reasonable
correspondence is obtained between predicted data
and measured ones. Estimated parameters are
accurate enough for practical use.

Figure 5. Evolution of O(b) in the search process of the GA.

Figure 6. Evolution of unknown parameter a in the search
process of the GA.
Figure 4. Estimated and measured cumulative inflow with time.

Figure 5 shows the evolution of the relationship
between O(b) and number of generations in the
search process of the GA. Figures 6-8 also show the
evolution of the relationship between estimated
parameters and number of generations in the search
process of the GA. In our study, the GA solution
converged to a certain condition about 15
generations runs. It typically requires about 20 or 30
generations for the GA solution to converge for
estimating three unknown parameters. Each
generation, in turn, requires many forward
simulation runs depending on the population size.
The GA, however, can search the reasonable
solution, which is difficult for conventional gradientbased procedure to estimate from immensity solution
sets.
Soil water retention curve and unsaturated
hydraulic conductivity which were predicted by VG

Figure 7. Evolution of unknown parameter n in the search
process of the GA.

The GA are very stable and robust approach over
traditional gradient-based methods. This advantage
will become more obvious when dealing with a lot
of unknown parameters or a highly nonlinear
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problem. On the other hand the limitation of GAbased parameter estimation method is the large
number of forward model simulation runs required.

Figure 8. Evolution of unknown parameter 0 s in the search
process of the GA.

4 CONCLUSIONS
An in situ permeability test using a Guelph Pressure
Infiltrometer (GPI) with transient water content
measurement is proposed and its applicability is
verified by using experimental data for Japanese
dune sand. The followings are concluded:
a. The proposed permeability test based on GPI can
be an excellent practical in situ permeability test
because of its simple and speedy procedure to
determine both saturated and unsaturated
hydraulic properties of unsaturated soil.
b. Genetic algorithms-based parameter estimation
procedure to determine unsaturated hydraulic
functions from simultaneously measured transient
water content and cumulative inflow was
developed. Unsaturated soil hydraulic parameters
, n and saturated water content in van
Genuchten's
equations
were
estimated
simultaneously.
c. There
is
excellent
agreement
between
experimental and simulated infiltration behavior
from GPI test with the estimated soil hydraulic
parameters as the inputs of van Genuchten’s
equations for Japanese dune sand.
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Evaluation of field permeability measurements for residual soils
S. S. Agus, E. C. Leong & H. Rahardjo
NTU-PWD Geotechnical Research Centre, Nanyang Technological University, Singapore

ABSTRACT: Water movement through soil voids is controlled by the coefficient of permeability of the soil.
Analysis of infiltration of rainwater into the soil, for instance, is a case where the coefficient of permeability is
involved. A number of researchers have reported differences between the coefficient of permeability
determined in the field and those obtained in the laboratory. The differences can be up to several orders of
magnitude. In this paper, three field methods for determining saturated coefficients of permeability for
Singapore residual soils, namely open double-ring infiltration (ODRI), borehole soakaway (BS) and constanthead well permeability (CHWP) tests are assessed. Field permeability tests were conducted at three residual
soil sites. Comparison with laboratory measurements shows that the field and laboratory coefficients of
permeability do differ. Analysis of the results indicates that the difference in the water flow mechanisms of
the tests contributed to the differences in the coefficients of permeability being measured.
1 INTRODUCTION
Residual soils, as products of weathering process
commonly exist above the groundwater table. Thus,
they are usually unsaturated especially during the dry
season. It is well established that the unsaturated
coefficient of permeability can be determined from
the saturated coefficient of permeability and the soilwater characteristic curve (Fredlund and Rahardjo,
1993). Therefore, accurate determination of
saturated coefficients of permeability of residual
soils is essential.
Saturated coefficient of permeability, ks, can be
obtained either in laboratory or in situ. It has been
reported that ks determined in the field can be
different from ks obtained in the laboratory up to
several orders of magnitude. Trautwein and
Williams (1990) reported that the field saturated
coefficient of permeability, kfield, is one order of
magnitude higher than the laboratory saturated
coefficient of permeability, klab. Elsbury et al. (1988)
noted that kfield could be 10000 times greater than
klab. The differences are attributed to factors, such as
specimen size effect, heterogeneity, presence of
secondary structures and flow mechanism.
2 RESIDUAL SOIL SITE CHARACTERISATIONS
AND PROPERTIES
Field measurements of saturated coefficient of

permeability were conducted on Singapore residual
soils, which cover approximately two-thirds of the
total land area of the Republic of Singapore.
Singapore residual soils are mainly derived from two
formations, Jurong sedimentary and Bukit Timah
granitic formations (Fig. 1). Three residual soil sites
were chosen: one in Jurong sedimentary formation
and two in Bukit Timah granitic formation.

Igneous Rocks
(Bukit Timah granitic
formation)

Q uartenary D eposits
(Old Alluv ium)

Sedi ment ary Rocks
(Juron g Form ation)

Figure 1. Residual soils of the Republic of Singapore.

The Jurong sedimentary residual soil site was on
the Nanyang Technological University campus
denoted as NTU, whereas the two Bukit Timah
granitic residual soil sites were in the Mandai area:
Stephen Lee Road and Lorong Asrama denoted as
SLR and LA, respectively.
The investigation was only performed on the first
layer (i.e., near ground surface) which is the layer
that is most affected by surface flux conditions. The
soil on NTU site consists of reddish to yellowish
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Table 1. Summary of soil properties.
Soil properties
Formation
3

Unit weight (kN/m )
Specific gravity
Liquid limit
Plastic limit
Plasticity index
Sand (%)
Silt (%)
Clay (%)
USCS classification

NTU
0-1.7 m
Jurong
sedimentary
20.6
2.60
39
23
16
28
55
17
CL

SLR
0-1 m

60 cm in diameter and 25 cm high as recommended
by ASTM D3385 (ASTM 1998) were used in the
tests. The inner and outer rings were struck into the
ground to a minimum depth of 10 cm. To prevent
leakage in the contact between the rings' edges and
the soil, bentonite slurry was applied. The test
procedure involves filling up the outer ring with
water to saturate the soil. Subsequently, the inner
ring was filled up with water and the fall in the water
level in the inner ring was measured using the
measurement bridge.

LA
0-1 m

Measurement bridge

Outer ring

Inner ring

Bukit Timah granitic
18.3
2.60
108
47
61
61
38
1
SM

19.0
2.53
48
37
11
66
10
24
SC

Figure 2. Schematic drawing of ODRI test.

The field coefficient of permeability in the
vertical direction, kv-field determined using the ODRI
test, is calculated based on the following relationship
with infiltration rate, I, given as:

The ODRI test conducted in this study is classified
as a variable-head test in determining field saturated
coefficient of permeability of soils near ground
surface. It was originally developed to measure
infiltration in agriculture. The ODRI test is
applicable for measuring saturated coefficients of
permeability greater than 10-8 m/s (Trautwein and
Boutwell, 1994).
The set-up consists of one inner ring, one outer
ring and a measurement bridge (Fig. 3). The purpose
of the outer ring is to minimize the effect of lateral
flow during the test. Therefore, the ODRI test only
measures the coefficient of permeability in the
vertical direction. The measurement bridge
comprises of an adjustable stainless steel bar and a
floating measurement rod. The floating rod moves
downward as the water level in the inner ring
decreases.
The test was conducted twice for the NTU and
SLR sites, and once for the LA site. An inner ring,
30 cm in diameter and 25 cm high, and an outer ring,

k vfield 

I
i

(1)

where i is hydraulic gradient and can be computed
using the following equation:

i

Dp  Df

(2)

Df

where Dp = ponding depth and Df = depth of wetting
front where the front is defined as the location of
zero pore-water pressure.
The hydraulic gradient is high initially and
decreases with time towards unity resulting in kv-field
having the same value as I. Df is practically difficult
to determine. It may however be estimated using
cumulative infiltration and porosity, n of the soil
(i.e., Dp = Df n). Plots of the ODRI test results for
the NTU, SLR and LA sites are shown in Figures 3a
- 3c, respectively.
1.E-06

Infiltration rate, I (m/s)

3.1 Open Double-ring Infiltration (ODRI) test

Dp
Df

3 FIELD PERMEABILITY TESTS
Three types of field permeability tests were
conducted in this study: open double-ring infiltration
(ODRI) test, borehole soakaway (BS) test and
constant-head well permeability (CHWP) test using
Guelph permeameter. It is important to note that
factors which differentiate these methods, involve
test geometry (i.e., flow mechanism), volume of soil
tested and techniques employed in the measurement
of the rate of flow.

Bentonite seal

minimum
depth =10 cm

1.E-06

(a)

I
1.E-07

1.E-07

1.E-08

1.E-08

kv-field
1.E-09

kv-field (m/s)

brown clayey silt with sand and rock fragments. The
soil on SLR site is recognised as very loose yellow
to yellowish brown sandy/clayey silt with some
quartz gravels. A layer of loose coarse sand was
found at 1 m depth in this location. The presence of
quartz gravels were also found at the LA site. The
soils are composed of very loose to loose reddish
brown sandy/clayey silt with traces of laterite. The
complete index soil properties are listed in Table 1.
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1.E-05
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(3)

where  = P/2A; P = mean perimeter of the
borehole; A = area of base of the borehole; h1 =
water level at time t1; h2 = water level at time t2 and
= ½(h1+h2).

Elapsed time, t (h)
1.E-05

of the borehole. The borehole is saturated by
allowing water to infiltrate through the bottom and
circumference of the borehole for a period of time
after flushing. Subsequently, a submersible pressure
probe connected to a data logger, is lowered to the
bottom of the borehole (Fig. 4). As water flows out
of the borehole, readings are taken in terms of water
level and kfield is calculated using the following
formula (CIRIA, 1986):

Layer 1

1.E-08

1.E-09
10

20

30

40

h0

Layer 2

1.E-09
0

50

h1

Elapsed time, t (h)

Figure 3. I and kv-field versus elapsed time from ODRI tests:
(a) NTU site, (b) SLR site and (c) LA site.

Layer 3

3.2 Borehole Soakaway (BS) test



Submersible pressure probe

Figure 4. Schematic drawing of BS test.
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Unlike the ODRI test, three dimensional flow occurs
in the BS test. Thus, the composite field coefficient
of permeability in the lateral and vertical directions,
kfield, is measured. The BS test is categorised as a
borehole permeability test. Although, numerous
researchers have conducted many borehole
permeability tests on various types of soil, the range
of applicability of the tests is still unclear.
The BS test can be performed by means of
constant-head and variable-head test methods. In the
constant-head method, the bulk coefficient of
permeability is determined although soil at the test
location may consist of several layers. The BS test
using variable-head method allows the coefficient of
permeability of individual stratum to be determined.
In this study, the BS test using variable-head
method was used. The test was conducted once on
each location. The BS test on the NTU site was
carried out in a 150 mm diameter and 6 m deep
borehole whereas on the SLR and LA sites, the tests
were conducted on the ground surface up to a depth
of 1 m. The boreholes were 100 mm in diameter.
The test procedure includes filling up the
borehole with water and flushing it for an hour in
order to remove debris that might stay at the bottom

h2
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0
300
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Figure 5. Cumulative infiltration and water level versus elapsed
time in BS test: (a) NTU site (b) SLR site and (c) LA site.

Plots of cumulative infiltration and water level
versus time for the NTU, SLR and LA sites are
shown in Figures 5a - 5c, respectively.
3.3 Constant-head Well Permeability (CHWP) test
using Guelph permeameter method
The CHWP test using Guelph permeameter is a type
of borehole permeability test. The main difference,
which distinguishes the CHWP test from other
borehole permeability tests, is the use of a much
smaller diameter and much shallower borehole. The
test incorporates three-dimensional flow, which
occurs when a saturated bulb develops adjacent to
the borehole as water flows out due to hydraulic
head. Reynolds (1993) reported that the CHWP test
using Guelph permeameter is suitable for measuring
k'field ranging from 10-8 to 10-4 m/s.

tube fittings, inner and outer water reservoirs and a
well head scale.
The CHWP test using Guelph permeameter
method was performed twice at each location with
two different water heads. The test was commenced
by preparing a 60 mm diameter borehole which was
augered to a minimum depth of 20 cm. The borehole
was subsequently sized and cleaned from debris
using a sizing auger. It is important to note that the
augering process may create a smear layer which in
turn can result in the lower k'field being measured.
Hence, the smear layer was removed from the
borehole using a brush. The second step is setting up
the Guelph permeameter. The equipment was
assembled and its reservoir was fully filled with
water. At first, a water head of 5 cm was established
by slowly grasping the air tube. The rate of drop in
water level in the reservoir was observed until a
steady-state flow was achieved denoted when the
flow rate remains constant in three consecutive time
intervals. The second well head (i.e., 10 cm) was
then established in the borehole and the subsequent
procedure was repeated. kfield obtained from the
steady-state discharge, Q is calculated using the
following formula (Elrick and Reynolds, 1992):
Q  r 2k'field 

H
k'sfield H  m 
G

where r = radius of borehole; H = water head; G =
geometry shape function of infiltration surface given
by C/2; C = dimensionless shape factor obtained
3.0
Sands

2.5
Partial
vacuum, P1

Air tube

Water level

Water reservoir
Cross section, A

Standing
column of
water, P2

Atmospheric
Pressure, P0
Air inlet
tip

Structured loams and clays

2.0

C

Air tube
height marker

(4)

1.5
Unstructured clays

1.0
0.5
0.0

Valve

0

2

4

6

8

10

H/r
Tripod

Support tube

Water head,
H

Water outlet

Figure 7. C-factor for several types of soil (Reynolds and
Elrick, 1986).

Diameter = 2r
Saturated bulb

i

Well
(a)

from Figure 7 and m = matric flux potential defined
as:

(b)

Figure 6. Schematic drawing of CHWP test: (a) Guelph
permeameter apparatus and (b) Mariotte principle.

The schematic drawing of the CHWP test using
Guelph permeameter method is shown in Figure 6.
The set-up consists of four main sections, namely
flexible tripod, support tube, lower and upper air

m  k'field  d



(5)

0

where  = matric suction of the soil and i = matric
suction of the soil at the initial wetting front. By
assuming i = 0, Eq. (4) can be rewritten as:
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k'field 

CAR
(2H2  Cr 2 )

(6)

where R = steady-state rate of flow of the water level
in the water reservoir given by Q/A.
4 LABORATORY PERMEABILITY TEST
For evaluation of the field permeability
measurements, laboratory tests were also performed.
It should be noted that laboratory tests mostly
measure micro-permeability whereas in the field the
macro-permeability is determined. The micropermeability of the soil refers to flow of water
through micro-pores (i.e., the small void spaces
between soil particles). The macro-permeability is
controlled by the presence of macro-pores (i.e., the
larger voids corresponding to secondary structures
such as clod interfaces and all soil defects).
Laboratory tests are commonly performed using
small specimens, 5 to 10 cm in diameter and aspect
ratio (height/diameter) of 0.5. Benson et al. (1993)
questioned the use of small specimen size in
laboratory permeability test and suggested that 30
cm in diameter with an aspect ratio of 0.5 as the
minimum soil specimen size be used in laboratory
permeability tests. However, the reliability of the
laboratory test is still questionable. Lahti et al.
(1987) found that the laboratory coefficient of
permeability, klab could be determined reliably
depending on the procedure adopted and the quality
control during soil sampling.
In this study, the rigid-wall permeameter using
variable-head method was used. The bottom-up flow
was used to flush air bubbles that are possibly
trapped in the soil voids. Rigid-wall permeameters
using 54 mm diameter and 30 mm high rings were
used in the study. The set-up is completed with two
perspex caps to cover the rigid ring. An inflow line,
from a burette, was connected to the bottom of the
cell. The burette was employed to measure the
outflow (Fig. 8).

t1

The undisturbed residual soil samples were cut
parallel and perpendicular to the sampling direction.
A thin layer of vacuum grease was applied to the
inner circumference of the rigid ring. The test was
performed by firstly applying an initial hydraulic
gradient to the soil specimen. The burette was filled
up with water and readings were taken in terms of
water head as water flows across the soil specimen.
klab is calculated using the following expression:

k lab 

h 
aL
ln 1 
A t1  t 2   h 2 

(7)

where a = cross-sectional area of the burette, L = soil
specimen height and A = cross-sectional area of the
soil specimen.
5 RESULTS AND DISCUSSION
Comparisons of results of the field and laboratory
permeability tests for NTU, SLR and LA locations
are tabulated in Table 2. Comparison was made with
respect to flow mechanisms. For comparison to the
BS and CHWP test results, the laboratory composite
coefficient of permeability, klab, was calculated
based on the laboratory coefficient of permeability in
vertical direction, kv-lab and the laboratory coefficient
of permeability in horizontal direction, kh-lab as
follows:
k'lab  k vlab k h lab

(8)

However, it should be noted that Eq. (8) was derived
by assuming that vertical and lateral flows contribute
equally in the three-dimensional flow.
Table 2. Comparison between field and laboratory coefficients
of permeability.
Permeability (m/s)
kv-field (ODRI test)
kv-lab
kh-lab
kfield (BS test)
kfield (CHWP test)
klab

NTU
0-1.7 m
1.2x10-8
5.0x10-8
3.5x10-8
3.2x10-7
1.9x10-7
4.2x10-8

SLR
0-1 m
1.5x10-7
3.0x10-8
3.2x10-7
7.3x10-5
3.2x10-7
9.7x10-8

LA
0-1 m
3.1x10-7
9.5x10-7
1.2x10-6
2.2x10-6
5.1x10-6
1.0x10-6

t2
Burette
Cross-section, a

h2

h1

Outflow
Stand

L

Rigid-wall permeameter
Soil specimen
Cross-section, A
Cell stand
Inflow line

Figure 8. Schematic drawing of rigid-wall variable-head test.

Table 2 indicates that kv-field obtained from the
ODRI test for the NTU site is lower than kv-lab, even
though the ODRI test was conducted on a much
larger volume of soil and therefore it encompassed
the secondary structures that existed in the field. It is
suspected that air bubbles were possibly entrapped in
the soil voids resulting in the lower kv-field from the
ODRI test when the soil is saturated using the
ponding method (Reynolds and Elrick, 1990).
It is observed that kfield determined from the
CHWP test are comparable to those from the BS test
except for the SLR site. It confirms the fact that the
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flow mechanisms in the BS and CHWP tests are the
same. However, it should be noted that as the
volume of soil tested in the CHWP test is much
smaller than that in the BS test, the resulting kfield
from both tests are not the same. The BS test is
likely to give a greater value of kfield compared with
the CHWP test due to the different contribution of
the vertical and horizontal flows. As the BS test is
conducted in a relatively slender borehole compared
with that used in the CHWP test, the contribution of
horizontal flow is more likely to be greater than the
vertical flow. It can be concluded that the BS test is
more biased to flow in the horizontal direction.
The presence of a thin layer of coarse loose sand
in the SLR site has a significant influence on the
magnitude of kfield. As shown in Table 2, kfield
obtained from the BS test of the SLR site is
unexpectedly much greater than kfield determined
from the CHWP test.
kfield measured by BS and CHWP tests which
have the same flow mechanism are consistently one
order of magnitude greater than klab determined
from the laboratory test. It indicates that the degree
of heterogeneity of the residual soils tested is high.
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6 CONCLUSION
Several field methods of determining the coefficient
of permeability of Singapore residual soils have been
assessed. The results were compared with laboratory
measurements. It can be concluded that:
a. The coefficient of permeability of Singapore
residual soils can be determined reliably in the
field as well as in the laboratory. The ODRI, BS
and CHWP tests have been assessed to be
applicable in measuring kfield of Singapore
residual soils.
b. kfield is generally different from klab due to the
heterogeneity of the soils and the volume of soil
tested. The flow mechanism of the field test
should be accounted for when comparing kfield
and klab. Accounting for the flow mechanisms, the
difference in magnitude between kfield and klab is
about one order.
c. For the Jurong formation residual soils, kfield
ranges from 10-8 to 10-7 m/s, while for the Bukit
Timah formation residual soils kfield ranges from
10-8 to 10-6 m/s.
ACKNOWLEDGEMENTS
This research is funded by grants from National
Science and Technology Board, grant no. NSTB
17/6/16, and the Ministry of Education, grant no.
ARC 12/96. The first author acknowledges the
research scholarship provided by Nanyang
Technological University.
268

International Conference on Insitu Measurement of Soil Properties and Case Histories, Bali 2001, ISBN 979-95267-4-4

In situ measurements of groundwater flow characteristics
J. Hulla, M. Sulovska & J. Stefanek
Slovak University of Technology, Department of Geotechnics, Bratislava, Slovak Republic

ABSTRACT: For groundwater flow characteristics measurements of vertical stream in borehole are used in
the Slovak Republic. These methods are applied for investigation of water resources, for optimization of their
utilization, and pollution protection. Serious problems are solved on the basis of measurements for the sealing
elements efficiency in the foundation excavation, on the contacts of earth with concrete structures, in subsoil
and bodies of flood embankments, and dams. For solution of these problems the analyses of water level
regimes are not sufficient and it is required to execute also measurements of water flow rate occurring close to
the structures.
1 INTRODUCTION
At present it is possible to monitor water flowing in
situ in porous or in fissured medium by means of
several methods. Among them play tracer methods a
significant role. They enable to solve problems on
the basis of analyses of contents of natural stable
substances (D, H, 18O, 16O, and others), of natural
radioactive nuclides (e.g. 3H, 14C), or of the motion
of artificial tracers in one or more boreholes.
Valuable information on these methods may be
found in proceedings of conferences organized by
the International Atomic Energy Agency in Vienna,
by the Association of Tracer Hydrology, etc.
Review on one-borehole and multi-borehole
tracer methods and their application in solving
problems of radioactive contamination of
groundwaters under conditions existing in the
Slovak Republic is presented in the contribution by
Hulla et al. (1998).
This paper is dealing with only measurements of
vertical water motion in boreholes and their
application in solving actual problems of water
resources,
sealed
construction
excavations,
navigation locks, and dams.
2 VERTICAL FLOW MEASUREMENT
Deeper boreholes connect different pressure
horizons and vertical water flow takes place there
almost in all cases. Less intensive vertical flow
emerges due to non-uniform temperature distribution

and because of the fact that boreholes do not run
along an equipotential line. Intensive vertical flow is
a result of pumping or infusing of water into the
borehole.
The measurement requires a perforated
monitoring tube with inner diameter of 60 to
150 mm (or more) with a filtration fill at a given
depth. This permeable part of the borehole is located
in problematic zone of the construction.
Measurement results are representative for the
nearest borehole surrounding given by multiple of its
diameter.
Vertical water flow velocity in the boreholes can
be measured by micropropeller (for > 0.005 m.s-1) or
help tracers.
Interesting papers dealing with radioactive tracers
were published by Moser et al. (1963), Halevy et al.
(1967), Drost (1970) and others. Vertical velocity
must be > 5  10-5 m.s-1 due to diffusion.
In our conditions is used non-active tracer
natrium chlorite solution. Downstream vertical
velocity must be  10-4 m.s-1 due to density flow.
A tracer jet, upward and downward flow gauge is
installed in the immersion probe. The immersion
probe is put into the borehole, is connected to
battery-charged measurement devices with tracer jet
control panel positioned on the surface.
Concentration curves can be directly seen on the
computer screen. Through the calibration procedure,
by means of concentration curves, it is possible to
estimate average vertical velocity values.
Vertical discharge can be determined from the
continuity equation:
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qv  vv A  vv

  d 2  d s2 
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3.1 Water resources
(1)

where vv = vertical velocity; A = observation tube
discharge lateral section area; d = inner diameter;
and ds = outer immersion probe diameter.
Measurements are repeated in suitable intervals in
order that all the saturated permeable parts of the
borehole are uniformly covered by results and in
order that depth vertical discharge relation can be
plotted.
Interested information may be obtained from this
relation. If in the flow direction vertical discharge
increases, the water flows from the medium into the
borehole. If in the flow direction vertical discharge
decreases, the water flows from the borehole into the
surrounding medium. If the vertical discharge in a
part of borehole is constant, the surrounding medium
is relatively impermeable.
Filtration velocity in the surrounding medium,
approximately in the horizontal direction, is
calculated from the results of vertical water flow in
vertical borehole using the formula:
vf 

q v
 d h

(2)

In conditions prevailing in the Slovak Republic the
majority of groundwater resources is extracted from
wells bored in quaternary gravel sediments of large
rivers, e.g. the Danube, Váh, and Hron. Pumping
tests are important in realization of surveys. In the
past they were evaluated on the basis of the
assumption of the uniform water affluent over the
whole height of the permeable section of the
borehole. However, results of measurements of
water inflow into the wells showed that this
assumption was not always correct. Thus, the
pumping tests were complemented by measurements
of the depth distribution of vertical flows.
In addition to vertical flow induced by water
pumping from the borehole also depth distribution of
the natural vertical flow had been monitored in some
cases, resulting from interconnection of some
pressure horizons.
As example interesting measurement results
performed in one borehole in the Danube area have
been chosen (Figure 1).
a b

where qv = vertical discharge increase or decrease
in the part of the borehole with height h;
 = coefficient of drainage borehole influence at
vertical flow; d = observation tube inner diameter.
Filtration velocity calculations using equation (2)
are made with personal computer, results are plotted
as functions of depth. Average filtration velocity for
the respective borehole is determined using the
formula:
vf 

 v h
 h
f

(3)

and in the situation drawings is usually depicted as a
vector. Permeability coefficient stems from Darcy´s
law, and discharge from the continuity equation.
3 PRACTICAL APPLICATIONS
As already mentioned, measurements of vertical
water flow in boreholes can be used for solution of
serious problems connected with groundwater and
seepage water, dealing with the water resources
investigation and protection, and complex of
problems connected by efficiency of sealing
elements in the different civil engineering
construction.

Figure 1. Vertical water flow in drilled well: a. geology;
b. borehole condition; c. natural vertical flow; d. vertical flow
during pumping; h = depth, qv = vertical discharge; 
measured dependence;  assumption in evaluating the
pumping test (incorrect); - - - - suitable course for evaluation in
depths 10 to 33 m.

On the basis of vertical flow measurements
during the pumping test it may be concluded that
water flowed only in the upper section of the
permeable borehole part. However, measurements of
the natural vertical flow revealed, that the
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groundwater flowing in the lower section is
significantly more intense. Thus it would be possible
to pump from this borehole substantially larger
volume of water as over the test. If the borehole
would be built in so, that water could flow there only
in the lower section, the water would be cleaner,
better protected.
3.2 Sealed excavations
On the territory of the Slovak Republic, especially
close to the larger rivers, the permeable gravel
formations attain depth of 10 to 400 m. In deeper
layers neogene clayey formations occur. The
groundwater level is close to the surface of the
territory.
Under these conditions it is necessary to build
foundations of all structures having several
underground storeys in construction excavations,
sealed from side with diaphragm walls anchored into
the natural clayey layer, or into the artificial grouted
layer. Efficiency of sealing elements is of prime
importance for successful construction.
The most exacting problems had to be solved
during the construction of the Water Power Project
Gabčíkovo, where hydropower plant has been
constructed with power output 720 MW, as well as
of the two mighty navigation locks. This project has
a significant function protecting the region against
floods.
Gravel soils at the construction site reach down to
the depth of 400 m; the groundwater table attains the
surface terrain. The hydroelectric power plant is
founded in excavation, which is sealed by diaphragm
walls from self hardening suspension and by grouted
bottom (Figure 2). Of similar foundation are also the
navigation locks constructed.
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Figure 2. Foundation excavation for the Gabčíkovo water
power plant: 1 - diaphragm walls, 2 - grouted bottom, 3 excavation, 4 - water table, 5-12 - observation boreholes, 13-15
- pumped wells, G - gravel soils reach to the depth of 400 m.

For the area around the power plant excavation
bottom the permeability coefficient value of the
gravels in the horizontal direction kh = 1.7  10-3
m/s, anisotropy coefficient  = 10.
The original project assumed the permeability
coefficient of walls kw = 2  10-7 m/s, the grouted
bottom kb = 2  10-6 m/s. To keep the groundwater
table below the excavation bottom (36 m below the

terrain surface) would require under these conditions
to pump water from the power plant excavation
Q = 1.02 m3/s. Originally more than 50 bored wells
were suggested inside the excavation to pump the
water.
The construction excavations dimensions were
extremely large in the ground plane: for the power
station 220  430 m, for navigation locks 210 
450 m. Adequately designed network of observation
boreholes and pumping wells made possible to
estimate the efficiency of sealing elements on the
basis of water level situation and groundwater flow
velocities, based on measurements of vertical flow.
More permeable positions were located in the
grouted bottom and in sealing walls, however it was
not necessary to realize additional sealing. On the
basis of mean filtration velocities in observation
structures and discharge areas in respective series of
structures the flow rates were determined from the
equation of continuity. The results obtained are
presented in a summary review and idealized form in
Figure 3.
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Figure 3. Distribution of inflows to drilled wells in the sealed
construction excavation for the hydropower plant Gabčíkovo: 1
- diaphragm walls, 2-9 - observation boreholes, 10-11 - drilled
wells (not pumped), 12 - drilled wells (pumped), Q - quantity of
pumped water, Qw - portion of water inflow through walls, Qb
- portion of groundwater inflow through the grouted bottom of
the excavation.

The total quantity of water which had to be
pumped from the excavation did not exceed
0.2 m3/s, i.e. 20 % of the amount anticipated in the
project. Thus the high quality of diaphragm walls
and of grouted bottom have been proved, making
possible to use only one of the three sets of water
pumping wells and to organize better the
construction works within the excavation.
Measurements of filtration velocities and flow
rates computed from them enabled in Figure 3 a
simple determination of proportion of water
infiltrating through the walls (Qw1 and Qw2) and
through the grouted bottom (Qb1 and Qb2). During
water streaming under the bottom of the construction
excavation towards the pumped series of wells water
quantities inflowing through the walls remained
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constant, though water quantities infiltrating through
the grouted bottom increased in the flow direction.
Higher inclination of the curve characterizing water
inflow through the grouted bottom in the central part
of the excavation demonstrated higher permeability
of the grouted bottom in this part of excavation.
3.3 Navigation locks
Two navigation locks have been constructed close to
the hydropower plant Gabčíkovo, each of them is
34 m wide and 275 m long. They enable to surmount
the water level difference of 20 m.
Navigation locks had been founded in sealed
excavation (Figure 4). According to the project more
than 1.0 m3/s of water should have been really
pumped from the excavation, however only
0.08 m3/s had been pumped. Also here the sealing
elements were of high quality constructed.

On the basis of this phenomenon it may be
concluded that considerable quantity of water
flowing from navigation locks during their filling,
operation and emptying, resulting in groundwater
levels increasing in the space, sealed with diaphragm
walls and grouted bottom. Water infiltrated through
permeable positions in dilatation joints between
blocks.
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Figure 4. Cross-section of navigation locks at Gabčíkovo: 1 dilatation joints sealing, 2 - diaphragm walls made of selfhardening suspension, 3 - grouted bottom, 4-6 - observation
boreholes and pumping wells, 7 - flat foundations under
dilatation joints.

Diaphragm walls and grouted bottom remained in
the ground, however the upper part of walls
downstream the lower gates was removed as to
provide required depth of the navigation route. Thus
precisely defined boundary conditions were defined
for the operation of navigation locks. Groundwater
level adjacent to navigation locks, within the sealed
space should be varied according to the water level
in the tailrace, though it should not depend on water
levels in sealed navigation locks over their filling or
emptying.
Shortly of putting into operation the navigation
locks it was found out that in close observation
boreholes the groundwater levels significantly
fluctuate over the filling and emptying of navigation
locks (Figure 5).
Originally modest monitoring system was later
developed so, as to enable serious analyses of the
problems of existence, location, and influence of
leaking positions on the stability and safety of
navigation locks.
During navigation locks filling the groundwater
level increased practically in all observation
boreholes and pumping wells, and they increased
also when navigation locks were full, the actual
values being dependent upon the time of filling.

Figure 5. Water level fluctuations: 1 - in the right navigation
lock, 2 - in the left navigation lock (it was empty), 3 to 6 water levels in close observation boreholes (measurements
performed on 5.02.1994).

Respective navigation lock is composed of eight
reinforced concrete blocks. For sealing of dilatation
joints profiled rubber was used in one row, dilatation
joints consisted of polystyrene or heraclite plates
having thickness 25 to 50 mm. Existence of
continuous flat foundations under dilatation joints is
also an important detail.
Reactions of groundwater levels adjacent to
navigation locks supported the opinion that the
leaking positions in dilatation joints are concentrated
in the area of upper and lower gates. Groundwater
flow in the surrounding of navigation locks empty
for a longer period demonstrates existence of leaking
also between locks and inlet canal. However, these
leaking positions are not dangerous for navigation
locks stability.
In the subsoil of navigation locks the gravel layers
are very heterogeneous, the permeability coefficients
being without any laws in an extensive range from
10-4 to 10-1 m/s. In addition to that the natural
heterogeneity was artificially increased by
penetration of the mixture into the most permeable
layers of gravel soils during grouting of the
excavation bottom. In such medium the water level
regime may not be an objective tool for
characterization of the groundwater flow.
Therefore, the water level measurements in
observation structures were complemented with
measurements of filtration velocities on the basis of
vertical water flow. It was evidenced in many cases
that high water levels occurred in structures with low
velocities of streaming, and on the contrary high
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flow velocities were found in boreholes with low
water levels.
Measured velocities enabled to consider also the
stability of sand particles within the gravel skeleton
by comparing with critical velocities at which the
sand particles start moving.
Existence of these processes had been proved by
washing out of sand particles into observation
structures and successive decreasing of their depth.
Information on the borehole, located in close to the
assumed leakage of dilatation joints of navigation
locks (borehole No. 4 in Figure 4) are presented in
Figure 6.

Figure 6. Development of depth and vertical water flow in the
observation borehole close to leaking dilatation joints in
navigation locks: a - borehole condition, b96 to b99 - bottom
positions in respective years, c - vertical flow in 1997, d vertical flow in 1999, h - depth of the structure, qv - vertical
discharge.

Its depth decreased over the three years almost by
10 m. The most intense groundwater flow was
identified in 1997 in case of full right navigation
lock, its water table being in the depth of 17.5 m
below the tube surface. During sedimentation of the
structure over the years 1997 - 1999 the water level
increased under equivalent conditions and in 1999 it
increased by 10 m reaching the depth of 7.5 below
the tube surface. Without information on alterations
of the depth and vertical flow in this borehole the
evidently increased water level would be interpreted
as conse-quence of more extensive leakage over the
period 1997 - 1999. However, being aware of
alterations in the depth and in vertical flow it may be
stated that the low water level in 1997 was due to
intense vertical flow, high groundwater flow
velocities in the subsoil of navigation locks caused
washing out of sand particles into the observation
borehole, though the extent of leaking positions in
navigation locks need not be increased.
It was proved that close to the leaking sites
erosion process may develop at high water level

differences (up to 20 m). Sand particles from the
subsoil may be washed out into the tailrace, the
compressibility of gravel soils would be increased in
the first stage followed up by scours development
which may seriously endanger stability of navigation
locks.
Deformations of respective blocks were also
carefully monitored. The existing system enables to
follow the development of navigation locks
settlement (maximum value attained 160 mm),
different vertical displacements in dilatation joints
(maximum 20 mm), horizontal and vertical elastic
deformations during filling and emptying of
navigation locks (maximum 15 mm).
It is evident that rubber sealings are locally
disturbed in both locks. The empty navigation locks
act as drain, water from the neighbouring full lock
flows into it and flows away through lower open
gates. The detailed investigation performed by divers
revealed that distance polystyrene and heraclite
plates were flushed away from disturbed dilatation
joints.
When continuous flat fundaments exist below
dilatation joints water flow is chiefly concentrated in
the empty dilatation joints, penetrating through the
disturbed rubber sealing from the full lock and
flowing through the disturbed sealing into the empty
lock. A portion of water flows through dilatation
joints in the horizontal direction eroding gravel soils
in the sides of locks, though this is not hazardous for
the locks stability.
However, occurrence of erosion processes cannot
be excluded in navigation locks subsoil. At present
relatively extensive additional sealing of disturbed
joints with double composite polyurethane resins
Bevedan - Bevedol made by the company Carbotech.
Additional sealing of degraded gravel soils in locks
subsoil is also assumed by means of classic grouting.
Measurements of vertical water flow in observation
boreholes will be applied again for verification of the
efficiency of additional sealing works during special
operation.
3.4 Dam subsoil
Most of the dams in the territory of the Slovak
Republic are built in flysch rocks. Their subsoil is
sealed by a grout curtain, and the seepage regimes
provide good conditions for the dams´ stability and
reservoir operations.
The Turcek project in central Slovakia consists of
a drinking water supply reservoir, a rockfill dam
provided with bituminous-concrete sealing blanket,
and a grout curtain in volcanic rocks (Figure 7). The
project was constructed by firm Vahostav Zilina over
the years 1994 to 1996, the maximum operational
water level was achieved after the first filling in
1998. The most challenging problems were involved
in the construction of the grout curtain.
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The dam height is 61 m, length is 288, the grout
curtain was constructed depending on local
conditions to a depth of 30 to 70 m. The quality
control of the grouting work was performed using
water pressure tests. However, more than 30 % of
the checked levels did not meet the sealing criteria
required (Verfel, 1983; Kutzner, 1985), especially in
deeper positions where there were tuff agglomerates.
Even repeated reinjections were not successful.
The results of the water pressure tests were
carefully analyzed by a large team of specialists
interested in dam construction. In their opinion, the
water pressure tests are not absolutely reliable for
ensuring the sealing efficiency of the grout curtain.

have not been met. They enable also to explain the
mechanism of seepage regime. Increasing of water
level in the reservoir brings about equivalent water
pressure increasing in the lower permeable layer, on
the downstream face of the curtain water flows in
vertical direction through the less permeable andesite
layer and flows into a drainage system of good
quality under the dam body, its quantity attaining at
present about 0.02 m3/s.
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Figure 7. Cross-section of the Turcek dam: 1 - bitumenconcrete sealing, 2 - grout curtain, 3-6 - monitoring boreholes,
7 - groundwater level, a - low permeable andesite layer, b - the
most permeable andesite.

The Turcek dam is provided with many
monitoring systems, making it possible to follow the
development of the groundwater level, the uplift
conditions, the filtration velocities, seepages and
other systems. Through these characteristics it is
possible to see the changes induced by seepage, to
locate more permeable positions, and evaluate the
efficiency of the sealing elements.
Among many interesting problems should be
mentioned results of our measurements carried out in
special boreholes built in from grouting gallery into
grouted curtain, and into non-grouted medium below
(see Fig.7, borehole No.3).
Grouting gallery was located relatively deep so
that already prior to the first reservoir filling, after
opening of the borehole head, water sprinkled up
reach in a height of 1 m above the gallery bottom,
while the water was flowing in into the borehole
from the ungrouted medium under the curtain. After
closing the borehole head streaming under the
curtain was less intense (Figure 8).
In case of full reservoir after borehole head
opening water sprinkled up to the grouted gallery
ceiling, reaching about 0.03 m3/s, though when the
borehole was closed water flowing under the grouted
curtain was only negligibly less intense than in case
of empty reservoir.
Measurements made possible to estimate good
efficiency of the grouted curtain in spite of the
circumstance that the criteria of water pressure tests

Figure 8. Vertical water flow under the grouted curtain: 1 grouted curtain, 2 - perforated tube, a - flow at empty reservoir
and closed borehole, b - flow at empty reservoir and partially
open borehole, c - flow at full reservoir and completely open
borehole, h - depth under the grouted gallery bottom, qv vertical flow rate.

4 CONCLUSIONS
Measurements of water flow characteristics in
boreholes support the successful solution of actual
problems of engineering hydrogeology and
hydraulics. Experience have been obtained for
designing and optimum utilization of water
resources, for control of efficiency of sealing
elements used in excavations, for reconstruction of
navigation locks and for elucidation of special
problems of grouted curtain in neovolcanic dam
subsoils.
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Increasing the field capacity of a landfill to retain leachate
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ABSTRACT: The Coastal Park Landfill in Cape Town produces a very small annual leachate flow. The
landfill does not have an underliner and the leachate escapes into the groundwater, which is saline. The
regulatory authorities, i.e. the Department of Water Affairs and Forestry, are insisting that the landfill be
capped and closed. The paper describes the first stage of an experiment designed to stop the leachate flow
entirely, by raising the landfill and thus increasing its moisture storage capacity. If successful, it is hoped that
continuing operation of the landfill will be allowed, at a great cost-saving to the citizens of the Cape Town
metropolis.
The climatic conditions at the landfill site will be described, followed by details of the experiment, which
had been running for 450 days at the time of writing. Preliminary results of settlement and leachate flow
measurements will be given, as well as an analysis of the compression characteristics of the waste.
Evaporation from the landfill surface is an important component of the landfill water balance, and this subject
will also be treated. Finally, the paper will describe the quality of the leachate being expressed from the
experimental raising.
1 INTRODUCTION
In semi-arid climatic regions, potential evaporation
from a soil surface may far exceed rainfall, year on
year. However, if there are clearly defined wet and
dry seasons, there may be short periods of seasonal
water surplus. Figure 1 shows, for example, the
atmospheric water balance for Cape Town. There is
a small water surplus in the May-June period. For
the rest of the year water deficient conditions prevail.

Figure 1. Atmospheric water balance for Cape Town.
(EA = A-Pan evaporation; P = Precipitation)

Because of the large excess of evaporation over
rainfall, landfills in such climates usually produce
very little leachate even if the landfill capping layers
are pervious and almost all precipitation infiltrates.

Water accumulates and is stored in landfilled waste
during the wet season and is then re-evaporated and
evapotranspired during the ensuing dry season. If the
field capacity, i.e. the moisture storage capacity of
the waste, is large enough, the entire annual rainfall
infiltration can theoretically be stored and reevaporated, and the landfill will produce no leachate.
If this can be proved to the regulatory authorities, it
could have very beneficial financial consequences,
for if a landfill can be shown to produce no leachate,
there is good reason for allowing the expensive
underliner, usually required, to be dispensed with.
The case that will be considered in this paper is
that of the Coastal Park Landfill in Cape Town. The
landfill is situated 500 m from the sea on permeable
beach deposits of sands and silty sands, and has no
underliner. In 1986, the year the landfill was
commissioned, an underlining was not legally
required. Water balance studies undertaken in 1985
had shown that little or no leachate would be
produced, and as the aquifer under the landfill is
appreciably saline, an underliner was not considered
necessary by the local authority, then the City
Council of Cape Town.
Table 1 shows the annual mean values of leachate
flow, rainfall and A-pan evaporation for the landfill
for the period 1989 to 1995 and 1996 to 1997. The
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leachate flows were measured by means of five
lysimeters or observation cells constructed as
indicated in Figure 2. The sand on which the landfill
is built is used as intermediate and top cover.

Because the sand is pervious (k = 5 m/day), there is
almost no runoff and virtually the entire rainfall
infiltrates into the waste. Hence the figures for rain
in Table 1 can be taken to represent infiltration.

Table 1. Annual rain values for leachate, rain and A-pan evaporation at Coastal Park Landfill.

1989 to 1995
Average Annual Rain : 542 mm
A-pan evaporation : 1775 mm

1996 to 1997
Average Annual Rain : 620 mm
A-pan evaporation : 1756 mm

Leachate
mm/day
0.062
0.060
0.024
0.034
0.014

Leachate
mm/day
0.073
0.092
0.074
0.310
0.058

mm/y
% of rain
mm/y
Cell 1
22.2
4.1
26.7
Cell 2
21.9
4.0
33.6
Cell 3
8.9
1.6
27.1
Cell 4
12.5
2.3
113.3
Cell 5
5.2
1.0
21.5
Mean
14.2
2.6
Supplemental wetting, Cell 4 : 1485 mm over January-July 1996

% of rain
4.3
5.4
4.4
18.3
3.5

Figure 2. Typical section of existing waste and raising at Cell 5.

In 1994, the Minimum Requirements for Waste
Disposal by Landfill were introduced in South
Africa. These required any extensions to the landfill
to be underlined and the existing landfill to be
capped with impervious layers. The authorities insist
on applying the regulation, even though the leachate
flow is so small, and the underlying aquifer is not
being used. (In fact the aquifer cannot be used
without causing sea-water intrusion into the already
saline ground water.)
Table 1 shows that leachate exiting Coastal Park
has averaged 14 mm per year over a period of
observation of seven years. The lining required to be
installed must have a measured outflow not
exceeding 300 mm/year. Thus, if 14 mm of leachate
flows out of the base of the landfill, unimpeded by a
liner, this is officially unacceptable. If 20 times this
quantity seeps through a liner, it is perfectly

acceptable - yet another example of the demise of
regulatory sanity.
After prolonged deliberations, it was decided to
carry out the experiment described here. The landfill
is presently only 5 to 6 m high, and the moisture
absorption capacity is sufficient to hold 97.4% of
infiltrating rainfall (Table 1). Thus a small increase
of moisture absorption capacity by increasing the
height of the landfill, should stop the leachate flow.
If there is no leachate, there can be no need for an
underliner. The experiment was designed to test this
hypothesis by constructing a raised section of the
landfill over the observation cell.
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2 PREVIOUS USE OF THE OBSERVATION
CELLS
The first observation cell (Cell 1) had been installed
to detect and measure leachate, but the other four
were part of an experiment to see if hazardous
substances could safely be co-disposed with
domestic refuse. This experiment and its results have
been fully described in a Water Research
Commission Report (1999), and by Blight (1996)
and Ballard (1997). A small bunded area was
constructed directly above the geomembrane lining
of each cell. The hazardous substances were then codisposed by spreading them over the surfaces of the
cell. The substances applied to the cell were as
follows:
 Cell 2 : Wood preservative containing copper,
chromium and arsenic salts.
 Cell 3 : Lithium chloride as a tracer
 Cell 4 : Phenolic waste
 Cell 5 : Digested sewage sludge
The leachate from the cells under natural rainfall
and evaporation were analysed over the period 1989
to 1995, but very little of the products of the codisposed substances appeared in the leachate. The
waste around Cells 1 and 3 was sampled twice by
digging sampling holes (Blight, 1996) and it was
found that the lithium, copper, chromium and arsenic
salts had dispersed widely within the waste (which
appeared to have absorbed and immobilized the
salts). In 1996, from January to July, an attempt was
made to flush phenol from Cell 4. The surface of the
cell was irrigated with 1485 mm of water, thus
applying the equivalent of 3.4 times the annual
rainfall to the cell, and artificially creating a
localized water surplus. The leachate from the cell
increased from 12.5 mm to 113 mm and the leachate
from the other cells also increased (see Table 1) but
nothing traceable to the phenol was flushed out. The
fact that irrigation applied to Cell 4 affected the
leachate flow from the other cells confirmed the
evidence of the salt migration, that the predominant
direction of moisture movement within the waste is
lateral or sub-horizontal, rather than sub-vertical.
3 THE EXPERIMKNTAL RAISING
The moisture absorption or field capacity of a
landfill is a function of both its height and the
suction/water content relationship of the waste (see,
e.g. Blight & Roussev, 1995). Doubling the height of
the landfill can be expected to less than double the
moisture absorption capacity. It was decided to raise
the height of the test section of the landfill in two
stages. In the first year an additional 5 m would be
added, and this would be repeated in the following
year. The test section would be in the form of a
compacted waste berm covering Cells 2 to 5, about

250 m long, 95 m wide at the base and 20 m wide at
the crest. Figure 2 shows a typical section of the
existing landfill and the raising at Cell 5.
Because of the difficult working conditions on the
landfill, it was decided to keep the instrumentation
simple. A major difficulty with instrumentation
existed because of the presence of scavengers on the
site who tend to appropriate anything and everything
with a potential scrap value. Observations were to be
made of the following variables:
 Levels of original waste surface.
 Levels of surface of first 5 m raising.
 Levels of surface of second 5 m raising.
 Leachate flow rates.
 Leachate chemical analysis (chemical oxygen
demand (COD), pH, ammonia, chloride, copper,
chromium).
 Void space relationships (density, void ratio,
degree of saturation) of in situ waste.
The basic instruments would be the level and
tachometer.
It was expected that flow rates of leachate would
increase as additional overburden was added to the
existing waste. It was also decided to analyse the
leachate to observe any changes in quality as the
raising proceeds. Not much difference was expected
at first, although a fear had been voiced that leachate
expressed from the test cells might contain raised
levels of copper, chromium, etc. Later, when the
freshly added waste starts to generate acidic leachate,
there might be a lowering of the pH in the original
waste with the result that metals may be remobilized
and emerge in the leachate.
At the time of writing (July 2000) the first 5 m of
the raising has been completed (see Fig. 2 & 3) and
the landfill has been through a cycle of one wet and
one dry season.
4 OBSERVED SETTLEMENT AND LEACHATE
FLOW
The results of the physical measurements, namely
leachate flow rates and surface settlements for the
original waste surface, are shown in Figure 3. Figure
3.a shows the variation of the waste surface level
above each of Cells 2 to 5 with time. This is
equivalent to the time-loading diagram for the
experiment. The load intensities shown on the right
hand axis were based on a bulk unit weight for the
waste of 10 kN/m3 (see Table 2, later).
Figure 3.b shows the settlements under the raising
of the original waste surface above Cells 2 to 5 and
also those of the raised waste surface and their
variation with time.
The settlement response to loading was rapid, but
by no means instantaneous. After the initial rapid
compression, settlement continued at a steady pace.
The settlement of the raised surface has also
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proceeded steadily. It is interesting to note that the
waste above each cell behaved differently. In
particular, Cell 5 showed almost no initial settlement
under the first 2.5 m lift of the raising, but then
appeared to yield, and under the second 2.5 m lift,
settled to the same extent as the other cells.
Figure 3.c shows the leachate flow rates. As the
surface above each cell was raised by the first 2.5 m,
the flow rate increased, except for Cell 5, which
shows almost no increase in flow rate. As the second
2.5 m lift came on, the leachate flow rates increased
further for all cells and then gradually declined. The
flow rates from Cells 2, 3 and 4 were almost back to
the starting value after 450 days. That from Cell 5,
however, was still double its initial value, although
slowly declining. Unfortunately, it is now apparent
that the results of the raising experiment are being
affected by the attempt to flush phenol from Cell 4 in
1996. If the starting values of the 1998 leachate flow
rates in Figure 3.c are compared with those tabulated
in Table 1 for 1989/95, it will be seen that they were
all considerably higher than the earlier flow figures.
The November 1998 flow rates for Cells 2 and 3 had
actually increased to above their values for 1996/97.
Hence it is not only the effects of compression by
raising that are being observed, but also the effects
of the slow dissipation of the water mound induced
around Cell 4 during 1996.
Table 2 summarizes the settlements and leachate
flow information for the first year of the experiment.
Comparing lines 3 and 4 in Table 2 shows clearly
how the flow rates were affected by the 1996 water
addition. Note that the volume of leachate expelled
by the raising (line 8) is only a small proportion of

the reduction in void height caused by the settlement
(line 1). Nevertheless the question arises: Has the
waste become saturated by compression? To answer
this, a series of measurements were made in August
to October 1999:
The in situ densities of the waste near the original
surface of the landfill (level 10 m, see Fig. 3.a) and
beneath the raised surface (level 15 m) were
measured as follows : after exposing the waste
beneath the 0.5 m sand cover layer, a hole about
1 m3 in volume was excavated, with the waste being
loaded into a small truck. The waste was then
weighed in the truck and samples were taken for
water content determination and for analysis of the
waste composition. The truck was then filled with
loose sand, the weight and volume of the sand being
determined. The hole was filled with sand and the
truck reweighed to determine the weight of sand
used. Assuming the same densities for the sand in
the truck and the hole, the density of the waste in situ
was determined.
The water content samples were spread out under
cover and allowed to air dry for three months, after
which they were reweighed in toto, sieved to sort out
the various waste components and each class of
component was then also weighed. The results of the
geotechnical and composition measurements are
shown in Tables 3 and 4. In these tables, the
parameters e, S and gas-filled void height (= [1 - S]
 height of waste) have been calculated by assigning
solids densities to each of the waste components (see
Table 4) and calculating the composite solids density
of the waste according to the percentage by mass of
each component present.

Table 2. Settlements and leachate flow data for year one of Coastal Park Landfill raising (25 November 1998 to 24 November 1999)
(original 5 m high landfill)
1
2
3
4
5
6
7
8

Cell No.
Settlement (A)
Settlement (% original waste height)
Base flow (assumed constant initial rate)
Flow in 1989/95
Increased flow under 1st 2.5 m lift
Increased flow under 2nd 2.5 m lift
Increased flow under 5 m raising (B)
Total flow November 1998 to November 1999

(mm)
(mm/y)
(mm/y)
(mm)
(mm)
(mm/y)

2
655
13.1
55
22
19
14
33
88

3
841
16.8
44
9
44
7
51
95

4
743
14.9
69
12
33
17
50
119

5
601
12.0
15
5
0
4
4
19

Table 3. Measurements on original waste and waste from raising at Coastal Park Landfill.
Source of Waste
Original
Raising
Bulk density
(kg/m3)
655
841
Water content (% dry mass)
13.1
16.8
Void ratio, e
55
44
Degree of saturation, S
(%)
22
9
Gas-filled void height*
19
44
Average settlement Nov. 1998 to Nov. 1999
(mm)
14
7
Average leachate flow Nov. 1998 to Nov. 1999
(mm)
33
51
* This assumes that the sample was representative of the whole height of the landfill.
The gas-filled voids will actually decrease with depth and the true gas-filled void
height may be less than these figures.
** Compression of waste used in 5m raising.
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Figure 3. Measurements on original waste and waste from raising at Coastal Park Landfill.

Table 4. Composition of waste in original landfill and raising at Coastal Park Landfill
Component
Sand
Paper
Plastic
Metals
Glass
Organics
Solids density of waste (kg/m3)

Original
Raising
% by dry mass
51
77
13
8.5
9
6
3
0.2
3
0.3
21
8
2155
2492

Even if the gas-filled void height is actually only
half of the estimate, the waste should be far from
saturated. There may, however, be a limited height
of waste near the bottom of the original 5 m height
that is now saturated (See also comment after
Table 4).

Solids Density
(kg/m3)
2650
1800
1000
7000
2700
1800

5 THE EXPERIMENTAL RAISING
The waste composition determined from the density
specimens is given in Table 4.
The very high percentage of sand in the waste
arises because the cover material is a fine dune sand
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that infiltrates voids in the waste. Although the sand
cover layer was removed and the samples taken
between depths of 0.5 and 1.5 m, this was probably
too shallow a depth to be completely representative.
Waste at greater depths probably has a lower sand
content, a higher void ratio and a higher water
content. Comparing the second and third columns of
Table 3 shows that trends like these will probably
increase the degree of saturation and therefore
reduce the gas-filled void height.

Table 5. Compression characteristics of waste in original
landfill and in raising at Coastal Park Landfill.

6 COMPRESSION CHARACTERISTICS OF
WASTE
The compression of the waste (Fig. 3.b) is obviously
time-dependent, as a result of conventional
consolidation (shown by the increase in leachate
flow rate), creep of the organic and plastic
components, and decomposition of the organic
components. Figure 4 shows the compression of the
original landfill and the raising in the form of void
ratio versus applied pressure curves. These are
shown for the original waste at 30 and 180 days after
loading, and for the new (raising) waste after 180
days.
The main slopes of these compression curves
have been summarized in Table 5 in terms of values
of the volume compressibility:
mv = de / dp (1 + eo)

(1)

(where de/dp is the slope of the compression curves
and eo is the initial void ratio), and the steady state
strain rate:
 = d / dt (1 + eo)

(for times from 300 to 450 days).

It is difficult to find comparable figures in the
landfill literature. However, a recent paper (Watts
and Charles, 1999) gives some time settlement
curves for landfills in Britain. From these it appears
that for British waste and conditions (and much
longer times), lies in the region of 1% per year.
Considering the comparatively short duration of the
observations at Coastal Park, the figures in Table 5
appear reasonable, but will probably decrease with
time.

(2)

Parameter
mv (30 days)
(kPa)-1
mv (30 days)
(kPa)-1
 (300 to 450 days) (%/y)

Original Waste
0.910-3 to 210-3
1.810-3 to 2710-3
3.8

Raising
1.510-3
5.8

7 EVAPORATION FROM THE LANDFILL
As explained in the introduction, evaporation is very
important for reducing the water content of the waste
and maintaining the water balance of the landfill as
an overall water deficit. The atmospheric water
balance is not, however, the same as the water
balance of the landfill, as it uses evaporation
measured by means of an A-pan which is not the
same as the actual evaporation from a landfill
surface. The evaporation or evapotranspiration from
a soil surface can be estimated by measuring the net
solar radiation reaching the landfill surface (RN) as
well as the solar energy consumed in heating the
near-surface soil in the top cover layer (G). The
difference in energy (Le) is used for evaporating
water from the cover layer. The energy balance for
the landfill surface is thus given (Blight, 1997) by:
Le = RN – G

(3)

Eight sets of evaporation measurements have
been made at Coastal Park, seven on the original
surface and one on the surface of the raising. Figure
5 summarizes these measurements.

Figure 4. Compression characteristics of waste.

Figure 5. Measured evaporation from surface of landfill and
raising.
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The measurements have been compared with the
long-term average A-pan evaporation, and are
considerably less than A-pan values. The measurements are a bit erratic because the evaporation on a
particular day depends very much on cloud cover.
For example, the two evaporations measured in
November on cloudless days (3.4 and 3.6 mm) were
more than twice that measured on a cloudy day
(1.6 mm). The line representing 0.7EA represents the
assumption in the Minimum Requirements that is
used for calculating the Climatic Water Balance.
However, the long term water balance for the landfill
(e.g. Novella et al., 1999) shows that over the past
13 years, rainfall has averaged 0.4 of A-pan
evaporation. Hence actual average evaporation from
the landfill cannot exceed 0.4 of A-pan evaporation.
The line on Figure 6 representing 0.4EA agrees
reasonably well with the spot values established
from the radiation balance.

to stress. It is too early to see if the main objective of
the experiment, namely stopping the leachate flow
entirely, will be realized. The results of the experiment appear promising, but several more years of
observation will be needed before drawing final
conclusions.
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9 CONCLUDING REMARKS
The measurements thus far have revealed some
interesting behaviour for landfilled waste subjected
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In situ hydraulic fracturing test in soil using hydraulic piezometer system
at Mulur Dam, Central Java, Indonesia
Djoko Mudjihardjo & Cindarto
Research Institute for Water Resources Technology, Bandung, Indonesia

ABSTRACT: In soil, hydraulic fracturing is initiated, when the pore water pressure is higher than horizontal
earth pressure. Arching action in a dam embankment reduces overburden pressure and horizontal earth
pressure, initiating hydraulic fracturing that eventually results to leakage. To study this phenomenon,
hydraulic fracturing test had been undertaken using a hydraulic piezometer system. Three hydraulic
piezometer tips furnished by plastic twin tubing were penetrated at certain depths using a 2.5 ton capacity
Dutch Cone Penetration apparatus. The twin tubing of the piezometer were connected to the reading unit and
filled the system with de-aired water. The pore pressure build-up is let to dissipate and afterwards, a constant
flow of water was applied to the piezometer tip through screw control pump. The discharge of water is
recorded and the applied pressure was read at specified time interval. The test results were plotted as function
of pressure vs. time and pressure vs. discharge of water. Parameters such Horizontal stress, Initial pore water
pressure, Coefficient of earth pressure at rest, and Coefficient of permeability are deduced. It is known that the
rate of water discharge is significant. The higher the discharge rate of water, the higher horizontal stress is
obtained.
1 INTRODUCTION
Hydraulic fracturing test was initially introduced by
Clack in 1948 intended as technique to enhance oil
exploitation and was later adapted and developed for
geotechnical engineering, not only for underground
tunneling (Haimson, 1972) but also for dam
engineering. Several notable cases of dam damaging
such as in Teton, USA (1976), Hyttejuvet and
Vidalsvatn, Norway (1968 and 1976), Balderhead,
England (1970) and Cwmwernderi, Ireland (1980)
were initially caused by hydraulic fracturing.
Field permeability test results performed in the
homogeneous earthfill embankment in Dead Sea,
Israel in 1966 using hydraulic piezometer by L.
Bjerrum revealed that over-the-value permeability
results tested along the embankment were indication
of hydraulic fracturing that resulted from overapplying pressure on the soil mass being tested.
In 1966, the Hyttejuvet rockfill dam in Norway,
suffered from significant leakage during its initial
filling (Kjaernsli and Torblaa, 1968). According to
the investigation results, hydraulic fracturing that
was developing as the water level at the reservoir
was being raised has caused the leakage. At a
particular water level of the reservoir, the actual
effective stress of the soil at core zone at certain
depth was found less than that of the seepage

pressure. Based on the observation, the hydraulic
fracturing occurred when the seepage pressure was
only 0.2 times the theoretical effective stress of the
soil at that elevation. The reduction of soil effective
stress at that point was caused by arching effect
where the actual vertical effective stress was less
than the theoretical vertical effective stress
(overburden pressure minus pore water pressure).

Figure 1. Cross section of Mulur dam at the hydraulic
fracturing tests.

In order to study and investigate the condition of
Mulur Dam, Sukoharjo, located about 30 km South
of Surakarta, Central Java, Indonesia, a series of
hydraulic fracturing test were carried out using
hydraulic piezometer system. The dam itself was
constructed in 1960 and had been reconditioned in
1975-1976. The maximum height at the dam’s crest
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is about 8 m and with length of 2.200 m with water
reservoir capacity of about 4.900.000 m³ and
reservoir area of about 4748 Ha.
2 GEOLOGY
Based on geological map issued by Research and
Development Institute for Geology of Indonesia
(1988), scale 1:100.000, the stratigraphy of the study
area is described in the Table 1.
Table 1. Stratigraphy of the study area.
FORMATION
Alluvium
Volcanic rock of
Merapi Volcano
Volcanic rock of
Lawu Volcano
Old alluvium

Nglanggram
formation

LITHOLOGY
Clay, silt, sand, gravel
and cobbles
Erosion Surface
Volcanic breccia,
tuffaceous lava
Volcanic breccia,
tuffaceous lava
Sandstone, silt and clay
Erosion Surface
Volcanic breccia,
agglomerate, andesitic
lava and tuff, andesitic
intrusive rock

Table 2. Soil characteristics and parameters of fill material at
the Mulur dam.
No.
1
2
3
4
5
6
7

8

Description
WL
IP

Min.
Value
76
42
17.4
38.72
18
1

%
%

kN/m³
wn
%
’

c’
kN/m²
Grain size %
- Sand
8
- Silt
19
- Clay
58
USCS Soil Classification

Max.
Value
93
65
17.9
41.47
18
9

Average
Value
84
53
17.6
40.17
18
7

16
26
73

11
23
66
CH

AGE
Holocene

4 IN SITU TESTING
4.1 Apparatus

Holocene
Pleistocene

Early Miocene
to
Mid - Miocene

The soil layers delineated at the Mulur dam study
area are as follows:
 Fill material, consists of reddish brown soft to
firm clayey sandy silt, medium to high plasticity
with Nspt = 8-10.
 Dam foundation upper layer (5.50 m to 26.50 m),
consists of brownish grey to yellowish grey soft
to firm clay, medium to high plasticity,
intercalated by tuffaceous silty sand, slightly
cemented, with Nspt = 7-15. The permeability
coefficient of this foundation upper layer ranges
from 10-5 to 10-4 cm/sec.
 Dam foundation lower layer (26.50 m to 50.00
m), consists of tuff, fine to coarse grained,
containing pumice fragments, slightly cemented
to friable, grey to brownish grey, intercalated by
tuffaceous breccia. The permeability coefficient
obtained from the packer test at 39.30 m to 49.00
m depth ranges from 10-7 to 10-5 cm/sec.
3 SOIL PARAMETERS
Based on laboratory test performed on the
undisturbed soil sample, the following soil
parameters define the fill material of Mulur Dam
(refer to Table 2).

The apparatus utilized for hydraulic fracturing tests
for soil embankment at Mulur dam is composed of:
 Penetrometer apparatus of 2.5 ton capacity for
penetrating the hydraulic piezometer tips
 Hydraulic piezometer tips, including their plastic
twin tubing and connectors
 De-airing unit, including air compressor, vacuum
pump and header tank
 Manometer read out panel, provided by Umercury and screw control
 Stop watch
4.2 Installation
Prior to the installation of the piezometer tip, initial
penetration using Begemann Cone was carried out to
facilitate smooth penetration of piezometer tip into
the soil. During the initial penetration, cone
resistance and sleeve friction were recorded.
Afterwards, the piezometer tip furnished by plastic
twin tubing at its upper part was penetrated in the
same hole into the dam embankment down to certain
depth using the same apparatus. The depth of
penetration reached 9.00 m, approximately at the
transition zone between the fill and the foundation
layer.
After the piezometer tip reached the required
depth, the guide pipes were pulled out. Some portion
above the tip was filled with sand and then sealed
with bentonite pellets whereas, the remaining gap of
the hole was filled by Portland cement mortar mixed
with bentonite to assure that there would be no water
leaking when water pressure is applied during the
test.
The schematic diagram on the piezometer tip
installation is shown in Figure 2.
The twin tubing was then connected to the deairing unit and U-mercury pipe at the ground surface
(Figure 2.). The testing is started when the system
was fully filled with de-aired water.
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Figure 4. Plot of the relation between pressure vs. time of
hydraulic fracturing test.
Figure 2. Schematic diagram of piezometer tip installation.

5 RESULT OF THE TEST
The results of the in situ testing were then plotted as
the relation between water pressure (p) against the
discharge of applied water per-time (q) as shown in
Figure 5.

Figure 3. Schematic diagram showing hydraulic fracturing test
in soil by hydraulic piezometer tip.

4.3 Testing Procedure
The hydraulic fracturing test commenced after
excessive pore pressure developed during tip
penetration has fully dissipated. The time required
for the excess pore pressure to dissipate depends on
the soil type and its permeability. The less permeable
the soil the longer time required for dissipation.
The testing started by applying water pressure
through the screw control. The screw control was
pre-calibrated to obtain the relation between the
volumes of water pumped out at certain rotation of
the screw control. The quantity of water flowing to
the piezometer tip as gauged per rotation of the
screw control was 1.48 cc/rotation.
The applied water pressure to the piezometer tip
was read through U-mercury pipe. After the
maximum pressure remained constant, the
application of water pressure was stopped and allows
the water pressure to diminish gradually until it
reached equilibrium. The test can then be repeated
up to 2 or 3 cycles to obtain a series reading.
Each reading was every constant time interval of
30 seconds up to the peak of maximum pressure
value and used the time interval of 5, 10, 15, 30
seconds and further to 10 – 15 minutes intervals
from the maximum down to point of the equilibrium
pressure.
The plot of the relation between pressure vs. time
during the hydraulic fracturing test is shown in
Figure 4.

Figure 5. Result of hydraulic fracturing test at piezometer P-1.

From the curve the following information can be
obtained:
 Minor principal stress, 3, indicated by the point
at which the linear portion meets the to the curve
portion
 Initial pore water pressure, u0
 Effective horizontal earth pressure,
 h = 3 – u0
 Coefficient earth pressure at rest, K0, if the
vertical effective stress is known
From the linear portion of the graph or the prehydraulic fracturing stage, it may be possible also to
calculate the coefficient of permeability From the
linear portion of the graph or the pre-hydraulic
fracturing stage, it may be possible also to calculate
the coefficient of permeability based on the quantity
of water at certain time, q at certain applied pressure
P, following the formula below;
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For r < L < 10r :
k=

L
q
sinh 1 p
2  L p  p
2  rp

(1)

where Lp = length of the piezometer tip, rp = radius
of the piezometer tip
The results of hydraulic fracturing test are
tabulated below.
Table 3. Results obtained from hydraulic fracturing tests.
Piez.
No.
P-1
P-2
P-3

Depth
m
9.40
9.20
8.40

3
kN/m²
89
80
115

u0
kN/m²
39
33
25

h
kN/m²
50
47
90

p0
kN/m²
119
130
124

K0
0.42
0.36
0.73

Table 4. Coefficient of permeability obtained from hydraulic
fracturing test.
Piez.
No.
P-1
P-2
P-3

Depth
m
9.40
9.20
8.40

p
kN/m²
32
58
30

q
cc/sec.
0.1234
0.1234
0.1234

Sinh-1
Lp/2rp
1.632
1.632
1.632

Precaution shall be made during permeability test
using water pressure. The application of
excessive water pressure may initiate hydraulic
fracturing in the rock/soil mass tested so that the
permeability coefficient obtained was not the
representative value.
 From the experience carrying out hydraulic
fracturing test at Mulur Dam, it is recommended
to apply discharge water to the piezometer tip of
about 1.48 cc/minutes.

k
(m/sec.)
8.14 x 10-8
4.50 x 10-8
8.69 x 10-8

6 LIMITATION OF THE TEST
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The disadvantages of the in situ hydraulic fracturing
test using hydraulic piezometer systems are:
 Process in penetrating the piezometer tip by using
Dutch Cone Penetrometer apparatus disturbs the
wall of the hole surrounding the piezometer tip.
 Limitation and accuracy of the deairing unit,
when the applied water pressure stopped.
The accuracy of the test result will depend upon
to the discharge rate of water to the piezometer tip
by screw control. If the discharge rate of water high,
the hydraulic fracture will not be indicated clearly on
the graph. From the testing experience at Mulur dam
it is recommended to use the discharge rate of water
1.48 cc/minute.
The accuracy of the value of K0 depends on the
value of v, by installing the total pressure cell near
the piezometer tip, a more accurate K0 value will be
obtained.
7 CONCLUSION


In situ hydraulic fracturing test in soil of a dam
can be carried out by using a hydraulic
piezometer tip which penetrated into the dam
body to a certain depth by means of 2.5 ton
capacity Dutch Cone Penetrometer apparatus.
 In the case of Mulur Dam, based on the in situ test
results, the hydraulic fracturing at the depth 9.4 m
(P1) and 9.2 m (P2) would be occurred, if the
piezometric level raised up to 0.5 m below the
crest of the dam.
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Observation of rain-induced change of in situ groundwater level in
railway embankment
Tomoyasu Sugiyama
Railway Technical Research Institute, Tokyo, Japan

Katsuya Okada
Kokushikan University, Tokyo, Japan

ABSTRACT: Long-term observation of suction, ground water level etc. were carried out in embankment used
for train scheduling in order to examine the stability of embankment during the rainfall. This paper describes
changes of ground water level and the suction with the rainfall on the basis of the data obtained in long-term
observation. As the result, following facts are clarified. Since the effect of the atmospheric pressure
fluctuation is recorded, it is necessary to correct for pore water pressure meter and soil moisture sensor used
for the measurement. And, the groundwater in the embankment during the rainfall rises from toe of slope.
Afterwards, the value in which embankment is the highest with the progress in the time in the central position.
In addition, the change of the suction of the embankment center is bigger than that near face of slope. The
suction shows the tendency that occurs in also considerably retarding the reaction for the rainfall.
1 INTRODUCTION
Embankments along railway lines in Japan often
collapse due to typhoon and heavy rain in wet
season, and they become big problem for safe and
stable transportation. The stability analysis of the
slope is executed, when the stability of
embankment is examined. However, the pore water
pressure seems to influence the stability of
embankment, and there are many cases in which
they are examined by that the actual condition is
measured in present location with little estimating.
And, the actual condition of accurate fluctuation of
water level in railway embankment during rainfall
has not been clarified. The long-term observation
of base of such background, pore water pressure
which accompanies the rainfall in service railway
embankment, suction was carried out. This paper
describes the research result such as groundwater
rise with the rainfall and change of the suction on
the basis of the soil survey result in the long-term
observation.
2 OBSERVATION SITE
The investigation was carried out in the railway
embankment located in central Japan along the
Pacific Ocean. The investigation site is located about
the 300m from the position which collapsed by
concentrated heavy rain on July 15th, 1988
(Sugiyama et al., 1990). The cause of a collapse was

estimated as a result of pore water pressure within
the embankment that rose by the rainfall. This
embankment is on alluvium lowland in Nakano
River, and the circumference is utilized in the paddy
field. In starting the measurement of pore water
pressures, etc., soil layer structure in the
embankment and foundation ground were confirmed
by boring (it is carried out in top of slope, center of
embankment), sounding using the portable dynamic
cone penetrometer, and indoor soil test of the
picking sample. Grounds under embankment are silt
or silty sand, and the N value is weak with 2~4, and
the ground water level is near ground level. Figure 1
shows soil profile and sounding result, boring
histogram in the top of slope division of
embankment estimated from the survey result. The
embankment upper part is sandy soil (SV), and the
lower soil layer is cohesive soil (CL). In addition, a
lump of mudstone exists at the embankment bottom.
The permeability of mudstone refuse layer of the
embankment bottom is 10-7 cm/s order, and is almost
an impermeable layer. The ground of the lower
embankment lower is a low-permeable layer in 10-6
cm/s order. The drainage through upper layer is easy
but its penetration into the lower grounf is hindered
by the impermeable layer, hence the ground water
level in the embarkment easily rises. And, though the
permeability of the sandy soil, which occupied most
of embankment, was obtained by laboratory test and
field permeability testing, it is about 10-3~10-4cm/s.
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Figure 1. Soil layer of measurement embankment.

3 OUTLINE OF OBSERVATION
3.1 Sensors used for the measurement and their
position
3.1.1 Pore water pressure meter
Pore water pressure meters were buried, after the
anhydrous boring was done using strain gauge type
of measurement capacity 200 kPa. It was buried in
the silt layer which was lower than groundwater
position in embankment supporting soil. The filter
for clay laying in the ground was installed in the pore
water pressure meter in order to prevent the plugging
of the pore water pressure meter filter in the longterm observation.
3.1.2 Soil moisture meter
Soil moisture meter was used in order to estimate the
amount of moisture change of the unsaturated soil
with the infiltration of the rainfall. Soil moisture
meter used in this observation is shown in Figure 2,
and the capacity is –70 kPa. This meter the
cylindrical tube which has porous cup buried
underground in advance is filled with water, and the
soil water transmits porous wall of the porous cup. It
is hydraulically coupled, and it is a system for
reading the pressure when pressure of soil water and
internal pressure of the tube balance state by the
pressure transducer of the strain gauge type.
3.1.3 Rain gauge
In tipping over of 1 time the rain gauge, it was made
to be tipping over trout type rain gauge, which
emitted the pulse of 0.5 mm. Since it is connected
with the data logger, amount of rainfall converter,
which converted the pulse signal, which the tipping
over trout sends into the voltage, was relayed.
3.1.4 The other meters
The pressure gage was installed in order to confirm
the effect of the fluctuation of atmospheric pressure
of the measurement of pore water pressure and
suction in the banking on the pressure sensor
otherwise. As well as the pore water pressure meter
pressure gage used.

Figure 2. Soil moisture meter

3.2 The location of meters
The location of pore water pressure meters and soil
moisture meters is shown in Figure 3. Laying in the
ground depth of the pore water pressure meter was
made to be the embankment bottom. The laying in
the ground position of the pore water pressure meter
did not become the dry season for the condition of
the unsaturation. It was considered that in this
position, clay layer and silt layer of the epistasis of
the pore water pressure meter became with the
impermeable layer for this reason, even if the nearby
water-level will lower in case, and that in the
position of the pore water pressure meter, they
become always the saturation state. Therefore, the
pore water pressure meter was buried in the borehole
as shown Figure 4, and was filled in the sand layer of
which the permeability was high in the hole. In the
meantime, in each 4 points and embankment center,
the observation point of the suction measurement
equipped embankment top of slope and paste middle
with observation point in total of 9 points in the
1 point of the 2.5 m depth in depth direction, and it
buried the soil moisture meter on the hand auger
borehole. The measurement period is for 1 year
and3 months from September 1st, 1989 to November
30th, 1990.
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Figure 3. Measurement position.

pressure and pressure sensor was confirmed. In
Figure 5, it of change of atmospheric pressure and
pore water pressure without the rainfall in the period
is shown. In spite of not observing the rainfall, the

Figure 4. The conceptual scheme of pore water pressure meter
laying in the ground.

3.3 The data collection
The recording of the data incorporated the strain
amount by the pressure sensor in data logger as a
digital value directly by a memory card. The data
recorded in the memory card it was sent to personal
computer through the card reader. This data was
multiplied by the calibrating coefficient of the each
pressure sensor and is converted into physical value
of pore water pressures, etc. The sampling interval of
the data was made to be 10 minutes. The exchange
of the memory card was changed to about 20th from
the relationship between the record capacity with the
frequency of 1 degree.
4 PRESSURE SENSOR AND ATMOSPHERIC
PRESSURE
4.1 Pore water pressure measurement value and
atmospheric pressure
It is said that correcting the fluctuation by the
measurement using pore water pressure meter of the
strain gauge type are necessary to estimate
throughout long term of atmospheric pressure
simultaneously. The example of confirming what
kind of inconvenience occurred for observed value
and actual fluctuation is little, when it is not
corrected. On the basis of initial data of the
measurement, the relationship between atmospheric

Figure 5. Atmospheric pressure fluctuation, pore water pressure
measured value and corrected pore water pressure.

measured value before the atmospheric pressure
correction changes from 4 kPa within 6 kPa (range
of 20 cm by the conversion to the groundwater
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height), and it is proven that it is clearly linked with
the change of the atmospheric pressure. Pore water
pressure meter buried on the underground should be
also considered the indication of the above the
affection of the atmospheric pressure. In the case of
the exact measurement which is do not disregard the
fluctuation of the atmospheric pressure, it is
indicated that observation system which also
sufficiently considered the fluctuation of the
atmospheric pressure must be systematized.
4.2 Suction and atmospheric pressure
It is also important to estimate the suction of the
underground in order to analyze the stability of the
slope. The following are also reported: Measurement
procedure of the suction in situ and practical
example of the measurement. Soil moisture meter
used in this observation is one of the results of
proposing. The relation between atmospheric
pressure
and
measured

change of the suction should be small, since there is
no rainfall. However, by linking the suction before
the correction with the atmospheric pressure almost,
it changes. That is to say, soil moisture meter of the
strain gauge type used in this observation is
influenced by the atmospheric pressure fluctuation.
Therefore, there is the possibility caught like
whether it has changed the water pressure, which
does not change actually, when the fluctuation of the
atmospheric pressure is not corrected. Reversely, the
change of the minute suction, which fluctuates in the
short time, may be missed, when the fluctuation of
the atmospheric pressure is not corrected. They also
worry about not rightly judging the situation of the
suction fluctuation in the underground by invasion
and drying.
5 THE MEASURING RESULT
5.1 The long-term change
During the measurement the aging variation of pore
water pressure and suction is shown with amount of
rainfall in Figure 7 (August 1989 ~ November,
1990). For the rainfall with many quantities, it
rapidly rises right after the measurement start on the
pore water pressure with each observation point.
The pore water pressure lowers afterwards, since the
rainfall was little from November over January, next
year. Though the rise is started by the rainfall from
February 1990 again, large change is not observed by
the July early month, since there was no rainfall
which was arranged in the wet season. The tendency
that it changes to stage exsiccation is in the summer
from the end of this post-July over the September
beginning and that the pore water pressure decreases
is shown. The typhoon might pass investigation site
to 4 times during of the observation, and by
arranging rainfall, the pore water pressure shows
intense rise and lowering. The suction the paste
surface part greatly changes in the every rainfall, and
in the position with the deep embankment, amount
of change for the rainfall is small. That is to say, the
suction in the shallow part is controlled at amount of
rainfall of the every rainfall, it changes, and that in
the deep direction is controlled for the change of
long-term amount of rainfall.
5.2 Characteristics of the water pressure change by
the rainfall

Figure 6. Atmospheric pressure fluctuation, suction measured
value and corrected suction.

value by the soil moisture meter has not been
reported until now. Figure 6 shows the change of
the suction of point SA-3-0.9 in the dry season. The

The position which the pore water pressure most
sensitively responds by the rainfall is at the toe of
slope (PA-1). In this position, the lowering of the
pore water pressure is also the rapidest. The
response for the rainfall is reversely slow for the
center of embankment. However, it is embankment
center bottom (PA-4) that change width of the pore
water pressure is the biggest.
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Figure 7. The fluctuation of pore water pressure, suction and daily rainfall.

That is to say, raising of water level begins from toe
of slope where to begin with, the infiltration distance
is short, and the rise start position gradually moves
with the continuation of the rainfall in the
embankment central direction. Final shape of water
surface shows that the center of embankment is the
highest and that toe of slope is low.

figure shows point PA-1 and point PA-4 in which
the pore water pressure insensitively changes in
which the pore water pressure sensitively changes.
The tendency in which rise quantity of the pore
water pressure also increases is shown, if rainfall
increases. At pore water pressure rise quantity and
connected amount of rainfall, there is the correlation.
In the meantime, the clear correlation is not observed
in the relation with maximum hourly rainfall. That is
to say, the change of pore water pressure of
embankment is more related to total amount of
rainfall than amount of rainfall in short time.

Figure 8. Relationship between total amount of rainfall and
pore water pressure rise quantity.

5.3 The relationship between rainfall and pore
water pressure change.
Taking the relationship between connected amount
of rainfall over 10 mm and rise quantity of pore
water pressure as Figure 8, the relationship between
maximum hourly rainfall and rise quantity in the
rainfall is respectively shown in Figure 9. Each

Figure 9. Relationship between maximum hourly rainfall and
pore water pressure rise quantity.
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6 CONCLUSION.
The results in our field test are as follows.
a. The
momentary
pressure
variation
of
embankment during the rainfall can be rightly
measured by water pressure of the strain gauge
type, which we used and measurement system by
data acquisition.
b. Though the pressure transducer of the strain
gauge type is influenced the change of
atmospheric pressure, it is possible to remove this
by the measurement of the atmospheric pressure.
c. The groundwater rise of embankment by the
rainfall begins from toe of slope where the
infiltration distance is short. Afterwards, the rise
start position gradually shifts to the embankment
center with the continuation of the rainfall, and
the embankment center is finally most high, and
shape of water surface, which shows the form of
which the toe of slope part is low, is shown.
d. In the embankment center, the peak of the pore
water pressure in the toe of slope division agrees
almost with the peak of the rainfall, and large
time is needed from the peak of the rainfall till it
reaches the peak.
e. The rise of pore water pressure of embankment is
more related to total amount of rainfall of
continued rain than concentrated amount of
rainfall in short times.
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Runoff measurements on residual hillslopes from simulated and natural
rainfall events
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ABSTRACT: The quantity of water that enters the soil for any rainfall event depends on four basic
characteristics. They are, rainfall characteristics, environmental characteristics, soil characteristics and the
external geometrical characteristics of the soil. The rainfall characteristics include rainfall intensity and
rainfall duration. Environmental characteristics include solar radiation, wind speed and humidity. Soil
characteristics include permeability functions of the soil, types of soil layering, initial water contents of the
soil and ground water table levels. The geometrical characteristics cover slope angles and runoff length to the
nearest drainage. Together, these characteristics form a complex synergistic relationship that dictates the
overall infiltration characteristics of the soil.
This paper presents a method for accurately measuring the initial storage of a slope and the infiltration rate
for either a simulated or natural rainfall event. This is done indirectly by measuring the runoff from the
rainfall event. The quantity of rainfall for any rainfall event is easily measured using a rain gauge. The
corresponding pore-water pressure and groundwater level changes can be measured using tensiometers and
piezometers respectively.
It is widely known that the runoff hydrograph measured for a hillslope always lags behind the rainfall-input
hydrograph. The amount of rainfall flux applied, during the time lag between the start of rainfall and the start
of the runoff hydrograph, is the initial storage of the slope. The difference in areas under the rainfall and runoff hydrographs is the total infiltration for that rainfall event. The equipment setup for runoff, pore-water
pressure and rainfall measurement is presented along with a natural and a simulated rainfall and runoff
hydrographs.
1 MEASUREMENT OF RUNOFF FROM
SLOPES
1.1 Slope stability
In many cases of slope failures, the failures are often
preceded by longer than average periods of
continuous rainfall. In the case of residual hillslopes,
the groundwater table is often deep beneath the
ground surface. This produces an unsaturated zone
with negative pore-water pressures. The shear
strength of the soil in the slope varies with the matric
suction or negative pore-water pressures in the slope.
Therefore if suctions are reduced, the slope could
fail depending on the slope angle and soil
parameters. Such reductions in the soil suctions are
caused by either an increase in the rate of water flow
into the soil causing an increase in the pore-water
pressures or by the reduction in the rate of water
removal from the soil (i.e. positive and negative
fluxes). An accurate estimation of suctions in the
slope at various depths at any time is crucial to the

calculation of the factor of safety of the slope. To
estimate the suctions in the slope, there must be
measurement of the net flux from the slope. Rainfall
intensities, runoff, infiltration and evapotranspiration must be measured to establish a
complete and accurate model that can estimate the
suctions in the slope.
1.2 Natural and simulated rainfall events
In this study, runoff from a test slope due to natural
and simulated rainfall events was measured.
Measuring runoff from simulated rainfall events
provided a good starting point for the development
of the rainfall simulation and the runoff
measurement equipment. Simulated rainfall events
also facilitated the understanding of the effects of
different rainfall intensities and durations on the
slope pore-water pressure profiles. Simulated rainfall
events of controlled rainfall intensity and duration
were applied on a test slope sited at the School of
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Civil and Structural Engineering, Nanyang
Technological University, Singapore. The simulated
rainfall events also provided a good reference point
to calibrate a two-dimensional, finite element
infiltration
model
in
SEEP/W
(Geoslope
International, 1998).
Runoff measurements from natural rainfall events
were more difficult as natural rainfall events are not
predictable, both in intensity, occurrence and
duration. The equipment had to be developed further
to cater to the “unpredictability” factor.

saturated permeability measured provided a starting
point to calculate the minimum discharge rate of the
equipment. A group of eight microsprays for every
discharge point was chosen to satisfy the calculated
discharge requirement. It was found that by varying
the water supply pressure to the microsprays, the
discharge could also be oontrolled. Figure 2 shows a
cluster of eight microsprays at a typical discharge
point.

2 EQUIPMENT SETUP
2.1 Generation of simulated rainfall
To simulate rainfall, a variety of garden and lawn
sprinklers were investigated and were found
unsuitable. These sprinklers either did not generate
uniform rainfall or they did not have the required
flow capacity. It was then decided to look at
microsprays that were commonly used in
greenhouses and plant orchards. A microspray
manufactured by Netafim was chosen. Furthermore,
under an appropriate working pressure, water could
be sprayed uniformly over a large area. The
microsprays were calibrated and the results indicated
that at a spray height of 1.8 m, a single spray could
cover a circular horizontal ground area of
approximately 2.5 m diameter. The required
discharge rate could be met by lumping a few
microsprays together in series. A single microspray
is shown in Figure 1. The pressure regulator uses a
rubber diaphragm to step down the working water
pressure to the swiveling spray attachment. This
pressure regulator also helps prevent particles from
clogging up the discharge nozzle by preventing large
particles to pass through it. The circular shape of the
spray is made possible by a swiveling attachment at
the end of the discharge nozzle.

Figure 2. Cluster of eight microsprays at a single discharge
point.

A series of four discharge points were used to
cover the length of the experimental plot. This
provided uniform artificial rainfall intensity along
the experimental plot. Figure 3 shows the four
discharge points mounted on timber frames.

Figure 3. The four discharge points mounted on timber frames
set up on the test slope.

Figure 1. The microspray made by Netafim used in the rainfall
simulation.

A suitable range of rainfall intensities was
selected based on results from double-ring
infiltrometer tests at the crest of the slope. The

Water was supplied to the test slope from a
holding tank of about 1 m3 capacity. The water was
pumped through a system of PVC piping. The PVC
piping ran along both sides of the plot, smaller
diameter PVC pipes carried the water up to the
discharge points from both legs of each frame so that
there would be minimum pressure head loss. Figure
4 shows the control valve that was used to regulate
the flow rate of water to the discharge points. The
runoff was collected using a system of interlocking
steel roofing sheets that formed a “catchments” area.
The V-shaped bottom portion of the system of steel
sheets prevented ponding of runoff at the discharge
point of the system. Thick tarpaulin sheets were
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hung from timber runners and draped just at the
perimeter of the plot to prevent spray loss from the
wind and to ensure uniformity of spraying.

Figure 4. The feedback valve system in the fibreglass tank used
to control the flow pumped to the microsprays shown in
Figure 2.

bulkiness of the original system was also reduced by
the usage of flexible hosing. Figure 6 and Figure 7
show two set-ups on plots of different geometries.

Figure 6. Rainfall simulation using the steel frames one behind
the other and flexible hose system.

Calibration of rainfall intensities was done by
using thick tarpaulin sheets to cover the test plot and
measuring the flow rate for each valve setting of the
feedback valve system as shown in Figure 4. Figure
5 shows the covered test plot during calibration of
rainfall intensities.

Figure 7. Rainfall simulation using steel frames mounted side
by side.

The usage of lightweight steel frames enabled
studies on plots of different sizes and shapes to be
carried out according to the space and
instrumentation constraints.
2.2 Runoff measurement

Figure 5. Slope covered with tarpaulin sheet in preparation for
calibration.

The artificial rain system comprising timber
frames and hard PVC piping shown in Figure 3 was
sufficient for study of one plot only. If the study was
to be carried out on another slope, this system was
too cumbersome to dismantle and reassemble. It was
decided then to make the system more portable and
flexible to deliver the simulated rainfall to slopes at
different locations. A lighter system was designed
using steel angle bars that were bolted together. The

The measurement of runoff from the slopes required
a device that could measure flow rates ranging from
a small trickle to much higher flow rates. The
common design in determining open channel flow
rate was to employ the use of a V-notch weir to
control the water levels by calibration of the weir
flow depth with flow rate. The initial approach was
to use a V-notch weir in the drain that ran along the
slope perpendicular to the dip direction. This
however was abandoned as the drain also carried
water from other parts of the slope besides the test
plot and isolating the flow only for the test plot
during natural rainfall events was cumbersome and
logistically difficult. The V-notch weir also
exhibited low sensitivity for small flow rates because
of the width of the drain.
Figure 8 shows the design of a Perspex flume
used to measure the range of flow rates that would
be experienced in the test plot.
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The flume exhibited a high degree of sensitivity
to a wide range of flow rates. This was due to the
flume channel being only 5 mm wide. The flume
(shown in Figure 8) by itself can only be used for
manual measurements of water flow by observations
of the water level at a fixed time interval by the
operator. Laboratory calibration curves are shown in
Figure 9 to correlate the flow depth with flow rate
using the setup shown in Figure 10.

on the two plastic rulers glued on the sides of the
flume channel. To measure runoff from natural
rainfall events there was a requirement for the water
levels to be read automatically by a sensor and
recorded in a data-logger. The readings had to show
the time and the water level measured and this could
be compared to readings from the nearest rain gauge.
The requirements led to a few improvements
made to the existing flume together with an addition
of a water level meter sensitive to small changes in
water depth in the flume. The improved setup is
shown in Figure 11.

Figure 8. The Perspex flume with the two water flow
measurement points.
Figure 11. Perspex flume with 6521J water level meter
installed.

With the new setup, the water flow into the
collection portion of the flume was smoothed by the
addition of baffles in the flume and a polyethylene
bag at the outlet pipe. This ensured that the water
that flowed into the flume did not have the velocity
to cause turbulence at the measurement point. The
setup was re-calibrated using the same setup shown
in Figure 10. The new calibration chart is shown in
Figure 12.
Figure 9. The calibration curves for both the measuring points
on the flume.

Figure 12. Calibration chart for the setup shown in Figure 11.

Figure 10. The setup used to calibrate the flume.

Manual readings for water level readings were
adequate for simulated rainfall events as the operator
was present to read the water levels that were shown

Figure 13 shows the setup in the field. As the
flume was calibrated to be used in the “leveled”
position, a series of PVC pipes were embedded in
the soil beneath the flume to serve as a leveled
platform.
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event. The plots shown in Figure 17 show a runoff
peak occurring after the rainfall intensity peak due to
the natural rainfall event.

Figure 13. Perspex flume with capacitance water level meter
and “pile” leveling system.

2.3 Rainfall measurement
The rainfall intensity with time for each rainfall
event was measured using a Handar 444A tipping
bucket rain gauge.

Figure 15. Runoff measurements from a natural rainfall event.

3 RESULTS
3.1 Results from Simulated and Natural Rainfall
Events
Figures 14 and 15 show the runoff measurements
from simulated and natural rainfall events,
respectively.

Figure 16. Runoff hydrograph from superimposed natural
rainfall on simulated rainfall.

Figure 14. Runoff measurements from a simulated rainfall
events.

From Figures 14 and 15, the time to runoff after
the onset of the rainfall event is a measure of the
initial abstraction of the slope. The area under the
runoff measurement curve after the end of the
rainfall event is a measure of the water storage
capacity of the soil in the slope.
Figure 16 shows a case where natural rainfall
occurred during a simulated rainfall test. The
flexibility of the system was demonstrated when the
rain gauge captured the natural rainfall event and this
event was added on top of the simulated rainfall

Figure 17. Rainfall-runoff relationship measured for a slope in
the experimental plot in Nanyang Technological University.

With tests conducted for natural and simulated
rainfall events under different initial soil conditions
with different soil and rainfall event characteristics,
curves can be plotted to characterise the infiltration
properties of different residual soil slopes. An
example of such a curve is illustrated in Figure 18
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where the infiltration rate as a percentage of rainfall
is shown to decrease with increasing rainfall
amounts.

Figure 18. Plot of infiltration as a percentage of rainfall amount
against rainfall amount per event (field observations).

4 CONCLUSIONS
A measurement system using corrugated steel sheets
and perspex flume can be used effectively for runoff
and infiltration measurements on a slope. Runoff can
be collected by the steel sheets and channeled to a
collection point where the flow rate can be
measured. The perspex flume designed and
constructed to measure the runoff flow rate from the
plot has been shown to be accurate for a wide range
of runoff rates. Automated depth readings in the
perspex flume have enabled runoff flow rates from
natural rainfall events to be measured. The
infiltration rate can be indirectly measured by
subtracting the runoff flow rate from the rainfall
intensity.
The start of runoff always lags behind the start of
rainfall event by a period proportional the initial
storage capacity of the soil, the rainfall intensity and
the soil properties. The infiltration rate as a
percentage of rainfall is shown to decrease with
increasing rainfall amounts.
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The usage of filter paper method to identify the in situ characteristics of
clayey soils related to their drying-wetting cycles
Indarto & Ria A.A. Soemitro
Civil Engineering Department, Institut Teknologi Sepuluh Nopember, Kampus ITS – Sukolilo, Surabaya,
Indonesia

ABSTRACT: The engineering problems of structures built on clayey soils subjected to drying-wetting cycles
which may range from the expansion of a swelling clay to the loss strength of an embankment. Whether the
soil is unsaturated or saturated, it is the negative pore-pressure that gives rise to this unique class of soil
mechanics problems. When the pore-water pressure is negative, it is advantageous, and generally necessary, to
use independent stress state variables to describe the behavior of the soil. This is very different from saturated
soil mechanics problem where it is possible to relate the behavior of the soil to one stress state variable,
namely, the effective stress variable. There are many materials in engineering practice whose behaviors are
not consistent with the principles and concepts of classical saturated soil mechanics.
This study attempts to determine the in situ condition of volume variation and shear strength characteristics
of several undisturbed and disturbed clayey soils subjected to a various values of negative pore-water
pressure. The experiment shows that the volume and shear strength characteristics of soils are strongly related
to their negative pore water pressure. The usage of Whatman No. 42 filter paper to measure a wide range of
negative pore-water pressure in soil samples has been found to be convenient and economical technique
which can be applied easily.
1 INTRODUCTION
The clayey soils, especially expansive soil has a
potential for shrinking or swelling due to any change
of water content, during drying-wetting cycles. In
that situation, the shear strength of these expansive
soils will be changed with changing of water
content.
One of the major parameters controlling these
phenomena is the matric capillary pressure or
suction. Several researchers (Biarez et al., 1988;
Fleureau et al., 1993) have presented experimental
research on drying-wetting paths to synthesize the
effect of negative pressure on the simultaneous
changes in void ratio and degree of saturation under
zero total stresses.
Before doing a practice calculation of soil
structures, the relation between variation negative
pore pressure due to climate factors, with other
parameters of soil (shear strength, modulus of
elasticity, etc.) must be studied, in order to knowing
their behavior. Unfortunately, in the case of
unsaturated soil, the measurement of shear strength
under negative pore pressure and their relation with
its properties, is not only expensive but also time
consuming.

This paper shows an experimental study of the
volume variation and shear strength characteristics
of clayey soils – for both disturbed and undisturbed
sample-, under the variation of negative pore
pressure due to drying-wetting cycles. The filter
paper Whatman No. 42 was used to measure suction
or negative pore pressure. The purpose of using
undisturbed sample here is to describe the behavior
clayey soils in the case of in situ.
2 SOIL PROPERTIES
The clayey soil used in these series of tests is an
expansive soil, taken from Pakuwon Jati real estate
Surabaya Indonesia. The characteristics tested from
undisturbed soils for this soil are shown in Table 1
Table 1. Characteristics of undisturbed soil tested
Gs
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w
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3 TEST PROCEDURES
3.1 Soil specimen preparation

7

3.1.1 Remolded samples
The remolded samples for drying wetting case were
prepared with initially slurry. The slurries were
prepared at water content equal to 1 time the liquid
limit wL of the soil. For this natural expansive clay,
the aggregates were carefully crushed, but no change
in the percentage of fines. Once the slurries are
ready, the materials filled in the steel tubes with
diameter of 3.8 cm and 7.6 cm in high. For each
series of the test, two samples were prepared, one of
those samples is for suction and soil properties
measured, and the other sample was prepared for
shear test.

6

3.1.2 Undisturbed samples
For the undisturbed sample, the materials were taken
carefully from the tubes. Cylindrically specimens,
with the diameter of 3.8 cm and 7.6 cm in high, were
formed by using a trimmer. The initial condition of
those specimens is presented in Table 1. As the
remolded sample, each series of the test, the two
samples were prepared, one for a suction and soil
properties measured, and the other for a shear test.

0

3.2 Suction measured by Filter Paper Method
For all specimens, both disturbed and undisturbed
samples, the suctions were measured by Paper Filter
Method. The type Whatman No. 42 of the paper
filter is used for that measured. Agricultural soil
scientists were the first recognize and use paper filter
as indirect soil suction sensors (Gardner, 1937;
Fawcett and Collis-George, 1967). The principle of
paper filter technique is based on the hypothesis, that
at a point of equilibrium, the negative pore pressure
or suction in the soil sample and the paper filter in
contact is similar.
Calibration of this particular grade of paper filter
using a variety of techniques shows that it is possible
to correlate the equilibrium water content of in soil
sample. The curves in the Figure 1 could be
compared, some curves of calibration from some
authors that use the same apparatus. Fawcett and
Collis-George (1967), and then Zerhouni (1991)
have been made a calibration for wetting paths, the
other side Parcevaux (1980), and then Indarto (1991)
have been made a calibration for drying paths. The
results show that there is small hysteresis between
drying paths and wetting paths. But all of those
curves for both drying and wetting have the same
form, qualitatively. The calibrations show that
measuring negative pore pressures (suction) using
Whatman No. 42 filter paper could be done under a
range of –1.5 kPa to – 90.000 kPa

Faw cett-Collis
(w etting)
Zerhouni
(w etting)i
Indarto (drying)

pF

5

Parcev oux

4
3
2
1

0

50

100

150

200

w (%)

Figure 1. Filter Paper Calibrations from some authors.

Application this filter paper method for all series
tests in this paper was done by inserting a paper filter
disc of Whatman No. 42 which is covered by
ordinary filter paper in the soil samples. The purpose
of covering by ordinary filter paper here is to keep
the filter paper disc of Whatman 42 always clean or
free from the particles of soil.
For the slurry materials or remolded samples,
placing the filter paper disc will be done, when
filling slurry materials in the steel tube reached 1/3
and 2/3 of high. For undisturbed samples, specimen
with 3.8 cm of diameter and 7.6 cm of high was cut
by 3 parts, with the same high. Place a filter paper of
Whatman No. 42 (with a dimension 25 mm x 25
mm) covered by ordinary filter paper between each
pair of soil parts, thus there is two filter papers for
each specimen. When placing of filter papers are
finish, place the specimen containing the filter paper
carefully into membrane elastic, before entering this
specimen into steel tube. For all specimens, both
disturbed and undisturbed, after placing the filter
papers, wrapping well the specimen with tight
material to prevent the evaporation, then store the
specimens in the place that have a constant room
temperature. The measure of suction will be done,
after five days, or when the water content of soil and
paper in contact is stable.
3.3 Drying-wetting cycles
3.3.1 Remolded sample
For drying-wetting cycles, all specimens were started
from slurry, that have water content initial equal to
liquid limit. In the case drying, each step of drying
was done slowly and carefully, in order to prevent
rapid evaporation of water content in the specimen,
so that the material was prevented to crack. The first
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step of drying was done by storing the material in the
room that have room temperature, the second step
was done by placing the specimens in the indoor
room with dry air, and finally to reach dry material,
the material must be placed outdoor under sunlight.
The time for each step depends on a certain point to
achieve in the drying path - from the slurry until dry
materials. When a material in the tube reaches
certain water content in the drying path, the
specimen must be wrapped well again, then store the
specimen in room that have room temperature for
minimum five days. After five days or when
equilibrium was reached under given negative pore
pressure or certain water content, one of the two
specimens were weighed before and after be dried in
the oven, and its volume must be calculated too, to
find all properties of sample. Also the filter paper
that containing in the specimen, must be weighed,
before be dried in the oven, to find value of negative
pore pressure or suction. The other sample is
prepared for shear test.
4

A
150

100

50

In the case of wetting or increasing of negative
pore pressure, the material must be dried carefully
and slowly first, until the value of suction next to
pF 7 or negative pore pressure next to 1000000 kPa.
Once specimens reach a pF equal to 7, the water can
be added step by step with slowly, to prevent rupture
of the sample due to swelling pressure. When the
specimens reach a certain negative pore pressure or
water content, then all procedures of the rest of test,
like storing of sample, measuring soil properties and
suction are the same method that be applied in the
drying cycle.
3.3.2 Undisturbed sample
The initial condition of specimens as mentioned in
Table.1. Drying or wetting cycles of specimen were
started from this initial condition. The method of
drying and wetting, and all procedures of test are the
same with the method which were applied in the
remolded sample.

4

e

3

3

2

2

1

1

0

0

0

drying
wetting

S
B

1

100

w (%)

C

1

Sr

0.8

0.8

0.6

0.6

0.4

0.4

0.2

0.2

50

D

0

0
100

1000000

- uw (kPa)
1

150

10000

1

0

100

10000

1000000

- uw (kPa)
drying-wetting cycles
Pakuwon Jati Clay
wL = 126%
IP = 97.8%
Initial condition slurry
w = wL

150

w (%)
E

100

50

0
1

100

10000

1000000

Figure 2. Synthesis of drying-wetting paths on Pakuwon Jati remolded clay.
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4 TEST RESULTS AND DISCUSSION
4.1 Drying-wetting paths
Figures 2 represents the drying-wetting cycle on
slurry of Pakuwon Jati clay. Figure 2B, 2D, and 2E
show the changes in void ratio, degree of saturation,
and water content respectively, with the negative
pore pressure (-uw) or the pF. In Figs. 2A and 2C the
void ratio (e) and degree of saturation, respectively,
are plotted versus water content. This model of
representation was introduced firstly by Biarez et al.
(1988), the followed by Fleureau et al. (1993) and
Indarto (1998).
With this model of representation the
characteristic of properties of material due to dryingwetting can be identified easily. The Figure 2B is a
compressibility plot, where the effective stress is
replaced by negative pressure –uw. The relationship
between void ratio and matric suction is analogous

to the compression index or swelling index
determined by oedometer test, especially when they
are saturated (Biarez et al.1988, Fleureau et al. 1993,
and Indarto 1998). For this clay soil, shows that
slope of paths of drying and wetting have small
difference or hysteresis between them. It means that
this soil have a value of swelling index next to a
value of compression index. This behavior is due to
small pores that domining on this clay soil. In that
case, the small pores behave like a saturated material
(Fleureau et al., 1993) that is contrary with the large
pores which is still governed by a mechanism of
menisci. There is remarkable point on the graph
(point S) at the beginning of the line of nearly
constant void ratio.
Figure 2D shows the variation of degree of
saturation with pF: the soil remains quasi-saturated
up to the desaturation negative pressure –uwd = 1
MPa, then the degree of saturation decrease rapidly
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to reach approximately to 0. It appears that values of
degree of saturation before and until S point are
smaller than actual condition, the reason for that case
is due to deviation of measured of volume of
specimens which is difficult to achieve an accuracy
value.
The behavior of this type of clay in the in situ
condition was represented by the drying-wetting
paths of undisturbed sample, showing in Figure 3. In
the Table 1 represents the properties of initial
condition of this soil, which was represented by
point I in a compressibility plot in the Figure 3B.
This figure shows that there is continuity between
path of drying and path of wetting.
4

3

e

2

4.2 Shear strength during drying-wetting cycle
Figure 5 and 6 are the results of shear strength tests
for remolded and undisturbed samples respectively.
Figures 5A and 5B show the changes of negative
pore pressure and degree of saturation respectively,
with shear strengths for each step of drying or
wetting. For the remolded sample, the figures show
that there are a hardly hysteresis between the path of
shear strength of drying and the path of shear
strength of wetting. This phenomena follows the
hysteresis between drying and wetting path, in the
Figure 2D. In that domain of hysteresis (between pF
5 to pF 6), the hysteresis between the drying path
and wetting path in the (pF-Sr) coordinate system is
important and mainly due to an ink bottle effect
(Mualem, 1974; Yong and Warkentin, 1975).
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(drying)
undisturbed
(wetting)

1600
drying

1200

wetting

800

A

400

1

0

0

1

1

100

-uw (kPa)

10000

100

Figure 4. Comparison drying-wetting cycles between disturbed
and undisturbed samples.
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When this path is plotted together into the dryingwetting paths of remolded clay, the path of wetting is
parallel with the wetting path of remolded sample
(Figure 4). It means, although their initial conditions
are different, the swelling index is always the same.
It is necessary to note, that the initial condition of
this sample is saturated. In Figure 3D can be found
that the desaturation negative pore pressure is – 0.5
MPa, which is completely difference with the
remolded sample that have the desaturation negative
pore pressure equal to – 1 MPa. The difference of
initial conditions is the primary reason for those
differences. But for undisturbed soil, how the
formation of soil is, and how many cycles dryingwetting have been done, can not be identified. It
must be noted that for expansive soil, the increase of
number of drying-wetting cycles can be increasing of
density of soil, but at same time the degree of
saturation of soil increases too. It is mean that
decreasing of phase of water, is not so rapid
comparing the decreasing of void ratio in the relation
inter phase of soil due to a number drying-wetting.
The other probably reason is a changing of structure
of particles of soil during a number of dryingwetting cycles. The same reason can be given for the
deviation of drying paths of remolded and
undisturbed samples (Figure 4).

wetting

1200

800

B

400

0
0

0.2

0.4

0.6

0.8

1

Sr
Figure 5. Shear strengths during drying-wetting cycles initially
slurry.

Figure 5A shows that the shear strengths for both
paths drying and wetting are almost zero until a
value of negative pressure 1000 kPa or pF equal to 4,
whereas in the Figure 5B is showed that the zero of
shear strengths are located at quasi-saturated domain
or at the values of degree of saturation .8 to 1. When
the degree of saturation passed the value less than
0.8, the shear strength of soil sharply increase, until
the maximum value of shear strength 1400 kPa (at
degree of saturation equal to zero).
In the case of drying-wetting of undisturbed
sample (Figure 6), the value of shear strengths are
not directly to the zero value, although the values of
degree of saturation approach to the quasi-saturated
domain. Figure 6B shows that although the degree of
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saturation reach a value of 0.95, the shear strength
still resists to a value of shear strength of 800 kPa.
This value is completely different with the remolded
case, which have the same value at a degree of
saturation equal to .8. Then, to reach the same value
of shear strength, the density of material with
initially slurry must be greater than undisturbed
sample. In addition to phenomena of different initial
conditions and soil formations of undisturbed
sample, the test procedure can be considered as a
cause factor. For material with initially slurry, to
reach certain density, the material must be treated
step by step with carefully and slowly, in the long
range of temperature. Sometimes it is difficult to
find a perfect sample, where fine crack or invisible
crack and inhomogeneity can not be avoided. The
other hand, for an undisturbed sample, a certain
density can be reached rapidly in the short range of
temperature, then the risk of crack and
inhomogeneity could be less than remolded sample.
su (kPa)
2000

drying
wetting

1500

1000

A

500

0
1
su (kPa)

100

- uw (kPa)10000

1000000

especially in the case in situ. The filter paper
method, that used here is one of a number of
possibilities to measure the suction in situ, which is
convenient and economical.

5 CONCLUSION
a. A global representation of drying-wetting paths
featuring the state parameter (w, Sr, e), versus the
negative pressure is useful to derive the
correspondences and correlations between
parameters.
b. Both samples, remolded and undisturbed, show
that the shear strength increases sharply, when the
samples are unsaturated, whereas they are
saturated, the shear strength tend to zero.
c. The correlation between shear strength versus
degree of saturation or negative pore pressure can
be added to the global representation that will
complete the representation with variation of
shear strength due to drying-wetting cycle.
d. Although there is a difference of initial conditions
between remolded and undisturbed samples, the
swelling index of wetting cycles shows the same
value.
e. The usage of Whatman No. 42 filter paper to
measure a wide range of negative pore pressure in
soil samples, both disturbed and undisturbed, has
been found to be convenient and economical
technique which can be applied easily
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ABSTRACT: The main goal of this study presented in this paper is the development of a new and efficient
way for groundwater quality monitoring using ArcView Geographic Information System applied to Trail
Road and Nepean landfill sites near Ottawa. Borehole water quality information of three years (96, 97, and
98) for the shallow and deep aquifers, obtained from the annual monitoring reports, were used to prepare
groundwater quality maps using the Inverse Distance Weighted (IDW), Spline, and Kriging interpolating
methods available in ArcView. Using a digital Terrain Model (DTM) and data extracted from borehole
information, a surface elevation map of the area and a map of the discontinuous clay aquitard of the site were
also prepared as separate information layers using the same interpolation techniques. This enhanced the
understanding of the geology and the hydrogeology of the site. Map analysis and manipulation were
performed by combining groundwater quality maps with other information layers overlaid on a base map of
the area using ArcView. This allows assessing geographically the distribution and direction of movement of
contaminants beneath the landfills, thus allowing better planning, prediction, and decision making regarding
groundwater monitoring. Finally, groundwater quality maps for 96, 97, and 98 were used to simulate spacetime contaminant distribution in the subsurface reflecting the advancement of plume with time. The
application of this methodology is discussed and the results are examined. ArcView GIS proved to be a
powerful tool in the analysis, monitoring, and display of groundwater quality.
1 BACKGROUND
The Trail Road and Nepean Landfills are owned and
operated by the Regional Municipality of OttawaCarleton (RMOC). They are located side by side
(Figure 1) in the City of Nepean at about 25 km to
the west of the city of Ottawa in Canada.

Figure 1. Trail Road and Nepean landfills site.

The Nepean Landfill is a naturally attenuated type
of landfills. It was built in the 1960s and operated by
the City of Nepean until 1977 when it was acquired
by the Region of Ottawa-Carleton. It was not used

after 1980 aside from disposal of small amounts of
construction debris. In 1991, the Region of OttawaCarleton closed the Nepean landfill, and in 1993 it
received its final cover incorporating an engineered
geomembrane hydraulic barrier cap and active gas
collection system.
Trail Road landfill was opened by RMOC in
1980 and currently receives municipal solid waste
from the cities of Ottawa, Nepean, Gloucester,
Vanier, and Rockliffe, and Rideau Township. It has
a total approved capacity of approximately 8.8
million cubic meters divided into four distinct stages
of operation (Figure 1). Stage 1 and 2 were designed
based on a natural attenuation landfill. They were
completed and covered in 1988 and 1991,
respectively, with a multi-layer cover including a
plastic membrane to minimize the surface infiltration
and reduce the amount of leachate reaching the
water table. Stages 3 and 4 were both designed based
on engineered containment and have a single
composite bottom liner (clay and geomembrane) and
a leachate collection system.
An average of 225,000 tonnes of waste is
received yearly at Trail Road landfill. Only 60-65%
of the waste is landfilled. Part of the diverted waste
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is composted, while the rest is stockpiled or used on
site. Given this annual average, a 2% yearly increase
of waste volume, and utilizing airspace from stage 3
and 4, Trail Road landfill is anticipated to continue
receiving waste until the end of the year 2008.
2 SITE SETTING AND GEOLOGICAL
CONDITIONS
The Trail Road and Nepean landfills are located on a
slightly rolling clay plain consisting of about 30 to
35 m of glacial deposits overlaying limestone
bedrock. The most prominent feature in the area is a
northwest–southeast trending sand and gravel ridge.
The Trail Road landfill is situated on the northern
side of the ridge and the Nepean landfill on the
southern side (Figure 2).

Figure 3. Distribution of the window in the clay confining unit.

The ridge in the shallow aquifer has resulted in
two flow systems. The first is to the northeastern
corner of the site in the same direction as the slope
of the underlying clay layer. The second is to the
southwestern corner with vertical flow toward the
“window” through the clay into the deep aquifer.
The deep aquifer has a varying thickness from
several meters beneath the clay around the landfills
to an excess of 25 m in the center of the ridge. It is
overlain by the clay-confining unit in the northern
and western positions of the site as shown in
Figure 3. It is unconfined below most of stage 1 and
the southern part of stage 2 and 3. Groundwater in
the deep aquifer from all areas of the Trail Road and
Nepean landfills flows toward the dewatering pond
to the north of the site.

Figure 2. Surface elevation map

A Digital Terrain Model (DTM) was used to
prepare the surface elevation map shown in Figure 2.
This map clearly detects the northwest–southeast
trending of the sand and gravel ridge. This ridge
serves as a groundwater divide, which defines the
flow of groundwater in the shallow aquifer for that
area.
The sand and gravel comprising the ridge extends
from the bedrock surface to ground surface. The
shoulders of the ridge are overlain by a deposit of
silty clay and a surficial veneer of the sand.
However, the clay is discontinuous and does not
extend over the top of the ridge.
Borehole logs information at Trail Road and
Nepean landfills site were used to create a clay
aquitard configuration map and identify the
geographical extent of the "windows" (Figure 3).
Those windows in the clay are very important to the
hydrogeological regimes, particularly at the Trail
Road Landfill.
Two aquifers exist at Trail Road and Nepean
landfills site. A shallow sand aquifer, which occurs
above the discontinuous clay aquitard, and a deep
sand and gravel aquifer below the entire site. The
deep aquifer is further subdivided into an upper to
middle portion and a lower portion.

3 USE OF GEOGRAPHIC INFORMATION
SYSTEMS
Geographic information systems (GIS) are
computer-based tools for mapping and analyzing
spatially related data. They are used for solving wide
range of spatial problems by geographically
visualizing both raw and derived data. They allow
the investigation of patterns in spatial data and an
easy access to other entities and their attributes
within the study region, seeking possible spatial
relationships, and resulting in a better understanding
and prediction (Bailey, 1994). ArcView GIS with
the Spatial Analyst extension from Environmental
Systems Research Institute (ESRI) is the GIS tool
used for the analysis in this study.
3.1 Methodology
A large amount of groundwater chemistry data was
collected as part of a monitoring program at Trail
Road and Nepean landfills site. Existing data can
only be analyzed and interpreted if properly
processed. ArcView 3.0a and Spatial Analyst were
used to design theme maps. These maps allow
readers with different scientific backgrounds to
acquire a better understanding of groundwater
quality at the site and determine geographically the
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extent of the plume, as well as examine leachate
effects on drinking water wells and surface water
located near the landfills.
The current practice for groundwater monitoring
at Trail Road and Nepean landfills evolves from the
U.S. EPA regulations on groundwater monitoring
which states that a groundwater monitoring system
must consist of a sufficient number of wells installed
at appropriate locations and depths. The quality of
groundwater downgradient of the facility is
compared to the background (upgradient)
groundwater quality that has not been affected by
possible leakage from the facility and appropriate
decisions are made. This method does not give a full
picture of the processes and trends taking place in
the subsurface. It does not describe patterns in
spatial distribution of data. Moreover, it lacks the
visualization factor, which according to Hearnshaw
et al. (1994) has been the cornerstone to scientific
progress throughout history. The proposed
methodology using GIS offers a unique way of
exploring data and information to gain
understanding and insight into this data.
3.1.1 GIS database
Groundwater quality data of several years and
boreholes information were obtained from the
annual monitoring reports of Trail Road and Nepean
landfills prepared by Golder Associates Ltd. and
approved by the Regional Municipality of
Ottawa/Carleton (RMOC). Data was converted into
a digital form in a database management system
(DBMS). The database system is organized such that
each record contained borehole unique ID, its
Cartesian coordinates (x, y), surface elevation, top
and bottom of formations and the thickness of each
of them. Finally, groundwater chemistry data
obtained from sampling results at each point for
several years were attached to the database.

Figure 4. Borehole locations.

Boreholes were displayed as a point theme on a
base map of the area according to their spatial
coordinates (x & y). Attribute data associated with
these points then can be spatially queried, analyzed,
and displayed to produce the desired output.
Figure 4 displays the boreholes locations and their

ID on a base map. The base map containing several
information layers and the DTM were obtained from
the Ministry of Natural Resources (Ontario Natural
Resources).
3.1.2 Data and map analysis
Spatial data analysis means the extraction of useful
information from data that are distributed over space
(Bonham-Carter, 1996). It is often referred to as
map data manipulation, which is the modeling and
the analysis of spatial data, such as map overlay and
buffering (Fischer et al., 1996). Groundwater quality
data obtained from annual reports and geology data
extracted from borehole information were attached
to the point theme displayed according to their
Cartesian coordinates as previously mentioned.
A grid theme in ArcView spatial analyst with
uniform cells was created by interpolating one or
more of the variables in these points attribute table
and thus creating a surface. Every cell represents a
specified portion of the area in quadratic map unit
and given a value that describes a certain variable
taken at a point within the cell or an interpolated
value. The surface interpolating methods used in this
study are the Inverse Distance Weighting (IDW) and
Spline. Both are available in ArcView spatial
analyst. Spline interpolator was used to create a
continuous surface representing elevation by
interpolating elevation values at points to a grid
(Figure 2).
The structure of the clay confining aquitard
(Figure 3) was also mapped using the same
interpolating method (Spline) utilizing information
records available in borehole points attribute table.
Spline is considered to be the best interpolating
method for gently varying surfaces like elevation. It
works by fitting a minimum curvature surface
through the input points by applying a mathematical
function to a specified number of nearest input
points, while passing through the sample points.
IDW interpolator was used to generate surface
maps of contaminant distribution and concentration
beneath the Trail Road and Nepean landfills in both
shallow and deep aquifers (Figures 5 to 8, 10, and
13). It is another interpolation technique that
determines cell values using a linearly-weighted
combination of a set of sample points. The weight is
a function of inverse distance. The further an input
point is from the output cell location, the less
importance it has in the calculation of the output
value.
Kriging and Trend are some of the other
interpolating methods that also exist in ArcView
through Avenue (a programming language that
comes with ArcView). Avenue allows customization, modification, and creation of new tools in
ArcView as well as the integration of ArcView with
other applications. However, a better estimate of
contaminants’ distribution was produced using the
313

IDW method with a specified number of points and
a fixed radius. That is due to the small number of
points representing boreholes completed in either the
shallow or deep aquifers. The resulted surface grid
layer of information was combined with the base
map by performing map overlay (map analysis).
In Figures 5 to 8, the distribution and
concentration of two contaminants (chloride & iron)
beneath the landfills were analyzed. The distribution,
concentration, and direction of movement of
contaminants are geographically examined. These
results allow one to make proper future decisions
regarding the installation of additional groundwater
monitors in the appropriate locations for more
effective monitoring methods.

in monitors M23-3, M37-3, M41-1, M33-1, and
M86-1 just to the north of Trail Road landfill. Iron
was not detected to the north of Trail Road landfill
due to its attenuation, except for MW 33-1 which is
located on the northeastern side of Trail Road
landfill, where high concentrations of iron were
found.

4 DISCUSSION
To monitor the groundwater quality at Trail Road
and Nepean landfills in the shallow and the deep
aquifers a number of monitoring wells were drilled
to observe leachate influences from the landfills
(Figure 4). Nepean landfill has existed since 1960, or
some 40 years, where as stages 1 and 2 in Trail Road
landfill have existed since about 1980 or some 18
years. These landfill areas are natural attenuation
facilities, without engineered bottom containment.
Therefore, influences from Nepean landfill would
have migrated farther than those from the Trail Road
landfill, stages 1 and 2.
Key parameters in the assessment of leachate
influence chosen in this study for groundwater
monitoring were chloride as conservative parameter
and total iron as a retarded parameter due to ion
exchange and precipitation. However, the same
analysis can be applied to assess any variable listed
in the borehole’s attribute table. Analysis presented
in this part of the paper represent groundwater
samples taken from monitoring wells in the shallow
and deep aquifers in July 1996.
4.1 Leachate effects on the shallow aquifer
The results of the analysis for the shallow aquifer
using ArcView as previously discussed are shown in
Figures 5 and 6. The distribution and the
concentration of chloride and iron in the shallow
aquifer below Trail Road and Nepean landfills are
displayed using a graduated color to reflect
contaminants’ concentration, movement, and
attenuation displayed on a base map of the area.
High concentrations of chloride and iron (except
for M89-1 and M81-1 had very low concentration of
iron) were detected in monitoring points M54-1,
M68-2, M81-1, M82-1, and M89-1 below and to the
south of Nepean landfill. This reflects the effects of
leachate generated from Nepean landfill. Above
background concentrations of chloride were detected

Figure 5. Chloride concentrations and distribution in the
shallow aquifer in 1996

Figure 6. Iron concentrations and distribution in the shallow
aquifer in 1996.

The distribution and concentration of those
parameters suggest that leachate effects occur in the
shallow aquifer to the south and west of Nepean
landfill, and to the north of Trail Road landfill. Thus,
indicating a southwesterly groundwater flow below
Nepean landfill and northerly below Trail Road
landfill. The resulted distribution of these two
parameters in the shallow aquifer conforms to the
groundwater movement as previously interpreted.
4.2 Leachate effects on the deep aquifer
The deep aquifer is separated from the shallow
aquifer by the clay confining unit in the
northeastern, western, and the middle portions of
Trail Road, as well as most of the Nepean landfill
(Figure 3). Where the clay unit is not present the
deep aquifer is the water table aquifer (surficial
aquifer).
Groundwater quality data for monitors completed
in the deep aquifer were analyzed separately in a
way similar to the analysis done in the shallow
aquifer using ArcView GIS. July 1996 groundwater
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chemistry results taken from boreholes completed in
the deep aquifer were analyzed and displayed in
Figures 7 and 8. The two indicators of leachate
effects, chloride and iron, were analyzed and given
the same classification as in the analysis in the
shallow aquifer.

Figure 7. Chloride concentrations and distribution in the deep
aquifer in 1996.

Figure 8. Iron concentrations and distribution in the deep
aquifer in 1996.

Results show that monitors M16-1, M23-1,
M39-1, and M40-1 (all located to the north of
Nepean and Trail Road landfills) have low
concentrations of chloride and iron as a result of
leachate effects on the groundwater from Nepean
landfill. BH13-1 just to the north of Nepean landfill
has elevated concentrations of chloride and iron due
to the direct effects from Nepean landfill.
The distribution of contaminants displayed in
Figures 7 and 8 exhibits a northern movement of
contaminants with groundwater, which conforms to
the northern groundwater direction in the deep
aquifer below Trail Road and Nepean landfills. This
is determined because no effects from the Nepean
landfill were found in the deep aquifer at locations
beneath the landfill or to the south and west.
Chloride clearly have traveled farther than iron as
shown in the attached figures and was detected at
distances of more than 500 meters to the north of
Trail Road in the deep aquifer. That is mainly
because chloride is conservative and is only
attenuated by dilution. In addition, chloride found in
low concentrations to the north of and northwest of

Trail Road can be attributed to leachate effects from
Nepean and stage 1& 2 Trail Road landfills.
5 GROUNDWATER QUALITY MONITORING:
SPACE-TIME SIMULATION
The analysis performed using GIS in the previous
sections dealt with spatial data at a fixed crosssection of time (July 1996). However, groundwater
quality data beneath a landfill change with time as
more leachate is generated and migrated farther with
moving groundwater. GIS has no mechanism, which
can drive the system forward in time to represent the
change in a dynamic way. According to Longley et
al. (1996) this obstacle has been overcome by
creating separate layers of information, each at a
different cross-section of time. Layers can be
compared and the change through time can be
investigated.
Applying this approach to Trail Road and Nepean
landfills, groundwater quality maps for 1996, 1997,
and 1998 were developed resulting in three layers of
fixed cross-sections of time. Each layer represents
the state of the study area in July of each of the three
years. A comparison of results reflects a spatiotemporal contaminant distribution in the subsurface.
Further map analysis was performed to combine
those layers and present the behavior of
contaminants in the subsurface.
For this purpose only iron is used to demonstrate
the simulation. Iron is not used usually for
monitoring the groundwater beneath a landfill site
apart from other leachate indicators. However, the
presented analysis applies iron as a leachate
indicator for demonstration purposes only. Any
other parameter can be similarly simulated using this
methodology.
Iron is of concern in domestic water supplies at
concentrations above 0.3 mg/L. Its typical
concentration in municipal landfill leachate range
from 10 to 1,000 mg/L. Iron is considered an easily
retarded parameter. The processes governing iron
concentration in the aquifer are dilution, redox
processes, ion exchange, precipitation, and
complexation with organics. However, the
discussion on the attenuation mechanism of each of
those processes is beyond the scope of this paper.
Average iron levels in groundwater beneath Trail
Road and Nepean landfills at monitoring points have
increased from 6.7 mg/l in 1996 to 9.1 mg/l in 1998
and from 0.51 in 1996 to 1.11 in 1998 in the shallow
and deep aquifers respectively. This increase is a
result of leachate effects from the above mentioned
landfills. Figure 9 shows the change of iron average
concentrations in the shallow and deep aquifers for
1996, 1997, and 1998 years. The following
discussion presents the distribution of iron in the
shallow and deep aquifers at Trail Road and Nepean
315

landfills site in a time-space simulation manner
using groundwater sampling results of three
consecutive years (1996, 1997, and 1998) applied in
ArcView GIS.
Figure 1: Average iron concentration 96, 97, and 98
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Figure 9. Average iron concentration 96, 97, and 98

5.1 Shallow aquifer
Groundwater quality maps for 1996, 1997, and 1998
were developed by creating iron distribution surface
map from point data available in the GIS database,
using the Inverse Distance Weighting (IDW)
interpolating method in ArcView. Iron concentration
and distribution surface maps in the shallow aquifer
for 1996, 1997, and 1998 are shown in Figure 10.
1996

of landfill) iron cloud has covered a larger area in
1998 than it was in 1996 (Figure 10). Monitoring
points 94-2-1, M82-1, and M68-2 below and to the
south of Nepean landfill have shown a slight
increase in iron concentrations during the years 1997
and 1998. The high variation in iron concentration at
M88-1 below Nepean landfill in 1997 (31.5 mg/l)
compared to 1996 (0.73 mg/l) can not be explained.
However, further sampling in 1998 for the same
monitor show a slight and steady increase of iron
(34.6 mg/l) and in all other parameters’
concentrations.
The visual comparison of the three maps
simulates the advancement of iron cloud in the
subsurface beneath Trail Road and Nepean Landfills
in a space-time simulation manner. Further map
analysis is performed in ArcView on the three maps
to reflect the new areas occupied by the iron plume.
The result is shown in Figure 11 and depicts the
progress of plume below and to the south of Nepean
landfill. The additional area occupied in 1997 is the
result of inexplicable increase in iron concentration
at monitor M88-1 and can not be used to determine
the advancement of iron within that year. However,
as more years are included in the simulation, the
accuracy of results also improves. Iron cloud below
Nepean landfill has advanced between 25 to 70
meters to the south of Nepean landfill between 1997
and 1998 (Figure 11).

Shallow Aquifer
1997
1998

Figure 11. Iron distribution in the shallow aquifer in 1996,
1997, and 1998.

Figure 10. Iron concentration and distribution in the shallow
aquifer for 1996, 1997, and 1998.

The result of the visual comparison of the three
iron surface maps show the increase of iron
concentration with time in the southern part and to
the south of Nepean landfill as well as in the
northeastern part of Trail Road landfill. Monitoring
points M3-2, M33-1, M41-1, M31-3, and M8B2
located in the northeastern part of Trail Road show a
small increase in iron concentration, except M33-1,
which has reported elevated increase in iron
concentration during 1996, 1997, and 1998. To the
south of Nepean landfill (a natural attenuation type

5.2 Deep Aquifer
Monitoring wells completed in the deep aquifer
display the concentration and distribution of iron as
a result of leachate effects from Trail Road (stage 1
and 2) and Nepean landfills for 1996, 1997, and
1998 as shown in Figure 12.
Monitor BH16-1 to the south of Trail Road
landfill is located upgradient of Trail Road landfill,
while M74-1 to the north of Trail Road is located
downgradient. Iron has not been detected in both
monitors during the three years. However, monitors
M23-1, M39-1, M39-2, and M16-1 located on the
northern border of Trail Road landfill have shown an
increase in iron concentration between 1996 and
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1998 due to leachate effects from Trail Road
landfill.

Monitors M67-1, M52-1, F-1, and M67-1 located
upgradient of Nepean Landfill show very low and
invariable increase of iron concentrations during the
three observed years, while BH13-1 and M77-1 to
the north of Nepean landfill (downgradient) exhibit
increasing concentrations of iron due to leachate
effects from Nepean Landfill. The detected iron in
groundwater downgradient of Nepean landfill has
traveled farther than the detected iron north of Trail
Road (stage 2). That is mainly because Nepean
landfill is 22 years older than stage 1 and 2 of Trail
Road landfill. The additional distance covered by
iron cloud in 1997 and 1998 compared to 1996 is
reflected in Figure 13. The average advancement of
iron can be estimated between 20 to 35 meters per
year.

aquifers. ArcView was also used to create a surface
elevation map and a map of the discontinuous clayconfining unit. As a result, groundwater quality in
the two aquifers was assessed and the extent of the
“window” in the confining clay unit was identified.
This is critical for preparing future groundwater
monitoring plans at the site.
Moreover, the presented time-space simulation
has demonstrated the change of quality of
groundwater beneath the Trail Road and Nepean
landfills during 1996, 1997, and 1998. Groundwater
quality maps of a certain parameter for several years
can be used to simulate the advancement of plume
with the direction of flow of groundwater in a spacetime manner. As time passes, conservative
parameters such as chloride and bromide would have
traveled farther than attenuated parameters such as
iron and total kjeldahl nitrogen (TKN). The
presented approach can be used to predict the
advancement of a contaminant by interpolating the
results of groundwater samples of the monitors taken
every year. The distance that a contaminant has
migrated every single or several years can easily be
determined in GIS since all features are
geographically referenced.
Although the previously mentioned advantages of
the proposed methodology for groundwater
monitoring at a landfill site are apparent, the
interpolated
maps
are
an
approximation.
Interpolation methods assume that the spatial
variation between interpolated values is smooth,
continuous, and follow a standard spatial model
(Gunnink et al., 1996). Groundwater quality data
sampled at points at Trail Road and Nepean landfills
site are supposed to follow this assumption since
contaminant concentration decrease with the
increase of distance from the source of
contamination (landfill). However, short range
variations and inconsistencies in some of the results
were found. This can be attributed to measurement
and other errors. Measurement errors and shortrange variation contribute to local uncertainty, which
can sometimes be very large. Consequently, this
contributes to the uncertainty in the mapped values.
A better approximation can be achieved, as
groundwater quality data of more years are included
in the analysis. ArcView GIS is found to be a useful
tool in long term groundwater monitoring at a
landfill site.

6 CONCLUSION
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ABSTRACT: Hardening agent has been the traditional material for surface soil stabilization of soft ground.
This study aims at determining optimal mixture ratio of hardening agent in accordance with the required
design specifications. Hardening agent is properly mixed with fly ash, gypsum, slag and cement for the
ettringite hydrates, which is effective for early stabilization of unconsolidated soil. The treated soil is the clay
that is widely found here and there in Korea.
In this study, preliminary tests were performed to get optimal mixture ratio of stabilizer ingredient, and
marine clay in Jin-Hae was used to get physical and chemical properties. Laboratory tests of 50 stabilized soils
were performed to get optimal mixture ratio for 6 types of 16-stabilizer material, and stabilizer mixing was
determined.
1 INSTRUCTIONS
In this century, according as science and
technologies are very developed, civil engineering
technologies are demanded to professional and
become high technology industry. Recently, SeoulPusan high speed railway, In-Chon international
airport in Yongjong Island, subway construction of
metropolises and ground improvement and shore
structure of west and south offshore are constructed
to very large scale in Korea. Structures are being
constructed under the poor conditions more and
more. Because nation territory is narrow, extremely
soft ground improvement and stabilization are
necessary to territory expansion by offshore
development and reclamation.
According as large constructions increase in
offshore, new stabilization methods for dredged soft
soil are introduced. Drain and piling are prevalent to
stabilization methods of dredged soil, but recently,
stabilization methods using hardening agents are
many executed for instant construction. Therefore,
design and specification of soil stabilization methods
are needed to surface ground stabilization of
extremely soft dredged ground.
In this study, preliminary tests were performed to
get optimal mixture ratio of stabilizer ingredient, and
Jin-Hae marine clay was used to get physical and
chemical properties. Laboratory tests using 50
stabilized soils were performed to get optimal
mixture ratio for 6 types of 16-stabilizer material,

and stabilizer mixing was determined.
2 MECHANICAL CHARACTERISTICS OF
SUBJECT SOIL AND HARDENING AGENTS
To develop and imply soil improvement materials
for extremely soft marine clay, subject soil and
hardening agents were selected and tested.
Laboratory tests to obtain physical properties,
consolidation and chemical properties were
performed and analyzed with selected soil and
hardening agents. From the test results,
characteristics of treated soil by hardening agents
were analyzed and determination method of additive
ratio was proposed.
2.1 Characteristics of subject soil
Laboratory tests were performed with extremely soft
dredged clay in Jin-Hae (at Kyung-Sang south
province in Korea).
2.1.1 Physical and mechanical properties
Laboratory physical and mechanical test results onto
subject soil are shown in Table 1 and 2.
Jin-Hae marine clay was classified to CH by
Group Symbol, and had the same characteristic as
domestic marine clay in Korea. From the
consolidation test result, pre-consolidation stress
(PC) was obtained by Mikkasa method because
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Table 1. Laboratory physical test results.
Specific gravity
Subject soil

2.65

% by weight finer
than 2 m
7.2

Water content (%)

Liquid limit (%)

Plasticity index

Group symbol

98.0-101.0

55.75

26.43

CH

Table 2. Laboratory mechanical test results.
Compaction test
Testing method
Subject
soil

Standard
Proctor test
Modified
Proctor test

dmax
(t/m3)

OMC
(Optimal Moisture
Content:%)

1.303

24.88

1.515

20.00

CC
(Compression
index)

CS
(Swell
index)

0.607

0.08

Consolidation test
PC
CV
(Preconsolidation
(Coefficient of
press: kg/cm2)
consolidation: cm2/sec)
0.27

5.29~8.96

Table 3. The result of XRF analysis for marine clay in Jin-Hae.
Item
Subject
Soil

SiO2
54.21

Al2O
17.94

Fe2O3
6.80

CaO
1.27

Chemical disposition (%)
MgO
Na2O
SO3
1.78
2.53
0.28

K2O
2.93

TiO2
0.70

P2O5
0.12

Ig-loss
11.44

By the results of XRF analysis for marine clay in
Jin-Hae, its major components are SiO2 and Al2O3 as
most of domestic clay. And they amount to 72.2% of
all. Wholly Quartz (SiO2) is most and Orthoclase
(KalSi3O8), Albite (NaAlSi3O8) is in the order of
their magnitude. Out of respect that the content of
CaO is little as 1.27%, Anorthite (CaAl2 Si2O6) is
assumed to be little. Also, according to the result of
XRD analysis of Fig. 3, the diffraction peak of
quartz is highest and Orthoclase, Albite is in the
order of their magnitude.
Figure 1. e-log P curve.

maximum inflection point on e-log P curve was not
found using Casagrande’s method. Coefficient of
consolidation was obtained by log t method and
these results are shown in Figure l.
2.1.2 Chemical properties
Table 3 and Figure 2 show the results of X-Ray
fluorescence analysis and XRD analysis for this
object soil.

Figure 3. The result of XRD analysis for marine clay in
Jin-Hae.

2.1.3 Chemical properties of hardening agent
The hardening agent materials are Portland
cement, cement mixed slag, a type of cement
contained gypsum, a type of cement contained
inorganic salts, a type of cement contained rapidly
hardening material and so on
The selection of hardening agent type is
determined by the object soil properties.
In this study, hardening agent materials are
selected as in Table 4.
Table 5 shows the results of chemical component
analysis for hardening agent materials. Table 6
shows average grain size and specific gravity.
Figure 2. The result of Scanning Electron Microscope.
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Table 4. Hardening agent material.
Material of hardening agent
Portland cement (P)
Slag powder (S)
Fly ash powder (F)
Gypsum (G)
Arwin (A)
*Inorganic saline (M)

Level 1
Type 1
2
4000 cm /g (30%, 50%, 70%)
4000 cm2/g (10%, 20%, 30%)
5%
5%
1%

Level 2
Type 3
2
6000 cm /g (30%, 50%, 70%)
6000 cm2/g (10%, 20%, 30%)
10%
10%
2%

Level 3
2
8000cm /g (30%, 50%, 70%)
15%
15%
3%

Table 5. The result of chemical component analysis for hardening agent materials.

Item
Mean particle
size D50 (m)
True gravity

Slag powder
Specific surface
(6000 cm2/g)

Specific surface
(8000 cm2/g)

Cement
Type 1

Type 3

Arwin

Gypsum

Specific surface
(4000 cm2/g)

9.39

20.19

12.46

4.26

3.04

15.45

12.10

2.89

3.08

3.09

3.12

3.21

3.2

3.32

Table 6. Average grain size and specific gravity of hardening agent.
Item
Type 1
cement
Type 3
cement
Slag
Arwin
Gypsum

Chemical properties
MgO
Na2O

SiO2

Al2O

Fe2O3

CaO

20.86

5.67

2.74

62.52

3.36

19.74

5.80

3.29

62.70

33.33
6.51
2.38

15.34
36.57
0.32

0.44
1.67
0.04

42.12
41.72
39.56

Sum
SO3

CaO

Ig-Loss

K2O

0.14

2.34

0.51

1.32

1.05

100

2.30

0.11

3.98

0.80

1.18

0.89

100

5.70
1.11
-

0.26
0.10
0.01

2.08
10.50
55.57

0.00
0.30
-

0.27
1.19
2.08

0.45
0.63
0.04

100
100
100

3 PRELIMINARY TESTS TO TREATED SOIL
BY HARDENING AGENT
Prior to main test, to determine an applicable
hardening agent mixture to subject soil, preliminary
tests were performed with cements, which are main
hardening agent, and additives. The preliminary tests
were conducted to cement and variable in additive
amount of hardening agent. The selection of
hardening agent through this preliminary test was
based on unconfined compressive strength (7-day
strength) that is main improvement characteristic.

e. The specimen is manufactured with cement,
water, additive and subject soil in mold.
f. For each condition, three specimens are made of
size 5 cm  H10 cm.
3.2 Hardening agent mixture
After preliminary tests were performed according to
water content condition for 50 kinds, and those
results were used at main test.
Table 7. Hardening agent mixture.
Base cement

3.1 Specimen manufacture
To estimate engineering characteristics of stabilized
soils, the specimens were manufactured through
KSF 2329 and unconfined compression test method
in Japan. And this process is as follows.
a. After water content is determined by total weight,
specimens are made with hardening agents
including cements and additives.
b. The amount of cement that is main hardening
agent is calculated by supposing that 100 kg is
mixed to 1 cubic meter.
c. When hardening agents are combined, each
additive is added in proportion to percentage of
cement.
d. The specimens are manufactured in 100% water
content to standard and went on till specimens are
not made because of high water content.

P1
(Type 1
Portland
cement)

P3
(Type 3
Portland
cement)

Mixture 1
P1S4_3
P1S6_3
P1S8_3
P1F4_1
P1F6_1
P1G5
P1A5
P1M1
P3S4_3
P3S6_3
P3S8_3
P3F4_1
P3F6_1
P3G5
P3A5
P3M1

Mixture 2
P1S4_5
P1S6_5
P1S8_5
P1F4_2
P1F6_2
P1G10
P1A10
P1M2
P3S4_5
P3S6_5
P3S8_5
P3F4_2
P3F6_2
P3G10
P3A10
P3M2

Mixture 3
P1S4_7
P1S6_7
P1S8_7
P1F4_3
P1F6_3
P1G15
P1A15
P1M3
P3S4_7
P3S6_7
P3S8_7
P3F4_2
P3F6_2
P3G15
P3A15
P3M3

In this table, S4_3; cement: slag powder =
70%:30%, and S4 means slag powder having
specific surface of 4000cm2/g, and so on.
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Added amount to cement was estimated 100% of
cement amount plus added material amount (if
adding mount of adding mount is 100%, cement is
90% and adding material is 10%).
3.3 Results of unconfined compression tests
To determine hardening agent mixture to subject
soil, the preliminary tests were performed by
unconfined compression tests regarding main
improvement characteristics.
In case of manufacture of specimen, water content
was increased on the standard of water content 100%
as it was possible for specimen to be made.
In these preliminary tests, three specimens were
made about each mixture of hardening agent in
combination with hardening agents mixture shown
Table 3 and water content 100%, 150% and 200%. A
number of specimen’s preliminary tests were 504(=
the number of hardening agent mixture 56, water
content condition, 3 specimens, 3) and unconfined
compressive strength was calculated to average
value to three specimens.
The water content to specimen mixed and
processed and the result of unconfined compressive
tests to variable species of cement were shown in
Figure 4 to 11.

Figure 4. In case mixed with Arwin (above: Type 1 Portland
cement, below: Type 3 Portland cement).

Figure 5. In case mixed with gypsum (above: Type 1 Portland
cement, below: Type 3 Portland cement).

Figure 6. In case mixed with inorganic saline (above: Type 1
Portland cement, below: Type 3 Portland cement).
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Figure 7. In case mixed with fly ash 4000 (above: Type 1
Portland cement, below: Type 3 Portland cement).

Figure 9. In case mixed with slag 4000 (above: Type 1 Portland
cement, below: Type 3 Portland cement).

Figure 8. In case mixed with fly ash 6000 (above: Type 1
Portland cement, below: Type 3 Portland cement).

Figure 10. In case mixed with slag 6000 (above: Type 1
Portland cement, below: Type 3 Portland cement).
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Portland cements were added. In cases inorganic
saline or fly ash were added, unconfined
compressive strengths were lower than different
additives.
When Arwin or gypsum were added to subject
soil with 10% mixing ratio, unconfined compressive
strengths were highest (then water contents were
100%, 150% and 200%), in case of fly ash was
added, strength peak point was shown in 20%
mixing ratio and in case of slag powder was added,
strength peak point was shown in 50% mixing ratio.
The more additive increase in treated soil, the more
cement decreases because cement is main material of
hardening agent. Because of this cause, the
unconfined compressive strength of treated soil
increases not according to quantity of additive, but
proper mixing ratio of additives and cements.
According as water content increase from 100% to
200%, the rate of strength decreases is 65% as for
Arwin or gypsum, 60% as for fly ash and 75% as for
inorganic saline or slag powder.
4 ANALYSES AND CONSIDERATIONS

Figure 11. In case mixed with slag 8000 (above: Type 1
Portland cement, below: Type 3 Portland cement).

Compressive strength of subject soil was
0.34 kg/cm2, that of treated soil using Type 1
Portland cement was 0.72 kg/cm2 and that of treated
soil using Type 3 Portland cement was 0.79 kg/cm2.
From these results, compressive strength of subject
soil was measured after 7 curing days within 100%
water content (in 150% and 200% specimen was not
made) in order to compare with adding Portland
cements. But in case of 100% water content,
specimen was not made completely and specimen
volume decreased. When Type 1 and Type 3
Portland cement were added too, specimens were
cured during 7 days with 100% water content (in
150% and 200% water contents, specimens were not
made). These results were shown in Figure 4-11.
For all cases additives (Arwin, gypsum, fly ash,
slag) or cements were mixed with subject soil,
unconfined compressive strengths with high water
content (200%) tended to decrease rapidly 2-5 times
compared with low water content (100%).
Especially, in case of 200% water content, material
separation like bleeding phenomenon was happened
and it was difficult to make specimens.
According to the results of preliminary tests,
unconfined compressive strengths in 100% water
content and Arwin, gypsum and slag powder were
added, was 1.2-2.3 kg/cm2. These strengths show
higher than the cases subject soil and Type 1 and 3

Because inorganic saline and fly ash powder hadn’t
influence on the strength increase, those materials
were excluded from hardening agents.
5 CONCLUSIONS
To determine the optimal mixing ratio for soft
surface soil stabilization, preliminary tests were
performed. And those results are as follows.
a. In this study, very soft marine clay in Jin-Hae was
classified CH by Group Symbol (USCS). And
this soil had a general characteristic of domestic
marine clay through laboratory tests, XRF (X-ray
fluorescent) and XRD (X-ray diffraction).
b. Compressive strength of subject soil was
0.34 kg/cm2, that of treated soil using Type 1
Portland cement was 0.72 kg/cm2 and that of
using Type 3 Portland cement was 0.79 kg/cm2.
c. For cases of additive (Arwin, gypsum, fly ash,
slag) or cements are mixed with subject soil,
unconfined compressive strengths with high water
content (200%) tended to decrease rapidly 2-5
times compared with low water content (100%).
Especially, in case of 200% water content,
material separation like bleeding phenomenon
was happened and it was difficult to make
specimens.
The unconfined compressive strengths of
specimens were quite high to the extent of
1.2 kg/cm2-2.3 kg/cm2 in cases of Arwin, gypsum
and slag powder, but in cases of inorganic saline and
fly ash, the unconfined compressive strengths of
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specimens were relatively lower than 0.8 kg/cm2. In
case of inorganic saline or fly ash, the unconfined
compressive strengths of specimens were relatively
lower than different additives in condition to high
water content (200%).
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Application of piezocone in marine clay at north coast of Jakarta
Y. P. Chandra, Rudi J. & Prigiarto H.Y.
PT. Pondasi Kisocon Raya, Jakarta, Indonesia

ABSTRACT: The paper describes the use of piezocone in a reclamation project at north coast of Jakarta. The
typical subsoil condition at the north coast of Jakarta and the engineering properties are also introduced. The
common published correlation of piezocone parameters with engineering properties was examined and was
then compared with the properties obtained from conventional investigation methods. The comparisons
suggest that the common published correlation is generally applicable for Jakarta marine clay. Owing to the
very soft consistency of Jakarta marine clay, the correlation based on pore pressure is more accurate for soil
classification and estimation of undrained shear strengths than using cone resistance and skin friction. The
correlation of undrained shear strengths from piezocone parameters for under-consolidated ground should be
made with caution.
1 INTRODUCTION
Since the first introduction in the early 1970’s,
piezocones have gained popularity in the application
in soil investigation in the world. In Indonesia, to the
knowledge of the authors, the use of piezocone
started in mid 1990’s when several reclamation
projects were launched along the north coast of
Jakarta.
Realizing there is limited publication on the
application of piezocones in Indonesia, and the
importance of establishing local correlation to obtain
engineering properties from piezocone, the authors
wish to share the experience of piezocone tests
conducted for a reclamation project at north coast of
Jakarta. The typical subsoil condition at the north
coast of Jakarta and the engineering properties are
also introduced. The common correlation of
piezocone parameters with engineering properties
proposed by various researchers was examined and
then compared with the properties directly obtained
from conventional investigation methods. The
correlations under the present study are (a) soil
classification, (b) undrained shear strengths, and (c)
stress history.

reclamation project at the north coast of Jakarta with
area of approximately 400,000 m2. The seabed
ground consists of very soft marine clay with
thickness of 8 to 12 m. The seabed gently slopes
down with water depths of 3 to 5 m at low tide and
thus requiring a reclamation fill of 6 to 8 m in
thickness. The stability of the reclamation fill and
accelerating the consolidation process of the ground
were the major geotechnical issues of the project.
Piezocone tests were extensively carried out in
grid pattern through out the reclaimed area to
determine the thickness and the engineering
properties of the soft marine clay. The program first
focused on obtaining the engineering properties of
the marine clay from a few exploratory boreholes
with field vane shear tests and laboratory soil tests.
Piezocone tests were then conducted next to the
exploratory boreholes to obtain the correlation
between the engineering properties and the
parameters of the piezocone tests. Such correlation
was then used to interpret the ground conditions
from other piezocone tests that were distributed all
over the reclaimed area.
3 DESCRIPTION OF PIEZOCONE

2 PROJECT DESCRIPTION AND
INVESTIGATION PROGRAM
An investigation program was carried out for a

Kiso-Jiban’s type multi-sensor cone penetrometer
system, which is capable of measuring cone
resistance (qc), local skin friction (fs), and pore
pressure (ud), was used in the investigation. The
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cone tip area is 10 cm2 with apex angle of 60. The
skin friction area is 150 cm2. The high air entry
ceramic filter to measure pore pressure is located
behind the cone tip. The net area ratio of the cone tip
is 0.6186.
From the basic parameters (qc, fs, and ud)
recorded in piezocone tests, the following
terminology is used throughout the discussion in the
paper:
qc = Cone resistance
qt = Corrected cone resistance
= qc + (1-a) ud, where a is the net area ratio of
the cone tip
Qt = Normalized cone resistance
= (qt - vo) / ’vo, where vo and ’vo are the
total and effective overburden pressures,
respectively
fs = Local skin friction
fr = Friction ratio = fs / qc
FR = Normalized friction ratio
= [fs / (qt - vo)] x 100%
ud = Pore pressure generated during the penetration
of the cone
u = Excess pore pressure
= ud - uo, where uo is the hydrostatic pore
pressure
Bq = Pore pressure ratio
= u / (qt - vo), where vo is the total
overburden pressure

and slightly larger than their liquid limits. Fine
materials are the predominant fraction for the marine
clay with 30 to 55 % silt and 40 to 70 % clay. The
marine clay is normally to slightly over-consolidated
with OCR values of 1 to 1.5 as shown in Figure 5.
The compression indices range from 1 to 2.2 and the
initial void ratios are 3.5 to 4.

Figure 1. Geological map of Jakarta (1992).

4 GEOLOGICAL AND GEOTECHNICAL
According to the geological map published by the
Indonesian Geological Research and Development
Center (1992) as shown in Figure 1, Alluvium (Qa)
is distributed along the north coast of Jakarta and
along the valleys etched on the older Alluvial Fan
(Qav) in central and southern Jakarta. The Alluvium
was formed in the Holocene period overlying the
older Alluvial Fan that was formed in the
Pleistocene period.
Figure 2 shows a typical geological section at the
project site interpreted from the exploratory
boreholes and piezocone tests. Marine clay of 8 to
12 m was confirmed as the Alluvium (Qa) beneath
the seabed. Underlying the marine clay is the older
Alluvial Fan (Qav) which consists of alternate layers
of medium stiff silty clay, sandy clay, clayey silt and
loose to dense sand layers. The soils in the Alluvial
Fan are often slightly to moderately cemented.
The marine clay is very soft to soft with the cone
resistance (qc) increasing with depth up to 0.2 MPa
at the bottom of the marine clay layer. The pore
pressure ratios (Bq) are 0.4 and are nearly constant
with depth. Figure 3 shows a typical result of
piezocone test. The bulk densities vary from 13 to
13.5 kN/m3 as shown in Figure 4. The natural water
contents range from 100 to 140% which are close

Figure 2. Typical geological section at the project site.

Figure 3. Typical result of piezocone test.

The silty clay and clayey silt of the Alluvial Fan
are medium stiff with the cone resistance of 0.5 to
1.5 MPa. The pore pressure ratio is 0.2. The bulk
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densities are 15 to 17 kN/m3. The natural water
contents vary from 50 to 80% and the liquid limits
vary widely from 70 to 120%. The Alluvial Fan
consists of fine grained materials with significant
sand contents from 10 to nearly 50%. As the deposits
are older than the overlying marine clay, the clayey
Alluvial Fan is heavily over-consolidated with OCR
values greater than 4. The compression indices range
from 0.5 to 1.3 and the initial void ratios are 1.5 to
2.2.

data fall in zone 2 (peat) in the chart of Qt-FR. The
classification generally agrees with the result of
exploratory drilling except that the peat was not that
significant in the marine clay.

Figure 6a. Soil classification based on Robertson (1990),
marine clay of recent alluvium.

Figure 4. Index properties versus elevation.

Figure 6b. Soil classification based on Robertson (1990),
clayey soils of older alluvial fan.

Figure 5. Consolidation properties.

5 SOIL CLASSIFICATION
There are many soil classification charts using
parameters obtained from piezocone tests. Among
others, the classification charts proposed by
Robertson (1990) based on the normalized
piezocone parameters were adopted in the study.
There were two types of classification charts, one is
based on cone resistance and friction ratio in
normalized forms (Qt-FR), the other is based on cone
resistance and pore pressure in normalized forms
(Qt-Bq). Both the classification charts were exercised
for Jakarta marine clay as shown in Figure 6 and
were then compared with the visual examination and
the results of grain size analysis from the nearby
exploratory boreholes.
For the marine clay, majority of the data fall in
zone 3 (clays), zone 1 (sensitive clay) and zone 4
(clayey silt to silty clay). A significant numbers of

Figure 6c. Soil classification based on Robertson (1990), sandy
soils of older alluvial fan.

For the clayey soils in the Alluvial Fan, the data
are widely distributed in zone 3 (clays), zone 4
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(clayey silt to silty clay) and zone 5 (silty sand to
sandy silt), which conform with the result of
exploratory drilling.
For the sandy soils of the Alluvial Fan, the Qt-Bq
chart classifies the soils into zone 5 (silty sand) and
zone 6 (clean sand to silty sand). However, the Qt-FR
chart widely classifies the soils from zone 3 (clays)
to zone 6 (clean sand to silty sand).
The above comparisons suggest that the Qt-Bq
plots were superior than the Qt-FR plots to identify
the soil types. Therefore, the pore pressure
measurement in piezocone test has added a new
dimension for accurate classification compared to
the conventional parameters of cone resistance and
skin friction.
6 UNDRAINED SHEAR STRENGTH
There are many empirical correlations between
piezocone parameters and undrained shear strengths
as summarized by Campanella and Robertson
(1988). Some of the recommended correlations that
the authors collected from several national reports
are shown in Table 1. The table correlates undrained
shear strength (su) with cone resistance (qc) with its
derivations (qc - vo, qt - vo), and excess pore
pressures (u) as below:
 su = qc / Nc
 su = (qc - vo) / Nk
 su = (qt - vo) / Nkt
 su = u / Nu
The above correlation was exercised for Jakarta
marine clay with undrained shear strengths obtained

from the field vane shear strengths corrected with
plasticity
index
following
Bjerrum’s
recommendation (1973). The correlation was carried
out in two different stages as below:
 The virgin ground before reclamation.
 The
under-consolidated ground after the
placement of the reclamation fill for 3 to 6
months.
6.1 Undrained shear strength in virgin ground
Figure 7 presents the correlation of undrained shear
strengths for the virgin ground before the
reclamation. The following cone factors are obtained
from the figures:
 Nc = 13 to 30 with average value of 20
 Nk = 1 to 13 with average value of 6
 Nkt = 8 to 20 with average value of 13
 Nu = 5 to 10 with average value of 7
The above cone factors are generally within the
range of the published information from several
national reports as shown in Table 1.
The correlation of undrained shear strength (su)
with pore pressure (u) seems to be more
convergence compared to other correlation while the
correlation with (qc - vo) is the poorest among
others. The finding was explained by Robertson et
al. (1986) that, in soft clay, the cone resistance is
small and is only a minor fraction of the rated
capacity of the cone tip load cell. Thus, the error of
the measurement in cone resistance may be large. On
the other hand, the pore pressures generated in soft
clay are generally large to take up major fraction of
the rated capacity and thus giving better accuracy.

Table 1. Cone factors from various sources.
Nc
= qc/su
15
10 St.
14
20
12
10
18
15 - 30
13 - 30

Cone Factors
Nk
Nkt
= (qc-vo)/su = (qt-vo)/su
14 ± 20%
14
8 - 16
12 - 20
6 - 12
8 - 10
12 - 14
2-5
5 - 12
1 - 13
8 - 20

Nu
u/su
5-9
4-6
7-8
5 - 10
5 - 10

Remarks
Sensitive clay
Normally-Consolidated Clay
Over-Consolidated Clay
Soft Clay
for qc < 0.5 MPa
for qc > 0.5 MPa
Normally-Consolidated Clay
Normally-Consolidated Clay
Over-Consolidated Clay
Slightly Over-Consolidated Clay
Under-Consolidated Clay
Normally-Consolidated Clay

National
Report
from
Australia
Belgium

Thom et al. (1995)
Nuyens et al. (1995)

Brazil

Pedricto & Schaid (1995)

Germany

Faust (1995)

Authors

India
Italy
Japan
Nigeria
Norway

Desai & Vikash (1995)
Pane et al. (1995)
Tanaka (1995)
George & Ajayi (1995)
Lunne & Sandven (1995)
Sandven & Watn (1995)
Singapore
Chang (1995)
Orihara et al. (1995)
Jakarta, Indonesia
Present Study
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Therefore, undrained shear strength in soft clay
estimated from pore pressure will inherently be more
accurate than using cone resistance.

nearly constant against PI. He also quoted that
Jamiolkowski et al. (1988) reported the same
tendency for Scandinavian clays after correcting the
field vane shear strengths with Bjerrum’s factor.
Figure 9 shows the plot of Nkt values for Jakarta
marine clay against PI together with the Japanese
clays and Scandinavian clays at various places that
the authors reproduced from Tanaka (1995) after
applying Bjerrum’s correction factor. It appears that
there is no general tendency for Nkt values against
PI. Wider range of Nkt values was also observed for
Jakarta marine clay compared to those of Japanese
and Scandinavian clays.

Figure 7. Correlation of undrained shear strength for virgin
ground.

Figure 8 shows the direct comparison of the
corrected field vane shear strengths and the su
profiles estimated from several piezocone tests using
the above average cone factors. Again, the su profiles
with average Nu of 7 shows the best fitting and
closely resemble the lines of su/’vo = 0.35 to 0.4,
which conform the common relationship with
plasticity index of marine clay at the project
site. The su profiles from other correlation show
wider scattering with the poorest correlation for su =
(qc - vo) / Nk.

Figure 9. Cone factors against plasticity index.

6.2 Undrained shear strength of under-consolidated
grounds

Figure 8. Undrained shear strength versus depth.

It has been an issue whether the cone factor (Nkt)
is dependent on the plasticity index (PI). Tanaka
(1995) reported that Nkt values for Japanese clays are

Piezocone tests and field vane shear tests were also
carried out at 3 to 6 months after the placement of
the reclamation fill. The correlation of the corrected
field vane shear strengths with the results of
piezocone tests conducted next to the exploratory
boreholes are presented in Figure 10. The figure
indicates that the plots are widely scattered for all
the correlation and the cone factors determined from
the virgin ground are not valid for the underconsolidated ground. The lower bound cone factors
seem to be the same for the virgin ground and the
under-consolidated ground. However, the upper
bound is much larger for the under-consolidated
ground compared to that for the virgin normally to
slightly over-consolidated ground. This is in contrary
with Singapore marine clay as reported by Orihara et
al. (1993) that the cone factors tend to decrease for
the under-consolidated ground from the virgin
ground.
The authors consider that the large scatter of the
correlation was largely influenced by the excess pore
pressures induced by the reclamation fill that have
not been fully dissipated in the ground. It is
unfortunate that the degrees of consolidation for both
the Jakarta and Singapore marine clays during the
331

investigation were not well documented and it was
difficult to draw definite conclusion. Nevertheless,
the correlation of undrained shear strengths from
piezocone parameters for the under-consolidated
ground should be made with caution.

Figure 10. Correlation of undrained shear strength for underconsolidated ground.

7 STRESS HISTORY
The stress history of the marine clay was examined
from the methods proposed by Chang (1991) and
Mayne (1978), as below:
 OCR = 2.3 Bq / (3.7 Bq -1)
[Chang]
1.79
 OCR = (0.317 u / ’vo)
[Mayne]
Figure 11 shows the comparison of OCR values
estimated from the piezocone tests and the ones
determined from the laboratory consolidation tests.
The method proposed by Chang tends to
underestimate the OCR for the virgin ground and
overestimate for the under-consolidated ground.
While the method proposed by Mayne reasonably
estimating OCR for both the virgin ground and the
under-consolidated ground with tolerance of 30%.

8 CONCLUSIONS
a) The use of piezocone in Indonesia started in mid
1990’s when several reclamation projects were
launched at north coast of Jakarta.
b) Typically, the seabed ground of Jakarta north
coast consists of very soft and highly
compressible marine clay of 8 to 12 m, overlying
alternate layers of medium stiff clay and dense
sand from older alluvial deposits.
c) The soil classification charts proposed by
Robertson (1990) based on the normalized
piezocone parameters reasonably predict the soil
types of both the marine clay and the underlying
older clayey and sandy deposits. The Qt-Bq chart
that using the information of pore pressure offers
better prediction than the Qt-FR chart which relies
on the information of cone resistance and skin
friction.
d) The cone factor (Nu) of 7 well correlates the pore
pressure parameters from piezocone tests with the
field vane shear strengths of Jakarta marine clay
corrected with Bjerrum’s factor.
e) Other cone factors (Nc, Nk, and Nkt) scatter widely
for Jakarta marine clay but are generally within
the range of published values for other clays in
the world.
f) Owing to the very soft consistency of Jakarta
marine clay, the correlation based on pore
pressure parameter is more accurate than using
cone resistance and skin friction for both the soil
classification and the estimation of undrained
shear strengths.
g) The correlation of undrained shear strengths from
piezocone parameters for under-consolidated
ground should be used with caution. The cone
factors deduced from virgin ground are not
applicable for under-consolidated ground.
h) There is no general tendency for the cone factor
Nkt against plasticity index for Jakarta marine
clay.
i) The correlation of OCR = (0.317 u / ’vo)1.79
proposed by Mayne (1978) reasonably predicts
the OCR of Jakarta marine clay with tolerance of
30% for both the virgin ground and the underconsolidated ground.
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ABSTRACT: CPTU and DMT are performed on Inchon International Airport marine soils to estimate various
properties of the soils, such as the undrained shear strengths (su), the overconsolidation ratio (OCR), and the
coefficient of consolidation (ch), whose results are compared with each other. The comparisons show that
both of the tests give better results, if the test soils are classified as clays by the piezocone parameter, Bq, and
that the magnitudes of the estimated soil properties vary widely depending upon the methods utilized to interpret the test results, from which it is known that the method of interpretation for each soil property is one of
the critical factors in obtaining dependable results for both tests. Erratic results may also appear regardless of
the interpretations, if CPTU or DMT is used in the evaluation of su or OCR values for fine soils with low plasticity.
1 INTRODUCTION
The Cone Penetration Test with pore pressure
measurement (CPTU) and the Dilatometer Test
(DMT) are frequently used in the field to obtain
near-continuous profiles of soil properties such as
the undrained shear strength (su), the coefficient of
consolidation in the horizontal direction (ch), and the
overconsolidation ratio (OCR), etc. In obtaining a
certain soil property from these in situ test results,
however, a correlation equation bridging the two
quantities is almost always needed which may have
been established either empirically or theoretically,
and as we are well aware, there are many such equations. Therefore, to choose which one among the
many equations suggested for a specific soil property
remains as a task for practicing engineers.
To verify the validity of the various existing correlations, especially for CPTU and DMT, in the
evaluation of soil properties such as su, ch, and OCR,
all the investigation data of Inchon International
Airport (IIA) construction project related with these
tests are collected and analyzed for the research.
2 IN SITU TESTS AND VARIOUS METHODS
OF INTERPRETATIONS
The in situ test methods used in this study are CPTU,
flat DMT, and field vane tests (FVT). The CPTU

equipment has porous elements just behind the conical tips. Thus, the penetration pore water pressures
measured in the tests are designated as ubt instead of
u. The DMT equipment used in the tests is the standard type as recommended by FHWA (1992) and
SGI (1994). The field vane tests are executed to obtain the reference values of the undrained shear
strength (su), whose size is 55110 mm.
2.1 Undrained shear strength (su)
2.1.1 CPTU
Excepting the various theoretical suggestions, only
indirect methods which utilize the cone factor connecting the CPTU measurements with su are investigated, which are

su 

su 

su 

q T   v0
N kt
u bt  u 0
N u

q T  u bt
N qu

(Lunne et al, 1985)

(1)

(Vesić, 1972)

(2)

(Campanella et al., 1982)

(3)

where qT = corrected cone resistance = qc + (1-a) ubt,
qc = measured cone resistance, a = area ratio of the
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cone = 0.75, ubt = pore pressure measured at the behind of the cone, v0 = total overburden pressure, u0
= hydrostatic pore pressure, and Nkt, Nu, Nqu are the
cone factors for each relevant correlation equation.
2.1.2 DMT
Marchetti (1980) proposed an empirical equation for
su which is a function of the horizontal stress index
KD and the effective overburden pressure (’v0):
s u  0.22 'v 0 (0.5K D )1.25

(4)

Roque (1988) utilized the classical bearing capacity equation to obtain su using the corrected second
pressure reading p1 of DMT, and the lateral earth
pressure, h0. It is in the form shown below.
su 

p1   ho
Nc

(5)

where Nc = bearing capacity factor varying from 5
to 9.
2.2 Overconsolidation ratio (OCR)
2.2.1 CPTU
The overconsolidation ratio may be estimated theoretically as well as empirically. Chang (1991) suggested an empirical equation for the OCR, for clays
with OCRs smaller than 8, using the pore pressure
parameter ratio Bq = (ubt-u0)/(qT-v0), which is
OCR 

2.3B q
(3.7B q  1)

(6)

Sugawara (1988) replaced qc with qT in the expression previously suggested by Mayne (1986) to
yield
OCR 

q T   v0
K   'v 0

(7)

where K is an empirical constant ranging from 2.5 to
5.0.
2.2.2 DMT
There are some correlations suggested to estimate
the OCR using the horizontal stress index, KD.
Marchetti (1980)’s original equation relating the
OCR with the KD is in the form shown below.
OCR  (0.5K D )1.56

(8)

2.3 Coefficient of consolidation
2.3.1 CPTU
Theoretical relationships derived to calculate the coefficients of consolidation from the results of excess
pore pressure dissipation tests are as the followings:
c

R 2  T50
t 50

ch 

R2 T
t

ch 

R 2  T*
t

IR

(Torstensson, 1977)

(10)

(Baligh & Levadoux, 1986)

(11)

(Teh & Houlsby, 1991)

(12)

where R = cone radius, t50 = pore pressure dissipation period up to 50% consolidation, T50 = time factor for t50, t = pore pressure dissipation period up to
a specific degree of consolidation, T = time factor
for the corresponding time t, T* = modified time factor for the corresponding time t, and IR = rigidity index of soils.
2.3.2 DMT
Gupta (1988) proposed an equation for the estimation of ch from the pore pressure dissipation test results of DMT:
T
c h  600 50
t
 50


 (mm2/min)



(13)

where t50 = time period for 50% consolidation,
T50 = time factor to t50 accounting for the ratio of
E/su, and E = elastic modulus of soil.
3 GEOTECHNICAL INFORMATION OF TEST
SITES
Inchon International Airport (IIA) located in South
Korea is being constructed on a semi-artificial island
which is made by connecting a couple of preexisting small islands with dikes, inside of which
marine sands are reclaimed for the thickness of 3-5
meters on top of the fine-grained marine soils (Kim
et al., 2000).
Table 1 shows a logging data which may represent the profile of the subsurface of the airport site
which are formed by sedimentation in Quaternary.

Lunne (1990) proposed a new correlation for
young clay deposits based on his experience in Norwegian clays:
OCR  0.30K 1D.17

(9)

Table 1. Original ground formation of IIA.
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Depth
Soil Stratification
(m)
Upper Marine
0
Clay
Upper Alluvial
6
Soil
Lower Marine
10
Clay
Lower Alluvial
16
Soil
Weathered35
Residual Soil
wn = natural water content,
CPTU.

wn (%)

PI (%)

wl (%)

cv10-3
(cm2/sec)

N-value

qc (MPa)

U.S.C.S

26.3~39.4

3.6~23.9

30.0~40.2

2~28

0~6/30cm

0.1~1

ML~CL

27.7~33.7

---

---

---

1~50/30cm

2~20.38

ML~SM

25.0~33.4 17.6~29.1 30.0~44.2
15.2~16.6

---

---

1~15
---

4~33/30cm 1.31~32.7
15~50/13cm

ML~CL

---

SM

38/30 cm ~
----50/7cm
PI = plasticity index, wl = liquid limit, N-value = number of blows in SPT, qc = cone resistance in
16.7~18.3

NP

NP

4 RESULTS OF CPTU AND DMT
4.1 DMT pressure readings p0, p2 vs. CPTU
penetration pore pressure ubt
Mayne (1987) has shown that the magnitude of the
first pressure reading (p0) of DMT after correction is
almost the same with that of the pore pressure reading (ubt) in CPTU within the range of acceptable error, both of which are thought to have a very similar
physical meaning. On the other hand, Lutenegger
(1988), who measured penetration pore pressures using a special version of DMT solely manufactured
for the research, reported that the measured pore
pressures ubt of CPTU are similar to the third pressure reading, p2 of DMT.
In Figures 4 and 5, the ratios of p0 to ubt and p2 to
ubt are plotted against the pore pressure parameter
ratio, Bq = (ubt-u0)/(qT-v0), respectively. In the same
figures, the range of Bq for the clay soils as suggested by Sunneset and Janbu (1985), and by
Dongbu et al. (1998) are also shown. Even if there is
a slight difference in the classification of clay soils
between the two groups, it is agreed that soils with
Bq greater than 0.2 are mostly clay soils. It may be
noticed from the aforementioned figures that the ratio p0/ubt as well as the ratio p2/ubt of the data points
approach unity, as the Bq values become greater than
0.2, supporting the previous findings of our colleagues. As Bq gets lower than 0.2, which means that
the soils become less plastic and more permeable,
the ratios p0/ubt and p2/ubt become higher than unity
by an increasingly large amount, which may be attributed to the dilatant deformation and the partial
drainage occurring during the probe penetration.
4.2 Undrained shear strength (su)
To evaluate the undrained strength (su) of soils using
CPTU, one of the cone factors appearing in Eqs. 1, 2
and 3 should be determined first of all. In Figures 6,
7, and 8, the specific quantities of CPTU for each
cone factors are plotted against the su obtained by
FVT which is taken as a reference test method. Each
figure shows 62 test data obtained from 28 different
locations and a regression line through the data.

---

From the figures, it is found that the Nkt connects the
CPTU quantities with the su the best, and the Nu,
the worst. The range of 90% reliability and mean Nkt
is calculated to be 14.71.5.

Figure 4. Assessment of p0/ubt vs. Bq.

Figure 5. Assessment of p2/ubt vs. Bq.

The undrained shear strength from DMT can be
obtained, as discussed earlier, either by the
Marchetti method (Eq. 4) or by the method of Roque
et al. (Eq. 5). The lateral pressure h0 of Eq. 5 has
been evaluated using the expression K0=0.34KD0.54,
as suggested by Lunne (1990) for young clay, and 5
is substituted for the Nc of Eq.5, the value of which
is recommended for brittle clays and silty soils by
Roque et al. (1988).
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Figure 6. Cone factor Nkt.

tained using FVT as a reference. In Figure 11, it is
found that su(Marchetti) is consistently lower than the su,
while the su(Roque) in Figure 12 is consistently higher
than su(CPTU)., both of which, however, fall within the
range of 50%. For reference, the data for Bq<0.2
are plotted in Figure 10(b), from which it is seen that
the data of su(FVT) and su(CPTU), still, have good correlation each other. Meanwhile su(Marchetti) and su(Roque)
for the soils with Bq<0.2 show big discrepancy with
even bigger scatters to conclude that the two methods are inadequate to estimate the su of soils with
Bq<0.2 (related figures not shown).

Figure 7. Cone factor Nu.

(a) Bq > 0.2

(b) Bq < 0.2

Figure 10. su(CPTU) vs. su(FVT).

Figure 8. Cone factor Nqu.

Figure 9 shows plots of the ratios of su(CPTU) to
one of su(Marchetti), su(Roque), or su(FVT) against the pore
pressure parameter ratio, Bq. The figure shows a
Figure 11. su(CPTU) vs. su(Marchetti) (Bq > 0.2)

Figure 12. su(CPTU) vs. su(Roque) (Bq > 0.2)

4.3 Overconsolidation ratio (OCR)

Figure 9. Assessment of su(CPTU) vs. su(Marchetti), su(Roque), su(FVT).

similar trend to Figures 4 and 5, each ratio in the
vertical axis approaching unity as the Bq value becomes greater than 0.2. To have a closer look at the
data in this range, the data for Bq>0.2 are replotted
in the Figures 10(a), 11, and 12. In Figure 10(a), the
data of su(CPTU) and su(FVT) show good correlation,
which is a natural result since the su(CPTU) are ob-

Both of Figures 13 and 14 show the plots of OCR
values obtained from oedometer tests and CPTU.
The OCR(Chang) in Figure 13 are calculated by Chang
method, from which it is noticed that the Chang
method gives meaningless results in the evaluation
of OCR for the soils with Bq<0.2. The OCRs from
CPTU in the latter figure are calculated by the Sugawara method, in which 4.5 is substituted for the
empirical constant K as is recommended for marine
soils in South Korea (Dongbu et al., 1998). In overall, the OCRs obtained by Sugawara method com338

pare well with those (OCR(Oedo.)) of oedometer tests
mostly within the range of 50%.

Figure 17. OCR(Sugawara) vs. OCR(Lunne) (Bq > 0.2).

Figure 13. OCR(Oedometer) vs. OCR(Chang).

Figure 18. OCR(Sugawara) vs. OCR(Marchetti) (Bq > 0.2).

Figure 14. OCR(Oedometer) vs. OCR(Sugawara).

Figure 15. Assessment of OCR(Sugawara) vs. OCR(Marchetti),
OCR(Lunne) and OCR(Lab.)

The OCR values from DMT are obtained by the
methods of Marchetti (1980) and Lunne (1990), and
compared with the OCR(Sugawara) in terms of their ratios in Figure 15. The OCR values obtained by oedometer tests are also shown in the same figure. In
this figure, the same trend with the undrained shear
strengths (Figure 9) is observed. Therefore, the data
for the soils with Bq>0.2 are replotted in the Figures
16(a), 17 and 18. The OCR(Sugawara) in Figure 16(a)
compare very well with the OCR(lab.) within the
range of 50%, and the Lunne’s method (Figure 17)
predicts the OCRs mostly within the range of 50%
compared with OCR(Sugawara), while the Marchetti
method (Figure 18) consistently overestimates the
OCRs, sometimes, by more than 50%. In Figure
16(b), OCR(Sugawara) for the soils with Bq<0.2 are replotted. Again, the OCR(Sugawara) compare well with
the OCR(lab.). Marchetti and Lunne methods show
almost meaningless correlations with OCR(Sugawara)
for the soils with Bq<0.2 (related figures not shown).
4.4 Coefficient of consolidation

a. Bq > 0.2
Figure 16. OCR(Sugawara) vs. OCR(Lab.).

b. Bq < 0.2

The coefficients of consolidation from the CPTU
pore pressure dissipation tests, which are regarded to
be the coefficients in a horizontal direction, are obtained by using Torstensson (Eq. 10), Levadoux and
Baligh (Eq. 11), and Teh and Houlsby (Eq. 12)
methods at the 50% degree of consolidation. The coefficients of consolidation are also obtained from the
DMT pore pressure dissipation tests, using the
Gupta (Eq. 13) method at the 50% degree of consolidation. In this method, the material index (Id)
was assumed to be less than or equal to 0.6, and the
horizontal stress index, KD 5.0. The rigidity index
(IR) was calculated by substituting E50 and su that are
obtained by consolidated undrained triaxial tests. For
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comparisons, the coefficients of consolidation are
also evaluated by oedometer test.

Figure 19. PI vs. coefficient of consolidation.

In Figure 19, the regression lines of the coefficients of consolidation (cv or ch) obtained by various
test methods are plotted against the plasticity index.
From the figure, it is noticed that the ratios of ch/r cv
vary widely depending upon the interpretation
method. In general, the results of Torstensson’s cylindrical method and the Teh and Houlsby method
are similar to each other. Their ratios to cv(oedo) vary
from 1.0 to 2.1, and from 0.8 to 1.8, respectively.
Meanwhile, the Levadoux and Baligh method calculates ch to be 3.3 to 5.5 times of the cv(oedo), which
seems to be overestimating the ch considering that
the normal range of ch/cv ratios is regarded to be 2 to
3 and the penetration of test probes smears the
proximate soils. The Gupta method of DMT calculates the coefficients of consolidation to be 0.7-0.9
times of cv(oedo), even if the DMT dissipation test is
also believed to simulate the consolidation of the
surrounding soil in a horizontal direction. It is worth
to note that the ch/cv ratios decrease as the plasticity
index increases regardless of the method of interpretation.
5 CONCLUSION
The test results of CPTU and DMT executed at the
IIA construction site of South Korea are analyzed
and compared to each other to draw the conclusions
as the followings.
1 The magnitudes of DMT pressure readings, p0
and p2 and the penetration pore pressure reading,
ubt of the CPTU are almost identical each other,
when the piezocone parameter, Bq is greater than
0.2(i.e., for clayey soils).
2 For the fine marine soils encountered in IIA, the
cone factor Nkt is found to connect the test results
of the CPTU with the undrained shear strength
(su) of the soils the best (Nkt =14.71.5).
3 The undrained shear strengths of clayey soils
(Bq>0.2) obtained by the Marchetti method using
DMT data appear to be consistently smaller than
the su(CPTU), while those by the Roque method are
consistently larger than the su(CPTU), both of which,

however, fall within the range of 50% compared
to the su(CPTU) whose validity is verified by the
FVT.
4 Sugawara method for CPTU estimates the OCR
values within the acceptable error for all the soils.
In the estimation of OCRs using the DMT, the
Lunne method is found to give acceptable results
only for the soils with Bq>0.2. The Marchetti
method is not recommended to evaluate the
OCRs due to the big discrepancy as well as the
big scatters of the data.
5 The coefficients of consolidation (ch) obtained by
the Torstensson method and the Teh and Houlsby
method using CPTU pore pressure dissipation test
data compare well each other, whose magnitudes
are within 0.8 to 2.1 times of cv(oedo). However,
ch(CPTU) obtained by the Levadoux and Baligh
method are 3.3 to 5.5 times of cv(oedo), which are
thought to be overestimating the ch of the soils.
The ratios of ch obtained by the Gupta method using the results of DMT pore pressure dissipation
tests to cv(oedo) are found to be within 0.7 to 0.9,
which, this time, seems to be underestimating the
ch of the soils.
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ABSTRACT: Following the new land development program, initiated by the Korean government since early
1990’s, extensive works of reclamation on the Pusan Clay have been undertaken in the deltaic Nakdong River
plain. Because the Pusan Clays are soft sensitive, disturbance due to soil sampling has adversely affected on
the values of geotechnical properties determined from laboratory testing, especially those consolidation
characteristics. In practice, a continuous sampling has not been commonly done for the whole length of the
borehole; hence the soil profile is not thoroughly characterized in many locations despite a lot of site
investigation. In such a context, CPTU tests would have played an important role in site investigation. In this
paper, a handful of CPTU data were collected and analyzed for soil characterization. A new parameter, Ng,
was proposed for soil profiling. Correlation between CPTU data and some geotechnical parameters was also
made. The results of CPTU data analyses showed their potential usefulness in soil investigation for
reclamation projects on the Pusan Clays.
1 THE PUSAN CLAYS AND RECLAMATION
WORKS
The Pusan Clays are developed in the Nakdong river
plain, at the estuary or more in land areas (Fig. 1),
where in early 1990’s the Korean government
initiated a new land development program for
residential and industrial complexes. Since then
extensive site investigation, including CPTU, and
ground improvement works have been undertaking
(Table 1). The Pusan Clays seem to expose some
peculiarities of concern for reclamation works, and
namely:
1) The clay deposit thickness is variable and big,
reaching beyond 50 m in many locations. There
are apparently two consequences related to these,
i.e., sampling has been done only at some depth
levels and the installation length of vertical
drains is long. The former was probably due to
the cost reason, and due to which the soil profile
often could not be well characterized. The later
would affect certainly the cost and effectiveness
of ground improvement works using vertical
drains.
2) The OCR vales of the Pusan Clays are
commonly found less than one based on
oedometer testing.
3) The monitoring records showed very large
settlement under a trial embankment. These

construction settlements have been heavily
underestimated by the design calculation. One of
the reasons for this underestimation would have
been the selection of wrong soil parameters.
4) The pore pressure profile across the Pusan Clays
is largely unknown as very few piezometers were
installed. The artesian pressure from the
underlying sand is evident in many locations and
it may cause underconsolidation of the lower part
of the Pusan Clay deposits.

Figure 1. The Nakdong river plain and reclamation sites. The
site names correspond to the numbers are in Table 1.
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The scopes of this study are, therefore, to explore
possibilities of interpretation of CPTU data to help
answering some of problems mentioned above
regarding not only for soil classification but also for
design purpose with reference to reclamation works
on the Pusan Clays.
2 TESTING SITE AND CPTU TESTS
2.1 Testing site
A location in Yangsan site (Fig. 1, Table 1) was
selected for study. The layout of CPTU boreholes is
shown in Fig. 2. Two sets of piezocone boreholes
were used in the analysis. The first set was done by
Ah-Joo GeoSystem (1996) before vertical drains
were installed. The second set was done in 1999
after installation of vertical drains and construction
of a trial embankment nearby. There were 19 CPTU
boreholes in the first set, which were installed
around six boreholes, denoted from BH1 to BH6,
from which soil samples were collected for lab
testing. The second set consists of just 4 CPTU
boreholes, concentrated in a much smaller area as
shown in Fig. 2.

plastic limit (PI) about 25%, liquid limit (LL) about
50% and water content (WC) slightly above LL,
about 55 to 60%. The liquidity index (LI) for most
part of the Yangsan clays is from 1 to 1.5, which
may hint of a depositional environment of tidal flat
type. The undrained shear strengths from UU and
UC tests increase from less than 1.0 t/m2 to 3.0 t/m2
with the increasing depth, the profile of undrained
shear strength seems to suggest that the Yangsan
clay layer might be separated in two sub-layers, the
upper and the lower ones, at a depth of 17 m. The
preconsolidation pressures are less than the effective
overburden for most of the profile, from 10 m
downward, the difference is especially pronounced
in the lower sub-layer and at the contact with the
underlying artesian sand layer. The low values of
OCR are still a disputable feature of the Pusan Clays.
Some consider it a specific characteristic possibly
due to underconsolidation, the others tried to explain
by soil disturbance and laboratory testing errors
which would easily occur for sensitive soft clay like
the Pusan Clays.
Table 1. CPTU testing in the Nakdong River plain
Start
Year
1. Gadukdo
28,000 1997
2. Noksan
8,654,000 1990
3. Shinho
3,121,619 1994
4. Myungji
1,844,400 1990
5. Eulsookdo
41,315 1996
6. Kimhae
270,000 2000
7. Jangyu
810,000 1998
8. Yangsan
10,104,492
1995
Note: P is penetration; D is Dissipation
Reclam. Site

Area / km2

No. of CPTU
P
D
120
85
37
35
9
6
20
60
47
60
250
150

2.2 Piezocone and CPTU testing

1st set of CPTU
2nd set of CPTU
Figure 2. Layout of CPTU boreholes.

A general soil profile with averaged geotechnical
properties for the Yangsan area is shown in Fig. 3. A
silty sand layer up to 5 or 6 m thick is commonly
found on top, which is immediately followed by the
Yangsan clays, whose unit weights mainly vary from
1.6 to 1.7 t/m3. There are situations where the top
silty sand layer disappears and the clays are surfaced.
The Yangsan clays used to be very silty, having

The cone tip has a 3.57 cm diameter, 10 cm2 base
area, a 10 MPa qc,max. The maximum load is 5 t. The
sleeve has a length of 15 cm, an area of 150 cm2 and
a fs,max of 0.5 MPa. The porous filter, of u2 type, has
a thickness of 5 mm. The cone area ratio was 0.8 and
0.58 for the first and second CPTU testing sets,
respectively. Two common CPTU applications for
the Pusan Clays are: (i) soil classification using
common classification chart (Campanella and
Robertson, 1988; Lunne et al. 1997); and (ii)
determination of the consolidation coefficient based
on dissipation test result. The first application still
could not give a competitive use to the traditional
one based on the grain size and Atterberg limits. The
second application used to give much higher
consolidation coefficient comparing to that
determined from a conventional test. Consequently,
CPTU although expensive and planned in most of
the site investigation projects, has been yet to be a
powerful and convincing tool the way it should be
for the local practical geotechnical engineer.
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3 SOIL CHARACTERIZATION USING CPTU
DATA
3.1 Classification using existing charts
For soil classification, some geotechnical properties
of the soil profile (Fig. 3) such as unit weight,
plasticity index were used together with average
CPTU values of cone resistance (qc), measured pore

pressure (u2) and sleeve friction (fs) of nineteen
CPTU boreholes of the first set (Fig. 2). Based on
the derived CPTU parameters, i.e., corrected cone
resistance (qt), excess pore pressure (u), pore
pressure parameter (Bq), normalized cone resistance
(Qt) and normalized cone friction (fr), soil
classification for the generalized profile was done.

Figure 3. The average geotechnical properties at Yangsan.

The results based on an interpretation using the
classification charts considering only the CPTU
measurements, e.g., qt-Bq, qt-Fr, Qt-Bq, Qt-Fr (Lunne
et al. 1997) showed that almost the whole soil
column was interpreted as a sensitive fine grained
soil which might be clay or silty clay, except the top
and bottom 3 meters. When the soil properties came
into play, for example in the chart (qt-vo)-Bq or QtOCR the results seemed to be less convincing,
especially the values of OCR higher than 1 did not
reflect correctly the state of consolidation of the
Pusan Clays which are essentially sensitive normally
consolidated.
3.2 Nh parameter
Cheng-hou et al. (1990) proposed some parameters
for a CPTU soil classification, i.e., e, Bp and Nh.
Where: e is defined as the equivalent water pressure
at the depth of soil element, considering GWT is at
the ground surface; Bp is a slightly modified
parameter from the commonly used pore pressure
ratio Bq; and Nh is a new soil classification
parameter, which was deduced based on study of
more than 50 sets of CPTU data from all over the
world, especially based on experiences with different
kind of Dutch soils, including peat, silty sand, silty
clay and sand. The parameters are defined as
follows:
e = 10h (kPa)

(1a)

Bp =

Nh =

u
q t  e
500  B p

logq t / 2   e 

(1b)

(1c)

3.3 Ng parameter
A modification from Nh parameter was proposed as
shown in the following relationship. The new
parameter is named Ng. The only difference of Ng
from Nh is that instead of division one has
multiplication by log (qt/2e), which would reduce
the errors caused by dividing by small numbers as it
has been observed when using Nh for the Pusan
Clays.
Ng = 500  Bp  log(qt / 2e)

(2)

3.4 Use of Ng for Yangsan site
The advantages of the parameters proposed in Eqs.
1a, 1b, 1c and Eq. 2 are: (i) They are easily
calculated, depending only on CPTU measurements;
(ii) Nh and Ng can be represented as a continuous
profile. An application of soil characterization using
Ng in combination with other CPTU parameters is
shown in Fig. 4. CPTU data from set 1, including
cone tip resistance (qc), measured pore pressure (u2),
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(a) CPTU data from piezocones 5, 6, 7 and 8 around BH-1(the thick line is the average of the four)
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(b) CPTU data from piezocones 1, 2, 3 and 4 around BH-2 (the thick line is the average of the four)
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(c) CPTU data from piezocones 14, 15, 16 and 17 around BH-3 (the thick line is the average of the four)
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(d) CPTU data from piezocones 12, 13, 18 and 19 around BH-4(the thick line is the average of the four)

Fig. 4 Soil characterization based on CPTU data, Ng and Nh parameters
Figure 4. Soil characterization based on CPTU data, Ng and Nb parameters.

corrected cone tip resistance (qt) for an A = 0.8, were
used to determine profiles of Ng for 4 locations, i.e.,
BH1, BH2, BH3 and BH4. One can see from Fig. 4
that while laboratory test data like unit weight could
not give a clear information on soil layers the CPTU
data did much better. The pseudo-step form of qc, qt
curves; the change in slope of the u2 curves probably
hinted two boundaries at BH-1 and BH-2 locations,
i.e., one between the silty sand and the underlying
clay at 5 m and another one inside the clay layer
itself around 17 m. The Ng profiles in Fig. 4
apparently supported the former, and not the later.

The curve of qt-vo worked well only for BH1
location. This parameter of course depends very
much on reliability of the unit weight values.
In Fig. 5, the average curves of qc, u2 and Ng for
BH1 to BH4 were plotted only for the depth interval
of Yangsan clay layer from 5 to 30 m. By avoiding
the top silty sand layer (0 to 5 m) and the sand layer
underlying the Yangsan clay (beyond 30 m), the
range of Ng values is much smaller, hence the
presentation scale can be more detailed. The Ng
profile clearly supported separation of the Yangsan
clay into the upper and lower units as shown in
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Fig. 5 Use of qc , u and Ng in separating the Yangsan clay layer

Fig. 5. The upper Yangsan clay layer is quite
homogeneous and has a rather constant Ng around
120, while the lower unit has Ng decreasing linearly
from 120 to 50, which means that it is less
homogeneous and more silty, especially toward the
bottom part.
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Figure 5. Use of qc, u2 and Ng in separating the Yangsan clay
layer
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4 CORRELATION WITH THE OTHER
GEOTECHNICAL PARAMETERS
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A notable feature of the Pusan Clays are the low
values of OCR which means that the
preconsolidation pressures (denoted as p’ or Pc),
determined from oedometer tests, are less that the
effective overburden as it can be seen in Fig. 3. This
has been explained either by underconsolidation of
the Pusan Clays, or due to errors in laboratory testing
(Kim 1999; Tanaka et al. 1999). A clear
understanding on consolidation state of the Pusan
Clays is therefore very important for its geotechnical
investigation and settlement analyses.
Tanaka and Sakaghami (1989) proposed an
interesting approach to investigate underconsolidation of soft marine clay in Osaka bay based on
a relationship between u and (qt-vo). This
approach was recommended by Lunne et al. (1997)
also. An application for the study area is shown in
Fig. 6. The main idea underlying Tanaka and
Sakaghami’s techniques is that underconsolidated
clay would have higher excess pore pressure than the
NC clays in the same soil profile, hence they would
be lying above the NC clay line which was defined
as u = 0.75(qt-vo) for Osaka bay clays. From in
Fig. 6 one can see, however, the points are found
both above and below Tanaka and Sakaghami’s line.
The linear band between Tanaka and Sakaghami’s
line and another line, i.e., u = 0.75(qt-vo) –110,
was suggested for NC clays at Yangsan site, based
on which some underconsolidation points are
suspected. Undercon-solidation of the Pusan Clays
might have another cause other than the incomplete
dissipation like in the case of Osaka bay clays, which
would be due to artesian pressure from the

800
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60
40
20
0
0

200
400
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Figure 9. Su,vane
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underlying sand layer.
A correlation between the preconsolidation
pressure (Pc) and (qt-vo) was made and shown in
Fig. 7.
4.2 Undrained shear strength
The undrained shear strength from UC testing of the
clay samples at BH-1, BH-2, Bh-3, BH-4 and BH-6
boreholes were correlated with (qt-vo) as shown in
Fig. 8.
The correlation between undrained shear strength,
Su,vane, and (qt-vo) is shown in Fig. 9 for a location
in Jangyu.
5 CONCLUSIONS AND RECOMMENDATIONS
1) The parameter Nh proposed by Cheng-hou et al.
(1990) was employed in soil characterization
(see Eq. 1c). Nh seemed to be distinctive for
sandy, silty and clayey soils. A continuous Nh
profile can be easily calculated, based on CPTU
data only. Calculation of Nh at the shallow depth,
however, should be careful as some
exaggerations in Bp, and consequently in Nh, may
occur due to closeness of e to qt (see Eq. 1b).
Nh used to vary in a very large range, hence a soil
classification based on numeric values of Nh is
therefore not convenient.
2) A new parameter Ng was proposed by modifying
Nh (see Eq. 2). Ng was useful in profiling sandy,
silty and clayey soil as well as in separating the
thick Pusan Clay layer into the Upper and Lower
units. Ng varies in much narrower range,
therefore a numeric classification based on it
might be feasible. This needs further researches
for the Pusan Clays.
3) It was a good experience to work with average
profiles of both soil parameters and CPTU
measurements.
4) The CPTU data could help investigate pore
pressure profile and state of consolidation of the
Pusan
Clays
(Fig.
6
&
7).
The
underconsolidation which may be caused by the
artesian pressure from the underlying sand seems
not to be confirmed by Tanaka and Sakaghami’s
approach, which was successfully applied for
undercon-solidated marine clay in Osaka.
Instead, the linear trend of CPTU data indicated
that most parts of the Pusan Clays are normally
consolidated clays.
5) Relationship between undrained shear strength
and (qt-vo) was found as qu/2 = 0.048  (qt-vo)
for UC tests (Yangsan location) and as
Su,vane = 0.082  (qt-vo) for in situ vane shear
tests (Jangyu location).
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SUMMARY: This paper presents the results of an analysis of the field vane tests (FVT) carried out in the
Internacional Club soft clay, one research site of the Geotechnical Group - Federal University of Pernambuco,
Brazil (UFPE). The tests were performed using electrical equipment developed by COPPE/UFRJ and GROM,
having the UFPE participation in a joint research program. This equipment presents a torque measure closed
to the vane blades, and it does not require a previously pre-borehole.
The FVT undrained shear strength results are compared to laboratory test (UU-C and CIU -C) and other in
situ test (piezocone and dilatometer) results. The OCR and Ko values are estimated from field vane tests,
which are compared to the values from incremental oedometer test and other in situ tests to show the FVT
potentiality in estimating such parameters in this site.
1 INTRODUCTION
Since the decade of 70, it has been having a growing
tendency in relation to the use of in situ test to
evaluate the soil parameters applied to Engineering.
Conventional exploration programmes make use of
both in situ and laboratory measurements for the
determination of soil properties. The suitability of
one approach or the other is strictly linked to the
aims of the exploration. In fact, both methods of soil
investigation have their inherent merits and
disadvantages. One of the clayed soil properties
often measured in field is its undrained shear
strength (Su).
The field vane test has been used widely. It was
one of the first procedures for the determination of
undrained shear strength in situ for soft / medium
soils. The undrained shear strength obtained through
FVT is mainly used in the stability analysis of
embankments or foundation built on soft soils. The
main reason of the great use of this test in projects is
due to the fact that it is a quite simple, practical and
economic method.
Chandler (1988) presents an extensive state-ofthe-art review of the procedures and results of the
field vane test.
Several researchers have been verifying the
tendency of FVT in overestimating the mobilized
strength at failure, in the clays of the embankments
foundations. They have suggested correction factors
to be applied to the measured values of Su, to use in

project, taking into consideration the soil anisotropy
effects, the time to failure, the progressive failure,
three-dimensional, etc (Bjerrum, 1973; Azzouz et
al., 1983; Aas et al., 1986). Some Brazilian
researchers have also verified this tendency through
the retroanalyses of embankments failure (Sandroni,
1993; Almeida, 1998).
Besides the in situ direct determination of Su and
the sensitivity (St = SUundisturbed/SUremolded) of the soil
studied, the field vane test also allows the estimation
of the overconsolidation ratio (OCR) (see Mayne &
Mitchell, 1988) and the coefficient of earth pressure
at rest (K0) (see Aas et al., 1986).
In the decade of 90, equipment was developed
with an electric torque measure closed to the vane
blades in a joint work between COPPE/UFRJ and
GROM, and the UFPE participation, whose use in a
clay deposit of the Recife city will be presented and
discussed in this paper
2 THE FIELD VANE TEST
STANDARDIZATION
The vane test standardization is of fundamental
importance. Many factors can influence the obtained
results excessively. Table 1 compares the
requirements of the American, European and
Brazilian national standards for field vane shear
testing. In a general way, the Brazilian standard fits
well in the international specifications.
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Table 1. Comparison of national standards for in situ vane
testing (Coutinho et al., 2000).
CEN2
(1995)
2

NBR 109053
(1989)
2

40 - 100

50 e 65

1.6/3.2

0.8 - 3.0

2  0.2

Depth of insertion

5 hole
diameter

> 0.5 m e  4
hole diameter

Rate of Rotation

6/min

5 hole
diameter
6 to
12/min

Parameter
H/D ratio
Vane blade
diameter, mm
Thickness of
blade, mm

ASTM1
(1986)
2
38.1/50.8/
63.5/92.1

SUremolded minimum
10
 10
revolutions
1
USA: ASTM Standard.
2
European Committee for Standardization.
3
Brazil: ABNT Standard.

(6 0.6)/min.
10

3 THE FIELD VANE EQUIPMENT
The development of the electrical vane borer was
part of an existent joint research work between
COPPE/UFRJ and the UFPE. The equipment was
made by the GROM Company that has also taken
part of the project elaboration. Among its main
characteristics we can distinguish the following
ones: a) it does not require pre-borehole; it is
statically driven in the soil, similarly to the
GEONOR vane type. The vane is inserted ahead in
the soil 0,5 m of the protective cap; b) it is endowed
with a cell torque closed to the vane blades, which

uses electric dial gauges, supplying measures with
high accuracy; c) the maximum value of the measure
– torque is of 100 Nm; d) the unit of reading used
already supplies the value o f the torque in Nm.
This equipment was tested initially in Rio de
Janeiro soft clays for research purposes, presenting
reliable values and possessing pattern of superior
quality to the conventional vane equipment
(Nascimento, 1998). The program had continuity in
Recife clay deposits with larger thickness and deeper
in comparison to the Rio de Janeiro clay deposit
investigated. The Recife deposits also present a
wider range of undrained shear strength values (from
14 to 56 kPa). In this paper will be presented the
results from the Internacional Club deposit.
For more details concern to the use of the
electrical vane borer see Nascimento (1998) and
Oliveira (2000).
4 STUDIED SITE
Recife is situated on the North-eastern coast of
Brazil and presents a plain area formed in the
Quaternary period with the influence of salt and
fresh water. Soft clay and organic soil deposits are
found in about fifty percent of the lowland area,
formed in the Holocene period, having a maximum
age of about 10,000 years. The land level is close to
sea-level, thus the soft soil deposits, in general, are
almost totally below the water table level.

Figure 1. Geotechnical profile, SPT values, characterization and compressibility characteristics of the Internacional Club deposit
(from Coutinho & Oliveira, 1997).
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The Internacional Club is located in the Recife
central area, where contains an extensive deposit of
soft / medium clay. It has been object of study in the
Geotechnical Area of UFPE since 1978 (see
Coutinho & Oliveira, 1997).
Figure 1 presents the typical geotechnical profile
with the respective values of SPT, together with
characterization, stress history and compressibility
parameters. It can be observed a deposit of organic
soft / medium clay, having 20 m of thickness (6 to
26 m), dividing in two layers of different
geotechnical characteristics (layer 1: 6 to 16 m; layer
2: 16 to 26 m). The plasticity index (PI), for
example, presents values of 70.4  13.4% (layer 1)
and 33.0  5.7% 2.9) and layer 2 is close to a
normally consolidated state (OCR from 0.9 to 1.3).
The initial void ratio (e0), the compression index
(CC) and the swell index (CS) of this deposit present
higher values in layer 1.
5 FIELD VANE TESTS
The tests were performed in accordance with the
Brazilian national standard for field vane shear
testing, NBR 10905 (1989). The dimensions of the
used vane were the following ones: H = 130 mm,
D = 65 mm and e = 2 mm. The rate of vane rotation
applied was of 6º/min. The time elapsed between the
vane insertion and the beginning of the applied
rotation was of one minute. It was also one minute
the time between the end of the undisturbed test and
the beginning of the remolded test. In the remolded
test a maximum torque was not observed (the torque
was always growing), whose test time adopted was
the same ten minutes. The undrained shear strength
(Eq. 1) was calculated using the conventional test
interpretation (Chandler, 1988).

5.1 Undrained shear strength (SU) and sensitivity
(St)
The undrained shear strength, the remolded
undrained shear strength and the sensitivity (St)
values obtained for the studied site are presented in
Figure 3. The results show a good repeatability for
the three verticals performed. It can be observed that
in the layer 1 the SU grows lineally with the depth
until 10 m, remaining practically constant. In the
layer 2 the SU grows lineally with the depth. The
values are in the range of 34 to 56 kPa.
The SU results for other Brazilian clays obtained
through the field vane test can be found in Coutinho
et al. (2000) (see also Oliveira, 2000). In general,
these clays present undrained strength varying
between 5 and 60 kPa, with typical range of 5 to 30
kPa, with the Internacional Club soft clay presenting
the highest results (34 to 56 kPa).
Considering Skempton & Northey (1952)
classification (Fig. 3), the studied deposit presents
sensitivity from medium to high. In general, medium
in layer 1 (from 4.5 to 11.8) and high in layer 2
(from 9.2 to 15.8). Up to now, data show that clays
in Recife come as one of the most sensitive among
the clays studied in Brazil.
Coutinho et al. (2000) (see also Oliveira, 2000)
present S, values of some Brazilian soft clay
deposits, which are situated in the range of 1 to 19,
with typical values between 1 and 8.
5.2 Comparison between SU(FVT) with SU obtained in
laboratory and other in situ tests
The SU estimation from dilatometer tests is often
obtained through the Equation 2. The value of “A”
suggested by Marchetti (1980) (A = 0.22) was
considered the most appropriate for the studied soils.

S U  A' VO 0.5K D 

1.25

SU 

0.86 Tmax
 D3

(1)

Figure 2 shows typical curves (torque vs. rotation)
obtained in the performed tests.

(2)

where A = constant; ’vo = in situ overburden stress;
KD = horizontal stress index.
The undrained shear strength of the soils can also
be estimated from piezocone tests, through, among
others, of the Equation 3. Tavenas & Leroueil (1987)
found a more or less constant value of NKT between
11 and 17, irrespective of the plasticity or the OCR
of the soil, when they tested the Canadian clays,
using as reference the uncorrected SU(FVT).
SU 

q T   VO
N KT

(3)

where qT = corrected cone resistance, taking into
consideration the effect of the pore pressure; vo = in
situ vertical total stress; NKT = corrected cone factor.
Figure 2. Typical curves torque vs. rotation (Oliveira, 2000).
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Figure 3. The results of the field vane tests performed in the Internacional Club in Recife (Oliveira, 2000).

Figure 4 shows a comparison of the SU results
obtained in the uncorrected field vane tests and in
the laboratory tests (UU-C and CIU -C with ’C = in
situ ’Oct), and SU results estimated from piezocone
and dilatometer tests. The piezocone and the
Marchetti dilatometer testing were performed in
accordance with what is suggested in the literature
(e.g. ASTM 1986, Schmertmann 1988, Campanella
& Robertson 1988). It is worth to point out that the
results presented to the DMT and the CPTU
represent an average of the verticals performed. It
can be observed in Figure 4 that the results present a
good agreement. Table 2 tries to quantify those
comparisons.

Considering the results from more one research
site of the Federal University of Pernambuco (SESI
– Ibura), it is suggested that for the Recife clays may
be used the following medium values: NKT = 12.0 
1.3 and A = 0.22  0.03.

Table 2. SU comparisons: field vane vs. laboratory and other in
situ tests (DMT and CPTU) – Internacional Club
(Oliveira, 2000).
Test

Correlation

UU, CIU
DMT
CPTU

Marchetti (1980)
A = 0.22
Tavenas & Leroueil (1987)
NKT = 11

Layer SU(FVT) / SU
1
1
2

1

1
2
1
2

0.93 – 1.14
0.77 – 0.98
0.90 – 1.03
0.76 – 0.87

Coutinho et al. (2000) present a general
discussion about field vane, laboratory and other in
situ test results of some Brazilian soft clay deposits.
In general, the SU profiles obtained from these tests
present a good agreement.

Figure 4. Su comparison: field vane, laboratory, piezocone and
dilatometer tests (Oliveira, 2000).
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Figure 5 presents the variation of the corrected
cone factor (NKT) with the plasticity index of the soil
(PI) for several Brazilian clays together with the NKT
range proposed by Tavenas & Leroueil (1987) (NKT
obtained having as reference the uncorrected field
vane test and the PI obtained without the previous
drying of the material). It can be noticed a light
decrease tendency of NKT with the increase of PI, for
the Brazilian clays, represented by the following
correlation:
N KT  15.623  0.056PI  1.193

r

2



 0.63

(1997) also got a general good agreement between
the data derived from oedometer and vane test, to the
Porto Alegre clays.

(4)

Figure 6. OCR comparisons: oedometer, vane, dilatometer and
piezocone tests (Oliveira, 2000).

5.4 K0 estimation

Figure 5. NKT values vs. PI for several Brazilian clays (Oliveira,
2000).

5.3 OCR estimation
Mayne & Mitchell (1988) have developed a database
with the field vane, oedometer test results, and index
properties of 96 different clays, defining general
correlation (Eq. 5) to estimate the OCR values from
field vane tests:
 S U ( FVT )
OCR  22 PI  0.48  
 '
 VO






(5)

The OCR values for the studied deposit,
estimated from equation 4 are shown in Figure 6
together with values obtained from incremental
oedometer tests and estimated from other in situ
tests. There is a good agreement among these OCR
values, except for the dried crust. The OCR(FVT)
/OCR(Lab.) ratio varies from 0.84 to 1.40, in a general
way, with a medium value of 1.07. Soares et al.

Aas et al. (1986) have defined an expression to
obtain the K0 from the field vane test results, which
also uses tests data of the triaxial compression
(Eq. 6). The proposal was developed through the
stress distribution analysis around the vane,
assuming a fundamental failure criterion valid for
undrained loading of clays exhibiting little
deformation before brittle failure. The defined
expression is as followed:
K0 

' 3 f
' VO



S UV ( undisturbe d  S UV ( remolded )
' VO

(6)

where ’3f = minor effective principal stress at
failure, obtained in CAU-C tests, with vertical
consolidation stress equal to ’vo on a specimen from
a depth corresponding to the vane test; SUV(undisturbed)
= undisturbed (vertical) undrained strength;
SUV(remolded) = remolded (vertical) undrained strength.
Figure 7 shows the K0 values estimated through
the equation 6, where the used values of ’3f are
referring CIU – C tests (’C = in situ ’Oct.), together
with estimated results from laboratory tests
(correlation) and other in situ tests (CPTU and
DMT). The K0(FVT) comes in the same range of
values of K0(“Lab.”) (–5% to +10%).
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estimated from laboratory correlation. In relation
to the other in situ tests, the Aas et al. proposal
needs triaxial compression tests data, which it is a
difficulty to be used as a practical method.
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Geotechnical properties of silty alluvial soils from CPTU tests
P. Previatello & S. Cola
Department of Hydraulic, Maritime and Geotechnical Engineering, University of Padua, Italy

ABSTRACT: The majority of shallow formations in the low Veneto plain (Italy) range from medium-fine
sand to silty clay of medium-low plasticity. Due to their alluvial origin these soils frequently appear
interbedded with each other, and consequently an estimation of their geotechnical properties requires
expensive in situ and laboratory investigation. Moreover, the calibration of tools for CPTU data interpretation
has been generally carried out for prevalently cohesive or granular soils with particular features of
homogeneity. In this paper the reliability of the most frequently used relationships for CPTU tests
interpretation in estimating the soil profile and geotechnical parameters on two sites is critically examined.
1 INTRODUCTION
The cone penetration test with pore pressure
measurement (CPTU) is successfully employed for
its capacity to accurately define the soil profile even
in the highly stratified formations. Since the 1980s
the use of the CPTU test also in the estimation of
geotechnical parameters has become more
widespread. Many empirical or analytical
correlations provide tools for the reconstruction of
quantitative profiles of strength and stiffness
parameters or of hydraulic properties.
On the other hand, commonly proposed formulas
are site-dependent or not usable for all kinds of soil.
In this paper the reliability of the CPTU tests in
evaluating some soil properties on two sites are
checked. Both the sites are located in the low Veneto
plain and, as a common feature, their ground is
composed of an irregular stratification of soils with a
prevalently silty fraction and medium-low plasticity
cohesive fraction.
The following analysis will be restricted to those
geotechnical properties that, according to Robertson
& Campanella indications (1983), could be well
estimated with CPTU tests: particularly the soil
profile, undrained shear strength, over-consolidation
ratio and drained friction angle.
2 TEST SITES
The first site, Dese, is located at the border of the
Venetian lagoon, 10 km north of the old town. The
construction of a junction between the highway and

Venice airport gave the opportunity for a
comprehensive geotechnical investigation carried out
by means of CPTU, self-boring pressuremeter
(SBP), field vane (FV) and laboratory tests. The
examined depth reaches about 40-50 m under ground
surface.
The laboratory programme included classification
of soils, oedometer, unconsolidated-undrained
triaxial compression tests, as well as direct shear
ones. They were performed on undisturbed samples
from 101 mm diameter boreholes.
The soils vary from fine sands to very silty clays.
They are alluvial sediments transported there by the
Piave and Brenta rivers from the Eastern Alps during
the late Pleistocene period. The Atterberg limits of
clay layers are LL = 29-56, with an average value of
40, and PI = 5-29, with an average value of 17. The
materials are generally of low activity with
occasional layers of organic material.
Villa Estense, the second site, is located at 10 km
south of the Euganea Hills and at 50 km away from
the Adriatic Sea and the Venetian lagoon.
Three boreholes with various diameters (90, 101
and 210 mm) and four CPTU tests were performed
on verticals very close together reaching a depth of
about 16 m from ground level.
To evaluate the sampling effects, oedometer tests
and unconsolidated-undrained triaxial tests were
carried out on samples collected at the same depths
from the three boreholes. The laboratory tests were
executed at the same site without moving the
samples. This left the only possible source of
disturbance as that caused by sampling and specimen
trimming.
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3 PIEZOCONE PROFILES
Figures 1 and 2 show the profiles of the cone
resistance qc, the sleeve friction fs and the pore
pressure u generated during penetration, determined
in two representative CPTU tests, one for each site.
Pore pressure was measured at a filter located
immediately behind the tip. For the following
analysis the tip resistance was corrected using:
qt  qc  u( 1  a )

(1)

where qt is the corrected tip resistance and a is the
net area ratio (Robertson et al., 1986).
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Similarly to the Dese ground, the soils range from
fine sand to very silty clay, the latter characterized by
low plasticity - average values of LL and PI are
respectively equal to 40 and 20.
These sediments also have an alluvial origin, but
have been transported there prevalently by the Adige
and Po rivers from the central-eastern Alps.
Probably, their mineralogical composition is more
siliceous that of the Dese sediments.
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Figure 2. CPTU parameter profiles for Villa Estense site.

This non-homogeneity is accentuated until 17 m
of depth at Dese where the continuous oscillations of
pore pressure indicate frequent grain size variations
also at a few decimeters depth. At Villa Estense and
at greater depths in Dese, the layers are more
homogeneous but never exceeding 2.5 m of
thickness.
Another particular feature observed in CPTU is
negative excess pore pressure in granular strata. This
aspect is congruent with the dilatant stress-strain
behaviour observed in triaxial tests on sandy and
silty samples coming from another site in the lagoon
(Cola & Simonini, 1999).
The high heterogeneity of soil causes extreme
difficulty in coupling laboratory data with in situ test
results and obtaining acceptable regression
coefficients for calibration relationships.
Moreover, due to their prevalently silty
composition and low plasticity of cohesive fractions,
these soils are very sensible to sampling. This fact
creates another complication for having accurate
correlation because, in some cases, there is no
certainty that laboratory results may be assumed as
reliable reference values.
4 SOIL CLASSIFICATION

40

0.4

0.2

0

fs , MPa
Figure 1. CPTU parameter profiles for Dese site.

In both cases, the irregular tip resistance and pore
pressure profiles highlight the complex stratification
characterizing these formations.
Similarly to other sites in the Venetian lagoon
(Ricceri et al. 1999; Simonini & Cola 2000), at Dese
the interbedding of sands, silts and clays are so

Actually, the most reliable method for stratigraphic
profiling using CPTU tests is the one proposed by
Robertson (1990), which couples the CPTU data –
namely qc, fs and u - into two charts. To account for
the increase of qc, fs and u with depth, Robertson
suggests the following normalized parameters:
Normalized cone resistance: Qt  q n  ' vo

(2)

Normalized friction ratio: FR  100  f s q n

(3)
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Pore pressure ratio: Bq  u q n

(4)

where qn = qt – vo is the net corrected tip resistance
and u = u – uo the excess pore pressure measured
behind the tip during penetration.
According to the Unified Soil Classification
System (USCS), the soils examined in laboratory
were grouped into 6 categories. At Dese the majority
of soils belong to the classes of silty sands (SM),
clayey silts (ML) and very silty clays (CL).
Occasionally soils classifiable as poor graduate
sands (SP) or high plasticity clays (CH) or organic
soils (OL-ML) were found.
At Villa Estense all the soils fall in the categories
SM, ML and CL.
The CPTU data measured at the same depth of
soils classified were summarized in Figure 3 for both
sites. Different symbols were used for distinguishing
data for the two sites and different USCS categories.
The overall good correspondence between the
USCS classification and the range proposed by the
charts confirms the validity of CPTU tests in soil
profile reconstruction.
However, for the Dese site in particular, difficulty
in correctly recognizing some small layers was
noted. Despite the CPTU measures taken with a 2
cm step, the presence of layers with a thickness less
than 6-8 cm was not recognized. This is the case of
some ML layers mixed up with SM or CL in Figure
3, CL soils in which the cone had measured very
high tip resistance or, on the contrary, SM layers that
were identified as CL strata.
Comparing data from the two sites, soils with the
same USCS classification show higher Qt and Rf
values at Villa Estense. This may be a consequence
1000

of a higher friction angle of soils or a different stress
history with higher OCR in Villa Estense, but no
conclusions may be drawn based on current available
data.
5 UNDRAINED SHEAR STRENGTH
For the estimation of the undrained shear strength su,
the classical relationship used for CPT tests is:
s u  ( q c   vo ) / N k

where Nk an empirical cone factor, depending on soil
type and the over-consolidation ratio. Usually Nk is
equal to 11-19 for NC clays and 19-25 for OC clays.
Several analytical relationships have been obtained
on the basis of the bearing capacity theory, or cavity
expansion theory and others. (Yu & Mitchell, 1998):
They suggest a dependence of Nk on the stiffness
index G/su.
With the introduction of CPTU tests the equation
(5) is only formally modified substituting qc with qT
and Nk with NkT.
In Figure 4 the undrained shear strength,
determined in laboratory and in situ tests at Dese, is
related to the net resistance measured at the same
depth. Data show a similar trend independent of the
test used. The NkT factor varies from 13 to 25 and an
attempted correlation indicates an average value
equal to 17.5 with a medium regression coefficient
(r2 = 0.782).
Data from Villa Estense is also reported in
Figure 4: some labels indicate the core diameters
from which the specimens were trimmed. It is
possible to note that the highest su values were
1000
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Figure 3. Robertson charts for soil classification.
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measured on specimens trimmed at the center of a
large core. These results indicate that using the small
core gives more disturbances in sampling and does
not assure good quality of samples.

researches. For example, for Bq = 0.6 we have
Nu = 11.7, while the data presented by Robertson et
al. fall in the range 4-10.5.
20
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Figure 4. Relationship between undrained shear strength and
net corrected tip resistance.

Substitute the net tip resistance with the effective
cone resistance (Senneset et al., 1982):
qE  qt  u

(5)

The correlation between su and CPTU parameters
for Dese data seems to slightly improve. The fitting
relationship gives an average NkE equal to 15.5 with
an r2 = 0.812.
As some authors indicate (Lunne et al., 1985;
Robertson et al., 1986), the cone factors NkT and NkE
may be related to the pore pressure ratio Bq. If we
analyze the Dese data alone, there are no evident
correlations, since two attempted fittings have given
a very low regression coefficient (r2 = 0.11 and
0.21). Nevertheless, if we make a comparison with
data recorded by Robertson et al., NkT and NkE values
found at Dese seem to be in accordance with the
general trend of data for several cohesive deposits.
Due to the high silty fraction and low plasticity of
soils, if plotted versus Bq, NkT and NkE values stay at
the upper limit of the range individuated by other
data.
Finally, in Figure 5 a relationship is examined
between parameter Bq and the pore pressure cone
factor (Robertson et al., 1986):
N Δu  u / s u

(6)

An attempted correlation between Nu and Bq has a
regression coefficient equal to 0.892, computed only
with the Dese data, and equal to 0.905 if we take into
account all the available data. Also in this case, Nu
values are higher than those presented in other
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the center)
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Bq
Figure 5. Relationship between pore pressure cone factor and
pore pressure ratio.

6 OVER CONSOLIDATION RATIO
As the pore pressure parameter Af proposed by
Skempton, the ratio Bq is mainly controlled by OCR,
but the stiffness ratio G/su and sensitivity also have
no negligible effects. Consequently, the relationship
between Bq and OCR cannot be the same one for all
soils.
OCR values from oedometer tests, determined
using the Casagrande method, are related to Bq in
Figure 6.
100
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Figure 6. Relationship between OCR and pore pressure ratio.

Generally the OCR may also be estimated from
the empirical relationship (Ladd et al., 1977):
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s u  ' vo  S  OCR m

(7)

where m = 0.8  0.05 an experimental constant and S
is the value of undrained strength ratio su/’vo at
OCR=1, which can be approximated by relationship
S = 0.11+0.0037PI (Skempton, 1957). It has to be
remembered that equation (7) is only for soils which
have experienced a simple loading-unloading stress
history.
Data of su from laboratory and in situ tests were
used to solve the equation (7) for OCR, adopting m =
0.8 and the average PI with su from FV and SBP
tests. These OCR values are also plotted in Figure 6.
A general trend may be observed, even if OCR
data from both oedometer and su show a large
scatter: for example, an attempted correlation
between OCR and Bq, determined only on su data
from Dese, may be expressed in the form:
OCR  12.2  exp( 3.49  Bq )

r2 = 0.552

(8)

The values of OCR from oedometer are lower
then those from su. This is more evident in Figure 7,
where the same data are plotted as a function of
normalized effective cone resistance:
QE  q E  ' vo
100

(9)
Oed.
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Lab. Su
FV Su
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OCR
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7 EFFECTIVE FRICTION ANGLE
Yu & Mitchell (1998) presented a review of many
empirical and analytical equations for determination
of the effective friction angle ’ in granular
materials. Starting from the first approach based on
limit equilibrium analysis, the theoretical approach
to the problem of cone penetration has arisen, taking
into account the influence of the horizontal stress
states around the shaft, stress rotation, deformation
of soils and cone roughness.
In order to achieve greater accuracy, the
relationships became more complicated by the
introduction of many parameters which generally are
not available in geotechnical practice. Therefore the
less theoretically accurate relationships are still
preferred for their immediate application.
Between several available equations, we chose
only three. In particular:
1) Robertson & Campanella (1983)

 '  arctan0.10  0.38  logqc  ' vo 
Dese Oed. data
OCR=0.82 QE0.48
r2 =0.592

1
1

Further, the OCR data from su are closer to the
analytical curves suggested by Mayne: their
regression coefficient is higher than that determined
from oedometer tests and sufficiently good to
confirm the existence of a relationship between these
variables.
This opinion is also proved by data from Villa
Estense. OCR values determined on specimens from
large cores, both from oedometer and triaxial tests,
are higher than values from small cores. They also
seem to be in more accordance with OCR values
from su at Dese, confirming that their fitting curve
may be assumed as a reliable relationship for OCR
profiling from CPTU.

10

Q E=(qt-u)/'vo

100

Figure 7. Relationship between OCR and normalized effective
cone resistance.

The analytical relationship between OCR and QE,
obtained by Mayne (1991), coupling the cavity
expansion theory with the modified Cam-Clay
model, is also drawn in Figure 7. It is determined for
two values of the friction angle -  = 25° and 35° which represent the limits of a possible range of
friction angle in the cohesive layers.
Also admitting the degree of uncertainty of the
equation (7), the values of OCR from su may be
considered more reliable than OCR values from the
oedometer. This is because the stress relief caused by
sampling affects the pre-consolidation pressure more
than shear behaviour.

(10)

2) Clausen & Denver (1995)

'  17.2qc  ' vo 

0.185

(11)

3) Chen & Jaung (1996)

 '  arctan0.22  0.30  logqc  'vo 

(12)

They are simple approximations of the more
accurate formula and suggest a direct relationship
between ’ and the cone factor Nq = qc/’vo.
Using the direct shear tests, the drained friction
angle was measured on undisturbed sandy and silty
samples of Dese soil. The maximum mobilized angle
at pressure around the in situ vertical stress was
assumed as the reference value and plotted in Figure
8 in relation to the cone factor.
Using a power function for fitting the data, we
obtained the expression:

'  19.8  qc  ' vo 

0.151

(13)
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with r2 = 0.768. Even if this regression coefficient is
not very high, it may considered sufficiently good
bearing in mind the heterogeneity of soils and
extreme difficulty of getting undisturbed samples of
granular materials.
In Figure 8 the three curves corresponding to
equations (10), (11) and (12) are also drawn. The
differences between ’ values from the three
equations are less than data scatter, so all of them
may be considered a good calibration of the CPTU
in this site.
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not always be assumed as reference values in
calibration;
 for laboratory tests it is preferable to use
specimens from large cores;
 if good samples are not available, to estimate
OCR, it’s better to use undrained shear strength
values rather than oedometer results;
 for the prediction of the drained friction angle the
simple cone factor relationships are sufficiently
accurate.
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=19.8* (q c /' vo)0.151
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Figure 8. Relationship between effective friction angle and
corrected cone resistance.

The Clausen & Denver and Chen & Jaung
relationships are quite equivalent, presenting the
minimum values both for average and maximum
errors. The Robertson & Campanella curve has the
maximum error: moreover it provides the highest
values for friction angle, so may not be considered a
conservative prediction.
8 CONCLUSION
Data from in situ and laboratory tests were used for
checking the reliability of the CPTU test as a tool for
the estimation of the geotechnical properties of the
silty alluvial soils at two sites on the low Veneto
plain. The following observations may be made:
 due to the high heterogeneity and interbedding of
soils extreme difficulty in coupling the laboratory
data with CPTU results at the same depth was
observed;
 the availability of pore pressure profile makes it
easier to recognize the interbedding of soils, even
if small layers are not well identified;
 on account of their prevalently silty composition
and low plasticity the soils are very sensitive to
sampling. Consequently the laboratory data may
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In situ testing and its value in characterising the UK National soft clay
testbed site, Bothkennar.
John J. M. Powell
Centre for Ground Engineering, BRE, Watford, Herts. WD25 9XX, UK

ABSTRACT: Considerable amounts of in situ testing have been undertaken at the Bothkennar soft clay
National testbed site in the UK. This has been to both characterise the site and also to undertake studies on the
in situ testing methods. The paper covers data from cones and piezocones, various types of pressuremeter,
vane tests, Marchetti dilatometer and field geophysics. This paper shows how valuable the in situ testing can
be as part of a site characterisation.
1 INTRODUCTION

2 THE SITE

They identified 3 principal facies types within the
sequence:
 a bedded facies, in which the primary sedimentary
layering remains visible,
 a mottled facies, in which the bedding has been
partially or totally destroyed by bioturbation,
 and a laminated facies in which numerous silt
laminae are present at spacing of a few
centimetres or less.
The facies were established both from visual
appearance of the sediment and from their high
resolution bulk density signatures. In this way the

Bothkennar is located on the River Forth,
approximately midway between Edinburgh and
Glasgow. The site is a low-lying field bounded on
3 sides by flood embankments. The site was chosen
as it was believed to have relatively uniform deposits
as a result of the postglacial history of the area (see
Nash et al., 1992). The lithology of the site
comprises a buried gravel (the Bothkennar gravel),
above which lies a sequence of micaceous silty
clays. These mainly comprise the Claret Beds which
form the soft clay sequence and extend up to within
1.5-2 m of the ground surface (Paul et al., 1992). The
sequence is in part overlain by the clayey silts of the
Grangemouth Beds and, at the margins of the
estuary, is completed by modern intertidal deposits.
Paul et al. (1992) suggest that the Claret beds are
shallow water (subtidal) marine to intertidal
estuarine deposits, laid down under a reducing water
depth of less than 20 m between 5000 and 3000
years before present (BP). Figure 1a shows the
detailed facies profile established by Paul et al. as
part of their engineering geological study of the site.

Figure 1a. Facies down a typical borehole.

The Bothkennar National testbed site was purchased
in 1989 by the then Science and Engineering
Research Council (SERC) to provide facilities for
research into the properties of low OCR, high
plasticity clays. The purpose of this paper is to
collect together and compare some of the data from a
variety of in situ tests performed at the site.
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Figure 1b. Lithology from a longitudinal section across the site.

Figure 2. Typical soil profile.

profiles of Figure 1b were established for various
boreholes. They also established lithological units
within the profile based on sedimentological and
water content variations and these are also shown in
Figure 1 (Paul, 1995, personal communication). The
upper, middle and lower divisions of the Claret beds
also relate to the dominant types of facies; in the
upper and lower the bedded facies and in the middle
the mottled facies dominate. They proposed that the
laminated bed was a local variation within the
middle division. Reference to these detailed
sequences will be made later in the paper.
A general soil profile is shown in Figure 2.
Detailed considerations of the laboratory test data for
the site can be found in Hight et al. (1992).

3 THE IN SITU TESTS
Numerous in situ tests have been performed at the
site. These have had two main functions, namely:
 To aid the characterisation of the site in terms of
variations in the lithology, both laterally and
vertically, and to establish geotechnical
parameters
 to aid the understanding and interpretation of in
situ testing devices
In situ tests so far used on the site include: Cone
Penetration (CPT), Piezocone (CPTU), Seismic
CPT, Dynamic probing (DP), Cone Pressuremeter
(CPM), Self boring pressuremeter (SBP), Menard
Pressuremeter (MPM), Marchetti Dilatometer
(DMT), Offshore Dilatometer (ODMT), Penetration
field vane (VT), Bat Probe, Geophysics – cross hole,
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downhole, refraction, Rayleigh wave, spade and mini
cells, in situ permeameters.
Space does not allow a detailed presentation and
discussion of all the in situ testing work and so effort
will be given to discussing those tests relating to the
topics of profiling, strength, deformation and in situ
stress state.
3.1 Lithology.
The ability of the cone resistance and porewater
pressure to respond to changes in material type is not
restricted to the coarse or obvious stratigraphic
changes of soft and stiff layers; it can also be used to
detect and map more subtle changes within a
deposit. In Figure 1a it can be seen how facies
variations down the profile at Bothkennar can be
detected by the CPTU. Powell and Quarterman
(1995) showed how each facies could be assigned a
signature which could then be used to map the
variations across the site. At a larger scale the
changes in slope of the profiles in Figure 1a can be
used to map the lithological units in the deposit and
were found to be more reliable than those made by
visual description of sample profiles (see Figure 1b).
Of the other in situ tests at Bothkennar only the
DMT gives the level of detail (i.e. frequency of
reading) that allows any degree of mapping in a
deposit of this type. Changes in the slope of the
pressure against depth plots allowed a degree of
mapping of the major lithological units similar to the
CPTU.

either side of the best estimate. The Powell & Uglow
correlation was known to be weak at low OCRs and
the adjustments by Lunne et al. appear to have
improved this defect.
Many approaches exist for interpreting the CPTU
to OCR (see Lunne et al., 1997) but the two that
were found to work best here were a method based
on the normalised cone resistance and a method
based on a combination of cavity expansion and
critical state theory (Mayne 1991).
The normalised cone resistance generated OCR
profile is based on the relationship:
OCR = k (qt - σvo)/ σvo
where k is a constant which typically falls in the
range 0.2 to 0.5 (Powell et al., 1988 recommend
higher values in aged heavily overconsolidated
clays). Lunne et al. (1997) suggest 0.3 as a starting
point with adjustments as data from other sources
become available. Leroueil et al. (1995) suggest a
value of 1/3.6 (0.303) based on several soft clays
they investigated. A value of k = 0.3 is seen in
Figure 3 to slightly over estimate the OCR best
estimate but clearly shows the two stage decay in
OCR.
The method of Mayne (1991) is somewhat more
time consuming in its application needing values of
 down the profile, but is seen to give a good
prediction of the profile shape.
OCR
0.0
0

3.2 In situ stresses
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Figure 2 shows the in situ stress based on density
measurements for vertical stress, piezometers for
pore water pressure and measurements from spade
cells and SBP tests for horizontal stress. The SBP
and spade cell measurements gave good agreement.

4
6

3.3 Overconsolidation ratio (OCR)
The original characterisation of the site relied
heavily on sampling and laboratory testing to
determine the soil properties. Oedometer tests
showed considerable scatter in OCRs and implied an
almost constant average value with depth with a
wide scatter band (Nash et al., 1992). As a result the
shape of the best estimate profile was only arrived at
with the benefit of guidance from the in situ testing.
In Figure 3 the assessed profiles of OCR are
presented for DMT and CPTU. The DMT profiles
are based on the standard Marchetti correlation and
also those of Powell & Uglow (1988) and Lunne et
al. (1992). It is seen that all three clearly identify the
shape of the OCR profile i.e. the two layer effect but
with varying degrees of accuracy. The Marchetti
values are too high, while the other two methods fall

Depth (m)

8
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DMT Powell & Uglow
DMT Lunne et al
Lab/bestestimate
CPT normalised av cpt
CPT normailised
CPT Mayne

18
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Figure 3. Assessed OCR profiles against depth.
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3.4 Coefficient of earth pressure at rest (Ko)

3.5 Shear strength (su)

Figure 4 shows the derived profiles of Ko from
CPTU, DMT and VT. Two methods for determining
Ko from the CPTU are those of Kulhawy & Mayne
(1990) based on normalised cone resistance
(essentially the same as OCR but with k = 0.1) and
Sully & Campanella (1991) using normalised pore
pressure difference (this latter correlation requires
the use of a piezocone with at least two pore
pressure sensors). In Figure 4 both procedures are
seen to give values of Ko very close to the best
estimate derived from the in situ stress profile from
spade cells and SBP although 0.12 rather than 0.1
has been used in the Kulhawy and Mayne
correlation.

Shear strength can be determined from many of the
in situ test methods used. However, it must be
remembered that it is not a unique value at any one
depth but will vary with orientation, test method etc.
Some of the devices have methods of interpretation
based on theory (VT, pressuremeters, etc.) whilst
others rely on empirical correlations (DMT, CPT,
etc.) which will themselves rely on the type of test
used in gathering the source data for the correlation.
Figures 5a, b show the shear strengths derived
from the in situ tests and also the best estimate lines
for laboratory triaxial tests both standard piston
samples and high quality block samples (see Hight et
al., 1992).
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Figure 5a. Shear strengths from pressuremeter tests.

Figure 4. Interpreted Ko against depth.

Two profiles from the DMT, one based on
Marchetti’s original correlation and one on Powell &
Uglow (1988) (see also Lunne et al., 1990) are
shown. As with OCR the Marchetti values are seen
to be too high but the Powell & Uglow correlation is
seen to perform well and possibly better than the
CPTU data at shallow depths.
The method of Aas et al. (1986) for determining
Ko from vane test results and triaxial data has also
been used and data are shown in Figure 4. The
requirement for vane and consolidated undrained
triaxial data makes this method more cumbersome
but the results look encouraging.

Figure 5a shows the results from CPM, MPM and
SBP tests using various methods of analysis, namely:
 SBP - derived from the deduced stress-strain
curve
 CPM - derived from the Houlsby & Withers
(1988) analysis and a limit pressure approach (see
Powell & Shields, 1995)
 MPM - derived from the Menard (1955) approach
using limit pressure.
Also included are the results from field vane tests.
It can be seen that the pressuremeter and vane
data fall between the two laboratory lines, the
exception being the vane and MPM results. Whilst
the both the CPM and MPM interpretations use a
limit pressure approach the MPM uses the Menard
derived factor of 5.5 on the Menard limit pressure
and the CPM uses 6.18 (Marsland & Randolph,
1977) on the infinite expansion limit pressure.
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Generally the Menard limit pressure would be lower
than the infinite expansion one and this would result
in the de-rived shear strengths from the two devices
being similar. However at Bothkennar the limit
pressures from all three pressuremeters were very
similar with the MPM tending to be slightly higher
and therefore the lower factor results in a higher
strength. The more erratic strength profile from the
SBP is the result of the varying disturbance effects
on individual tests giving slightly different stressstrain curves but they still fall between the two
laboratory curves. The CPM data shows strengths
from the limit pressure approach tend to the piston
sample results and those from the Houlsby and
Withers analysis tend to the block samples are does
the vane data.
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seen and they fall close to the block sample strength
line. The results of Figure 5b should not be totally
surprising as the database of information used to
establish the DMT and older CPTU correlations
were based on standard sampling and laboratory
testing techniques and so their agreement with the
piston sample data might be expected. The work of
Karlsrud et al. using higher quality samples allows
correlations to the peak strengths observed in these
better quality samples.
3.6 Stiffness
Figures 6a, b show stiffness assessments in terms of
shear modulus from the various in situ tests. It is
now well known that shear modulus varies with
shear strain level as well as orientation (anisotropy);
however data from in situ tests are still often
presented as a depth profile without reference to the
strain level. The methods of assessing stiffnesses
were:
 SBP - unload/reload loops
 CPM - unload/reload loops and Houlsby and
Withers Gcc
 MPM - standard Menard interpretation
 DMT - Marchetti ED, and scaled to Go
 Geophysics - field and laboratory
 Laboratory triaxial E50/3
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Figure 5b. Shear strengths from CPT and DMT tests.

In Figure 5b the strength derived from the DMT
and CPTU are shown and for clarity only average
data sets are presented; generally the results at any
one depth with any one testing device were
remarkably consistent. The DMT derived strengths
are seen to fall close to the piston sample line as do
the CPTU estimates using a typical cone factor Nkt of
15 based on plasticity index and scale effects
(Powell & Quarterman, 1988). Recently Karlsrud et
al. (1996) used CAUC triaxial tests on high quality
block samples to obtain reference su values on a
range of soils to derive Nkt, Nke, and NΔu values (see
Lunne et al., 1997) for the derivation of shear
strength from CPTU. In Figure 5b the resulting
profiles using these factors are presented; remarkable
agreement between the 3 methods of calculation is
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It can be seen in Figure 6a that, whilst the CPM
Gcc from Houlsby and Withers analysis forms the
lower bound, other assessments fall surprising close
to each other and all show a gradual increase with
depth; the exception are the results from the SBP
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which form an upper bound. These higher values
from the SBP cannot be explained by strain level as
Powell & Shields (1995) showed that the results
from CPM and SBP formed two distinct degradation
curves when plotted against strain level. They
suggested that this was the result of greater
“disturbance” caused by the large strains induced by
the CPM insertion causing breakdown of the
cemented structure of the Bothkennar clay. Similar
behaviour was not found in other deposits.
In Figure 6b the small strain stiffnesses from field
geophysics and laboratory piezobender tests are
shown. There is a general tendency for the field tests
to show signs of stiffness anisotropy (Ghh ≠ Gh v≠
Gvh) but very little in this normally consolidated
deposit. Tanaka & Tanaka (1998) suggested that in
soft clays Go could be related to dilatometer ED
simply by a factor of 7.5; in Figure 6b a factor of 11
has been used and shows remarkable agreement with
the field data. The laboratory piezobender tests fall
below the field data forming a lower bound which is
consistent with other soft clay data presented by
Butcher & Powell (2001). The combining of various
shear modulus assessments to form a general
degradation curve with shear strain has proved rather
difficult for Bothkennar compared to other sites (see
Butcher & Powell, 2001) and it is suggested that this
could well be the result of disturbance that is
induced to varying degrees by intrusive tests or
sampling.

4 CONCLUSIONS
Data have been presented from a variety of in situ
tests on a well documented testbed site. The ability
of all devices to give meaningful data has been
shown. Those devices such as the CPTU and DMT
have been shown to be particularly powerful in
establishing detailed profiles of lithology, in situ
stress (via Ko or OCR), shear strength and to a lesser
extent stiffness. It was these two devices that had
previously shown variations in the profiles for Ko
and OCR that allowed scatter in laboratory data to be
more clearly interpreted into the lithology now
established. Derivations of shear strength are only
valid for the methods used in establishing the
original correlation databases. It is important to
know what you are correlating with.
Pressuremeter testing using a variety of devices
has been shown to give assessments of stiffness and
strength. Differences between the devices result
from differences in the methods of interpretation
and/or, for the present deposit, differences in the
disturbance caused to the structured clay. All devices
gave consistent profiles.
Following established procedures but using the
most up to date methods of interpretation can yield
most useful information. There is the potential for
more detailed profile information, with reduced
scatter and the elimination/reduction of costly
sampling and testing.
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Figure 6b. Stiffnesses from in situ and geophysical tests.
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ABSTRACT: PT Golder Geotek Utama has carried out extensive geotechnical investigation and analyses for
pipeline routes and large gas processing facilities in the Mahakam River Delta in East Kalimantan, Indonesia.
The Mahakam River Delta is the sixth largest delta system in the world, presenting unique physical and
technical challenges to obtain accurate geotechnical design parameters.
This paper describes in situ testing, in a difficult physical environment both onshore and offshore, in a
remote area of the world by innovative uses of modern equipment: combination of conventional 2.5 ton
manual Cone Penetration Testing (CPT) load frame with sophisticated acoustic (cordless) piezocone
equipment; deep (up to 50 m) piezocone testing from jack up vessel in water depths of up to 14 m; deep (up to
45 m) piezocone testing using small man-portable drilling rigs in swamp areas and adaptation of conventional
wire line drilling techniques for in situ testing from small onshore drilling rigs.
1 INTRODUCTION
The Mahakam River Delta system covers on area of
approximately 1,200 square kilometers (Fig 1) and is
comprised of numerous waterways of up to 15 m in
depth, separated by swamp and low lying ground,
mostly uninhabited and heavily vegetated (Fig 2).
PT Golder Geotek Utama (GGU) has been
commissioned by Total Indonesie to carry out
detailed geotechnical investigation and analyses for
Phase 8 of the Tunu Field Development, as well as
investigation and basic engineering design for the
River Crossing Pipeline Repairs project.
The Phase 8 development will involve the
construction of a gas compression plant (NCP) and
associated facilities onshore (Swamp Areas) and
approximately 26 km of buried pipeline across the
outer Mahakam Delta (River Crossings).
Some sections of existing pipelines across the
Delta have become exposed on riverbanks and on
the riverbeds and efforts are now underway to effect
repair at these locations (River Crossings).
Onshore and offshore drilling and in situ testing
was carried out over a period of six months.
Innovative adaptation of conventional methods of in
situ testing were required in order to operate in the
harsh conditions and to satisfy strict safety criteria.
Figure 1. Location plan of the Mahakam River Delta, East
Kalimantan.
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Drilling conditions on site were complicated, due
to:


Figure 2. Site photograph of a waterway in the Mahakam River
Delta.

2 INNOVATIVE IN SITU TESTING METHODS
2.1 Swamp area drilling and testing
Edson 421 and Maxi 441 man-portable drill rigs
were mobilised for the work in the Swamp Area.
The rigs were mounted on prefabricated, wooden
truss platforms in order to create working platforms
above high tide water levels, which came within
200 mm from the finished deck of the platform (Figs
3 & 4).

Figure 3. Placement of Maxi Drill Rig 441 on the truss
platform.

Figure 4. Edson Drill Rig 421 set up on truss platform with tide
in.

Drilling was started at PQ gauge and reduced to
HQ gauge, usually at a depth of 30 to 50 m. Wireline
casing advancer and core barrel was used to advance
the boreholes to a depth of 100 m.

The high plasticity of the cohesive materials
encountered in the boreholes for most of the
depth. A variety of bits, reamers, pumps and
additives were trialed in order to achieve clean
holes and optimum penetration rates.
 Very strict safety requirements. The drilling
equipment was fitted with spark arrestors,
emergency shut down systems and gas detectors.
 The drilling procedure was altered to include the
use of high density drilling muds in order to
control and to shut in formation gas pressures
after a gas blowout occurred at 75 m depth.
Despite pull down capacities limited in the order
of only 15 kN, the small man portable drilling rigs
were also used to carry out continuous piezocone
testing to depths of up to 45 m. This testing was
achieved using the Geotech Cordless Acoustic
Piezocone probe equipment as shown in Figure 5.
The piezocone probe is self-powered with batteries
and transmits data acoustically through the push rods
to a microphone, which is mounted on the head of
the drill rig. The acoustic data is collated together
with depth increments from an encoder and
transferred to a lap top computer, from which tip and
sleeve resistances, pore pressures, inclination and
penetration rate can be monitored in real time.

Figure 5. Cordless CPTU system.

Initial refusal to penetration load was normally
met at a depth of around 12 to 15 m. The piezocone
pushing rods were then disconnected near the collar
elevation and were drilled over to a depth of not less
than 5 m upwards of the probe, so as not to damage
the probe or influence pore water pressures within
the soil. The push roads were then reconnected and
the test continued until penetration refusal was again
met. This process needed to be repeated in the order
of 4 to 6 times to gain penetration to around 45 m
depth, without the need for rod lubrication or
significant reaction loading or anchoring.
Determination of the shear strength parameters of
pipeline trench backfill material was also required
for the Pipeline Repairs work. By using a hand
powered load frame, combined with the acoustic
piezocone, strict safety requirements were satisfied
to allow very high quality in situ testing to be carried
out at a distance of only 3.0 m from existing, live
buried condensate pipelines (Figure 6).
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Figure 6. Use of a 2.5 ton mechanical loading frame in
conjunction with sophisticated acoustic piezocone equipment.

Figure 7. Multi purpose, self-propelled jack-up vessel.

The ability to monitor cone resistance in real time
provided a basis for the safety derogation won; if
penetration resistance exceeded a nominated value,
then the testing was stopped in precaution of
damaging a pipeline.
The load frame uses a gear system, which enabled
a constant rate of 20 mm/s of downward penetration
to be achieved using ground anchors installed to
depths of 0.75 m on either side of the frame as
reaction. The load frame could be easily carried by 3
people between test locations, and loaded onto a jet
boat to be transported between river banks.
In general, probe depths of around 10 m
penetration could be achieved easily with the
manually operated gear (without rod lubrication). A
single test would take in the order of 1 hour to carry
out.
2.2 River crossing drilling and testing
Overwater drilling and testing was carried out to
depths of up to 50 m from a multi purpose, self
propelled jackup vessel. The vessel has four folding,
telescopic legs, and was fully fitted out for
geotechnical testing. It can operate in up to 14 m
water depths (Fig 7).
The vessel was positioned under its own power
by reference to Real Time Kinematic Differential
Global Positioning System (RTK-DGPS), until it
approached the verified test coordinate and was over
the test location mark. Once the vessel was in
position, the four legs were lowered to the riverbed
and used to raise the hull from the water on inner
hydraulic telescopic legs.
Each borehole was advanced to the specified
depth below the mudline using rotary mud, normal
circulation, open ended bit drilling. Sampling and
testing was conducted using a narrower gauge of
testing rods, within the drilling rods.

Figure 8. Presentation of piezocone test results.

Field torvane testing was carried out in
accordance with ASTM D2573 at approximately
2.0 m depth intervals.
Piezocone testing was also carried out from the
jack up vessel to continuous depths of up to 50 m.
Load for piezocone penetration at the River
Crossing test locations was supplied by a 50 kN ram
fitted to the jack up vessel. The testing was carried
out through stiff casing installed from deck level to
the sea floor.
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Friction build up on the pushing rods usually
caused an initial refusal to penetration to occur at
around 20 m depth. The pushing rods were
disconnected and drilled over to a depth of not less
than 5 m upwards from the probe tip, and then the
test was continued to the required depths without the
need to stop the piezocone recording.
During field testing, rates of up to three 30 m
piezocone tests could be achieved in a single 12 hour
shift. A single borehole to 30 m depth with
continuous sampling and Field Torvane testing could
be completed in a 12 hour shift.
The piezocone testing reports presented corrected
resistance values, friction and pore pressure ratios
(Fig 8).

The laboratory was equipped to carry out soil
classification testing, permeability and undrained
shear strength testing.
Extensive testing was
performed on a daily basis in order to check and
correlate the field testing results. A typical example
of the correlation between the results from field and
laboratory testing is shown on Figure 9.
3.2 Data comparison
A comparison of over 500 undrained shear strength
(Cu) estimates taken at similar elevations indicates
that discrepancies exist between the various forms of
testing.
In general, the Field Torvane provided shear
strengths, which were greater than other forms of
testing:

3 DATA COLLATION AND COMPARISON
3.1 Data sources
A soil laboratory was set up adjacent to the office in
order to allow prompt testing in support to the field
operations. The work progress, findings of the
investigations and the samples recovered from the
drilling were transported from remote testing
locations at night to the Handil site office and
laboratory. Overwater distance travelled was about
70 km for each trip.

Figure 9. Typical correlation between the results from field and
laboratory testing.

Test method

Proportion of Cu
determined from Field Torvane
qc
0.76 to 0.80 (in depth range 0 to 50 m)
UU
0.70 to 0.80 (in depth range 20 to 50 m)
Pocket Penetrometer 0.60 to 0.67 (in depth range 20 to 50 m)
Hand Torvane
0.55 to 0.65 (in depth range 20 to 50 m)

We believe the discrepancies evident between the
various estimates of Cu are due to the following
factors:
 The Field Torvane influences a comparatively
large volume of soil compared with the other
forms of testing and was therefore more
susceptible to increased resistance due to
intersections with shells and cemented nodules.
 The Pocket Penetrometer and Hand Torvane
testing was carried out on the bottom end of
undisturbed samples recovered from the drilling.
However, in many instances, sample bulging was
observed within seconds of sample recovery
(presumably due to the expansion of gasses under
the reduced confining pressures) which is
believed to have reduced the sample strength.
 The soil structure was dominated by horizontal
laminations of lower plasticity material. The
Hand Torvane test relies mostly on resistance in
the horizontal plane and, accordingly, a large
variation in results was possible, depending on
the normal load applied during testing. Usually,
the laminations caused a reduction in the
measured Cu value using the Hand Torvane and
an overestimation from the Pocket Penetrometer.
 The UU triaxial testing was carried out from
between 1 and 2 days after sample recovery and
on a section cut from near the center of the
undisturbed sample tube. The confining pressure
applied to the sample during testing was close to
the total in situ stress and the influence of
dissolved gasses is therefore considered to be
reduced.
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Aas et al. (1986) recognised the overestimation of
the Field Torvane and proposed correction factors
based on soil stress history.
4 CONCLUSSIONS
The work carried out in the Mahakam River Delta
has shown how modern in situ testing techniques
still require innovative adaptation in order to operate
efficiently in harsh environments. The results gained
by modified methods provided internally consistent
and high quality geotechnical information.
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Strain rate effect on pressuremeter test results on soft clay
D. Rangeard, R. Zentar, G. Moulin & P.Y. Hicher
Civil Engineering Laboratory of Nantes Saint-Nazaire, France

ABSTRACT: For clay, the undrained shear strength (cu) measured by the triaxial test (C.U. test) and the
preconsolidation pressure ('p) defined by the one-dimensional consolidation test typically change by 10% per
logarithm cycle of strain rate. However, the conclusion obtained on the strain rate effects using triaxial testing
cannot be directly extended to pressuremeter tests because of the difference in the stress paths. In this paper,
the importance of strain rate effect on the pressuremeter test results are examined.
1 INTRODUCTION
Strength and deformation behavior of clays are time
depend and several researchers in the past have
studied the effects of time-of-shearing on the
undrained shear strength of clays (Casagrande &
Wilson, 1951; Skempton & Bishop, 1954; Bjerrum,
1972; Vaid & Campanella, 1977; Hanzawa &
Tanaka, 1992; Sheahan et al., 1996). However, the
effect of strain rate on the undrained shear
characteristics of clays is also shown to depend on
the mode shearing mode (Ladd, 1985, 1991). Strain
rate effects are higher for extension tests than
compression tests and also depend on the leading
path.
Hence in this paper our aim is to study the effect
of strain rate on the pressuremeter test results carry
out on the natural Saint-Herblain clay. The test
program is composed by pressuremeter tests under
well known laboratory conditions. For simulating the
pressuremeter tests under well known laboratory
conditions, a specific equipment was developed.
In the following sections, after brief, description
of the new testing system developed to simulate a
pressuremeter test in laboratory, the Saint-Herblain
site and the tests program are presented and then the
tests results are examined.
2 LABORATORY TEST EQUIPMENT
PRESSUREMETER TESTS

FOR

In order to study the pressuremeter test under well
known laboratory conditions a new equipment called
pressio-triax was developed. The apparatus consists
essentially in modified triaxial cell: a pressuremeter

probe of 13 mm diameter, and a GDS jack. A
schematic cross-section of the assembled cell
apparatus is presented in Figure 1. The location of
membranes, filter paper strips, drains and pressure
supplies are indicated.
The modified cell, with soil specimen crosssection of 38.48 cm2, offers the possibility of back
pressuring. The height (H) of the specimens is
typically 105 mm (H/D = 1.5, D being the sample
diameter, D/d = 5.38, d being the pressuremeter
diameter). The sample is one-way drained with pore
pressure measurement. An independent transducer
set on the cell bases, insures the pore water pressure
measurement on the cavity wall.

Force transducer

Piston

mini- pressuremeter

G.D.S jack

sample
porous stone and
filter paper

force transducer
Pore water transducer
GDS jack transducer
Displacement transducer
Cell pressur t transducer

Figure 1. The pressio-triax apparatus.

The displacement transducer, presenting a 10 mm
race, is fixed on the loading axis of the modified
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cell. Before tests, a calibration allows to stamp the
parasitic deformations due to the whole setting. We
can then deduce the real specimen deformation with
0.01-mm displacement accuracy. The force
transducer of 250 N capacity is mounted as shown in
Figure 1. The measurement accuracy of the
transducer is less than 0.5 N; the vertical stress will
be defined with an accuracy of 1 kPa.
To ensure the cylindrical cavity expansion test,
the pressuremeter is connected to a GDS jack. This
jack makes it possible to carry out controlled rate of
strain test or controlled rate of stress test. The
measurement accuracy of the pressure transducer is
less than 1 kPa; the volume changes are measured
with accuracy less than 1 mm3.

4 SAINT-HERBLAIN SITE
The town of Saint Herblain is situated in Loire
Atlantique (near Nantes in France). The studied site
is named "La vallée de la Patissière" and is one of
the Loire Paleolithic site. Alluvium deposits of a
modern river constitute it. This clay is characterized
by a high plasticity and is slightly or moderately
organic and overconsolidated at the surface.
Vane tests are systematically executed after each
boring. In Figure 3, vane tests results executed at
different depth for three consecutive year drilling are
shown.
It appears a layer with homogenous characteristic
between 4 m and 8 m. For this reason, this clay layer
was chosen for this study.

3 TEST PROCEDURE
0

3)

piston
(b)

2
4
depth (m)

During the initial phase of sample preparation,
several equipments were developed in order to
reduce the disturbance of soil specimen.
After assembling the sample, the specimen is
subjected to the consolidation using single step
procedure. At this stage, during all the time of
consolidation, an equal pressure on both
pressuremeter and cell is applied as shown in Figure
2. After reconsolidation against a back pressure to
ensure full saturation, the drainage valves were
closed to maintain overall undrained conditions
during cavity expansion. The top plate was rigidly
fixed so that a radial plane strain conditions was
maintained. The sample is so deformed under
undrained radially symmetrical plane strain
conditions by applying variations in the internal
pressure or in the pressuremeter volume.

6
8

12
0

mini-pressuremeter
sample

G.D.S
jack

porous stone and
filter paper

Figure 2. Consolidation test.

The displacements of inner cavity wall (ua) of the
sample were deduced from the volume change of the
pressuremeter.
The experiment simulates a high-quality, selfboring pressuremeter test, with minimal disturbance
to the soil around the cavity and the expansion
starting from the at-rest state.

20

40

60

(kPa)
ccuu (kPa)

80

100

Figure 3. Vane test profiles.

5 EXPERIMENTAL PROGRAM AND TESTS
PROCEDURE
In the first step, we tried to specify the test procedure
in order to study the strain rate effect on the SaintHerblain clay characteristics under pressuremeter
stress path.
Table 1. Pressio-triax tests.
Test

A

95
96
97

10

Depth
W
Kind of test
m
%
A
7.25 - 7.35
115
CSR
B
7.35 - 7.45
115
CSRUR
C1
7.35 - 7.45
115
SHS
C2
7.05 - 7.15
117
SHS
D
7.80 - 7.90
115
CSR*
E11 7.15 - 7.25
115
SRC
E22 5.45 - 5.55
130
SRC
E23 5.35 - 5.45
135
SRC
E24 5.25 - 5.35
120
SRC
E25 5.05 - 5.15
120
SRC
* three loads with reconsolidation stage

Strain rate
10-5 %/s
3.0
6.0
3.0
3.0
6.0
0.3 - 3.0
3.0 - 15.0
0.6 - 6.0
0.6 - 6.0
0.6 - 6.0

Hence, different kinds of tests were made: tests at
constant strain rate (CSR), tests with strain rate
changes during the expansion (SRC), tests at
constant strain rate with unload reload cycle
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(CSRUR) and strain holding tests (SHS). In Table 1
are summarized all pressio-triax tests carried out. As
shown in Table 1, the strain rate range explored
varies between 3.10-6 %/s and 1.5 10-4 %/s. It is to
note that the strain rate is evaluated at the cavity
wall.
Before starting pressuremeter tests, the samples
were consolidated at the average initial state stress
defined in Table 2.

A to E11
E22 to E25

’v0
KPa
41
25

(145  114)
ln(0.1)  ln(0.02)

 19.3 kPa

(3)

140
130

P (kPa)

P’0 = ’h0
kPa
22
12.5

cu 

(a)

120

Table 2. Samples initial stress state.
Test

the shear strength cu is defined as the slope of the
linear part of the curve:

u0
kPa
70
45

110
100
90
80
0

6 ANALYSIS OF A TEST RESULT AT A
CONSTANT STRAIN RATE

a



P  P0
2G

(1)

In plasticity for P > Pf = P0 + cu:
u
ln a
 a

 P
 c  P c
 ln u   0 u

cu
 cu
 2G 

0.08

u /a

0.1

0.12

140

(b)

P (kPa)

120
110
100
90
80
0.001

0.01 log(u/a)

0.1

a

Figure 4. Results of test A in (a) P-ua/a diagram and (b) Plog(ua/a) diagram.

In the second step, based on the analytical
solution (Eq. 2) and using an optimization procedure
developed in the framework of this study, the
optimal set of parameters gives an undrained shear
strength value close to 19.5 kPa and a shear modulus
value close to 750 kPa.

(2)

where G = shear modulus, P = pressure applied at
the cavity wall, P0 = the lateral earth pressure, Pf =
pressure at which the plastic deformation appears,
ua = cavity wall displacements, a = initial cavity radii
and cu = undrained shear strength.
As shown on Equation 1, in the elastic part, the
shear modulus appears as the inverse of the curve
slope in P-ua/a diagram. From Equation 2, the
undrained shear strength appears as the slope of the
linear part of the curve in a P-ln(ua/a) diagram.
In Figure 4 a typical pressuremeter test result (test
A) made on Saint-Herblain clay is shown. It is to
note that all logarithmic diagrams are plot in decimal
logarithmic scale. This test was lead at the constant
strain rate of 3.10-5 %/s. In order to identify the
undrained shear strength cu from the pressuremeter
test, for the first time a graphical interpretation of the
Gibson and Anderson’s method is used. Hence in
P-ln(ua/a) diagram, for strain level higher than 2%,

0.06

140

120
P (kPa)

ua

0.04

a

130

Before developing the pressuremeter apparatus, the
problem of the cylindrical cavity expansion
constituted a traditional mechanics problem. Hence
several publications relating to theoretical solution
of this problem are well known. However in this
study a particular interest was carried out on the
method of Gibson and Anderson (1961).
Relating to this work, the analytical solution of
the expansion of cylindrical cavity in elastic
perfectly plastic medium leads to the following
expression:
In elasticity for P < Pf = P0 + cu:

0.02

exp
sim

100

80
0

0.02

0.04
u /a

0.06

0.08

a

Figure 5. Comparison between simulation and experiment
results of test A.

As shown in Figure 5 the analytical solution is in
a good agreement with the experimental data.
However, in the following, the first method was
chosen to deduce the undrained shear strength
values.
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7 UNLOAD- RELOAD CYCLE EFFECT ON
TESTS RESULTS
As known, during a pressuremeter test
inhomogeneous stress field around the cavity wall is
induced.

However, the pressure level reached after holding
test seems to be modified. For the same strain level,
the generated pressure after the holding test seems to
be lower than those predicted.
150

(a)

140

150

(a)

130
P (kPa)

130
P (kPa)

140

120

120
110
100

110

90

100

80

90

0

0.04

u /a

0.08

0.12

a

80

150

0

0.02

0.04

0.06
u /a

0.08

0.1

0.12

150

130

(b)
P (kPa)

140
130
P (kPa)

(b)

140

a

120

120
110
100

110

90

100

80
0.001

90

0.01
log(u/a)

0.1

a

80
0.001

Figure 7. Results of test C1 in P-ua/a and P-log(ua/a) diagrams.
0.01
log(u/a)

0.1

a

Figure 6. Results of test A in P-ua/a and P-log(ua/a) diagrams.

9 RECONSOLIDATION EFFECT ON TESTS
RESULTS
After studying the effect of unload reload cycle and
holding test on the pressuremeter tests results, the
160

(a)

150
140
P (kPa)

Thus, during an expansion procedure, problems
relating to consolidation that have as a consequence
to change the mechanical soils characteristic can
occurs. In order to study this effect, a test with
unloading reloading procedure was carried out
(Test B). This test was led at the constant strain rate
of 6.10-5 %/s. When a strain close to 4% had been
reached, an unload reload buckle was performed and
then the test was undertaken until 10% of strain
(Fig. 6).
As shown in Figure 6, for the test B with strain
rate of 610-5 %/s the unload – reload cycle has no
effect on the slope of the linear part of the P-ln(ua/a)
curve, so on the undrained shear strength cu.

130
120
110
first load
second load
third load

100
90
80
0

0.02

0.04

0.06
u /a

0.08

0.1

0.12

a

8 STRAIN HOLDING
TESTS RESULTS

TESTS

160

EFFECT ON

150

In the same concern that the problem introduced
above, the effect of holding test on the pressuremeter
curve is analyzed. In Figure 7 a result of
pressuremeter test with two holding test steps is
presented (Test C1). This test was done using a
strain rate of 3.10-5 %/s and undertaken until
maximal strain of 5.5%. As shown in Figure 7b, the
slope of the pressuremeter curve in the P-ln(ua/a)
diagram is not affected by the holding tests.

P (kPa)

140

first load
second load
third load

(b)

130
120
110
100
90
80
0.001

0.01
log(u/a)

0.1

a

Figure 8. Results of test D in P-ua/a and P-log(ua/a) diagrams.
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140

(a)

P (kPa)

120
100
80
60
40
0

0.02

0.04

0.06
u /a

0.08

0.1

0.12

a

140

(b)
120
P (kPa)

reconsolidation effect was studied. Using a strain
rate of 3.10-5 %/s, on the same sample (Test D) three
consecutive tests were undertaken. However,
between each test, the sample was reconsolidated
during two days under the initial state stress describe
in Table 2. As shown in Figure 8a, the first part of
the pressuremeter curve (until the strain of 2%)
appears to be slightly affected by this test procedure.
Meanwhile, beyond, for the same stress level, the
soil seems stiffer. As well in a P-ln(ua/a) diagram
(Fig. 8b), the slopes of the pressuremeter curve of
the second and third loads was affected by this
procedure. However, the effect on the pressuremeter
curve is more significant during second load than
during the third one. The undrained shear strength
deduced from the slope of the P-ln(ua/a) diagram
were respectively 22 kPa, 28 kPa and 29 kPa.

100
80
60

10 STRAIN-RATE EFFECT ON
PRESSUREMETER TESTS

40
0.001

0.01
log(u/a)

0.1

a

Table 3. Undrained shear strength values from pressio-triax test
results.
Test

cu1
cu2
cu3
cu4
cu5
kPa
kPa
kPa
kPa
kPa
A
--------19.5
--------B
------------22.0
----C1
--------20.5
--------C2
--------20.0
--------D part1
------------22.0
----D part2
------------28.0
----D part3
------------29.0
----E11
13.5
----19.5
--------E22
--------21.0
----27.5
E23
----15.5
----21.5
----E24
----18.5
----24.0
----E25
----19.0
----24.0
----The undrained shear strength cu1, cu2, cu3, cu4, cu5 corresponding respectively to strain rates of 0.3.10-5, 0.6.10-5, 3.10-5, 6.105
, 15.10-5 %/s.

Figure 9. Results of test E22 in P-ua/a and P-log(ua/a) diagrams.

Those values are reported in Figure 10 in
cu-ln d(ua/a)/dt diagram. Hence, it appears that as for
homogenous tests (cu from triaxial tests, ’p from
one dimensional consolidation tests) a linear
relationship can be found. The equation of this
straight line can be written as:
cu
cu0

 
 1   log
 
 0






(4)

where cu0 = undrained shear strength value at the
reference strain rate  0 .
In our case, the strain rate reference value was
taken to 3.10-5 %/s, and the corresponding undrained
shear strength value was 21 kPa. The slope value, 
was about 0.25.
35
30

cu (kPa)

In order to study the strain rate effect and to
overcome the problem relating to the natural clay
characteristic variability, pressuremeter tests with
two different strain rates were undertaken on the
same sample.
The pressuremeter tests results in term of shear
strength cu relating to all tests are summarised in
Table 3.

experimental data
data fit

25
20
15

For the tests shown in Figure 9 (Test E22), the
procedure consist on a first load with strain rate
close to 3.10-5 %/s until 3.5%, and then the strain
rate was increased to 1,5.10-4 %/s until 10%.
In a P-ln(ua/a) diagram, for the first strain rate the
undrained shear strength was evaluated between
2 and 3.5%, and for the second strain rate between
4 and 8%. Hence, for the first strain rate the shear
strength was close to 21 kPa and for the second
strain rate a shear strength close to 27.5 kPa.

10
-6
10

-5

10

log(d(u/a)/dt)

0.0001

0.001

a

Figure 10. Strain rate effect on the shear strength values.

For this particular stress path the shear strength cu
typically changes by 25% per logarithm cycle of
strain rate. However, This will be clarified with
complementary tests results.
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11 CONCLUSION
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In this work, the main objectives were firstly to
improve the new test equipment developed to
simulate the pressuremeter tests in well known
laboratory conditions and then to explore the strain
rate effects on the Saint-Herblain clay characteristics
for this particular test more and more used in the
industrial projects.
For this new equipment, after a numerical study
done in order to improve its geometry conception
(former study), the first tests realized show a good
agreement with the pressuremeter tests done on site.
To study the strain rate effects on the
pressuremeter tests results, knowing the difficulties
related to this test (in particular inhomogeneity of the
stress field around the probe) we firstly tried to
define a test procedure to study the effect of
unloading reloading cycle, holding tests, strain rates
changes during tests on the pressuremeter test
results. Following this study some conclusions could
be drawn:
 The unload reload cycle have no effect on the
pressuremeter curve, so on the undrained shear
strength value.
 The strain holding tests has no effect on the
undrained shear strength value, but modify the
pressuremeter curve in term of pressure generated
at the wall of the cavity.
 The reconsolidation between two loads at a
constant strain rate on the same sample induces
an increase of the undrained shear strength value
and an important modification on the
pressuremeter curve.
Regarding this results, tests with two loads at two
different strain rates were adopted.
In comparison to classical studies (based on
triaxial tests and oedometer tests) on strain rate
effects on clay characteristics, the shear strength cu
defined for different strain rates were reported in
semi-logarithmic diagram.
The whole of the results lead to a linear
relationship between the undrained shear strength
and the logarithm of the strain rate. It appears that
the strain rate effect is more important for the
pressuremeter stress path (change by 25% per
logarithm cycle of strain rate) than obtain for the
same clay based on consolidated undrained triaxial
tests (change by 12% per logarithm cycle of strain
rate). This difference can be impute to the
inhomogeneity of the stress field generated in soil
during a pressuremeter test that can occur a partial
drainage of the soil in front of the probe which
induces an increase of the soil shear strength cu. The
part of the consolidation on the tests results, which
also depends of the strain rate, can be evaluate using
the recent modification of the pressio-triax apparatus
which allows to measure the pore water pressure at
the cavity wall.
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The influence of plasticity on sample disturbance in soft clays
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ABSTRACT: Standard practice for assessment of sample disturbance in soft clays includes determination of
the strain (or volume change) required to load a sample back to its initial effective stress in an oedometer or
triaxial test. Recently the Norwegian Geotechnical Institute has proposed using the ratio e/eo for the same
purpose. The NGI work concerns itself mostly with lightly overconsolidated low plasticity clays. In order to
quantify the influence of plasticity on sample disturbance a database, comprising 250 tests results on high
quality block samples from 14 sites, has been assembled. An examination of a database, for the lightly
overconsolidated clays, suggests that sample quality increases with increasing plasticity index. Therefore a
tightening of the sample quality assessment criteria over that used for low plasticity clays by NGI is tentatively
proposed. Although a similar trend is indicated for overconsolidated clays, insufficient data exists to make
definitive conclusions in this case.
1 INTRODUCTION
The need to assess the degree of sample disturbance
prior to interpretation of parameters derived from
laboratory tests on soils is now well accepted.
Although the use of one single criterion is not
adequate, use is frequently made of the strain, v, in
an oedometer test (or volume change V/V0 in a
triaxial test) required to load a sample back to its in
situ effective stress (Andresen & Kolstad, 1979).
More recently Lunne et al. (1997) at the Norwegian
Geotechnical Institute (NGI) have proposed revised
criteria based on the normalised void ratio change
(e/eo) caused by the loading to in situ effective
stress. However the NGI work was confined mostly
to lightly overconsolidated and low plasticity clays.
The objectives of this paper are to describe the NGI
criteria and give some examples of its use. The
applicability of the criteria to clays of medium to
high plasticity will then be examined using
published data as well as previously unpublished
data for two Irish clays. Some tentative proposals
will be given for a revision to the criteria for the
higher plasticity clays.
2 THE NGI CRITERIA
2.1 Description
Lunne et al. (1997) suggested that the ratio e/eo is a

fairer reflection of sample quality when compared to
v, or V/V0. They argued that a certain change in
pore volume would be increasingly detrimental to
the particle skeleton as the initial pore volume
decreases. Therefore as, e/eo is a measure of the
change in pore volume to the initial pore volume
rather than the change in pore volume divided by the
total initial volume, it is a more reasonable
parameter to use.
These criteria must be treated carefully as
reconsolidation strains will also be affected by
reconsolidation procedures, including specimen size,
reconsolidation stress path and wet or dry setting as
well as sample quality and soil type (Hight et al.,
1992; Lo Presti et al., 1999b). Table 1 shows the
sample disturbance criteria proposed by Lunne et al.
(1997).
Table 1. NGI sample disturbance criteria.
Sample class

OCR*
1-2
1
2-4
1-2
2
2-4
1-2
3
2-4
1-2
4
2-4
* OCR = overconsolidation ratio

e/eo
< 0.04
< 0.03
0.04 - 0.07
0.03 - 0.05
0.07 - 0.14
0.05 - 0.10
> 0.14
> 0.10

Test quality
Very good to
excellent
Good to fair
Poor
Very poor
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2.2 Examples of use of NGI criterion
Figure 1 shows the use of the NGI criteria in order to
assess sample quality for low plasticity Lierstranda
clay. The plot suggests that samples retrieved by the
Sherbrooke block sampler (Lefebvre & Poulin,
1979) are superior to either the 54 mm or 75 mm
diameter piston samples. This finding was confirmed
by examination of data for the subsequent shearing
phase of the tests.
Figure 2. e/eo versus PI - oedometer tests on Pisa clay (Lo
Presti et al., 1999a,b).

Figure 3. e/eo versus PI - triaxial tests on Pisa clay (Lo Presti
et al., 1999a,b)

In both cases a decrease in e/eo with increase in
PI is observed for the Laval and Osterberg samples.
Hight (1993) pointed out that destructuring
phenomena due to sampling should be less severe in
high plasticity soils.
3.2 Athlone clays
Figure 1. e/eo versus depth - CAUC tests on Lierstranda clay
(Lunne et al., 1998).

3 INFLUENCE OF PLASTICITY
3.1 Pisa clay
Lo Presti et al. (1999a,b) present data for soft lightly
overconsolidated Pisa clay. Samples were retrieved
using a high quality Laval block sampler (La
Rochelle et al., 1981), an Osterberg piston sampler
(Osterberg, 1973) and a Begemann continuous soil
sampler. They pointed out that the Pisa deposit is
quite heterogeneous and that the tests were
performed at a number of institutes.
Figure 2 shows the e/eo parameter versus
plasticity index (PI) for oedometer tests. The NGI
rating system is also shown. It can be seen that the
majority of the Laval samples can be classified from
excellent to good and only a few cases are rated as
poor. On the other hand the number of samples rated
as poor or very poor increases when considering the
Osterberg samples and especially the Begemann
samples. Figure 3 shows the e/eo values inferred
from the consolidation stage of triaxial tests. Again
the superiority of the Laval samples can be seen.

Long (2000) describes an investigation into sample
disturbance effects in two very soft, post glacial lake,
clays from Athlone in Central Ireland. The clays are
relatively homogeneous lightly overconsolidated
organic clay, known as the grey clay and normally
consolidated laminated clay known as the brown
clay. The grey clay has a variable low to medium
plasticity and the brown clay is of low plasticity.
Plots of e/eo versus PI for maintained load
oedometer and anisotropically consolidated triaxial
tests are shown on Figures 4 and 5 respectively.
Samples were taken using a Sherbrooke block
sampler, two fixed piston sampler (with 5 and 30
cutting edge angles) and a MOSTAP continuous
soil sampler.
Data for the Athlone oedometer tests show
considerable scatter with no discernible pattern in
the relationship between e/e0 and plasticity index.
The plot does confirm the superior quality of the
block samples. There seems to be little difference
between the 5 and 30 piston tube samples, but the
quality of the MOSTAP samples is in general poor.
Unlike the equivalent plot for the oedometer tests,
the triaxial test data show a clear trend of increasing
quality with increasing plasticity index. All samples
with PI greater than 30% fall in the “good” or “very
good” categories. However there were also several
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Figure 4. e/eo versus PI - oedometer tests on Athlone clays (Long, 2000).

Figure 5. e/eo versus PI - triaxial tests on Athlone clays (Long, 2000).

“very good” specimens with PI less than 30%.
Similar conclusions can be made regarding the
superior quality of the block samples.
4 QUANTIFICATION OF INFLUENCE OF PI
4.1 A database of high quality samples
In order to attempt to quantify more precisely the
influence of plasticity on sample disturbance, a
database has been assembled which gives data for
testing of high quality samples. All of this work
involved tests on either Sherbrooke, Laval or hand
carved block samples. It can be assumed therefore
that the tests are of the highest possible for the
particular clay. The database comprised 250 separate
results for soils from 14 sites. Tests were a
combination of oedometer and triaxial. A summary
of the information used is shown on Table 2.
4.2 Analysis of test results
The test results have been sub-divided into those on
lightly overconsolidated clays (OCR 1 to 2) and

Table 2. Summary of sites used in database.
Site
Emmerstad

PI (%)
6 - 12

Ellingsrud

6-8

Onsøy

30 - 38

Lierstranda

14 - 20

Eidsvoll

16

OCR
5 at 4 m
3 at 7 m
2.4 at 7 m
1.4 at 13 m
3 at 3 m
1.5 at 10 m
2 at 6 m
1.5 at 10 m
1 to 2

Glava

16 - 18

5

Bothkennar

26 - 52

1.55

Queensborough
Berthierville
Louiseville

68
24
45

Ariake
Pisa

50 -100
8 - 54

2.2
1.1 - 1.3
5 at 1.8 m
2 at 20 m
1.1 - 1.3
1.5 - 2.0

Montalto di
54 - 58
Castro
Athlone - grey
24 - 50
Athlone - brown 13 - 23

Reference
Lacasse et al.
(1985)
Lacasse et al.
(1985)
Lacasse et al.
(1985)
Lunne et al. (1997,
1998)
Karlsrud et al.
(1996)
Sandven and
Sjursen (1998)
Lunne et al. (1998),
Nash et al. (1992)
Smith (1992)
Smith (1992)
Tanaka et al. (1998)

5-6

Tanaka et al. (1996)
Lo Presti et al.
(1999a,b)
Holtz et al. (1986)

1.7
1.1

Long (2000)
Long (2000)
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overconsolidated clays (OCR 2 to 6). Pots of e/e0
versus PI are shown on Figures 6 and 7 for these two
sub-divisions respectively.
For the clays with OCR < 2, there is a clear
evidence for a decrease in e / e0 with increasing PI,
supporting the idea that sample quality increases
with increasing PI. (There are still many “excellent”
tests with low PI.). It would seem that there is a
justification for imposing a tighter “excellent”
criterion for clays with PI  30%, as has been
suggested previously by Lo Presti et al. (1999a,b). A
suggested revised criterion is shown on Figure 6.
Although the data presented here are for high quality
samples and therefore there is no direct evidence for
a tightening of the “good to fair” and other

categories, some tentative proposals are also shown
on Figure 6. It is interesting to note that the revised
proposal for clays with OCR < 2 and PI  30% are
the same as those previously presented by NGI for
clays with OCR 2 - 4, see Table 1.
Insufficient data are available for clays with
OCR > 2 to make any definitive conclusions.
However the available data, presented on Figure 7,
shows some tendency for a decrease in e/e0 with
increasing PI. It is suggested that a slight tightening
of the excellent” criterion may be justifiable, see
Figure 7. However further data is necessary to make
any definitive proposals in this regard.

Figure 6. e/eo versus PI - clays with OCR < 2.

Figure 7. e/eo versus PI - clays with OCR > 2.
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5 CONCLUSIONS
An examination of a database for lightly
overconsolidated clays from 14 sites throughout the
world suggests that sample quality increases with
increasing plasticity index. Therefore a tightening of
the sample quality assessment criteria (based on
e/e0 to in situ effective stress) over that used for
low plasticity clays is tentatively proposed. Although
a similar trend is indicated for overconsolidated
clays, insufficient data exists to make definitive
conclusions in this case.
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ABSTRACT: Thermal properties of soils have become an important characteristic in recent years and are
especially needed in the design of seasonal storage of solar energy. The ability of soil to efficiently conduct
and store solar thermal energy is critical in the economic design of these systems. Recent construction of an
athletic arena at the University of Massachusetts provided the opportunity to evaluate the use of a central solar
heating plant with seasonal storage (CSHPSS). The intent of the CSHPSS is to collect solar energy via an
extensive solar collector system and then store this captured heat through the summer months in the on site
natural subsurface materials. The stored heat would then be extracted through the fall and winter as needed
and used to provide heat for the arena. In order to accurately assess the performance of the system and
optimize the design of the storage area, bulk thermal conductivity of the soils at the site were required.
This paper presents the results of a field and laboratory investigation performed to evaluate the thermal
conductivity of the soil for use in the design. The soil at the site consists of an extensive deposit of lacustrine
clay locally known as Connecticut Valley Varved Clay. A field thermal probe was designed and constructed to
allow site specific in situ measurement of thermal conductivity. The method proposed by Winterkorn (1970)
was used as a guideline in this design. The probe was designed as a direct push instrument much like a cone
penetrometer and consisted of three parts: a solid cone tip; a central heating and measuring body; an a drill rod
adapter. The central body consisted of a dual pass 26 gauge nichrome heating wire and three 30 gauge type T
thermocouple junctions. A detailed description of the design and construction of the probe is presented.
Laboratory tests were also performed on undisturbed samples using a thermal needle probe. The in situ results
are presented and are compared with the laboratory tests and two empirical methods available for estimating
thermal conductivity.
1 INTRODUCTION
Thermal properties of soils have become an
important characteristic in recent years and are
especially needed in the design of seasonal storage
of solar energy. The ability of soil to efficiently
conduct and store solar thermal energy is critical in
the economic design of these systems. The recent
construction of an athletic arena at the University of
Massachusetts - Amherst provided the opportunity to
evaluate the use of a central solar heating plant with
seasonal storage (CSHPSS).
The intent of the CSHPSS is to collect solar
energy via an extensive solar collector system and
then store this captured heat through the summer
months in the on site natural subsurface materials.
The stored heat would then be extracted through the
fall and winter as needed and used to provide heat
for the arena. In order to accurately assess the
performance of the system and optimize the design
of the storage area, bulk thermal conductivity of the

soils at the site are required. This paper presents the
results of a field and laboratory investigation
performed to evaluate the thermal conductivity of
the soil for use in the design. The experimental
results are compared with two empirical methods for
estimating this property.
2 MEASURING THERMAL CONDUCTIVITY
Of the various transient methods developed to
estimate thermal conductivity, the thermal probe or
thermal needle is the most common. Both laboratory
and field probes can be easily and economically
constructed. Materials and dimensions have been
proposed within the last four decades. The
cylindrical probe method was first suggested by
Schleiermacher (1888) and also by Stalhane and Pyk
(1931). The thermal probe was first used
successfully for measuring thermal conductivity of
liquids by Weishaupt (1940) and van der Held and
391

van Drunen (1949). Thermal probe testing of soil
appears to have been first conducted by Hooper and
Lepper (1950) and Skieb (1950).
In the past forty years a number of studies of
thermal conductivity of soils have been conducted by
Penner (1963), Weschler (1966), Falvey (1968),
Winterkorn (1970), Mitchell and Kao (1978),
Brandon and Mitchell (1989), Ewen and Thomas
(1992). Most of these studies have used a thermal
needle to evaluate thermal conductivity in the
laboratory. There have been relatively few detailed
cases of field thermal conductivity reported.

Multiple thermocouple junctions were provided
to obtain individual measurements of thermal
conductivity in order to provide testing redundancy
and to permit continues use of the tool if one
junction should fail during testing. The cavity of the
probe was filled with a high thermal conductivity,
low thermal mass epoxy.
Calibration tests of the probe were conducted in a
92 cm long by 10 cm diameter PVC tube filled with
glycerin, which has a known thermal conductivity of
0.00294 W/cm-oC. Thermal tests similar to those
performed in the field were conducted with net heat
inputs of 0.0440 and 0.1547 W/cm for a duration of
25 minutes.

3 EXPERIMENTAL INVESTIGATION
3.1 Test site
The site for the proposed CSHPSS is adjacent to the
National Geotechnical Experimental Test Site
(NGES) located on the University of Massachusetts
campus in Amherst, Ma. The site is located in the
Connecticut River Valley of Western Massachusetts
which consists primarily of a thick deposit of late
Pleistocene lacustrine clay and silt deposited into
glacial Lake Hitchcock during the last glaciation.
Test drilling on the site indicated that the
stratigraphy consists of about 2 to 3 m of clay fill
from construction of the adjacent Amherst
Wastewater Treatment Plant. Underlying the fill is
approximately 22 m of soft varved clay. Details of
the soil conditions at the NGES have been presented
by Lutenegger (2000). The water table at the site
fluctuates seasonally from about 0.5 to 2.5 m below
ground surface.
3.2 Field measurement of thermal conductivity
A field thermal probe was designed and constructed
to allow in situ measurement of thermal conductivity
at the site. The method suggested by Winterkorn
(1970) was used as a guideline in the design. The
probe consisted of a 2.86 cm diameter 91.4 cm long
probe with a 60o apex cone tip. The probe was
designed as a direct push instrument much like a
cone penetrometer and consisted of three parts: a
solid cone tip; a central heating and measuring body;
and a drill rod adapter, as shown in Figure 1. All
parts were machined from stainless steel. The length
of the solid cone tip was designed so that the lower
thermocouple junction would be positioned 30 cm
from the tip of the probe as suggested by Winterkorn
(1970). The central body consisted of a dual pass 26
gauge nichrome heating wire and three 30 gauge
type T thermocouple junctions. The body was
constructed of stainless steel tubing (2.86 cm OD X
1.85 cm ID) and was drilled in three locations on 30
cm centers to position the thermocouple junctions
flush with the outer surface of the tube.

Figure 1. Schematic of field thermal conductivity probe.

The field thermal probe was advanced to the
desired test depth of a quasi-static hydraulic pushing
thrust at a rate of approximately 2 cm/sec. Once the
desired test depth was reached, the probe was
allowed to sit for approximately 24 hours before
conducting the thermal test. Based on the results of
10 cm2 piezocone dissipation tests previously
conducted at the site, is was determined that this 24
hour period would provide adequate time for 100%
dissipation of excess pore water pressures generated
during pushing, as well as to allow the probe to
achieve thermal equilibrium with the surrounding
soil.
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Testing was performed by applying a constant DC
voltage to the leads of the heater element.
Temperature readings were recorded from each of
the three thermocouples at one minute intervals. A
hand-held digital multimeter was used to
continuously monitor the test voltage. The voltage
was adjusted during the test to ensure that a constant
heat input (<1% variation) was applied to the probe.
Thermocouple temperature readings were made
with an Omega Industries Inc. 450 ATT type T
thermocouple thermometer with precision to 0.1
degrees Fahrenheit. Tests were generally conducted
for a period of 40 minutes throughout Profile No. 1
while test lengths of 90 minutes were used in Profile
No. 2.

conditions and for the soil to return to room
temperature.

3.3 Laboratory measurement of thermal
conductivity
An independent laboratory measurement of thermal
conductivity was made to provide a comparison with
field tests. Laboratory thermal probes were
constructed and used to measure thermal
conductivity of undisturbed fixed piston samples
taken from the site during test drilling. Testing
equipment and procedures generally followed
guidelines proposed in the ASTM D5334 – 92
Standard Test Method for Determination of Thermal
Conductivity of Soil and Soft Rock by Thermal
Needle Probe Procedure.
To minimize effects of moisture migration and
contact resistance, a thermal needle probe having a
diameter of 3 mm and length of 150 mm was
initially used in the testing. Two type T
thermocouples were located 60 and 90 mm from the
probe tip.
Tests were performed on thin walled 76 mm
diameter Shelby tubes containing undisturbed soil
from the site. The ends of the cut soil/tube sections
were coated with a 50/50 mixture of melted paraffin
and Vaseline to prevent drying of the sample. The
tube was placed into a fixture and the probe was
inserted through a 4 mm hole drilled in the top plate.
After installation of the probe into the soil, a thirty
minute equilibrium period was provided before
testing to allow the probe and soil to establish
thermal equilibrium. The test arrangement is shown
in Figure 2.
One type T thermocouple junction was placed in
contact with the midpoint of the outer surface of the
steel Shelby tube and held with thermal epoxy.
Monitoring of this outer thermocouple junction and
the thermocouples in the probe was used to
determine constant conditions throughout the sample
prior to testing. Calibration of the laboratory thermal
needle probes was also performed in glycerin.
Testing followed the procedure given in ASTM
D5334 – 92. A time period of three hours was
provided for the reestablishment of equilibrium

Figure 2. Laboratory Test Arrangement.

3.4 Empirical estimates of thermal conductivity
Empirical methods for estimating thermal
conductivity of soils have been presented by Hillel
(1982) and Ingersoll (1988). These methods are
based on the water content, porosity, and grain
composition of the soil. For example, Hillel (1982)
suggested that for saturated soils, the thermal
conductivity could be obtained as:

kc 

f o k o  kf1k1 
f 0  kf1 

(1)

where fo, f1 = volume fraction of water and solids,
respectively, ko, k1 = thermal conductivity of water
and solids, and kc = thermal conductivity of the
composite medium.
Hillel (1982) suggested values of thermal
conductivity of the solids component of sand (or silt)
and clay as 0.0218 and 0.0159 W/cm-C,
respectively. These values were combined through a
weighted average approach based on grain-size
distribution data for soils at the site to obtain
estimates of kc.
4 RESULTS
4.1 In situ thermal conductivity
In situ thermal conductivity testing was conducted at
the CSHPSS site with the thermal probe previously
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described. Since it was desirable to obtain values of
thermal conductivity throughout the full depths
where heat would be stored testing was performed in
two profiles. A simple line heat source analysis
Weschler (1966) was used to reduce the measured
temperature increase versus time data collected at
each test depth for each probe thermocouple.
Thermal conductivity was obtained from:
  ln t 2 
k t   q

 t 
 4T2  T1 
 1

soil sample was conducted for 20 minutes with
temperature measurements made every 30 seconds
from each thermocouple. Thermal conductivity was
calculated from the simple line heat source theory as
described in Equation [1].
32
External Thermocouple
Lower Thermocouple
Upper Thermocouple

(2)

The heat input q to the probe was calculated
from:
L

o

(3)

Temperature ( C)

q  I2  R

30

where I = applied current (amperes), R = total
resistance of heater element inside the probe (ohms),
and L = length of probe (cm).
Temperature versus log time plots were prepared
for each test depth and thermal conductivity is
evaluated over the linear portion of the curve for
each thermocouple. Although two distinct linear
regions develop on the individual curves, the linear
segment immediately following the initial lag time
was chosen as representation of the soil surrounding
the probe. If the test results from the initial 30
minutes of the test are analyzed, only one linear
portion exists. Linear regressions were fit through
the data establishing the linear zone and the resulting
T2, T1 and t2, t1 times were identified from the
measured data for use in Equation (2).
Authors such as Winterkorn (1970) have
previously stated that field thermal probe tests
should be completed within 30 minutes for most
accurate testing. Essentially this criterion was
developed for testing in sands where moisture
migration effects would be significant. Thermal
probe testing of saturated clays is not very
susceptible to moisture migration, however, axial
heat flow along the probe or through the steel drill
rods may prohibit longer tests from yielding accurate
results.

Figure 3. Typical laboratory test data.

4.2 Laboratory thermal conductivity

5 SUMMARY AND CONCLUSIONS

Thermal conductivity values were measured in the
laboratory using thermal probe testing of undisturbed
samples retrieved from the CSHPSS site. As with
the field data, temperature versus log time plots were
prepared for both thermocouples of the laboratory
probe for each test specimen. Figure 3 presents a
typical plot of the measured laboratory test data.
Continuous monitoring of the input voltage assured
a heat input with a variation of less than 1% over the
entire test period. Monitoring of the thermocouple
mounted externally at the center of the Shelby tube
was also performed to identify the migration of the
heat front to the sample boundary. Testing of each
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4.3 Comparison of results
Figure 4 presents a summary of the measured
thermal conductivity from the field profiles and the
laboratory tests. Also shown are the estimated values
of thermal conductivity using the two empirical
approaches. It can be seen that all three approaches
give similar values of thermal conductivity, although
the empirical method suggested by Ingersoll (1988)
consistently gave the highest values. The scatter of
the results is also seen to be very low, considering
the natural variability of the soil at the site.

Field and laboratory tests were performed to
determine the thermal conductivity of a clay deposit.
The tests used thermal probe technology, which
consists of relatively simple equipment and
straightforward testing procedures. The results
indicated that both approaches provide similar test
results and compare reasonably well with available
empirical approaches for estimating thermal
conductivity.
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Figure 4. Comparison of field and laboratory results.
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ABSTRACT: There are few cases of studies on sample disturbance effects on compressible silts reported in
the literature. This is due to the practical difficulties of obtaining high quality samples. Samples of soft
compressible Irish silts were extracted by three techniques, namely two fixed piston samplers and a
continuous soil sampler. The results of drained and undrained triaxial tests and maintained load oedometer
tests, carried out on specimens obtained by the different sampling techniques, were compared. Comparisons
were also made between 1D compression parameters obtained in the laboratory and those derived from full
scale behaviour of a highway embankment constructed on the silts. All of the samplers appear to densify the
silt. This is particularly the case for the continuous soil sampler. Specimens obtained from the fixed piston
sampler, which has a lower area ratio and sharper cutting edge, are slightly superior. Efforts should be made to
obtain high quality block samples of silt in order to improve our understanding of these phenomena.
1 INTRODUCTION
The need to assess the degree of sample disturbance
prior to interpretation of parameters derived from
laboratory tests on soils is now well accepted. There
are many studies reported in the literature on sample
disturbance effects on soft clays. Some examples are
the classic papers of Lacasse et al., 1985 and Lunne
et al., 1997 on Norwegian clays, Hight et al., 1992
on Bothkennar clay from the UK and Tanaka et al,
1996 on Japanese clays. Long (2000) has reported on
sample disturbance effects on two very soft Irish
clays. However there are very few examples of
similar studies on these effects on soft compressible
silts. This is obviously due to the practical
difficulties of extracting high quality samples of
these materials.
Much of the soft estuarine soils encountered in
Ireland are silts and not clays. It has become
apparent that the criteria usually used for clays may
not apply to silts. Therefore this project was
initiated. To date samples have been extracted from
a silt site using two fixed piston samplers and a
continuous soil sampler. Block sampling has not
been successful so far.
Sample disturbance effects were examined by
comparing the results of drained and undrained
triaxial tests and maintained load oedometer tests,
carried out on specimens obtained by the different
sampling techniques. Comparisons were also made

between 1D compression parameters obtained in the
laboratory and those derived from full scale
behaviour of a highway embankment constructed on
the silts.
2 THE SITE
2.1 General
The site is located at Dunkettle, Co. Cork on the
south coast of Ireland, see Figure 1. Road
embankments, up to 12.5 m high, were constructed
on the site in the late 1980’s and early 1990’s. A full
description of the site and the behaviour of the
highway embankments are given by Flynn & Creed
(1992). Furthermore Creed (1996) reports on an
analysis of the dissipation of excess pore pressures in
the silts during embankment construction.
2.2 Ground conditions
The site is underlain by between 6 m and 10 m of
estuarine silts.
These are described as very soft to soft dark grey
slightly organic very fine sandy silt with occasional
bands of shelly debris and thin seams of fine sand.
This material is estuarine in origin. In some places
the top 1 m to 2 m resulted from hydraulic filling,
which took place some 6 years prior to the
commencement of construction on the site.
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In situ vane shear strength values showed a clear
tendency for the soil to increase in strength with
depth, suggesting the material is essentially normally
consolidated. Values were close to zero at the
surface and then increased at the rate of 4 kPa per
metre depth. Triaxial tests indicted effective stress
parameters ’ = 31 and c’ = 0.
3 SAMPLING TECHNIQUES

Figure 1. Site location.

The in situ bulk density of the silt was found to
lie between 1.5 Mg/m3 and 1.9 Mg/m3. Liquid limit
and plasticity index were typically 34% and 7%
respectively. Measured natural moisture contents
also varied considerably. Values varied between
40% and 80%. The material parameter variations
were probably due to slight variations in organic
content, which was generally measured to be less
than 1%. Typical grading curves for the silt are
shown on Figure 2.

Sampling was carried out using two fixed piston
samplers, namely the Norwegian Geotechnical
Institute (NGI) 95 mm dia. sampler (see Andresen,
1981) and the ELE 100 mm diameter sampler. This
latter sampler is that conventionally used in the UK
and Ireland to obtain high quality samples of soft
compressible material. For this study the sampler
cutting edge was sharpened from the normal 30 to
5, as some recent studies (e.g. Hight, 2000) have
shown that a sharpened cutting edge can produce
significantly better samples.
Samples were also obtained using a MOSTAP
continuous soil sampler. It is essentially similar to
the Swedish foil sampler or the Delft stocking
sampler (both described in detail in Weltman &
Head, 1983). A thin walled sampling tube (or liner)
acts as a guide for a piston during sampling and
distributes the stocking uniformly around the
sample. The purpose of the stocking is to minimise
friction. Together with the liner it serves to
effectively transport and store the sample. A
summary of dimensions and features of the samplers
is given on Table 1.

Figure 2. Range of particle size distribution curves for silt.
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Both piston samplers were employed after preaugering with a shell and auger type rig. Continuous
displacement was used for the MOSTAP technique.

Len.

mm
NGI 95
1000
ELE 100 1000
MOSTAP 2000



Dc


mm
7
96.3
5 101.4
1-5
65

De
or
B
mm
101.6
104.8
93

DI
mm
96.6
101.4
65

Ca
or
AR
%
11
6.8
105

Each increment is ended at the end of primary
consolidation (eop).

4.2 CAUC / CADC triaxial tests

Table 1. Summary of dimensions and features of samplers.
(Legend from Clayton and Siddique, 1999).
Sampler



CI
or
ICR
%
0.3
0
0

These tests are anisotropically consolidated
undrained or drained triaxial tests. They consist of
the following steps:
 The specimens are extruded and then placed
directly in the triaxial cell, having trimmed them
to a length to diameter ratio of about 1.8.
Specimen diameters are 101.4 (ELE), 96 mm
(NGI) and 50 mm (MOSTAP).
 A cell pressure of 0.5v0 is applied and the
residual effective stress is determined.
 The specimen is consolidated in two steps,
isotropically to approximately 60% 1h0 and then
anisotropically (k0 = 0.6).
 Shearing takes place at a rate of 14.5% / day.
(Investigation of this and a lower rate of 4.5% /
day show no discernible difference in results.)
5 LABORATORY TEST RESULTS
5.1 Basic material parameters
The average basic material parameters determined
for each of the specimen types are summarised on
Table 2.
Table 2. Summary of basic material properties.
Average bulk
Average moisture content
(Mg/m3)
(%)
ELE 100
1.772 (8)
49 (8)
NGI 95
1.777 (7)
48 (7)
MOSTAP
1.823 (7)
37 (7)
Values in brackets are number of data points.
Sample type

4 LABORATORY TESTING PROCEDURES
The tests described below have frequently been used
for the purpose of sample disturbance assessment
(see reference list in Section 1.)
4.1 Maintained load oedometer tests
The procedure used was broadly in accordance with
those described by Sandbækken et al. (1986). Tests
consist of the following main steps:
 The specimen with diameter 100 mm (ELE), 70
mm (NGI) or 50 mm (MOSTAP) is mounted on
dry filter stones in the oedometer cell without
allowing it to swell.
 It is loaded incrementally in steps of 5 kPa,
0.25’v0, 0.5’v0, 0.75’v0, 1.0’v0, 2.0’v0,
4.0’v0 and 8.0’v0. An unloading cycle is carried
out from 2.0’v0. (’v0 = in situ vertical effective
stress).

Values for the NGI and ELE specimens are more
or less identical. It seems that the MOSTAP
sampling process leads to an increase in the bulk
density and a decrease in the moisture content of the
specimens. It is possible that the process causes
some densification due to the geometry of the cutting
head and that the presence of a physical space
between the specimen / stocking and the outer
plastic liner leads to some drying effects.
5.2 Oedometer tests
Although the use of one single criterion is not
adequate, use is frequently made of the strain, v, in
an oedometer test (or volume change V/V0 in a
triaxial test) required to load a sample back to its in
situ effective stress (Andresen & Kolstad, 1979).
Lunne et al. (1997) at NGI have proposed revised
criteria based on the normalised void ratio change
(e/eo) caused by the same loading. Values of
(e/eo) for the oedometer tests are plotted on Figure
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3. The assessment criteria proposed by Lunne et al.
(1997) are also shown. It can be seen that most of the
specimens fall in the “good to fair” or “poor”
categories. The data suggest that, on average, the
MOSTAP and ELE specimens are better than the
NGI ones.

This value is closer to that obtained from the ELE
(average 0.112) and NGI specimens (0.144) than the
MOSTAP specimens (0.07). Again it seems that the
MOSTAP sampling process densifies the soil.
5.3 CAUC / CADC tests
Values of e/eo for the triaxial tests are shown on
Figure 5. In this case many of the data fall in the
“very good” or “good to fair” categories. The
existence of two poor NGI specimens suggests that
these samples are poorer overall than the MOSTAP
or ELE. However if these poor specimens are
ignored there is very little difference between all the
samples.

Figure 3. e/eo to in situ stress – oedometer tests.

Typical stress / strain oedometer curves are
shown on Figure 4. All the tests show a rounded
profile with no clear definition of the yield point. All
are suggestive of disturbed samples. The curves for
the NGI and ELE specimen seem better than that for
the MOSTAP specimen.
Figure 5. e/eo to in situ stress – triaxial tests.

Figure 4. Typical oedometer stress/strain curves.

Coefficient of consolidation (cv) values derived
are very variable and there is no clear difference
between those obtained from the different
specimens. Creed (1996) suggests that a
conservatively chosen laboratory cv value of 10
m2/yr. is approximately the same as that derived
from back analysis of pore pressure data obtained
during embankment construction.
The field compression coefficient (Cc/1+e0), as
derived from Creed (1996), was approximately 0.15.

Typical CAUC stress / strain and stress path plots
are shown on Figure 6. Note that the MOSTAP test
included is the better of the two carried out, hence
tests depth differs from tube samples. The other
MOSTAP tests showed highly disturbed behaviour.
Though the NGI and ELE tests are very similar,
the ELE specimen seems slightly superior. It shows a
stiffer response, a higher undrained strength and a
lower peak to failure. The stress path remains
vertical for a greater range of strain again suggesting
less initial disturbance.
However the stress paths seem to suggest that the
material exhibits contractant behaviour for a very
short strain interval and that behaviour rapidly
becomes dilatant. This contrasts starkly with test
data for Swedish silts, Axelsson et al. (1991), where
the material exhibits marked contractancy at small
strains and dilatancy at large strains. The Swedish
samples were extracted using a block sampler and it
is possible that densification by the tube sampling
process alters the behaviour of the Dunkettle silts.
Corresponding plots for the CADC test are shown
on Figure 7. No CADC test was carried out on a
MOSTAP specimen. The NGI and ELE specimens
behave in a very similar manner. Any difference is
due to the larger volume change required to
consolidate the NGI specimen to in situ stress.
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Figure 6. Typical stress/strain and stress path plots – CAUC tests.

Figure 7. Typical stress/strain and stress path plots – CADC tests.

6 CONCLUSIONS
a. An assessment has been made of the relative
quality of silt specimens obtained by two fixed
piston samplers and a continuous soil sampler.
b. It would seem that the sampling process densifies
the soils in all cases.
c. This is particularly clear in the case of the
MOSTAP specimens, which recorded a bulk
density some 3% higher than that of the NGI and
ELE tube specimens. The corresponding water
content was some 24% lower. Oedometer tests on
these specimens suggest a much higher stiffness
than that which was recorded in the field.
d. For the tube samples, the stiffness measured was
similar to that observed in the field. However, the
contractant behaviour, at low strains, observed by
other researchers into the behaviour of silt, was
not evident.
e. The data suggests that the specimens obtained
from the ELE sampler are slightly superior to
those obtained for the NGI 95 mm sampler. This
finding is consistent with the higher area ratio and
cutting edge angle of the NGI sampler (Table 1)
and also on observations made by the driller, who

remarked on the handling difficulties of the
heavier NGI sampler.
f. It is recommended that further efforts are made to
obtain high quality block samples of silt so that
these phenomena can be investigated more fully.
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ABSTRACT: The north coast of Java is characterised by a coastal plain of Recent or Holocene soft clay up to
30 m deep, similar to parts of the coasts of Singapore, Malaysia and Thailand. This coastal plain is low lying
and subject to flooding.
As a result of its relatively low land value it is generally less developed than the landward hinterland, and
is therefore frequently selected for construction of new roads and by-passes of the towns along the coast. In
order to keep the road above flood level and to provide bridge approaches, embankments of 2.5 to 8 m high
have been built in a number of projects.
The paper describes the soil properties of the Java Recent Clay obtained by both in situ and laboratory tests
and back analysis of failures, and the performance of embankments built on them.
1 REGIONAL GEOLOGY
The North Java coastal plain generally varies up to
10 km in width as shown on Figure 1.
The rate of development of part of this coastal
plain in the Semarang area was identified by Van
Bemmelen (1970) as shown on Figure 2.
It is also reported (BGS, 1998) that local legend
believes that the town of Simongan, which is now
some 5 km inland, was a port at the time of the visit
of the Chinese emissary Sam Poo Kong in 1460.
Demak, which is now some 12 kilometres inland
was also known to be a port in the sixteenth century
(Turner et al., 1997). These data imply a rate of

coastline advance of one kilometre or more per
hundred years.
1.1 Stratigraphy & lithology
Boreholes along the whole of the coast identify a
very similar geological succession, as follows.
1.1.1 Recent alluvial deposits
Recent alluvial deposits of sand and gravel along
main rivers.

Figure 1. North Java coastal plain.
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1.1.3 Pleistocene clay
Generally stiff to hard grey clay but sometimes firm
becoming stiff with depth. Immediately to the west
of Semarang this stratum is mainly a silty sand or
sandy silt. The stratum is comparable to the Old
Alluvium identified in Peninsular Malaysia and is
sometimes referred to by this term.
There is some evidence that the stiffer clays in
this stratum are found at shallower depth, and
therefore indicate that they were elevated above sea
level at some time whereas the deeper clays were
not.
1.1.4 Pleistocene sand, gravels and clays
Below about 60 m depths, this is the main aquifer on
the coastal plain which is overdeveloped for water
supply. It is substantially drawn down in the
Semarang area; most recent measurements indicate a
maximum drawdown of 27 m.
The aquifers are found at varying depths between
60 and 100 m below sea level.

1.1.2 Holocene formation
A very soft grey clay with shells, becoming
interbedded and lenticular with sands towards the
higher land to the south. Occasional minor buried
alluvial sand channels have been identified.
The base of this stratum is often defined by a
thickness of some two metres of material containing
humus, indicating a transition from shallow swamp
environment to deeper water marine environment.
This transition is found at from 15 to 30 m below
current sea level. Limited detailed inspection of this
layer shows that it consists primarily of wood
fragments and is not therefore significantly more
compressible than the overlying clay.
Above this transition zone there is a marked
absence of visible organic debris in this stratum, the
only significant inclusions being gravel sized coral
fragments.
The quaternary geology map (GRDC, 1996)
identifies three main facies in the Holocene Clay in
the Semarang area:
a. A surface layer of 2 to 3 m thickness of floodplain
deposits.
b. An intermediate layer of 2 to 3 m thickness of
tidal deposits.
c. A lower layer, proven to 8 m thickness, of
nearshore deposits.
The limited fabric analysis undertaken to date
does not identify any fabric variation to confirm this
division, though coloration may indicate some
correlation; freshly cut samples are brownish grey in
the upper 8 m and light to dark grey below this.

1.1.5 Damar formation
Conglomerate and breccia, outcropping to the south
and not proven along the coast line but believed to
be at more than 300 m depth.
To the rear of the coastal plain the land rises
rapidly in the volcanic and volcano-sedimentary
formations which stretch all the way along the island
of Java. Therefore the marine and near shore
sediments are almost totally derived from volcanic
rocks. The Pleistocene clays frequently contain
gravel-sized nodules of brown and black silt of
volcanic ash.
2 EFFECTS OF VOLCANIC ACTIVITY
Suryo & Clarke (1985) list major recorded
earthquake events in Indonesia as shown on
Figure 3.
Volcanic activity
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Figure 3. Volcanic activity in Indonesia.

404

3 UNDERCONSOLIDATION OF SEMARANG
MARINE CLAY

deposition period. However the derived values are
consistent with Cox’s data and therefore overall it
should be expected that the North Java coastal clays
are not significantly underconsolidated.
Skempton (1970) identified a relationship
between liquid limit and moisture content for clays
consolidated under gravitational compaction. Taking
one set of data where the Holocene Clay is some
30 m depth the predicted and actual moisture
contents from Skempton’s relationship are shown on
Figure 5 and Figure 6.
Moisture Content (%)
0

50

100

0

10

Depth (,m)

Suryo and Clarke’s scale relates to the magnitude
of the material ejected. If we consider the return
period, which has been estimated as shown on the
figure, then a total volume of ejecta during the
Holocene period can be calculated which comes to
some 200 km3, or 0.2 km3/km of coastline.
Now a proportion of this will be in the form of
dust and the remainder in larger particle size, let us
say for example 20% is dust which can be carried for
many kilometres. If we take a distance of 15 km then
we get total thickness of 3.2 m out of the total of 15
to 30 m thickness of Holocene Clay. It appears
therefore that direct dust deposition may be
significant but is not the major source of the material
in the stratum.
The Holocene Clay is therefore primarily a
sedimented deposit of the weathered volcanic and
volcano-sedimentary hills, but with a potentially
significant content of unweathered, or weathered in
situ, volcanic ash.

Cox (1970), provides a relation between deposition
rate and degree of consolidation based on work by
Morgenstern for a 15 m thick clay layer, which
shows that the Indonesian coastal plains are some 70
to 80% consolidated as shown on Figure 4.
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Figure 5. Predicted and actual moisture content.
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Figure 4. Relationship between rate of sedimentation and
degree of consolidation.

Sea shore transgression has occurred at a rate of
approx 1 km per 100 years in recent times as can be
seen on Figure 2.
For a 1:1000-1:2000 surface slope this is a
deposition rate of 0.5 to 1 m per 100 years or 5 to
10 mm/year. Taking a typical thickness of Holocene
Clay of 20 m the average rate of deposition over the
whole Holocene period has been 20 mm/year.
Therefore deposition rates in recent times are
generally less than the average over the whole
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Figure 6. Ratio of actual to predicted moisture content.

There is considerable scatter but the averaged line
in the Pleistocene Clay closely follows the normally
consolidated relationship. Taking all the data and
fitting an average curve as shown gives some
evidence of underconsolidation in the Holocene
Clay. However if extreme values are ignored the data
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for the Holocene Clay are quite consistent with a
normally consolidated deposit.
4 SOIL PROPERTIES
Many relationships have been developed for soil
properties for the temperate climate marine clays.
However it has been found that these cannot be
adopted reliably in all cases for tropical soils.
The reasons for the differences are many. Cox
(1970) suggests that there are differences in tropical
soft clays between those found on the coast and
those now inland, as a result of fresh water leaching
of the latter. Younger (1990) identifies the presence
of volcanic derived soils and their special clay
minerals as having a significant effect on the
properties; this has been shown in the case of the
Bandung volcanic lake clay. Brenner et al. (1987)
also identify the presence of volcanic derived
minerals as resulting in changes to soil properties.
5 SHEAR STRENGTH OF MARINE CLAY
For a normally consolidated clay stratum with no
cementing or variable apparent preconsolidation
effects the shear strength would be expected to
increase linearly from a very low value at the
surface. The rate of increase is generally quoted in
relation to effective vertical stress, p, as a cu/p value.
The cu/p value has been related to plasticity index
by Bjerrum (1973) who provided curves for Young
Clays and for Aged (or apparently preconsolidated)
Clays as shown on Figure 7. Data for soft tropical
clays have been added to this figure (Cox, 1970;

Hussein et al., 1996; Choa et al., 1996; Kobayashi et
al., 1990; Abdullah & Chandra, 1987).
It would be tempting to ascribe the data points
below the Young Clay curve to underconsolidated
clays, or perhaps some other engineering
interpretation. However in analysing these data it is
important to take account of the many variables
involved, particularly in the method of in situ
testing, or the method of sampling, sample storage
and treatment and laboratory testing method.
A recent investigation was undertaken at a test
site at Kaliwungu, some 20 km west of Semarang
and now 4 km inland. In situ testing using a Geonor
vane produced the results shown in Figure 8.
It can be seen that the upper 5 m has higher than
expected peak strength values, possibly due to fresh
water leaching of the clay or crustal development,
though ground level is only slightly above sea level.
Below this the line drawn is for cu/p = 0.4. Although
within the overall range of values on Figure 7 it is
significantly higher than previously reported for
Semarang or for other coastal clays in North Java.
One possible reason for this is demonstrated on
Figure 9. These data for Semarang Port show the
substantial variation in measured shear strength even
over the area of a single project.
The method of deriving the shear strength also
needs to be taken into account. Vane correction
factors are normally applied. For results obtained in
the laboratory sample disturbance also needs to be
taken into account. The sensitivity of the clay is
significant as shown on Figure 10 and Figure 11. For
a completely remoulded vane shear result a cu/p
value of 0.2 is obtained, close to the previously
reported strength at Semarang.
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Figure 7. cu/p relationship.
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Figure 10. Remoulded vane shear strength at Kaliwungu.

Figure 8. Shear strength at Kaliwungu test site.
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6 EMBANKMENT BEHAVIOUR
Typically embankments for road construction have
been built in a single stage, or uncontrolled with
delays during construction. Many failures have
occurred, though the height at failure has varied
considerably. Figure 12 shows a number of these
failures which are plotted against required shear
strength of the clay.
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Figure 12. Heights of failed embankments.

The range of required shear strength varies from 5
to 15 kN/m2 which is similar to the measured range
in near surface zone from peak to remoulded
strength. The height at which failure occurs therefore
appears to be related to the rate and method of
construction and the resulting degree of disturbance.
For 4 m final height embankments the short term,
undrained, settlement at the embankment formation
level has been found to be typically one to two
metres, which is broadly consistent with undrained
vertical strains predicted from finite element
analysis.
Side slope effects are rarely considered during
design. Typically side slopes of 1 in 1.5 are adopted,
but it is then common to steepen the slopes from
original design, when it is found there is insufficient
land. The consequences of steep slopes, often greater
than 1 in 1 and with masonry facing, can be seen on
Figure 13.
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Figure 13. Minimum embankment side slope for local stability.

These curves are based on a requirement for a
factor of safety of 1.1 and using plasticity solutions
(Jewell, 1987).
They demonstrate that 1 in 1.5 side slopes are
adequate for embankments up to 3 m height for the
soils commonly encountered in the Java coastal
plain. However, where no stiffer surface layer exists,
as may be expected in the extreme coastal margins
where fish farming is generally undertaken, then
such slopes will suffer local failures if the
embankment is not flattened. Such failures have
been seen during construction, and also as distress to
road shoulders after completion of construction.
Some projects have adopted additional measures
to control ground movements. The most reliable and
proven system is a piled concrete raft but the costs of
this method are high.
Vertical drains have been used on a number of
projects with reported success, with stage
construction and strength gain thus allowing higher
embankments to be constructed. Tri Indijono (1999)
reports on trial embankments using vertical drains at
Surabaya.
Trials have also been undertaken of a combined
shallow treatment using proprietary materials and a
piling solution (Hiroo, 2000).
Other forms of ground treatment used elsewhere
in the world have generally not been adopted as there
is understandably a reluctance to experiment with
unfamiliar systems on construction projects.
7 BRIDGE APPROACHES
Embankments forming road bridge approaches are
generally the highest on a project. It is therefore
unsurprising that many of the failures have occurred
in these sections.
However, as well as the normal lateral stability of
the embankment, at bridge locations the longitudinal
stability must also be considered.
It has long been recognised that bridge approach
embankments will apply additional loads on piles of
bridge abutments. A simple means of calculating
these additional loads was developed by De Beer &
Wallays (1972), and a study of different methods by
Tan (1988) showed that this method gives realistic
results.
De Beer and Wallays limited their method to
cases where the embankment has a factor of safety
greater than 1.4. For lower factors of safety a much
higher pile loading was predicted. Stewart et al.
(1994) undertook centrifuge tests which showed that
moments in piles increase rapidly once the factor of
safety falls below about 1.7, and deflections become
large.
Poulos (1996) suggested that the deflections were
overestimated, as in the centrifuge tests the piles had
been installed before the embankment was
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constructed whereas in practice the construction is
normally the other way round. However in the
authors’ experience in Indonesia piles are normally
installed before the embankment is constructed, and
therefore the centrifuge test results are quite relevant.
Failure to provide an adequate factor of safety for
the embankment at bridge locations normally
becomes clear in one of two ways:
a. The toe of the abutment moves forward,
sometimes catastrophically with failure of the
piles.
b. The top of the abutment moves forward. Since
many bridges are constructed using precast
girders, and a stop end is provided to control
movement during earthquake, the amount of
movement is quite small; usually less than 20
mm. The abutment then becomes propped by the
girders and spalling can sometimes be seen.
In the second case the bridge still appears
serviceable, but its life may be shortened, and as a
result of the additional loads on the piles its ability to
withstand design earthquake loads must be
diminished.
8 ONGOING RESEARCH
The authors are currently involved in a project being
undertaken by Institute of Road Engineering,
Bandung.
This project, funded by a World Bank loan, aims
to collect together information on the soft soils of
Indonesia and to gather new information from a
number of trial sites.
The results of the research are to be published as
a number of Geoguides providing practical advice on
the investigation, design and construction of roads
on soft soils. These guides will be completed in
2001.
The authors welcome any comments and
feedback from practitioners experienced in
Indonesian soft soils and can be contacted at:
Tony Barry
tbarry@evalueco.com
Alan Rachlan wspint@rad.net.id
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ABSTRACT: The flat dilatometer test (flat DMT) has been known as an in situ testing method which is
simple and robust to use, and reliable for site stratification and evaluation of soil properties. It was designed
and proposed by Marchetti in 1975 to characterize the properties of soils. There are many researches that have
been done to evaluate the horizontal coefficient of consolidation from the dissipation test results of flat DMT
on normally consolidated and slightly overconsolidated clays. The representative estimation methods of
estimating the horizontal consolidation coefficient are DMTC method which uses a C-reading dissipation
curve and DMTA method which uses an A-reading dissipation curve. This paper represents a comparison
analysis of those two methods in obtaining horizontal coefficients of consolidation for Korean marine clays.
The reference values are also obtained by piezocone tests (CPTU) and laboratory tests. Based on the
comparison analysis results, the applicability of using flat DMT to characterize the consolidation behavior for
Korean marine clays is reviewed. According to the results, DMTA method is not suitable for Korean silty clay
possibly because of the compressibility characteristics. As for the normally consolidated and slightly
overconsolidated clays, the results obtained from two methods are comparable with each other as well as with
the laboratory results.
1 GENERAL INSTRUCTIONS
In situ dissipation tests are increasingly conducted in
recent years to evaluate a horizontal coefficient of
consolidation (ch) of soft clay layer. Nevertheless,
the dissipation tests by flat Dilatometer have not
been carried out so frequently. Some researchers
have proposed empirical analysis procedures to
interpret the dissipation curve obtained from the flat
DMT test. Even though it does not have a porous
element for measuring the dissipation characteristics
of excess pore water pressure induced by the
penetration of Dilatometer blade, it has some
advantages over piezocone test.
The most favorable aspect of flat DMT
dissipation test is believed to be the absence of
problems concerning the filter element such as
smearing, loss of saturation, clogging, etc. Besides,
the horizontal coefficient of consolidation obtained
by flat DMT is the representative of an average value
of steel membrane contact areas (radius = 60 mm),
while the piezocone measures the dissipation of pore
pressure through the very narrow 5 mm band
element.
However, DMT methods empirically use
theoretical solutions developed for the piezocone

dissipation analysis. The proposed three methods are
two DMTC methods [p2-log t method proposed by
Robertson et al. (1988) and C-t method suggested
by Schmertmann (1988)] and one DMTA method
developed by Marchetti & Totani (1989).
The in situ determination of horizontal coefficient
of consolidation by Piezocone dissipation test has
been studied from the early 1970s’. A number of
researchers have proposed several available
theoretical time factors since then. Now, it has been
well known that the ch obtained from CPTU
dissipation test relatively well represents the in situ
consolidation characteristics than that determined by
laboratory tests.
Among those theoretical solutions for the CPTU
dissipation analysis, Torstensson’s solution (1977)
and Gupta’s solution (1983) have been used to
interpret the dissipation characteristics of flat DMT
in p2-log t method and C-t method, respectively.
Totani et al. (1998) compared the coefficient of
consolidation results obtained by DMTC (especially
p2-log t method) and DMTA dissipation tests with
the laboratory results. They pointed out that it is not
possible to comparatively evaluate the quality of two
methods. Therefore, the validity of those methods
has to be verified before use under the specific
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national site characteristics. In addition, as for a
reference value in the comparison, in situ horizontal
coefficients of consolidation are more appropriate
than those values obtained from laboratory test.
To confirm the validity of the proposed flat DMT
dissipation methods for Korean clays and silty soils,
flat DMT dissipation tests were carried out in YangSan clay site and in Young-Jong International
Airport silty soil site. For the sake of comparison,
horizontal coefficients of consolidation were
obtained from Piezocone dissipation tests at 10
points in the same site and at the same depth.
Possible undisturbed samples were obtained and
tested by triaxial, Oedometer and Rowe cell tests in
which the horizontal coefficient of consolidation
could be obtained. Basic soil characteristics tests
were also carried out.

suggested, so called A-deflating method, which only
A-reading should be taken, without performing the
expansion to get B-reading.
This method does not use a theoretical solution to
evaluate the ch as the DMTC method does. Equation
(2) was suggested by analyzing the available
database by Marchetti & Totani (1989).
c h,OC 

5 ~ 10 cm 2

(2)

t flex

where tflex = contra flexure point in the A-log t plot.
For an average estimation of ch,OC we can use
equation (3) (Marchetti, 1997).
c h,OC 

7 cm 2

(3)

t flex

2 INTERPRETATION METHODS FOR DMT
DISSIPATION TEST RESULTS

3 COMPARISON OF DISSIPATION RESULT

2.1 DMTC method

3.1 Yang-San site (Seong, 2000)

In this method, there are two types of interpretation.
One is the p2-log t method developed by Robertson
et al. (1988) and the other is the C-t method
suggested by Schmertmann (1988). This method
consists of stopping the blade at a given depth and
taking a sequence of readings A-B-C at different
times. The first method uses a dissipation curve of
p2, which is an adjusted C-reading for the membrane
stiffness, while the second uses the uncorrected Creading. The p2-log t method was developed upon
the basic fact that the value of p2 is essentially the
penetration pore pressure of DMT blade and the final
p2 value in a complete dissipation represents the
static pore pressure uo. This fact has been verified by
several researchers for NC and slightly OC clays.
The equation that is used for evaluating the ch in
both methods is

This site contains a relatively homogeneous uniform
clay deposit that is classified as CL or CH. Liquid
limit values range from 43.3 to 55.4 and plasticity
indices vary from 19.2 to 30.8. Undrained shear
strengths are in the range of 0.53~1.3 kg/cm2. DMT
penetration tests were conducted at three points, each
in two different depths (6 DMTA and 6 DMTC
dissipation tests at the same depth). For the sake of
comparison, 4 CPTU dissipation tests were also
carried out and undisturbed samples were obtained
from each boring hole for the laboratory tests.
The typical DMT penetration result is shown in
Figure 1. As shown in the material index profile, the
clay layer is pretty homogeneous just 2 m below the
ground surface.

ch 

R 2 .T50
t50

(1)

where R = 20.57 mm for the p2-log t method and
24.5 mm for the C-t method, T50 = theoretical time
factor of Torstensson (1977) for the p2-log t method
and that of Gupta (1983) for the C-t method and
t50 = elapsed time for 50% degree of dissipation.
Other difference in the two methods is in
selecting the elapsed time t50 for estimating the ch.
The p2-log t method uses log t plot, while the C-t
method uses t plot.
Figure 1. Typical DMT profile in Yang San site.

2.2 DMTA method
This method consists of stopping the blade at a given
depth, and taking a sequence of A-readings at
different times. Marchetti & Totani (1989)

Comparison of dissipation curves between Areadings and p2-readings is shown in Figure 2. All
static pore pressures were linearly calculated from
the ground water level. Most p2-readings converge to
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static pore pressure values as Robertson et al. (1988)
assumed. The dissipation curves were normalized by
the calculated static pore pressure to obtain a t50
value in the p2-log t method. Then a theoretical
solution was chosen from the Torstensson’s solution
to estimate the value of ch with a rigidity index that
was appropriately obtained from triaxial test results.
The tflex value in DMTA method was selected as
Marchetti & Totani (1989) suggested.

Figure 3 shows a comparison result of horizontal
coefficients of consolidation that were obtained from
various methods. The x-axis refers to the ch values
calculated by the p2-log t method. All estimated
values are almost same or slightly larger than those
obtained by the p2-log t method. Among them,
results obtained by p2-log t and DMTA methods
coincide well with each other on the 1:1 line. Values
estimated from the C-t method are little larger than
those obtained by the other DMT analysis methods,
except the results presented within the upper right
dot-circle.

Figure 3. Comparison of ch values obtained by various methods
(Yang-San site).

Figure 2. Comparison of DMTA and p2-log t dissipation
curves.

The results obtained from CPTU and Oedometer
tests are also relatively well matched. The ch values
for the Oedometer test were calibrated by the cv
values with the relationship of ch/cv = 3 (Kim et al.,
1997). This seems appropriate as shown in Figure 3.
According to Robertson et al. (1988), the value of
ch estimated by DMT methods tends to be smaller
than that obtained by the CPTU due to the plane
strain condition around the DMT blade in the
generation and dissipation of excess pore pressure.
This trend also can be found in Figure 3, even
though the magnitude in the differences is not so
large.
Totani et al. (1998) tried to find out any
relationship between tflex (DMTA) and t50 (DMTC)
and suggested that t50 (DMTC) 2tflex (DMTA). In this
study, we also tried to check whether the relationship
is appropriate or not as shown in Table 1. According
to the results, most DMTA tflex values normalized by
values of t50 estimated by the p2-log t method are
greater than 1.0. Moreover, most tflex values are even
two times greater than those obtained by the C-t
method. Therefore it seems that the DMTA method
does not have superiority in saving test time.
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Table 1. Comparison between the normalized elapsed time to
estimate cy with t50 of p2-log t method.
Point
YS-1(15M)
YS-1(18M)
YS-2(12M)
YS-2(15M)
YS-3(19M)
YS-3(24M)

C-t
0.55
0.68
0.51
0.63
0.45
0.58

P2-log t
1
1
1
1
1
1

DMTA
1.08
1.43
0.98
2.05
1.11
1.25

CPTU
0.26
0.21
1.07
0.74

were simply calculated on the basis of the ground
water level. Most p2-readings converged to the static
pore pressure just as in the Yang-San site.
The dissipation curves were normalized by the
calculated static pore pressure and the Torstensson’s
theoretical solution was chosen with a rigidity index
that was obtained from the results of triaxial tests.

3.2 Young-Jong Island site (Seong, 2000)
The test site is located in the 2nd step Young-Jong
international airport construction area. Soils are
classified as homogeneous low plasticity silt, ML
and clay, CL in some place as shown in Figure 4.
Liquid limits are from 28.4 to 31.9 and plasticity
index ranges from 5.4 to 10.4. Undrained shear
strength is about 0.4kg/cm2. The DMT penetration
tests were conducted at six different points and both
DMTA and DMTC dissipation tests per one point
were carried out at the same 10 m depth where the
soil is classified as silt. For the sake of comparison,
6 piezocone dissipation and Rowe cell tests in which
in situ horizontal coefficient of consolidation can be
determined with high quality samples were also
carried out at the same depth.

Figure 5. P2-log t dissipation test result

Figure 6 shows a comparison result of horizontal
coefficients of consolidation that were obtained from
various methods. The x-axis also refers to the ch
values obtained from the p2-log t method. The values
obtained from Oedometer and Rowe cell tests are in
the same trend and they do not definitely vary even
though the value of ch obtained from the p2-log t
method increases. Considering that undisturbed
sampling is relatively difficult for the silty site, those
values represent consistent results showing good
quality of samples.

Figure 4. Typical DMT profile of Young-Jong Island site.

Generally, all the proposed DMT dissipation
interpretation methods are recommended to be used
in clay site. In this site, DMTA dissipation tests were
also conducted several times with varying the test
conditions. However, because of the compressibility
characteristics of the deposit, the dissipation test
results showed that the DMTA method cannot be
applicable to this site.
The typical penetration results are shown in
Figure 4, and all DMTC (p2-log t method) measurements are shown in Figure 5.
As shown in Figure 5, dissipation curves are not
general S-type curves due to permeable
characteristics of the soil. The static pore pressures

Figure 6. Comparison of ch value obtained by various method
(Young-Jong Island site).
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Except the values of ch obtained from the C-t
method as shown in the dotted-circle, Rowe cell test
gives a little larger values and Oedometer test gives
the smallest values. Since the dissipation curves are
not a typical S-type curve in this silty site, the C-t
method inevitably gives the smallest value of t50 in
the t-time axis. However, since this kind of trend
was also shown in the clay site as shown in Figure 3,
further researches are needed to apply the C-t
method for both clay and silt sites in Korea.
In the meanwhile, the results obtained by the p2log t and CPTU methods coincide well with each
other on the 1:1 line. In spite of the limited data, it
can be carefully concluded that the p2-log t method
that is recommended for clayey soil (ID  0.6, KD 
5.0; Robertson et al., 1988) can also be applicable
for silty soil deposits in Korea.
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4 CONCLUSIONS
The DMTA method could be applicable to Korean
clay deposit even though it was proposed only based
on the results obtained from Italian clay. However,
we failed applying the method to silty soils even
though we tested several times with varying test
conditions. A further study is needed for verifying
the applicability of the method. The relationship of
t50 (DMTC)  2tflex (DMTA) was not also verified
for Korean clays.
The p2-log t method brought out consistently
good results in silty soil as well as in clayey soils.
Based on a limited number of data, it can be
carefully concluded that the p2-log t method is
applicable for Korean clayey and silty soil deposits.
The C-t method gives strangely large values for
the silty soil. Since the dissipation curves are not a
general S-type curve in the silty site, it inevitably
gives the smallest value of t50 in the t-time axis.
However, this kind of trend was also found in the
clay site. Further researches are needed for the C-t
method.
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ABSTRACT: The value of theoretical time factors that have been used to determine a coefficient of
consolidation from CPTU dissipation test is considerably dependent on assumptions and used methods, even
for a specific degree of dissipation and rigidity index of the soil, Most coefficient of consolidation determined
by recently used methods also makes the predicted dissipation curve match only at 50% degree of dissipation
of the measured dissipation curve because those values were determined using measurement data at 50%
degree of dissipation. Therefore, it inevitably overestimates (or underestimates) the long-term pore pressure
dissipation behavior of in situ soft deposits. In this paper, a method is recommended to determine a consistent
coefficient of consolidation through whole degree of dissipation by applying the concept of an optimum
design technique. Then, a long-term dissipation behavior is also predicted using the optimized coefficient of
consolidation and compared with the measured dissipation curve. By analyzing examples of dissipation test, it
was found that the recommended method gives a more consistent coefficient of consolidation than those
determined by other researchers’ methods over the whole range of dissipation, especially in high degree of
dissipation. Furthermore the optimized coefficient of consolidation makes the predicted dissipation curve well
match to the measured dissipation curve over the wide range of dissipation, irrespective of input degree of
dissipation, so that we can consistently predict the long-term behavior of pore water pressures.
1 INTRODUCTION

estimated by using the following equation.

1.1 Available theoretical time factor

ch 

There are several methods available for predicting
relationship between the normalized excess pore
pressures and time factor T from a piezocone
dissipation test. Table 1 presents a summary of
available theoretical solutions and assumptions used
by researchers in developing their methods.
Table 1. Summary of available theoretical solutions for time
factor T.
Researcher

Theory Involved

Torstensson

Cavity expansion theory
Isotropic, elastic-perfectly plastic material
Linear uncoupled 1D consolidation
Levadoux &
Strain path method
Baligh (1986)
Linear isotropic materials
2D uncoupled consolidation
Teh & Houlsby Strain path method, Large strain FEM
(1991)
Uncoupled Terzaghi-Rendulic consolidation
theory
Modified time factor T* including IR

With those theoretical time factors listed in
Table 1, coefficient of consolidation has been

T r02
t

(1)

where ch = horizontal coefficient of consolidation;
T = theoretical time factor; r0 = radius of cone;
t = elapsed time to reach a certain degree of
dissipation.
1.2 Comparison of theoretical time factors
Comparison of time factors predicted by those
models is shown in Figure 1. In the figure the
rigidity index IR was assumed 100, except Baligh &
Levadoux’s solution, which is developed for
IR = 500.
It is evident that the variation in theoretical time
factors is almost one order of magnitude, even for a
specific rigidity index, depending on the location of
the measurement position on the cone and the
assumptions. The choice of the most appropriate
model from Table 1 is somewhat arbitrary and
difficult; hence there must be some differences in the
coefficient of consolidation obtained from the same
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dissipation test results.
In the meanwhile, there have been some attempts
to estimate the coefficient of consolidation using
iterative methods (Battaglio et al., 1981; Kim et al.,
1997; Burn & Mayne, 1998; Rust & Clayton, 1999).
In those methods, they iteratively modeled the
generation and dissipation of initial pore pressures
around the cone instead of using the theoretical time
factor listed in Table 1 to estimate the coefficient of
consolidation or static pore pressures.

optimized coefficient of consolidation is basically
obtained after several iterations, the governing
equation is solved by FDM to save time during the
time consuming iterations (Kim et al., 1997).
2.2 Optimization technique
In this recommended method, a direct method that
determines unknown sail parameters by minimizing
the objective function defined as the sum of squares
of differences between calculated and measured
quantities (Eqn. 2) is adopted. It is implemented in
the program that can simulate the penetration
process of the piezocone and the linear-uncoupled
consolidation process to get a consistent and reliable
coefficient of consolidation.
f (x) 

 u

ntime

n

U n



2

(2)

n 1

Figure 1. Comparison of theoretical time factors.

2 OPTIMIZED COEFFICIENT OF
CONSOLIDATION
A recommended method that is introduced in this
paper can be classified as one of the iterative
methods. However, it was proved an effective
method, which uses an optimization technique,
instead of an arbitrary iteration method (Kim et al.,
1997).
2.1 Generation and dissipation of excess pore
pressure around the cone
Based on research results obtained by Gupta (1983),
Gupta & Davidson (1986), assuming that as the cone
advances, it produces a series of successive spherical
cavity expansions in its immediate vicinity,
developed a new method for predicting initial excess
pore pressure distribution around the piezocone
caused by the penetration process. The same
technique was used in this paper to obtain initial
excess pore pressure distribution around the cone for
the cone tip pore pressure measurement system It
was slightly modified for the behind the cane tip
pore pressure measurement system.
For the dissipation modeling, axisymmetric linear
uncoupled consolidation theory was used. Since the

where ntime = number of measuring time steps;
un = calculated pore pressure at time n;
Un = measured pore pressure at time n; x = vector of
design variables.
Based on a simple sensitivity analysis and
research results (Gupta, 1983; Randolph et al., 1979;
Robertson & Campanella, 1983), it was concluded
that coefficients of consolidation are not very
sensitive to rigidity index IR and pore pressure
parameter Af. Therefore, vertical and horizontal
coefficients of consolidation have been selected as
design variables (Eqn. 3).
x = (cv, ch)

(3)

To solve the formulated unconstrained
optimization problem, BFGS technique (Arora,
1989), which is the most popular and has been
proven to be the most effective in application to
unconstrained optimization problems, was used.
During optimization procedures, the golden section
method was employed for the one dimensional
search algorithm (Arora, 1989). The gradient vector
of the objective function was calculated by the finite
difference scheme because of the highly implicit
nature of the objective function.
3 EXAMPLE ANALYSIS
3.1 Miniature piezocone test carried out in
calibration chamber
3.1.1 Estimation of coefficient of consolidation
Among the research results that were carried out at
LSU (Kurup et al. 1994), the case for specimen 1
was selected as an example problem here, since the
specimen 1 was normally consolidated under the
condition of the two-stage consolidation technique,
as shown in Table 2.
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Table 2. Reference parameters of specimen 1.
Parameters

Input value

Weight ratio of
soil mixtures
Consolidation
stress
OCR
Su
Af
Rigidity index IR
ch (x10-3 cm2/s)

Kaolinite (50%) + sand (50%)
138 kPa (slurry stage)
207 kPa (reconsolidation stage)
1
60 kPa
1.1
267
14.1 (loading case)
78.8 (reloading case)

Table 3 compares the estimated coefficient of
consolidation with those of other researchers. As
shown in Table 3, we cannot find any advantages of
this technique over the others’. However,
coefficients of consolidation, which were determined
by other methods, do not properly predict the
measured dissipation behavior. The advantage of the
optimized coefficient of consolidation will be
discussed in the following section 3.1.2

Figure 2. Comparison of measured and back-calculated
dissipation curves.

Table 3. Comparison of ch with other researchers’ results
Lab.
ch
14.1

Horizontal coefficient of consolidation (10-3 cm2/s)
This
Levadoux
Teh &
Torstensson
method
& Baligh
Houlsby
6.99
5.82
7.18
2.18

3.1.2 Prediction of long-term pore pressure
dissipation behavior
Most researchers recommended the use of time at the
50% degree of dissipation (t50) for estimating the
coefficient of consolidation from the piezocone
dissipation test results to avoid scattering and
inconsistency in the results. Nevertheless, there exist
an apparent difference and inconsistency between
the measured and back-calculated pore pressures
dissipation behavior as shown in Figure 2.
According to the results of Figure 2, most
researchers’ results match only at 50% degree of
consolidation to the measured curve, while the
prediction of Kim et al. (1997) matches well over
almost whole dissipation range. It shows the superior
capability that the optimized coefficient of
consolidation can be used to predict the pore
pressure dissipation behavior at high degree of
dissipation.
3.1.3 Consistency of the optimized coefficients of
consolidation
In order to compare the consistency of the results
obtained by different methods with respect to the
degree of dissipation at which those coefficients of
consolidation were determined, coefficients of
consolidation were plotted at various degrees of
dissipation stages as shown in Figure 3.

Figure 3. Coefficients of consolidation determined at various
degrees dissipation stages.

They were normalized by the coefficient of
consolidation determined at 50% degree of
dissipation, which is commonly used for dissipation
data. Even though the magnitude of difference in all
methods are not the same, coefficients of
consolidation estimated at 20 or 30% degree of
dissipation data are more than two times greater than
that of 50% degree of dissipation data. Peculiarly,
the coefficient of consolidation determined by Teh
and Houlsby’s solution increases almost linearly
from 20% to 80% degree of dissipation. Such an
inconsistency of the coefficient of consolidation
according to the various degrees of dissipation data
indicates that the interpretation methods are not
practically applicable due mainly to inappropriate
initial distribution of excess pore pressures,
significant coupling effects, creep effects, or other
factors (Levadoux & Baligh, 1986).
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However, the optimized coefficients of
consolidation are more consistent, irrespective of the
input degree of dissipation. We can also see the
convergent trend of the optimized values beyond the
50% degree of dissipation, while the values of other
researcher’s beyond 50% degree of dissipation
diverge or oscillate. This recommends that about 4050% input degree of dissipation data are enough to
obtain a converged coefficient of consolidation. That
means, even if it is not possible to conduct a
dissipation test for enough time due to low
permeability, time restriction, or in situ
circumstances, the proposed technique can result in a
reliable and consistent coefficient of consolidation
for the site with such short-term dissipation data.
3.2 Kwang-yang site in Korea
The test site is located in southern coastal region of
Korea and contains a N.C. or slightly O.C. clay
layer, which is about 15 m in thickness with sand
seams interbedded into the clay layer (Lee, 1997).

Figure 4. Comparison of long-term dissipation behavior for
Kwang-yang site (Depth = 6.3 m).

3.2.1 Estimation of coefficient of consolidation
Input parameters used in the analysis are shown in
Table 4 and the optimized horizontal coefficients of
consolidation are listed in Table 5 with laboratory
oedometer test results.
The optimized coefficients of consolidation
determined with around 50% input degree of
dissipation data agreed well with those obtained by
oedometer tests.
Table 4. Input parameters for Kwang-yang site.
Site
Kwang-yang

Su (kg/cm2)

Eu (kg/cm2)

IR

Af

0.257

53.97

70

0.9

Table 5. Comparisons of optimized horizontal coefficients of
consolidation with oedometer test results
ch (x10-3cm2/s)
ch (x10-3cm2/s)
Site
(Optimized Results)
(Oedometer)*
2.98 (Depth = 6.3 m)
Kwang-yang
1.9~2.9
4.73 (Depth = 7.4 m)
* ch/cv = 2 ~ 3: Obtained from laboratory test.

3.2.2 Prediction of long-term pore pressure
dissipation behavior
Excess pore pressure dissipation behavior is also
well predicted over the whole dissipation range as
shown in Figures 4 and 5, as expected. Nonetheless,
time required to well predict almost 90% degree of
dissipation behavior with the optimized coefficient
of consolidation are only one-seventh and one-fifth
of time that is required to measure in the field. The
ratio decreases substantially even to as small as onefourteenth for the case of dissipation test carried out
in clayey soil (Kim A Lee, in press).

Figure 5. Comparison of long-term dissipation behavior for
Kwang-yang site (Depth = 7.4 m).

4 CONCLUSIONS
The optimized coefficient of consolidation
determined by a short-term piezocone dissipation
test shows a consistency in estimating the coefficient
of consolidation through the whole degree of
dissipation phase. Based on the results, predictions
of long-term pore pressure dissipation behavior were
carried out.
According to real example analyses, even though
an axisymmetric uncoupled linear consolidation
theory is used, the optimized coefficient of
consolidation provides a good agreement in the
measured and predicted excess pore pressures over
the whole range of dissipation.
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Furthermore, the time required to predict the
long-term dissipation behavior is only about onefifth in silty soils compared with real test time
required in the field as shown for the Kwang-yang
site. The ratio decreases substantially even to as s as
one-fourteenth for the case of dissipation test carried
out in clayey soil. Therefore, it is expected that the
recommended method not only gives a reliable and
consistent coefficient of consolidation but also saves
time and expenses in conducting dissipation tests.
REFERENCES
Arora, J.S. 1989. Introduction of Optimum Design. McGrawHill Series.
Baligh, M.M. & Levadoux, J.N. 1980. Pore pressure
dissipation after cone penetration. Report R.80-1: 367pp.
MIT, Dept. of Civil Engineering, Cambridge, MA.
Battaglio, M., Jamiolkowski, M., Lancellotta, R., Maniscalco,
R. 1981. Piezometer probe test in cohesive deposits.
ESOPT: 264-296.
Burn, S.E. & Mayne, P.W. 1998. Penetrometers for soil
permeability and chemical detection. Report No. GITCEEGEO-P8-1: 144. School of civil and environmental
engineering, Georgia Institute of Technology.
Gupta, R.C. & Davidson, J.L. 1986. Piezoprobe determination
coefficient of consolidation. Soil and Foundations, Vol. 26,
No. 3: 12-22.
Gupta, R.C. 1983. Determination of the in situ coefficient of
consolidation and permeability of submerged soil using
electrical piezoprobe sounding. Ph.D. Dissertation. Univ. of
Florida.
Kim, Y.S., Lee, S.R., & Kim, Y.T. 1997. Application of an
optimization design technique for determining the
coefficient of consolidation by using piezocone test data.
Computers and Geotechnics, Vol. 21, No. 4: 277-293.
Kim, Y.S. & Lee, S.R. 2000. Prediction of long-term pore
pressure dissipation behavior by short-term piezocone
dissipation test. Computers and Geotechnics, in press.
Kurup, P.U., Voyiadjis, G.Z. & Tumay, M.T. 1994. Calibration
chamber studies of piezocone test in cohesive soils. J. of
Geotechnical engineering, ASCE, Vol. 120, No. 1, January.
Lee, S.J. 1997. Estimation of geotechnical properties from
piezocone penetration test in South Korea. Ph.D.
Dissertation: p157 (in Korean). Seoul National University.
Levadoux, J.N. & Baligh, M.M. 1986. Consolidation after
undrained piezocone penetration II: Interpretation. J. of
Geotechnical engineering, ASCE, Vol. 112, No. 7: 727745.
Randolph, M.F., Carter, J.P. & Wroth, C.P. 1979. Driven piles
in clay - the effect of installation and subsequent
consolidation. Geotechnique 29, No. 4: 361-393.
Robertson, P.K. & Campanella, R.G. 1983. Interpretation of
cone penetration tests: clay. Can. Geotech. J. 20: 734-745.
Rust, E. & Clayton, C.R.I. 1999. Interpretation of incomplete
dissipation data from piezocone tests. Proceedings of
Institutions of Civil Engineers-Geotechnical Engineering,
Vol. 137, April: 97 - 103.
Teh, C.I. & Houlsby, G.T. 1991. An analytical study of cone
penetrometer test in clay. Geotechnique, Vol. 41, No. 1: 1734.
Torstensson, B.A. 1975. The pore pressure sounding
equipment. ASCE Specialty Conference on In situ
Measurement of Soil Properties, Raleigh, NC: 48-55.
421

422

International Conference on Insitu Measurement of Soil Properties and Case Histories, Bali 2001, ISBN 979-95267-4-4

Consolidation of a soft clay deposits with vertical drains at Salgado
Filho International Airport
Diego Cosme Nacci
Graduate Student, Federal University of Rio Grande do Sul

Fernando Schnaid
Associate Professor, Federal University of Rio Grande do Sul

ABSTRACT: This paper aims to study the geotechnical performance of an embankment built over a soft clay
deposit at the new Salgado Filho International Airport in the city of Porto Alegre, southern Brazil. The
construction operation started in middle 1997 and was completed in March 2000. In order to accelerate the
consolidation process, geotextile drains were installed in the area together with a temporary surcharge.
Construction was preceded by a comprehensive site investigation comprising both laboratory and in situ
testing, and was followed by the installation of field instrumentation with settlement plates and piezometers.
A careful interpretation of measured data is presented here on the basis of comparisons between measured and
predicted behavior. In particular, design constitutive parameters were compared to values back calculated
from field settlement data .he analysis and monitoring of the embankment indicate that design methods
reproduced essential features of the consolidation process and that the performance of the drains in the
compressible layer was considered adequate.
1 INTRODUCTION
In the past two years, new facilities have been built
at the Salgado Filho International Airport including a
new passengers’ terminal, aircraft parking area,
taxiway and a parking lot, as well as an entirely new
access motorway. The aircraft parking area, an earthfill embankment, was built on an 8 m thick soft clay
layer overlain a sand deposit. Geotextile drains were
installed in this area together with a temporary
surcharge designed to accelerate settlements and to
produce an over-consolidation compatible to
transitory and accidental loads, as well as secondary
settlements.
Construction instrumentation consisted of
settlement plates and piezometers monitored over a
period of 18 months. This paper presents an analysis
of settlements that made possible (a) to evaluate the
efficiency of geotextile drains, (b) to check the
reliability of assessing representative design
parameters and (c) to verify the accuracy of design
methods.
2 EMBANKMENT ON SOFT CLAY
A general view of the airport area is presented in
Figure 1, in which the new passengers’ terminal (PT)
and the new aircraft parking area are represented.

Figure 1. General view of the airport area.

A comprehensive geotechnical investigation was
carried out at the site comprising in situ tests (SPT,
piezocone, vane, pressuremeter, electrical resistivity
and geo-radar) and laboratory tests (characterisation,
oedometer and triaxial tests). Figure 2 shows a
typical SPT and CPTU profile and results from soil
characterisation and soil parameters. The profile
reveals an approximately 8 m thick soft clay layer
overlain a sand deposit. Near the surface there is an
over-consolidated crust within the depth affected by
seasonal variations of the water table. The
hydrostatic pore-pressure is in accordance with the
regional water level (near the surface), without
artesian indication.
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Figure 2. Typical SPT and CPTU profiles and characterisation parameters.

Figure 3. Cross-section of the embankment.

A cross-section parallel to the new terminal in
Figure 3 shows the thickness of the embankment and
the presence of a 0.5 m thick horizontal sandy layer
built to drain the water collected by the vertical
geotextile drains. The embankment is divided in a 2
m temporary surcharge layer placed at the top of a
compacted clay layer with average thickness of
about 1.5 m. The drain distribution in the parking
area is illustrated in Figure 4, in which it is possible
to identify a section designed to receive rigid
pavement slabs that is treated with closely spaced
vertical drains. As shown in the figure, four different
positions have been instrumented – two reading
stations were used to monitored the consolidation

process in the triangular 2.26 m spacing grid of
vertical drains (H19 and H22), one station monitored
a quadrangular 2.5 m grid of vertical drains (H27)
and the fourth station monitored the one dimensional
consolidation process in a section without any drains
(H28).
3 DESIGN CONSIDERATIONS
The relative homogeneous clay foundation suggests
that analytical solutions might be considered as
appropriate in describing the consolidation process.
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Table 1. Constitutive parameters adopted for Class A prediction
of settlements.
Parameter /
depths
Crust
Upper half of
the clay layer
Lower half of
the clay layer

Cv
Ch
(10-8 m2/s)
30
4

Cc

Ccr

-

0.073

’vm
(kPa)
-

1.4

0.073

92

0.84

0.12

60

8

4 FIELD MEASUREMENTS

Figure 4. Drain distribution in the parking area.

Special attention was given to predictions of
design parameters representative of field conditions
and in particular to the assessment of the variation of
the pre-consolidation pressure ’vm with depth. A
summary of the constitutive parameters adopted for
Class A predictions of the magnitude of settlements
and the evolution of settlements with time is given in
Table 1. Note that the crust was considered as preconsolidated over the whole consolidation process,
which implies on adopting only the re-compression
parameter (Ccr) on the numerical calculation.
The magnitude of settlements was estimated as
0.35, 0.51, 0.53 and 0.54 m at boreholes H19, H22,
H27 and H28, respectively.

Settlements were measured using 500 mm square
plates installed at the compacted fill-clay interface.
Landfill height and variations on the magnitude of
settlements with time are shown in Figure 5 for all
four instrumented boreholes.
The final settlements were computed on the basis
of the surface settlements using Asaoka’s method
(Asaoka, 1978). A comparison between predicted
and measured settlements is presented in Figure 6;
relative differences are lower than 10% for the three
boreholes positioned in areas treated with vertical
drains. This comparison accounts for predictions of
primary consolidation only, which suggests that the
secondary stage of consolidations was negligible in
these 18 months due to the acceleration of
settlements by vertical drains.

Figure 5. Settlements measured in the instrumented boreholes.
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degree took into account the smear resulting from
the installation of the drains and the vertical drainage
parallel to the radial drainage. Table 2 summarises
the values of Ch obtained from this approach. Scatter
on Ch is not significant despite differences in drain
spacing suggesting again certain, homogeneity in the
macro-structure of the clay layer. An average value
of Ch of the order of 910-8 m2/s was considered
representative of field conditions.
Table 2. Ch from back analysis.
Magnan and Deroy
Figure 6. Comparison between predicted and back-calculated
settlements.

Settlements at borehole H28 were largely underpredicted by Asaoka’s method, however. Since there
are no drains at this location, the degree of
consolidation is of the order of 40% after 600 days,
in comparison to 80 to 90% at the other three
boreholes. Lower degrees of consolidation introduce
uncertainties when extrapolating data to a reference
final value. As a general recommendation, a degree
of consolidation greater than 60% is required to
produce accurate predictions from Asaoka’s method
(e.g. Magnan & Mieussens, 1980).
Computed and measured curves relating the
variation of settlement with time are shown in
Figure 7, indicating a general good agreement
between prediction and measurements. This
agreement indicates that the proposed approach,
(consolidation and compressibility parameters and
theoretical model applied) is consistent. Predictions
of initial settlement rates are slightly greater than
measured ones for sections 22 and 27. An average
coefficient of consolidation can be estimated from
these settlement records using the method of Asaoka
(1978), modified by Magnan & Deroy (1980). The
time interval adopted in this analysis is 30 days.
Horizontal consolidation coefficients obtained from
settlement analyses to a 90% average consolidation

-8

2

Ch (10 m /s)

H19

H22

H27

Average

8.55

7.74

10.67

8.98

A classical one dimensional consolidation
analysis was carried out to curve fitting measured
settlement versus time data at borehole H28, for
which an average Cv = 610-8 m2/s was obtained.
Casagrande piezometers were used to monitor the
excess pore water pressure Au at three different
depths within the soft clay layer, corresponding to
1/3, 1/2 and 2/3 of the layer thickness. However,
piezometers were installed only after the completion
of the compacted fill with the specific aim of
checking the final conditions of the consolidation
process. No attempt was made to back-analyse the
pore pressure measurements.
5 COEFFICIENT OF CONSOLIDATION
Selection of constitutive parameters is considered as
a key element in the prediction of a consolidation
process (e.g. Jamiolkowski et al., 1985). It is
therefore essential to compare values of the
coefficient of consolidation estimated from different
field and laboratory techniques, as well as to
evaluate their compatibility with values backcalculated from settlement data.

Figure 7. Computed and measured curves relating the variation of settlement with time.
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Figure 8. Comparison between consolidation parameters from laboratory tests, field tests and back analysis.

The coefficient of consolidation was first
determined by a series of oedometer tests carried out
under either vertical or radial drainage. Samples
were retrieved from 5” Shelby tubes. In parallel,
field dissipation tests from piezocone penetration
were interpreted in order to estimate the horizontal
coefficient of consolidation, Ch. Houlsby & Teh’s
method (1988) was adopted in the analysis with a
rigidity index of 100, as recommended by Schnaid et
al. (1997). Values of Ch evaluated from the
piezocone can be used in problems involving
horizontal flow in the over-consolidated range. An
appropriated value of Cv for normally consolidated
soil can be empirically obtained following.
Jamiolkowski et al. (1985). A comparison among
results with average Cv and Ch values from
laboratory oedometer tests, field piezocone tests and
values back-calculated from settlement data is
presented in Table 3 and Figure 8. Values from both
vertical drainage oedometer tests and piezocone
dissipation tests are of the same order of magnitude
as those obtained from back-analysis. Values of Ch
adopted in Class A predictions are in close
agreement with the average value obtained from
settlement data. However, Cv values adopted in
design are about 65% of the value estimated from
field settlement readings. On the other hand, Ch

values measured in radial drained oedometer tests
are much higher than field records.
Table 3. Consolidation parameters.
Test

Depth
(m)

Vertical
oedometer
test

3

Radial
oedometer
test

3

Dissipation
(CPTU)
Asaoka’s
method
Back-analysis
(H28)

5

5
3
4
5
All
layer
All
layer

NC
OC
NC
OC
NC
OC
NC
OC
OC
OC
OC

Cv
(10-8 m2/s)
Average
1.18
31.5
1.87
8
4
94.4
9.95
140.33
15
21
37.5

Ch
(10-8 m2/s)
Average
1.42
37.8
2.25
9.6
4.8
113.3
11.94
168.4
18
24.5
45

OC-NC

-

8.98

OC-NC

6

-

Range
of stress

6 CONCLUSIONS
An analysis of a consolidation process combining
vertical and radial flow in the soft clay deposit of the
Salgado Filho International Airport is reported in
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this paper. The analysis is based on classical
consolidation theories. Emphasis is given to the
assessment of constitutive parameters by combining
the measurements of both field and laboratory data
in order to ensure the quality of settlement
predictions.
A good agreement was generally obtained
between predictions and measurements for both the
final magnitude and the rate of settlements. The
horizontal coefficient of consolidation adopted in
Class A predictions is in close agreement with the
average value estimated from the back-analysis of
settlement data. A hypothesis is made that field
settlements are dominantly controlled by primary
consolidation due to the high rate of settlements
imposed by the presence of vertical geotextile drains
closely spaced. The value of Cv adopted in design to
model the one-dimensional consolidation process in
the area with no drains underestimates by about 50%
the average value obtained from back-analysis of
measured settlements.
As a final conclusion, the analysis and monitoring
of the embankment indicate that the performance of
the geotextile drains in the compressible layer was
considered adequate, reducing the time necessary to
withdraw the surcharge from about 100 months to 18
months.
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ABSTRACT:This paper describes the behaviour of soft clay foundation stabilised with vertical drains based
on a case history selected from Southeast Asia. Field behaviour of Muar clay foundation stabilised with
vertical drains is discussed. The analysis is based on a plane strain finite element model employing the
modified Cam-clay theory. The model incorporates smear effect and well resistance. The response of soft clay
in relation to the development of excess pore pressures, settlements and lateral displacements is analyzed
using a multi-drain finite element model, and the results are compared with the field measurements. The
inclusion of both smear and well resistance in the analysis provides a much better prediction of both
settlements and pore water pressures, although the lateral displacements are difficult to match accurately.
1 INTRODUCTION
On the Muar plain, a number of test embankments
were constructed by the Malaysian Highway
Authority, with various forms of ground
improvement techniques including vertical drains.
This study is concerned with the behaviour of one
such embankment.
The stability of embankment was analyzed using
the finite element code CRISP in conjunction with
other subroutines developed by the authors. In the
current study, the values of axisymmetric
permeability outside and inside the smear zone were
converted into equivalent plane strain parameters
using a methodology proposed by Indraratna &
Redana (1997). This equivalent two-dimensional
(2D) plane strain model in multi-drain finite element
analysis gives acceptable predictions of settlements,
pore pressure and lateral displacements. It is also
less time consuming than a true three dimensional
analysis dealing with a large number of vertical
drains which substantially affect the mesh
complexity and corresponding convergence. The
predicted numerical results are compared with the
obtained from conveniently located piezometers and
inclinometers.
2 EQUIVALENT PLANE STRAIN ANALYSIS
In the current analysis, the axi-symmetric system is
converted into an equivalent parallel drain wall by
adjusting the coefficient of permeability of soil, but

maintaining the same rate of consolidation (Fig. 1).
Assuming the plane strain cell to have a width of 2B,
the half width of the drain b w and the half width of
smear zone b s are taken to be the same as their
axisymmetric radii r w and r s respectively. Hence,
bw = rw : bs = rs

(1)

drain

rw
rs

l

smear
zone

bw
bs

R

D

a. Axisymmetric

l

B

2B

b. plane strain

Figure 1. Conversion of an axisymmetric unit cell into plane
strain (Indraratna & Redana, 1997).

Indraratna & Redana (1997) demonstrated that when
R = B in Figure 1, then the plane strain horizontal
permeability of smear zone, k hp is determined
using:
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Figure 2. Cross-section of test embankment and subsoil profile
of Muar Clay, Malaysia (Indraratna & Redana, 2000).
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The derivations of the above equations are given in
Appendix A.
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Time (days)

The behaviour of full-scale embankment with
vertical band drains, constructed by the Malaysian
Highway Authority on the Muar plane is analyzed
here. As shown in Figure 2, the subsoil consisted of
a weathered crust of about 2m above a 16.5m thick
layer of soft silty clay. This layer is underlain by a
thin layer of peat (0.3-0.5), followed by stiff sandy
clay, which extends to 22.5 m below the ground
level. The embankment was constructed to a 4.74 m
height in two stages over a period of four months
(Fig. 3). As shown in Figure 2, fifty five
prefabricated vertical drains (mandrel driven) were
installed in a triangular pattern at a spacing of 1.30
m. The equivalent radius of the drain, mandrel and
the smear zone are estimated to be: rw = 0.035 m, rm

500

Figure 3. Construction loading history of Muar clay
embankment.
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0.05 0.30 3.06 1.12 0.29

3 ANALYSIS OF MUAR CLAY
EMBANKMENT, MALAYSIA
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Figure 4. Sub soil profile, Cam clay parameters, and stress
conditions used in the numerical analysis, Maur clay, Malaysia
(Indraratna & Redana, 2000).

The Cam clay parameters and the effective in situ
stress variation for sub soils are given in Figure 4.
The parameters were obtained from several
laboratory tests namely, CK0U triaxial tests, standard
consolidation tests and triaxial stress path tests
(Ratnayake, 1991). Although a slight “underconsoli430
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small variation does not affect the analysis
significantly, in relation to the computed settlement
and pore pressure (Indraratna and Redana, 2000).
In the analysis, the clay layer is characterised by
drained conditions at both the upper and lower
boundaries due to the presence of silty sand
approaching a depth of 18 m. Incremental vertical
loading was applied to the upper boundary to
simulate embankment loading. The analysis was
carried out using the finite element code, CRISP
(Britto & Gunn, 1987) based on modified cam-clay
theory. Figure 6 shows the variation of predicted and

Settlement (cm)

dation” is noted at a depth of 6-8 m, which is
probably attributed to a small error underestimating
the value of pc at 6 m depth, the numerical analysis
is conducted assuming normally consolidated
conditions. For stage 1 loading, where the effective
preconsolidation pressure (pc) is not exceeded, the
reduced value of  may be used (oc = 0.16), while
the value of  follows the normally consolidated line
( = nc) when pc is exceeded (Fig. 4). The
horizontal permeability is considered to be about
1.75-2 times the vertical permeability, based on
laboratory tests (Indraratna et al. 1992). Equivalent
plane strain permeability was estimated based on the
derived equations.
The well resistance was included in the analysis
by introducing a vertical discharge capacity (qw), in
order to obtain the most realistic prediction of pore
water pressure. According to Rixner et al. (1986), a
perfect ideal drain should have a large qw under a
unit hydraulic gradient, generally exceeding 100
m3/year. However, if the well resistance affects the
drain this discharge value becomes significantly
smaller. This is because of the high entry resistance
related to long drains. In a finite element analysis,
very low values of qw can generate non-zero pore
pressures at the drain interface. A reduced discharge
capacity (qw) for this analysis is estimated to be
about 40 m3/year, based on several conventional
(axisymmetric) trials conducted for calibrating the
maximum settlement at the centreline.

60
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300
Time (days)

400

500

18 m
Drains; S=1.3 m
0m

43 m

130 m

Figure 5. Finite element mesh of the embankment, Maur clay,
Malaysia (Indraratna & Redana, 1999).

The finite element mesh of the embankment is
shown in Figure 5. The foundation is discretized into
linear strain quadrilateral (LSQ) elements. Three
node bar elements represent drain boundaries with
pore pressures nodes at the ends. The drains were
installed into a depth of 18 m at a spacing of 1.3 m.
A finer mesh was used for the PVD zone, so that
each drain element includes the smear zone on either
side of the drain. In theory, for a triangular drain
pattern, the drain spacing should be calculated
assuming 2B = 1.05S. But in this analysis, plane
strain mesh is designed by assuming 2B = S. This

Figure 6. Total settlements at the ground surface (a) and at a
5.5m below ground level (b) along the embankment centerline,
Maur clay (Indraratna & Redana, 1999).

measured values of settlement at the surface and at
5.5 m depth below ground level, along the centerline
of the embankment. As expected, perfect drain
condition excessively overpredicts the settlement.
The inclusion of smear in the analysis improves the
accuracy of the predictions. The consideration of
both smear and well resistance provides a very good
match with field measurements. However, the effect
of well resistance is not as significant as the smear
effect. The inclusion of smear and well resistance
slightly underestimates the settlements at 5.5 m
depth, especially beyond 300 days (Fig. 6.b). The
predicted surface settlement profile and the limited
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settlement-plate measurements are plotted in
Figure 7. Acceptable agreement between measured
and predicted values near the embankment centerline
is evident. Heave is also predicted beyond the toe,
which is about 42 m away from the centerline of the
embankment,
but
unfortunately,
no
field
measurements are available for comparison.
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Figure 7. Surface settlement profile after 400 days, Maur clay
embankment, Malaysia (Indraratna & Redana, 1999).

Depth (m)
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20

good agreement with the plane strain results is
obtained.
The variation of lateral deformation profiles at 44
and 294 days after loading is shown in Figure 9.
These measured and predicted values are associated
with the inclinometer installed 23 m from the
centerline of the embankment. The lateral
deformation profiles are well predicted when the
effects of smear and well resistance are included in
the analysis. In contrast, the lateral displacements
would have become several factors greater if the
drains had not been provided. Figure 9 verifies that
the provision of drains decreases the lateral
movement of the soft clay under embankment
loading.
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Figure 8. Variation of excess pore-water pressures at the
embankment centerline for pneumatic piezometer P6 at a depth
of 11.2 m below ground level (Indraratna & Redana, 2000)

The variation of predicted and measured excess
pore water pressures at the embankment centerline is
plotted in Figure 8. The field measurements and the
predicted values correspond to the pneumatic
piezometer P6 located at a depth of 11.2 m below the
ground surface. For comparison, the pore pressures
associated with the unstabilized soil (no drains) are
shown in the same figure. As observed previously,
the accuracy improves with the inclusion of smear
effect, up to stage 2 construction. However, the
prediction of post construction pore pressures can
only be improved slightly by including both smear
and well resistance. Again it is clear that the effect of
well resistance is not significant in comparison with
the smear effect. The conventional axisymmetric
theory (with smear) is plotted for comparison, and a

25
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200

300

400

500

L a te ra l d is p la c e m e n t (m m )

Figure 9. Lateral-displacement profiles at an inclinometer
installed 23m from the centerline of the Muar clay embankment
after 44days (a) and 294days (b) (Indraratna & Redana, 2000)

4 CONCLUSION
In this study, the performance of an embankment
constructed in Malaysia is analyzed using an
equivalent plane strain model, incorporating the
effects of both smear and well resistance. The
findings prove that the effect of smear improves the
settlement prediction significantly, although the pore
pressures and lateral displacements are difficult to
match accurately. The consideration of both smear
and well resistance provides a good match with field
measurements. However, it is found that the effect of
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well resistance is insignificant compared to the
smear effect. It may be concluded that accurate
prediction of lateral displacement requires careful
assessment of soil parameters and the discharge
capacity (qw) of drains. Drains having a small
discharge capacity will not only retard the pore water
pressure dissipation, but will also have little effect in
reducing lateral movements.
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In the above n = R/rw, where R is the radius of the
influence zone of the drain and rw is the radius of the
drain, rs is the radius of the smear and s = rs/rw, l is
the length of the drain having one-way drainage; z is
the depth of the drain under consideration; qw is the
discharge capacity of the drain; and kh and k h are
the coefficient of horizontal permeability outside and
inside the smear zone, respectively.
Indraratna and Redana (1997) showed that the
degree of consolidation at a depth z in plane strain
condition can be represented by:
U hp  1 
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where : u 0 : initial pore water pressure
u : pore pressure at time t
Thp : time factor in plane strain
and

k hp
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In the above, khp and k’hp are undisturbed horizontal
and corresponding smear zone permeabilities. The
algebraic expressions of ,  and  have been given
in the text (Eqns. - 2c). The terms B, bs and bw are
defined in Figure 1.
At each time step and at a given stress level, the
average degree of consolidation for both
axisymmetric (Uh) and equivalent plane strain (Uhp)
condition are made equal, and combining with the
original Hansbo theory (A.1), the time factor ratio is
defined by the following equation:
Thp
Th



k hp R 2  P

k h B2


(A5)

Indraratna and Redana(1997) demonstrated that
when R = B in Fig. 1, then the plane strain horizontal
permeability of smear zone, k’hp is solved using:

APPENDIX A
According to Hansbo(1981), for axisymmetric flow
the average degree of consolidation U h on a
horizontal plane at a depth z and time t may be
predicted from:

 8  Th
U h  1  exp 



where, Th = time factor, and the effect of smear and
well resistance () is given by:
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When both smear and well resistance are ignored,
then;
k hp
kh



0.67
ln n   0.75

(A7)

If only the effect of well resistance is ignored, then;
k ' hp
k hp
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ABSTRACT: In this paper, an analysis of hydraulic characteristics of the Pusan clays was done based on the
results of laboratory and in situ soil testing, such as conventional consolidation, laboratory permeability,
piezocone and standpipe piezometer. The average values of coefficient of consolidation, horizontal and
vertical hydraulic conductivities were estimated. Investigation using standpipe piezometers, which were
installed in the Pusan clays for the first time is described. Permeability and coefficient of consolidation values
from oedometer and laboratory tests are compared with those obtained by dissipation and standpipe
piezometer readings.
1 INTRODUCTION
Pusan city is located at the southern coast of South
Korea, in the Nakdong River deltaic plain; it is the
principal port and the second largest city of the
country with an area of about 750 km2 and a 3.8
million population. Since early 1990’s reclamation
works has been carried out with extensive site
investigation and installation of vertical drains to
improve the Pusan soft and thick clays (Fig. 1). The
hydraulic characteristics of the Pusan clays and the
hydrogeological situation of the underlying artesian
sand layer are key points in solving geotechnical
problems related to the on-going large scale
reclamation projects in the Nakdong River deltaic
plain. The permeability and coefficient of
consolidation of the Pusan are much needed for
calculation of settlement of the soft clay ground
which is improved by vertical drains. However,
despite a lot of geotechnical investigations in the
Nakdong River plain these parameters are still not
well defined. Consequently, design settlements have
usually provided underestimated settlement values
observed in many cases. Another problem related to
hydraulic characteristics of the Pusan clays is the
largely unknown pore pressure profile across the
clay layer. It happened that almost no standpipe
piezometer had been installed to investigate the pore
pressure profile. Hence, the much wanted question
of whether the Pusan clays are underconsolidated
were not well answered.

The main scopes of the study are therefore as
follows:
a Collection and analysis of a number of existing
data as well as a handful of new data concerning
the permeability, coefficient of consolidation of
the Pusan clays.
b Study on technical aspects related to installation
procedure and analysis of data based on readings
from standpipe piezometers.
c Comparing the values of coefficient of
consolidation obtained from consolidation,
laboratory permeability and CPTU dissipation
tests.
d Comparing the values of permeability obtained
from consolidation, laboratory permeability and
standpipe piezometer tests.
2 STUDY LOCATIONS
Three study locations were chosen, and namely,
Yangsan, Kimhae and Jangyu (Fig. 1). New
residential complexes will be developed at Yangsan,
while at Kimhae and Jangyu, reclamation works
have to be done for extension of the Kimhae
International Airport and construction of a horse
racing stadium, respectively, for the coming Soccer
World Cup and Asian Games in 2002 as well as the
accompanied commercial and recreation complexes.
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Figure 1. Location of study.

Figure 3. Change of the coef. of consolidadion before and after
preconsolidation.

3 ANALYSIS OF DATA AT YANGSAN

The same procedure was done for permeability
values obtained from oedometer tests, which are
presented in Fig. 4 together with those determined
from laboratory permeability tests. The average
permeability coefisien before and after consolidation
are shown in Fig. 5.

Data from consolidation, laboratory and CPTU
dissipation tests were collected and analyzed. The
coefficients of consolidation, Cv, corresponding to
every loading step from many oedometer tests are
shown in Fig. 2, they were classified in two
categories, i.e., before and after preconsolidation
(Pc), depending on the loading step at which they
were obtained. It is observed that the values after Pc
are more grouped and less than those before Pc. Also
in Fig. 2, the values of coefficients of horizontal
consolidation, Ch, from CPTU dissipation tests
plotted for a comparison. The Ch values from
dissipation tests vary in a wide range as seen in Fig.
3. The average values for 3 groups were found as
4.44, 11.09 and 13.86, respectively. To have a better
idea on the change of coefficient of consolidation
with depth, average values for each depth level were
calculated and presented in Fig. 3.

Figure 4. Profile of permeability with depth.

Figure 2. Profile of coef. of consolidation with depth

Figure 5. Change
preconsolidation.

of

permeability

before

and

after
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5 ANALYSIS OF PIEZOMETER DATA
5.1 Prediction of pore pressure using the
hyperbolic method

Figure 6. Layout of the location of piezometer at Kimhae.

The equalization of pore pressure inside a standpipe
piezometer takes long time. In practice one has often
had to work with the first data which are incomplete.
The prediction of pore pressure in equilibrium is
therefore always needed. In this study, the hyperbole
method was employed, whose procedure is as
follows, and namely, at first, the ratio between the
reading time (dt) and the corresponding increased
head measured inside the standpipe piezometer (dh)
are calculated and then plotted versus dt. Next, a
linear regression of the represented points will
enable to provide the following relationship:
dt
  dt  
dh

Figure 7. Location of piezometer at Jangyu.

4 INSTALLATION AND MONITORING OF
STANDPIPE PIEZOMETERS
It is a little bit surprised but very true that standpipe
piezometers practically have not been installed for
investigation of the Pusan clays by now despite the
fact that so many other types of geotechnical
investigation, including expensive CPTU were done.
In this study, a number of standpipe piezometers
were installed at two sites of Kimhae (the
international airport of Pusan) and Jangyu (the
location of a future horse racing stadium). The
layouts of piezometer installation are shown in Fig. 6
and 7, respectively. At the Kimhae site 6 standpipe
piezometers, denoted P-1 to P-6, were installed at
30, 25, 20, 15, 10, and 5m depths, respectively. At
the Jangyu site, 3 piezometers, denoted P-1 to P-3,
were installed at 25, 15 and 5m depths, respectively.
Each piezometer was installed in an individual
borehole, of 100 mm diameter for Kimhae and 76
mm diameter for Jangyu site, respectively. The
standpipe piezometer comprised a low-air-entry
ceramic tip connected to the ground level by a PVC
pipe of 25 mm inside diameter. The piezometer tips
in both sites have a 26mm diameter and O.S m
length. The borehole was drilled first, and then the
piezometer tip was pushed from the borehole bottom
to the design depth level. Shortly after installation,
the standpipe piezometers were flushed by means of
an air compressor and the readings of water level
inside the rising tube were taken, e.g., at 1, 2, 4, 7,
14, 21, 28 days etc. for Kimhae site.

(1)

The slope () and intercept () of the line dt/dh dt of the analyzed data will lead to a hyperbolic
relationship which can help predicting the increased
head inside the standpipe piezometer tube due to
squeezing of pore pressure from the surrounding
clays:

dh 

dt
 dt  

(1)

The procedure of the hyperbolic method and
results obtained for Kimhae and Jangyu sites are
shown in Fig. 8.
5.2 Calculation of permeability from standpipe
piezometer readings
Calculation of in situ permeability based on
piezometer readings was done following the
procedure proposed by Dixon and Bromhead (1999),
which can be summarized in the following steps:
a Estimation of time lag (TL), which is the time
required for water from the surrounding clay to
flow into the piezometer until pressure
equalization is attained. In the actual case
equalization time was estimated based on
piezometer readings and predicted times by
hyperbolic method.
b Estimation
of incompressibility of the
piezometer-clay system by means of ratio t90/t50
where t50 and t90 are times corresponding to 50
and 90% equalization. Most values of this ratio
were found greater than the minimum required
value of 3.32 (Dixon and Bromhead, 1998). Thus
one can go further to steps 3 and 4.
c Calculation of the intake factor (Brand and
Premchit, 1980; Premchit and Brand, 1981):
F=

2.4L
log(1.2L / D)  1  (1.2L / D) 2

(3)
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d Calculation of permeability:
k=

A
TL  F

(3)

where A is the cross section of the intake tube, TL

is time lag, and F is the intake factor. The values
of permeability calculated by means of the
method mentioned above are plotted along with
those obtained from oedometer and laboratory
tests in Fig. 9.

Figure 8. Hyperbolic method applied for Yangsan (above) and Jangyu (below).

Figure 9. Permeability from oedometer, laboratory permeability and standpipe piezometer tests for Kimhae (left) and Jangyu (right).
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6 CONCLUSIONS AND RECOMMENDATIONS
Existing data from oedometer, laboratory
permeability and CPTU dissipation tests were
collected and analyzed for coefficient of
consolidation and permeability values of the Pusan
clays at Yangsan location. Both coefficients of
consolidation and permeability values from
oedometer tests were separated into two groups,
before and after preconsolidation pressure. The later
are less than the former. The average values were
found 4.44 and 13.89 m2/y for coefficient of
consolidation, 0.03 and 0.12 m/y for permeability,
for two data sets after and before Pc, respectively.
The average value of coefficient of horizontal
consolidation by dissipation tests was found as
11.09 m2/y. The average value permeability by
laboratory permeability tests was found as 0.08 m/y.
It was the first time the standpipe piezometers
were installed in the Pusan clay layer. Many of them
could work well and data of pore pressure
equalization were used to calculate in situ
permeability.
The standpipe piezometers are cheaper and more
robust comparing to the other types, however due to
large time lag it takes long time to obtain a complete
set of pore pressure equalization data. Thus, a
reliable prediction method is needed. In this study,
the simple hyperbolic method was employed. The
hyperbolic could fit observation very well, it could
predict well also for many piezometers with good
quality data. But it also overpredicted in some
situations.
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Various applications of cone penetration test in reclamation and soil
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ABSTRACT: Cone Penetrometer is a simple equipment and could be operated easily and quickly. Moreover it
could provide several geotechnical parameters in addition to the soil classification and profiling. Therefore
CPT equipment is widely used in land reclamation projects for various purposes. CPT could also be used for
exploring borrow sources. Measurement of volume at borrow area as well as reclaimed area could also be
made with an accuracy of 5 cm. If CPTs could carry out with certain time interval at specified location, total
settlement of layer and sub layers could be monitored. Long term holding test provides the alternative
measurement of pore pressure dissipation. This paper described the various application of CPT in Land
reclamation and soil improvement projects.
1 INTRODUCTION
Usage of Cone Penetration Test (CPT ) is becoming
more and more popular due to its simplicity and
rapid results. It takes less than one hour for 50
meters depth soil profile to obtain a results which
include cone resistance, (qc) sleeve friction (fs) and
pore pressure (u) apart from inclination degree. From
such immediate data, classification of soil is easily
carried out using simple software. In addition to that
parameters such as undrained shear strength, friction
angle, over-consolidation ratio, modulus of soil for
cohesive soil and relatively density, horizontal stress,
coefficient of earth pressure at rest and modulus of
granular soils are interpretable from CPT data. With
dissipation tests, coefficient of consolidation and
coefficient of permeability due to horizontal flow of
soil are managed to interpret from the dissipation of
penetration pore pressure measured from CPTU
tests. Moreover by carrying out CPT in a grid pattern
actual volume at borrow source as well as
reclamation area could be estimated. Pore pressure
dissipation in other words effective stress gain of
soils could be monitored from time to time by
carrying out long term holding tests with CPT
equipment. The monitoring of settlement of sublayers are also possible if the certain frequency of
test duration could be adopted and repeated the test
at specified locations. One CPT test could provide
equivalent to at least four levels of deep settlement
gauges and if cone resistance and friction ratio could
be magnified, the settlement of each different types

of layer could be worked out. CPT is also a useful
tool for quality control in deep compaction works.
This paper described the maximum utilization of
Cone penetration Test (CPT & CPTU) in the
reclamation and soil improvement projects.
2 SOIL PROFILING
CPT measured three parameters such as cone
resistance (qc), friction (fs) and pore pressure (u)
apart from inclination measurement. From these
measured parameters, two others additional
parameters are also available such as friction ratio
(fr) and pore pressure ratio. Such parameters are
useful for classification of soil. Robertson and
Campanella (1983) has proposed classification of
soil based on qc and fs and updated to greater details
by Robertson (1990). Der-lter Lee et al. (2000) have
verified Robertson classification with several CPT
tests in reclaimed land in Taiwan.
The simple software have also been developed by
manufacturers based on Robertson and Campanella
works and now a day the soil classification could
easily obtain as an output of CPT results. Therefore
CPT is useful tools for quick profiling of the study
area.
Since CPTs could be used for classification of
soil, the profiling of soil could be quickly carried out
with CPT equipment. Figure 1 shows contour of
depth to the hard stratum measured by CPT cone
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Figure 1. Depth to the hard stratum determined for PVD penetration using CPT tests.

Figure 2. Cross sectional profile based on CPT data.

resistances. This type of profiling was obtained by
carrying out CPTs at certain grid pattern. Figure 2
shows cross sectional profile of soils interpreted
from CPT data.
3 INTERPRETATION OF GEOTECHNICAL
PARAMETERS FROM CPT
3.1 Strength parameters
Strength parameters in term of shear strength and
friction angle for cohesive and granular soils
respectively are managed to be interpreted using
corrected cone resistance (qt) value. The following
formula to calculate undrained shear strength (su)

using (qt) values has been adopted from bearing
capacity formula.

su 

q t   vo
N kt

(1)

where qt is corrected cone resistance, vo is total
over burden pressure, and Nkt is cone factor.
Nkt could be well related to Plastic Index (Ip) of
soil and its values are ranging between 10 to 21. For
Singapore Marine Clay Bo Myint Win et al., (1997,
1998, 2000) has proposed following empirical
equation to correlate between Plastic Index and Cone
factor (Nkt).
N kt  23.8  (0.263 Ip )

(2)
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Figure 3 shows the comparison between measured su
by FVT and interpreted from CPT.
The relationship between friction angle and cone
resistance (qc) has been proposed by Robertson and
Campanella (1983) as shown in Figure 4.
Undrained Shear Strength (KPa)
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Kulhaway and Mayne (1990) suggested a more
general relationship as follows;
M = 8.25 (qt – vo)

(5)

Modulus of granular soils could also be well related
to cone resistance. Jamiolskowski et al. (1995)
suggested that ratio of E’25 to qc varies between 2 to
10 or more depending on the stress history, relative
density and mineralogical composition of the soils.
Na et al. (1999) proposed following relationship
between Yong’s modulus (E) and cone resistance for
granular material filled at Changi reclamation area
with following formula:
E  37 q c Pa

CKoU

(6)

where Pa is reference stress of 0.1 Pa
Figure 5 shows comparison of Yong’s modulus
interpreted from CPT and plate load test and other in
situ tests.

-30
-35
-40

Figure 3. Comparison of su from CPT, FVT & CKoU test.

Figure 5. Predicted Young’s modulus profile from CPT
compared with measured data at two test locations.

In addition to that the over consolidation ratio of
cohesive soil could be worked out from corrected
cone resistance (qt).
Figure 4. Correlation between peak friction angle ’ and qc for
uncemented, quartz sand (after Robertson & Campanella,
1983).

3.2 Compressibility and compactness parameters
Constrain Modulus (1/mv) of cohesive soil could be
interpreted from cone resistance values using
Senneset et al. (1982, 1989) recommended
equations:
Mi = i (qt – vo)

[ for OC Clay ]

(3)

Mn = n (qt – vo)

[ for NC Clay ]

(4)

where i ranges between 5 and 15 for most clay and
n ranges between 4 to 8.

OCR =

1  qt   vo
k   vo '






(7)

where ’vo is effective overburden pressure k values
was proposed as 0.3 with a range of 0.2 to 0.5. Bo
Myint Win et al. (1998) has proposed k for
Singapore Marine Clay as 0.32.
Figure 6 show, comparison of OCR interpreted
from various in situ tests.
Compactness, in other words relative density (Dr)
of granular soils is also closely correlated to cone
resistance with following formula proposed by Baldi
et al. (1986) based on extensive calibration tests on
Ticino sand.
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Dr 


qc
1 
ln 

C2  Co ( vo ' )C1 

(8)

1.6

where C0, C1 and C2 are soil constants.
Na et al. (1997) has proposed correlation between
qc and Dr as follows for granular material used in
Changi reclamation.

Dr  50 log(Q )  50

(9)

where Q is normalized cone resistance and defined
as:
Q

( q c Pa )

(10)

( vo' Pa ) 0.5

2

4

 Pa  qc 

 
   P 
 vo '  a 
Ko 
0.5
 qc Pa 

0.5


 vo ' Pa  
145 exp 

0.18
 12.2(OCR )




6

8

10

0

(11)

Na et al. (1999) has proposed simple correlation
between normalized cone resistance and ko based on
field measurement using self boring pressuremeter
(SBPM).
k o  0.0133Q

Overconsolidation Ratio,OCR
0

correlate between ko and qc based on calibration
chamber tests.

(12)

Figure 8 shows comparison of measured ko using
SBPM and interpreted from CPT.
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Figure 6. Variation of OCR with elevation interpreted from
various in situ tests.

Figure 8. Predicted profiles of lateral stress coefficient
compared with measured data from SBPT tests.

3.4 Coefficient of consolidation and permeability
By carrying out a CPT dissipation tests which could
measure the dissipation of penetration pore pressure
with time, Ch could be analysed using pore pressure
dissipation data. Baligh and Levadoux (1980) are the
researchers who proposed following equation to
calculate the Ch values from the pore pressure
dissipation tests.

R 2T
Ch 
t

Figure 7. Predicted profiles of relative densities compared with
measured data.

3.3 Others stress related parameters
Others stress related parameters such as horizontal
stress (h) and coefficient of earth pressure at rest
(ko) could be also well related to cone resistance.
Mayne (1991) has proposed following equation to

m2/yr

(13)

where R is the radius of pushing cone in meters, T is
dimensionless factor and t is the time elapsed to
reach a given degree of consolidation in years.
Permeability kh again could be calculated from Ch
values using following equation:

kh 

w
( RR)Ch m/s
'
2.3 vo

(14)

where w is unit weight of water in kN/m³, RR is the
recompression ratio. Figure 9 and 10 shows
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comparison of Ch and kh measured from CPT data
and laboratory data.

such as sand losses due to settlement occurred
during general filling, vertical drain installation and
stage surcharging. Underestimation of such
settlements could lead to the significant losses to the
contractor. On the other hand, the poor contractor
would create significant displacement of seabed and
mud wave. As such the obtained volume of sand
could be different from measured by survey. In
addition to that certain low quality fill which quality
does not comply with specification could be trapped
in the fill and it may not be detected by pre and post
survey. On top of that, filling in a loose deposit form
would result in losses of settlement after surcharge
even in the sand fill. Example of seabed changes are
shown in Figure 11 and Figure 12. Example of
significant variation of density profile due to filling
method could be seen in Figure 5 (a) and (b).

Figure 9. Comparison of Ch interpreted from CPT dissipation
tests and laboratory tests.
1.00E-11
0

1.00E-10

1.00E-09

1.00E-08

1.00E-07

5

Depth (m)

10
15
20
25
30

Figure 11. Change of seabed soon after reclamation due to
displacement of seabed.
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Figure 10. Kh vs depth from CPT and laboratory measurements.

4 VOLUME MEASUREMENT AT BORROW
SOURCE AND IN RECLAIMED AREA
Since CPT is the simple and quick testing
equipment, several numbers of CPTs could be
carried out within a day. As many as more than 30
numbers of CPT could be carried out per day. By
using CPTs data quality and grain size of sand
deposit could be roughly known. Thickness of sand
deposit could be estimated with an accuracy of 5 cm.
Therefore it is very useful for exploration of sand
source and quantification of sand in borrow area.
4.1 Volume calculation in reclamation project
In general, reclamation volumes are measured based
on pre and post survey works carried out before and
after placement of the reclaimed fill. This method is
simple and straight forward from the owner point of
view. However several computations and predictions
are necessary to be carried out at the contractor side

Figure 12. Change of seabed due to occurring of mudwave
during reclamation.

These technical issues could be overcome by
measuring volume of sand using CPT equipment.
CPT equipment could measure net volume of fill
after placement as well as density of fill material
quantitatively. Since density of fill make significant
differences in applied load, CPT is the only way to
measure the inplace density of fill.
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5 MONITORING OF SOIL IMPROVEMENT
0
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Monitoring of soil improvement are generally
carried out using two major soil instruments such as
settlement plates and piezometers. Measurements
from these two instruments could alternatively be
obtained using CPT tests since it could measure pore
pressure as well as thickness of layer or even sub
layers. Bo Myint Win et al. (1997) has reported that
by carrying of long term holding from time to time,
dissipation of pore pressure of soil element could be
conveniently measured as shown in Figure 13. By
carrying out CPT tests with certain time interval, the
settlement of compressible layer could be measured
as shown in the Figure 14 through 17. If soft
compressible layers are divided by distinguished soil
types, even the settlement of sub layers could be
measured. Figure 18 shows the settlement contour of
soil improvement area measured by CPTs tests.

A2S-6 (Seabed -6.71 mCD)
Piezometric Heads (kPa)

-15
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-25
CPT Holding
-30
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Static PWP
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-40

Figure 13. Equilibrium pore pressure measured with long term
CPT holding test.

Figure 14. Change in thickness of compressible layer indicated by CPT data carried out at a certain time interval.
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Figure 15. Total settlement of compressible layer measured by
CPT tests (Enlarged from Figure 14).
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Figure 16. Settlement of lower marine clay layer measured by
CPT tests (Enlarged from Figure 14).
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same relative density cone resistance is increasing
with depth due to overburden pressure. Moreover it
should be aware that for the same cone resistance
values relative density is higher in NC condition soil
than OC soil.
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7 CONCLUSION
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Figure 17. Settlement of deep seated clay layer measured by
CPT test (Enlarged from Figure 14).

Due to its simplicity and quick measurement, CPT
equipment is widely used in land reclamation
projects. Soil classification and soil profiling could
be carried out for the study area within a short
period. From measured data following geotechnical
parameters could be interpreted:
 Undrained shear strength
 Friction angle
 Constrain modulus
 Young’s modulus
 Overconsolidation ratio
 Relative density
 Coefficient of lateral earth pressure at rest
 Coefficient of consolidation due to horizontal
flow
 Coefficient of Permeability due to horizontal
flow
In addition to that CPT could be used for:
 Volume measurement at borrow source and
reclamation area.
 Monitoring of pore pressure dissipation and
 Monitoring of settlement
CPT is a wonderful equipment to be used in
reclamation and soil improvement projects.
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Figure 18. Settlement contour measured by CPT.
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ABSTRACT: Land subsidence in Jakarta Area has been noticed since 1978, from phenomenon around the
area of Sunda Kelapa harbour such as the pop up of deep water well in Tongkol Street, leaning of the
lighthouse tower in Museum Bahari and sinking of houses along Ciliwung River. The surveying in Monumen
Nasional (Monas) and the surrounding area showed that subsidence has occurred. Based on the phenomena,
the subsidence in this area is presumably due to over exploitation of the groundwater.
The northern part of Jakarta consists of thick alluvial deposits, which made up of sand and fine materials.
The soil has been estimated about 250 to 300 meters thick and it can be divided into four aquifers system. The
first aquifer is an unconfined aquifer situated to the depth of about 45.0 meters. The second aquifer is a
confined situated at the depth of 90.0 to 150.0 meters, the third aquifer is located between 150.0 meters and
250.0 meters deep, and the fourth aquifer is situated below 250.0 m.
To study the subsidence four monitoring stations have been proposed and one monitoring station has been
established i.e. in Jalan Tongkol, Jakarta Kota. The monitoring station comprises of eight bore holes: two bore
holes for the extensometers, two bore holes for piezometers and four bore holes for automatic water level
recorders.
The two bore holes for the extensometers are 135.0 meters and 300.0 meters deep. Each borehole contains
five and three extensometers respectively. The piezometers have been set up in two boreholes i.e. 75.0 meter
and 90.0 meters deep and each borehole contains four piezometers at different layers. The four automatic
water level recorders have been installed in the four bore holes, each automatic water level recorder measure
the water level from particular aquifer system.
From 1999 to 2000 (eight months) the device recorded that the each layer moves of about 3.40 to 5.50 mm
downward except the most upper layer that increase of about 0.20 mm in the last three months. The pore
water pressures of the aquifers vary. In the shallow aquifers the pore water pressure are negative, the others
are constant or increase except the aquifer at the depth of 82.0 m where the pore water pressure decreases of
about 1.10 bar. The water level of the deep aquifers were decreased until October 1999 and the remain
constant, except water level of the aquifer in the depth of 120 m that rise of about 1.50 m.
These records proved that the subsidence is primarily caused by the excessive groundwater withdrawal
from the aquifer system in Jakarta, therefore the subsidence is the one of major problems for developing
Jakarta. Therefore, more monitoring stations and longer monitoring are required in order to decide the method
and the design of the counter measures.
1 INTRODUCTION
Groundwater in Jakarta has been exploited as city
water supply since 1878 (Dijks, 1878) and at present
more than 3100 deep-water wells are operated
(Harnandi, 2000). Main issues of the groundwater
abstraction are declining the groundwater level, salts
water intrusion, groundwater contamination, and
land subsidence.
The land subsidence has been noticed from the
phenomena that occur in North Jakarta area in 1978.

For examples: the pop up of a deep water well in
Tongkol street, the leaning of the light house tower
in Bahari Museum, increasing the height of the dyke
in front of the houses along Ciliwung river, the
sinking of the floor of the building on Gajah Mada
Street. These phenomena also noticed by Su and
Zhang in 1993.
Measurement data provided by Dinas Pengukuran
dan Pemetaan Tanah (DPPT) DKI Jakarta on 1991
indicated that the rate of land subsidence of about
8.0 cm/year in West Jakarta, 2.0 to 5.0 cm/years in
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North and East Jakarta respectively, and more than
2.0 cm/year in East Jakarta. Although the data are
not very reliable, it is apparent that the land
subsidence has occurred in Jakarta Area.
Based upon these phenomena, monitoring and
controlling the land subsidence have obtained
serious attention and monitoring stations are
required (Zu & Zhiang, 1992).
The monitoring stations will be used to study the
characteristic of the land subsidence and thereby
taking some effective countermeasures.
2 GENERAL CONDITION
Jakarta plain is made up of alluvium deposits that
consist of clay, silt and sand (Turkandi et al., 1992).
The thickness of the deposits is more than 300
meters. The deposits formed an artesian aquifer
known as Jakarta artesian system and The
Directorate of Environmental Geology divided this
aquifer into four layers of aquifer.
The four layers of the aquifers are: the first layer
is unconfined aquifer at depth of 0.0 to 45.0 meter,
below the unconfined aquifer there are three layers
of confined aquifer. The three layers are situated at
depth of 90.00 to 150.00 meters, 150.00 to 250.00
meters and below 250.00 meters.
From the core drilling to a depth of 300.00 meters
at Jalan Tongkol, it is known that Jakarta plain
consists five aquifers, i.e. at depth of 25.0 to 56.50
m, 77.6 to 96.70 m, 152.0 to 187.0 m, 212.75 to
230.00 m and 282.0 to 287 m.

The monitoring of the groundwater level showed
that the piezometric level has been lowered until
more than 40.0 m below the sea level (Anonym b,
1999).
Based on the phenomena and recommendation
from the Directorate of Environmental Geology,
Shanghai Station of Environmental Geology and
Dinas Pertambangan DKI Jakarta four land
subsidence stations and six stable benchmarks were
planned to set up.
The four land subsidence stations will be located
in Jalan Tongkol (North Jakarta), Hotel Indonesia
(Central Jakarta), Rawa Buaya (West Jakarta) and
Jalan Perintis Kemerdekaan (East Jakarta). The
stable benchmarks are situated in Pondok Rangun
(East Jakarta), Gandul-Ciputat and Taman BaritoKebayoran (South Jakarta), Kamal Muara and
Marunda (North Jakarta) (Figure 2).

3 SUBSIDENCE IN JAKARTA
The land measurements in 1997 in North Jakarta
found subsidence in some area more than 120 cm for
over periods of 1982 to 1997 (Figures 1). All those
areas are situated in the northern part of Jakarta
(Anonym a, 1997).

Figure 2. Locations of land subsidence monitoring station and
bench mark.

The land subsidence station in Jalan Tongkol has
been completed in 1998.
4 MONITORING STATION IN JALAN
TONGKOL

Figure 1. Land subsidence in Jakarta 1982 – 1997 (Anonym a,
1997).

The land subsidence monitoring station at Jalan
Tongkol, North Jakarta consists of eight wells and
the instruments that have been installed comprise of
extensometers, piezometers, and automatic water
level recorders (AWLR). These devices are arranged
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in the boreholes at different depth (Murdohardono &
Sudarsono, 1998). The configuration of the devices
is shown on Figure 3.

4.3 Automatic Water Level Recorder (AWLR)
The automatic water level recorder is used for
monitoring the groundwater level of different
aquifer. In Tongkol single monitoring well is
applied, therefore four monitoring wells are required
(W1 to W4).
5 OBSERVATION AND DISCUSSION
5.1 Extensometer records
The record of the extensometer from 3 July 1999 to
3 March 2000 shows on Figure 4. All records show
increasing the vertical displacement of observed
layers except the E8 (1.5 m deep). The vertical
displacements on E1 to E7 vary in between 0.34 to
0.55 mm. This record shows that the aquitards have
been squeezed. In the E8 (1.5 m deep), the record
showed great fluctuation, and it seems to be
correspond with the seasonal variation.

Figure 3. Configuration of land subsidence monitoring station
in Jalan Tongkol, North Jakarta (Murdohardono & Sudarsono,
1998).

4.1 Extensometer system
The extensometer system is used for measuring
vertical displacement of particular layer especially
the aquitard (clay layer). The device has accuracy
0.0001 mm. The extensometers are arranged in Well
1 and Well 2 and each well consist of three and four
extensometers at the different layers (E1 to E8).
4.2 Piezometer system
The piezometer system is used for measuring the
pore water pressure in the particular layer, especially
in aquifer (coarse grain soil). The piezometer device
has accuracy 0.01millibar.
The piezometers are installed in the Well 3 and
Well 4. Each well contains four piezometers at
different layers. Piezometer P1 is situated in aquitard
at the depth 70.6 m and the others (P2 to P7) are set
up in the aquifers.

Figure 4. Record of extensometers system from land subsidence
station in Jalan Tongkol, Jakarta.

5.2 Piezometer records
Monitoring of pore water pressures have been started
on July 1999 and the results are presented on
Figure 5. However record from piezometer E2
cannot be analysed.
The records from the piezometer show that the
pore water pressures in aquifer at the depth of 70.8
and 42.0-m are stable. The records from piezometer
P4, P6, P7, and P8 increase significantly. On the
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other hand, the record from piezometer P5 (82.0 m)
is decreased of about 1.11320 bars.

At end of December 1999 the groundwater level
remain stable.
AWLR W3 measures the groundwater level from
the aquifer located at the depth of 120 meters. The
groundwater level of this aquifer rises significantly
from 12.0 to 10.0 below the ground except on
December 1999 when the groundwater level dropped
suddenly. AWLR W4 at the depth of 45 m, showed
that the water level decrease sharply from August to
October 1999, then back to its position on November
1999 and remain stable until February 2000. The
records from the AWLR show the abstraction of the
groundwater in this area that is decreased.
6 CONCLUSION

Figure 5. Record of piezometers system from land subsidence
station in Jalan Tongkol, Jakarta.

5.3 AWLR records
AWLR’s measure the position of water level from
different aquifers and the record shows on Figure 6.

Data obtain after eight months of observation in the
Tongkol land subsidence station provide results
indicating the land subsidence in this area.
The aquitards from the deep different layers show
tendency that the vertical displacement has been
increased between 3.0 and 5.0 mm.
The vertical displacement of the shallow aquitard
varies depending on the seasonal variation.
In order to study the land subsidence in Jakarta
area, more monitoring stations and longer records
are required.
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ABSTRACT: As has been pointed out based on the results with chamber tests, Dr can be correlated with the
cone tip resistance. The authors confirmed that this kind of correlation could be applied to the actual natural
sandy deposits successfully by showing the results of a series of cone penetration tests at 4 different sites. It is
also well known that the liquefaction resistance exhibits a strong dependency on relative density. On the basis
of a series of undrained cyclic triaxial tests on undisturbed sand samples obtained from the above 4 different
sites, a unique relation between relative density, Dr and the liquefaction resistance, d/2’0 is derived. The
authors proposed a method to evaluate d/2’0 from the performance with CPT by combining the relations
between qc~Dr and d/2’0~Dr. The calculated performance with the proposed method can describe the
liquefaction resistance on undisturbed samples obtained from the various sandy sites.
1 INTRODUCTION
It is said that natural deposited sand has a significant
structure that can resist the loading forces, far from
the reclaimed sand. However, it is not so easy to
obtain the undisturbed sand samples that preserve
the in situ structure. Although freezing technique is
one of the most sophisticated methods to obtain the
undisturbed samples for clean sands without
containing fine components, it costs too much to
adopt it as a standard sampling method. Another way
is to make use of in situ testing such as CPT because
it is handy, economical and independent of
operator’s ability. After the Kobe Earthquake in
1995, a series of undisturbed sampling using groundfreezing technique has carried out at several sand
and gravel sites in Japan together with a series of in
situ tests in order to correlate the liquefaction
resistance derived from laboratory tests on those
undisturbed sand samples and the indices measured
with in situ tests.
In this paper, the authors have established a
method assessing the liquefaction resistance for
sandy deposits on the basis of the performance with
cone penetration tests. Relative density, Dr is
selected as a key parameter. As is pointed out by
Lancellotta (1983), Jamiolkowski et al. (1988), Dr
can be correlated with the cone tip resistance, qc
through qc/(’v)b. Here, the value of b is
experimentally determined based on the results with
chamber tests.

As far as the liquefaction resistance is concerned,
a large number of data have been accumulated for
artificial and natural sands. Tokimatsu and Yoshimi
(1983) proposed the unique relation between the
relative density, Dr and the liquefaction resistance in
terms of d/2’0 from undrained cyclic triaxial tests
on undisturbed specimens obtained with ground
freezing technique. A series of undrained cyclic
triaxial tests on the undisturbed sand samples
obtained from the above-mentioned 4 different sites
are conducted to derive the liquefaction resistance of
natural deposited sands and the correlation of it with
Dr. The authors proposed a method to derive d/2’0
from the performance with CPT by combining the
relations between qc~Dr and d/2’0~Dr. Relative
density, Dr is used as an intermediary between
d/2’0 and qc. The calculated performance with the
proposed method is evaluated by comparing with the
liquefaction strength determined from laboratory test
results on undisturbed samples obtained from the
various sites that have different sedimentation
environment.
It should be emphasized the most important point
for the present study is that qc and d/2’0 are not
correlated directly but connected through the
intermediary of Dr because those two components
are derived on the different basis and boundary
condition.
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2 TESTING SITES AND CPT

2.2 Results of cone penetration tests

2.1 General description

The profiles of the cone tip resistance, qt obtained
with CPT carried out at Edogawa, Natorigawa,
Tonegawa, Yodogawa and Higashi-Ogishima sites
are shown in Figure 2. Values of qt below G.L. 12
meters are increasing with depth up to 30 MPa
whereas above this depth qt varies around 10 MPa at
Edogawa site. According to the report (PWRI &
JGCA, 1998), the upper layer is Holocene sand
while the lower layer is categorized as Pleistocene
origin. Profiles of qt reflect well the sedimentation
environment. The almost constant qt values such as
15 MPa can be seen at Natorigawa site overlain by
the relatively weak sandy deposit. The cone tip
resistance, qt at Yodogawa exhibits the similar
profiles with the almost constant value of 15 MPa.
The values of qt increase with depth to 25 MPa at the
depth of 10 m at Tonegawa site. Far from those 4
sites, the values of qt are small at Higashi-Ogishima
site because this site is a loosely deposited reclaimed
ground. The values of qt are around 5 MPa in the
reclaimed sand layer from G.L. -5 m to -11 m.

4 different natural sandy deposits and 1 reclaimed
sandy deposit were selected for CPT and undisturbed
sampling with ground freezing method. Results of
subsoil investigation with SPT are shown in
Figure 1.
Edogawa site is located on the flood-channel
along Edogawa River. The alluvial sand deposit with
a thickness of 10 meters is underlain by the
Pleistocene Kazusa Group. NSPT values in the
alluvial sand deposit vary 5 to 20 whereas those in
the Pleistocene sand deposit exhibit higher values
more than 20.
Natorigawa site is located near the mouth of
Natorigawa River. The sand at Natorigawa site is
also alluvial origin and NSPT values are gradually
increasing with depth. Particularly, the sand below
10 meters is very hard with NSPT values of more than
30.
Tonegawa site is located on the flood-channel
along Tone River. The sand deposit here is alluvial
origin underlain by Narita Group. The sand is hard
with NSPT values of more than 20 irrespective of
depth whereas we have relatively soft sand deposit
near the ground surface.
Yodogawa site is located on the flood-channel
along Yodogawa River. The sand deposit here is
reported to be produced within 2000 years with the
transported sand and gravel by the river. NSPT values
vary 10 to 30 with depth below 5 meters while we
have relatively soft sandy material near the ground
surface.
Higashi-Ogishima site is a reclaimed sandy
deposit constructed in 1970’s with Sengenyama
mountain sand. Far from the above 4 sites, HigashiOgishima is a young reclaimed sandy deposit with
NSPT values of around 5 irrespective of depth.

3 LIQUFACTION RESISTANCE OF
UNDISTURBED SAND
3.1 Basic properties of sands
A series of undrained cyclic triaxial tests is carried
out on the undisturbed sand samples obtained with
sand freezing technique at the same sites where cone
penetration tests are performed. The grain
distribution curves for all samples are shown in
Figure 3. Although there is difference among the
sands obtained, the grain size distribution for all
sands is similar with a very low percentage of fine
components in them. All sands can be categorized as
the fine to medium sand. The basic physical
properties for those sands are summarized in
Table 1.

Figure 1. Soil boring logs and the profiles of NSPT values for 5 sandy deposits.
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Figure 2. Performance of cone penetration tests at 5 different sites.
Table 1. Basic properties of sands.
s (g/cm3)
Edogawa
2.65
Natorigawa
2.65
Yodogawa
2.64
Tonegawa
2.69
Higashi2.70
Ogishima

emax
1.236
1.104
0.942
1.358

emin
0.821
0.727
0.560
0.727

D50 (mm)
0.31
0.22
0.54
0.18

1.058

0.661

0.31

80

1.0
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Natorigawa
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lab

40

(  d /2  0 ')

percent finer by weight (%)

100

stress application to cause a double amplitude axial
strain of 5% for 5 different sand samples. In this
paper, the liquefaction resistance is defined by the
value of d/2’0 at the number of cycles equal to 20.
The exact values of liquefaction resistance,
(d/2’0)20 for all sands are summarized in Table 2.
As is definitely known, the liquefaction resistance,
(d/2’0)20 is much higher for the 4 natural sands
than that for reclaimed Higashi-Ogishima sand. This
difference is caused by the difference of relative
density as well as the effect of micro-fabric of sands.

20
0
0.01

0.1
1
grain size(mm)
Edogawa
Natorigawa
Yodogawa

Tonegawa
Higashi-Ogishima

0.6

0.4

10

Tonegawa
Higashi-Ogishima

Figure 3. Grain size distribution curves for 5 sands.

3.2 Undrained cyclic triaxial tests
A series of undrained cyclic triaxial tests is carried
out on undisturbed sand samples obtained with sand
freezing technique at the same sites as CPT. All
experiments are done under the effective confining
pressure equivalent to effective overburden pressure
with a backpressure of 98 kN/m2. The value of the
pore pressure coefficient B is larger than 0.95 for all
tests.
Figure 4 shows the relationship between the
undrained stress ratio, d/2’0 and the number of

0.2

0.0

1

10

100

Number of cycles to liquefaction
Figure 4. Liquefaction strengths for 5 sands.

Hatanaka et al. (1995), Hatanaka and Uchida
(1996) and Mimura and Suzaki (2000) showed that
the liquefaction resistance of undisturbed sand
samples is much larger than that of reconstituted
samples even if it is prepared with the same density.
This fact also confirms that the micro-fabric possibly
plays a significant role to control the cyclic behavior
of sand. However, as the purpose of the present
paper is to evaluate the liquefaction resistance of
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natural sandy deposits with CPT, the authors use the
laboratory experimental data only on undisturbed
samples. Discussion on the effect of micro-fabric is
not done in this paper.
Table 2. Liquefaction strength and relative density of sands.
Edogawa
Natorigawa
Yodogawa
Tonegawa
Higashi-Ogishima

Dr (%)

d/2’0

44.3
67.8
62.1
66.5
30.0

0.393
0.486
0.361
0.415
0.105

fabric effect between the natural and the
reconstituted sands cannot be ignored. It is shown in
Figure 5 that the obtained data are added on the Dr ~
qt/(’v)0.5 chart by Lancellotta. As the effect of pore
pressure is little for cone penetration results for
sandy deposits, the corrected cone tip resistance qt is
directly used for qc. Although there is more
scattering for the data of natural sand, the proposed
relation between Dr and qt/(’v)0.5 is found to be
applicable to the natural sandy deposits. Based on
the least square method, the relation with minimum
error is expressed in the following equation.
 qt 
D r  139  82  log 
0.5 
 ' v  

4 ASSESSMENT FOR IS SITU LIQUEFACTION
RESISTANCE BASED ON CPT
4.1 Evaluation of in situ relative density for sandy
deposits
Relative density, Dr is one of the most major and
useful factors to correlate liquefaction resistance of
sandy materials. Tokimatsu & Yoshimi (1983)
showed that the liquefaction resistance increases
with the increase in Dr, particularly in the range of
Dr > 70% and proposed the non-linear relationship
between /’0 and Dr. It is also natural that the cone
tip resistance, qt is strongly influenced by Dr,
namely, the higher Dr becomes, the larger qt
becomes significantly. On the basis of the laboratory
chamber tests, Lancellotta (1983), Jamiolkowski et
al. (1988) showed that Dr is found to be proportional
to qc/(’v)b. Here, ’v is the applied overburden
pressure, and b is an experimental constant.
Lancellotta selected 0.5 for b whereas Jamiolkowski
et al. chose 0.51 for it.
It is also quite necessary to ascertain if those
simplified relations proposed by Lancellotta and
Jamiolkowski et al. can be applicable to natural
sandy deposit because the difference due to micro00

Dr(% )
40
80

(1)

4.2 Correlation between Dr and /’vo
Liquefaction resistance, d/2’0 derived from
laboratory undrained cyclic triaxial tests is strongly
dependent on the relative density, Dr of the
specimen. Tokimatsu and Yoshimi (1983) showed
that the liquefaction resistance could be expressed by
the power of Dr based on the experimental results on
undisturbed frozen sand samples. Hatanaka et al
(1995), Hatanaka and Uchida (1996), Mimura and
Suzaki (2000) also confirmed that d/2’0 is
drastically increased with increase in Dr. Figure 6
shows the experimental results of d/2’0 against Dr
together with the data by Tokimatsu and Yoshimi
(1983). The derived liquefaction resistance, d/2’0
for the present study is also exhibits the similar
tendency with the conventional data. Following the
experimental equation proposed by Tokimatsu and
Yoshimi, the most representative relation with the
maximum coefficient of correlation for all
experimental data is expressed as follows:

Dr(% )
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Figure 5. Evaluation of in situ relative density on the basis of the performance of CPT.
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Here, the laboratory liquefaction resistance, d/2’0
is defined as the stress ratio at the number of cycles
equal to 20 causing 5% of D.A. axial strain under
undrained triaxial condition. It is seen in Figure 6
that there is serious scattering at the range of high Dr
over 80 % whereas the data are well represented by
Eq. (2) at the low to middle Dr region. Based on the
comparison in Figure 6, the derived relation
expressed by Equation (2) is found to be able to be
adopted as a primary approximation for the
liquefaction resistance. The reason of this scattering
at the range of high Dr over 80 % can be attributed to
the fact that it is quite difficult to obtain the high
quality sand samples from the relatively hard stratum
even if the sand freezing technique is applied. The
quality of sand samples remains as an issue to be
discussed.
1.5
Equation (2)
Edogawa
Natorigawa
Yodogawa
Tonegawa
Higashi-Ogishima

 d / 2  0'
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Figure 6. Relation between liquefaction resistance and Dr.

parameter, Dr. Figure 7 shows the results of
prediction for liquefaction resistance with depth at 5
sites stated before. Here, Eq. (1) and Eq. (2) are used
to derive the liquefaction resistance. The predicted
performance shows a good agreement with the
experimental liquefaction resistance plotted on the
figure. It is found that the CPT based method
assessing the liquefaction resistance through the
intermediary of Dr can well predict the in situ
liquefaction potential for the natural as well as the
reclaimed sandy deposits reasonably.
5 CONCLUSIONS
Cone penetration tests were carried out at 5 sandy
sites with different sedimentation environment.
Undisturbed sampling with sand freezing technique
was also performed to obtain the high quality sand
samples at the same sites. Relative density, Dr is
selected as an intermediary parameter. First, the in
situ Dr was found to be evaluated using the measured
data with CPT. The unique relation between qt and
Dr has been confirmed. A series of laboratory
undrained triaxial cyclic tests were carried out on
undisturbed sand samples to derive the exact values
for liquefaction resistance of those sands. Following
those experimental results, the relation between the
liquefaction resistance and Dr has also confirmed. A
method assessing the liquefaction resistance based
on CPT has been shown through the intermediary of
Dr. By comparing the predicted performance with
laboratory experimental results on undisturbed sand
samples, the proposed method has been found to
work well irrespective of the sedimentation
environment.

4.3 Prediction of liquefaction resistance using CPT
CPT based methods for assessing the liquefaction
resistance or possibility of occurring liquefaction
have been proposed by Shibata and Teparaksa
(1988), Robertson and Fear (1995), Stark and Olsen
(1995), Suzuki et al. (1997). The present method for
assessing the liquefaction resistance consists of the
combination of CPT-based in situ relative density
and the relation between laboratory liquefaction
resistance and relative density on frozen sand
samples. The cone tip resistance for sandy deposits
is a solution of the boundary value problem
associated with large deformation under the drained
condition. On the other hand, the liquefaction
resistance /’0 is an index defined by the number of
stress application to cause a double amplitude axial
strain of 5% under undrained condition. It is not
rational to correlate these two different indices
implicitly. In the present study, the different relations
such as d/2’0 ~ Dr and qt ~ Dr are derived
independently. Then these two relations are
connected through the intermediary of the common
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ABSTRACT: liquefaction potential analysis based on in situ tests (CPT and SPT) is generally used to evaluate
seismic response of saturated sandy soils during earthquake. The result of analysis gives information on the
depth and thickness of soil layer, which is estimated to liquefy during ground shaking. Only a few research
has been directed towards the prediction of settlement caused by liquefaction, although there has been data on
ground subsidence after earthquake originated by the change in volume of the sandy layer in liquefied area.
Prediction on the magnitude of settlement in sandy layer during earthquake is very important for the safety of
the foundation. Data of such settlement in Niigata earthquake (1964) and Luzon earthquake (1990) has been
collected by Liu & Dobry (1997). This data may be used to estimate foundation settlement after earthquake.
This paper proposes a method to predict liquefaction induced settlement based on CPT result using the
concept of state parameter. A case study is presented during Flores earthquake of 1992, which result in
damages and loss of life of more than 2000. Although limited data is used for verification, this method
promise effective and rational approach and is potential for further development.
1 INTRODUCTION
One of the damages caused by earthquake to the
building foundation is the settlement of ground
surface and lateral spreading due to liquefaction. In
shallow foundation, failures may result upon the
excessive settlement of the ground in conjunction
with volume change of the underneath soil layer
related to liquefaction mechanism.
This paper proposed a method of estimating
ground surface settlement induced by liquefaction
using state parameter concept applied to the CPT.
2 FOUNDATION
LIQUEFIED AREA

SETTLEMENT

ON

Damages to shallow foundation in liquefied area
have been well documented in a number of
earthquakes such as Niigata earthquake (1964),
Luzon earthquake (1990), which devastated
Dagupan city and Kobe earthquake of 1995 which
demolish the whole Roko Island. In the above
earthquakes, maximum ground surface acceleration
is 0.2g (Kishida, 1966; Ohsaki, 1966; Seed & Idriss,
1967; Tokimatsu et al., 1991; Adachi et al., 1992;
dan Ishihara et al., 1993, 1995).

Adachi et al (1992) observed this phenomena in
Dagupan city, the Philippines, in an area where the
amount of ground surface settlement range from 0.25
– 2.50 m in 30 buildings that experience severe
damages. Most of the building stand on shallow
foundation on top of poorly graded fine sand. And
SPT in this area range from 0 – 20 and the thickness
of the liquefied sandy layer is 6.0 – 10.0 m.
Research by Tokimatsu et al (1991) conclude that
most of the building in this city is 2 – 4 storey
founded on shallow foundation and the settlement is
mainly occurred on the edges of the building. This
observation shows the importance of confining stress
effect by the load of the building acting through its
ground floor or basement.
The new building on strip footing or raft
foundation
generally experience
differential
settlement and tilted as a whole, while building with
column on top of single footing is the most crucial to
damages. Similar conclusion has also been stated on
concrete structure during Niigata earthquake
(Ohsaki, 1966; Yoshimi & Tokimatsu, 1977).
Effect of the width of building floor on
foundation settlement is presented by Liu & Dobry
(1997) as shown in fig. 1. These data include
recorded settlement during Niigata and Luzon
earthquake. This plot shows strong tendency of the
magnitude of normalized settlement (Sf/Zliq) to the
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ratio of the width of the building over zone of
liquefied area (B/Zliq).

sand behavior may be based on this parameter
(Rahardjo, 1990).
The advantage of using this concept is that pore
pressure, shear strength, and liquefaction potential
may be estimated in a more rational way. The state
of the art of the in situ testing shows that the state
parameter may be predicted by use of in situ testing,
specially the CPT.

Fig. 1. Effect of thickness of liquefied area to the settlement of
foundation (Liu & Dobry, 1977)

Kishida (1996) suggested criteria of building
damages due to settlement during earthquake. The
following table present damages due to foundation
settlement in the Niigata earthquake.
Table 1. Damage criteria of building foundation (Kishida,
1996)
Classification
I
II
III
IV

Maximum
Settlement
(mm)
0 - 200
200 – 500
500 – 1000
> 1000

Tilting
Angle
(degrees)
0.0 – 0.3
0.3 – 1.0
1.0 – 2.3
> 2.3

Damage to
Foundations
None
Slight
Intermediate
Heavy

3 CONCEPT OF STEADY STATE AND STATE
PARAMETER
According to some researchers (Lee, 1965; Lade,
1972; Been & Jefferies, 1985), relative density or
void ratio is not a sufficient parameter to be used to
characterize sandy soils. Been & Jefferies (1985)
proposed to use stress level in the analysis of sand
behavior. They found that combination of density
and effective stress should be used to predict sand
behavior and proximity to the unique line, which is
characteristic of the soil is termed Steady State Line
(SSL). Proximity to this line is defined as state
parameter, which is the difference of the initial void
ratio to the void ratio at Steady State Line in the
same mean effective stress (m’).
Rahardjo (1989) indicated that the residual shear
strength is function of the initial condition of the soil
density and confining pressure, which can be
represented by the state parameter. Prediction of

Fig. 2. Definition of State Parameter

4 DETERMINATION OF STATE PARAMETER
USING CPT DATA
Study by calibration chamber (Been & Jefferies,
1987; Rahardjo, 1989, 1995) shows that correlation
of the CPT tip resistance and state parameter may be
established. Research by Been & Jefferies (1988)
result in the following correlation.
  qc m  
   '  
1

 ln   m  
8.1  ln  ss    8  0.55  
 ss  0.01  


where :
= state parameter
m = mean total stress 
m’ = mean effective stress
ss = slope of Steady State Line
The above equation may be used to calculate state
parameter based on CPT data. Other parameter
required is the coefficient of at rest lateral pressure
(K0) and the slope of the steady state line (ss). In
case the slope is not available, Rahardjo (1989)
suggested to use assumption of K0 = 0.50 and ss
estimated by the mean grain size.
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Table 2. Suggested value of ss based of mean grain size
(Rahardjo, 1989)
ss
0.15
0.10
0.05

D50 (mm)
 0.15
0.15 – 0.25
 0.25

6.1 Geology and Stratigraphy of Maumere City

5 PREDICTION OF GROUND SETTLEMENT
DUE TO LIQUEFACTION
Rahardjo (1999) proposes that estimate of ground
surface settlement during earthquake in liquefied
area may use the following procedure:
 Determine zone of liquefaction using
simplified method (such as Seed et al)
 Determine state parameter profile with depth
using the CPT
 Calculate maximum settlement of the ground
surface assuming that the pore pressure during
earthquake fully develop and flow of soil
continues along steady state condition. (path 1
– 2). Change of void ratio is calculated
assuming that the stress state of the soil
follow steady state line and return to the
initial effective stress (path 2 – 3).
Initial
Condition

Void Ratio (e)

2
1
e = 
3
S te

Final
Condition

Mean Effective Stress,

ad
y

St

ate

Lin

e(

SS

m' (log scale)

Calculate total settlement in the zone of
liquefaction by the following formula:
S

Maumere city is located North of Flores Island in the
coastal plain. The rock consists of andesite, basalt
rock, granite, sand, silt, and mud. In the surrounding
between Maumere and Wajo, lava, breccia,
agglomerate, and tuff are found.
Structural geology explained in the Ende
quadrangle consists of fold, fault, and lineament.
Maumere city is located along the lineament of
South West to North East. This lineament has been
expected as fault, however in the field and
LANDSAT images, this not clear.
6.2 Seismicity of Maumere
Hery Hardjono of the LIPI geotechnology proposed
that Flores earthquake has south convergence. This
1992 earthquake has a focus at 33 km and magnitude
of 7.20 located at Flores sea under the coordinate of
8.2 LS 122 BT about 40 km South West of
Maumere city. This earthquake induced tsunami that
demolish North of Flores with 15 m high wave.
Based on the report by USGS, the 12th December
1992 earthquake generated a new fault 100 km long
and about 50 km wide in the Flores sea. Slip
between the bedrock is about 1.20 m. This
earthquake has caused decrease of elevation of the
seabed about 0.50 m.
6.3 Soil Condition in the Maumere City

L)

Fig. 3. Concept of volume change prediction during earthquake
(Rahardjo, 1999)



6 CASE STUDY ON FLORES EARTHQUAKE,
MAUMERE (1992)


 h
(1  e)

where:
S = maximum settelement of the ground
surface
e = initial void ratio
h = sub layer thickness
 = state parameter
Based on the above concept the result of
calculation is valid if the mean of effective stress
remains the same before and after earthquake and the
stress state condition follow the path along Steady
State Line (SSL). In other word, the volume change
depends on the initial state parameter.

Grain size distribution of the soil shows that the soil
at Maumere city consists of sandy soils mixed with
clay and silt and in some area with gravel. The depth
of water table in the North of the city is 1.25 – 1.50
m below ground surface. Water content of the soil
varies depending on the soil type. For clay and silty
soils, the water content is 50.7% - 53.4% and for
sandy soils 25.2% - 29.2%.
6.4 Liquefaction Potential Evaluation of the
Maumere City
Study of the liquefaction potential in Maumere city
has been conducted by Najoan, et al. (1994) and
Rahardjo, et al. (1994). This case study mainly
concerns with an example of estimating ground
surface settlement during earthquake based on the
CPT data.
Case example uses BH-7 and CPT-7 shown in the
following figures. The bored holes were conducted
by Research Insitute of Water Resources Technology
and the CPTs were conducted by PT. Testana
Indoteknika.
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CPT Data (CPT-7)
Flores Earthquake, Maumere

2

qc (kg/cm )
0

100

200

300

0

Depth (m)

5

10

15

In the CPT result sandy layer is found with loose
consistency mainly under the depth of 4.50 m. BH-7
verify the CPT result where the soil profile is
dominated by silty sand and sandy silt of fine size to
medium grain size. At some depth this sandy soils is
mixed with coral and stone fragment causing high
SPT value.
A method to evaluate liquefaction potential using
this bored hole and CPT is suggested. One of the
most popular and simple method is by Seed, et al
(1971) where the cyclic resistance (l) is compared
with the average shear stress (av) estimated to occur
in the field. Both values are normalized by effective
stress. Method proposed by Seed is repeated for all
depth interval using the following equation:
 av
 a
 0.65  0  max  rd
0 '
0 ' g

20

25

Fig. 4. CPT result in Maumere city
Table 3. Typical bore hole at Maumere city (BH-7)
Depth
Soil Description
(m)
Silty Sand, mixed with gravel, loose
2
Sand, dark grey, fine to medium grained,
medium dense. 3.45-3.80 m : light grey
3

Soil Classfication

NSPT

D50
(mm)

% Finer

Dark grey / Sand
Dark grey / sand

8
14

0.24
0.23

5.3
4.9

Grey / Sandy Silt
Grey / Sand

3
1

0.17
0.08

16.9
49

Grey / Clayey Sandy Silt
Grey / Gravelly Silty Sand

2
1

0.02
0.28

73.1
32.4

Grey / Silty Sandy Gravel

6

0.45

32.1

Light grey / silty sand
Grey / gravelly sandy silt

34

0.18

30.1

14

0.28

36.7

Light grey / sandy silt

51

0.26

23.6

Light grey / sandy silt

11

0.32

29.8

21

Light grey / gravelly silty
sand

6

0.67

19.4

23

Light grey / silty sand

49

0.32

29.1

Sand, medium to coarse grained, mixed with
gravel, medium dense
Sandy silt, grey, mixed with 3 cm diameter
of limestone and gravel
Sandy silt, light grey, coarse grained

Light grey / sandy silt

29

1.11

14.4

Light grey / sandy silt

19

0.19

30.7

Sandy silt, trace with 7.5 cm diameter of
limestone and gravel

Light grey / sandy silty
gravel

> 50

1.30

5
6
8
9
11
13
15
17
19

25
27
29

Sandy silt, trace of coral, soft
Sand, grey, mixed with shell and coral,
grained diameter 2 cm, very loose
Sandy silt, grey, mixed with coral diameter 2
– 4 cm, soft
Silty sand, grey, mixed with coral, grained
diameter 6 cm, stiff
Sand, grey, medium to coarse grained, loose
Sandy silt, coarse grained, dense to very
dense, mixed with coral & gravel, light grey
Sandy silt, light grey, mixed with coral &
gravel, coarse grained, dense to very dense.
At 17 m depth trace with 5.5 – 9.5 cm
diameter of coral limestone
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where:
0 = total stress
0’ = effective stress
amax = maximum acceleration
g
= gravity
rd
= correction for deformable soil characteristic

found 19.71 cm. The actual settlement of this area is
measured to be 10.80 – 20.00 cm.
State Parameter vs Depth
Flores Earthquake (CPT-7), Maumere

The simplified method of liquefaction potential
evaluation is presented in Fig. 5. In the result of
analysis, it is found that the zone of liquefaction is
about 6.50 m thick which occur at a depth between
4.50 m – 11.00 m.

State Parameter
-0.40
0

-0.20

0.00

Liquefaction Potential Evaluation
Flores Earthquake (BH-7), Maumere

Cyclic Stress Ratio
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5
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25

10

Depth (m)

Fig. 6. Profile of state parameter with depth
15

20

25
Cyclic Stress Ratio

Although this method of analysis has not been
verified using the laboratory model, the proposal is
very promising and may be rationally used to
estimate ground surface settlement. It has to be noted
that the zone of volume change for settlement
calculation shall be located in the liquefied area.

30
Shear Stress due to
Earthquake

35

Fig. 5. Liquefaction zone determined by Seed method

7 ESTIMATE
OF
SETTLEMENT

GROUND

SURFACE

Using the empirical data of Niigata and Luzon
earthquake (Liu et al., 1997) plotted in Fig. 1, a
building of 10.0 m width in Flores with typical bored
hole (BH–7) will experience settlement of 18 cm. A
prediction of the settlement using state parameter is
shown in Fig. 6. This calculation is conducted with
assumption of K0 = 0.50 and state parameter
reported by Rahardjo, et al (1994). The positive state
parameter means that the soil density fall to the right
of the Steady State Line which mean that the layer is
potential to experience volume change.
The result of predicted zone of liquefaction using
Seed method is consistent with the zone of volume
change in the state parameter method.
Using the suggested method by Rahardjo, the
settlement of this particular bored hole and CPT is

8 CONCLUSION SUMMARY
Method of ground surface settlement proposed in
this paper is rational and may be developed for
verification. This method is very useful for
estimating the building damage due to liquefaction.
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Measurement of shear wave velocity by the seismic cone
L. F. Cao, M. F. Chang & C. I. Teh
Geotechnical Research Centre, Nanyang Technological University, Singapore

ABSTRACT: This paper describes the application of seismic cone test at two reclaimed sites in Singapore for
the estimation of the shear wave velocity (Vs) and the small-strain shear modulus (Gmax). The effect of the
choice of the corresponding reference points on two consecutive signals on the deduced Vs was investigated.
The pseudo time interval method with the corresponding reference points chosen properly has been found to
be applicable in most cases. The value of Gmax calculated by Vs has been found to be larger than the shear
modulus determined by other in situ tests in which the strain level is not defined or accurately measured.
Proposed empirical correlations allow rough estimation of Vs and Gmax from the cone resistance.
1 INTRODUCTION
The shear modulus of soils at small strain level
(<10-3 %), Gmax, plays an important role in the design
of foundations for dynamic loads. It is often used to
evaluate dynamic soil-structure interaction response
at small strain such as those encountered in machine
foundation problems. It can also be used as an initial
reference value for large strain problems that arise
because of earthquake loading. In the laboratory,
Gmax is usually obtained from a resonant column test.
In the field, Gmax can be derived from the shear wave
velocity Vs.
Crosshole and downhole tests are commonly used
to determine the in situ shear-wave velocity (Stokoe
& Woods, 1972). The use of seismic cone is
attractive in that no borehole is required and the
speed of test and the number of tests that can be
carried out at a test location increase significantly
(Campanella et al., 1986). Furthermore, the cone
penetration resistance profile accompanied by the
seismic response data greatly enhances the value of
the test data.
In the seismic cone, a seismometer is added to the
top of the cone penetrometer and orientated
transversely to the signal source to detect the arrival
of the shear wave arrivals. The downhole seismic
shear wave is generated by striking the end of a rigid
beam with a sledge hammer. The rigid beam on the
ground surface is located at about 1 m from the
penetrometer location. The pseudo time interval
method is usually adopted to determine the shear
wave velocity (Campanella et al., 1986). The
principle of the method is that the wave travel time

can be measured by identifying the corresponding
reference points on the signals generated at two
consecutive depths. The main uncertainty with the
method lies on the identification of the reference
points.
In this paper, the application of the seismic cone
test in the sandfill and the marine clay at two
reclaimed sites in Singapore is discussed. The effect
of the choice of the reference points on two
consecutive signals on the deduced Vs value using
the pseudo time interval method is investigated. The
value of Gmax calculated by Vs is compared with
results from laboratory tests or other in situ tests.
The relationships between the cone resistance qt and
Vs or Gmax are explored.
2 SITE CONDITIONS AND TEST
PROGRAMME
Seismic cone penetration tests (SCPT) were carried
out at two major reclamation sites in Singapore,
namely the Tuas reclamation site and the Changi
East reclamation site. The Tuas site, completed in
1985, was slightly over 10 years old at the time of
investigation (1996). The Changi East site, on the
other, was completed less than 3 years before the test
date. Hydraulic filling method was adopted as the
principal method of reclamation at Tuas. At Changi
East, both hydraulic filling and direct surface
dumping methods were used. At both sites, the
sandfill was underlain by the Kallang Formation
comprising soft to medium stiff Singapore marine
clay. The marine clay deposit consists of two distinct
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layers separated by an intermediate layer of sand
and/or reddish stiff silty clays. The upper layer is
locally known as the upper marine clay (UMC) and
the lower layer as the lower marine clay (LMC). The
marine clay is relatively thin, at around 5 to 15 m in
thickness, and is underlain by the sedimentary rock
of the Jurong Formation of Singapore at Tuas. The
marine deposit is much thicker, at between 25 to 40
m in thickness, and is underlain by the Old Alluvium
of Singapore that comprises sandy clay and weakly
cemented silty to clayey dense sand at Changi East.
A Hogentogler (USA) seismic-piezocone system,
advanced by a 10-ton Gouda cone penetrometer rig,
was utilized in this study. The cone with an apex
angle of 60o is 10 cm2 in cross-sectional area and has
a 150 cm2 friction sleeve. The piezometric element is
located just behind the cone tip. The net area bearing
ratio is 0.8. A velocity seismometer is set behind the
sleeve tube of the penetrometer. The cone was
advanced at a constant penetration rate of 2 cm/s
during penetration. Seismic tests were carried out by
stopping the cone penetration at selected testing
depths. At each testing depth, at least two sets of
response waves were recorded. If the signals
obtained from the two sets of tests were different, a
third test was added.
At the Tuas site, SCPTs were conducted at one
location in the sandfill, UMC and intermediate layers
from the depths of 5.9 to 23.6 m. At the Changi East
site, SCPTs were carried out in the sandfill at two
locations where the densities of the sandfill were
different due to the different methods of filling.
Other in situ tests such as the self-boring
pressuremeter test (SBPMT) were also used.
2

3 TEST RESULTS AND INTERPRETATION
3.1 Determination of Vs and Gmax
Figure 2 shows typical SCPT results for the sandfill
at two sensing depths at the Tuas site. Point 1
represents the first arrival time of shear wave or the
wave travel time from the ground surface to the
depth of seismometer. The average shear wave
velocity can be calculated by dividing the travel
distance by the travel time.
Since the soil properties change with depth, it is
better to calculate the shear velocity layer by layer.
Using the pseudo time interval method, the time
difference between point 1 on the two measured
signals from the two successive depths shown in
Figure 2 can be taken as the wave travel time
between the two sensing depths if the location of
shear wave source is the same for the two tests. The
shear wave velocity for the soils between the two
tests can be calculated.
9

3

(Mg/m )

1.8

ranges from 1.8 to 2.0 Mg/m3 for loose to dense
sand. Generally, assuming  of 1.9 Mg/m3 will not
lead to significant errors in the calculation of Gmax.
However, for sandfill above the water table, the
variation of  is large. At the Changi East site, direct
field measurement of  were made by excavating the
sandfill layer by layer and cone penetration test was
carried out prior to the excavation. A detailed
description of the field measurement of  was
reported by Na et al. (1999). It was found that 
generally increased with qt for the sandfill with
thickness less than 10 m. Figure 1 shows the
correlation between  and qt for the sandfill above
the water table at the Changi site. When field
measurements of  are lacking, the correlation
shown in Figure 1 can be used for the estimation of
, subject to site specific verification.
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Figure 1. Correlation between  and qt for sandfill above water
table at Changi East.

In the calculation of Gmax from Vs, the bulk
density  is an input parameter. For clay,  can be
easily determined from the laboratory specimens.
For sandfill under the water table, the value of 
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Shear wave arrival time (ms)
Figure 2. Typical geophone response amplitude and relative
shear wave travel time from SCPTs at Tuas.
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The first arrival time (point 1) is not always easy
to determine in practice. Other reference points from
the two signals such as points 2, 3 and 4 shown in
Figure 2 may be used to determine the wave travel
time. The time difference determined from these
points will be the same as that from point 1 only if
the wavelength is the same for the two signals. Very
often, the time difference calculated from these
points are not the same due to the inhomogeneity of
the soil and the noise induced on the ground surface.
Shear wave velocity (m/s)
0

100

200

300

than the use of the three other points at some depths
due to noise on the ground surface. Generally, point
2 is less affected by noise on the ground surface and
the change of wavelength. The Vs value calculated
from point 2 is intermediate to the values determined
from the other three points as shown in Figure 3. The
use of point 2 to determine the time difference
(pseudo shear wave travel time) is preferred and
adopted in the calculation of Vs for the results
presented in the subsequent sections.
Based on the elastic theory, the maximum shear
modulus can be derived from the shear velocity
using the following relationship
Gmax    Vs2

0

(1)

Point 1
5

Point 2

3.2 Test results at Tuas

Depth (m)

Point 3
10

Point 4
Sandfill

15

UMC

20
Silty clay
25
Figure 3. Comparison of shear wave velocities calculated from
different corresponding points for tests at Tuas.

Figure 3 shows the comparison of the shear wave
velocities calculated from different reference points
for the tests carried out at the Tuas site. At most
depths, the values of Vs calculated from the four
corresponding reference points are similar. However,
the use of point 1 leads to a much larger value of Vs
qt (kPa); ubt (kPa)

Soil profile
0

500

1000

Figure 4 shows the variation of qt, ubt, Vs and Gmax
with depth at the Tuas reclamation site. The profiles
of the cone resistance qt, the penetration pore
pressure on the cone base ubt, Vs and Gmax are all
reflective of the soil stratification. The value of Vs or
Gmax for the UMC is much lower than that the
sandfill and the intermediate layer. There is a thin
layer of clay in the sandfill and the corresponding Vs
is smaller than that for the sandfill.
The average Vs is 130 m/s and the corresponding
Gmax is 32 MPa in the sandfill. For the UMC, Vs
increases with the depth. The average Vs was 75 m/s
and the average Gmax was about 9.5 MPa on the top.
At the bottom of UMC, the average Vs is 130 m/s
and the corresponding Gmax is 29 MPa, due to the
increase in sand content as indicated by the cone
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Figure 4. SCPT results in both sand and clay at Tuas.
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resistance. In the intermediate layer consisting of
silty clay with sand, Vs ranges from 167 to 203 m/s
and Gmax from 53 to 78 MPa.
The initial shear modulus Gi determined from the
conventional triaxial test for the UMC is also shown
in Figure 4 for comparison. The sample tested was
isotropically consolidated under the mean effective
in situ stress. The axial strain was measured
externally by a LVDT (Linear Voltage Differential
Transformer). The shear modulus determined from
the seismic test was much larger than that from the
triaxial test at a higher strain. From this
investigation, the Gmax value deducted from the
seismic test was about five times of the initial shear
modulus Gi determined from the conventional
triaxial test. This indicates that Gi is significantly
underestimated in a conventional triaxial test due to
the use of external strain measurements (Jardine et
al., 1984).
3.3 Test results at Changi East
Two locations were investigated. At the first
location, the original natural soil was 18 m below the
ground surface at the time of investigation.
Reclamation was carried out by two different
methods in three stages. Firstly, sandfill from the
depths of 8.8 to 8 m was placed using the hydraulic
pipeline pumping method. Sandfill from the depths
of 4.5 to 8.8 m was placed using direct surface
dumping a few months later. Finally, the top layer of
sand was placed using the direct surface dumping by
truck a few months later. Due to surface activities
between the three stages of filling, thin sand layers at
depth 4.5 m and 8.8 m were densified as a result.
Figure 5 shows the results of SCPT. The cone
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resistance qt for the sandfill formed by hydraulic
filling is much larger than that placed using truck
dumping. The value of Vs for the sandfill formed by
hydraulic filling is also larger than that formed by
truck dumping. Two dense layers in the sandfill that
correspond to the surface working platform for the
first and second stage fillings are also clearly
reflected in the qt profile as well as the Vs profile.
Both Vs and qt decrease gradually with depth below
the depth of 12 m.
Figure 5 also shows the maximum shear modulus
Gmax profile deducted from SCPT. The shear
modulus Gur profile determined from the unloadingreloading
loops
from
parallel
self-boring
pressuremeter tests (SBPMT) at 1 m away from
SCPT is also shown for comparison. The value of
Gmax was about two to three times that of Gur
deduced from SBPMT. The variation of Gur with
depth is similar to that of Gmax. With the use of the
pseudo time interval method, SCPT provides
reasonable values of Vs and Gmax for various
reclaimed sandfills. From SBPMT, the value of Gur
deduced from the first unloading-reloading was
marginally smaller than that from the second
unloading-reloading. One of the reasons is that the
modulus of soil is dependent on the stress level. The
stress level in the first unloading-reloading loop was
lower than that in the second unloading-reloading
loop. Since the strain level was not considered in the
determination of Gur, it represents only an average
value of stiffness in the elastic stage for a given soil,
and its value should be smaller than Gmax. Further
discussion of the determination of shear modulus
from SBPMT with consideration of the stress and
strain levels can be found from Bellotti et al. (1989),
Cao et al. (1998) and Teh et al. (2001).
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Figure 5. SCPT results at the first location at Changi East.
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The soil layers below the depth of 7.5 m at the
second location are similar to those at the first
location. However, at the second location, the upper
7.5 m of sandfill was formed by hydraulic pumping
above the water table. Figure 6 shows the results of
SCPT. A loose layer from depth 7.5 to 8.5 m formed
by truck dumping is reflected in the qt and Vs
profiles. The values of qt, Vs and Gmax for the sandfill
above 7.5 m at the second location are much larger
than the corresponding values at the first location
because of the difference in placement method. The
density and the stiffness of the sand placed by
hydraulic filling, both below and above the water
table, are much larger than those of the sand placed
by truck dumping.
Figure 6 also shows the results of SBPMT carried
out at a location 10 m away from the SCPT sounding
point at the second location. Similar to that at the
first location, the value of Gmax from SCPT was
about 2 to 3 times of Gur from SBPMT except in the
loose sand at the depths from 7.5 to 8.5 m.
Comparing the profiles of qt and Gmax, one see
that the profile of qt may reflect the change of soil
layer more accurately than that of Gmax. This is
because SCPT is usually carried out at 1 m intervals.
If the test depth is taken as smaller than 1 m, the
error in the calculation of time difference and Vs may
increase.
4 RELATIONSHIP BETWEEN CONE
RESISTANCE AND SHEAR WAVE
VELOCITY OR MAXIMUM SHEAR
MODULUS
The available experimental data in the literature
show that Vs and Gmax of cohesionless soils are
qt (MPa)

Soil profile
0
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0

20

dependent on such variables as void ratio, the
effective stress acting in the direction of seismic
wave propagation vo and the effective stress acting
in the direction of soil particle displacement ho (Yu
& Richart, 1884). Since these variables also
influence qt, it is possible to correlate Vs or Gmax with
qt empirically.
Simple and multiple regression analyses were
performed, taking Vs or Gmax as the dependent
parameter and three other parameters including qt,
sleeve friction fs and vo collected from the Changi
East site as independent variables. Both regression
types indicate that qt and vo are the most significant
parameters. Vs and Gmax are not particularly sensitive
to the variation of fs. The following correlations have
been derived for the sand at the Changi East
reclamation site:

Vs  17.56qt


 vo

0.171

Gmax  0.331qt

0.172


 vo

0.376

0

(2)

(n = 50; r2 = 0.75)

(3)

where Vs is in m/s, Gmax is in MPa and qt and vo are
in kPa. The gain in the coefficient of determination
(r2) is not significant by adding fs as additional
independent parameters in the multiple regression
analysis. It is noted that Equation (2) is similar to
that suggested by Hegazy and Mayne (1995).
Figure 7 shows the comparison between the
measured and predicted profiles of Vs and Gmax at the
second location at the Changi East site. The
predicated values of Vs and Gmax compare well with
the measured values. The value of Vs predicted by
Hegazy and Mayne’s (1995) formula is also shown
in Figure 8. Hegazy and Mayne’s formula gave a
slightly smaller value of Vs than Equation (2).
Gmax or Gur (MPa)
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Figure 6. SCPT results at the second location at Changi East.
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Figure 7. Comparison of measured and predicted Vs and Gmax profiles at the second location at Changi East.

It should be noted that the empirical correlations
such as Equations (2) and (3) may be used only for
getting rough estimations of Vs and Gmax, because
other important factors including the horizontal
stress and the void ratio have not been fully
considered in establishing the correlations.
5 CONCLUSIONS
The experience with seismic cone tests at two
Singapore reclamation sites indicates that the shear
wave velocity in both sand and clay can be
reasonably determined using the pseudo time
interval method with the corresponding reference
points on two consecutive signals chosen properly.
The value of Gmax calculated by Vs is about two to
three times of the shear model determined from the
unloading/reloading
loops
in
self-boring
pressuremeter test for the sandfill at the Changi site.
Suggested correlations between Vs or Gmax and qt
can be used for rough estimates of Vs or Gmax from
qt.
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In situ nonlinear soil properties back-calculated from vertical array records of
1995 Kobe earthquake
Takeji Kokusho & Tomohiro Aoyagi
Chuo University, Tokyo, Japan

ABSTRACT: In situ nonlinear soil properties are investigated based on the vertical array records obtained
during the 1995 Hyogoken Nanbu earthquake (Kobe earthquake) at four sites with much different distances
from the earthquake fault zone. These accelerograms were recorded in soft soil sites of about 100m deep
consisting of fill, Holocene and Pleistocene or rock base layers. Based on the main shock records as well as
foreshock and aftershock records, spectrum ratios between the ground surface and the deepest level are
compared to identify differences in spectral amplification due to different magnitudes in the ground motion.
Then, variations in the shear modulus and the damping ratio in the surface soil layers are evaluated by means
of an inversion analysis (Extended Bayesian Method) assuming 1-D vertical SH-wave propagation. A clear
strain-dependency can be found in the back-calculated modulus and damping, which are essentially consistent
with laboratory test results to date for each type of soils.
1 INTRODUCTION
Local site amplification is one of the most important
factors in seismic zonation study. The site
amplification is correlated to properties of soil layers
such as soil densities, wave velocities and material
dampings. At the same time it is expected to be
highly dependent on the nonlinearity of soil
properties in soft soil sites in particular.
Nonlinear seismic response of soft ground due to
nonlinear soil properties was numerically evaluated
based on lab soil test results either by equivalent
linear analyses (e.g. Schnabel et al., 1972) or by
step-by step nonlinear analyses for the past three
decades. In model tests, Kokusho et al. (1979)
performed a shake table tests of a model ground in a
laminar shear box of about one meter in depth
consisting of fine sand and demonstrated a very clear
reduction in dynamic amplification due to increasing
input acceleration level. Kokusho (1982) also
compared the test results with the equivalent linear
analysis and the step-by-step nonlinear analysis
based on the soil properties of the model ground
under a very low confining pressure to find a fair
agreement between them. More recently centrifuge
shake table tests were conducted to find clear
amplification reduction with increasing acceleration,
which could be satisfactorily reproduced by
numerical analyses. However, due to absence of
vertical array records during strong earthquakes,

reliability of nonlinear soil properties and its
application in situ have been subject to discussions.
In this research, valuable vertical array data
obtained during the Hyogoken Nanbu earthquake are
utilized to evaluate spectrum ratios between ground
surface and deeper levels to study the degree of
nonlinearity exhibited during the strong earthquake.
These spectrum ratios are then analyzed to back
calculate in situ S-wave velocities and damping
ratios, which are compared with those by laboratory
tests to examine their applicability to the field.
2 SITE CONDITIONS AND SEISMIC RECORDS
Vertical arrays, which could record the 1995
Hyogoken-Nanbu earthquake (MJ = 7.2), were
located in four sites in the coastal zone around the
Osaka-Bay area as shown in Fig. 1. The same figure
also indicates the fault zone including the epicenters
of the main-shock as well as aftershocks. The four
sites were properly located by chance in terms of
distance from the fault zone, which can be estimated
from the aftershock epicenters plotted in Fig. 1. PI
(the Port Island) array belonging to the Kobe
Municipal Office was located just next to the fault
zone, while other three arrays SGK, TKS and KNK
belonging to the Kansai Electric Power Company
were approximately 15 km, 35 km and 65 km far
from the fault zone respectively.
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Figure 1. Location of vertical array sites around Osaka Bay and
focal area of earthquake.

In Fig. 2 down-hole maximum acceleration
distributions for the main shock at the four sites are
illustrated for the two horizontal directions. Their
magnitudes are so different from site to site, leading
to different nonlinear amplification features
(Kokusho and Matsumoto, 1998). In addition to the
main shock records, five foreshocks records (Here,
the term “foreshocks” indicates simply that they
occurred before the main shock in time sequence) in
PI, five aftershock records in SGK, four aftershock
records in TKS and six aftershock records in KNK
are used in this research.

Figure 2. Normalized acceleration amplification along depth.

The soil profiles and the depths of three dimensional
down-hole seismographs are shown for the four sites
in Fig. 3 together with P and S-wave velocities
measured by the down-hole logging method and SPT
N-values along the depth. The deepest seismographs
at the base layers were located GL-83 m in PI, GL97 m in SGK, and GL-100 m in TKS and KNK
respectively, and the geological condition there were
Pleistocene dense gravelly soils except for KNK (a
hard rock). Upper soil conditions at the four sites

Figure 3. Soil profiles of 4 vertical array sites with seismograph
installation depth, P.S-wave velocities and SPT N-value.
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consist of sandy fill at the surface in most sites
underlain by Holocene clay and/or sand and further
underlain by Pleistocene soils as shown in Fig.3. The
S-wave velocity, Vs, at the base layer of Pleistocene
gravelly soil in PI, SGK and TKS is 380-480 m/s
while Vs at the base rock in KNK is as high as
1630 m/s.
Table 1. Directional offsets of buried seismographs evaluated
in this research and in previous researches.
Directional offset (degree)*
Sato
Site
Kokusho
This
et. al.
et. al. (1998) research
(1996)
0.0
0
0
0
16.4
0
11
10
PI
32.4
0
8
8
83.4
15
27
26
0.0
0
0
0
SGK
25.0
0
6
5
97.0
-34
-37
-39
0.0
0
0
0
TKS
25.0
-30
-22
-22
100.0
0
8
9
0.0
-60
0
0
KNK
25.0
0
70
70
100.0
0
46
47
* Plus sign means that anti-clockwise rotation is needed to
coincide with surface record directions.
Seismograph
depth (m)

The main shock records obtained in the vertical
arrays in the four sites were first examined to know
directional offsets of the buried seismographs in the
horizontal plane. This examination revealed the

directional offsets as listed in Table 1. These values
are different with those used in previous researches
(Sato et al., 1996; Kokusho et al., 1998), although
they are essentially consistent with each other
considering the crudeness associated with the
analyses. In this research the offset values listed in
the most rightward column are used to modify the
recorded motions of not only the main shock but also
the foreshocks or aftershocks.
3 TRANSFER FUNCTIONS
In Fig. 4a, spectrum ratios (transfer functions)
between the surface and the deepest seismograph for
the foreshocks and the main shock in PI are
compared to each other in EW direction. The three
curves for the foreshocks correspond to the average
as well as the average plus and minus the standard
deviation. Obviously the spectrum ratio for the main
shock is much smaller than that for the foreshock
presumably because of the difference in straindependent soil nonlinearity between the weak foreshocks and the strong main shock.
The similar comparisons between the aftershocks
and the main shock in SGK, TKS and KNK for EW
motions are shown in Figs. 4b, 4c and 4d,
respectively. The curves for the main shock are
mostly located below those for the aftershocks
although they are closer or sometimes reversed in the
first peaks.

Figure 4. Comparison of spectrum ratios between main shock and smaller shocks in 4 vertical array sites.
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The peak frequencies of the main shock seem to
be shifted lower than those of the aftershocks in all
sites. This trend is more pronounced in higher
frequency peaks than the first peak presumably
because the soil nonlinearity is more dominant in
shallower layers, which influences higher
frequencies more than lower ones.
4 BACK-CALCULATED NONLINEAR SOIL
PROPERTIES
In order to back-calculate soil properties exhibited
during the main shock as well as the foreshocks and
aftershocks (smaller shocks), the inversion analyses
are carried out for the vertical array records in the
four sites. In the analysis, the ground is modeled as a
one-dimensional multi-reflection system of SHwave, and the spectrum ratios (transfer functions) of
acceleration records between different depths are the
targets to be best reproduced by the one-dimensional
model with estimated S-wave velocities (Vs) and the
damping ratios (h).
The computer program used in this research is
different from the previous research by a
conventional least mean square method (Kokusho et
al., 1996). It is based on the Extended Bayesian
Method and developed by Suetomi (1997). In the
Extended Bayesian Method, pre-observational
information on Vs and h is mathematically
incorporated with observational information on the
transfer function of the system to estimate Vs and h
with higher reliability and stability. Theoretical
backgrounds on the Extended Bayesian Method are
available in other literature (Honjo et al., 1998).
In this research the pre-observational information
for analyses of the smaller shocks comprises the
averages and the standard deviations in properties of
individual soil layers, Vs and h, evaluated by means
of S-wave logging tests and lab and field test results
in the past. For the main shock analysis, those values
of Vs and h are modified in accordance with the
estimated strain level. The information is combined
with the observed average transfer function U() and
its standard deviation U() for the smaller shocks to
back-calculate Vs and h not only for the smaller
shocks but also for the main shock in the same site.
Values of Vs and h are postulated to be independent
of frequency as in the normal engineering practice. A
shallower part of the soil is first optimized by
utilizing the shallower records in the vertical array.
Then, the deeper rest is optimized by incorporating
the precedently determined properties in the
shallower part.
In Fig. 5a, the optimized transfer function in PI
between the surface (GL-0 m) and the deepest level
(GL-83.4 m) is compared with the average, U(),
and the average plus or minus the standard deviation,
U()  U(), of the observed spectrum ratio for the

foreshock motions in the EW direction. A rather
good agreement can be seen between the backcalculation and the observation. However, the
amplification factor is greatly overestimated in the
lower frequency (in the first peak in particular) and
underestimated a little in the higher frequency.
In Fig. 5b, a similar comparison of the transfer
functions is shown for the main shock motion in the
EW direction. In this case the coincidence seems
poorer than the foreshocks. The first peak is
reproduced satisfactorily while, in higher
frequencies, the optimized amplitude is too small to
compare with the observation. This discrepancy in
amplitude may be attributable two different
mechanisms.
The first one is the strain-dependency of the
damping ratio. In irregular seismic motions, induced
strain amplitude is considered particularly large in a
lower frequency range than in a higher frequency
range. That is because lower frequency cycles
normally tend to induce larger strain amplitude than
higher frequency cycles. It results in lower damping
ratio in higher frequency in the main shock. This
cycle-by-cycle strain-dependent nonlinearity is
disregarded in the equivalent linear approximation,
in which a single optimized property is backcalculated for variable strain amplitudes.
However, even during the foreshocks in which
the induced strain is too small to cause an evident
difference in damping ratio due to straindependency, a similar trend can be recognized as
shown in Fig. 5a, although the discrepancy between
the optimization and the measurement is narrowed
compared to the main shock. Consequently the
intrinsic frequency-dependency of the damping ratio
is suspected as the second mechanism, in which the
damping ratio is smaller for larger frequency. This
frequency-dependency, which is hardly recognized
in laboratory soil tests, has been demonstrated by
several researchers based on vertical array seismic
records for relatively small earthquakes (e.g. Tohma
et al., 1992). A similar frequency dependency in
damping has also been discussed by seismologists
for the earth’s crust. Though its mechanism is not
completely clarified, non-uniformity in actual soil
deposits is considered to have something to do with
it (Suetomi and Nakamura, 1990). In this research,
the frequency-dependency of soil properties is not
taken into account on the ground that the intrinsic
dependency looks smaller than the indirect effect of
strain-dependency as shown in Figs. 5 a and b.
The distributions of Vs and h thus backcalculated in the EW and NS directions for the
foreshocks and the main shock are shown along the
ground depth in Figs. 6 a and b. It is noted first that
the optimized Vs for small foreshocks is almost
coincidental with the initial Vs based on S-wave
logging test. The reduction in Vs optimized for the
main shock reaches about 80% of the initial value in
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Figure 5. Comparison of spectrum ratios between observation and optimization for main foreshocks (a) and main shock (b) in PI.

Figure 6. Back-calculated S-wave velocity (Vs) and damping ratio (h) for foreshocks and main shock along ground depth in PI.

the depth of GL-4.0 m to GL-17.5 m where
liquefaction is suspected to have occurred. The 20%
reduction is obvious still at the depth of around GL80 m. These results are almost identical with those
obtained by means of the least mean square method
in the previous study by Kokusho et al. (1996). In
Fig. 6b, the vertical distributions of the optimized
damping ratio h are shown for the foreshocks and the
main shock. The value of h in the liquefied layer is
as large as 50% for the main shock, while in the
foreshocks it shows around several percent. This
high damping ratio in the liquefied soil was also
evaluated in the previous study.

Figure 7. Acceleration time histories by linear multi-reflection
analysis based on optimized properties compared with
observation in PI.

In Fig.7, acceleration time-histories calculated by
the linear multi-reflection analysis are shown, in
which the optimized properties are used. Despite the
apparent poorness in transfer functions in Fig. 5b,
the acceleration time histories seem to be well
reproduced at different ground depths. Even at the
surface, where the response strongly reflects the
effect of soil liquefaction, the fundamental motion is
very similar despite the phase lag and the absence in
higher frequency motions.
The maximum shear strain max evaluated by the
same analysis for the main shock is shown versus the
ground depth in Fig. 8. In the liquefied layer the
strain exceeds 10-2, and even in layers around 80 m
deep, it is still the order of 10-4.

Figure 8. Max. shear strain by linear multi-reflection analysis
based on optimized properties in PI.
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In the same way, the vertical array records in
SGK, TKS and KNK site are back-calculated for the
main shock as well as for the aftershocks. The
maximum soil strain calculated in the four sites
during the main shock and the smaller shocks are
listed in Table 2. It is clear that the induced strain
levels are quite different from site to site during the
main shock. They are also different, however,
between the main shock and the smaller shocks in
each site by the factor of more than 10.
Consequently, soil properties evaluated for the
smaller shocks are interpreted here as small-strain
properties and almost linear.
Table 2. Maximum soil strain evaluated in 4 sites by linear
multi-reflection analysis based on optimized properties.
Site
PI
SGK
TKS
KNK

Max. shear strain (%)
Main shock
Smaller shocks
EW
NS
EW
NS
1.2 E+00 2.1 E+00 2.2 E-03
1.8 E-03
5.8 E-01
4.1 E-01
2.1 E-02
3.2 E-02
1.0 E-01
7.9 E-02
4.0 E-03
2.0 E-03
4.4 E-02
3.1 E-02
2.2 E-03
3.7 E-03

5 STRAIN-DEPENDENT DEGRADATION OF
BACK-CALCULATED IN SITU PROPERTIES
Based on the back-calculation for dynamic soil
properties best reproducing observed spectrum ratios
in the four vertical array sites, it becomes possible to
synthesize strain-dependent curves of modulus
degradation and damping ratio. The shear modulus
ratio, G/G0, where G and G0 are shear modulus for a
certain strain level and the initial modulus for
infinitely small strain, respectively, is calculated as
the square of the Vs-ratio between Vs backcalculated for the main shock and Vs for the smaller
shocks in this research. This smaller shock Vs is
basically identical with that measured in the S-wave
logging test. However in the deeper part of KNK
site, the former is systematically larger than the latter
presumably due to problems with the Vs-logging
test. Effective shear strain, eff, corresponding to a
modulus degradation may be assumed 2/3 of
maximum strain, max in a similar manner as often
employed in design practice and can be calculated
from the maximum strain distributions as shown in
Fig. 8, which are computed by the linear multireflection analysis based on the back-calculated
properties.
The shear modulus ratios thus calculated in NS
and EW directions for all individual soil layers in the
soil profiles in the four sites are plotted against the
logarithm of the corresponding effective strain in
Fig. 9a. The plots with the arrow marks correspond
to soil layers where liquefaction is believed to have
occurred. By excluding these plots, a clear modulus
degradation can be recognized in the chart. In the
previous paper (Kokusho et al., 1996), there existed

some plots, all belonging to KNK site, which exceed
G/G0 = 1.0. Fig. 9a is free from that problem because
G0 used in the vertical axis is Vs modified by the
smaller shocks rather than the Vs-logging test results
which may have had some problems.
The damping ratios back-calculated in NS and
EW directions for all individual soil layers in the soil
profiles in the four sites are plotted against the
logarithm of the corresponding effective strain in
Fig. 9b. Although some damping ratios as high as
50% corresponding to the liquefied layer in PI
should better be excluded in discussing straindependent damping ratio for design purposes, there
exists evident trend of increasing damping with the
increase of effective strain.
In order to know the field performance in straindependent variations of modulus and damping ratio
for different soil types, the plots in Figs. 9a and b are
further classified into four soil types; clay, silt, sand
and gravel, based on original descriptions in boring
logging data sheets as indicated in Fig. 3. Fig.
10a shows the same plots of modulus degradation
as in Fig. 9a but with different symbols representing
the four types of soil. Despite rather large data
scatter, it may be judged from this figure that
modulus degradation curves can obviously be
separated into different groups according to different
soil types; the degradation curve for clays is
positioned in the most right-hand side and that for
gravels in the most left-hand side while those for
silts and sands are located between the two.
In the same manner, damping ratios are shown
only for the damping value less than 20% and
classified into the four soil types in Fig.10b. This
figure also indicates clear trend of strain-dependent
damping variation, which is unique to each type of
soil: clay is the most rightward, gravel the most
leftward and others in between.
Numerous laboratory tests have been conducted
to date to measure the strain-dependent changes of
modulus and damping on many types of soil. Based
on those data, modulus degradation curves, G/G0
versus log eff for clay and sand were proposed (e.g.
Kokusho et al., 1982; Kokusho et al., 1980) and used
in equivalent linear analyses. It is generally accepted
that the curve for sand is positioned more left handside than that for clay on the chart and for sand the
curves tend to shift to the right with the increase of
confining stress. For clay the curve, which is
insensitive to the difference in confining stress, tends
to shift from an original position for non-plastic soil
(sand) to the right with the increase of the plasticity
index, PI. For gravels, the curves are positioned
more left than sand and clay, and also shift with
varying confining pressure (Kokusho et al., 1994).
In Figs.10a and b, curves by laboratory tests are
drawn for gavel, sand and clay to compare with the
back-calculated results. In comparing them, the
followings should be borne in mind; the plasticity
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Figure 9. Strain-dependent variations of back-calculated shear modulus ratio and damping ratio in different sites.

Figure 10. Strain-dependent variations of back-calculated shear modulus ratio and damping ratio for different soil types compared
with laboratory soil test results.

indices of clays around the Osaka bay area take a
wide range between 100 and 20, with their majority
falling in between 80 and 40 while the laboratory
test data are for PI = 40 to 83. The interval of in situ
confining stress for sands may be approximated as
20 to 300 kPa, which coincides with that of the lab
test data. The in situ confining stress for gravels is
likely to slightly exceed the higher stress limit of 400
kPa for the lab test data.
Though there exist a certain amount of
quantitative differences, a qualitative agreement can
be recognized between the back-calculated field
performance and laboratory tests, demonstrating that
laboratory dynamic soil properties can basically be
applied to the evaluation of nonlinear site response
during strong earthquakes.

b.

c.

d.

6 CONCLUSIONS
Strong motion records obtained during the
Hyogoken-Nanbu earthquake in four vertical array
sites have been utilized to evaluate nonlinear site
amplifications and nonlinear soil properties during
the main-shock and foreshocks or aftershocks,
yielding the following principal findings.
a. The spectrum ratio for the main shock is mostly
located below those for the smaller shocks due to

e.

f.

soil nonlinearity, although they are closer or
sometimes reversed in the first peaks.
The peak frequencies of the main shock seem to
be shifted lower than those of the aftershocks.
This trend is more pronounced in higher
frequency peaks than the first peak presumably
because the soil nonlinearity is more dominant in
shallower layers.
The spectrum ratio of the main shock is
considerably underestimated in higher frequencies
by the back-calculation partly due to the
equivalent linear approximation of nonlinear soil
behavior and also due to intrinsic frequencydependency of in situ damping.
In liquefied layers in PI, back-calculated S-wave
velocity during the main shock was reduced by
80% from the initial value. The 20% reduction is
obvious still at the depth of around GL-80 m,
indicating a strong influence of strain-dependency
on Vs.
Strain-dependent variations in the shear modulus
and the damping ratio can be identified in backcalculated soil properties in four sites, from which
different strain-dependency curves can be
separated for clay, silt, sand and gravel.
The strain-dependency curves back-calculated for
different soil types are consistent with those by
laboratory tests, demonstrating that nonlinear
dynamic soil properties measured in the
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laboratory can be applicable to field problems to
numerically analyze nonlinear site response
during strong earthquakes.
g. These research results are essentially the same
with those in the previous study (Kokusho et al.,
1996 and Kokusho & Matsumoto, 1998) despite
the difference in the analytical scheme for backcalculation, indicating a higher reliability of the
optimized nonlinear soil properties.
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Evaluation of various downhole data reduction methods considering ray
paths
Dong-Soo Kim & Eun-Seok Bang
Korea Advanced Institute of Science and Technology (KAIST), Taejon, Korea

ABSTRACT: To improve the quality of the wave velocity profiles evaluated by downhole seismic method,
the modified interval measurement based on straight ray path and the inversion method based on ray path
using Snell’s law were introduced. The direct travel times measured from downhole testing are used as input
data and the solutions of concern are the wave velocities of the layers. The parametric analyses were
performed using various synthesized wave velocity profiles and effects of various parameters and accuracies
of analysis methods were assessed. The forward modeling scheme is based on the ray paths using Snell’s law.
The erroneous judgment that can be raised from the essential assumption of downhole test was also
investigated. Finally, both downhole and crosshole seismic tests were performed at Kyoeng-ju sites, and the
superiority of the proposed methods were verified by comparing wave velocity profiles determined by the
proposed methods with the profiles determined by crosshole tests and SPT-N values.
1 INSTRUCTIONS
The downhole method has been widely used to
measure in situ compression and shear wave
velocities for the seismic response analysis of
geotechnical sites. The downhole method basically
measures the time for body waves to travel from the
source on the surface to receivers at different depths
in a single borehole. This method has advantages
such as low cost, easy operation, and use of simple
surface seismic source. For the analysis of downhole
seismic data, conventional methods including direct
measurement, interval measurement, and pseudointerval measurements techniques are currently used
in practice. However, due to the lack of a
sophisticated and rigorous analysis method for
developing velocity profile, the wave velocity
profiles determined by downhole seismic method are
generally inferior to those evaluated by crosshole
method. To improve the quality of the wave velocity
profiles evaluated by downhole seismic method, new
data analysis techniques have been developed
(Batsila, 1995; Joh & Mok, 1998; Park, 1999).
The modified interval measurement based on
straight ray paths and the inversion method based on
Snell’s law ray paths were introduced for the analysis
of downhole data. The parametric analyses were
performed using various synthesized wave velocity
profiles, and effects of various parameters and
accuracies of various analysis methods were assessed.
The erroneous judgment that might be raised from

the essential assumption of downhole test was also
investigated. Finally, both downhole and crosshole
seismic tests were performed at Kyoeng-ju sites and
accuracies of various downhole data reduction
methods were assessed.
2 INTERPRETATON METHODS OF
DOWNHOLE DATA
2.1 Direct measurement
The direct travel time of elastic wave from source to
receiver at each testing depth is obtained from the
downhole test. By plotting the corrected travel time
obtained by Eq.1 versus depth and then drawing
fitting curve of the data points, the velocity profile of
a site is obtained. The slope of the fitting curve
represents the wave velocity in each covered range.
tc  D

t
R

(1)

where tc = corrected travel time, D = testing depth,
t = direct travel time, and R = distance between
source and receiver.
2.2 Interval measurement
The interval travel time between two receivers
installed in different depths is obtained from test. The
wave velocity of a layer between receivers is
obtained using Eq. 2;
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V

R 2  R1

(2)

T2  T1

where R1, R2 = the distance between source and
upper, lower receiver, and T1, T2 = measured travel
time at upper, lower receiver.

on Snell’s law and the following relations should be
satisfied as shown in Fig. 2;
sin  i1
V1



sin  i 2
V2

sin  ij

  

  

Vj

sin  ii
Vi

 G (4)

D1 tan  i1      D R tan  ij      D R tan  ii  D (5)

2.3 Modified interval measurement

where ij = incident angle from jth layer to next layer
of ith ray path, and D = the distance from source to
borehole.
Using Eq. 4 and Eq. 5, new ray path is determined
and the velocity profile considering new ray path is
calculated as follows;

Testing procedure and data set are same as those in
interval measurement. But in this method, it is
assumed that the site is composed of stacks of layers
of the same depth as each testing interval and the
elastic wave propagates its own velocity on each
divided layers as shown in Fig. 1. Using the wave
D R / cos  ii
velocity of upper layers and the measured interval V 
(6)
i
travel time between two receivers, the travel time at
D1 / cos  i1 i 1 D R / cos  ij
Ti ,l 

lower receiver is obtained. From those of information,
V1
Vj
j 2
the wave velocity at each testing layer is determined
as follows;
The best fitted velocity profile can be evaluated by
iteration process.
1
Vi 
(3)
i 1
D1  Ti ,l
1 
1


Source
D
D R  L i1,l V1  j 2 V j





where Vi = the wave velocity of ith layer, D1 = first
testing depth of lower receiver, DR = testing depth
interval, Ti,l = travel time of ith testing at lower
receiver, and Li1,l = the length of ray-path on first
layer of ith testing.
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Figure 2. Illustration of the Snell’s law ray-path method.

Ri,u

3 COMPARISONS OF ANALYSIS METHODS
USING SINTHESIZED PROFILES

Lower
Receiver

VN

DR

Ri,l
VN

Figure 1. Illustration of the modified interval measurement.

2.4 Snell’s law ray-path method
This method is basically same as the modified
interval measurement. However, it is assumed that
the wave propagates along a refracted ray path based

To verify the reliability of each analysis methods,
parametric studies with various synthesized profiles
were performed. Synthetic travel times from source
to receiver were generated by using the ray paths
based on Snell’s law. Travel time to the upper
receiver is same as that to the lower receiver obtained
in the previous testing set because receiver interval is
same as testing depth interval. This parametric study
was performed using two, three and multi layers
profiles.
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3.1 Two-layer model

Corrected travel time(sec)
0

0.01

0.02

0.03

0

0.04

Wave velocity(m/sec)
300
600
900

Depth(m)

400

Depth(m)

Depth(m)

0

Table 1. Travel time data of each synthesized profiles in twolayer model.

1200

Depth(m)

0
0
Two layers model is composed of upper and lower
Interval
layers that have different wave velocities. The
2
2
Modified
distance from source to borehole is 3 m and testing
Vs=200
interval
interval is 1 m. The wave velocities of synthesized
Snell's Law
4
4
profiles and the calculated travel times by the
forward modeling are shown in Table 1. Velocity
6
6
profiles determined by each analysis methods are
Vs=622
compared in Fig. 3-Fig. 6. The corrected travel time
8
8
versus depth and wave velocities from fitting curves
for direct method are shown in the left and the
10
10
velocity profiles determined by interval measurement, Figure 4. The velocity profiles of Model 1-2.
modified interval measurement and Snell’s law raypath method are shown in the right.
Wave velocity(m/sec)
Corrected travel time(sec)
Wave velocities determined by all of the methods
0
0.02 0.04
0.06 0.08
0.1
0
100
200
300
0
0
in the first layer are consistent because the ray paths
are identical in this uniform layer.
2
2
In the case where the stiffness of lower layer is
Vs=300
larger than that of upper layer (Fig. 3 and 4), the
4
4
estimated velocity profiles provide erroneous results
compared with real synthesized profiles except that
6
6
Interval
are obtained by Snell’s law ray-path method. As
Vs=52
Modified
increasing the stiffness ratio, the amount of error
8
8
interval
Snell's Law
increases. Especially, in the range of 5-6 m in Model
10
10
1-2, the interval measurement cannot provide a result
because of the limitation of its own analysis process Figure 5. The velocity profiles of Model 1-3.
when negative travel time difference (T2-T1) is
determined. Also the modified interval measurement
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causes significant error in that region.
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Figure 6. The velocity profiles of Model 1-4.
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Figure 3. The velocity profiles of Model 1-1.

path(VS1<VS2)
Figure 7. Comparison of straight and Snell’s law ray paths in the
case of two-layer model.
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On the other hand, in case where stiffness of upper
layer is large (Fig. 5 and 6), all of the estimated
velocity profiles match reasonable well with the real
synthesized profiles. As shown in Fig. 7, in case
where the upper layer is stiffer than the lower layer,
the difference between the straight ray path and the
Snell’s law ray-path is small and this error does not
affect the velocity profile significantly.
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3.2 Three-layer model
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Figure 10. The velocity profiles of Model 2-3.
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Table 2. Travel time data of each synthesized profiles of threelayer model.

Figure 9. The velocity profiles of Model 2-2.

Depth(m)

The wave velocities and the travel times determined
from the forward modeling in three-layer model are
shown in Table 2. The distance from source to
borehole and the testing interval are same as those in
the two-layer model. The thickness of each layer is
3 m. Velocity profiles determined by four different
methods are compared in Fig. 8 - Fig. 11.
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Figure 11. The velocity profiles of Model 2-4.
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Figure 8. The velocity profiles of Model 2-1.
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The similar trends as in the two-layer models are
shown in three-layer models. Significant errors are
Straight
still produced in the result of interval measurement in
Ray path
VS2
all cases. In the model 2-3 and 2-4 (Fig 10 and 11),
modified interval measurement provides the similar
errors in the second layer as in the two layer models
Snell’s Law rayof VS1<VS2. However, in the models 2-1 and 2-2 (VS1,
path(VS1,VS3<VS2)
VS3
VS3>VS2), the amount of errors produced by the
modified interval measurement are much reduced in
Figure 12. Comparison of straight and Snell’s law ray path in
the third layer, because the differences between the case of two-layer model.
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error compared with synthesized profile but provides
just mean value of layers.
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In multi-layer models, the layer profiles which do not
coincide with the test spacing between upper and
lower receivers are included. In model 3-1, testing
interval is larger than the thickness of thin layer. In
this case, even though using Snell’s law ray-path
method, it cannot provide exact profiles but just
mean values of the testing layer contained thin layers.
So reasonable testing interval must be determined
before downhole test.
Another important point is that direct method is
not good as before when the stiffness of layer varies
frequently as shown in model 3-1. And as expected
before, velocity profiles determined by all of the
analyses are better at deeper locations.
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straight and refracted ray-paths are small when
stiffness of sandwiched layer is smaller than those of
upper and lower layers as shown Fig. 12. When the
stiffness of layer increase or decrease gradually, the
difference of straight ray path and Snell’s law ray
path increase. However, the stiffness contrast
occurred in three layer model reduced the ray path
difference as shown in Fig. 12, and the difference
between straight and refracted ray-paths are
negligible in all cases at deep locations.
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Figure 14. The velocity profiles of Model 3-2

4 CASE STUDY
Downhole tests were performed for site
characterization at two sites in Kyoeng-ju. The
distance from source to receiver was 3 m and the
testing interval was 0.5 m to eliminate erroneous
judgment in the interpretation of testing data. The
shear wave velocity profiles obtained from four
different methods were compared with crosshole test
result and SPT-N values in each site.
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Figure 13. The velocity profiles of Model 3-1.

In model 3-2, testing interval is small enough, but
the testing location does not coincide with boundary
of layers. In this case, the velocities obtained from
testing data up to depths that are consistent with
boundary of layers (depth to 5 m) agree well with
synthesized velocity profile. But below 5 m, all
analysis methods give mean values of boundary of
layers. In performing downhole test, it is impossible
to know the exact boundary of the layers. This
problem can also be overcome by dividing testing
interval fine enough. It also does not show severe

14

16

Figure 15. Shear wave velocity profiles at Sun-Duk school site.

The velocity profiles determined at Sun-Duk high
school site are shown Fig. 15. As expected, the
results of modified interval measurement and Snell’s
law ray-path method agree well each other. And
those are also shown good agreement with crosshole
data performed at the same borehole. But it is shown
that the results of interval measurement are scattered
and is not consistent with others. Direct method just
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gave mean values of several layers. It can be
mentioned that there is good agreement between the
velocity profiles obtained by modified interval
measurement and Snell’s law ray-path method for
such site condition that shear wave velocity increases
gradually as depth.
The velocity profiles determined at Green Land
site are shown Fig.16. Based on SPT-N value, it is
inferred that the stiffness of soil decreases slowly up
to 8 m with depth and increases abruptly at depths
about 8-11 m. Downhole testing results represent this
site condition well and evaluates the exact location of
layer boundary at about 9 m. However as shown from
Fig. 14, interval measurement and modified interval
measurement gave too large velocity values of
3200 m/s and 1190 m/s, respectively that were
thought to be nonsense at this layer boundary. But
Snell’s law ray-path method provides reliable results
following stiffness trends expected by SPT-N values.
As a matter of fact, even though new data analysis
techniques provide detailed reliable wave velocity
profiles, the most important points in the downhole
tests are acquiring the exact travel times. In order to
make the downhole test play an important role in
determining wave velocity profiles, the exact travel
time measurement techniques by introducing
advanced signal processing are currently under
development.
Shear wave velocity(m/s)
0

200
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800

N value

1000

1200

1400

0

100

situ downhole measurements were performed. Direct
method provides just a mean value of surrounding
layers, and is difficult to evaluate the detailed
velocity profile. Interval measurement which does
not consider ray path at all was found to provide
severe errors when the stiffness contrast is big.
Modified interval measurement which considers the
straight path provides reasonable results for the most
cases, but this method may cause errors where very
stiff layer is under soft layers. Snell’s law ray path
method provides the most reliable velocity profiles in
all cases.
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5 CONCLUSIONS
To evaluate the reliability of the proposed downdole
data reduction methods, the parametric study and in
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Use of the flat dilatometer test (DMT) in geotechnical design
G. Totani, S. Marchetti, P. Monaco & M. Calabrese
University of L'Aquila, Faculty of Engineering, L'Aquila, Italy

ABSTRACT: This paper presents an overview of the DMT and of its design applications, in the light of the
experience accumulated over the last 20 years. The following applications are discussed: determining
common soil parameters, predicting settlements of shallow foundations, compaction control, detecting slip
surfaces in clay slopes, predicting the behavior of laterally loaded piles, evaluating sand liquefiability,
estimating consolidation/flow coefficients, selecting soil parameters for FEM analyses. The basic differences
of the DMT compared to other penetration tests are also discussed.
1 INTRODUCTION
The Flat Dilatometer Test (DMT), developed in Italy
in 1980, is currently used in over 40 countries both
for research and practical applications. The wide
diffusion of the DMT lies on the following reasons
(Lutenegger, 1988): (a) Simple equipment and
operation. (b) High reproducibility. (c) Cost
effectiveness. (d) Variety of penetration equipment.
The test procedure and the original correlations
were described by Marchetti (1980). Subsequently,
the DMT has been extensively used and calibrated in
soil deposits all over the world. In addition to some
300 research publications, various standards (ASTM
Suggested Method 1986), regulations (Eurocode 7,
1997) and manuals (US DOT 1992) are available
today. Design applications, recent findings and new
developments are described by Marchetti (1997) in a
state-of-the-art report.
2 DESCRIPTION OF THE TEST
The dilatometer consists of a steel blade having a
thin, expandable, circular steel membrane mounted
on one face. When at rest, the membrane is flush
with the surrounding flat surface of the blade. The
blade is connected, by an electro-pneumatic tube
running through the insertion rods, to a control unit
on the surface (Fig. 1). The control unit is equipped
with pressure gauges, an audio-visual signal, a valve
for regulating gas flow (provided by a tank) and vent
valves. The blade is advanced into the ground using
common field equipment, i.e. push rigs normally

used for the cone penetration test (CPT) or drill rigs.
(The DMT can also be driven, e.g. using the SPT
hammer and rods, but statical push is by far
preferable). Pushing the blade with a 20 ton
penetrometer truck is most effective (up to 100 m of
profile per day).
The test starts by inserting the dilatometer into the
ground. Soon after penetration, the operator inflates
the membrane and takes, in about 1 min, two
readings: the A pressure, required to just begin to
move the membrane ("lift-off"), and the B pressure,
required to move the center of the membrane 1.1
mm against the soil. A third reading C ("closing
pressure") can also optionally be taken by slowly
deflating the membrane soon after B is reached. The
blade is then advanced into the ground of one depth
increment (typically 20 cm).
The pressure readings A, B are corrected by the
values A, B determined by calibration to take into
account the membrane stiffness (Marchetti 1999b)
and converted into p0, p1 as indicated in Table 1. The
data p0 and p1 are generally interpreted (in "normal"
soils) using the correlations reported in Table 1.
The DMT can test from extremely soft to very
stiff soils (clays with cu from 2 - 4 to 1000 kPa,
moduli M from 0.5 to 400 MPa).
An example of DMT results is shown in Figure 2.
The results are used as follows:
 ID (Material Index) gives information on soil type
(sand, silt, clay).
 M (vertical drained constrained modulus) and cu
(undrained shear strength) in the usual ways.
 The profile of KD (Horizontal Stress Index) is
similar in shape to the profile of the
overconsolidation ratio OCR. KD  2 indicates in
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Figure 2. Example of DMT results.
Figure 1. General layout of the dilatometer test.
Table 1. Basic DMT reduction formulae.
SYMBOL

DESCRIPTION

BASIC DMT REDUCTION FORMULAE

p0
p1

Corrected First Reading
Corrected Second Reading

p0 = 1.05 (A - ZM + A) - 0.05 (B - ZM - B)
p1 = B - ZM - B

ZM = Gage reading when vented to atm.
If A & B are measured with the same
gage used for current readings A & B, set
ZM = 0 (ZM is compensated)

ID
KD

Material Index
Horizontal Stress Index

ID = (p1 - p0) / (p0 - u0)
KD = (p0 - u0) / 'v0

u0 = pre-insertion pore pressure
'V0 = pre-insertion overburden stress

ED

Dilatometer Modulus

ED = 34.7 (p1 - p0)

ED is NOT a Young's modulus E. ED
should be used only AFTER combining it
with KD (Stress History). First obtain
MDMT = RM ED, then e.g. E  0.8 MDMT

K0
OCR

Coefficient Earth Pressure in Situ K0,DMT = (KD / 1.5)0.47 - 0.6
Overconsolidation Ratio
OCRDMT = (0.5 KD)1.56

for ID < 1.2
for ID < 1.2

cu

Undrained Shear Strength

cu,DMT = 0.22 'V0 (0.5 KD)1.25

for ID < 1.2



Friction Angle

safe,DMT = 28° + 14.6 log KD - 2.1 log2 KD

for ID > 1.8
Tflex from A-log t DMTA-decay curve

ch

Coefficient of Consolidation

ch,DMTA  7 cm / Tflex

kh

Coefficient of Permeability

kh = ch w / Mh (Mh  K0 MDMT)



Unit Weight and Description

(see Marchetti, 1999a)

M

Vertical Drained Constrained
Modulus

MDMT = RM ED

u0

Equilibrium Pore Pressure

2

if ID  0.6

RM = 0.14 + 2.36 log KD

if ID  3

RM = 0.5 + 2 log KD

if 0.6 < ID < 3

RM = RM,0 + (2.5 - RM,0) log KD
with RM,0 = 0.14 + 0.15 (ID - 0.6)

if KD > 10

RM = 0.32 + 2.18 log KD

if RM < 0.85

set RM = 0.85

u0  p2  C - ZM + A

clays OCR = 1, KD > 2 indicates overconsolidation. A first glance at the KD profile is
helpful to "understand" the deposit.
3 DMT VS OTHER PENETRATION TESTS
Comparative studies have indicated that the DMT
results (in particular KD) are noticeably reactive to
factors that are scarcely felt (especially in sands) by
other tests, such as stress state/history, aging,
cementation, structure. Such factors are scarcely
reflected e.g. by qc (cone penetration resistance from

In freely-draining soils

CPT) and by NSPT, and in general, also due to the
arching phenomenon, by cylindrical-conical probes
(Marchetti 1999a). Yet such factors are of primary
importance in determining some basic soil
properties, e.g. deformability and (in sands)
resistance to liquefaction.
The DMT provides two independent parameters,
while most of the penetration tests just provide one
"primary" parameter (the penetration resistance) for
the interpretation. It is known that in situ tests
represent an "inverse boundary conditions problem",
since such tests measure soil responses instead of
soil properties. According to the theory, an in situ
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test should be able to measure 36 responses, being
36 the (variable) coefficients linking the 6 stress
components to the 6 strain components. One
measurement is a very small fraction of 36. Two
measurements are also a very small fraction, yet
100% more than one measurement.

correlation has also been confirmed theoretically by
Finno (1993). The ability to estimate OCR is
important, since OCR governs many soil properties,
while, on the other hand, OCR profiles are usually
hard and costly to obtain. A comparison between
profiles of OCR estimated by DMT and by other
tests at the Bothkennar Research Site is presented by
Marchetti (1997).

4 DESIGN APPLICATIONS
4.1 Design using soil parameters
In most cases the DMT is used to determine
"commonly used" geotechnical design parameters,
notably the undrained shear strength cu and the
constrained modulus M. Comparisons carried out at
various National Research Sites by international
research groups (see Figs 3-4) have shown quite
good agreement between the profiles of cu DMT and
MDMT and the profiles determined by other tests.
kPa

kPa

0

Figure 5. Correlation KD-OCR for cohesive soils from various
geographical areas (Kamei & Iwasaki, 1995).
Z (m)

Z (m)

5

10

4.2 Settlement prediction

15

(b)

20
(a)
Figure 3. Comparison between cu determined by DMT and by
other tests. (a) National Research Site of Bothkennar, UK
(Nash et al. 1992). (b) National Research Site of Fucino, Italy
(AGI 1991).
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Figure 4. Comparison between M determined by DMT and by
oedometer tests. (a) Onsøy (Norway). Tests performed by
Norwegian Geotechnical Institute. (b) Komatsugawa (Tokyo,
Japan). Tests performed by Kiso-Jiban Geotechnical Research
Center.

Figure 5 illustrates the good correlation between
KD and OCR (note that KD  2 for OCR = 1). Such

Predicting settlements of shallow foundations is
probably the application No. 1 of the DMT,
especially in sands, where undisturbed sampling and
estimating deformability parameters are particularly
difficult. Settlements are generally calculated by
means of the one-dimensional formula:

S

v

M

z

(1)

DMT

with v generally calculated according to
Boussinesq and MDMT constrained modulus
estimated by DMT using the correlation (see Table
1) MDMT = RM ED, where RM is a function primarily of
KD. Since KD incorporates the effects of the
horizontal stresses h and stress history, then also
MDMT incorporates, through KD, such effects. The
capability of taking into account h is important,
since high h dramatically reduce settlements (as
observed e.g. by Massarsch, 1994). For this reason
ED, in general, should not be used as such, because it
lacks the stress history information contained in KD,
but should first be combined with KD to obtain M.
Note that ED (despite the symbol) should not be
confused with the Young's modulus E. If required, E
can be derived from M via theory of elasticity (E 
0.8 M for  = 0.20 - 0.30).
Several studies have indicated that the DMT
reduces the uncertainty in settlement predictions by a
factor of over 3 compared with predictions based on
penetration resistance qc from CPT. This can be
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observed e.g. by comparing the datapoints band
amplitude (ratio between maximum and minimum)
in Figure 6a (Hayes, 1990) and in Figure 6b (Baldi et
al., 1988). Among the reasons: (a) Wedge shaped
tips deform the soil considerably less than conical
tips (Baligh & Scott, 1975). (b) The modulus
obtained by expanding the DMT membrane (a
"mini" load test) is physically more related to
deformability than is the penetration resistance. (c)
The availability of a second independent parameter
KD, reflecting h / stress history, leads to more
realistic values of M.

4.3 Compaction control
The DMT, due to its sensitivity to h, is particularly
suitable to monitor soil improvement. Several
studies present comparisons of results of CPTs and
DMTs performed before/after a compaction
treatment. Schmertmann (1986b) observed that the
increase in MDMT after dynamic compaction of a
sandy soil was approximately twice the increase in qc
(CPT). Similar results were observed by Jendeby
(1992) in monitoring deep compaction of a loose
sand fill by "vibrowing" (Fig. 7). The higher
"sensitivity" of MDMT compared to qc was also
observed, in a vibroflotation case, by Pasqualini &
Rosi (1993).

0

0

M DMT / q c
10
20

30

5
before
compaction

Figure 6a. Comparison between observed and DMT-calculated
settlements (data by Hayes, 1990).

10

Compaction increases both h and Dr.
Measurements "after" indicate an increase in
qc, but even more in MDMT, as shown by the

25

large increase of the ratio MDMT /qc.

21

RATIO
E/qc

Figure 7. Ratio MDMT /qc before and after compaction of a loose
sand fill (Jendeby, 1992).
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Figure 6b. Ratio E/qc as a function of Dr and OCR - Ticino
Sand (Baldi et al., 1988).

The accuracy of settlements predicted by DMT
has been confirmed by many investigators.
Schmertmann (1986a) reported 16 comparisons of
observed vs. DMT-calculated settlements at different
sites and for various soil types. The ratio
calculated/observed settlement was 1.18 on average,
with a narrow variation range (from 0.75 to 1.3).
Similar agreement was observed, among many
others, by Lacasse & Lunne (1986) and Sallfors
(1988).

The DMT has also been used to check the effects
induced in the soil by the installation of various
types of piles. De Cock et al. (1993) described the
use of DMT performed before/after the installation
of Atlas piles, and concluded that the DMT detects
more clearly than the CPT the effects of the
installation.
All the above observations indicate that the DMT
results are noticeably reactive even to slight changes
of h (or relative density) in the soil. Therefore, the
DMT is particularly suitable in cases where the
expected stress variations are very small (e.g.
relaxation upon "microboring").
4.4 Detecting slip surfaces in clay slopes
The DMT permits to verify quickly if a slope in
overconsolidated (OC) clays contains active or old
slip surfaces. The method proposed by Totani et al.
(1997), based on inspection of the KD profiles, is
founded on the following basis (Fig. 8):
 the process of sliding and reconsolidation
generally creates a remolded zone of nearly
normally consolidated (NC) clay, with loss of
structure, aging or cementation;
 since in NC clays KD  2, if an OC clay slope
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contains layers where KD  2, these layers are
likely part of a slip surface (active or quiescent).
Note that the method involves searching for a
specific numerical value (KD = 2) rather than for
simply "weak zones", which could be detected just
as easily also by other in situ tests.
The "KD method" provides a faster response than
inclinometers in detecting slip surfaces (no need to
wait for movements to occur). Moreover, the method
enables to detect even possible quiescent surfaces
(not revealed by inclinometers), which could
reactivate e.g. after an excavation. On the other
hand, the method itself, unlike inclinometers, does
not permit to establish if the slope is moving at
present and what the movements are. In many cases,
DMT and inclinometers can be used in combination
(e.g. use KD profiles to optimize location/depth of
inclinometers).

Figure 9 permits to estimate CRR as an alternative
to the methods which derive CRR from NSPT or qc.
The possibility of obtaining independent evaluations
of CRR is of great interest, since it has been recently
demonstrated (Sladen, 1989; Yu et al., 1997) that the
relation qc - SP (SP = state parameter) is not unique,
but strongly dependent on the stress level. Sladen
(1989) has shown that ignoring the non-unicity of
the correlation qc - SP in design can lead to
catastrophic consequences. The non-unicity of the
correlation qc - SP, due to the strong link SP - CRR
(SP governs the attitude of a sand to increase or
decrease in volume when sheared) involves large
scatter in the correlation qc - CRR, hence large errors
in CRR estimated from qc. In fact, Robertson (1998)
warns that the correlation qc - CRR may be adequate
for low risk, small scale projects, while for medium
to high risk projects he recommends to estimate CRR
by more than one method. Moreover, experimental
work over the last 20 years (an overview is presented
by Marchetti 1999c) has shown that, while KD is
fairly sensitive to the past stress-strain history, qc is
scarcely reactive to this factor, which, on the other
hand, greatly increases resistance to liquefaction.

02
10
20

KD(DMT) 2

30

Figure 8. KD method for detecting slip surfaces in OC clay
slopes.

4.5 Laterally loaded piles

4.6 Liquefaction
Figure 9 summarizes the available knowledge for
evaluating sand liquefiability by DMT. The curve
recommended to estimate the cyclic resistance ratio
(CRR) from the parameter KD is the curve by Reyna
& Chameau (1991), based in part on their curve KD Dr (relative to NC sands) in Figure 10. This
correlation has recently been confirmed by additional
datapoints KD - Dr obtained by Tanaka & Tanaka
(1998) at the sites of Ohgishima and Kemigawa,
where Dr was determined on high quality frozen
samples. Once CRR has been evaluated from
Figure 9, it is used in liquefaction analysis with the
methods developed by Seed.

Figure 9. Curves for estimating the cyclic resistance ratio CRR
from KD (Reyna & Chameau, 1991).

Horizontal stress index, KD

Of the various methods developed for deriving P-y
curves from DMT results, the ones recommended by
the authors are those by Robertson et al. (1987) and
Marchetti et al. (1991). A number of independent
validations (NGI, Georgia Tech and tests in Virginia
sediments) have indicated that the two methods
provide similar predictions, in quite good agreement
with the observed behavior.

Kemigawa

Ko  0.45 in all cases
Ohgishima

Relative density, Dr
Figure 10. Correlation KD - Dr for NC sands (Reyna &
Chameau, 1991). The shaded areas represent datapoints
obtained by Tanaka & Tanaka (1998) on frozen samples.
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Figure 9, in combination with the available
experience, suggests that a clean sand (natural or
sandfill) is adequately safe against liquefaction (M =
7.5 earthquakes) for the following KD values:
 non seismic areas
:KD > 1.7
 low seismicity areas (amax/g = 0.15)
:KD > 4.2
 medium seismicity areas (amax/g = 0.25) : KD
>
5.0
 high seismicity areas (amax/g = 0.35)
:KD > 5.5
4.7 Consolidation and flow parameters
The DMT permits to estimate the horizontal
coefficient of consolidation ch and permeability kh in
clay by means of dissipation tests. Various
procedures have been formulated (DMTC,
Robertson et al., 1988; DMTA, Marchetti & Totani,
1989). All methods are based on the decay with time
of h total against the membrane after stopping the
blade at a given depth.
The DMTA method (probably more often used
than DMTC) consists of taking a timed sequence of
A readings until stabilization. (The DMTA
dissipation is perfectly analogous to the "holding
test" by pressuremeter). ch is estimated from the time
Tflex at which the S-shaped decay curves A - log t
exhibit a contraflexure point. The coefficient of
permeability kh is then determined from ch and MDMT
(see formulae in Table 1). Case histories presented
by Totani et al. (1998) have indicated that ch values
from DMTA are generally 1 to 3 times smaller than
ch back-calculated from "real life" observations.
Determining ch and kh from DMT dissipations
presents various advantages over the piezocone: (a)
lower distortion induced in the soil by the
penetration of the blade; (b) absence of problems of
saturation, filter clogging, smearing; (c) "integral" rather than "punctual" - measurement.
4.8 Use of DMT for FEM input parameters
Two approaches have been considered so far.
a Model the dilatometer test by a FEM computer
program by adjusting the input parameters until
the DMT results are correctly "predicted". This
approach has the shortcoming of involving, at the
same time, many additional (unknown)
parameters.
b Based on the soil information available, give an
initial "tentative" set of input FEM parameters.
Then simulate by FEM a simple laboratory test
(e.g. oedometer), adjusting FEM input parameters
to improve the matching of MFEM vs. MDMT. This
approach is less ambitious, yet it could help avoid
gross mistakes in the FEM analysis.
An example of use of deformation parameters
determined by DMT in design of underground
structures (Cairo metro tunnels) is illustrated by
Hamza & Richards (1995). Their numerical analyses

adopted the simplest possible model (linear elastic),
with E  0.8 MDMT. The model is elementary, but
often even simple models, with a judicious choice of
the parameters, can provide fairly accurate solutions.
5 CONCLUSIONS
Based on the available experience, the DMT best
applications are: (a) M and cu profiles. (b) Settlement
prediction. (c) Monitoring soil improvement. (d)
Recognizing soil type. (e) Distinguish freelydraining from non freely-draining layers. (f) Verify if
a clay slope contains active/old slip surfaces.
The DMT also gives useful information on: (a)
OCR and K0 in clay. (b) Coefficient of consolidation
and permeability. (c) P-y curves for laterally loaded
piles. (d) Sand liquefiability. (e) Friction angle in
sand. (f) (OCR and K0 in sand).
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Estimating pile skin friction in clay and sand using SPT-Torque tests
Alan J. Lutenegger & Shawn P. Kelley
Department of Civil and Environmental Engineering, University of Massachusetts, USA

ABSTRACT: The Standard Penetration Test supplemented with a torque test (SPT-T) can be used to obtain a
direct measurement of skin friction between the spoon and the surrounding soil. The test is an added
component to the SPT that is performed following the standard SPT procedure and therefore does not
compromise the conventional SPT results. In order to perform the SPT-T the split spoon is rotated after
driving the ASTM specified distance and the maximum torque is measured using a calibrated torque wrench
or torque transducer attached to the top of the drill string. The measured torque is used along with the known
geometry of the spoon to give a value of the average unit skin friction acting along the spoon.
SPT-T results at four test sites are presented. Two of the sites consist of fine-grained soils while the other
two sites consist of granular soils. At each of the sites, results from pile loading tests on steel pipe piles are
also available to provide a comparison of side friction with the SPT-T skin friction. The results show that the
unit skin friction values obtained from the SPT-T tests are very similar to back calculated skin friction from
the pile loading tests and suggest that the SPT-T can be a valuable test for making preliminary estimates of
pile skin friction. A simple correlation is presented between unit skin friction and SPT blowcounts, which is
consistent with other reported correlations based on pile loading tests. The test results confirm that the SPT is
predominately a skin friction test.
1 INTRODUCTION
Engineers often need simple and rapid methods to
make preliminary estimates of pile capacity. A series
of tests were performed to investigate values of unit
skin friction obtained from the rotation of a Standard
Penetration Test (SPT) split spoon to evaluate the
rotational skin friction obtained from the
measurement of the corresponding maximum torque.
Tests were conducted at four sites representing stiff
and soft clay, and loose and medium dense sand. A
comparison is presented between the skin friction
results obtained from the torque measurements and
the results of a steel pipe pile installed at the sites
and load tested to failure.
2 SPT-T TEST
It appears that Ranzine (1988) was the first to
suggest a simple modification to the SPT in which
the traditional SPT is complemented by a torque
measurement. That is, after driving the split spoon,
torque is applied to the top of the drill rod string in
order to rotate the spoon. Decourt & Filho (1994)

have shown that the ratio of torque to SPT
blowcount, N, (T/N with T measured in kg m) has
proven useful in practice.
It can be argued that an advantage of the torque
measurement is to add a simple quasi-static testing
component to a test that results initially from a
dynamic phase. While most of the soil structure may
be destroyed during installation of the spoon, the
torque measurement may act in a region where the
soil retains much of its original fabric and is only
partially remolded. The torque measurement appears
to be a novel addition to the SPT, which does not
detract from the standard test procedure and requires
only minimal additional effort. In fact, the test only
takes about another minute to perform. It seems
logical that while the actual N value obtained from
the SPT may be subject to wide variations the torque
measurement should be less variable. The torque
may be affected if the spoon or rods wobble and
contact between the spoon and soil is lost.
The torque measurement may have direct
application for estimating skin friction of driven
piles. Using the moment arm as the distance from
the center of the spoon (where torque is applied) to
the outside diameter, and neglecting any contribution
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from the soil at the end of the spoon, the unit skin
friction may be given as:
fs 

2T
d 2 L

(1)

where T = measured torque; d = diameter of spoon;
and L = length of penetration.
Equation 1 also neglects any contribution of skin
friction from the inside of the spoon, which is likely
to be the case if the spoon is used without liners and
has an internal relief.
3 FIELD INVESTIGATION
A field investigation was performed at four sites to
evaluate the unit skin friction measurements
obtained with SPT-T tests and to compare the test
results with skin friction obtained from pile loading
tests.
3.1 Clay Sites
3.1.1 NGES-Houston
Tests were performed at the National Geotechnical
Experimentation Site at the University of Houston,
in Houston, Texas. In general, the soil at the site is a
very stiff, desiccated, overconsolidated clay. The
soils above a depth of about 8 m are slickensided,
and the soils below 8 m contain numerous sand
seams. A detailed description of the geotechnical
properties at the site has been presented by O’Neill
(2000). Ground water typically occurs at a depth of
about 2.5 m.

lake deposits. The surficial layer consists of a poorly
graded fine to medium sand with a trace of silt and
represents a glacial meltwater delta deposit. The
sand is on the order of about 27 m in thickness.
Laboratory results indicate that the sand deposit is
very uniform with a D50 = 0.4 mm, Cu = 2.0, Cc =
1.0, % Fines = 4, G = 2.67, emin = 0.46, emax = 0.91.
The estimated in situ relative density is about 60%.
The ground water table is located at a depth of
around 12 m below the ground surface.
3.2.2 Bioshelters
The second sand site is located in North Amherst,
Massachusetts and consists of a loose to very loose
silty sand. The upper 2 m at the site is very silty with
a fines content on the order of 40%. Below 2 m, the
sand is more uniform with D50 = 0.4 mm. The
estimated relative density of the sand is on the order
of 30% based on SPT tests. The ground water table
is generally located within about 0.5 m of the ground
surface.
3.3 SPT-T tests
SPT Torque tests were conducted by attaching a drill
rod adapter to the top of the drill string immediately
after driving the spoon a distance of 45 cm. A direct
read torque wrench with a capacity of 41.5 kg m and
a precision of 0.7 kg m was then connected to the
drill rod adapter and the operator rotated the
assembly (rods and spoon) to produce a failure.
Occasionally, if the drill rod connections were not
tight, some initial hand tightening of the string was
needed. The assembly was usually rotated a full 180
until a maximum value of torque was obtained.

3.1.2 NGES-Amherst
Tests were performed at the National Geotechnical
Experimentation Site (NGES) at the University of
Massachusetts-Amherst. The stratigraphy and soil
properties at the site have been well documented and
described in detail by Lutenegger (2000). The
stratigraphy consists of about 1 m of mixed finegrained fill overlying a thick deposit of late
Pleistocene lacustrine varved clay. This deposit is
locally known as Connecticut Valley Varved Clay
(CVVC) and is composed of alternating layers of silt
and clay as a result of deposition into glacial Lake
Hitchcock. The CVVC has a well developed
overconsolidated crust in the upper 6 m. Below this
depth the clay is very soft and near normally
consolidated. Ground water is located within about
1 m of the ground surface.
3.2 Sand sites
3.2.1 Plattsburgh
The site investigated is located at the former U.S.
Air Force Base in Plattsburgh, New York. The site is
dominated by glacial and proglacial outwash and

Figure 1. Schematic of the SPT-T in the field.

In some situations the soil was sufficiently stiff or
dense so that the torque wrench capacity was
reached before a failure occurred. In these cases, a
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torque transducer was attached to the top of the drill
string and a long handle was then used to rotate the
assembly. The torque was read from a digital strain
indicator. A schematic of the test arrangement is
shown in Figure 1.
The technique is simple to perform, is
inexpensive and easy to deploy and is therefore
attractive for a field engineer. Torque was applied in
a slow and steady manner so that rotation would be
complete in about 15 sec. In order to be able to make
a comparison between the SPT blowcount and the
torque measurement, all SPT’s were conducted by
only driving the spoon a distance of 45 cm (18 in.).
The authors have previously described the use of the
SPT-T in sands (Lutenegger & Kelley 1998) and in
residual soils (Kelley & Lutenegger 1999).

Table 3. Summary of Pile loading Tests - UMass Amherst
Pile

L
(m)

OD
(mm)

Type*

fs
(kPa)

1
2
3
4
5

1.5
3.0
4.6
7.6
10.7

60.0
60.0
60.0
60.0
60.0

O
O
O
O
O

60
34
11
21
20



All piles placed in 1.2 m predrilled holes:
note: Pile No. 1 is from 1.2 m to 2.7 m
Pile No. 2 is from 1.2 m to 4.2 m
Pile No. 3 is from 1.2 m to 5.8 m
Pile No. 4 is from 1.2 m to 8.8 m
Pile No. 5 is from 1.2 m to 11.9 m
* C = Closed-end pile; O = Open-end pile

4 RESULTS
3.4 Pile loading tests

4.1 SPT-T tests

In order to provide a basis for comparison of the skin
friction values measured in the field tests, a series of
prototype-scale pile loading tests were conducted on
several small diameter pipe piles installed at three of
the sites. Both open end and closed end piles were
tested. Tables 1 and 2 give characteristics of the piles
tests conducted at the two sand sites. Axial tension
tests were then performed until failure.
Compression pile loading tests on driven
prototype scale piles were performed at the NGES
Amherst. These results are given in Table 3.
Results of full-scale compression pile loading
tests on 273mm driven closed end steel pile piles at
the Houston site have been presented by O’Neill et
al. (1982). The piles were driven to a depth of 13 m
and were instrumented to give the distribution of
side friction along the pile length.

Figures 2 and 3 give the results of the SPT-T tests at
the clay and sand sites, respectively. The 60% energy
corrected SPT N values are shown along with the
calculated values of unit skin friction using Equation
1. It can clearly be seen that the N values and unit
skin friction values follow similar trends and
therefore one should expect a correlation between
these two measured values.
NGES Houston
NGES Amherst
0

Pile

L
(m)

OD
(mm)

Type*

fs
(kPa)

1
2
3
4
5

6.1
6.1
6.1
6.1
6.1

73.0
88.9
114.3
73.0
88.9

C
C
C
O
O

148
50
89
165
284

Depth (m)

5

Table 1. Summary of Pile loading Tests -Plattsburgh.

10

* C = Closed-end pile; O = Open-end pile
15
0

Table 2. Summary of Pile loading Tests – Bioshelters.
Pile

L
(m)

OD
(mm)

Type*

fs
(kPa)

1
2
3
4
5
6

9.1
9.1
9.1
9.1
9.1
9.1

73.0
88.9
114.3
73.0
88.9
114.3

C
C
C
O
O
O

15
7
8
8
14
15

* C = Closed-end pile; O = Open-end pile

10

20

N60 (blows/0.3m)

30

0

100

200

300

fs (kPa)

Figure 2. N60 and fs as a function of depth for the clay sites.

4.2 Pile loading tests
Tables 1, 2 and 3 give a summary of the calculated
average unit skin friction based on the measured
failure load and the calculated external surface area
of the piles. The results presented in Tables 1 and 2
indicate that the average unit skin friction acting
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along a pile in sand is dependent on a number of pile
characteristics and can be different for open end and
closed end piles. Additionally, it is well known that
pile whip during installation can reduce contact area
which will also influence the back calculated value
of skin friction from a loading test.
Bioshelters
Plattsburgh
0

5

pile size, pile plugging, L/d, and other factors should
be taken into account for design.
4.4 Correlation between N and skin friction
Empirical approaches to the design of driven piles
based on SPT N values have been suggested by a
number of authors, e.g. Meyerhof (1976) based on
observations of full-scale performance. Figure 4
shows a comparison of measured unit skin friction
from the SPT-T tests and the 60% energy corrected
SPT blowcount, N60. Within the range of practical N
values, i.e. for SPT N values up to about N60 = 60,
there is a linear correlation between unit skin friction
and N60 as:

Depth (m)

f s  4.6 N 60

10

15
0

20

40

60

80

0

N60 (blows/0.3m)

75

150

225

fs (kPa)

Figure 3. N60 and fs as a function of depth for the sand sites.

Table 4. Comparison of SPT-T and Pile loading Tests
Site

Pile Tests: fs
Range
Average
(kPa)
(kPa)

SPT-T Tests: fs
Range
Average
(kPa)
(kPa)

Houston
Amherst
Plattsburgh
Bioshelters

24 – 96
11 – 60
50 – 284
7 – 15

51 – 197
7 – 168
9 – 217
7 – 99

48
29
147
11

94
28
81
41

4.3 Comparison of skin friction
Table 4 presents a summary of the measured skin
friction from the SPT-T tests and the back-calculated
unit skin friction from the pile loading tests at each
site. Only the SPT-T tests obtained over the length of
the pile at each site were used for this comparison. It
can be seen that the measured average unit skin
friction values obtained from the pile tests are all
within the range of unit skin friction measured in the
SPT-T tests. This is encouraging and demonstrates
that the SPT-T data may be used for estimating the
skin friction of driven piles. Average values at each
of the sites show some scatter however; a more
detailed investigation using instrumented piles
would be needed to evaluate the variation further. It
should be noted that the pile tests themselves
produced some uncertain trends and the influence of

(2)

The authors have noted a similar correlation
between fs and N60 in Piedmont residual soils for N60
up to 40 blows/0.3 m. This apparent “maximum”
N60 value is expected since there should be a
limiting value of obtainable unit skin friction from
the spilt spoon. This correlation also supports the
observation that the SPT is primarily a skin friction
test. When performing an SPT, the first 0.15 m of
driving can be attributed to overcoming end bearing
to “seat” the spoon. The second increments of
driving are summed together to give the N-value of
the soil, which is predominately derived from
frictional resistance along the outside of the spoon
(especially if there is an internal relief inside the
sampler). Making this observation enforces the
correlation between fs and N60.
It should be noted that there is some scatter in the
data from which Equation 2 was derived, given a
coefficient of determination equaling 0.67 from the
statistical linear regression. This scatter could be
related to a number of different things including the
soil type in which the parameters were measured or
the test procedure itself, i.e. inconsistent N values
due to equipment variations (Lutenegger & Kelley
1997).
The recommendation presented by Meyerhof
(1956, 1976) for estimating unit skin friction from
SPT N values is shown in Figure 4 for comparison.
The average trend line suggested by the SPT-T data
gives a unit skin friction about 2 times that suggested
by Meyerhof (1956, 1976).
One possible explanation for this is that the SPT
N values used by Meyerhof (1956, 1976) were likely
obtained in earlier years using either a Donut or
Pinweight Hammer and therefore the N values
would be artificially high as a result of lower energy
levels produced by these two types of hammers.
Additionally, Meyerhof suggested the correlation
shown in Figure 4 would essentially represent a
conservative “lower bound” value. Inspection of the
test data presented by Meyerhof shows that nearly all
of the data fall above this line.
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300
NGES Houston
NGES Amherst
Bioshelters
Plattsburgh

250

fs (kPa)

200
fs = 4.60 N60
150

100

50

Meyerhof (1976)
fs = 1.92 N

0
0

20

40

60

80

N60 (blows/0.3m)
Figure 4. Relationship between fs and N60 for all sites
investigated.

At the present time, the correlation shown in
Figure 4 appears to be independent of soil type,
although there may be some difference for finegrained vs. coarse-grained soils.
Also, this
correlation is similar in magnitude to other reported
correlations for both driven displacement piles and
bored piles (e.g. Shioi & Fukui, 1982; Robert, 1997)
for a wide range of soil types.
5 SUMMARY AND CONCLUSIONS
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The results of SPT-Torque tests conducted at four
test sites including clay and sand indicate that the
calculated unit skin friction values are similar in
magnitude to average unit skin friction obtained
from proto-type and full scale pile loading tests. The
torque test is simple to perform and does not detract
from the standard SPT test procedure. The results
presented in this paper and performed at a number of
other sites by the authors may help to provide a
justification for the empirical use of SPT results for
design of piles. That is, there is strong evidence that
the dynamic measurement of the test is directly
correlated to a quasi-static skin friction measurement
acting on the outside of the spoon. This observation
was initially suggested by Schmertmann (1979).
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A new method for predicting load capacity of jacked piles using Dutch
cone penetration test
Sugie Prawono
Petra Christian University, Indonesia

ABSTRACT: Dutch cone penetration test is a method which is commonly used for predicting pile load
capacity. Since some assumed correlation factors have to be applied to the data of the friction as well as the
cone resistance, results of prediction are sometime over predicted. Accuracy of the correlation is the most
important factor for obtaining good prediction.
A new method of prediction proposed in this paper is based on the comparison of the pile load calculated
using data of Dutch cone test to the load of jacked piles recorded during the installation process. By applying a
correction factor, , to the data of local friction, the calculated graphs of load capacity could be matched to the
graphs of the recorded jacking load.
The  factor is found to depend on the soil type which is in this case, represented by the magnitude of cone
resistance. Graphs of  factor versus depth are presented together with a sample calculation.
1 INTRODUCTION
The most important thing in pile foundation is to
have load confirmation of each pile installed. The
only piling system that could show the load during
the installation of the pile is Jacked Piling system
where the load could be monitored from a
manometer. In this system, the precast pile is pressed
into the ground by a hydraulic jack.
In the beginning, jacked pile was applied only for
underpinning projects by using the underside of the
foundation of the existing building as the reaction.
Application of this system was then developed in
Southeast Asian countries (Malaysia, Singapore and
Indonesia) for installing piles for foundation of new
buildings. One of the most popular systems in this
area is V-Pile. In the early period, this system could
only be used to drive piles with small sizes varying
from 177 mm equilateral triangle piles to 200 mm 
200 mm square pile with the maximum applied
jacking load was 1imited to 50 tonnes. The system
was then improved to drive piles with size up to 300
mm by using the applied jacking load over 100
tonnes.
In clay layer where the friction bearing is
dominant, the relation of pile depth to the load
capacity during the pile installation must be
accurately determined in order to have an
economical design. Since the jacking load is
assumed as the minimum load capacity of the pile, it
is possible to make an accurate method of

calculation for this purpose. By comparing graphs of
jacking load vs. depth obtained from the past
projects to those produced from calculation using
soil data of Dutch cone penetrometer, such as: cone
resistance (qc) and friction resistance (fs), it is
possible to match both graphs by applying adhesion
factor () to the friction resistance in the calculated
graph.
Data used in this research were obtained from
recorded data of  2000 V-Piles with the
corresponding Dutch cone penetration tests carried
out in Surabaya area.
2 GEOTECHNICAL DATA
Design parameter used in this research is based on
the data of Dutch cone tests carried out in the
projects where the V-Piles were applied. The basic
consideration to use this Dutch cone test is due to
that this kind of test has the same principle of
method of penetration as the jacked pile. Therefore,
this jacked pile could actually be assumed as the
very big Dutch cone penetrometer. The used
penetrometer tip consists of the cone and the friction
jacked for measuring the cone resistance (qc) and the
local friction (fs) of the soil at every depth interval
(Begemann, 1969). For this research, data are
obtained from several locations in Surabaya area and
plotted in graphs showing the relation of qc and fs
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with the soil depth which could be divided into 3 soil
types as shown in Figure 1.

Figure 1. Graphs of Dutch cone tests.

3 DESCRIPTION OF JACKED PILING SYSTEM
The jacked piling system used in this research was
V-Pile with the jacking capacity of 50 tonnes, which
is shown in Figure 2.

b. Extend stabilizer rams to ground and then
extend further to raise base rollers clear from
the transfer pipes.
c. Move transfer pipes in x direction.
d. Lower base onto the transfer pipe by retracting
stabilizer rams.
e. The rig is now ready in the new location, or
move further by repeating step 1 to 4.
 Movement in the y direction
a. With the stabilizer rams fully retracted, move
carrier toward y direction using transfer chain
mechanism. At this time, base remains
stationary.
b. Extend stabilizer rams to ground and then
extend further to raise base and clear base
rollers from the transfer pipes.
c. Move base in y direction using transfer chain
mechanism (carrier remain stationary). Realign transfer pipes beneath base rollers.
d. Lower base onto transfer pipes by retraction
stabilizer rams.
e. Rig is now ready to pile in the new position, or
move further by repeating step 1 to 4.
Recorded jacking load versus depth obtained
from projects where the jacked piles were used are
plotted in graphs as shown in Figure 3. All piles
were square piles of 200 mm  200 mm.

Figure 2. V-Pile system.

The pile in this case consists of several sectional
precast piles having steel joint at each end. After a
section of pile is already installed in the ground, the
next pile section is then put on the top of the
installed one and jointed together by welding. The
penetration of the pile is then continued until the
design jacking load is achieved.
The equipment consists of 3 main parts: pressing
chamber, kentledge carrier and the base. During the
installation of pile, the pile is placed in pressing
chamber and pressed down into the ground by using
two hydraulic jacks in the chamber.
This V-Pile could be moved in the orthogonal x
and y direction using the transferring system as
described below:
 Movement in the x direction:
a. With the stabilizer rams fully retracted, move
base and carrier in x direction along transfer
pipes by winching.

Figure 3. Graphs of recorded jacking load (Qv) versus depth for
different soil type.

4 METHODS OF ANALYSIS
The ultimate capacity of pile which is calculated by
using Dutch cone penetrometer test is formulated as
follow:
Qu = Qb + Qs

(1)

where Qb = qc.Ab and Qs =  fs.As.
Note:
Qu = ultimate capacities of pile (kN)
Qb = ultimate base resistance of pile (kN)
Qs = ultimate friction resistance of pile (kN)
qc = cone resistance of soil at the pile base (kPa)
fs = local friction of soil acting on pile wall (kPa)
Ab = cross sectional area of pile (m2)
As = area of pile sleeve (m2)
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From the installation of the jacked pile, the
recorded jacking load (Qv) is resisted by point
bearing (Qb) and also a part of friction bearing (Qs’)
as shown in Equation (2):
Qv = Qb + Qs’

Qs’ = Qv + Qb

(3)

If the value of Qs’ is divided by the calculated
value of Qs then ’ could be determined.
’ = Qs’/Qs

Table 1. Calculated ’ values.

(m)
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21
22

(5)

5 RESULT OF ANALYSIS
The plot of all ’ values against the soil depth for
each category of soil, the mean value  to be used in
design could be found and plotted in graphs shown
in Figure 4 below.

(4)

Data of ’ values for the whole projects together
with the corresponding cone resistances could be
plotted with depth for knowing the relationship. For
simplification, the soil in this research is divided into
3 categories of q, values by following a method of
classification proposed by Tomlinson (1980), as
follows:
 qc < 500 kPa
: very soft to soft soil
 500 kPa < qc < 2000 kPa
: medium to stiff soil
 qc > 2000 kPa
: very stiff to hard soil
Sample of calculation is shown in Table l.

qc

Qv’ = Qb + Qs

(2)

It is assumed that the value of calculated Qb is the
same as the point resistance experienced by the pile
during installation process. Therefore, the value of
Qs’ could be determined as shown in Equation (3):

Depth

be known (). This  value is then applied to the
value of calculated Qs for determining the predicted
jacking load (Qv’) as follow:

fs

(kPa)
500 20
800 40
5500 90
1000 33
600 20
600 48
1900 93
600 26
500 20
500 33
700 27
700 34
500 12
600 41
400 26
900 33
1100 53
1600 94
2700 73
3500 100
4000 100
4000 100

Cumm.
fs
20
60
150
183
203
251
344
370
390
423
450
484
496
537
563
596
649
743
816
916
1016
1116

Qv

Qb

Qs’

14.14
13.43
12.71
13.57
13.43
12.29
13.43
12.71
13.29
12.86
12.57
12.71
13.14
13.86
15.00
17.00
16.29
17.21
19.00
21.29
24.29
28.00

(tonnes)
2.00 12.14
3.20 10.23
22.00 -9.29
4.00
9.57
2.40 11.03
2.40
9.89
7.60
5.83
2.40 10.31
2.00 11.29
2.00 10.86
2.80
9.77
2.80
9.91
2.00 11. 34
3.20 10.66
1.60 13.40
3.60 13.40
4.40 11.89
6.40 10.81
10.80
8.20
14.00
7.29
16.00
8.29
16.00 12.00

Qs

’

1.60 7.59
4.80 2.13
12.00 -0.77
14.64 0.65
16.24 0.68
20.08 0.49
27.52 0.21
29.60 0.35
31.20 0.36
33.84 0.32
36.00 0.27
38.72 0.26
39.68 0.28
42.96 0.25
45.04 0.30
47.68 0.28
51.92 0.23
59.44 0.18
65.28 0.13
73.28 0.10
81.28 0.10
89.28 0.13

By grouping the ’ values according to the soil
category above, it is interesting to know that the’
value depends on the soil type and also the
corresponding depth. It is also found for very soft
sandy clay, ’ is higher.
If the whole ’ are plotted with depth according
the category of soil type, the mean value of ’ would

Figure 4. Graphs of ’ values for Each Soil Category

It is noticed from Figure 4 that the variation of ’
become smaller for the stiffer soil. Factor of soil type
is important for the  value for soil type 1 and 2,
where qc < 2000 kPa.
It is also interesting to know that for soil with qc >
2000 kPa (very stiff to hard soil), the  value is
found to be constant with depth and it decreases
from 0.4 to 0.26 at a depth around 12 m. Starting
from 15 m, the  value for the whole soil types is
almost constant with depth in the range of 0.25 –
0.40.
Prediction of jacking load versus depth for jacked
piles of the other projects by using this method of
analysis showed very close agreement to the
recorded jacking load in situ (Figure 5).

Figure 5. Comparison of Predicted Jacking Force (Qv’) to
Recorded Jacking Load Qv).

Results of this analysis show that the accuracy of
the prediction becomes more accurate for the stiffer
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soil (qc > 2000 kPa) as shown in soil type 3 of
Figure 5.
Loading test carried out on several jacked piles
always produced ultimate capacities bigger than the
applied jacking load. This condition is not surprising
since the strength of the soil that was remolded
during the installation process will recover with
time.
6 CONCLUSIONS
From the data of recorded jacked piles, a new
method of calculation for predicting accurate load
capacity of pile during the installation process could
be possibly conducted.
By using the proposed method of calculation, it is
now possible to determine the pile load capacity in
the “short term” condition.
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ABSTRACT: The initial estimation of the pile length necessary to attain a desired axial capacity is often
conducted using methods empirically derived by correlating cone penetrometer test (CPT) results with load
test data. These methods implicitly assume the soil and pile characteristics to be free of variability, thus
resulting in deterministic estimates of ultimate pile capacity. The research herein accounts for these
measurement and model errors by combining principles of error propagation theory and mathematical
statistics with the CPT-based method developed by Eslami & Fellenius (1997). A design scenario using an
actual CPT profile is presented to illustrate the different minimum required pile lengths estimated by four
separate measures: global and partial factors of safety, probability of failure, and reliability index. The results
indicate that additional valuable information overlooked by deterministic analyses may be obtained by
incorporating uncertainty in CPT-based pile capacity prediction methods.
1 INTRODUCTION
The initial prediction of the ultimate axial capacity
of single driven piles is often calculated using CPTbased estimation methods. Conventional practice
assumes that both the CPT data and the model used
to estimate capacity are free of errors, two
assumptions that have long been questioned. The
study herein presents a method to account for these
errors by incorporating uncertainty in the CPT-based
methodology developed by Eslami & Fellenius
(1997).
The procedure relies heavily on the
combined use of error propagation theory and
mathematical statistics. An example with a real CPT
sounding in a heterogeneous profile is used to
compare the estimates of pile length required to
sustain a given load using conventional deterministic
methods with those obtained using the probabilistic
approach described herein.
The paper is divided into four main sections. The
first two describe the background of the developed
methodology.
The third section concerns the
mathematical development of propagating the errors
from the input geotechnical parameters to the final
estimate of ultimate capacity. Finally, the results of
both deterministic and probabilistic estimates are
illustrated along with a discussion of the limitations
and implications.

1.1 Axial capacity of piles
The ultimate static axial capacity of piles (Qu) is
generally determined by summing the frictional side
resistance (Qs) and end bearing resistance (Qt) and
subtracting the dead weight of the pile. There are
several methods for calculating both Qs and Qt, all of
which can be categorized either as direct or indirect.
The direct methods estimate Qs and Qt based on
established correlations between in situ test results
and pile load tests and include those developed by
Meyerhof (1976), Nottingham & Schmertmann
(1978), Bustamante & Gianeselli or LCPC (1982),
and others. Indirect methods rely on theoretical
principles such as critical state soil mechanics and
cavity expansion theory to estimate capacity based
on a variety of laboratory tests and include Vesic’s
method, the  and  methods, as well as the NGI and
 methods (e.g. DeRuiter & Beringen 1979; Yoon et
al., 1999).
The estimation of Qs and Qt is not a trivial matter
as it depends on several factors including the
properties of the soil surrounding the entire length of
the pile, the pile characteristics, and the load transfer
mechanisms amongst others. With this complexity,
it is not surprising that the prediction of pile
capacity, regardless of the method, yields estimates
differing from the measured capacity by as much as
50% (Eslami & Fellenius, 1997). It is logical that
this uncertainty needs to be quantified if the
adequacy of a given deep foundation design is to be
properly addressed.
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1.2 CPT-Based Pile Capacity Methods
The cone penetrometer test (CPT) is becoming the
preferred in situ tool for subsurface characterization
due primarily to its near continuous profiling of the
soil. Three parameters are generally reported: the
cone tip resistance (qc), the sleeve friction (fs), and
the pore pressure near the tip (u2). Due to the
similarity in the failure mechanisms within the soil
initiated by the penetration of a cone penetrometer
and that of a pile, it has been shown that qc and fs can
be directly correlated to the Qs and Qt, respectively,
of a pile by using two scaling factors: one for the
shaft (Cs) and another for the tip (Ct). There are
several methods commonly used to determine the
magnitudes of Cs and Ct directly from CPT results,
including those of Nottingham & Schmertmann
(1978), Bustamante & Gianeselli (1982), Almeida et
al. (1996), and Eslami & Fellenius (1997). Only the
latter will be discussed herein although the issues are
relevant to all methods.
The magnitude of Cs is typically correlated to the
soil type as classified using qc and fs. For instance,
Eslami & Fellenius (1997) classified soils based on
the relationship between qe and fs as shown in Fig. 1
where qe is the area-corrected qc minus u2.
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Figure 1. Soil classification chart (Eslami & Fellenius 1997).

It was found by analyzing over 100 case studies of
driven steel piles near load tests in various soils that
the magnitude of Cs varied according to soil type as
shown in Table 1.
Table
1. Range of Cs values based on soil classification.
_____________________________________________
Classification
Category
Range (%)
_____________________________________________
1. Soft sensitive soils
7.37-8.64
2. Clay
4.62-5.56
3. Stiff clay/Mixture of clay and silt
2.06-2.80
4. Mixture of silt and sand
0.87-1.34
5.
Sand
0.34-0.60
_____________________________________________

In terms of Ct, Eslami & Fellenius (1997)
determined that it had a constant value of 0.98 and a
standard deviation of 0.09, regardless of pile and soil
types. It should be noted that in this method, the
shaft capacity is calculated based on qc and not fs
due to the high variability and low reliability of the fs
measurement (Almeida et al., 1996). Thus, Cs not

only accounts for soil type but also for the
correlation between qc and fs.
Eslami & Fellenius (1997) used the magnitudes
of Cs and Ct as shown in Eq. 1 to estimate the
ultimate axial capacity of a single pile at any depth z.
 z 4d 
Qu   q ez  C sz  As    q ej 
z 0
 j  z 4d 
L

1

n

 C t  At

(1)

where L is the pile length, As is the incremental
surface area of the pile in contact with the soil, At is
the pile tip area, and n is the number of measurement
increments within the failure zone centered about the
pile tip elevation. The right hand term in this
equation is the geometric average of all the qe values
within a zone of 4 pile diameters above and below
the elevation of the pile tip and is necessary to
account for the length of the highly stressed failure
zone caused by the advancement of the cone or pile.
The filtering of qc profiles to mitigate the effects of
extreme values was found by many to be especially
necessary in heterogeneous soils (Meyerhof, 1956,
1976; DeBeer, 1963; Eslami & Fellenius, 1997).
2 VARIABILITY OF INPUT PARAMETERS
The ultimate capacity as shown in Eq. 1 has
traditionally been calculated using single
deterministic values of qe, Cs, As, Ct, and At at each
depth. However, these values are known to be nondeterministic. A certain degree of error is associated
with each value, implying that the variables are in
actuality described by a probability distribution
function and not a single deterministic value. A key
component of this study is thus to appropriately
describe each of these probability distributions.
2.1 Variability in qe
The effective cone tip resistance, qe, in a
homogenous layer can be described as a function
containing a trend and a residual component. The
trend component is a function of depth and can be
determined reliably using regression analysis and
represents the mean qe value at any given depth z.
The residual component represents the deviations of
the measured qe values from the trend and can be
divided into two components: (1) the error in the
measurement due to CPT limitations and (2) the
inherent or natural soil variability. These sources of
variability could be further subdivided into other
categories such as operator error, test bias, etc. as
detailed in Kulhawy et al. (1995) if desired, but it is
not done so herein.
For statistical reasons, the residual qe component
is assumed to follow second order stationarity,
implying that the expected value of this component
is zero at any given depth and its variance is constant
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throughout any homogeneous layer. For simplicity, it
is also assumed that the qe values are normally
distributed with the mean at any depth z equal to the
trend component and variance equal to the variance
of the residual component.
2.2 Variability in Cs and Ct
Eslami & Fellenius (1997) reported a range of Cs
values with interval magnitudes dependent on soil
type. Based on their work, it is reasonable to assume
that the reported ranges of Cs magnitudes encompass
approximately 96% of all the data for any given soil
type and are normally distributed. For instance, for
mixtures of silts and sands, the probability
distribution function can be described as normal
with mean of 2.43% and a standard deviation of
0.185% (coefficient of variation of nearly 8%).
The probability distribution function of Ct can be
directly inferred from the data provided by Eslami &
Fellenius (1997). By assuming normality, the
function is fully described with a mean of 0.98 and a
standard deviation of 0.09 (coefficient of variation of
about 9%).
2.3 Variability in As and At
The surface and tip areas of a pile are also
traditionally assumed to be constant. Although this is
evident for manufactured closed-end steel pipe piles,
it is not so straight-forward for other cross-sections
such as H-sections for which the surface area could
be interpreted as either the area of soil directly in
contact with the pile or as the rectangular area
inscribing the pile or as an area in between. The true
area of influence is not known and must thus
necessarily be treated as a random variable.
The same argument holds true for the tip area of
an H-section but is further complicated by the
presence of the highly stressed failure zone that
forms near the tip during penetration. If a log-spiral
failure surface is used to approximate the shape of
this failure zone, the soil at the tip elevation could be
influenced anywhere from 0 to 3 pile diameters away
from the center of the pile (Meyerhof 1951). The tip
area must therefore also be considered as random.
Because of length constraints and to avoid
increasing the level of complexity, the variability in
As and At in this paper is neglected, implying that the
areas are defined as constant for any pile herein.
2.4 Previous Research
The non-deterministic nature of the variables
involved with estimating pile capacity has been
extensively addressed by several authors, notably
Kulhawy et al. (1995), Yoon & O’Neill (1999),
Whitman (2000), Isenhower & Mosher (1996), and
Gambino & Gilbert (1996). These authors developed

or addressed various methods for accounting or at
least quantifying the degree of uncertainty associated
with the estimate of ultimate axial capacity but none
has explicitly attempted to do so for any of the direct
in situ predictive methods including those based on
the CPT.
The differences in the approaches taken by these
authors lie primarily in the type of probability
distribution functions assumed for each variable, the
inter-correlations between the variables, and the
statistical tools used to propagate the individual
uncertainties (e.g. first order approximations,
Gaussian simulation, point estimate methods, etc.).
3 ERROR PROPAGATION
3.1 Probabilistic shaft capacity
According to Eq. 1, the shaft capacity depends on
three parameters (qe, Cs, and As) with the first two
being random variables with probability distribution
functions described earlier and the third a
deterministic constant. At any given elevation within
a homogeneous layer, qe and Cs are independent
since there is by definition no variability in the soil
classification type and they are also independent of
As since it is itself assumed to be a deterministic
constant. Thus, determining the probability
distribution function of the incremental shaft
resistance at any given elevation within a
homogeneous layer requires calculating the first two
moments of the product of two independent random
variables and a constant, a calculation for which an
exact solution does exist (Saussus 2001).
The first moment (expected value) of the total
shaft resistance equals the sum of the incremental
shaft resistances within a depth equal to the pile
length (L) and is thus easily computed. On the other
hand, the second moment (variance) of the total shaft
resistance equals the sum of the variances of the
incremental shaft resistances within a depth of L plus
a term dependent on the autocorrelation between all
of the incremental shaft resistances and the
incremental shaft resistance at the tip elevation.
Hence, the calculation of the variability of the total
shaft resistance at any given depth requires
knowledge of the autocorrelation of the incremental
shaft resistance.
Two common methods for estimating the
autocorrelation function of a random variable exist.
Either it can be assumed to be equal to functions
quoted in geotechnical literature for similar soil
types if available, or it can be calculated using
geostatistical tools. For reasons of simplicity, the
results shown herein assume a spherical
autocorrelation with a range dependent on soil type.
Specifically, commonly cited correlation ranges of qc
of 0.5 m and 2.0 m will be used for fine-grained and
coarse-grained soils, respectively (Kulhawy et al.,
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3.2 Probabilistic tip capacity
The first two moments of the tip capacity also
depend on three variables: qe, Ct, and At. Based on
the previous assumptions, these variables are
independent of one another and the qe values are
correlated as a function of separation distance and
can thus be determined similarly.
The calculation of the first two moments of the
tip capacity unfortunately does not have an exact
solution since it involves taking the nth root of the
product of as many as n correlated random variables.
However, by taking a logarithmic transform of the
tip resistance term of Eq. 1, the problem can be
altered to the summation of n logarithmic terms
which does have an exact solution. Thus, evaluation
of the first two moments of the pile tip capacity at
any given depth requires identifying the
autocorrelation function of qe, taking the logarithmic
transform of the equation, estimating the first two
moments of the logarithm of qe using a bivariate
point estimate method described by Harr (1987), and
back-transforming the two moments using an
exponential transform.

4 APPLICATION OF METHODOLOGY
4.1 Description of example
To illustrate the results of the probabilistic approach
summarized so far, different measures of the
adequacy of a pile design will be discussed for the
particular CPT sounding shown in Fig. 2. This
sounding was obtained using a 15 cm2 piezocone
and recorded qc, fs, and u2 readings to a depth of 38
m at a constant measurement increment of 5 cm. The
soil can be delineated as follows: 0-10 m contains a
mixture of silts and sands, 10-30 m is predominantly
clays, and 30-38 m is mostly clean sands. The
groundwater table lies at an approximate depth of
10 m.
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1995). These correlation ranges can be manipulated
to derive the autocorrelation ranges of the
incremental shaft resistances. The analytical
development and solutions to the above calculations
are presented elsewhere (Saussus, 2001).
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Figure 2. CPT sounding used in example.

3.3 Probabilistic ultimate capacity
The expected value of ultimate capacity equals the
sum of the expected values of the shaft and tip
resistances, while the variance equals the sum of the
variances plus the covariance of the shaft and tip
resistances. It is reasonable to expect this covariance
term to be negligible since there is no physical
reason that the shaft and tip resistances should be
dependent on one another because they are both
functions of different failure mechanisms, the former
being an interface-shearing mechanism and the latter
being a bearing capacity mechanism. This is evident
by the strain incompatibility between the relatively
short distance required to mobilize the shaft
resistance (2-5% of pile diameter) and that required
to mobilize the tip resistance (10-15% of pile
diameter). Consequently, the variance calculation of
the ultimate capacity is simplified and equals the
sum of the variance of the tip and shaft resistances
only.
It should be noted that there has not been any
mention of the probability distribution functions of
the shaft, tip, or ultimate capacity but only of their
first two moments. It is assumed that all capacities
are normally distributed, an assumption which can
be supported by principles of parsimonious
reasoning as well as the Central Limit Theorem.

For purposes of this example, it will be assumed
that an average load of 500 kN with a 96%
confidence level of it being between 400 kN and 600
kN is to be applied at the location of the sounding.
The objective of the example will be to determine
the depth to which a 200 mm diameter closed-end
steel pipe pile will need to be driven to attain a
satisfactory level of adequacy.
4.2 Trends in capacity estimate and uncertainty
The methodology developed for this study permits
the estimation of the expected value and variability
of shaft, tip, and ultimate capacities as a function of
pile length as illustrated in Fig. 3 where the left three
plots contain the expected value of the cumulative
shaft, tip, and ultimate capacity, respectively, and the
following three plots contain their variability in
terms of coefficients of variation. A few comments
are noteworthy:
 For pile lengths shorter than 25 m, the majority of
the ultimate capacity derives from the shaft
resistance. If the pile is driven deeper than 25 m,
the majority of the ultimate capacity comes from
the tip resistance.
 The uncertainty of the shaft capacity decreases
smoothly and asymptotically from 25% to 5% as
508



Qs (kN)
1000

1000

CV Qs (%)

Qult (kN)

Qt (kN)
20000

20000

1000

0

2000

0

0

5

5

10

10

15

15

20

L (m)

L (m)

0

25

CV Qt (%)
500

25

CV Qult (%)
50 0

25

50

20

25

25

30

30

35

35

40

40

Figure 3. Expected value and variability of shaft, tip and ultimate capacities as a function of pile length.

and 1.4, respectively. The trends in these two plots
represent the typical level of computations
performed in practice and lead to estimates of
minimum required pile lengths of roughly 33 m and
35 m in terms of ultimate capacity, respectively. It is
also worth noting that except between the depths of
25 and 28 m, the factors of safety either remain
constant or increase with increasing pile length.
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the pile length increases, while that of the tip
capacity remains around 25% regardless of pile
length. The fluctuations in the variability of both
the shaft and tip resistance are caused by the
various layers of differing soil types in contact
with the pile length. For the shaft capacity, the
fluctuations are small since it is a relatively
localized estimate based on the length of one
measurement increment. For the tip capacity, the
fluctuations in the variability are larger since all
of the measurements within the highly stressed
failure zone near the tip are included in each
calculation of tip capacity (all measurements
within four diameters of the tip). As the level of
heterogeneity of the subsurface increases, so will
the difference between the variability of the tip
capacity and that of the shaft capacity.
 The variability of the ultimate capacity tends to
decrease smoothly and asymptotically similarly to
that of the shaft capacity. Nevertheless, the most
notable fluctuations in the variability of the tip
capacity do appear in the trends of the variability
of the ultimate capacity as well due to the
presence of distinctively different layers.
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4.3 Selection of adequate pile length

Figure 4. Deterministic factors of safety.

There are several possible means of estimating the
pile length required to adequately sustain (i.e. safely
and economically) the example load scheme
described earlier. Four of these are discussed below:
the global and partial factors of safety, the
probability of failure, and the reliability index. The
results highlight the importance of considering
uncertainty in the design of deep foundations.

4.3.2 Probabilistic assessment of adequacy
One of the principle advantages of incorporating
uncertainty is that it offers the possibility of
calculating a theoretical value for the probability of
failure of the design, defined as the probability that
the safety margin is less than zero (Harr, 1987).
(Note that the safety margin is the difference
between the distributions of capacity and load).
Aside from calculating the probability distribution
functions of the load and capacity according to the
methodology described herein, the correlation
between the capacity and the load needs to be
determined. It is essential to ensuring the accuracy
of the resulting computed failure probabilities and

4.3.1 Deterministic assessment of adequacy
The global and partial factors of safety are illustrated
in Fig. 4. A global factor of safety of 2.0 was used as
recommended by FHWA (1996), and the partial
factors of safety for the capacity and load were 0.55
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reflects the level of confidence that any given
increase in capacity will sustain an equal increase in
load. As such, it is assumed to be equal to +0.75 for
this example.
The probability of failure is shown in Fig. 5 as a
function of pile length. Also shown is the reliability
index, defined as the inverse of the coefficient of
variation of the safety margin. Details of these
calculations are shown elsewhere (Kulhawy et al.,
1995; Saussus, 2001).
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5 CONCLUSIONS
The objective of this study was to incorporate
uncertainty into the CPT-based pile capacity
estimation method developed by Eslami & Fellenius
(1997). The derivation of this methodology was first
summarized and then illustrated with an actual CPT
sounding. The results indicated that accounting for
the variability of the geotechnical parameters
involved may yield significant new information that
is not apparent in traditional deterministic analyses
commonly conducted in practice. Furthermore,
inclusion of uncertainty highlights some of the
misconceptions which still prevail in practice,
including the erroneous belief that a higher factor of
safety implies a safer design. Use of such a
probabilistic analysis may help mitigate some of the
financial burdens typically incurred between the
preliminary design and the construction stage due to
unforeseen field conditions.

35

40

Figure 5. Probability of failure and reliability index.

For deep foundations, acceptable probabilities of
failure and reliability indices are 1/1000 and 3.0,
respectively (Whitman, 2000). It is worth noting that
these magnitudes are based on back-calculation from
the global factors of safety traditionally used in
practice. According to the trends in Fig. 5, an
adequate pile length for this example would be on
the order of 26 m, about 7 m shorter than estimated
with deterministic analyses. However, care must be
taken in this interpretation as the probability of
failure and reliability index fluctuate by several
orders of magnitude and do not remain constant or
increase with increasing pile length, as was the case
for the deterministic factors of safety. This highlights
the common misconception that increasing either the
global or partial factors of safety leads to safer and
more reliable designs. For instance, for pile lengths
between 28 and 32 m the factors of safety (both
partial and global) increased drastically while the
probability of failure and reliability index decreased
four orders of magnitude from 28 to 30 m but then
increased back four orders of magnitude from 30 to
32 m. Furthermore, the probabilities of failure at 26
and 34 m were similar, yet the partial factors of
safety more than doubled from 0.4 to 1.0. This
significant variability in probability of failure
suggests that pile lengths within the range of 28 to
32 m are probably best avoided, a distinction which
would not have been made had uncertainty not be
incorporated into the Eslami & Fellenius (1997)
method.
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ABSTRACT: Tung Chung New Town is one of the rapidly developing urban centres under the Government
of the Hong Kong Special Administrative Regional Growth Areas Strategy. The North Lantau Island district
is in an area of complex geology and presents many challenges particularly for ground investigation. The
bedrock consists of a complex series of deeply weathered and altered marble, metasediments and skarn with
igneous intrusions. The stratigraphy is intersected by large dyke swarms and regional and local faulting with
associated shear zones. Above the bedrock, dissolution of the marble has created dolines, many of which have
been filled with thick bands of clays and sands. The collapse of these structures has given rise to deep karst
deposits. These are in turn overlain by debris flow, alluvial, marine and fill deposits from the later Holocene
geological era and from recent construction activities.
Previous site investigations carried out in the area indicated that the structure of the weathered bedrock was
further complicated by the present of large cavity type features recorded at up to 12 m in thickness and of
unknown lateral extent. This interpretation was based on the presence of zones of no sample recovery or poor
core recovery combined with sudden drops of the drill string. For this project, a foundation scheme has been
designed to support the 50 storeys residential Tower Block 5 using 2.5 metre diameter bored piles socketed
into rock at a depth in excess of 120 metres. In assessment of the foundation scheme it was apparent that the
ground conditions needed to be better understood.
Subsequently, a state-of-the-art ground investigation programme was designed specifically to confirm the
geology and to determine whether the cavities were in fact, voids or otherwise filled with soil. This would
require samples to be obtained from within the cavity features and/or in situ examination or testing. To this
end, special polymer drilling fluids and revised sampling techniques with improved drilling record procedures
were adopted, in combination with a suite of geophysical surveys to additionally support the findings from the
drilling.
The results of the additional investigation revealed limitations in the current conventional site investigation
practice in Hong Kong especially in areas of complex geology involving soils at great depth. The additional
investigation has highlighted the benefit of an integrated drilling and geophysical survey approach to enable
detailed geological identification and assessment of complex ground conditions, particularly for deep
foundations.
1 INTRODUCTION
Previous ground investigations in the Tung Chung
area have indicated that the ground conditions are
complex and may not be well understood (see
Figures 1 and 2). The geological model presented
prior to this investigation was somewhat incomplete
as a result of being based on the findings of a series
of conventional ground investigation programmes.
Conventional Hong Kong practice in ground
investigation involves standard (Clayton et al., 1995)
methods and equipment which produces reasonable

results should the superficial deposits and Saprolites
be relatively thin. (Kirk, 2000; Gillespie et al., 1998;
GEO, 1984).
At the site of the proposed Tower 5 however, the
overburden is exceptionally deep in comparison to
adjacent Tower Blocks and indeed other areas of
Hong Kong. Therefore, a non-standard site-specific
investigation programme was designed because it
was felt that standard practices might not recover
adequate material or produce realistic and reliable in
situ test results.
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Figure 1. Site location plan and bedrock geology of the Tung Chung area, based on 1:200 000 scale geological map of Hong Kong
(Lands Department, 1999).

Figure 2. Interpreted E-W geological cross-section across part of Site 3 and the Proposed Tower 5 (Fletcher et al., 2000).

As the cavities were reported to occur below
-100 mPD, the investigation focused on the ground
below this depth by requiring continuous samples or
cores to be taken until competent rock had been
proved for 20 m. The techniques and methods to be
used were designed to achieve the maximum soil
and rock core recovery. This would be achieved by
implementing strict control measures on all stages of
the drilling process to ensure that both sample
quality and maximum borehole stability were
maintained to the depth required. To confirm
findings from the drillhole activities and to enhance
correlation between boreholes, a number of
geophysical survey methods were employed below
the level of the steel casing. These methods used
instruments that had been developed to reliably scan,

analyse and log the soil and rock strata beyond the
extent of the drillholes.
2 AREA OF INVESTIGATION
The area under investigation is the site of the
proposed 50 storeys Tower Block 5 that forms part
of a residential development near Tung Chung MTR
Station. The adjacent Blocks 4 and 6 were under
construction at the time of the investigation and were
supported by driven H pile foundations. Six
drillholes, M1A-M6, were positioned across the site
specifically to intercept the previously reported
cavities. The drillholes were set out on a 2 by 3 grid
at 9 m spacing as shown in Figure 3. The drillholes
were spaced 9 m apart to enable downhole
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geophysical methods to overlap and thereby provide
total coverage of the ground between each drillhole.

base of the drillhole. Even with such reduced flow
rates, the mud was still capable of effectively lifting
cuttings up the drillhole.
3.3 Sampling schedule
Above 100 m, mazier or U76 samples were taken at
3 m centres with Standard Penetration Tests (SPT)
carried out immediately afterwards providing small
tube samples. Below 100 m depth continuous
sampling was carried out using mazier or U76
sample tubes. When rock was encountered, diamond
impregnated core bits were used with triple tube
HMLC core barrel providing 76 mm core samples.
3.4 In situ testing

Figure 3. Borehole location map with rockhead contours.

3 SITE INVESTIGATION PROCEDURES
3.1 Drilling
As the zone of interest was generally below 100 m
depth, Soilmec SM400 hydraulic crawler mounted
rigs, were used to rapidly advance casing to this
depth by wash boring. Occasional coring was carried
out using T2-101 core barrels at depths were
boulders were encountered. Below 100 m depth
drilling was continued either by using SM-400 rigs
or conventional rotary Longyear LY-38 drilling rigs
(see Plate 1). Casing was telescoped in three layers
during the drilling process. Typically the size and
depths reached were ZX to 33 m, SX to 73 m, PX to
105 m and HX up to 153 m.
3.2 Drilling fluids
It was recognised at an early stage that balancing
water/flush levels in the ground and the drillhole was
essential. During drilling a specialist drilling mud
was used to control both the disturbance of material
at the base of the borehole and the stability of the
side wall in uncased sections. The mud comprised a
mix of water, AUS-PAC polymer (stable in both salt
and fresh water) and bentonite GTC 4. The ratio of
polymer and bentonite to water was varied
depending on depth, drilling method (wash boring or
coring) and anticipated hydraulic gradient in the
ground. The design viscosity of the mud was
between 34 seconds to 40 seconds and both the fresh
mix and the returning fluid were controlled by marsh
cone testing.
The increased viscosity of the drilling fluid
compared with water enabled flow rates to be
reduced which minimised scouring of material at the

Standard Penetration Testing was performed during
the investigation. Due to the depth of testing, each
drill rod connection was checked to ensure tightness
in order to minimise energy loss. Water balance was
also maintained before and during testing to
minimise soil loosening at the base of the borehole.
It was noted that the weight of the drill string alone
at 100 m depth was estimated to be in the order of
1.0 tonne applied over a 50 mm diameter cutting
shoe.
3.5 Groundwater
Groundwater was encountered in all drillholes and
was recorded by dip meter to find the water level in
the casing.
3.6 Drillhole verticality
Inclinometer surveys were performed in each of the
drillholes to check for horizontal deviation and to aid
the interpretation of the geophysical surveys. The
inclinometer surveys were carried out using the
Geokon Model 6300 uniaxial vibrating wire tilt
sensor run inside temporary ABS type (85 mm OD)
recoverable plastic casing installed in the drillholes.
Table 1 below illustrates the maximum deviation in
plan at the termination depth of the drillhole.
Table 1. Maximum horizontal deviation.
Drillhole

Depth (m bgl*)

Deviation (mm)

M1A
M2
M3
M4
M5
M6

156.20
175.66
154.74
176.15
153.91
170.48

700
5900
1650
7000
1200
2550

* metres below ground level
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Stop drilling process
Check fluid level in drillhole and adjust if
necessary
 Check any increase in sediment in fluid returns
 Contact drilling foreman or technician and inform
geotechnical engineer.
 Adjustment of mud viscosity
 Agree next step.
In general the next step comprised:
 Change in sampling sequence. Mazier and /or
piston sampling with recording of penetration
resistance
 Inspect recovery
 When recovery was less than expected, use bailer
to recover a sample
 Depending on what material was recovered, carry
out appropriate downhole geophysical survey
Two major anomalies were identified following
drill string drop during the standard penetration
testing and these are recorded in Table 2.
Table 2. Depth of anomaly.
Drillhole

Depth (m bgl*)

Level (mPD**)

M2
M4

144.59 to 146.94
148.00 to 150.96

- 138.55 to 140.94
- 141.98 to 144.93

* metres below ground level
** mean principal datum
Figure 4. Graphic logs from borehole M1A to M6 of the
additional investigation. Insert shows contours of the rockhead
level.

3.7 Logging
Soil and rock samples were examined on site and
described in accordance with Geoguide 3, Soil and
Rock Descriptions. All U76, mazier and SPT liner
samples were split open and described, a practice not
often undertaken in standard ground investigations
in Hong Kong. The description of split tube samples
as opposed to cutting shoe samples greatly enhanced
the geological understanding of the ground and
correlation between drillholes.
3.8 In process control measures
In order to adapt drilling and sampling methods in
the zones of likely core or sample loss a system of
in-process control measures was established. Key
indicators were identified and strict reported
procedures were implemented as part of these
control measures. The key indicators were:
 Increase in drilling penetration rate
 Loss of drilling fluid returns
 Sudden drop in drill string during drilling or
Standard Penetration Test
 Increase in sediment in drilling fluid returns
In the event that one or more key indicators were
noted, the following course of action was taken:

An example of the application of the in-process
control measures can be shown during the drilling in
M2 at –138.55 mPD illustrated above. At this depth,
the driller noted a sudden drop in the drill string
indicating a very low-density layer or ‘cavity void’.
However, no significant loss of drilling fluid was
reported within the zone neither was there a
noticeable reduction in viscosity of the drilling fluid.
Following consultation between the site supervision
staff it was agreed that a mazier or piston should be
taken. Upon attempting the mazier and piston
sample, a penetration ‘resistance’ was noted even
though there was no sample recovery. The bailer was
deployed which subsequently recovered some 76%
of material lost from the core run. Downhole
geophysical survey using the sonar (see Figure 7)
further indicated that no cavity was present.
Subsequent geophysical survey using the Electrical
Cylinder and Gamma Density equipment also
verified that no cavity voids were present at this
depth (see Figures 5 and 6). It should also be noted
that close daily liaison between the Contractor,
Consultant and client proved highly productive
allowing flexibility in varying the methods,
procedures or equipment employed for the ground
investigation works.
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3.9 Geophysical surveys
3.9.1 Electrical cylinder resistivity survey
The electrical cylinder resistivity survey is
essentially a surface electrical resistivity survey
performed down the drillhole. A specially developed
coaxial cable is inserted into a slotted plastic casing
previously installed in the drillhole with the steel
casing withdrawn.
By inducing current into the array, a three
dimensional averaging is formed which measures a
cylinder of apparent resistivity surrounding the
borehole annulus. Depending on the electrode
configuration and spacing, the radius of the cylinder
formed can be modified. The results of the electrical
cylinder survey are presented as a two dimensional
panel of apparent resistivity.
The electrode configuration used at the site
provided a survey radius of 5 m around each
drillhole. The results clearly identified rockhead and
subsurface lithological change. No cavity or voids
were observed which would have produced a distinct
resistivity change. Figure 5 illustrates a full cylinder
trace taken from drillhole M2 in the cavity area
stretching between 100 m and 170 m below the
ground surface.

Figure 6. Gamma density log drillhole M2.

3.9.2 Gamma density survey
The gamma density method is used to determine the
bulk density of subsurface formations. A radioactive
source (Co60) contained within the probe bombards
the adjacent borehole wall with gamma rays. A
detector on the probe then measures the amount of
gamma radiation back scattered from the formation.
The intensity of the radiation (counts per second)
backscattered to the detector is inversely related to
the electron or bulk density of the formation in
g/cm3. At this site the probe was raised at a rate of
4 metres per minute producing a continuous log of
the hole.
The results (density:depth) of the survey follow a
general trend of increasing density with depth as
expected (see Figure 6). No ‘zero’ density or very
low densities were recorded indicating that no
‘cavity voids’ are present within the M1A and M2
drillhole sections. In addition, zones with low SPT
‘N’ values which were recorded during the drilling
were compared with the gamma density log to
confirm any adverse or spurious reading. Figure 7
shows the gamma density trace taken within the
‘drill string’ drop zone found within the zone.
3.9.3 Sonar survey
The sonar probe is used to determine and quantify
subsurface voids. An acoustic signal is sent from the
resonator located at the base of the probe which
reflects off objects and the received echo is recorded
by the detector on the probe. The range of the sonar
wave reflections can be recorded between 0.3 m
and30 m from the sonar head. The received data
consists of the resonator’s angle and the distance
from the resonator to the object that reflected the
signal. The sonar resonator rotates at a preset speed
(r.p.s.), continuously sending sonic pulses and
receiving their echoes. This creates a complete 360

Figure 5. Electrical cylinder drillhole M2.
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Figure 7. Sonar results for the surface calibration pit (upper) and M2 drillhole anomaly at 145.6 m depth (lower).

radial horizontal profile of the interior of the
borehole or subsurface void. A three dimensional
image can be built up as the probe is withdrawn up
the drillhole.
The sonar was particularly useful in determining
the extent of any cavity void encountered and was
deployed on encountering any subsurface anomalies
identified during the drilling. By way of calibrating
the tool, a sonar image was taken at the ground
surface within a test pit filled with drilling mud prior
to downhole testing. Figure 7 (upper image)
illustrates the calibration check clearly showing that
the tool was eccentrically position within the pit.
Figure 7 (lower image) illustrates the image obtained
during the survey of the M2 drill string drop zone.
The output of the sonar clearly indicates that no
voids larger than the minimum radius of the tool
(300 mm) existed in the zone where the drill string
had dropped. The sonar did identify the presence of a
minor feature measuring between 0.3 m and 0.5 m
caused by the collapse of the unsupported drillhole
wall.
3.9.4 Microgravity survey
The technique involves highly accurate (1 milli gal)
measurement of relative changes in the Earth’s
gravitational field. Subtle localised changes in
gravity result from variations in the density of
subsurface materials or the presence of buried
engineering structures. The microgravity survey was

carried out before the drilling phase of the additional
investigation. The purpose was to identify any
specific gravity anomalies which could be
interpreted as cavity features. The densities used to
model the site were taken from a larger regional
survey data set provided by the Geotechnical
Engineering Office of Hong Kong. Use of the
regional data enables the site-specific survey to be
integrated into the regional survey for extrapolation
of localized conditions.
The results of the micro-gravity survey are
presented as a residual anomaly map in Figure 8 and
clearly indicate that there is considerable local
heterogeneity in the subsurface geological conditions
below the site.

Figure 8. Microgravity anomaly contour map lying beneath
Tower 5 Site 3.
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Due to the highly variable nature of the
subsurface conditions both laterally and vertically,
no localised interpretation of rock-head or the
existence of cavity features was deemed possible.
The results of the survey illustrate the limitations of
attempting detailed modeling of gravity anomalies in
complex ground conditions at depth without
sufficient drillhole control. Without such
information, the interpretation of the geology could
be very misleading.
3.9.5 Cross hole radar survey
The cross hole radar survey uses electromagnetic
radiation in the 10 to 1,000 MHz range. A radar
antenna is placed within the borehole at the required
depth and the test takes place upon withdrawing the
antenna up the borehole. Radiation in the form of an
electromagnetic pulse is emitted from a transmitter
placed on the antenna head. The pulse is deflected,
reflected or absorbed as it encounters the interface
between two materials (soil, rock, water) with
different dielectric properties. The interface which
causes the reflections may be due to change in
lithology, ground-water salinity, subsurface voids or
the presence of a water table.
During the surveys carried out at Site 3, all cross
hole signals were observed to attenuate before
reaching the receiver holes. The results indicate the
presence of clay between the survey sections carried
out between all holes from –100 to –150 m depth.
The attenuation of the signal support the evidence
that no voids are present between the drillholes and
that at certain depths good quality rock gives way to
decomposed sediments laterally away from the
drillhole wall.
4 GENERAL DISCUSSION
4.1 Drilling methods
The use of the hydraulic SM400 drilling rig proved a
rapid means of wash boring casing to 100 m depth.
In order to minimise disturbance at the base of the
drillhole and maximise recoveries, drilling methods
were continually reviewed and optimised during the
works. The drilling mud viscosity was monitored
and the ratio of polymer to bentonite was adjusted
regularly to find the optimum mix. The optimum
viscosity proved to be between 34 seconds and
40 seconds within the sediments although it was
lowered to 28 seconds within rock to help lubricate
the drill bit face and prevent excessive wearing.
With six rigs, operating at one time the viscosity
needed to be adjusted continually in response to the
depth and the different materials encountered.
Separate mixing tanks and flow rates for each rig
would be have been the ideal situation and a full
time mud engineer is recommended to oversee and
monitor the process. During the drilling, it was

anticipated that drilling fluid level would drop
excessively during extraction of the drill string from
such a small diameter casing (101 mm). At depth the
maximum observed drop in fluid level was 25 m,
requiring the drillhole to be topped up at all times
during extraction. The effect of not replenishing the
fluid would be to de-stabilise the soil at the base of
the drillhole. At certain times, it was not possibly to
replenish the fluid quickly enough and this may have
been partly the reason behind some of the observed
looseness of the fine soils at depth. Another
contributing factor to basal disturbance was the use
of wash boring to clean the drillhole after sampling.
During wash boring at depth, fluid pressures need to
be sufficient to lift cutting’s up the drillhole. Where
sensitive soils are being drilled through, considerable
disturbance is possible as was found in the cavity
facies. Consideration must be given to minimise
disturbance during the drilling process within the
karst deposits.
The use of double spiral leaf spring core catchers
inserted above the cutting shoes in mazier U100 and
core barrels helped to retain as much sample as
possible in the friable soils. The use of widely
spaced leave spring core catchers tended to work
best with cohesive soils and rock samples. The triple
tube core barrel was successfully used to recover
layers of hard and soft ground.
4.2 Standard penetration testing
During the course of the investigation, it was noted
that at depths of 100 m below ground level, the
weight of the drill string affected the penetration
resistance and hence the SPT ‘N’ value obtained. At
depth therefore, N values were considered not to be
representative of the in situ relative density of the
ground and the results would require correction.
Correlation between the SPT N values and
gamma density results are presently on going to
establish a correction factor for this site.
When testing in such soils the SPT drill string
should be fitted with a cable catch to prevent
uncontrolled penetration during testing. The sudden
drop into the underlying uniform sand could be
prevented and the in situ soil could then be
recovered using mazier or U76 sample tubes with
double catchers. Extraction of the drill string
required careful control without sudden movements
or knocks against other equipment in order to
prevent disturbance of dropping the sensitive soils
from the sample tubes. The cavity fill facies
encountered were particularly difficult to recover in
all but two cases. The reason for such difficulty
became evident when the material from the two
cases recovered by bailer consisted of loose uniform
sand with no cohesive nature to it.
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4.3 Geophysical methods
All four downhole geophysical methods confirmed
and there is no evidence to suggest that cavity voids
exist at the location of the drillholes beneath the
proposed Tower 5.
4.4 Groundwater regime
Control of the groundwater inflow was absolutely
essential in the ground conditions encountered at the
site. Groundwater flow was, in effect, controlled by
the height and density of the drilling fluid within the
drillhole.
Uncontrolled in flow through the base of the
drillhole casing causes soil disturbance and likely
‘boiling’ of friable soils leading to loosening of the
strata just prior to carrying out an SPT or sampling.
Maintaining the fluid level at the top of the casing at
all times was evidently very important to minimise
disturbance below the casing prior to sampling and
testing. Additionally, excessive groundwater inflow
would dilute the drilling mud and cause changes in
the fluid viscosity and thereby reduce its
effectiveness.
5 CONCLUSION
In conclusion, the state-of-the-art integrated drilling
and geophysical survey approach applied during the
ground investigation was successful in proving that
the previously described deep cavity voids did not
exist at the site. This finding led to the reinterpretation and modification of the existing
geological model.
Various features can be highlighted from the
methodology of the investigation namely:
 The use of standard methods and equipment
conventionally applied for site investigation in
Hong Kong is not applicable in areas of deep
overburden and complex geology.
 Full control of all stages of the drilling process is
required if high quality samples and good
recoveries are to be achieved. Disturbance of soils
can be reduced considerably with both close
supervision and well though out procedures in
dealing with soils at depth.
 Measurement and control of groundwater during
drilling is seen as vitally important and the use of
vibrating wire piezometers should be considered
to obtain critical groundwater information.
 The disturbance of the groundwater regime by the
drilling process must be avoided so as not to
disturb friable soils prior to sampling and in situ
testing.
 The use of polymer: bentonite drilling fluid is
essential when attempting to sample or perform
testing in sensitive soils.



The implementation of clearly defined drilling
control measures and procedures has greatly
enhanced the success of sampling and in situ
testing at this site.
 Close cooperation and liaison between the
contractor, consultant and client will benefit the
effectiveness of the ground investigation.
Of particular note were the results of each of the
geophysical method as follows:
 The results of the sonar survey in the areas of drill
string drop indicated that cavity voids did not
exist at depth above the rockhead.
 The results of the cross-hole tomography and
electrical cylinder indicated the presence of clay
between the holes and not cavity voids.
Furthermore in areas of competent rock, the
lateral continuity of the rock quality was found to
decrease significantly away from the drillhole
annulus, in places by less than a typical pile
diameter.
 The gamma density data was particularly useful in
determining a continuous profile of the average
density of the ground surrounding the drillholes.
No zones of extremely low density were observed
surrounding the drillhole casing which is further
evidence that the cavity voids did not exist. It is
proposed that Gamma Density profiling might be
used to quantify correction to SPT results at
depth.
 The micro-gravity data clearly indicates that there
is considerable local heterogeneity in the
subsurface geological conditions below the site.
The use of the microgravity technique can
provide an early indication of the presence of site
specific complex ground conditions within a
localized gravity network. The identification of
which can provide significant savings in cost and
time during the planning and implementation
stages of construction projects on a local and site
specific scale.
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APPENDIX

Plate 1. Site investigation works, Site 3, Tower 5, Tung Chung
New Town showing two SM400 and one LY-38 rigs.
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The comparison between SPT and CPT on in situ measurement of soil
properties for dam foundations
Saravut Jaritngam
Civil Engineering Department, Engineering Faculty, Prince of Songkla University, Thailand

Rittisak Jaritngam
Physics Department, Science Faculty, Thaksin University, Thailand

ABSTRACT: This paper presents a case study of In situ measurement of soil properties at Klong Din Dang
Dam Project, Amphur Pipoon, Nakhonsrithammarat province, Thailand. The data of SPT and CPT were
measured along the centerline of the dam. By comparing the SPT and CPT, the results shown that the soil
profiles with depth of SPT and CPT are slightly different. Finally, this study gives the most efficient way of
evaluating soil investigations. And these methods of data interpretation can be a case study adopted for the
other's similar projects as well.
1 INTRODUCTION
The measured data of Standard penetration tests
(SPT) and Cone penetration tests (CPT) done along
the centerline of the dam at Klong Din Dang Dam
Project, Amphur Pipoon, Nakhonsrithammarat
province, Thailand. In total 34 SPT and 22 CPT have
been executed to the ground level (GL) for In situ
measurement of soil properties in January, 1998.

throughout the profile. Interpretation of the CPT
results is based on typical chart by Robertson &
Campanella (1983) as Figure 2.

2 SOIL INVESTIGATION
The relative locations of the investigated points are
drawn on the site plan.
The CPT’s were executed in accordance with
ASTM D3441, using an electrical cone (Figure 1).
The cone penetrometer is mounted on a heavy
truck with sufficient weight to mobilize the required
reaction force.
Directly above the cone tip is a friction sleeve
with a standard area of 150 cm2, used for
measurement of local friction (MN/m2). These
results are also plotted in the CPT graph. The ratio
between sleeve friction and cone resistance is
presented in the CPT graph as Friction Ratio (%).
From the above we note that:
Fr 

F
s
 100%
q
c

(1)

Figure 1. An electrical cone.

where Fr = Friction ratio; qc = measured cone
resistance; and Fs = measured sleeve friction. As this
is more or less constant for different soil types, it is
used for identifying the various soils encountered
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one can see that the local friction is very high and
the cone resistance is 2 to 4 MN/m2 , which is
also high for clay, but much lower than in dense
sand. This causes the differences in SPT results
and only cone resistance results in stiff clay
layers. By using cone resistance and local friction
results a reliable interpretation can be done.
 There is a direct relation between cone resistance
and undrained shear strength which enables us to
describe the strength of the clay layers.
Table 1. Soil profile based on CPT

Figure 2. Chart for determine soil behaviour type based on CPT
data (Robertson & Campanella, 1983)

3 SOIL CONDITION
3.1 The results of SPT’s and CPT’s
The results of the CPT’s can also be used for the soil
classifications. The ratio between the local friction
and the cone resistance is more or less constant for
each soil type. This ratio is presented on the right
side of the CPT graph. For the interpretation of the
CPT’s we also used the results of the SPT’s (boring
and laboratory test) and made a conversion to the
CPT results.
Considering the results of the existing SPT and
the cone penetration test, it is not easy to give a very
clear soil profile.
3.2 Interpretation
Based on interpretation of the CPT results, a soil
profile is presented in Table 1. By examining results,
one can make the following remarks.
 It is quite difficult to describe the soil
encountered. This is because the amount of sand
and clay are both large. When the soil is qualified
as sand, it mostly contains also 30 to 40 percent
clay. When the soil is qualified as clay, it contains
30 to 40 percent sand. This makes interpretation
not easy.
 SPT measurement (graphs) and CPT graphs give
a similar profile, but there are some differences in
the stiff to hard clay layers. This is because the
number of blows (SPT) indicates the total
strength of the soil by hammering a split spoon in
the soil. The soil strength can be split up in
adhesion along the split spoon and the resistance
at the base. In stiff clay the adhesion is the major
part of the strength. When you compare these
results with the CPT results in the stiff clay layers,

Layer Depth in m
Soil Description
No. Related to REF From - to
1. +63.0/+60.0 to approx
Variable top layer of laterite
+60.0/+61.5
soils. This layer is manmade. At CPT’s 1, 4 and 7
level will be also raised to
REF +63.0.
2. approx +60.0/+61.5 to
Dense to very dense sand.
approx +60.5/+55.3
3. approx +59.5/+60.5 to
Stiff to very stiff clay. This
+58.0/+55.5
layer is only found at the
east side of the profile (km.
0+900 up to 1+200).
4. approx +59.0/+55.3 to
Very variable layer of loose
approx +56.0/+50.0
to medium dense clay, sand.
5. approx +56.0/+50.0 to
Very variable layer of sandy
+52.5/+40.5
clay and silt layers, stiff to
very stiff. Composition as
well as the thickness vary
considerable along the
profile.
6. approx +52.5/+49.5 to
Sand, medium dense to very
+52.5/+40.5
dense. This layer is not
found as CPT 1 (west side of
the profile, km 0+450).

In general all clay layers are inorganic silty or
sandy clays with a low plasticity. The undrained
shear strength of the clay is high, which indicate stiff
to very stiff soil behaviour.
A soil profile was prepared based on the
interpretation of the SPT’s and CPT’s on the center
line (see Figure 3 and 4).
4 COMPARISION
Comparing the existing soil profiles, based on SPTresults from soil boring, and the new soil profile,
based on CPT-results, some changes were found.
The following remarks can be made:
 In general the CPT-soil profile is more detailed,
which is logical because the measurements are
continuous, which is not the case during drilling.
 The original soil profile showed up to REF +50.0
mainly silty and clayey, loose to medium dense
sands with only locally some clay or silt
inclusions. Based on the CPT-profile, the
presence of silt layers and clay layers is much
more important.
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The dense sand layer in the top of the CPT-profile
(layer 2 of above description) is not found in the
original profile. It is expected that the higher
density is caused by man-made compaction.
Sta 0+450

Sta 0+650

Sta 0+850



Hard layers, such as silt stones, cobbles or
boulders (CPT 1 went up REF +40.0 depth) were
not found during CPT-testing. Normally these
layers will cause refusal to the cone.

Sta 0+1050

+64

5 CONCLUSIONS

+60

Sand, SM

+55

+50

GM+SM+Cobble

+45
Siltstone
Limestone
+40

+35

+30

Limestone
SM gouge or cavity
fill
GM+SM+Cobble

SM
CL or SC

Figure 3. Cross section of soil profiles based on the drilling
result.
Sta 0+450
+64

Sta 0+650

Sta 0+850

Sta 0+1050

Laterite Layer
+60
Sand, dense to very dense

The advantages of the CPT method compared to the
SPT methods are:
 A continuous stream of information about soil
characteristics is obtained; even thin layers of
deviating composition or behaviour are shown.
This is more accurate than the results of a flush
boring.
 The measurement of the parameters in done in
situ, so the actual stress conditions are influenced
as little as possible.
 The test is very reliable, because human influence
on registration results can be excluded complete.
 There is a direct relation between the CPT results
and the end bearing capacity of foundation piles.
The cone together with push rods is in fact an
instrumented model pile.
 The execution of the test is fast; depending
mainly on the target depth and the distance
between the locations, many tests can be made
during the shift.
 The results provided can be interpreted on the
spot. Reporting and recommendations can be
done shortly after execution.
A disadvantage is that the cone cannot pass very
hard layers (rock or gravel).
 The measurement only CPT or SPT are unsafe.
From this case study is clearly presented. If
foundation engineering only uses CPT boring, it
will overlook the limestone area beneath the dam.
The engineer can not prevent the failure due to
seepage.
 The author suggests doing both SPT and CPT to
gain the advantages from their test results.

Clay, stiff to very stiff

REFERENCES
+55
Sand, loose to medium dense
Clay, stiff to very stiff

Robertson, P.K. & Campanella, R.G. 1983. Interpretation Cone
Penetration Tests, Parts 1 and 2. Canadian Geotechnical
Journal, Vol. 20: 718-745.

+50

+45

+40

Figure 4. Interpretated soil profiles based on CPT.
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A construction control system developed for underground excavation
works
T. Ishida
Department of Civil and Environmental Engineering, Toyo University, Japan

ABSTRACT: A new earth pressure cell and penetration device has been developed. These developments were
undertaken as part of the project for the build-up of information-based construction control system. It is not
only the behavior of the earth retaining wall but also measures to prevent disturbances in the surrounding soil
and structures need to be reviewed. This system makes effective use of bore holes, and enables the overall
behavior and distribution of stresses within foundation soils to be measured. This paper, focusing on earth
retaining works, details the information-based construction control system, and describes, as a feature of the
method, the ways of measuring stresses in the soil. A case study is also introduced in which measurement of
stresses in the soil was applied to real construction.
1 INTRODUCTION
Earth pressure varies according to the type and
stiffness of the soil, and is substantially influenced
by the condition behind the earth retaining wall and
the displacement or deformation of the structure
under the earth pressure. In the construction of
underground structures such as earth retaining
works, analytical results for earth pressure have great
impact on the design as a whole. In building an earth
retaining wall that is relatively vulnerable to
deflection,
changes
or
constraints
during
construction due to excavation or installation of
struts greatly affect soils behavior and induces
complicated phenomena. The construction method
or sequence also has bearing upon soil behavior.
Judging from such changes in the force due to the
soil behavior behind the earth retaining wall, earthretaining works strongly require observation
methods especially at such a great depth as is not
covered by the existing conventional earth retaining
design methods. The key objectives of the
observation
method
or
information-based
construction control system include the following:
(1) Grasp of the present condition. (2) Verification
of safety by comparison with the design values. (3)
Estimation of soil behavior in the next phase of
construction and the review of the construction
method
If these objectives are met through the
confirmation of safety at the time of measurement by
the results of measurement, the estimation of future
behavior based on the measured values and the

modification of over- or under-estimated design
values, the true information-based construction
control system is realized.
In the measurement of lateral pressure with an
earth pressure gauge installed on the wall of steel
sheet piles, the surface of the steel sheet pile is
processed before installation of the gauge. In most
cases, however, changes in the volume of
surrounding soil due to deformation of the earth
retaining wall or drilling of steel sheet piles make the
measured values unreliable. In a diaphragm wall, the
gauge is first attached to a sheet, and then made to
contact the excavation face by placing concrete. At
present, however, with an earth pressure gauge either
on the wall of steel sheet piles or on the diaphragm
wall, the calibration coefficient for the earth pressure
gauge depending on the method of installation or on
the soil material is not necessarily reliable, and many
unknown factors are involved. In the construction of
underground structures such as earth retaining
works, analytical results for earth pressure have great
impact on the design as a whole. For that purpose, a
new earth pressure cell and penetration device has
been developed. This observation method of in situ
measurement is used in a borehole. The hydraulic
penetration device is lowered to a prescribed depth
into the prepared borehole and then the earth
pressure gauge penetrates in a direction parallel to
the ground surface (horizontally). The vertical and
horizontal components of the internal ground
stresses can be measured from the inclination of the
pressure bearing face. Although only one earth
pressure gauge is used in the penetration, by moving
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it a little up and down, a three-dimensional
evaluation of the earth pressure can be achieved. In
ground where the geology is complex, instruments
can be set at the various required depths. Since this
earth pressure measuring system can use the
borehole used for test boring, the data measured
during test boring can also be used for design.
Capability of consistent control from preconstruction collection of data on the original ground
through the completion of work makes this
measurement method extremely different from
conventional methods.
This paper, focusing on earth retaining works,
outlines the observation method that the authors
have been developing, and describes, as a feature of
the method, the ways of measuring stresses in the
soil. A case study is also introduced in which
measurement of stresses in the soil was applied to
real construction.

cylindrical connection with the measurement cable
has a diameter of 22 mm. The plate is designed very
small to avoid stress concentration on the pressurecarrying surface, having a width of 22 mm,
approximately twice as large as the diameter of
pressure-carrying surface, and a length of 54 mm.
The total length of the earth pressure gauge is rather
small at 95 mm. When measuring earth pressures,
the displacement on the pressure-carrying surface is
measured with an electrical converter, and presented
in the form of a pressure using the calibrated values
obtained in advance loading. The calibrations of
earth pressure gauges are classified into two types,
the water pressure and earth pressure calibrations.
The results of both calibrations are generally
different from each other. An example of earth
pressure calibration with a penetration-type earth
pressure gauge is shown in Figure 2. For calibration,
a triaxial chamber that enables isotropic loading is
used. The diameter of the soil sample is 15 cm.
Methods
of

The observation method, not only the behavior of the
earth retaining wall but also measures to prevent
disturbances in the surrounding soil and structures
need to be reviewed. Described below is a newly
developed the instruments, which are an earth
pressure gauge (a penetration-type earth pressure
gauge) and a device for penetrating the earth
pressure gauge (a penetrating device) in order to
measure stress behavior in the soil.
2.1 Penetration-type earth pressure gauge

60
Pressure-receiving surface

22

6

22

The newly developed penetrating-type earth pressure
gauge is shown in Figure 1. The shape is formed
considering the penetration into the soil. The point is
like the edge of a knife. Almost at the middle is a 4
mm thick plate having a pressure-carrying surface of
a 9.5 mm diameter. The cross-section of the

9.5

4
95

75
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4

Lead wire

30 degrees
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Figure 1. Penetrating type earth pressure cell.

Unit in mm

Measured on pressure cell()

2 MEASUREMENT OF STRESSES IN THE SOIL
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Figure 2. An example of calibrations.

calibration of earth pressure have not yet been
established. Studies are currently being made as to
calibration methods through experiments. Earth
pressure calibrations are also known to vary
according to the material or the density of the soil
(Matsuzawa, 1982). It is, therefore, desirable during
field measurement to obtain calibrated values by
earth pressure calibration using the soil material that
has the same density as at the site of measurement.
The broken line in the Figure indicates the water
pressure calibration line. The readings on the earth
pressure gauge in the process either of increasing or
decreasing pressure almost overlap each other,
forming a near-straight calibration line. Generally,
the calibration line is straight while increasing
pressure but forms an arch while decreasing
pressure. The smaller the hysteresis, the higher the
adaptability of the earth pressure gauges. In the
development of the penetration-type earth pressure
gauge, it was necessary to study the sensitivity to the
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2.2 Installation of penetrating device and earth
pressure gauge
Described here are the penetrating device for
installing the penetration-type earth pressure gauge
in the soil, and how to install the earth pressure
gauge. The penetration-type earth pressure gauge is
lowered to the designated depth in the borehole with
the penetrating device, then penetrated horizontally
through the bare side of the borehole into the soil.
An outline of the penetrating device, and the
penetration mechanism of the earth pressure gauge
are shown in Figures 3 and 4, respectively. Set in the
penetrating device is a penetration-type earth
pressure gauge and penetration piece that is called
mini block. The measurement cable of the earth
pressure gauge is led to the instrument at the ground
level along the back of the penetrating device.
To operation
179.2-mm

Electromagnetic
valve case

Oil pressure

Cylinder

Push out

Taper
part

1932-mm

Miniblock
house

Cylinder

Protection case

Figure 3. Outline of penetrating device.

Now the penetration procedure is explained. First,
the rising of the tapered portion connected to the oil
hydraulic cylinder built at the bottom of the
penetrating device causes the launching portion
where the earth pressure gauge is set to be launched
horizontally toward the side of the borehole.
Subsequent lowering of the tapered portion causes

the launching portion to return to the original
position. The earth pressure gauge, however, is made
to stay at the launched position by the returnprevention mechanism. Then the mini block sets
above are pushed down by oil pressure, and one of
them falls to the launching portion. The mini block
has a U-shaped void inside for passing the cable.
Earth pressure
cell

changes in the stress in the soil and to the
displacement on the pressure-carrying surface
because the gauge had a special shape in view of
penetration. As a result, it was confirmed that the
gauges having slightly low sensitivity provide more
practical extraction values.

Taper part

Mini-block

Lead wire

Launching portion
(Called Shuttle
housing)

Oil hydraulic
cylinder

Figure 4. Mechanism of penetrating for earth pressure cell.

Once the mini block has been set at the launching
portion, the tapered portion is raised, and the
penetrating portion is horizontally launched as in the
preceding step. At the point, the leading earth
pressure gauge is connected with the mini block, and
the earth pressure gauge is pushed forward for the
length of the mini block or 5 cm. The connection and
the penetration of the mini block are repeated until
the earth pressure gauge is penetrated through the
side of the borehole for the designated length. Upon
completion of penetration, the horizontal fixing lock
in the launching part is released. With the lifting of
the penetrating device, the launching portion is made
to lean downward, and thus the penetrating device
can be lifted without pulling off the measurement
cable. Prior definition of the direction of the
pressure-carrying surface of the earth pressure gauge
set in the penetrating device enables the
measurement of either vertical or horizontal
component of the stress in the soil. Then, as shown
in Figure 5, even for the cross-section at a certain
depth, the installation of the earth pressure gauge at
slightly different depths enables three-dimensional
measurement of stress in the soil, and multi-section
measurement with a single borehole. The earth
pressure gauge is installed first for the cross-section
at the greater depth and then for the section at the
smaller depth while lifting the casing for protecting
the side of the borehole. This earth pressure
measuring system is intended only for clay or sand,
but is unfit for relatively large gravel because the its
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pressure-carrying surface has a very small diameter
of 9.5 mm. The earth pressure measurement system
is applicable to the soil having a cone resistance qc of
about 50 MN/m2 in view of the penetration force of
the oil hydraulic cylinder.
To opration system

Horizontal
pressure, h
Vertical pressure, v

Horizontal
pressure, h

At the same depth only
one pressure cell, but by
moving it upward about
0.4-m can be penetrated
Vertical pressure, v

Figure 5. Cross-section of the installation of the earth pressure
cells.

3 A CASE STUDY OF MEASUREMENT FOR
STRESSES
The data obtained by measurement with the
penetration-type earth pressure gauge is used to
grasp the present stress in the soil. It is also fed back
to the analytical system for the estimation of stress
behavior through the following phases of
construction and for the advance assessment and
development of countermeasures. In this section,
case study of field measurement with the
penetration-type
earth
pressure
gauge
in
underground work is discussed.
A case study was conducted at the site of
construction of a building at waterfront area of
Osaka. The soil layer is a diluvial sand and clay
alternation as shown in Figure 7. In view of the
importance of the structure, and for fear of
settlement in layers DC1 and DC2, which are diluvial
clay layers at the depth of 40 m and 50 m
respectively, the measuring equipment proposed in
this study was adopted. The clay layer is the type that
raised a settlement issue during the construction of
Kansai International Airport.
Surface of soil
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The data obtained by measurement with the earth
pressure gauge has the following characteristics. The
values extracted with the earth pressure gauge are
presented in the form of a pressure using the
calibrated values obtained by the earth pressure
calibration described above. The penetration of a
foreign substance into the soil, namely the earth
pressure gauge, naturally results in stress
measurement where the static earth pressure has
been disturbed, immediately following the
penetration. As shown in Figure 6, however, stress
disturbances
in

described later. The objective of the measurement is
the tracing of stress behavior in the soil, which
changes with the progress of construction, with the
earth pressure gauge installed before the start of
construction. It is not necessarily important whether
the measurement in the initial stages following the
installation of the earth pressure gauge provides true
values or not. That is, measurement focuses on the
changes of stress in the soil during the stable period
since before the start of construction until thereafter.

Bore hole

Fill
Sandy
soil
Silt
Sand

Piles

20.0
Silt
30.0

Clay
Silt

40.0

Clay
(Dc1)
Sand

50.0

Penetrating places
v,h and Uw

Clay
(Dc2)

Figure 6. Variations of the pressure values in the early stage

the soil tend to converge to a certain value with the
lapse of time. The figure shows an example of
measurement at the Tokyo waterfront area, which is

Sandy
soil

Figure 7. Soil layer and penetrating places.
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By the time the earth pressure gauge was
installed, a number of 0.8 m diameter, 35 m long
steel pipe piles were drilled with their ends reaching
close to the DC1 layer. At around the depths of 42 m
and 52 m, a set of two penetration-type earth
pressure gauges vertically separated 0.4 m from each
other and a piezometer was installed each. That is, a
total of four penetration-type earth pressure gauges
and two piezometers were installed. The penetrationtype earth pressure gauges were penetrated so as to
set the direction of their pressure-carrying plate to
enable the measurement of both vertical and
horizontal pressures. The pressure-carrying plate of
the piezometer is covered with porous metal, and
penetrated into the soil by the same mechanism as
the penetration-type earth pressure gauge.
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Figure 9. Behavior of pore water pressure value the same as in
Figure 8 with piezometer.
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4 BUILD UP OF AN AUTOMATIC
CONSTRUCTION CONTROL SYSTEM FOR
THE EARTH RETAINING WORKS
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is repeated. The vertical stress is almost equaled to
the total overburden pressure calculated based on the
average site wet density of 15.7 kN/m3. The
coefficient of earth pressure at rest, which can be
obtained in proportion to the horizontal stress, is
about 1.5. So that over-consolidated clay is assumed.
The pore water pressure shown in Figure 9 is almost
the same as the value obtained from the hydrostatic
pressure. The vertical stress in the DC1 layer is
around 60% of the total stress obtained by
calculation presumably because; steel pipe piles
support the layer. These results, although a
disputable method was used for the calibration of the
earth pressure gauge, provide adequate information
on the stress and pore water pressure in the soil at
the measurement point. It was also verified that the
development of a penetration device enabled the
installation of an earth pressure gauge at certain
depths.

-1000
-2000
0

20
40
60
80
Elapsed time (min)
(b)

100

Horizontal direction

Figure 8. Behavior of vertical and horizontal earth pressure
when earth pressure cell was penetrated into the layer.

Figure 8 shows time-based vertical and horizontal
behavior of the soil measured by the earth pressure
gauge penetrated into the DC2 layer. The vertical axis
indicates the value presented in the form of an earth
pressure through calibration using the clay sampled
on-site. The vertical fluctuations appear immediately
following the penetration while the 5 cm mini blocks
are connected to one another and penetration process

The measurement method discussed above is
referred to only under theme 1, one of the themes of
a control system shown in Figure 10 for effectively
reflecting the measurements in design and
construction control. It enables the grasp of stresses
in the soil at certain depths at the construction site
starting at an investigation stage before the
commencement of work. It provides the possibility
of use of values close to the optimum for input
together with the results of other investigations, from
the design stage. In other words, reviews of input
values in line with the construction plan by repeated
verifications and estimations are possible with the
same measuring system from the early stages of
construction. For more effective measurement
control, it is hoped that work will proceed under
themes 2 and 3 shown in Figure 10.
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Figure 10. Flow of the construction control system.

The flow of the development of the informationbased construction control method based on the three
themes is shown in Figure 10. In the design phase,
an analysis is made (Theme 2) based on the initially
defined soil properties and soil models (Theme 3). In
the implementation phase, uncertainties involved in
implementation are constantly monitored through
field measurement (Theme 1), models are modified
based on the comparisons with estimated values, and
then the results are reflected in the subsequent
analyses and implementation. That is, a loop is built
into the system, which incorporates information
obtained through measurement, for safer and more
economical construction work.
Theme 1: Development of a method for
measuring stresses in the soil.
Theme 2: Development of a soil analysis system
using measured data.
Theme 3: Studies on the determination of soil
properties, and on the soil modeling.
5 CONCLUSIONS
Practicability of the newly developed measurement
method and system was studied. Their characteristics
and effects are summarized as follows.
The proposed measurement method enables the
grasp of distributions of stresses in the soil at certain
depths at the construction site even before the start
of work, using boreholes used during test boring. It

also provides the possibility of using design-input
values close to the optimum in combination with the
results of other investigations, at design time.
Consistent control with the same measuring system
is also possible from the investigation stage through
the completion of construction. Repeated
verifications and estimations can be carried out
based on the values measured in line with the
construction plan.
The proposed earth pressure gauge can be
installed directly in the ground at various required
depths. Thus the installation method is free from
uncertainty unlike the conventional instruments
attached either to the wall of steel sheet piles or to
the sheet of a diaphragm wall. Use of calibration
coefficients for individual instruments, based on the
pre-construction calibration using on-site soil
materials sampled in the investigation stage rather
than the calibration by the maker, increases
reliability.
Operability of the earth pressure measuring
system has been confirmed at the maximum depth of
50 m by actual application. In actual application, no
problem occurred even when the system was
installed below the groundwater level. This earth
pressure measuring system can be penetrated into
clay or sand in view of the diameter of its pressurecarrying surface (9.5 mm). It is applicable to the soil
having a cone resistance qc of about 50 MN/m2 in
view of the penetration force of the oil hydraulic
cylinder.
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Re-creation of stresses in the soil by the earth
pressure gauge, despite the use of a disputable
calibration method, was confirmed by case studies.
The results are almost the same for the similar type
of pore water pressure gauge. These instruments can
thus provide satisfactory results even at present.
Their durability was also confirmed.
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ABSTRACT: This paper discusses quality control of cast-in-place concrete piles during construction works.
Key items of the quality control are slurry control during drilling, slime control after drilling and concrete
quality control of piles.
Current methods of the quality control in piling work rely on rather qualitative measurements. This paper
proposes more quantitative measurements, such as (1) continuous measurement of specific gravity of slurry
over entire length of bore-hole using floats or resistibility probes and (2) measurement of stiffness at the
bottom of the bore-hole using a penetrometer.
Results of case studies are presented, illustrating how these proposed measurements were implemented in
the actual piling works and how defect-free piling work was achieved.
1 INTRODUCTION
Quality control in piling work is meant to assure that
the pile has the quality required by the structural
design. The quality required by the structural design
includes bearing capacity, structural strength,
durability, dimensions and shape of the pile. The
bearing capacity of a pile can be typically evaluated
by carrying out a static pile load test. The dimension
and shape of the pile can be inspected on-site after
excavating the surrounding ground. Obviously,
however, these tests and inspections cannot be
performed on all the piles installed at a site.
Presented herein are some of the practical methods
to evaluate the quality of cast-in-place concrete piles
during installation.
Installation of a cast-in-place concrete pile
generally requires (1) slurry control for keeping
stable the wall of borehole excavated for the pile, (2)
depth control for determining the length of the pile,
(3) slime control for ensuring the tip bearing
capacity, and (4) concrete quality control for
ensuring structural soundness of the pile. For these
requirements, common quality control measures

currently taken in the piling work are (1)
measurement of density of the drilling slurry, (2)
measurement of borehole depth using a plumb, and
(3) concrete strength tests on specimens taken from
the same concrete batch as the one for casting the
pile. These measures pose the following problems:
(1) Measurement of density of slurry: The density
of slurry varies very much depending on the location
and the time of sampling. Therefore, controlling the
density at one monitoring point or periodic sampling
of the drilling slurry may not be sufficient for
controlling the slurry condition in the borehole.
(2) Measurement of borehole depth: The slime
thickness can be known by lowering a plumb in the
borehole. However, the properties of the slime
cannot be known with this method. Sometimes, the
concrete tremied cannot displace the thick slurry at
the bottom of the borehole and the thick slurry is
entrapped below the pile tip.
As stated above, the presence of high-density
slurry or slime will affect the behavior of the
concrete tremied at the bottom of the borehole. We
propose the following quality evaluation system,
which has advantages over the current quality
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control measures.
(1) For the slurry control, we think it more useful
to determine the vertical distribution of the specific
gravity of slurry in a borehole. One method uses a
series of floats with specific gravity between 1and 2.
The floats are allowed to sink into the borehole and
the vertical distribution of the specific gravity can be
obtained from the depth where each float stops.
Another method indirectly obtains the vertical
distribution of the specific gravity from the
measurement of electrical resistibility. In this
method, a plumb fitted with a resistibility sensor is
lowered in the borehole to obtain a resistibility
profile.
Start

It is important to establish methods to evaluate
quality during piling work for assuring the better
performance of piles.
2 METHOD FOR EVALUATING QUALITY
2.1 Overview of method of construction of cast-inplace concrete piles
Fig. 1 shows a typical flow chart for the construction
of cast-in-place concrete piles. Usually, it takes long
time after drilling is completed before placing the
concrete, because the assembling of the reinforcing
bars is time consuming. Thus, the second slime
treatment is carried out before assembling the
reinforcing bars to minimize the amount of slime
that settles before concrete placing.

Drilling
2.2 Method for evaluating quality
Ultrasonic borehole
wall mesure
measuring
First slime treatment
measuring
Assembling of the
reinforcing bars
Second slime treatment
Set the tremie pipe
Concrete Placing
End
Figure 1. A flow chart for the construction of Cast-In-Place
Concrete pile.

(2) For the slime control, we think it more useful
to measure the hardness of the soil materials below
the pile tip, as the materials below the pile tip
directly affect the behavior of concrete. One method
uses a simple instrument to measure the hardness of
the soil materials at the bottom of the borehole.
Another method directly samples the slime at the
bottom of the borehole to examine the
characteristics.
In addition, to evaluate the quality of the concrete
of a pile, we propose a method in which the
electrical resistibility of the freshly placed concrete
is measured.

2.2.1 Slurry and slime
We have developed an instrument, as shown in
Table 1 and Fig. 2, to measure the specific gravity of
slurry and to ascertain the conditions of the slime
sedimentation as clearly as possible.
Table 1. Measurement system.
Kind
Plumb
Floating Plumb
Electrical resistibility
measurements

Contents
Make sure the bottom of the
borehole
Specific gravity of Slurry
Electrical resistibility of Slurry

A plumb, made of iron and attached to a
measuring tape, is commonly used to measure the
depth of a borehole. The plumb is allowed to sink
until it reaches the bottom of the borehole. The depth
at which the weight reaches the bottom provides its
position. Slime is deposited as time passes. The
difference between the depth measured at a certain
time after a borehole is made and the reference depth
measured immediately after the borehole is made
gives the slime layer thickness. This difference is
due to slime sedimentation.

Figure 2. A floating plumb system.
534

A floating plumb method uses a plumb with a
specific gravity of 1 to 2, which is the same as the
specific gravity of slurry. When the floating plumb is
allowed to sink into a borehole, the specific gravity
of slurry at a depth where the floating plumb stops is
equal to the specific gravity of the floating plumb.
Fig. 2 shows a triple floating plumb system. Taking
measurements with several floating plumbs with
different specific gravity gives a specific gravity
profile of slurry in a borehole. The slime
sedimentation condition can be known based on the
distribution of a high-specific- gravity zone.
Measurements of the electrical resistibility of
slurry or slime allow an estimation of the amount of
suspended sand or other materials in slurry. The
slime sedimentation condition can be appraised from
the amount of suspended materials. Fig. 3 illustrates
an overview of the electrical resistibility
measurements. Resistibility y is measured by using
the 4-electrodes Wenner’s method, which measures
the electrical potential difference between two
internal electrodes with current passed through two
external electrodes. When the 4-electrodes Wenner’s
method is used, a measurement probe is lowered into
a borehole and stopped at depths at which the
measurements are made.

slime sampler easily penetrates even into hard
materials at the bottom of the borehole. Fig. 5
illustrates the method of sampling using a freezing
slime sampler. As shown in the figure, the freezing
sampler, hoisted from a truck, is set in contact with a
borehole bottom. Then, liquefied nitrogen gas is fed
through an injection tube, made of Teflon, to the tip
from the ground, returns to the ground, and is ejected
into the air. It takes typically five to ten minutes to
freeze slime.

Figure 4. A freezing slime sampler.

Figure 3. Electrical resistibility system.

Figure 5. A freezing sampling method.

2.2.2 Slime sampling
If slime can be sampled undisturbed, its
characteristics can be known. Slime sampling is
therefore essential to obtain the characteristics of the
slime. Slime samplers come in two types: freezing
slime sampler and multistage slime sampler.
A freezing slime sampler (Fig. 4) with a freezing
tube installed on a tripod freezes sediments at the
bottom of a borehole and samples them. Fig.4 is a
schematic diagram of the tip of the freezing slime
sampler. The conical tip, containing a tube in which
freezing solution circulates, is designed so that the

As shown in Fig.6, the multistage sampler is a
100 cm long acrylic pipe, on the side-wall of which
are holes drilled at 10 cm intervals. The pipe is fitted
with rubber plugs at both ends. The sampler is
lowered to a borehole bottom and is left to stand
suspended for a predetermined time. During that
time, slime precipitates, thus settling in the tube.
After the predetermined time elapses, the sampler is
slowly lifted, and slurry or slime is sampled through
the holes on the side-wall of the sampler.
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2.2.3 Borehole bottom hardness
When a cast-in-place concrete pile is constructed,
concrete is placed at the bottom of a borehole using a
tremie pipe so that fresh concrete can displace slurry.
The tremie pipe is set at about 20 cm above the
bottom of the borehole at the early stage of concrete
placing. The fresh concrete is gradually pushed out
of the tremie pipe. However at the beginning, the
fresh concrete hits directly against the borehole
bottom and its surroundings. Impact pressure
(concrete placing pressure) due to the hitting may
displace soils at the bottom of the borehole.

Figure 6. The multistage sampler.

usually placed to a level much higher than the
required top level and the concrete above the
required level is hacked and removed after
hardening. It is important to inspect the quality of the
concrete near the pile head before hardening. We
tried to examine the quality of concrete near the head
of a cast-in-place concrete pile by measuring the
electrical resistibility. A cone penetrometer equipped
with electrical resistibility measuring unit was
developed to evaluate the quality of the concrete
near the pile head. The cone penetrometer is lowered
in the fresh concrete as shown in Fig. 8 from the top
of the pile for obtaining the resistibility profile of the
freshly placed concrete. The electrical resistibility of
the fresh concrete indicates the degree of
contamination, which directly affects the quality of
the concrete.

Figure 7. A schematic drawing of a borehole bottom hardness
tester.

This phenomenon is closely related to the
hardness of the bottom materials. To determine the
hardness of the bottom materials, a borehole bottom
hardness tester has been developed. Fig. 7 is a
schematic drawing of a borehole bottom hardness
tester. When the tester is used to measure the
hardness of the materials at the bottom of the
borehole, a cylindrical plumb with a flat top is
allowed to fall from a height of 500 mm onto the
bottom of a borehole. The amount of penetration of
the plumb into the bottom of the borehole is
measured. The amount of penetration indicates the
hardness of the materials at the bottom of the
borehole.
2.2.4 Quality of concrete at a pile head immediately
after concrete placement
Concrete near the head of a cast-in-place concrete
pile tends to have defects, such as poor quality, due
to contamination with the slurry in the borehole or
with slime displaced from the bottom of the
borehole. In actual piling work, concrete for a pile is

Figure 8. Quality evaluation of concrete by electrical
resistibility cone.
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3 FIELD EXPERIMENTS
We applied the above-described quality evaluation
methods to actual piling work.
3.1 Site A
The quality evaluation methods were applied to a RC
diaphragm wall. The subsoils at Site A include, from
the ground level, Yurakucho layers of clayey
alluvium, a buried loam layer, and a terrace sandy
gravel layer as a bearing layer. Drilling for the pile
was performed to a depth of 35 m from the ground
level. The following four quality evaluation methods
were conducted after cleaning the bottom of the
borehole and the pump lifting slime treatment.
3.1.1 Resistibility measurement in the slurry
Measurements were made at 5 m intervals in the
bore- hole but at 5 cm intervals near the bottom of
the borehole. Fig. 9 shows the results of the
measurement. The electrical resistibility sharply
increases near the bottom of the borehole. This
indicates that the characteristics of the slurry at the
bottom of the borehole have changed after the
cleaning of the bottom of the borehole. After the
pump lifting slime treatment, the increase in the
electrical resistibility at the bottom of the borehole is
less remarkable than that after cleaning. The
characteristics of the slime at the bottom of the
borehole are similar to those at upper portions.
Therefore, the effectiveness of the pump lifting slime
treatment was confirmed in this measurement.

Figure 9. The results of the electrical resistibility measurement.

3.1.2 Specific gravity measurement in the slurry
Floating plumbs with a specific gravity of 1.05, 1.10,
1.15, 1.20, and 1.50 were placed in a drilled hole.
Fig. 10 shows the results of the measurement, the
specific gravity profile of the slurry in the borehole.

Figure 10. The results of floating plumb.

The figure indicates that the specific gravity of
the slurry gradually increases as the depth increases
from 25 m, where a floating plumb with a specific
gravity of 1.10 stopped after cleaning the bottom of
the borehole. After the pump lifting slime treatment,
no change in the specific gravity of the slurry was
noted near the bottom of the borehole and the
effectiveness of the pump lifting slime treatment was
also confirmed in this measurement.
3.1.3 Slime sampling
A multistage sampler was used to collect samples of
the slime precipitating at the bottom of the borehole
and slurry to examine their characteristics. The
sampler was left to stand at the bottom of the
borehole for one hour after cleaning the bottom of
the borehole. The slime sampling was also carried
out after the pump lift slime treatment. As shown in
Fig. 11, sand was deposited in the tenth container in
both cases. However, much less sand was found in
the container after the pump lifting slime treatment.
The pump lifting slime treatment is found to be
effective also in this sampling.
3.1.4 Borehole bottom hardness measurement
Borehole bottom hardness was measured after
cleaning the bottom of the borehole and after the
pump lifting slime treatment. Fig. 12 shows the
results of the measurement. The amount of
penetration at the center of the bottom of the
borehole was 10 cm after cleaning the bottom of the
borehole and 3 cm after pump lifting slime
treatment. The thickness of the softer materials at the
bottom of the borehole decreased after the pump
lifting slime treatment. This is another proof of the
effectiveness of the pump lifting slime treatment.
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3.2.1 Electrical resistibility measurements in slurry
before placing the concrete
Fig. 13 shows that the electrical resistibility of the
slurry is 3.5 m and nearly constant from the ground
surface to a depth of 3.2 m. The electrical
resistibility increases with depth below 3.2 m. The
increase in resistibility is due to the presence of the
slime left near the bottom of the borehole.

Figure 11. The results of slime sampling.

Figure 13. The results of electrical resistibility measurements
before and after placing the concrete.

Figure 12. The results of borehole bottom hardness
measurement.

3.2.2 Electrical resistibility measurements in fresh
concrete immediately after placement
The electrical resistibility of fresh concrete
immediately after placement was measured. The
electrical resistibility to a depth of 0.75 m below the
ground level is close to the electrical resistibility in
the slurry before placing the concrete. The electrical
resistibility below the depth of 0.75 m is 0.5 to
1.2 m and is rather low. The measured resistibility
values are rather less consistent at depths from 0.75
to 2.3 m. However, they become consistent at depths
below 2.3 m. We believe that the boundary between
the slurry and the fresh concrete is located at a depth
of about 0.75 m. However, the fresh concrete at
depths from 0.75 to 2.3 m is less homogeneous than
fresh concrete in the deeper section.

3.2 Site B
The quality of concrete near a pile head was
evaluated immediately after placing concrete. The
model pile used was a hollow concrete pipe with a
diameter of 600 mm and a length of 3.5 m. Electrical
resistibility measurements were made in the slurry
before placing the concrete and in the fresh concrete
near the pile head. The slime was left intentionally at
the bottom of the boreholes in this experimental
measurement. Fig. 13 shows the results of the
measurements.

4 SUMMARY
Recently, the performance of piles has assumed
more importance in pile design. This, in turn, means
that we need to establish standard items and systems
for quality evaluation of piles with consideration of
quality variations expected during piling works as
well as critical sections or portions on which
emphasis was placed in the design. Total
comprehensive quality control will be necessary, as
well as the upgrading of quality control techniques in
various stages of piling work. The quality evaluation
methods discussed above, in combination with soil
investigation and data analyzing tools and
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technologies, will be useful for users and designers
who hope for high reliability and high quality in
piling work.
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Some problems related to the use of local soil for embanking dike at
Mekong Delta
Nguyen Van Tho
Professor, Southern Institute of Water Resource Research, Vietnam

ABSTRACT: The author participating in giving ideas to the project of freshening rebuilding and upgrading
the system of sea dike, river dike, and flood prevent dike in Mekong Delta. In this paper, the author would like
to present some problems that relate the testing – investigation, design index selection of local soil dike
working in geology environment in Mekong Delta.
Flood prevent dike, riverdike, coastal dike in Mekong Delta are important dike sites to be used controlling the
upstream flood, to be on the decrease of acid and sulfate at the low area center, blocking saltwater, keeping
fresh water for seaboard, disaster defense, production protection, fixing and developing the social economics,
to protect the security of National defense for all large area of Mekong Delta.
At the present time, the Agriculture and Rural Development Ministry has the project of freshening, rebuilding
and upgrading the system of seadike, estuary riverdike, flood prevent dike at Mekong Delta.
To carry out the project above, it relates to many problems as: planning to chose the lines of dikes, affirming
the height of the top of dikes in every area, fixing the rank of dikes, investigating, designing and dike
execution etc. In this paper, the author would like to present only some problems that relate the testing –
investigation, design index selection and in placed soil dike working in geology – environment in Mekong
Delta.
1 SOME SPECIAL ENGINEERING GEOLOGY
OF FOUNDATION DIKE AND DIKE
EMBANKMENT IN MEKONG DELTA
Mekong Delta was formed by accretion process and
deposit of sediment in the condition of seawater
raising together with the rip current of Mekong
River. The cover on the Mekong Delta surface is
Holosen sediment that has the thickness ranging
from (10-15) m (in the area is near the frontier
between Vietnam – Kampuchea and the delta board
is next the South – east of south of Vietnam) to (100
– 110) m (in the areas near the coast). The sediments
of quaternary period have weak strength and large
strain.
1.1 The foundation soil of dike lines
Looking into the depth field (5-7) m from the ground

surface (which is affected by the dike weight), the
foundation soil consists of many kinds of clay, loam,
sandy loam in stiff plastic, soft plastic, liquid plastic
and many kinds of clay mud, loamy mud, sandy
mud, which contain much peat. Along the provinces:
Bac Lieu, Tra Vinh, Go Cong, coasts there are
narrow and high dunes (3-7) m.
According as each area, putting in order the layer
of soil and their strength changes, too. For example:
along the flood prevent dikes Tan Thanh – Lo Gach
at Dong Thap Muoi [10] have the stiff plastic layer,
semi hard that has the good relative strength tt = 1012, Ctt = 0.25 –0.35 kg/cm2 – but there is soft clay,
too: tt = 2-3, Ctt = 0.007 – 0.09 kg/cm2. Along the
Ca Mau seadikes, on the surface there’s a thin clay
layer about 0.3 m in soft plastic state: tt = 7, Ctt =
0.15 kg/cm2. But under the thin clay layer there’s the
thicker silty clay layer (over 5 m) tt = 1-2, Ctt =
0.04 – 0.05 kg/cm2.
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Beside the characteristic of weak strength soil, up
to every foundation soil the sites of dikes have the
different percentage of sality and acid sulfate. Along
the coast, the principal is salty soil and saline soil. In
low topography there is alum soil or sality and alum
soil, according to the section was divided into the
following:
a. The most important soil of the coast of Rach Gia
– Ha Tien is sality and acid sulfate soil.
b. The salty soil is along the U Minh coast, inside U
Minh is sality and acid sulfate soil
c. In the South of Ca Mau, the seaside of East Sea is
the potential acid sulfate soil having a little bit of
sality. Inside is sality soil.
d. The principal soil in Bac Lieu – Vinh Chau coast
are sality soil.
e. The outside soil of Tra Vinh coast is saline and
acid sulfate soil, intermingling with salty soil,
inside is saline and acid sulfate soil.
f. The heavy sality soil is along the coast of Ben
Tre, inside is the saline soil that comes from
average to low percentage.
g. The Go Cong- Long An coast, outside is heavy
sality soil, inside is average sality and low sality
soil.
h. Dong Thap Muoi is acid sulfate soil.
The chemical-physical properties of acid sulfate soil
were changed in the process of contraction with
fresh water.
1.2 Embankment soil
The embankment dike was constructed using local
soil along the dike line, so there are many different
kinds of foundation soil that represent embankment
soil. Soil was dug to embank having high moisture
so it can’t compact well. Because of that, when using
local soil for embankment one should pay attention
to the following characteristics:
 Selection of suitable earth excavation technology,
embankment technology with local condition,
improving the quality of embankment and
assuring the foundation dike stability.
 Dike was embanked by alum or salty soil, it is
easy to be disintergraded, swelled, scoured when
it contacts with the rain or fresh water. It’s
necessary to have a suitable solution for dike
slope protection.
2 EMBANKING TECHNOLOGY PROBLEM IN
MEKONG DELTA
2.1 Related problem between execution technology
and the quality of earth fill in the dike body
The dike lines in Mekong Delta are usually executed
by following main methods [9]:



Digging the new approach canal, flood control
canal along the dike along the dike line, combine
with embankment of digging canal soil.
 Cleaning, digging, widening the old canals along
the dike lines to dike.
 There are cases, soil must be excavated at borrow
areas or rice lands to be moved for embankment.
According to the moisture of excavated soil, the
distance between the dig position and dike line,
according to the kind of equipment, machinery
people caries out different portion digging,
embankment.
2.1.1 Case (a): the case of digging new canal to get
the soil for embankment.
The execution facilities are scraper dredger,
excavator or manual excavating to transport soil for
embankment.
When the canal is far from dike, above the range
of excavator or the soil was dug too moist, people
has to use medium transportation method. Digging
soil will be put on the bank to dry by wind, then
using the scrapper bulldozer or the other facilities to
lift up embanking soil. The earth fill will be
compacted by crawler reactor, crawler bulldozer
sometimes using sheep foot roller towed by
bulldozer.
Example: enclosure salty dike of second division
in third area of Go Cong freshens project:
 First period: using the dredger with bucket
capacity is 0.65 cm3, the distance throwing soil
about 17.5m; excavating and throwing soil near
dike line.
 Second period: after the surface soil dried, using
scraper with bucket capacity is 0.70 m3, let
scraper to run along dike line to excavate and pull
up the soil making a design section of dike.
 Third period: following the excavator is
bulldozer. This work goes with excavator of
second period. This solution is applied suitably
for riverdike, sea dike where there are vacant land
and a few of people.
The border dike lines run along the Vam Co river,
that belongs Nhat Tao – Tan Tru project. Running
along the Vam Co river belt dike belongs Xom Bo
work, flood prevent enclosure dike in August runs
along Ba Tra canal, flood prevent belt dike of first
period runs along Bo Bo canal etc. All of them are
carried out by this solution.
2.1.2 Case (b): the case of scraping and excavation
to widen the old canal to take the soil for
embanking
In this case should use following solutions:
a. If the old canal is narrow, it should excavate and
widen much toward near dike, it should be
excavated the widespread canal first to take soil
for embanking as case (a). Between the old canal
and the new widespread part, it must set aside the
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earth bank that interrupts the water coming in the
gutter. Then using grab dredge or hydraulic
pipeline dredge digs the earth bank, combines
with dredging and widening the canal.
b. If the dike is far from canal, between dike and
canal there’s a vacant land, it should dig soil from
the vacant land for embankment as case (a). Then
using hydraulic pipeline dredge widens and
dredges the canal and gives back soil for
excavated hollow.
c. In the case, it must scrap deeply the canal and
widen two of river banks in the level by dredge,
soil is blew up the canal, it looks like mud that
should gather the solution of aqueous and soil in “
retention pond” or blow over the old dike bank on
the road. After the necessary time, water
evaporation, itself, consolidates and dries, and
then it will be dug and moved to embank. Soil is
banked up by dredge, basing on the research
results [8], after one month it can come different
coefficient of compressibility K depending on the
kind of soil:
 With fine sand, K = 0.75
 With loam mud, K = 0.70
 With clay mud, K = 0.55
2.1.3 Case (c): the case of scraping in borrow areas
and moving to dike line to embank
It’s often use ditch excavator (sometimes combines
with hand) and dump-body truck move soil up for
embankment. Soil is leveled and compacted every
layer. Because soil has high natural moisture so it
can’t be compacted by heavy compactor as usual but
by crawler tractor, crawler bulldozer. The second,
third lines of Sa Rai flood prevent belt dike, Tan
Hong district, Dong Thap province and the flood
prevent belt dike of Tan Hung district, in southern
Vietnam are carried out by this solution.
2.1.4 Case (d): compacting ability of earth in dike
body was executed by Mekong Delta condition
In the condition, the local soil is too humid; it can’t
dry to achieve the request moisture when
compacting. High moisture soil can’t be compacted
by heavy weight compactor; it is compacted only by
crawler tractor, crawler bulldozer. So soil can not be
compacted to achieve high density, according to
researching result [2 to 4] the real compressibility
coefficient comes only average value:

K

c
 c max

= 0.90,

this is the base to remold the test sample to confirm
the chemical – physical specification of earth fill
dike body.

2.2 The related problem between construction rate
and loaded ability of base soil dike
Foundation dike in the field of depth (5-7) m from
the natural surface ground as usual to following
typical forms:
a. Form 1: all the base in the field of depth (5-7) m
was effected by dike weight that is clay (clay,
loamy clay, sandy loam) in semi hard, stiff plastic
mood. In this case the base soil is relative well,
local soil for embanking is well, too, so it can be
executed constantly, no need to treat the
foundation dike.
b. Form 2: on the surface ground there is clay in stiff
plastic, soft plastic mood but it’s not thick, the
thickness from 0.5 to 1.0 m. Under this layer is a
soft soil that is liquid or peat. Although the
surface cohesive is thin but loaded ability is better
than the weak soil below, it is useful to prevent
the subsidence of earthfill in the soft soil below.
Up to the thickness of the surface soil and the
height of dike, it can be embanked rising one part
or dividing dike into twice [10].
c. Form 3: on the foundation surface there is a weak
cohesive soil or mud with the thickness (0.5 –
1.0) m and under it is good soil layer. In this case
it can be pushed away the weak soil before
embanking or using the earth pressure when
embanking to push out mud layer both sides of
base dike.
d. Form 4: the whole soil under the base dike in the
field that is effected by loaded dike is the soft soil
of mud, the good soil layer is deeper. In this case,
the embanking soil and base dike soil are bad,
weak loaded ability. It must find the solution to
improve loaded ability of base soil and
embanking soil.
 If the height of dike h < 2-3 m, it can be
divided into many turning around sections to
embank, that help to dry soil gradually before
to embank the next time and the base dike
can’t be damaged.
 If the height of dike h > 3 m, in permissive
condition prolongs executed time, it should
divide into many years to embank gradually
the height dike. If it can’t prolong, it should be
embanked during one execution season and it
must find out the solution to reinforce the base
dike before embanking. There are many
solutions, but the most convenient solution
reinforces the base dike before embanking, but
the most convenient uses geotextile to spread
forming the dividing layer between the base
surface and earthfill. To line on dike body with
geotextile into many layers to prevent the weak
soil slip. In the case, the surface dike line is
also the road; it can use permeable cork for
pressure load before foundation treatment.
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3 THE PROBLEM OF CHOOSING THE TEST –
SKETCH OF BASE SOIL’S SHEARING
STRENGTH AND EMBANKING SOIL
SERVES STABILITY CALCULATION IN
MEKONG DELTA
Choosing test-sketch confirm shearing strength to
design the dike belong to the kind of base soil,
drainage condition and load speed in executing.
3.1 About base soil dike
The usual base soil of Mekong Delta is saturated
clay with small permeability coefficient, draining
slowly. The usual height of dike is 3.0-7.0 m, so the
earth pressure effects on the foundation from 0.5 to
1.5 kg/cm2.
If embanking directly on natural foundation
should select the type unconsolidated undrained
(UU) under three different pressure  = 0.5, 1.0, 1.5
kg/cm2.
If dike is embanked on the reinforced foundation
by permeable cork, sand gutter … it should select
consolidated undrained (CU).

b.

c.

3.2 About the embanking soil of dike body
In embanking condition of Mekong Delta as
introduction above, the controlling results on many
dike lines [2,4] show that: soil of dike get the
average coefficient of compressibility:

K

c
 c max

d.

= 0.90.

The dangerous case of the dike’s stability is: dike
is drained suddenly when it is saturated completely.
So selecting unconsolidated undrained (UU) to the
saturated remold samples.
How to do: taking the soil intends to embank,
carrying on Proctor test, determining maximum dry
density cmax and the optimum moisture Wop. This
kind of soil is remolded with dry density c = 0.9
cmax, remolding moisture Wcb= Wop then sample will
be saturated and the test will be sheared by UU.
4 THE ERRORS, DAMAGES SHOULD
PREVENT WHEN CONSTRUCTIONAL
MANAGING THE FLOOD PREVENT DIKES,
BELT DIKES, SEA DIKES IN MEKONG
DELTA

e.

good thin soil layer above covers the muddy bags.
When dike is embanked higher and higher, the
foundation is destroyed leading to the over dike is
depressed and slipped.
Example: The subsidence of some parts of
dike line 5, in the system of belt dikes at Sa Rai
town, Tan Hong district, Dong Thap province in
the executing-time on 1997. To avoid this
phenomenon, in complex geology area, especially
the lands are near the old gutter, canal, and should
distribute holes more and more. Observing,
appearing immediately the weak layer during
analysis to get embanking soil to have treatment.
When earth digging for embanking: the hole is
too deep, air gap between hole and base dike isn’t
enough necessary distance leading to the slope
slip both of hole and embankment slope. It’s
necessary to calculate, to check, to consolidate
and to fix the minimum distance between canal
and foundation dike.
When embankment: embanking with the partial
height that is too high exceeds loaded ability of
weak foundation, leading to the earthfill is
submerged into foundation. It should be based on
the loaded ability of foundation to have the
necessary consolidating solution, or to fix suitable
embankment cycle.
Many parts of subsidence dike aren’t uniform
depression, cracks, make the surface of dike
becoming rough, it’s easy to be damaged in rainy
season. The main reason is the compaction that
isn’t the uniform, or the place where contact with
parts of dike has the different height, different
foundation. It’s hard to avoid this problem. It
must be checked, maintained before and after the
rain flood season every year.
The universal damages are the embankment slope
that is eroded, forming gully erosion, rill erosion,
if it isn’t maintained in sight time, it leads to
stable the embankment slope. The important
reason is the embankment slope that doesn’t
protect well. In the other side the embankment is
salinization or alum, it’s easy to be expanded,
disintegrated, eroded when it contacts with fresh
water or rainwater [5,6].
With the important dike line, it’s necessary to
be slope paving protecting carefully. With the
other parts of dike lines, there is no condition
protection slope paving; usually it must be
maintained before and after rain flood season.
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The assesment of expansion property of clay used for damming in the
condition in South of Vietnam
Tran Thi Thanh
Southern Institute of Water Resources Research

ABSTRACT: Based on results of testing data on many soils, the author proved that structural strength has
effects for holding soil swelling back. The sabotaged structural samples, after remolding with initial density –
water content as disturbed samples; it results in higher swelling coefficient than undisturbed samples. In the
dam body, there are the new forming structural in long – standing earth fills and they affect degree of soil
expansion.
The stability of earth dams in reservoir is related to
the use of technology of soil placement for damming
in drought hot season in south of Vietnam. So, there
are many research results [1, 2, 3] and many
conferences [4] to raise the problems that relate the
use of placed soil for damming in southern Vietnam.
In this paper, the author would like to present a
problem that concerns the assessment and use of
swelling clay for damming.
In Ship II-b1-62 - construction standard method in
Russian, the clay having bellied characteristic has to
satisfy the following condition.
e o  e LL
1  e LL

 0.30

(1)

where e0, void ratio of sample having natural water
contents and structure; eLL, void ratio of sample in
liquid limit (LL) determined by formula.

e LL 

WL . s
100. w

(2)

with s, specific weight of dry soil; w, specific of
water.
According Snhip 2-05-08-85 Russian, swelling
clay is graded in Table 1. If the sample has the
relative swelling potential RN < 4 % it is classified as
non-heave soil.

RN 

hc  h0
;%
h0

(3)

where hc, height of complete expansion of soil
sample ( in cm); h0, initial height of soil sample
(cm); RN, relative swelling potential (in %).

Table 1. Classification of expansion characteristies.
Probable expansion as a % of
the total Height Change RN
RN < 4
4  RN  8
8 < RN  12
RN > 12

Degree of
expansion
Non-expansion
Low
Medium
High

Depending on the physical properties (eon, WL,
s), by calculating and confronting with the relation
(1), we find: most of natural borrows soils don’t
have heave potential, but when those soils are used
for damming, they have high swelling potential. To
control the above difference, the author tested the
swelling potential on many series of undisturbed
samples having natural structure and remold samples
having the same moisture content – dry density with
undisturbed samples.
Examples, some of tested undisturbed samples
have the physical properties in Table 2. According to
calculated data, ratio of
e o  e LL
 0.3,
1  e LL
do not satisfy condition (1). It means that the soil are
no-bellied soil.
The testing results of undisturbed samples and
remold samples having the same water content and
dry density are given in Table 3, we have:
 The undisturbed samples do not have remarkable
expansion when they are saturated. The relative
probable swellings are below 4.0%; classified as
the non- heave soil.
 The remold samples have high swelling potential
when they are saturated;
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Table 2. The physical properties of undisturbed samples using in testing.

No
(1)
1
2
3
4
5
6

Water
content
W
%
(2)
16.32
12.44
11.84
8.35
8.73
7.84

Wet
density
w
g/ cm3
(3)
1.72
1.89
2.04
1.97
1.99
2.01

Dry
density
d
g/ cm3
(4)
1.48
1.68
1.82
1.82
1.83
1.86

Specific
gravity
s
g/ cm3
(5)
2.63
2.70
2.69
2.68
2.71
2.70

Void
ratio
eo
(6)
0.777
0.607
0.478
0.472
0.481
0.452

Degree of
saturation
S
%
(7)
55.10
55.40
67.10
47.20
49.20
47.20

Liquidity
index
IL

Liquid
limit
WL
%
(9)
38.20
33.60
32.90
33.30
30.50
32.50

(8)
0.15
-0.01
-0.09
-0.13
-0.02
-0.13

Plastic
limit
WP
%
(10)
12.50
12.70
13.60
11.30
8.30
10.80

Plasticity
index
Ip
%
(11)
25.70
20.90
19.30
22.00
22.20
21.70

Ratio
e o  e LL

1  e LL
(12)
-0.01
-0.16
-0.21
-0.22
-0.19
-0.23

Table 3. The testing results of shearing strength of undisturbed and remold specimens having the same dry density – moisture
content.
No

Structural Water Dry Swelling
sample content density Degree

Swelling
Ratio
water
N
N
content R remold  R undisturbe d
N

d

RN

WN

R remold

%
(1)
(2)
(3)
Undisturbed 16.32
1
Remold
16.32

g/cm3
(4)
1.48
1.48

%
(5)
0.57
6.50

%
(6)
26.54
33.33

%
(7)

Undisturbed 12.44

1.68

0.05

15.56

W

2
3
4
5
6

Remold
Undisturbed
Remold
Undisturbed
Remold
Undisturbed
Remold
Undisturbed
Remold

12.44
11.84
11.84
8.35
8.35
8.73
8.73
7.84
7.84

1.68
1.82
1.82
1.82
1.82
1.83
1.83
1.86
1.86

17.38
0.23
16.35
0.02
13.53
0.87
16.21
0.03
10.13

30.17
18.68
29.30
23.30
27.83
13.95
26.63
15.14
29.13



The more initial high dry density samples the
more high swelling potential remold samples.
 The swelling moisture contents of remold samples
are larger than the swelling water contents of
undisturbed samples.
Besides relative expansion potential tests, the
strengths testing are experimented with two above
states of specimens on unconsolidated - undrained
type with direct shear machine. The results of direct
shear test on cohesive soil are recorded in-group of
samples in Table 3. The results are shown that: in the
same of water content and dry density, the cohesive
pressures of undisturbed specimens having natural
structure are larger than the cohesive pressures of
remold samples. As has been proposed by Prof. N. N
Maslov [5], the total cohesion (C) must be regarded
to consist of two components, which can be written
as follows:
C  Cc  C w
where Cc, structural rigid cohesion (caused by the
strength of cementation – crystallization bonds),

91.20
99.70
98.60
99.80
94.60
99.70

Internal
Cohesive Structural rigid
friction
force
cohesion
angle
Cc = Cundisturbed –

C
Cremold
2
degree kg/cm
kg/cm2
(8)
(9)
(10)
29 o 30
0.31
0.21
25 o 45
0.10
34 o 00

0.48

o

0.08
0.75
0.16
0.53
0.09
0.78
0.18
0.82
0.12

31 00
36 o 00
32 o 50
36 o 54
30 o 16
37 o 49
32 o 24
37 o 53
34 o 00

Ratio

Cc
C undisturbe d
%
(11)
67.70

0.40

83.30

0.59

78.70

0.44

83.00

0.60

76.90

0.70

85.40

which is irrecoverable at failure; Cw, plastic cohesion
caused by recoverable water-colloidal bonds.
The structural rigid cohesion (Cc) can be
determined by cohesion difference of undisturbed
samples (Cundisturbed) and remold specimens (Cremold),
whith the same moisture content and dry density.
C c  C undisturbe d - C remold

(3)

The data in Table 3 shows that structural rigid
cohesion of soil affects its swelling potential. When
the structural rigid cohesion (Cc) is destroyed, the
relative expansion potential increases.
The expanding increment (RN) of samples after
breaking their structural and remolding are shown by
formula:
R N 

N
N
R remold
 R undisturbe
d
N
R remold

(4)

Showing the role of structural rigid cohesion (Cc)
in total cohesion of undisturbed sample as follows:
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C 

C undisturbe d  C remold
C undisturbe d



Cc
C undisturbe d

(5)

The calculation results in Table 3 are shown that
the larger C the more increasing RN. The
structural rigid cohesion (Cc) itself holds back the
swelling potential of undisturbed specimen. The
remold-disturbed
sample
(equivalent
with
embankment) is more expanding potential in
saturation because it’s structural rigid cohesion is
destroyed.
The above condition (1) following CHиП II– Ь1 62 can accord with natural structural clay. When
using soil as damming material, it is necessary that
earth must have to be tested for determining swelling
characteristics whose remold soil specimens have
the same condition that they will work in dam.
According to experiment results of the author, basalt
material is non-heave soil; the alluvium, alluviumdiluvium on foundation in sandstone, clay stone,
granite and alluvial deposit are swollen in saturation
whose remold samples have dry density d = 0.95
dmax and initial water content W = Won, (dmax, Won
– maximum dry density and optimum water content
determined by standard Proctor compaction test).
The research results on earthfill dams constructed
a long time ago have shown that following the time;
in earth fill soils establish the new structural bond to
reduce the swelling soil characteristic. Example: in
Table 4 and Figure 1 present research results in
earhtfill of Suoi Trau main dam in Khanh Hoa
province – Vietnam. The dam completed in 1979
and in 1994 the dam was drilled in the body for
research. The studied effects have shown: After 15
years, the shearing strength of undisturbed samples
taken in the dam body is than the shearing strength
of remold samples having the same dry density and
water content. This shearing strength increase
restrained swelling potential of undisturbed sample
taken in dam body in comparison with remolds
specimen having the same dry density and moisture
content.
Table 4. The comparison of shearing strength (, C) and
relative swelling potential (RN) of undisturbed samples taking
in Suoi Trau main dam (after 15 years of construction) and
remold specimens having the same dry density and water
content.
Undisturbed specimens taking in the dam body after 15 years
of construction
Internal
Cohesion
Swelling
Dry density
friction angle
force
potential
No
3
d, t/m
2
, degree
C, kg/cm
RN , %
1
1.70
10o 40
0.62
1.20
2
1.72
14o 15
0.60
2.00
3
1.74
16o 00
0.58
2.50
o
4
1.76
18 10
0.55
4.10
5
1.79
20o 30
0.48
4.70

No
1
2
3
4
5

Remold specimens having the same dry density
Dry
Internal friction Cohesion
Swelling
density
angle
force
potential
d, t/m3
, degree
C, kg/cm2
RN , %
o
1.70
10 15
0.40
2.30
o
1.72
14 55
0.50
3.90
1.74
12o 12
0.42
5.20
1.76
13o 50
0.36
7.00
1.79
14o 30
0.35
9.20

(1)
(2)

(1)
(2)

(2)
(1)

Figure 1. The change of internal friction angle (), cohesion
force (C) and swelling potential (RN) of Suoi Trau main dam in
Khanh Hoa province – Vietnam: (1) undisturbed specimen
taking in the dam body after 15 years of construction, (2)
remold specimen having the same dry density and water
content.

So, structure bond of cohesive soil affects deeply
on its expanding characteristic: When the soil is
destroyed the structure, the percentage of total heave
increases but following the time, the restoration of
structure bonds have effect to reduce bellied
characteristic.
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New technique for compaction control using Dutch cone
D. S. Soelarno
Professor, Civil Engineering Department, Parahyangan Catholic University, Bandung, Indonesia

ABSTRACT: This paper concerns especially with new technique for compaction control using Dutch cone including a proposal for new standard compaction apparatus. The compaction hammer diameter is as large as
mold diameter. This idea is coming from the combination of Proctor technique and dynamic consolidation
from Menard. Hammer weight is 20 kg with drop height 50 cm. Mold size is very large with diameter and
height are 38 cm and 60 cm, respectively. The mold height is 30 cm intended for obtaining unsaturated compacted samples for laboratory test to measure soils parameter; strength, compressibility and CBR. The rest
will be soaked for getting saturated soils parameter. This new mold has many small holes surrounding including at the mold base and cover, to get better absorption. And using Dutch cone for controlling the quality of
compaction is very easy, cheap, fast. Further more, quality control using strength parameter is more effective
than using dry unit weight, either in laboratory or in field. By this new technique and apparatus, we can overcome the disadvantages of the Standard Proctor method.
The author also introduce experimental research results, with the clay sample from Majalaya and West Java.
Three kind of Plasticity Index, five value of compaction energy, only for unsaturated sample at optimum water
content. This compaction is compare with the one obtain from Proctor, the results is very good, and show
some correlation between Dutch cone value, shear strength and Young modulus from unconfined compression
test, compaction energy, plasticity index, and optimum water content. The application of this research results
is also illustrated.

1 INTRODUCTION
The surface compaction technique in laboratory was
introduced by Proctor in 1930. This technique is very
important because based on this results, every engineer controls the quality of compaction in field using
this parameter of dry unit weight and optimum water
content.
However based on author experiences there is
some disadvantage of the technique which relate to
the difficulities to determine soil property. Using
standard or modified Proctor, the diameter of the
compaction hammer is one half diameter of the
mold, it may cause the result of compacted sample
inhomogenous. To obtain soil parameters, one needs
to make compacted soils many times because the diameter of the mold is small. Quality control using
dry unit weight is also used many times and disturbed the sample either in laboratory or in the field,
furthermore using this parameter for controlling the
quality is very difficult because the range of the unit

weight of soils is relatively small and based on these
parameter one can not directly control the soils
strength as well as soil compressibility. Also it is difficult to make compacted soils in the laboratory for
model test. Because of the above reasons, in this paper the author introduce new technique for compaction control by Dutch Cone.
The author control the quality of soil cements using Dutch Cone in 1982 (Soelarno et al., 1982) based
on experimental research in laboratory. The purpose
of this data is to control the quality of sand stabilized
by cement for project in Cilincing, Jakarta. And in
many places for control and design of embankment
slope (Balikpapan, Cikampek, Kerawang, Lampung), the author control the compacted soils quality
using Dutch cone, it is very convenient to estimate
the value of cohesion for cohesive soils and  for cohesionless soil. This paper will introduce our research results of New Technique of compaction control by Dutch Cone from the data of Soelarno, Inge,
and Okky (1999), Soelarno & Nursjiwan (2000).
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2 SOIL LOCATION AND CHARACTERISTICS
According to Soelarno, Tuti, Samsudin, and Cameliani (1981), roughly almost 65% of Indonesian area
cover by clay soils content of Kaolinite, Illite, Halloysite, and Montmorillonite. If these soils in the unsaturated condition, many experts usually mention
the soils as expansive soils. For this reason, the author, using this soils as a research material with three
different value of Plasticity Index, 36%, 59%, and
77% (Soelarno & Nursjiwan, 2000), the location of
these soils is in the Majalaya area, about 14 km from
Bandung, and for this study the author take the block
undisturbed sample, the characteristics of this soils is
given in Table 1.
Table 1. Characteristics of Majalaya Soils.
Majalaya Soils
Specific Gravity (Gs)
Natural Water Content (wn), %
Liquid Limit (LL), %
Shrinkage Limit (SL), %
Plastic Limit (PL), %
Plasticity Index (PI), %
Dry Unit Weight (d), gr/cm3

I
2.68
36.74
74
25.84
38
36
1.39

II
2.67
45.39
111
22.60
52
59
1.25

3 NEW COMPACTION TECHNIQUE
SOELARNO AND THE APPARATUS

III
2.69
49.48
113
18.38
36
77
1.18

BY

To overcome the disadvantages of compaction technique of Proctor, the author propose new technique
of compaction which actually a combination the
Proctor technique and Dynamics Consolidation proposed by Menard. In this method the author propose
the compaction apparatus as shown in Figure 1.

used to obtain the unsaturated soil parameter; and we
can take samples for obtaining value of unconfined
compressive strength, CBR, and consolidation parameter, and the another mold, soaked into the water
to get the saturated compacted soils sample; we
make the mold many small hold as well as the based
and the cover of mold, to get better absorbing the
water during soaked period and no volume changes,
after achieve the degree of saturation 100%, we can
check the quality using Dutch cone again and do the
same test for obtaining the saturated parameters of
that compacted material.
The weight of the hammer is 20 kg, diameter 37
cm and drop height is 50 cm is proposed as a Standard, using fives values of compaction energy. By
this technique one can obtain many correlation of
soil parameters from one compaction test in the
same mold, the compacted soils parameter which is
very useful for design and control the compaction
quality in field; in this case we correlate the Dutch
cone value with the number of passing of any kind of
compaction apparatus with different weight beside
the standard size.
Using this proposed technique, once the optimum
water content is known it can be arranged by the
mold diameter, hammer weight, and height drop
however it is required to compact the soils in 7 layers to get better quality (Soelarno & Indrakila, 1990).
During this study, the author use five compaction
energy, there are 3.02, 6.05, 16.7, 27.34, and 35.69
kg.cm/cm3.
4 PURPOSE OF STUDY
First is to check the results of compaction using 5
energy by new technique with the results using Proctor technique; in this study Standard Proctor apparatus was used and many correlation are derived. It
will be presented in more details in the following
section.
5 RESULTS OF STUDY
5.1 Comparison of compaction result by new
technique and the results from Standard Proctor

Fig. 1. Proposed new compaction apparatus.

The mold diameter is 38 cm, the mold height is 60
cm., with the purpose that the height can be divided
by two part, 30 cm respectively and so the quality of
compacted soils can be control simultaneously as
long as using Dutch cone, layer by layer, and after
that we get two compacted samples, one mold can be

For this purpose, value of Dutch Cone qc(p), dopt(p),
and wopt(p) from Proctor is compared to result from
Soelarno. The relationships between qc(p) – qc(s),
dopt(p) – dopt(s), and wopt(p) – wopt(s) are shown respectively in Fig. 2, Fig. 3, and Fig. 4 and they are well
correlated meaning that the results of compacted
soils by Soelarno technique are almost the same as
Proctor results for different plasticity index and five
different compaction energy.
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Unconfined Compressive Strength versus Dutch
Cone (fig. 5.)
 Unconfined compressive Strength versus Plasticity Index with the variation of compaction energy
(fig. 6.)
 Optimum water content versus energy of compaction (fig. 7.)
 Young modulus, E, versus Plasticity Index
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Fig. 2. The correlation of Dutch cone value obtained from
compaction using Proctor and Soelarno technique.
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Fig. 5. Correlation of shear strength from unconfined compression test and Dutch cone value.
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Fig. 3. The correlation of dry unit weight obtained from compaction using Proctor and Soelarno technique.
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Fig. 4. The correlation of optimum water content from compaction using Proctor and Soelarno technique.
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Fig. 6. Correlation between shear strength from unconfined
compression test and plasticity index with variation of compaction energy.

5.2 Some Useful Correlations
Results of study were plotted unsaturated soils as
follows:
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6 CONCLUSIONS
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Fig. 7. Correlation between optimum water content and compaction energy with variation of plasticity index.

5.3 Application of this study
For estimating soil strength in compacted embankment from Dutch cone figure 5 may be used. This
data is valuable for comparison of laboratory test and
field test during construction. Based on the plasticity
index of the compacted material, the compaction energy can be obtained. Further more, when are known
the value of compaction energy and plasticity index
are known, the optimum water content can be predicted; this value is very important for preparing the
sample which will be compacted in laboratory as
well as in field during preparation of model test before construction, and also it is easy to obtain the
value of Young Modulus from Fig. 8. Using the
Dutch cone value, the quality of compacted soil can
be controlled.
35.69 kgcm/cm3
70

27.34 kgcm/cm3
16.70 kgcm/cm3

60

6.05 kgcm/cm3
3.05 kgcm/cm3

E (kg/cm2)

50

a. The results of compaction by New technique is
almost the same with standard Proctor.
b. Using the New Technique and standard proposed
in this paper and Dutch-cone as a control parameter, it is easier, to prepare compacted sample for
unsaturated sample and prepare sample for
soaked. Furthermore, using large diameter mold,
we can get sample for CBR, unconfined compressive strength and consolidation test. Because
many small holes surrounding mold and its cover,
it will be better for sample saturation.
c. Results of this study is very useful for preparing
compaction test. Also Young Modulus may be
predicted for rough calculation of Elastic Settlement, as well as for controlling the quality of
compacted embankment during construction in
field.
d. By this technique of compaction, it is very easy to
compact the soils in any kinds of compacted sample size for making model test in the experimental
research.
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Experience in in situ testing and outlook for improved methods
A.R. Soehoed
PT. Puri Fadjar Mandiri, Jakarta, PT. Aldevco, Jakarta

ABSTRACT: The author, under PT Puri Fajar Mandiri has conducted substantial soil monitoring work for
consolidation and stability in reclamation work and in levee construction. Extensive field investigations have
been conducted utilizing mainly static cone penetration tests with electrical cones and wireless cones supplied
by P.T. Aldevco.
The paper presents monitoring activities for reclamation and soil improvement work in the Jakarta bay using
bamboo reinforcement, bamboo drain clusters and fiber drains for consolidation. Brief analyses are shown for
determining consolidation rates and stability. Similar work has been done for determining stability of levees
for a tailings deposition area.
1 INTRODUCTION
The author through PT. Puri Fadjar Mandiri, (Puri)
involved in field testing, laboratory testing and
consulting on matters related to soil structures and
foundations. For this particular sector Puri is
operating various types of drilling rigs for a.o.
auger drilling, washboring and extraction of
disturbed and undisturbed samples, penetrometers
of various types and weights from 5 tons to 20 tons
equipped with standard cones, electro cones and
cordless cones, and a vast array of other equipment
such as CBR test sets, an Impact meter which is an
alternative for CBR field tests, vane-shear tests,
pressuremeters etc.
The paper deals with two projects for which
Puri has been working in the last ten to fifteen
years, viz.
a Reclamation of a canal-estate of about 100
hectares gross area in the Jakarta bay area. The
works include soil investigation for design
purposes and during construction, testing as part
of approval procedure for partial acceptation
and for final approval of the total project at
about 18 months after completion.
b Soil investigation for a basic design for levees
along a river stretch of 40 kilometers for mine
tailings deposition. A description is given of the
various stages of investigations and a general
description of the analysis applied for design.

c Some views on improved testing methods.
2 RECLAMATION OF A CANAL- ESTATE
In 1985 Puri was assigned to design and supervise
the reclamation works for a canal estate of about
650 meters wide and about 1,500 meters long in
the bay of Jakarta, reaching from existing shoreline
to a water depth of 4.50 meters and an average sea
bottom slope of 1 : 300. The works include about
100 ha gross of a total project area consisting of
about 70 ha reclaimed and improved dry land, the
balance being canals and revetments on the inside
and seawalls on the outer side. The overall level of
reclaimed land is +2.60 m (formation level). The
project was executed in three stages.
Phase 1A of approximately 4.4 ha of dry land
designated as Block R, where the seabed varies
from El. 0.0 m to El. -1.20 m. Construction of
Phase 1A commenced at the end of 1986 and was
completed in 1988.
Phase 1B of two pieces Block S and Block Z of
respectively 12 ha and 10.7 ha was filled with
“flushed-out dredged clay”. The sea bottom varies
from El. -1.50 m to El. -2.50 m and was completed
in 1994.
Phase 2B of four pieces Block T, U, V, W of
respectively 10.2 ha, 14.9 ha, 3.4 ha and 11.5 ha
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each and two extra pieces X and Y was started in
August 1994 and completed in 1997.
Altogether construction took approximately
eleven years, the pacing of which was mostly
dictated by financial and marketing considerations
and successive tender proceedings (see Figure
No.1).

Figure 1. Site plan of Pantai Mutiara project.

Figure 2. Soil profile at Pantai Mutiara reclamation.

The sea bottom shows a general profile as
shown in Figure No. 2.
The seabed at the site varies from El. 0.0 m to
El. -5.00 m and the proposed formation level is El.
+2.60 m. The site is underlain by a 16 m to 18 m

thick layer of very soft to medium stiff silty clay
followed by interbedded layers of silts and sands of
dense to very dense consistency and very stiff silty
clays. The upper 12 m of the deposit are highly
plastic silts and organic clay with wn = 70% 150%, wL = 60 to 130, Ip = 30 - 70, void ratio e =
1.5 - 3.5 and Cc = 0.7 - 1.2. Between El. -12 m and
El. -18 m, the soft to medium stiff silty clay is
relatively less compressible with wn = 50% - 90%,
void ratio e  1.7, Cc = 0.5.
The SPT N value is 0 in the very soft silty clay,
2 to 15 blows/30 cm in the soft to medium stiff
silty clay layer and larger than 50 blows/30 cm in
the dense to very dense sand/silt strata. The cone
resistance rarely exceeds 1 MPa until a depth of 12
m is reached. Thereafter, it increases to about 2 to
3 MPa between 12 m and 18 m, and exceeds 3
MPa below 18 m depth. The vane shear strengths
increased from 2 kPa near the seabed to about 14
kPa at 10 m depth. Between 12 m and 18 m depths,
the shear strength values vary from 20 to 40 kPa
and below 18 m depth, the soil was too stiff for the
vane apparatus. The preconsolidation pressures
from consolidation tests confirmed that the clayey
soils are mostly normally consolidated with Cu/po’
ratio of about 0.22 to 0.25.
Block R was constructed as a blanket-fill,
building the shore protection structure in an
excavation after the fill was completed and
sufficiently consolidated, while the next phases
were constructed as hydraulic fills after the project
area was fully enclosed to a certain height by the
seawall protection structures including the sea
entrance to the estate. Further increase of height of
the seawall is coordinated and synchronized with
the speed of the fill, such that no slide will occur.
Settlement of the seawall was favorably controlled
by densifying the sea bottom with pushed-in
bamboo clusters with inserted fiber drains, and
reinforcing the sand base for the rubble mound
seawalls with layers of bamboo rafts (see Figure
No.3a and 3b). Experience at Phase I has learned
that no disturbing lateral movements or heaves will
occur in this particular project when the fill is
placed not faster than about 0.50 meter over
periods of two weeks.
This procedure has among others allowed for
the elimination of the inclinometer as an indicator
of lateral movements. The fill was placed in thin
layers in the initial stages by applying sand spread
barges, while the layer thickness was gradually
increased. Control of the fill process was
conducted with deep and surface settlement plates
of a simple type of wooden plates with
polypropylene tubes, which easily can be
lengthened. Piezometers of the pneumatic type
were only placed at locations where strong increase
of pore water pressure is to be expected as a result
of the filling process and surcharging over the area.
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STAGE 5th (final)
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Figure 3a. Seawall construction.

SECTION A-A
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Figure 3b. Bamboo cluster and bamboo raft.
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Figure 4. Monitoring CPT data at H23- Block Z.
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The same speed of 0.50 meter surcharge over two
weeks periods was observed in building the
surcharge.
After an initial period of surcharging tests
commenced for acceptance purposes. Monitoring in
the first stages was conducted with CPT rigs. Test
runs of CPT’s over a specific location over a certain
period of 3 (three) months show a very low rate of
increase of strength within the underlying soil.
However after the fourth month the soil bearing
property increased visibly, clearly because of the role
of the fiber drain (vertical drains) with has
sufficiently released pore water, see Figure No. 4.
Meanwhile, undisturbed samples were drawn
from around the same location for laboratory testing
of index and engineering properties. Indicative
parameters were water content (wn), unit weight (s),
specific gravity (Gs), soil classification (LL, PL, PI),
grain size distribution, compression index (cc), shear
strength (Cu).
Approvals for acceptance are given partially, after
CPT tests and shear strength (Cu) analyses indicate a
sufficient rate of consolidation is reached, which
should be around 90% of expected consolidation
under surcharge conditions. At Figure No. 5, which
is a specimen from the monitoring at the Mutiara
reclamation, for each depth the relationship is
analyzed between the expected shear strength Cu
(target) minus the initial shear strength and the
measured Cu (actual) and the initial value.

Figure 5. Determination of degree of consolidation.
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Figure 6. Slope stability analysis with factor of safety 1.739.

Figure No. 5 indicated a percentage consolidation
rate of 87% and the block was therefore declared
acceptable.
The soil monitoring applied was focused on a
minimum of test locations, since damages to
instrument do occur quite frequently during the
process of filling. This is however balanced off by
regular control of instruments such that the filling

and soil-improvement process could be watched very
closely and remedies could be applied before large
problems arise.
Eighteen months after full delivery of the job by
the contractor a recheck was conducted on the soil
conditions. The tests of the as-built structure showed
satisfactory results.
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Stability analyses for the shore protection were
mainly focused on settlement, shallow slides and
deep slides, based on Simplified Bishop slide
analysis.
Figure 6 present a stability analysis for
Revetment. The required factor of safety was 1.2
under normal load conditions and 1.1 under
earthquake conditions.
3 SOIL INVESTIGATION FOR BASIC DESIGN
OF TAILINGS DEPOSITION LEVEES
One of the options for tailings deposition for a
copper mining operation in the Province of Papua is
deposition in a floodplain at the lower reaches of the
Ajkwa river complex. Other options are under study,
but the option discussed will be maintained at the
initial period until other more feasible solutions
could be found or additional facilities are proven to
be necessary. For the Ajkwa floodplain which is
approximately 4.5 kilometers wide a pair of levees
have to be constructed. These levees should be
designed to be built in stages commensurate with the
increase of height of the deposited tailings over the
life time of the mine. Provisions have therefore to be
made for gradual increase of the levee height in
some system, which allows the usage of the previous
levels of the levees as a new base. The rate of
increase of the deposition depends on the milling
capacity of the mine, the grade of milling (cut-off
size) and other factors related to the mineoperations. Care should also be taken for possible
recurrent high floods although other provisions have
also been prepared for these eventualities.
A previously conducted general geological survey
indicated that the soil type over the particular river
stretch of about 40 kilometers can be divided into
three main groups, viz.
Soil type I, consists of river gravel, loose to
medium dense, gravel and cobbles in sandy silty
matrix.
Soil type II, consist of soft to firm silty
clay/clayed silt, overlying loose to medium dense
sandy gravel.
Soil Type III, the top layer consists of very soft to
soft organic silty clay with lenses of very loose silty
sand.
As an initial analysis profiles of the three typical
soil types were tested on the basis of an assumed
schedule for increase of height as shown in Figure 7.
Analyses were made for settlement, deformation,
deep and surface slides. The analyses for Soil Type I
is herewith presented in Figure 8a, 8b and 8c.
The results show that except for Soil type III the
other soil types were adequate for an upstream
Christmas-tree build-up of the levees up to 10 meters
height.

In Soil type I, with respect to stability and
settlement consideration the levee can be constructed
by the upstream Christmas-tree method, with at least
a 4 meters wide berm at 5 meters height, outside
slope 1 : 2 and inside slope 1 : 2. It is recommended
that mixing some cohesive material will help to
prevent surface erosion that may occur on the purely
sandy material. It will also increase the slope
stability against surface slip. The seepage through
and below the levees is not of concern based on the
available soil data and seepage analysis.
The levee based in Soil type II zone can be
constructed by the upstream Christmas-tree method.
Slope stability is adequate in this soil type for the
given time frame of construction and allowing the
cohesive foundation soil to gain strength with time.
A berm width of 5 meters height, outside slope 1 : 3
and inside slope 1 : 2, is sufficient for stability
consideration. This berm will also enhance the factor
of safety for stability. Seepage consideration is
adequate for this design.
For Soil type III, however, the upstream
Christmas-tree method is not adequate with respect
to stability due to the presence of soft foundation
soils. The berm at 5 meters height should be at least
8 meters wide, outside slope 1 : 5 and inside slope
1 : 2 to achieve the desired minimum factor of
safety. Again this conclusion is based on the
designed time schedule as the gain in strength of
cohesive soil is within this schedule. The foundation
soils are more impervious, seepage problem in this
case is of no concern.
Table 1. Stage construction of levee
Stage

Stage 1
Stage 2
Stage 3
Stage 4
Stage 5
Stage 6
Stage 7
Stage 8

Description
Construction of Levee
(embankment Filling
Operation)
Tailing Deposition
Construction of Levee
Tailing Deposition
Construction of Levee
Tailing Deposition
Construction of Levee
Tailing Deposition

Levee
Height
(m)

Estimated
Time
(years)

0-3

In progress

0-2
3-5
2-4
5-7
4-6
7 - 10
6-9

5
10
15
20

After this preliminary result a more detailed field
investigation was introduced with soil-auger drills,
CPT’s and partly pre-drilled CPT’s.
There was one problem with the West-levee
which was already built up to 3 to 4 meters several
years ago for flood protection of a small town,
Timika. Consolidation of the West levee over the
years has densified the soil, which made drilling
through the crest not possible with the ENVI drill
2900 Nm torque. Tests were therefore only
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conducted along the toes of the West levee. The East
levee does not have this problem.

In the following analyses CPT values were
translated into the likely soil type by applying soil
behaviour type from CPT and CPTU (Robertson,
Campanella et al.) - see Figure No. 9.

Figure 7. Upstream construction of levee.

Analyses of the now more detailed profiles show
a different picture than what was obtained by the
previous geological survey.

Figure 8a. Finite element mesh for deformation and seepage
analyses.

Figure 8b. Soil type I zone, construction stages and material
properties.

Figure 8c. Soil type I zone, settlement profile at various stage
of construction.

Figure 9. Soil Behavior type from CPT and CPTU
(Robertson et al., 1983).

The long profiles were schematized into sectors
of similar properties and again Bishops slope
analyses were applied (see Figure 10a and 10b).
Figure No. 10a and 10b present a section of the West
Levee (W12 – W18) with soil identification derived
from CPT values and the same section schematized.
The results show that for reasons of surface slope
failure (shallow slides), the upstream Christmas-tree
sequence cannot be applied except for a limited
number of profiles. Over 12.00 meters height a
downstream sequence system has to be applied
which for the total height of 20.00 meters makes the
downstream sequence more feasible. This will
require alterations in the overall alignment to prepare
room for the downstream build-up at later stages.
While construction have already proceeded for
certain sections over the forty kilometers West and
East levee, further investigation was conducted for
some potential problem sections. Disturbed and
undisturbed samples were drawn from bore holes,
drilled with stronger geological drill rigs through the
crest and the feet for laboratory testing. There was
some concern due to the existence of sand layers and
lenses within certain sections. The possibility of
liquefaction of these layers during earth tremors was
feared.
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Figure 10a. Soil profile West Levee (based on CPT data).
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Figure 10b. Soil parameter West Levee (based on CPT data).

Hence the project owner required that some sandy
samples were to be subjected to a cyclical triaxial
test, which was conducted by the ITB - soil
laboratory at Bandung. 13 (thirteen) selected sandy
samples were submitted but only 7 (seven) were
considered eligible for cyclical triaxial tests. Most of
the triaxial cyclic test results are more than 500
cycles (NL), which means the potential for
liquefaction is small. The number of samples eligible

for tests out of 13 (thirteen) samples and the results
of the 7 (seven) samples tested indicate that the
possibility for liquefaction may not be that large.
4 OUTLOOK FOR IMPROVEMENT
Puri is of the opinion that the standard set-up of soil
investigation as maintained by Puri currently for
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most soil structures are quite adequate, provided
regular and frequent observations are made.
4.1 CONRAD
Improvement in the cone design however has proven
to be very valuable, including application of
software introduced by Geotech Sweden under the
name CONRAD, which is being utilized for further
evaluation and interpretation of the CPT data.
The CONRAD program, produced by Geotech –
Sweden, has been recommended by the Swedish
Geotech Institute (SGI). It is able to directly process
the data which are measured in the field. The
processed data obtained from CONRAD software
can be projected in a graph.
The following parameters can be shown in a
graph as a function of depth:
 Cone Resistance, corrected for pore pressure (qT)
 Sleeve Friction, corrected for pore pressure (fT)
 Pore Pressure (u)
 Friction Ratio (Rf)
 Pore Pressure Ratio (DPPR)
 Generated Pore Pressure (u) and in situ pore
pressure (uo)
Interpretation of the graph as a function of depth
is expressed in:
 Soil classification (type, stiffness, degree of
consolidation)
 Undrained Shear Strength (fu)
 Friction Angle ()
 Relative Density (ID)
 Modulus of soil (M)
 Effective Vertical Stress (’vo)

Generally the introduction of the electric cone and
the cordless cone, made respectively by Geotech
Sweden, Gouda and Ap vd Berg have in practice
presented quite a number of advantages in easier
operation and reliability of results. Figure 11 shows
schematically the Cordless Probe test system.
4.2 Resistivity meter
At this particular levee project Puri was also
assigned to investigate possible sources for material
for levee construction and assess the available
volumes. This was conducted by resistivity test
applying OYO Mc OHM 2115 (resistivity meter).
For large scale soil investigation resistivity tests
combined with CPT and some sample taking may
prove to be more cost effective and more practical
than CPT only based on a grid system.
4.3 Seismic cone
A Seismic cone is to estimate the shear modulus in
situ of the founding soil, using the relationship
between shear modulus Go the shear wave velocity
(Vs) and the bulk soil density (), expressed by:
Go = Vs2

(1)

Vs can be obtained with a penetrating cone in
which a seismometer is installed to record a shear
wave. This shear wave is generated at the ground
surface by means of hammer hitting horizontally on
the end of a beam using an electric trigger (see
Figure 12).
Oscilloscope
Trigger
Static
load
Hammer

Shear wave source
(perpendicular to cone)

Shear wave

Seismic
cone penetrometer

Figure 12. Principles of the seismic cone survey technique.
Figure 11. The schematic of cordless probe.

The Seismic cone can be coupled with a
piezocone test. Although plans were made for testing
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with the seismic cone at the tailings deposition area,
the results of the cyclic triaxial tests were reasons for
canceling this test.
4.4 Envirocone
An envirocone investigation, as an essential part of
the environmental investigation, permits the
delineation of the extent and type of pollution. In
recent years geotechnical engineering has been
combined with environmental cones in geoenvironmental activities.
Many projects are dealing with some form of
contaminant in the ground. This can take the form of
vapors, liquids and solids. The objective of a geoenvironmental site investigation is the distribution,
composition and concentration of contaminants. For
this purpose sensors were added to cone
penetrometers a.o.


Temperature sensor, to aid in the identification of
contaminants that generate heat to biological
and/or chemical activity.
 Sensor for measurement of electrical resistivity.
The electrical properties of the soil will be
changed by the presence of contaminants.
Measurement of electrical conductivity (or
resistivity) is also to estimate in situ porosity or
density.
 pH Sensors. This sensor can be applied to
measure the acidity of soil which may be a useful
guide for detecting certain contaminants with
different pH values.
 Other sensors which were added to the cone
penetrometer for environmental application is the
hydro carbon sensor to measure the carbon of
soil.
Tests with the envirocone on the tailing deposition
area have unfortunately been suspended.
4.5 Dissipation test
In a geotechnical project carried out by Puri in the
area of Riau soil investigation has been done on 2 –
3 meters thick peat with soft clay layer of 40 meters
beneath the peat. CPT penetration was performed to
a depth of 36 meters with an electrical cone of 10
tons capacity using an inclination sensor. A
dissipation test has also been performed to measure
the decrease of the excess pore pressure which
should be up to 50% (t50) dissipation during  4
hours. The test was executed during the penetration
process by interrupting the operation at every
required depth and measuring the time of decrease of
the excess pore water pressure.
The rate of dissipation velocity depends on the
consolidation coefficient, which is successively
dependent on the compressibility and permeability of
the soil. Usually the dissipation is allowed to

proceed until a certain degree of dissipation is
obtained while measuring the required period of
time. It is recommended to continue with the test
until a degree is obtained of at least U = 50 %. When
required to know the pore pressure equilibrium, the
Dissipation Test has to be carried on until the
Dissipation has subsided. This will occur rapidly in
sandy soils, but it would take much longer for plastic
clay.
Data obtained from Dissipation Test are utilized
to determine the consolidation coefficient and the
permeability coefficient of the soil under
investigation.
5 SUMMARY CONCLUSIONS
Above described investigations and similar tests
elsewhere in Indonesia indicate that for conventional
soil structures, the currently applied testing methods
centered around Cone Penetration and Standard
Penetration tests (CPT and SPT) combined with
shear tests (Vane shear tests or laboratory triaxial
tests) and completed with ASTM-based property and
engineering laboratory tests on undisturbed samples
prove to be fairly adequate. Soil identification based
on penetrometer tests and grain size distribution or
hydrometer tests as suggested in current literature
may need some adaptation for the more clayey type
soils in Indonesia’s alluvial plains. Pore pressure
dissipation characteristics should obviously be
considered when working in peat layers and in
marshy wetlands.
For monitoring during construction excessive
instrumentation seems not to be necessary as long as
instrumentation is properly selected and laid out
commensurate to the applied construction method.
Frequent readings and regular analysis prove to be
necessary to prevent unwanted occurrences.
As far as improvement is concerned, there is
scope for this, in terms of fine tuning and
enhancement of reliability of test results as among
others have been proven with the more sophisticated
electrocone and wireless audio cone and the
application of the CONRAD software.
For large scale preparation testing some standard
geological methods applying drilling rigs and
resistivity meters may be of use for preliminary
investigations as an effort to focus detail
investigation more on critical areas.
More advanced methods, such as the cyclical
triaxial tests, seem not likely to obtain wide
application in Indonesia, except probably on some
specific locations on the sandy islands in the eastern
part of Indonesia, such as the West and East
Nusantara islands.
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The use of new reamer bit equipped with cone penetration reading for
cast in place bored pile to improve subsidence construction
Moesdarjono S.
Civil Engineering Department, Sepuluh November Institute of Technology, Indonesia

ABSTRACT: Surabaya area which consists a lot of soft clay and most of them is alluvial soil. As Capital City
of East Java, Surabaya has many kind of building from very simple to high-rise building. Subsidence
construction has happened in this city especially to the low and medium building such as housing with one or
two floor, ware house, etc. Cast in place bore pile with reamer in the bottom side is one of the many systems
that is very effective to improve the damage structure cause by the subsidence of the soil. The new reamer bit
model which is subsequent develop in Soil Mechanic Laboratory of ITS, its a practical equipment in field that
can be working as a dredger of the retain reamer-soil. Three locations of the damage structure at Surabaya area
have already improved by using the new reamer bit. The locations are as follows: 1. PT. Petrokimia Housing
at Gresik; 2. Cement warehouse at Margomulyo; 3. Slope failure at Dukuh Kupang. This paper also explains
about the use of reamer bit at each of the three locations above.
1 INTRODUCTION
Non-uniform settlement and the resulting
construction stresses are influenced by the
subsidence of the subsoil can be found often in many
building structure in Surabaya city especially at the
alluvial area; The subsoils of Surabaya area consists
of almost 70% alluvial soft soils and it has about
7.00 to 20.00 m thickness from the surface.
Using a cast in place bore pile with under reamer
is the most selected system to stop the structure
subsidence and also the easiest way to build and
practice in field because of the remaining debris
structure of the building when it is on repair which
usually always cause difficulties.
Even though bore pile foundation with under
reamer is not a new system, however it is very rarely
used here because of the difficulties to make a “real”
reamer under the bore hole with no inspection. The
new Reamer Bit, which is created in Soil Mechanic
Laboratory of ITS, is a device of bore bit and has
two parts, one is moveable blade and the other is fixtube. The latter is the part that one can put a required
device for in situ test.
Generally, foundations for multi story building
founded on the soft alluvial soil use precast concrete
pile. However it is too expensive for small to
medium building. For the latter, usually shallow
foundation is used with necessary soil-improvement
to a few meters beneath it. Bore pile with under

reamer as selected foundation system is one of
reliable system to solve the small and medium
building problems in Surabaya. The system may
improve the allowable bearing pressure of the bore
pile and indirectly will reduce also the settlements.
Beside the subsidence problems at alluvial soft
soil, this paper also explain the behavior of the use
of “The New Reamer-Bit” (NRB) for residual claysoil layers at Dukuh Kupang Surabaya to protect of
the slope stability to failure.
2 THE NEW REAMMER BIT (NRB)
The advantages of the new Reamer bit device for
under reamed cast in place Bore-Pile can be explain
as follows:
a. The device is simple and it is possible for
machine or manual working depending on field
situation.
b. The device is intended not only reaming the Bore
Hole at the bottom, but also dredging & cleaning
the retain soil product by the reamer-bit and
bring-up to the surface.
c. The device may also be improved its ability by
providing it with geotechnical-equipment’s for in
situ test such as Cone Penetrometer, undisturbed
sample, vane test etc, by placing it at the bottom
of the fix tube.
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d. Relatively, it is less costly, because the cast in
place bore pile with under reamer increase the
bearing capacity either for compression or tension
stresses, so it is possible to reduce the number of
the bore piles.
The NRB, schematically can be drawn as in
Figure 1. It has two main parts: fix-tube and cutter
blade, where the cutter-blades part are rotating
together with the drilling rod and move downward,
while the fix tube is still static. By rotating &
downward-move of the Drill-Rod, Cutting-Blades
are mechanically forced open and start to underream
bore hole and finally after the ream is complete the
cutting blade will kept enter in the tube until move
up to surface, where as the resulted soil is stack over
the soil-pan. It is called the self-dredging.

capacity until 5.0 meter depth increase about 30%;
however, for 3.0 meter depth is increase about 50%.
It can be explained that beyond 3.0 meter depth the
difference is only caused by point bearing of the
reamer (Figure 2).
Field test by using this NRB on Shallow depth
about 2.00 m for soft clay soil, shows the result of
the reamer hole after excavated (Figure 3). The
reamer hole was clean of debris soil, its mean that
the NRB successfully dredged the soil to surface.

Figure 3. Reamer hole after excavated.
Figure 1. Scheme of the New Reamer Bit (NRB).

Underream cast in place bore-pile is intended to
solve the foundation problem especially for simple
to medium building with 2-3 floors at Surabaya soft
alluvium clay. Under this concern, the effective and
efficient dimension of the bore pile may use 30 cm
diameter of bore pile and the underream may have
55 cm diameter.

Figure 2. Axial capacity vs. depth at Airlangga University, Jl.
Dharmawangsa, Surabaya.

Analytical calculation using those diameter above
and example soil area at Airlangga University
Jl. Dharmawangsa Surabaya, shows that the bearing

3 PETROKIMIA HOUSING SUBSIDENCE AT
GRESIK SURABAYA
The subsurface geological formation at test site,
mainly consist of gray soft clay (CH) with CPT cone
resistance in the range from 10 - 20 kg/cm2 until
8 meter depth from the surface and beyond that the
cone resistance increases to 50 kg/cm2.
One of the houses damages because of the
differential settlement has more than 5 cm for only
4.00 to 5.00 meter distance, so it is around 10% of
distortion and wall-cracks found every where. The
sketch of the contour at the time of repair is shown
in Figure 4.
Under the results of field and Laboratory test, a
plan to solve has been drawn up by the laboratory to
at least stop the settlement. By means of analysis
processes to get an efficient and effective results and
the final decision from the author-team was using
the underreamed cast in place bore piles.
By using the Ø30 cm cast in place bore pile and
with Ø55 cm underreamed, to the amount of 12
(twelve) bore-piles were installed spreading around
necessary points as shown in Figure 4 and in the
Figure 5 is the detail of structure where underreamed
bore pile is placed at -3.50 meter from the surface.
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b. This project is relatively inexpensive project,
because the existing house is still maintain and
not necessary to be demolished.
c. Easy to check the bearing capacity of every each
underreamed.
d. About 80% of the underreamed soil volume was
successfully dredged out to the surface by the
NRB.
e. Up to now, about more than six month later after
repairing, shows that there is no further settlement
as indicated also by no more crack-wall.
4 CEMENT-WAREHOUSE SUBSIDENCE AT
MARGOMULYO SURABAYA

Figure 4. Point of installation of bored pile with reamer and the
floor contour due to differential settlement at Petrokimia house.

Figure 5. The detail of underreamed bored pile structure at
Petrokimia housing.

The cone resistance of the CPT test results shows
at -3.50 meter are around 10 kg/cm2 and however,
test in field give value about 8 – 15 kg/cm2. The
bearing capacity analysis for those underreamed bore
pile is in range of 8 to 12 ton each and 60% to 80%
of it is supported by the point bearing of the
underreamer.
It may be noted here about using underreamed
bore pile with the NRB system for this project as
follows:
a. Smoothly job was going along, reported by the
foreman as well as working with the NRB system
even it was done manually.

Geologically, this area consists of alluvial soft soil
(CH) with CPT cone resistance around 2.0-kg/cm2 or
SPT value 1 blow/feet until 9.00 meter depth from
the surface. Beyond that level, until 30.0 meter depth
is brown clay with cone resistance 35.0 kg/cm2 or
15 blows/feet SPT value.
This ware-house has floor space 4048 m2 and at
the south part, the subsidence has reached more than
30 cm, however at the north part only about 5 to
10 cm. Some brick-wall specially at South Part have
wide crack and the roof made of corrugated iron
sheets look bent inward and some fastener string was
release from the anchor bolt. Actually the steel
construction of the warehouse is uniformly with the
concrete floor. The existing foundation construction
was common cast in place bore pile with 5.0 meter
depth and Ø30 cm in diameter. The concrete
columns of the warehouse are placed at the edges
and middle part of the whole expanse.
Under that situation, it is necessary to stop the
subsidence of the steel frame warehouse roof by
improving the foundation columns system especially
at the subsidence part. To calculate and to improve
the settlement column, the author team decided to
use the “Plaxis” computer program with finite
element approach to looking for the best
engineering-judgment solution.
Final result shows that additional amount of
underreamed bore pile cast in place about 2 (two)
and 4 (four) bore piles for edges columns and middle
columns respectively (Figure 6), however its for the
large settlement column only.
Final calculation using “Plaxis” program to find
out the prediction settlement before and after
repairing with 6.0 meter depth of underreamed bore
pile can be shown in Figure 7.
The allowable bearing capacity under analytical
calculation without underreamed and with
underreamed (Figure 8) shows at depth of 6.00 meter
from surface is 2.50 ton and 5.0 ton each
respectively.
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Figure 6. Installation of under reamed bored pile and the detail structure at the middle column (cement warehouse Margomulyo,
Surabaya).

Figure 7. Deformation of the warehouse Margomulyo before and after repairing under assist of Plaxis computer programme.

In general, it has been observed that the floor
settlement and roof distortion due to soil and
foundation failure can be related to damage and
building performance. By localizing and separating
between floor and structure of ware house, and then
improve the foundation structure to stop the
settlement, however it still gave permission to the

floor to settle without any interruption to the
structure it self.
Implementation in field do not give any problems
especially on using the NRB on soft soil, almost
80% of underreamed soil volume was successfully
dredge up to surface.
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Figure 8. Allowable bearing pressure versus depth at
Margomulyo, Surabaya.

The improvement system in the area should have
no vibration such as heavy equipment, driving
pile, etc.
 Field dimension to enter the yard, relatively
narrow, so it is not possible to use heavy or big
equipments.
 Huge excavation is not permitted because it may
cause danger to the stability of the building it self.
 Working field area is only at the back yard of the
building, the outer-side of the back yard is very
quite dense of occupation houses.
Under circumstances, the final alternative system
to protect the slope from failure had been decided by
author-team is as follows:
 Using underreamed bore piles cast in place with
NRB system along the area of about 26-meter
length with 3 rows and totally consists of 80 borepiles.
 Each bore pile has 30-cm diameter and the
underreamed has 55-cm diameter. The bore pile
penetrates the soil until 8 meter depth including
the reamer and the distance between bore piles is
around 100 cm (Figure 10).

5 SLOPE FAILURE AT DUKUH KUPANG
SURABAYA
Geologically, this area does not consist of alluvial
soil, even it is in Surabaya area, it is an area of
residual clay soil and a series form of “Kabuh”
geologic formation from “Jombang”. That is why
this area has more hilly than others area in Surabaya.
The four floors Archives Office Building (AOB) of
Surabaya Municipal is located at this area.
Behind of the back yard of the AOB has slopeshape with around 4-meter height and its threatened
in failure as indicated to the soil crack along the
yard. The last record of the subsidence of the yard is
about 2 to 4 cm in a week. So it is necessary to save
the slope as soon as possible and indirectly of course
to save the building it self from failure (Figure 9).

Figure 9. Cross-section at the AOB Dukuh Kupang Surabaya.

The limitation of the situation & environments
can be explained as follows:

Figure 10. Plan and detail of the bored pile installation at the
AOB Dukuh Kupang Surabaya.


At the surface, every single bore-pile is coupled
each other with concrete beams.
 The advantages using underream to this project
are: improves the compression including tension
of the bearing capacity of the bore pile, improves
the restrain horizontal force and easy to do the job
in field even under the large constrain above.
Some documented explanation by the foreman in
field about using the NRB system in this project can
be written among others:
 Spent more time to make the underream with
NRB system compare to the other projects in soft
alluvial soil, however there were no serious
problems.
 About 70% in average, the underream soil volume
had been dredged out to the surface by the NRB
System.
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6 CONCLUSIONS
Based on field implementation on NRB
underreamed bore pile cast in place at the three
locations, the following conclusions can be
advanced:
a. The NRB can be used obviously in field without
any difficulties.
b. Using 1½ to 2-D of diameter NRB (D is the
diameter of bore hole) is enough to improve the
allowable bearing capacity by analytical
calculation about twice than without underreamer.
c. About 70% to 80% of the underreamed soil
volume has successfully dredged out to surface by
NRB.
d. The NRB is a device that possible to improve it
with any kind of soil-test instrument at the fixtube while it still working as reamer-bit.
e. By making a well underreamed bore-pile one can
save the project because it is efficient & effective
especially in soft soil.
f. It is necessary to make advance-research of using
the NRB in field such us loading test
(compression & tension) in site, etc.
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Correlation studies between standard penetration test and self boring
pressuremeter test on tropical residual soils
Imam Aschuri & Sri Hetty
National Institute of Technology, Bandung, Indonesia

ABSTRACT: Standard Penetration Test and Self Boring Pressuremeter Test were carried out at Cikampek,
Padalarang Toll Road (CPTR) Project. The project is located around Cikampek and Purwakarta, West Java,
Indonesia. Correlation studies between the standard penetration test and self-boring pressuremeter test for
tropical residual soils are presented. Good correlation result was found between standard penetration test and
self boring pressuremeter test, in which the related parameters indicated can be used to predict soil
classification and strength of tropical residual soils.
1 INTRODUCTION

2 TROPICAL RESIDUAL SOILS

In Indonesia, which is a tropical country, the soils
are largely derived by the chemical weathering
process. In West Java, studies carried out by Wesley
(1973) have shown that many soils of this region are
tropical residual soils.
These soils may also possess a significant
macroscopic and microscopic fabric which is
susceptible to destruction during sampling and
testing such that the modeling of in situ behaviour in
the laboratory becomes difficult.
The use of in situ testing will reduce the need for
routine sampling. However, the need for a few
carefully taken undisturbed samples with
intelligently conducted laboratory testing will almost
certainly remain for tropical residual soils, especially
for evaluating of potential engineering behaviour
when these soils are subjected to different stress
condition. Because of the uncertainties involved in
sampling, testing and applying test results, semiempirical method has been developed to evaluate the
behaviour and properties of these soils.
The objective of this paper is to determine a
correlation between the Standard Penetration Test
(SPT) and Self Boring Pressuremeter Test for
tropical Residual Soils. The related parameters can
be used to predict the modulus undrained shear
strength, lateral stress and classification of tropical
residual soils.

Residual soils are the products of the intensive in
situ weathering of igneous, sedimentary and
metamorphic rocks, and they include to the group of
iron-rich materials, usually described as laterites or
lateritic soils which are very common in tropical
areas.
Weathering leads in tropical climates to formation
of clay minerals principally of four main groups:
kaolinite, halloysite, montmorillonite and illite.
Sequence in the formation of volcanic clay materials
(Gonzales de Vallejo et al., 1981), are shown on
Table 1.
Table 1. Sequences in the formation of volcanic clay.
(Gonzales de Vallejo et al., 1981)
SOUTH PACIFIC ISLANDS

CAMEROON

KENYA

Volcanic

Volcanic Rocks

Volcanic Ashes

Allophanes

Allophanes

Monthcillonites

Halloysites

Halloysites

Kaolinites

Halloysites

Hetahalloysites

Hetalloysitas

Gibbsites

Kaolinites

Kaolinites

Gibbsites

Based on geotechnical classification, tropical
residual soils can be divided into two behavioural
groups:
 Red tropical residual soils
 Black tropical residual soils
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Soils grouped within the red tropical residual
soils category can be divided into three types:
 Ferruginous soils
These are those soils which have been the subject
of the tropical weathering process to the extent
that they are dominated by a clay mineral
assemblage comprising kaolinite and the
sesquioxides of iron (Fe) and aluminum (Al).
Their behaviour in engineering works may be
expected to be reflected by their behaviour in
laboratory tests.
 Fersiallitic Andosols
These are soils which contain appreciable
quantities of halloysite and allophane, and are
sensitive to test preparation procedures.
 Ferrallitic soils
These are soils which contain sufficient quantities
of sesquioxides of iron (Fe) and aluminum (Al),
and are sensitive to test preparation procedures.
In terms of their engineering behaviour Black
Tropical Residual Soils can be classified into non–
expansive or potentially expansive depending on the
basis of a series of simple index tests, which include
Atterberg Limits, Linear Shrinkage, Free Swell and
Colloid Content (Anon., 1990).
3 SELF BORING PRESSUREMETER
A Self Boring Pressuremeter is hollow cylindrical
probe a little over one meter in length and 82 mm in
diameter, is shown in Figure l.

About one half of the outside of the probe is
covered by a membrane which can be expanded
against the soil by Nitrogen gas pressure. The
membrane is normally made from polyether urethane
and is protected by a sheath of flexible stainless steel
strips bonded to a rubber sleeve and known as
“Chinese Lantern”. The radial expansion of the
membrane is measured by three pivoted levers which
are kept in contact with the membrane by spring
cantilevers.
A strain gage instrument is fixed on to each
spring from which an accurate indication of the
movement of the membrane i.e. the radial strain, can
be, measured electronically. A press ire cell in the
body off the probe, measures the gas pressure within
the instrument. A further two cells are fixed to the
membrane and read the difference between the
internal probe pressure and the pore water pressure
in the soil.
All the signals from the electrical transducers are
sent to the surface through a multiway cable that
passes inside the armored nylon hose which supplies
the pressure. All necessary tools are provided to
enable the instrument to be dismantled. The
instruments are capable to test the ground condition
down to 31.00 meter depth from the ground surface.
Soil properties obtained from the self boring
pressuremeter test are as follows:
3.1 Shear Modulus
The shear modulus is a measurement of its elastic
deformation characteristic and from it the
compressibility and Young’s Modulus. If around the
pressuremeter is behaving totally elastic, the shear
modulus, G, can be calculated from the slope of
pressure – expansion curve (Figure 2 below):

Figure 1. Detail of the self-boring pressuremeter test.

In operation the probe is jacked steadily into the
ground, soil entering shoe of the instrument is cut
into small pieces by a central rotating cutter and is
then flushed to the surface. The flushing fluid is
being pumped down the inside of the cutter rods and
up the space between these rods and the internal wall
of probe rods. All of the probe embedment
operations, i.e. jacking and flushing, were performed
hydraulically by mean of an engine power pack.

Figure 2. Relationship between strain  (%) and pressure (kPa)
to determine shear modulus

Initial Modulus:
Gi 

 i
2 i

(1)

In soft soil (clays), it is quite likely that plastic
deformation begins at an early stage of the test, and
in order to ensure that soil is responding elastically,
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it is more satisfactorily to determine the shear
modulus from the slope of an unload – reload cycle
performed after the expansion has reached a plastic
phase, so that:
Gr 

 r
2 r

(2)

3.2 In situ Total Horizontal Stress (ho)
The prediction of soil deformation under working
condition requires realistic assumption concerning
the in situ stress state.
In this case, total horizontal stress is to predict by
the use “lift off method”.
Ideally, the self-boring pressuremeter is inserted
into the ground without disturbing the surrounding
soil. The pressure in the cavity is then increased
from zero, and until it reaches the value of the in situ
total horizontal stress, (ho), that stress is borne by
the body of the probe, and the membrane is unable to
lose contact with the underlying metal surface. When
the cavity pressure exceeds ho the cavity is able to
expand and radial movement of the membrane is
recorded by the three feeler arms lift occurring.

Figure 4. Relationship between strain  (%) and pressure (kPa)
to determine undrained shear strength.

If the data from a particular test, when plotted as
 : ln (v/v), shows an extended linear portion at
large deformation, this can be interpreted as an
indication that the surrounding soil is tending to a
condition of perfect plasticity, with the shear stress
remaining constant with continuing strain. However,
on the other hand, continuing curvature with a point
of inflection implies a strain-softening response with
a peak strength and a lower ultimate strength
(Figure 5 below).

Figure 5. Relationship between strain  (%) and pressure (kPa)
to determine peak and lower ultimate undrained shear strength.

Figure 3. Relationship between strain  (%) and pressure (kPa)
to determine in situ total horizontal stress.

Lift off is detected at the point of departure of
curve  versus  data from the initial linear
relationship, which is resulted from the compliance
of the strain arm system. (see Figure 3)
3.3 Undrained Shear Strength (Su)

4 STANDARD PENETRATION TEST (SPT)
The Standard Penetration Test (SPT) is the most
commonly used in situ test in a bore hole, this test
was originally developed in the late 1920s and has
been used most extensively in The North and South
America, The United Kingdom and Japan.
The SPT is made by making use of split spoon
sampler shown in Figure 6.

In general, for a pressuremeter being expanded in an
impermeable soil which does not change in volume
during the test, the local slope of : ln (v/v) curve
gives an indication of the shear stress at the wall of
cavity (see Figure 4 below).
Equation:
 = / ln (v/v)

Figure 6. Split spoon sampler for standard penetration test.

(3)

For small values of strain:





(4)

The basis of the test consists of dropping a
hammer weighing 63.5 kg onto a drive head from a
height of 760 mm. The number of blows (N)
necessary to achieve a penetration by the steel tube
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of 300 mm. (after its penetration under gravity and
below a seating drive) is regarded as the penetration
resistance (N).
The method of carrying out this test can bee seen
The ASTM D-1588 (1967) Standard for the
complete procedure.
5 RESULTS OF SOIL INVESTIGATION
16 (sixteen) Self Boring Pressuremeter Tests and
Standard penetration Tests (SPT) were carried out at
Cikampek – Padalarang Toll Road (CPTR) Project.
The works of the project is located around Cikampek
and Purwakarta, and purpose of this test is to provide
underground soil data in relation with the design of
bridge foundation or other junction and crossing
structures. Location Map and the results of soil
investigation are presented in Appendix.

Figure 9. Relationship between N-SPT value and shear
modulus of unload -reload, Gr (kPa).

6 CORRELATION STUDIES
Correlation studies from the results of soil
investigation can be shown in Figure 7 to 10.
Figure 10. Relationship between N-SPT value and in situ total
horizontal stress, ho (kPa).

7 ANALYSIS OF RESULT

Figure 7. Relationship between N-SPT value and undrained
shear strength, Su (kPa).

Figure 8. Relationship between N-SPT value and initial shear
modulus, Gi (kPa).

The factors of geotechnical properties obtained from
self-boring pressuremeter test such as undrained
shear strength (Su), initial shear modulus (Gi), shear
modulus of unload-reload (Gr) and in situ total
horizontal stress (ho) were analyzed by linear and
polynomial regression analysis, the results are
summarized in Table 2:
Table 2. Summarized of regression equation and R-square
results.
Dependent
variables

Independent
variables

Su

N-SPT

Gi

N-SPT

Gr

N-SPT

ho

N-SPT

Regression
Equation
Su = 0.223 N2
+ 3.665 N
+ 27.537
Gi = 18.883 N2
+ 230.39 N
+ 1434.1
Gr = 1959.1 N
+ 2449.9
ho = 1.188 N2
– 5.151 N
+ 205,4

R

R2

0.841

0.707

0.785

0.616

0.761

0.580

0.904

0.817

In general, the factors of geotechnical properties
obtained from self-boring pressuremeter test have a
close correlation with the N-SPT value since each
R–square was greater than 0.5. In situ total
horizontal stress (ho) has the closest correlation
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with N-SPT value, because its R-square gives the
highest value. Figure 7 to 10 show an upward trend
in the number of N-SPT value. They were
polynomial correlation between N-SPT value and Su,
Gi, as well as ho. The shear modulus of unloadreload (Gr) has a linear correlation with N-SPT.
From the previous study of tropical residual soils
in West Java, Indonesia, Wesley (1973); Aschuri
(1993) indicated that the Cikampek soils can be
classified as vertisol (see Figure 11). From world
Resource Reports 33 and 37 (Dudal, 1968 and 1969)
and Final Research Report of LPP-ITENAS
(Aschuri, 2000), soils grouped as vertisols have the
following characteristic:
 Percentage of clay over 30%
 Usually expansive soils
 Clay mineral: montmorillonite
 Usually black, gray or brown colour
Based on the unified soil classification system
(USCS), earlier study found that the Cikampek soils
is classified CH.

8 CONCLUSIONS
On the basis of the results of the correlation studies,
the following can be concluded:
a The geotechnical properties obtained from SelfBoring Pressuremeter Test, i.e., undrained shear
strength (Su), initial shear modulus (Gi), unloadreload shear modulus (Gr) and in situ total
horizontal stress (ho) has a significant correlation
with the N-SPT value.
b The in situ total horizontal stress (ho) has closest
correlation with the N-SPT value.
c The graphs resulted from correlation studies show
an upward trend in the number of N-SPT value
which is comparable to the geotechnical properties obtained from Self-Boring Pressuremeter
Test.
d There were polynomial correlation between NSPT value and Su, Gi, as well as ho and there was
a linear correlation between N-SPT value and Gr.
e The correlation studies support the preceding
information of Cikampek soil as clay of high
plasticity, CH.
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Figure ll. Zones of latosols and andosols on Casagandre’s chart
(Wesley, 1973) with regard to previous study (Aschuri, 1993).

Terzaghi and Peck (1967); and Sower (1979)
gave a correlation between N-SPT value and
Undrained Shear Strength in Figure 12. If the result
of correlation between N-SPT and Su for the
Cikampek soil (Figure 7) is plotted in this figure, it
can be seen that the Cikampek soil is categorized as
CH, this information supports the earlier study.

Figure 12. Relationship between N-SPT value and undrained
shear strength (Terzaghi & Peck, 1967; Sower, 1979).
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APPENDIX A:
Table: Soil investigation results.
No.

Location

1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16

B179-T1
B179-T2
B179-T3
B181T1
B181T2
B181T3
B189T1
B189T3
B192T1
B192T2
B192T3
B194AT1
B194AT2
B194AT3
B206-T1
B206-T2

Depth
(m)
3
8.5
14.64
5
10
17.21
5
17
5
10
15
2
7
14
3
8.06

N-SPT
13
25
44
4
13
16
7
43
12
12
31
24
28
42
3
20

Su
(kPa)
157
173
307
42
39
182
36
781
89
131
477
25
379
710
78
169

Gi
(kPa)
4704
4695
26983
6667
6642
10888
2863
38750
2032
13203
44087
393
26540
72667
1799
23200

Gr
(kPa)
21759
33285
85317
7065
8990
51638
6703
76395
24372
290179
101722
8003
90986
1090988
32525
39978

ho
(kPa)
101
423
2209
108
171
839
122
1306
215
168
1400
98
740
1600
227
153

Description
Grey fine clay, soft
Very fine claystone, stiff, plastic
Grey claystone, hard
Brownish red clay, soft
Yellowish grey clay
Greenish grey clay, med stiff
Brownish grey silty clay, soft
Very stiff claystones, dark grey
Lateritic reddish clay, med.stiff
Grey soft claystone
Grey clay stone, stiff
Light grey tuffaceous clay, sft/med.stiff
Grey claystone, stiff, gravelly
Dark grey, fine plastic clay, very stiff
Reddish brown clay, soft
Very stiff grey clay

APPENDIX B:

Figure: Location map of soil investigation.
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Correlations between SPT, CPT, DP, PMT, DMT, CH, SP and PLT tests
results on typical profiles of saprolitic soils from granite
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ABSTRACT: Two typical profiles of Porto region residual saprolitic soils from granite have been selected for
extensive in situ testing research, which included: SPT, CPT, DP, PMT, DMT, CH (cross-hole), SP (ScrewPlate) and PLT. Identification and classification based on such field testing methods and criteria for
interpretation of the results in order to define mechanical properties (at rest stress state, stiffness and shear
strength) and geotechnical design parameters – mainly for shallow foundations purposes are discussed in this
paper. Most attention will be made on the adaptation of current criteria for evaluation of geotechnical
properties, developed for transported soils with similar physical properties, to the particularities of these
residual soils, characterised by singular fabric and structural (cementation) characteristics. Special emphasis
will be made on the following levels: (i) at rest stress state (K0) and yield locus or virtual preconsolidation
stress state; (ii) low and medium stiffness parameters, giving attention to non linear constitutive behaviour;
relevance will be also made on the relative position of deformability modulus on stress-strain levels; (iii)
shear strength, discussed on the ability of each technique to evaluate the dual importance of cohesive and
friction components, both relevant on these residual soils.
1 INTRODUCTION
Residual saprolitic soils from granite are widely
dominant in large zones of Portugal. The bonded
structure and fabric of these soils have significant
influence on engineering behaviour, and several
particularities dominate foundation design in these
materials. Systematic site investigations have been
undertaken for the last years in different regional
weathered profiles. The experimental work that will
be described here was carried out at two sites in
which homogeneous residual soil develop down to a
significant depth.

et al. (1997a and b). Generally, results obtained with
specimens taken from SPT sampler and from blocks
reveal a fairly homogeneous ground profile (well
graded) classified as SM (silty sand) or SM-SC (silty
clayey sand), according to ASTM Classification for
Engineering Purposes. Natural physical properties
were evaluated from these samples with values of
0.60 to 0.85 for the void ratio and 15 to 27% for the
water content, which correspond to degrees of
saturation of 70 to 100%. The natural particle
arrangement is characterized by open voids on a
cemented structure and low values of density index
(ID 0.28).

2 THE EXPERIMENTAL SITE 1

2.2 Resume of the executed in situ tests

2.1 General description of the profile
This site, with a plant of approximately 5030 m2,
presented an homogeneous weathered degree
saprolitic soil 6 m thick as previously identified by
SPT and DP exploring campaign.
Residual soils from granite from Porto region
have been well characterized (Viana da Fonseca et
al., 1994 and Viana da Fonseca, 1996). Details of
geological data as well as of grain size distribution
and Atterberg limits of the saprolitic soil from this
experimental site can be found in Viana da Fonseca

Main campaign of in situ tests comprised 46 SPT, 3
DPSH, 15 DPL, 9 CPT, 7 Load Tests (3 PLT with 30
cm, 3 PLT with 60 cm and a real scale footing load
test with 120 cm diameter), 5 PMT, 4 SBPT, 32 CH
and 12 DMT. Some of these results will be briefly
analyzed hereby. Figure 1 presents a trend of the
variation of some derived parameters with depth.
2.3 Derived parameters from Standard Penetration
Testing (SPT)
Values of the normalized standard SPT values,
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(N1)60, allowed to derive, by means of Décourt’s
(1989) proposal, a range of values for the angle of
shearing resistance of 36 to 40, with an average
value of 38. These values agree with those derived
from back-analysis of PLT and triaxial tests over
undisturbed samples (Viana da Fonseca et al.,
1997a). Nevertheless, cohesion intercept calculated
from these late tests is significant (c’ = 8-12 kPa),
which is a characteristic of residual soils and,
therefore, strength solely defined by ’ will be rather
conservative.

(SPT)

linearity, etc (Jamiolkowski et al., 1988; Robertson,
1991).
From the experimental data a linear relation was
obtained:
G 0 (MPa)  98  0.42  N 60

(1)

The variation of G0 with effective mean stress
(’m0) is very low when compared with other
parameters, such as N60, conducting to correlations
between G0 and N60 for the relevant values of ’m0
on shallow foundations that strongly underestimate
elastic stiffness of these soils (Stroud, 1988).
A more practical correlation work was developed,
based on the crossed interpretation of loading tests
and SPT values on the respective settlement
influence zone, for the evaluation of the ratio
between the Young modulus and N60. For service
level conditions (qs/qult  10-20%), a ratio between
the secant Young modulus and SPT values, was
obtained:
E (MPa) / N60  1

(2)

which coincides with the pattern proposed for
normally consolidated soils by Stroud (1988), for the
same stress level.

Figure 1a. In situ test: SPT and CPT.

2.4 Derived parameters from Dynamic Probing
(DPSH and DPL)

G0 (CH)

Figure 1b. In situ test: CH and DMT.

Values of (N1)60 plotted on Skempton (1986)
abacus, would indicate medium to high densities
while direct evaluation of density index indicates
high porosity. It is believed that analysis ruled by
dilatant theories will be conservative. Besides, the
association of OCR values greater than one, on
characterization of these soils from SPT, deviates the
results towards abnormal low strength values.
Correlations between NSPT and stiffness
parameters, on the other hand, are very sensitive to
different and crossed factors which raise different
difficulties in getting conclusive models. However, it
is recognized that the relations between penetration
parameters and maximum shear modulus (G0) best
assure some independence on unavoidable
misleading factors, such as scale effects, non-

The two regionally most common energies from
ISSMFE standards were used: DPSH e DPL.
The variation of DPSH parameters with depth is
less pronounced than NSPT and qc (CPT) variation.
Even an analysis based on the specific energy of
penetration, particularly between results of DPSH
and SPT, is not conclusive. On the other hand,
results of DPL tests, executed aside of CPT and SPT
tests, interpreted in terms of the dynamic cone
resistance in the unit of pressure (qd - Dutch
formula) are very similar to qc values. This trend has
been regionally verified on sandy soils and on
saprolitic soils from granite strongly weathered with
mainly sandy matrix in depths down to 8-10m. The
fact that this trend is undetected on DPSH test is
associated to its very high energy which leads to a
number of blows rather low and non-sensitive to
variation of weathering degree of soil in depth.
2.5 Derived parameters from cone penetrometer
testing (CPT)
Results of CPT (Figure 1b) denote an approximately
linear growth of qc with ’v0. It is also observed that
values of sleeve friction grow smoothly with the at
rest effective stress, with ratios of fs/’v0  7,
revealing fair homogeneity of friction over this
depth.
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1

 ln(0.098  Q T )
9.45

(2)

being Q T the normalised cone resistance. Values of
the state parameter, taken as the difference between
the natural void ratio and the correspondent on the
steady (critical) state line, are plotted in Figure 2 and
compared with the above law.
From the observation of that figure, it can be
concluded that there is a higher reserve of strength
(higher absolute values on the dry side) than that
deduced by the natural void ratio. This last index is
singularly high as consequence of the porous leached
matrix, as has been previously referred, and, when
compared uniquely with the effective stress state,
does not reveal the obvious influence of fabric and
structure of these residual soils.
For stiffness evaluation through cone penetration
results and for the same reasons referred to before,
values of qc were correlated with G0 and the similar
low degree of dependency with penetration
resistance was detected. The obtained values where
compared with Robertson’s (1991) proposal for
transported soils with different overconsolidation
ratios (Figure 3). It can be verified that measured
values of G0 are substantially higher than the
authors’ correlations, revealing higher ratios of

elastic stiffness properties in relation to penetration
parameters. This is a direct consequence of the nonnormalized relation between stiffness and strength
on residual soils.
enat (=0.7) - ecrit
State parameter, 

Classification by Robertson (1990) chart
identifies this material as cemented, aged or very
stiff natural soil, with a grain size distribution typical
of sands or silt/sand mixtures, although its density
index values are low (Viana da Fonseca et al., 1998).
The evaluation of the angle of shearing resistance
by means of Robertson & Campanella’s (1983)
proposal conducted to higher values of ’ (44 - 45)
than those obtained on triaxial tests, where the
cohesive component is non-negligible. This is
consequence of a higher sensitivity of qc to frictional
and cohesive components. Being strictly frictional,
that proposal does not explicitly deduct the cohesive
intercept. The value of the angle of shearing
resistance has, however, to be taken as a secant value
on the stress space and, consequently, this late
parameter decreases with increasing values of
vertical effective stress, fact that is very well defined
on the results plotted in the formerly referred abacus
(see Viana da Fonseca et al., 1998). Nevertheless,
care should be taken on the adoption of this
exclusively frictional resistance for the evaluation of
the ultimate load of shallow foundations as it is well
recognized the important influence of the cohesive
intercept on the evaluation of qult, as well as the
significant non-linearity of the bearing capacity
factors with the variation of ’.
An interpretation of the CPT results was made by
the state parameter concept,  (Been et al., 1986).
Considering the value of the critical state index
(ss = 0.259) deduced in laboratory and substituting
in the author’s proposal becomes:



1
 ln ( 0, 098  QT )
9 , 45

Been et al. (1986)

Vertical effective stress, ’vo (kPa)

Figure 2. State parameter () deduced from CPT results.

Observed Values
Saprolitic soil from Porto

Jamiolkowski & Roberston (1988)
Sands in calibration chambers

OCR = 10
OCR = 1

qc1 = qc/pa  (pa/’vo)0.5

Figure 3. G0/qc versus qc1=qc/pa(pa/’vo)0.5 (Robertson, 1991).

Correlations between qc and Young modulus,
established in different stress-strain levels by triaxial
tests (CID e CAD) with local strain measurement,
confirmed the very strong influence of nonlinearity
on E/qc ratios (Viana da Fonseca, 1996), as well as a
mostly singular pattern of that variation when
compared to re-known proposals for transported
soils.
2.6 Derived parameters from pressuremeter testing
– prebored (Ménard - PMT) and selfbored
(Cambridge - SBPT))
Pressuremeter tests are progressively considered as
the most convenient tool for soil characterization.
These tests results can be very well modeled by
complete constitutive laws. Self-bored pressuremeter
(SBPT) allows an insertion of the cell with a
minimum disturbance, making possible a rigorous
theoretical interpretation of its results and involves
the ideal conditions for the evaluation of geostatic
total horizontal stress (Jamiolkowski & Manassero,
1996).
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(18-20, with E0 taken from G0-CH), proving that
important disturbance resulting from the preboring
process also remains. SBPT turn to be the opposite
as they have proved to give a good insight of
stiffness properties. Figure 5 represents one of the
executed tests.
Self boring pressuremeter: z=4.50m (Water Level =1.00m)

1000

Efective cavity pressure, p' (kPa)

From a systematic analysis of PMT and SBPT
(using a “Camkometer” equipment) results, it was
concluded that the evaluation of the coefficient of
earth pressure at rest, K0, from PMT suffers from the
limitations of the pre-boring process and its
determination has resulted in excessively high values
(0.58). On the other hand, values of K0 determined
from very well controlled SBPT curves (“lift-off”
pressures were taken individually from each of the
three strain gauges – see Figure 4), ranged between
0.35 and 0.38, which are closer to regional
experience and were confirmed by careful K0 triaxial
tests with local strain measurement (Viana da
Fonseca et al., 1998).

800

600
400

200

Expansion pressure, p (kPa)

0
0,0

2,0

4,0

6,0

8,0

10,0

12,0

Cavity strain, Ec (%)

Figure 5. Example of a test with SBPT with inclusion of
unload-reload cycle (Viana da Fonseca, 1996).

Cauchy strain, c (%) – from the 3 strain gauges

Figure 4. “Lift-off” defined on three strain gauges (120).

Jamiolkowski & Manassero (1996) remarked that
the evaluation of shear stiffness is especially
adequate by means of self-bored pressuremeter tests.
The usual approach refers to the unload-reload loops,
determining the corresponding modulus, as it is
known that Gi - the shear modulus taken from the
initial part of the expansion curve – is, even in
SBPT, strongly influenced by the insertion process.
The value of Gur is also very dependent on factors
such as those related to creep which is directly
associated to the adopted range of the unload-reload
cycle. Since the measuring system is able to overpass
limitations of compliance of strain measurement and
enables to implement short but significant looping
stresses, effects of creep are minimized (hysteresis is
very low) and the value of Gur represents the drained
stiffness at intermediate strain level (10-4    10-3),
being relatively insensitive to soil disturbance caused
by the probe insertion.
This matter was studied on the pressuremeter test
results from PMT and SBPT. It was concluded that
even on implementing unload-reload cycles, PMT do
not assure enough precision to overpass limitations
of strain measurement, which reveals that PMT is
strongly limited for stiffness characterization
purposes. Their limitations were also very well
defined on the pseudo-elastic versus virgin modulus
ratios, since Epmur/Epm is rather lower (2) than it
would be expected from the ratio between E0/Epm

Taking into account the results of SBPT for
evaluation of the deformation modulus, particularly
of the unload-reload modulus, the ratio between G0
and Gur for the same stress levels involved in the
several tests were found to range between 2.6 and
3.0. These values are substantially lower than the
ratio (10), reported by Tatsuoka & Shibuya (1992)
on Japanese residual soils from granite.
Taking the non-linearity hypothesis of Akino –
cited by the previous authors - developed for a high
range of soil types, including residual soils from
granite, and expressed simply by:
E sec  E 0 ,  10 4

(3)

E sec  E 0  ( / 10 4 ) 0.55 ,  10 4

(4)

SBPT unload-reload modulus correspond to secant
values for shear strain of 5.7-7.410-4 (610-4), which
agrees very well with the above indicated trends.
One of these values is implanted in the relation of Gs
versus c on Figure 6, using the model proposed by
Jardine (1992).
The evaluation of strength parameters from PMT
by means of yield or limit pressures methods, lead to
a rough underestimation of strength, even taken as
exclusively frictional. On the other hand, results
from Cambridge SBPT interpreted by the HughesWroth-Windle method (for purely frictional
materials), has conducted to very similar values of
peak angle of shearing resistance to the ones
obtained by CPT interpretation, but still remains the
undefinition of an explicitly cohesion evaluation. A
reinterpretation of such results by recent cavity
expansion theories for cohesive-frictional materials
can solve this problem (Schnaid & Mantaras, 1998).
Besides, a similar analysis on the large deformation
levels ( = 0) - as close as possible to critical
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condition - of the pressuremeter curves has enabled
to define a value of ’cv=31.6 which is equivalent to
the value obtained from specific triaxial tests (Viana
da Fonseca, 1996).

Secant shear modulus, Gs (MPa)

G 0 (MPa)  57  N 60

(7)

2.8 Derived parameters from dilatometer test
(Marchetti - DMT)

Figure 6. Non-linearity - Gur over relation Gsec versus c
(Jardine, 1992; Akino’s proposal, 1990 – cited by Tatsuoka &
Shibuya, 1992).

2.7 Derived parameters from cross-hole seismic test
(CH)
As stated before, results of cross-hole tests are very
homogeneous and reveal a very smooth growth of G0
with depth. In Figure 7 these variations are compared
with the lines corresponding to Ishihara’s (1986)
proposals, for natural alluvial sands, aged and
cemented, corresponding to:
2

2.17  e 
(MPa)  (7.9 to 14 .3)  0.4
p 

0

1 e

 10 3



0. 4

(5)

Material classification in grain size terms based on
Marchetti ID index is fairly consistent (SM) opposing
the results based on CPT parameters, which identify
finer groups from fs/qc, probably due to high
percentage of laminar slickenside micaceous
particles.
Campanella & Robertson (1991) proposal for
strength evaluation gives very accurate values, only
if the relation between qc/’v0 and KD is changed to
the new trends found on the experimental campaign,
i.e.: qc/’v0 = 8.4KD against qc/’v0 = 33 KD
proposed by the authors for transported soils. With
the same relation the evaluation of the coefficient of
earth pressure at rest, K0, by means of KD_DMT
correlations, will be adapted to the following law:
K 0  0.736  0.024  K D  0.00172  q c / v 0

(8)

Stiffness characterization for shallow foundations
settlement assessment, having recourse to the
correlations between the moduli EDMT and G0 or
Es10% (Baldi et al., 1989), resulted in new
correlations with much higher ratio between those
parameters, than the referenced proposals:

Correlation from the observed values
*

Maximun shear modulus, G0 (MPa)

0.2

concluding that it is the distinct dependency of both
G0 and N60 on ’v0 that explains such a
reformulation of the correlation between them.

Non-linearity (Akino, 1990)

Cauchy strain, c (%)

G0

than the corresponding for sandy transported soils
while the factor (m) of dependency on the octahedral
at rest effective stresses is far lower.
Reinterpreting the same values with the direct
correlations between G0 and N60 (Stroud, 1988), the
following was obtained:

G 0 / E DMT  16.7  16.3  log10 (p 0 N )
3 0.07

PROPOSAL:

E s10% / E DMT  2.35  2.21  log10 (p 0 N )

(9)
(10)

This last correlation, however, is situated between
the laws that define – for those authors – the
behavior of NC and OC transported soils.
Effective at rest mean stress, p0’ = (’v0  (1+2K0)/3), (kPa)

Figure 7. Comparison of observed trends of G0 versus p’0 and
Ishihara (1986) proposals.

while for the present results the following is found:
G 0 (MPa)  65 

2 .17  e 2
1 e



 p 0  10 3



0 . 07

(6)

It can be seen that the value of the constant for the
maximum shear modulus expression is much higher

2.9 Derived failure parameters from loading tests
(PLT and footing load test)
These tests allowed to correlate stiffness (on
different stress-strain levels) parameters to several in
situ tests parameters, as has been discussed above.
On the other side, shallow foundations failure on
residual soils is usual of punching type, resulting on
very little definition of an inflexion zone of the loadsettlement curve. In this case, a log-log presentation
is a proper way to detect this change in behaviour.
From the PLT tests on circular rigid plates of 30 and
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60 cm diameter and on a concrete footing of 120 cm
diameter (detailed description in Viana da Fonseca et
al., 1997) the following values were defined: qf
=700, 821 e 950 kPa, respectively.
Using the bearing capacity equation taking
account the water level position, three values of qf
give rise to other three expressions with two
variables (c’ and ’). A simple optimisation allows
to determine a range for the two strength parameters:
c’ = 6.3 - 6.9 kPa and ’ = 36.5 - 37, revealing a
fair agreement with the laboratorial results and in
situ testing interpretations.
2.10 Correlations between in situ tests parameters
Danzinger et al. (1998) collected data from tests sites
of different parent rocks of residual soils, to
conclude that correlations between CPT and SPT
present a large scatter due to intrinsic heterogeneity.
These authors have concluded that different
parent rocks generally produce different correlations
for the same particle size distribution (a pattern of
soil type). Brazilian data collected by these authors,
show a general trend of decreasing values of qc/NSPT
with D50 and generally lower values than the
expressed by Robertson & Campanella (1983)
average line. Present results, however, show the
opposite as it is expressed in Figure 8.

Table 1 - Ratios between SPT, CPT and PMT parameters.
qc / p*L

fs / p*L

14.3

0.390

N60 /p*L N60 / Epm Epm/ p*L Epmur /Epm
(MPa)
(MPa)
14.6
1.4
10.6
1.41.9

3 COMPLEMNETARY RESULTS FROM
EXPERIMENTAL SITE 2
3.1 Location
Located in Maia, surroundings of Porto, in
CICCOPN facilities, experimental site 2 involves the
same granitic complex of experimental site 1. The
mechanical characterisation of this ground, that has
been object of experimental research for quite a
while, was conducted by several experimental
techniques: 4 DPSH, 8 CPT, 12 screw plate (SP)
tests (performed in 3 alignments), 3 DMT, 2 PMT,
and some laboratory testing. Identification and
physical properties determined by laboratory testing
fall within the same ranges of site 1 (Cruz et al.,
1997).
Results of DMT and CPT allowed to classify
these soils as silty sands and sandy silts, more rarely
as clayey silts, which agree very much with
laboratory identification. Derived values of the
volume weight from DMT data, have shown
surprising
good
consistency
with
direct
determinations (undisturbed sampling).
3.2 Coefficient of earth pressure at rest

Figure 8. Ranges of the relation of qc/N versus D50 on residual
soils – Danzinger et al. (1998).

The results, corresponding to qc/N60 = 0.7 - 0.8
(qc, MPa), are above the mean trends of the charts,
which is probably a consequence of the greater
sensitivity of CPT cone resistance to the cohesive
strength component of the residual soil. This
corroborates other Brazilian authors (Rocha Filho,
1986) findings in residual soils. More extensive
regional studies are needed.
Ratios between PMT and SPT or CPT parameters
(see Table 1) do not have always correspondence, in
grain size terms, with transported soils.

Following the same study of experimental site 1, a
ratio between qc/’V0 and KD of 12.5 was obtained.
This ratio leads to values of K0 of 0.4–0.5 that are
recognised as typical of the residual ground. The
same parameter, determined by K0 triaxial tests,
reveal results around 0.30–0.32.
Derived values of K0 from PMT results, by their
side, revealed higher values (K0 >1), confirming the
inability of these pressuremeters to re-estate the at
rest condition. This lack of correspondence between
DMT and PMT is revealed by the ratio P0DMT/P0PMT
falling into the range 2–3.
3.3 Strength parameters
Results of DPSH tests show values of dynamic cone
resistance, qd, varying between 5 and 15 MPa, often
between 5 and 6 MPa. This range finds good
correspondence with CPT results (qc4-8 MPa) for
the same horizon. N20/qc oscillates between 0.6 and
0.8.
The comparison between results obtained from
PMT and CPT revealed values of qc/PL* and fs/PL*
falling in the ranges of 4–6 and 0.10 – 0.25,
respectively, which are lower than those obtained in
site 1.
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Concerning to the angle of shearing resistance,
CPT results obtained by using Robertson and
Campanella’s (1983) chart conducted to values of ’
between 38º and 42º (Figure 9). These values,
derived from DMT, under Marchetti (1997)
correlation established for sandy soils, assumed
values from 37º to 39º. It should be noted that this
correlation is assumed to underpredict ’, since it
results from the lower limit of 3 curves based on
Marchetti´s assumptions, that considers K equal to
K0NC or to the square root of passive earth pressure
coefficient (Kp).
CID and CAD triaxial testing sustained values
ranging from 37º to 41º. This reproducibility of ’ in
laboratory is comprehensive since sampling
disturbance has no important effects on frictional
strength parameters. On the other hand, the cohesion
intercept gives results within 2–3 kPa. As these tests
were conducted over specimens taken from careful
sampling procedures, they can be seen as most
reliable.

serviceability conditions, conducted to values of 
ranging from 4 to 4.5 (Viana da Fonseca et al.,
1997a & Viana da Fonseca et al., 1998). In this case,
E will range from 18 to 36 MPa. It is, therefore, to
be stressed that the commonly suggested value of 
for sandy soils (=3) would lead to a under evaluation
of E by means of CPT tests.
The evaluation of E from the results of SP tests
can be based on three interpretation models:
Norwegian, international (elasticity) and elastoplastic interpretations (detailed data can be found in
Strout, 1998). Values of E derived from elastoplastic interpretation fall in the interval 20–50 MPa.
Comparison between SP and PLT results in a
different experimental site have shown surprising
agreement (Cruz et al., 2000). In Table 2, derived
values of E from results CPT, SP and DMT tests are
presented. DMT results were determined following
Marchetti’s correlation (1980).
Table 2 – Results of some in situ tests derived values E.
CPT
18 – 36

Ei (MPa)
E10 (MPa)
Er (MPa)
(1) Elasto-plastic interpretation

SP
20 – 50 (1)
13 – 14 (2)
10 – 16 (2)

DMT (3)
15 – 40

(2) International interpretation (for stress level of 10% and recharge)
(3) DMT data leads to constrained modulus, M, which was then
converted to E assuming a typical value for Poisson ratio,  = 0.3.

As it can be seen in Table 2, CPT, DMT and SP
(elasto-plastic interpretation) results fall within the
same range, being following ratios obtained:
Figure 9. Friction angle from CPT (Robertson & Campanella,
1983).

An alternative way of evaluating c’ by in situ
testing was proposed by Cruz (1995) following a
fairly simple way. Assuming that KD reflects the
overall strength of soil, it is expectable that both c’
and ’ have influence on this parameter. Then, if ’
deduced from triaxial testing is assumed,
correspondent KD may be back-calculated. The
difference between the two values of KD (measured
and back-calculated) will reveal the effective
cohesive intercept. More detailed information can be
found in Cruz et al. (1997). From available data,
which is not yet considered sufficient to establish
reliable correlations, the results from both
experimental sites 1 and 2 have ranged between 9-12
kPa and 2-4 kPa, respectively. Notice the
convergence of DMT and triaxial values.
3.4 Deformation parameters
Drained Young modulus, E, were derived from CPT,
DMT, PMT, Screw Plate (SP) and triaxial testing.
As stated above, values of the ratio between E
and qc for current shallow foundations under

EDMT / EPMT = 1.5

(11)

ESP / EPMT = 2–3

(12)

ESP / Eqc = 1.1–1.4

(13)

The values of the Ménard deformability modulus
(Epm) were deduced over the pseudo-elastic range.
Finally, results from triaxial testing sustained
some dispersion on E values (4-6 MPa or 15-20
MPa, in different samples), being this, clearly, both
consequences of the stress-strain level and of the
degree of sampling disturbance in this type of soils.
This subject, however, is not object of the present
study.
4 CONCLUSIONS
Geotechnical characterization of two typical granitic
residual soils profiles from Northern Portugal based
on an extensive in situ testing, allowed the
discussion of some particularities for the terms used
to derive geotechnical design parameters. Special
emphasis has been made on the following levels: (i)
at rest stress state; (ii) stiffness parameters, giving
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attention to non-linear constitutive behaviour; and,
(iii) shear strength.
Recognizing the importance of the correlations
between different in situ testing results for
geotechnical design, some contributions can be
deduced from the described results. Although it is
not intended to be definite, Table 3 presents some
practical parametric ratios between in situ tests
results, obtained in the described regional
investigations over profiles of residual soils from
granite.
Table 3 – Ratios obtained from in situ tests results.
qd / qc
0.75 – 1.25
Epm / PL*
12
N20 / qc (MPa-1)
0.6 – 0.8
Gur(SBPT) / G0(CH) 0.3 – 0.4
0.2
N60 / qc (MPa-1)
0.7 – 0.8
G0(MPa) 
57 N60
qc / PL*
4 – 14
G0(MPa) / EDMT 17 - 16(p0N)
fs / PL*
0.10 – 0.40
“E”(MPa) / N60
1
N60 / PL*
15
“E” / qc
4.0 – 4.5
N60 / Epm
1.4
E0 (CH) / Epm
18-20
P0,PMT / P0,SBPT
1.6 – 3
EDMT / EPMT
 1.5
P0,DMT / P0,PMT
2–3
ESP / EPMT
2–3
P1DMT / PfPMT
1
ESP / E qc
1.1 – 1.4
qd and N20: from DP; qc and fs: from CPT; N60: from SPT; PL*
and Epm from PMT; P0 – at rest horizontal stress (from SBPT,
PMT, DMT); Etest – deformability modulus deduced from each
“test”; “E” – Young modulus for service conditions in shallow
foundations – low stress levels (qs/qult = 10-20%).
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ABSTRACT: The dominant soils in Northern Portugal are saprolitic soils from granite. These residual soils
retain special features in micro and macrostructure that have significant influence on engineering behaviour,
and several particularities dominate foundation design in these materials. Serviceability is usually the limit
state that conditions design in shallow foundations as ultimate loads in these soils are usually high. Therefore,
it is important to have precise and practical settlement evaluation methods accessible to designers. For this
reason methods based on elastic type, more or less semi-empirical are usually adopted. For the application of
these methods, however, it is compulsory to have a good framework to allow the definition of a settlement
centre of any specific footing, for different variations of stiffness in depth.
This paper presents some results of a specific study over a residual (saprolitic) soil from granite in the
region of Porto. The interpretation of plate load tests on different scales in an experimental site, together with
a simple definition of the variation of penetration resistance in depth, has allowed some comparisons with the
behaviours of footings on these soils and indications from literature for that depth of influence. In addition
discussion will be made on the best way to integrate numerical solutions taking into account the linear
variation of the Young modulus with depth, with reference to the non-homogeneity factor ( E0 /kD).
1 INTRODUCTION
1.1 Non-homogeneity of stiffness on residual soils
Residual soils from granite are, as all common
residual profiles, mostly dominated by the variation
of weathering degrees in depth. These patterns are
uncontournable and extremely variable, and can only
be dealt in terms of the evaluation of settlement in
shallow foundations by integrating strains over the
depth of influence. This can be done by numerical
analysis or, more easily, by strain influence methods.
Schmertmann et al. (1978) method will be a good
example. Taking into account the stiffness for an
expected stress-strain level, for each horizon, most
heterogeneous stiffness variations in depth can be
integrated.
In most cases, however, granite residual profiles
(such as those of North Portugal) are consistently
homogeneous in weathering degree over a
significant depth. These can reach frequently depths
up to 8 to 10 m, in W5 classes (ISRM, 1981), which
correspond to totally decomposed rock masses or
“saprolitic” soils (Deere & Patton, 1971) or, even,
“young residual soils” (Vargas 1971). These
horizons present thoroughly a very consistent linear
variation (increase) of stiffness with depth. In these
conditions there is an explicit dependency between

the scale of the loading area and the rate of increase
of E with depth and the position of the settlement
center, which can be considered as the depth where
the derived value of E should be attained by mean of
a fundament correlation with an in situ test
parameter (N60-SPT, qc-CPT or EPMT).
1.2 Interpretation of load tests results, taking the
deformability increasing linearly with depth
A crossed interpretation for deformability purposes
can be made taking into account the linear variation
of the deformability modulus with depth, with the
reference to the non-homogeneity factor (E0/kD). For
this purpose, results of two load tests on different
loaded area dimensions as well as from a single large
scale test with outside loaded area settlements
control, was considered by Viana da Fonseca &
Cardoso (1999), in order to have it related with the
patterns of variation of stiffness parameters with
depth obtained elsewhere, such as from the extensive
in situ and laboratory testing which have given a
well based information (Viana da Fonseca, 1996).
The interpretation of surface load tests on
different scales allowed to obtain the strength and
stiffness parameters of a saprolitic soil from granite
very representative of Porto (North of Portugal). In
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the above referred work, the authors defined the
deformability properties of such specific horizon for
shallow foundation settlement prediction, presenting
a general formulation in order to interpret those
results considering a linear variation of stiffness in
depth, by using two of these tests or a real scale
footing (D = 1.20 m) with complementary
instrumentation.
In the following an insight on the analysis that
were preliminary done on these tests will be made in
order to integrate numerical solutions which take
into account the linear variation of the Young
modulus with depth, with reference to the nonhomogeneity factor (E0/kD).

Both laws present very high correlation
coefficients and they generally corroborate the
hypotheses practical attained of the linear variation
of the deformability modulus in depth:

E(z)  E 0  k  z  1  q c   2  N 60

(3)

2 DESCRIPTION OF THE RESEARCH
2.1 Experimental campaign
A major part of the experimental work was carried
out at a given site on which a fairly homogeneous
saprolitic soil 6 m thick was encountered. The
central element of the experiments was the execution
of a load test on a 1.20 m diameter rigid reinforced
concrete footing. In association with this test, an
extensive
geological
and
geotechnical
characterisation was undertaken, including in situ
testing (CH: cross-hole, SPT, CPT, PMT, SBPT,
DMT, PLT and a full-scale footing load test) as well
as laboratory testing for chemical, mineralogical and
physical identification, as well as oedometer and
triaxial testing on high quality block samples (Viana
da Fonseca, 1996; Viana da Fonseca, 1998). The
most significant results of these tests are presented in
Viana da Fonseca (1999) and in Viana da Fonseca et
al. (2001).
In these papers an interpretation of the footing
load test together with the plate load tests allowed us
to obtain the strength and stiffness parameters of this
soil by means of a non-dimensional back-analysis of
the load-settlement curves.
2.2 Variation of stiffness with depth derived by
penetration testing
For this paper purposes, the results of SPT and CPT
tests in the vicinity of the load tests, which will be
here analyzed, will be used and these are
summarized in Figure 1. CPT cone resistance, qc and
N60 from SPT increase noticeably linearly with the at
rest effective vertical stress, ’v0.
For the zone of these load tests, the obtained
variation of N60 with the depth was as follows:
N 60  5.16  3.27  z (m)

(1)

Also, qc values grow with good regularity in
depth:
q c  4.68  1.47  z (m)

Figure 1. In situ test: SPT and CPT.

3 DIRECT INTERPRETATION OF LOAD TESTS
3.1 Derived strength parameters
On residual soils the bearing capacity is due to
strength factors related to friction and cohesive
components of the involved ground, for which these
components should solely be determined by two or
more load tests in different sizes, over a
homogeneous space.
These two components are usually determined
directly, in an homogeneous space, by laboratory
tests over undisturbed samples, or indirectly by in
situ tests interpretation based on curve-fitting
analysis, such as those applied on pressuremeter
tests, such as those described by Schnaid &
Mantaras (1998), or by back-analysis of two or more
load tests in different sizes, considering a specific
failure model.
On this experimental site a set of load test under
different loading areas was executed: a large scale
footing load test (D = 120 cm) and two PLT with 30
and 60 cm diameter. The incremental loading steps
have followed the same stress levels.
On Figure 2 the resulting curves are plotted
together.
It shall be noted that all these tests, similarly to
the footing tests, do not appear to develop a classical
generalised failure surface but present a punching
shear failure mode. This pattern of behaviour results
in monotonously increasing pressure-settlement
curves, with smooth curvatures, giving rise to very
little definition of the inflexion zone of that curve. A
log-log plotting can be a better way to detect it.

(2)
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This has been used to preliminarily interpret the
results of the load tests (Viana da Fonseca, 1996)
and the following was obtained:
B = 0.30 m  qrot = 700 kPa
B = 0.60 m  qrot = 821 kPa
B = 1.20 m  qrot = 950 kPa
where qrot means “punching failure” which can be
distinct from the ultimate equilibrium defined by
limit state analysis (Terzaghi-Meyerhof-Vésic).

If we use the values of those failure loads, in the
bearing capacity formulation (Eurocode 7, 1994),
taking account the water level position, we obtain
three equations. These can be optimised to get the
two strength parameters range. The values obtained
were: c’ = 6.3-6.9 kPa and ’ = 36.5-37.0, revealing a fair agreement with the results obtained in
extensive laboratory testing over undisturbed
samples (Viana da Fonseca, 1998) and in situ testing
(Viana da Fonseca et al., 1998).
3.2 Derived equivalent Young modulus

Figure 2a. Pressure-settlement curve of the load tests: footing
with D = 120 cm.

Figure 2b. Pressure-settlement curve of the load tests: PLT with
D = 30 and 60 cm.

Note that the last value, respecting the footing,
corroborates the developing signs inferred from
inflections in vertical and horizontal displacements synthomatic of the appearance of shear bands,
leading to failure (Viana da Fonseca et al., 1997).
If we use the values of those failure loads, in the
bearing capacity formulation (Eurocode 7, 1994),
taking account the water level position, we obtain
three equations. These can be optimised to get the
two strength parameters range. The values obtained
were: c’ = 6.3-6.9 kPa and ’ = 36.5-37.0,
revealing a fair agreement with the results obtained
in extensive laboratory testing over undisturbed
samples (Viana da Fonseca, 1998) and in situ testing
(Viana da Fonseca et al., 1998).

The need for the execution of more than one load
test to define failure patterns is complemented by the
advantage of being able to elaborate an integrated
analysis of the different pressure-displacement
curves enabling to study the importance of the pair
of factors “stiffness-depth of influence”.
A more refined reanalysis of these load tests
conduct to a first comment on the fact that the
normalised settlements (s/B) of the smallest plate
(30cm diameter) are substantially larger than those
of the other tests. This may be explained by the low
scale of this plate and the inevitable induced
disturbance of prepared surface levels, as well as the
most accentuated sensitivity to the presence of
restricted weak zones (or macrofabric or
macrostructure factors), which for foundation
practice has no significance but gives rise to nonnormalised behaviours with highest scales tests.
Table 1 includes the Young's modulus of the soil
for different load stages obtained by back-analysis of
the footing load test. This assumed a linear elastic
layer with constant modulus underlain by a rigid
base at 6.0 m depth loaded at the surface by a rigid
footing. It should be noted that the intermediate
pressure shown in the table approximately
corresponds to the allowable pressure according to
the criterion of Décourt (1992) for residual soils.
Table 1. Secant Young's modulus, Es (MPa), from load test for
different service levels.
Service Criterion
q/qrot(*)
q/qrot
(s/B = 0.75%) (FS = 10)
(FS = 4)
Footing
17.3
20.7
16.0
Plate (60)
11.9
11.2
12.5
Plate (30)
6.7
6.9
5.9
(*)
Corresponding to service limit state pressures.
Load
Tests

q

q/qrot
(FS = 2)
11.0
12.7
5.7

From the observation of that table, it is clear the
trend for increasing values of the Young modulus
with the loading area. Therefore the first conclusion
to be taken is that an increase in stiffness with depth
is to be expected and has obvious relation to the
results of penetration testing in depth (see Figure 1).
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Assuming elastic conditions, it is possible to
evaluate the position of the so-called settlement
centre, zI. For circular foundations, its position
depends on the variation of the Young's modulus
with depth and on the diameter of the footing, B.
Commonly it is assumed that zI  B or taking a
typical non-homogeneity degree: E0/kD = 5 (Burland
& Burbidge, 1985), the following value:
(4)

Taking relevant the hypothesis of a linear variation
of the stiffness with depth and using FEM analysis,
Carrier and Christian (1973) have established the
values of the influence factor, I¸ from:
I

E0 s

D q

Normalised contact pressure, q/qrot (%)
Figure 3a. Cross-analysis of the footing and of the 30 cm plate
settlements: variations of E0 and k with the stress level.

(5)

that depends on the values of E0, k and the Poisson
ratio and can be determined by the results of more
than one load test with different loading areas sizes
or by means of a thoroughly instrumented load test
with surface settlement pins situated outside the
loaded area (Rocha Filho & Romanel, 1983).
Analysis of these tests results were presented in
Viana da Fonseca and Cardoso (1999), starting from
the results of the footing and of the 30 cm diameter
plate, for the same stress level (q/qrot). Afterwards,
the settlements of the 60 cm diameter plate are
calculated and compared with the observed ones.
Figure 3 shows the values obtained for E0 and k, for
each stress level, and the calculated and observed
settlements of the 60 cm diameter plate.
The values of E0/k from the analysis of the set of
results of the tests over the footing and the plate of
30 cm diameter are very reasonably uniform,
revealing a good correspondence of the pattern of the
curves of these two tests.
The ratio E0/k presents, however, very low
absolute values, with reference to those deduced
from penetration tests, giving rise to excessively low
of E0 or very high values of k. This suggests that the
test with the 30 cm plate has very probably involved
a zone of high deformability, probably due to the
effect of the superficial relief of the prepared ground,
that for these reduced dimensions makes to feel of
excessively; this corroborates the idea of the little
representativeness of load tests in this scale.
Nevertheless, as consequence of the uniformity of
E0/k values over the analysed range, the predicted
values of the 60 cm diameter plate agree fair well
with the observed ones.

Settlement, s (mm)

z I  B0.75

k (MPa/m)

4.1 Deriving stiffness considering a linear increase
with depth – base on two or more tests under
different scales strength parameters

E0 (MPa)

4 COMPLEMENTARY INTERPRETATION OF
LOAD TESTS

Normalised contact pressure, q/qrot (%)
Figure 3b. Cross-analysis of the footing and of the 30 cm plate
settlements: observed versus calculated settlements in the 60
cm plate.

4.2 Deriving stiffness variation from additional
settlement measurements on surrounding area
The sensibility of the tests with minor dimensions to
the effects of the surface stress relief due to the
preparation of the testing platforms, and the scale of
the load surface for soils with natural structure and
fabric, as residual soils, are not negligible and
frequently result in stress-strain curves that are not
very representative of the overall real deformability.
It is, therefore, preferable to do a more complete
analysis of a test in higher scale by complementing it
with deflection measurements in the surface adjacent
to the loading area.
The variation of the vertical settlements of points
in the surface out of the loading area reflects directly
the variation of the settlements in depth, which are
dependent on the evolution of the stiffness. The
values of the influence factor (IP), that traduces the
relationship between the settlement of a superficial
mark at a distance r of the centre and the applied
pressure, were presented elsewhere (Romanel,
1981). The expression is of the following type:
IP 

E0 s

D q

(6)

IP is a function of the Poisson ratio and of E0/kD.
Following terms similar to the presented in the
previous paragraph, the definition of the values of Ip
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or p = zI/D corresponding to a superficial mark
placed for 2r/D = 1.5 of the centre of the footing,
considering the value of the Poisson ratio defined in
triaxial tests ( = 0.26) and the logarithmic
dependence with E0/kD, it can be done by
formulation presented by Romanel (1981) and Rocha
Filho and Romanel (1983). Viana da Fonseca (1996)
and Viana da Fonseca & Cardoso (1998) adapted
some of the values suggested to other points
(distances) to the centre (marks placed 1.0 m of the
border of the footing - r = 1.60 m), estimating IP by
expression it as function of the degree of nonhomogeneity E0/kD:

E 
E
I p  a p  b p  log10  0   c p  log10  0
 k 
 k






2

(7)

k (MPa/m)

E0 (MPa)

with ap = 0.138, bp = -0.119 and cp = 0.006.
Figure 4 illustrates the variations of E0 and k with
stress level, as well as the comparison of the
observed settlements in the most distant marks (2r/R
= 2.67) and calculated with base in the overall
analysis of the settlements of the footing and of the
closest mark (2r/R = 1.5).

Normalised contact pressure, q/qrot (%)

Settlement, s (mm)

Figure 4a. Analysis of the settlements of the footing loaded area
and of the outside closest surface mark (r/R = 1.5): E0 and k
versus stress level.

notoriously the importance of the non-linear pattern
of these soils rheology; there is a high homogeneity
of the deformability characteristics of the ground in
depth but, as plastification develops in the most
superficial and more stressed horizons, an increase
of the deformability modulus with the depth is
manifested,
consequence
of
the
growing
mobilisation of the deepest zones with higher initial
stiffness; this fact has direct consequence in low
values of settlements of the marks adjacent to the
footing loaded area since, in these collapsible
materials (punching failure type), very early loading
stages the ground underlying to the loaded area tends
to separate of the rest of the mass, in particular near
the surface; as complement it can be affirmed that,
for the lowest load levels, the settlement centre
locates higher in depth, which reveals mobilisation
of deeper relative shear strains for the computation
of the surface settlements, justifiable by the low
level of plastification in these horizons for soils with
natural cemented structure.
It is also remarkable that E0/kD values deduced
from penetration tests (2.65 and 1.32 for CPT and
SPT, respectively - interpretation in Viana da
Fonseca, 1996) converge to those deduced from this
formulation for q/qrot from 20 to 30%, corresponding
to current service conditions; therefore, once can
admit as consistent the non homogeneity hypotheses
(lineal heterogeneity) defined by the results of the
penetration tests (in particular of CPT), if the
adopted service stress levels correspond to relatively
high safety factors.
Finally, the good consistency of the values of the
observed settlements and calculated by the same
formulation for r/R = 2.67, reveals the good
performance of this formulation for that distance and
translates the same tendency for the mark placed in
points more deviated of the loaded area. Therefore,
this interpretation process can give valuable
information on the degree of homogeneity (nonhomogeneity) of a soil when loaded superficially, if
a very accurate instrumentation is implemented in
the load tests.
5 ELASTIC NUMERICAL SIMULATION OF
THE FOOTING LOAD TEST

Normalised contact pressure, q/qrot (%)

Figure 4b. Analysis of the settlements of the footing loaded
area and of the outside closest surface mark (r/R = 1.5):
observed versus calculated settlements in another mark (r/R =
2.67).

The analysis of the results expressed in the
picture allows to conclude that the deduced values of
E0/kD decrease with the stress level (q/qrot, is the
failure load observed during the tests) which signs

Some finite element analyses of the footing load test
were performed in effective stresses assuming axisymmetric conditions. The mesh was formed by 143
eight-node isoparametric finite elements, 3 of which
representing the footing. The reinforced concrete
was assumed as linear elastic.
The loading stages in the analyses coincided with
the full-scale test, with the exception of the unloadreload cycles which have not been considered.
The first aim of the elastic analysis was to
evaluate the equivalent Young modulus, considered
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constant with depth, that, by back-analysing the test
results, resulted in the same values for the overall
settlements for two pressures (100 and 200 kPa),
which can be considered under service conditions.
Table 2 presents the obtained results, namely the
referred equivalent modulus (4th column) and values
of this same modulus by applying the elastic
equation
(Meyerhof/Boussinesq/Perloff)
and
considering a rigid frontier on the transition to the
less weathered granite (H = 6.0 m), as defined by in
situ tests.
Table 2. Back-analysis of the footing test results by
numerical simulation (FEM). Elastic model with constant
Young modulus (q = 100 and 200 kPa).
Applied
pressure
(kPa)

Observed
settlement, s
(mm)

Eref (MPa)
FEM

Eref (MPa)
Elastic
formulation

100
200

3.6
9.3

24.1
17.6

23.4
18.1

v(z) gravity center:

v-h, kPa – in Gauss points

Vertical strain, v (%)

It can be seen that there is a good agreement
between the solutions, which, among other
objectives, validates the numerical code.
For the purpose of this paper considerations, an
attempt was made to detect the position of the
settlement centre, by evaluating the resultant of the
distribution of the vertical strains (v) through depth.
Figure 5 presents that distribution and the increment
of the deviatoric stress ((v - h)), at centre of the
circular footing loading area, for one of the applied
pressures (q = 100 kPa) – coinciding with the other.

Depth, z(m)

Figure 5. Distribution and the increment of the vertical strains
(v) and deviatoric stress ((v - h)), at centre of the circular
footing loading area (q = 100 kPa).

The depth of the settlement centre is, in this
hypothesis of a constant value of the modulus in
depth, around zI = 1.60 m which gives the following
value for the influence factor:

 = zI /D = 1.33

(7)

Taking into account the above referred linear
variation of the deformability modulus with depth,
with the reference to the increase of the CPT
penetration resistance:

E(MPa)  E 0  kz  q c  (4,68  1,47  z, m)

(8)

Linear elastic FEM calculations were made with
this variation law in depth, with, namely, the same
purpose of deducting the new value for the influence
factor, and the result was the following:
 = zI / D = 1.04

(9)

This diminishing of the depth of the settlement
centre is an obvious consequence of the assumed
influence of the stiffness variation in depth,
expressed by the non-homogeneity factor (E0/kD).
6 CONCLUSIONS
The execution of either some load tests under
different plates/footings sizes or, on the other, a
single one with complementary settlement
measurement on the surrounding surface has been
revealing to be a preferable way to evaluate, in good
deal, the effect of the stiffness variation in depth on
the scale effect for shallow foundations settlement
evaluation. In residual soils these effects are as much
or more important as in transported soils, due the
natural decrease in weathering with depth. This
paper presented some results of an experimental
work including load tests over plates (0.30 m and
0.60 m in diameter) and a rigid footing (1.20 m in
diameter) and the correspondent overall analysis in
order to obtain the soil strength parameters and the
load-settlement answer on non-dimensional terms.
The integration of the results obtained from the in
situ tests (penetration tests) into the analysis of the
load tests results, allowed to validate some of the
stiffness variation laws that were deduced by the
former way.
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ABSTRACT: Significant piezocone testing experience in sedimentary soils has been used to generate
classification charts and relationships between in situ test parameters and engineering response. These
analyses typically highlight the fully drained case of sands and fully undrained case of clays, but penetration in
residual soils may be drained, undrained, or partially drained. Horizontal and vertical variability of residual
soil properties will be a function of the weathering profile, which will be a function of the parent rock type.
Piezocone testing provides a rapid and cost effective means to identify consistency characteristics of a soil
profile as well as stratigraphic breaks. The pore water pressure response can help to detect seams of
geomaterials that may be missed by other measurements. Data from three different sites exhibiting positive
and negative u2 penetration pore water pressures are discussed with relation to stratigraphy and classification,
as well as with respect to evaluation of engineering properties.
1 INTRODUCTION
In residual soils, understanding the weathering
profile is necessary in the interpretation of
subsurface stratigraphy and engineering properties.
Residual soil classification schemes and generic
weathering profiles for formations derived from (i)
mudstone, shale, and slate; (ii) granite and gabbro;
and (iii) gneiss and schist are presented in Figure 1.
It can be seen from Figure 1 that the weathering
profile generally consists of an upper near surface
soil (accumulation zone), underlain by residual soil
or saprolite, which is underlain by partially
weathered rock grading to rock (Sowers, 1963;
Deere & Patton, 1971). The accumulation zone
retains little to no residual soil structure, while the
saprolite horizon retails structure and features of the
original parent rock (Sowers, 1963).
Depending upon the type of parent rock and
degree of weathering, the consistency of the soil may
be very soft to quite stiff. There will likely be
banding, fissures, and other defects in the
macrostructure of the soil which will effect the
response to loading but which may not be evident
from discrete sampling and classification of
deaggregated samples. Due to the presence and
nature of the fissures, preferential weathering will
likely occur in these areas leading to localized softer

zones which may cause excessive differential
settlements or preferential planes of weakness. Since
the cone penetration test (CPT) provides near
continuous readings with depth, potentially softer
layers can be identified for companion drilling and
sampling. The piezocone test (CPTU) uses a
pressure transducer and saturated porous filter
element to record penetration pore water pressures,
providing an additional channel of data that can be
used to assess the soil response to loading.
Data from piezocone soundings at three residual
soil sites are presented; (i) Singapore; (ii) Thailand;
and (iii) Alabama, USA. For the Singapore site, the
residual soils consist of material weathered from
mudstone, sandstone, and breccia. The Thailand site
consists of coarse to medium grained residual soils
originating from weathered granite. At the Alabama
site the soils primarily consist of silty sands and
sandy silts with mica weathered from gneiss and
schist.
Positive and negative penetration pore water
pressures measured behind the cone tip (u2) have
been observed in residual soils, and piezocone data
from these sites is used to infer stratigraphy based on
weathering profile as well as conventional CPTU
soil behavior type charts. The evaluation of residual
soil properties using CPTU data is discussed, and an
example is presented for the Alabama, USA site.
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a.
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c.

Figure 1. Weathering profiles for deposits considered (a) mudstone, shale, and slate; (b) granite to gabbro; (c) gneiss and schist
(Sowers, 1988).

2 POREWATER PRESSURE RESPONSE
Piezocone response at the u2 location will typically
be hydrostatic in sands and greater than hydrostatic
in soft to stiff intact clays (Mayne et al., 1990).
Negative u2 penetration pore water pressures have
been observed in heavily overconsolidated fissured
clays (e.g., Powell et al., 1988), residual silty sands
and sandy silts (e.g., Finke et al., 2001), dilative silts
and sandy silty clays (e.g., Sully et al., 1999), and
very dense sands. Figures 2, 3, and 4 show
piezocone profiles in residual soils exhibiting
positive as well as negative u2 pore water pressures.
The phenomena of negative shear induced pore
water pressures in laboratory testing is associated
with a dilative soil, but piezocone penetration testing
in dilative soils will not always produce negative u2
penetration pore water pressures. Positive u2
penetration pore water pressures in dilative materials
may occur since penetration pore water pressures are
a combination of octahedral as well as shear induced
pore water pressures (Mayne & Bachus, 1989). The
total recorded u2 penetration pore water pressure
may be positive even when the shear induced
penetration pore water pressure is negative due to a
larger octahedral component. The partially drained
condition of penetration in silts has been studied
(e.g., Lunne et al., 1996), but interpretations of
penetration pore water pressure response in
transitional materials are still evolving.
When testing in soils that cause a negative u2 pore
pressure response during penetration, the equipment
response will also affect the readings. At a pressure
reading of negative one atmosphere, cavitation will
occur in the measurement system. No penetration
pore water pressures lower than negative one
atmosphere will occur, due to cavitation. Negative
pressure will tend to cause de-saturation of the filter
element. Compression of air in an unsaturated filter
element will cause lower than expected positive pore

water pressure readings, if encountered in underlying
materials. Typically in sands and silts, the element
will re-saturate quickly enough that u2 pore pressure
readings won’t be misleading.
3 STRATIGRAPHY AND CLASSIFICATION
The three piezocone profiles shown in figures 2, 3,
and 4 have been analyzed to evaluate stratigraphy.
Average CPTU parameters, + one standard
deviation, from select layers in each profile are
plotted on the Robertson et al. (1986) CPTU soil
behavior type charts in Figure 5.
The residual soils at the Singapore site begin at
9.9 m. From 9.9 m to 11.9 m the soil is a silty
material weathered from mudstone, and below
11.9 m the soil is a clayey material weathered from
mudstone and breccia. Above 13.5 m the tip
resistance is relatively constant, with changes in
friction ratio and pore pressure occurring at 11.9 m.
These layers are identified as the accumulation zone
based on residual soil classification. From 11.9 m to
14.7 m an increase in tip resistance is coupled with
u2 negative pore water pressures of about one
atmosphere. This layer is classified as saprolite.
The Thailand site contains 14 m of fill soils over
1.3 m of a sand deposit over the coarse to medium
grained residual soil horizons. The residual soils
show similar tip and pore pressure response below
15.3 m, and are classified as the accumulation zone.
The friction ratio is relatively constant as well,
except a drop is observed at 18 m. The u2 pore
pressure response in these residual soils is positive,
but Bq values of less than 0.4 are indicative of
partially drained penetration (Senneset et al., 1988).
The entire profile for the Alabama, USA, site
shown in Figure 4 consists of residual soils, with
samples classifying as silty sands to sandy silts. The
upper 15 m is the accumulation zone, and has
relatively constant tip resistance and friction ratio
values but differing u2 pore water pressure response.
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Figure 2. Piezocone profile in marine clay overlying residual soil weathered from mudstone and breccia (Singapore).

Figure 3. Piezocone profile through fill overlying residual soil weathered from granite (Thailand).

Figure 4. Piezocone profile in residual soil weathered from gneiss and schist (Alabama, USA).
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Mudstone 9.9 - 11.5
Mudstone 11.9 - 12.7

Robertson et al.
(1986) Soil
Behavior Type

Mudstone 13.4 - 14.7
Mudstone 18.3 - 19.2
Granite 15.3 - 17.5
Granite 17.6 - 18.4

1 - Sensitive
fine grained
2 - Organic
material

Granite 18.5 - 20.2

3 - Clay

Gneiss/Schist 11.5 - 15.6

4 - Silty clay to
clay

Gneiss/Schist 15.8 - 21.7
Gneiss/Schist 23 - 25.6

5 - Clayey silt to
silty clay

Gneiss/Schist 25.8 - 26.9
6 - Sandy silt to
clayey silt
7 - Silty sand to
sandy silt
8 - Sand to silty
sand
9 - Sand
10 - Gravelly
sand to sand
11 - Very stiff
fine grained*
12 - Sand to
clayey sand*
*Overconsolidated or
Cemented

Figure 5. CPTU classification of select residual soil layers (error bars represent + 1 standard deviation).

After the water table is reached, the u2 pore water
pressures become slightly negative with a Bq value
near zero. The penetrometer is advance through a
zone of alternating positive and negative pore water
pressures, followed by a zone of positive pore water
pressure response. These two zones show Bq values
that are below 0.4, thus indicating a partially drained
response. Below 15 m, the tip resistance increases,
while the friction ratio slightly decreases. A clear
indication of a layer change is evident, as the u2 pore
water pressure becomes negative. This layer is
classified as saprolite based on the residual soil
weathering profile.
For the mudstone and gneiss to schist profiles
(Figs. 2 & 4), a large increase in cone tip resistance
is noticed at depth in the profile. The u2 response in
these lower layers once again shows negative pore
water pressures. The tip resistance values alternate
between very high values (greater than 15 MPa), and

relatively low values (on the order of 5 MPa).
Alternating hard and soft seams agree with the
weathering profile, and thus these layers are inferred
to be partially weathered rock. It should be noted
that refusal of the CPTU does not necessarily
indicated competent bedrock, and complimentary
rock coring is recommended for designs which are
strongly dependent upon the location of rock.
Classification based on the Robertson et al.
(1986) soil behavior type charts shows some minor
discrepancies between the qt – FR and qt – Bq charts,
as well as some minor discrepancies when compared
to visual classification. From Figure 5, it can be seen
that most of the data plots to the upper right portion
of each qt – FR classification zone, and near a Bq
value of zero for the qt – Bq classification chart.
These locations on the classification charts are
generally associated with heavily overconsolidated
or cemented soils (Robertson et al., 1986), which
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4 PROPERTY EVALUATION
Property evaluation is difficult in residual soils since
conventional sampling will often significantly
disturb the in situ soil structure altering properties
evaluated from laboratory test data. Additionally, in
situ test penetration is typically partially drained
which prevents incorporation of the data into
convention correlations used to assess drained or
undrained soil properties. Thus, penetration testing is
recommended as a means to assess variability in the
residual soil deposits, and locate representative as
well as critical layers where sampling efforts and
corresponding laboratory testing should be focused.
Caution should be used when evaluating drained or
undrained properties from penetration tests in
partially drained materials, since compensating
errors may lead to good agreement between some
data, but lead to gross misinterpretations at other
locations. Laboratory confirmation of soil properties
as they relate to penetration tests is necessary to
develop sufficient local experience under varying
geologic conditions. An example of property
evaluation will be discussed for the Alabama, USA
site with reference to the effective stress friction
angle (’).
At the Alabama, USA site, effective stress friction
angle data is available for specimens from the upper
15 m of the profile (Vinson & Brown, 1997). Figure
6 displays laboratory effective stress friction angle
values compared to estimated effective stress friction
angle using CPTU tip resistance corrected for pore

pressure effects (qt) and commonly used effective
stress friction angle correlations for clean sands
(Robertson & Campanella, 1983; Kulhawy &
Mayne, 1990). Both secant and best fit linear
regression evaluations of ’ are presented. The best
fit effective stress friction angle was 36 degrees, with
a standard deviation of 4.7 degrees (number of
samples, n=27). It should be noted that the amount
of silt in the Alabama, USA deposit will likely
reduce the tip resistance readings when compared to
those of a clean sand of similar consistency, but no
fines content corrections were applied to the qt data
in this study. The CPTU data used for ’ estimated
presented in Figure 6 is from a different sounding
location than that shown in Figure 4 due to
proximity to borings and maximum depth achieved
by the soundings. In Figure 6, a plot of u2 pore
pressure with depth is adjacent to the effective stress
friction angle plot.
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would be an appropriate assessment for residual soil
maintaining some structure of the original parent
rock.
It is inferred from the relatively high friction ratio
values that the soils contain a significant amount of
fine grained particles, but soils are visually classified
as sandy materials. While it is difficult to assess
whether a soil is a sandy silt or a silty sand,
classification based on qt – FR charts tends to predict
that the soils have a more clayey behavior than is
assessed from essentially drained construction
induced loading. High lateral stresses locked into the
residual soil structure may be leading to a greater
increase in friction ratio than that which is typically
associated with overconsolidation and aging of a
sedimentary deposit.
Since the positive pore pressure response in
residual soils is partially drained and negative u2
pore pressures are limited to negative one
atmosphere due to cavitation, the pore pressure
parameter will be close to zero in sandy residual
soils. Thus, layer classification using conventional qt
– Bq classification charts will be controlled by tip
resistance, and stratigraphic breaks may not be as
evident as using the u2 pore pressure data alone.

4

4

6

6

8

8

10

10

uo
12

12

14

14

16

16

Figure 6. Laboratory and CPTU evaluations of ’.

The estimations of ’ match well with the
laboratory linear regression value between the depths
of 4 m and 11 m. At a depth of about 7 m and
between 11 m and 15 m, the cone tip resistance
estimates of friction angle are much lower than the
laboratory linear regression value. Significant
deviations between laboratory linear regression
friction angle and cone tip resistance estimations
occur where positive u2 penetration pore water
pressures are observed. Additionally, the secant
friction angle seems to be lower at a depth of 12 m,
which is consistent with the cone tip resistance
estimations of ’. Index properties for the specimens
from 12 m were not significantly different than those
from samples taken between 4 m and 11 m. It is infer
from index parameter data that changes in residual
soil structure are likely responsible for the
differences in observed effective stress strength
behavior, rather than changes in soil type.
While this example shows good agreement
between conventional correlations and residual soil
properties, it is stressed that in situ testing be used as
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a screening tool to decide where sampling and
laboratory testing should be performed. The
additional data available from the CPTU is used here
to identify potentially weak layers that drilling,
sampling, and statistical treatment of the data may
have missed. For this example, the variance in ’
values was 13 percent, which is within the range of 2
to 13 percent expected in friction angle data
(Duncan, 2000). The scatter in residual soil
properties may appear to be statistical variation, but
in this case a weaker layer is apparent where u2
penetration pore water pressures are positive, even
though laboratory index parameters are similar when
compared to samples from other depths.
5 CONCLUSIONS
While conventional qt – FR and qt – Bq soil behavior
charts provide bounds of anticipated soil response in
residual profiles, the u2 pore water pressure response
tends to provide a clearer picture of the location of
stratigraphic breaks related to the weathering profile.
Conventional qt – Bq classification charts are
controlled by the cone tip resistance due to partial
drainage during penetration and limitations of
negative u2 response due to cavitation. This makes it
difficult to differentiate between a dense silty
material and a relatively loose sandy material.
Additionally, as a result of high friction ratio values,
qt – FR classification charts tend to predict the soils
to behave in a more clayey manner than observed.
This may be a result of high lateral stresses
remaining from the original rock structure.
Interpretations of u2 penetration pore water
pressures from this study indicate that negative u2
penetration pore water pressures in sandy and silty
residual soils are typically associated with a higher
cone tip resistance. It is inferred that sandy and silty
residual soils exhibiting negative u2 penetration pore
water pressures are thus denser than sandy and silty
residual soils producing positive u2 pore pressures.
Whether the negative u2 pore pressures can be
directly related to a dilative behavior of the soil
needs to be studied further, and will likely be a
function of the loading type and rate of loading or
penetration.
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ABSTRACT: Menard pressuremeter test is worldwide recognized as the in situ testing tool with the greatest
potential to be used in the constitutive modeling of soils, since it directly measures the load-displacement
behavior of natural soils, and due to the fact that it can be analytically simulated via cavity expansion theories.
Moreover, given the intrinsic characteristics of this tool, it also has a large potential to be used in unsaturated,
cohesive/frictional soils – so abundant in Brazil and other countries of the tropical region. Hence, this paper
presents the preliminary testing and analytical interpretation results of a field testing program carried out in
the city of Brasilia. The interpretation was exclusively done via the “curve fitting” approach, in which an
elasto-plastic cavity expansion model that incorporates the soil suction was employed to simulate the
pressuremeter testing curve. The predicted results were compared to reference laboratory values, yielding a
general conclusion adequate for practical applications.
1 INTRODUCTION
The Brazilian capital, Brasilia, is a pre-designed city
located within the “Federal District”, in the center of
Brazil as depicted by Figure l. It was built in the
early 60’s to house the main Governmental
administrative institutions and its public employees.
It has increased in size about four times what was
originally forecasted, and is still expanding, enabling
the use and design of different types of deep
foundations.
The design (via in situ tests) of such foundations
which are located in the regional unsaturated,
tropical and collapsible clay of Brasilia (the so called
Brasilia “porous” clay) is one of the most important
research topics from the Geotechnical Graduate
Program of the University of Brasilia. The use of
advanced in situ testing techniques, as the Menard
pressuremeter, is very promising in unsaturated soils,
since this tool can be inserted without the use of
water, and its results can be interpreted in the light of
cavity expansion theories (Cunha, 1994).
According to Schnaid & Mántaras (1998) the
analytical solutions proposed by Carter et al. (1986)
and Yu & Houlsby (1991) can represent the cohesive
frictional nature of the tropical soils, and can be
easily applied in an unsaturated soil as the Brasilia
porous clay, by modifying them to take on account
the soil suction. As a matter of fact, a large
development in testing and interpretation techniques
for the Menard pressuremeter in Brazilian (tropical)

soils has taken place in the last years (Vecchi et al.,
2000; Kratz de Oliveira, 1999). For instance, in 1996
the solution of Carter et al. (1986) was preliminarily
adopted in the interpretation of Menard pressuremeter tests carried out in the south “wing” of
Brasilia (also depicted in Figure 1, due to the
airplane shape like form of this city). These tests
were carried out as part of an extensive geotechnical
investigation program established for the design of
the Brasilia underground (Ortigão et al., 1996).
However, the tests were interpreted without
considering the soil suction (hence using the original
cohesive frictional equations of the adopted cavity
expansion theory), given the lack of a better
knowledge at that time.
Therefore, this paper presents the recent results of
Menard pressuremeter tests carried out in the city of
Brasilia, Brazil (Vecchi et al., 2000). More
specifically, this research was done in the University
of Brasilia experimental site (see Figure 1), which is
comprised by an approximate 8 to 10 m thick deposit
of the typical unsaturated clay of Brasìlia, found in
large areas of the Brazilian Central Plateau. The
major advance of the present series of tests and
cavity expansion interpretations (in relation to the
past series of tests) is related to the fact that soil
suction was indirectly measured to complement the
interpretation. The field results of the Menard
pressuremeter test were analyzed by employing an
elasto-plastic cavity expansion model developed by
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Figure 1. Location map of the Federal District and Brasilia.

Kratz de Oliveira (1999) and modified after Yu &
Houlsby (1991). It adopts the matric suction as one
of the input parameters to simulate the pressuremeter’s pressure-deformation curve.
2 PRESSUREMETER TESTS
The original concept of lowering a balloon like
device down a borehole and inflating it to measure
deformation properties dates from 1930 or 1931
(Baguelin et al., 1978). The first reference to such
device was given by Kögler (1933) who developed a
simple probe with length of 125 cm and diameter of
10 cm. The first device consisted of a long sausage
shaped bladder which stretched between two metal
discs. The discs were held apart at a fixed distance
by a steel rod which formed the backbone of the
device. It was lowered into a predrilled hole and gas
inflated. The impact of Kögler’s invention in the
geotechnical area was insignificant, even though he
was able to use the equipment to record pressure
volume change curves that are similar to those
obtained nowadays with more sophisticated
equipments.
It was only in the 50’s that the pressuremeter was
developed and started to be use in real engineering
terms. Without knowledge of Kögler’s work, a civil
engineering student at the Univ. of Illinois called
Menard developed a pressuremeter in 1955 (Menard,
1955). In less than 3 years the Menard pressuremeter
started to be produced by Menard’s own firm and
used as a consulting tool in France. At that time
Menard was able to benefit from technological and
analytical interpretation advance that was not
available in Kögler’s time. Like Kögler’s original
probe, the Menard pressuremeter was designed to be

inserted in prebored holes. Due to the high
disturbance generated at the cavity wall by the
preboring process, results of Menard pressuremeter
tests are generally interpreted by empirical rather
than analytical methods.
More recently the “curve fitting” concept started
to be employed to interpret selfboring and Menard
pressuremeter testing curves. As discussed by Cunha
& Campanella (1998), the curve fitting approach
basically consists in the comparison of the field
testing curve with some idealized pressure expansion
testing curve based on some sort of constitutive
model. The idealized model curve can be
interactively changed by changing the input
parameters
that
constitute
its
rheological
relationship. This is carried out until a “match” or
“fitting” between this model curve and the field one
is established. The closer the rheological relationship
and assumptions of the adopted cavity expansion
model are to the real shearing phenomena, the closer
will be the agreement of the idealized curve with
respect to the field one (assuming no disturbance).
As well, the lower the number of input model
parameters, the easier and faster will be the curve
fitting.
On the other hand, slightly disturbed or even
disturbed pressuremeter curves can be interpreted in
the framework of the curve fitting concept. Besides,
with the fitting technique, one can also formulate
disturbance criteria for pressuremeters that would be
universally applicable. This criterion adopts the
“initial deviation” or differential area from idealized
and experimental pressuremeter curves to
numerically quantify the disturbance of the test.
Based on this simple concept, and a large database of
Canadian selfboring pressuremeter tests, Cunha
(1998) defined a numerical coefficient of
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disturbance, herein denominated as “CD”, which
measures the average deviation at 1 and 3% of
circumferential strain of the testing curve. The
coefficient of disturbance of the test employed in the
present study to quantify the disturbance of the test,
hence, explaining some of the discrepancies between
the predicted geotechnical parameters.
This study encompassed several Menard
pressuremeter tests carried out in the Brasilia
“porous” clay at both inundated and natural water
content conditions. A Menard NX pressuremeter
probe was adopted, by following the testing
procedure recommended by the ASTM D4719/87.
The tests were carried out in prebored holes, initially
excavated with a BX and later expanded with a NX
auger (thus reducing the amount of soil disturbance).
The probe was pressurized in constant increments of
25 kPa, and the tests were completed after expanding
the central probe to its full capacity (in the range of
800 cm3). The “inundated” tests were carried out in
the center of a square trench of 1.5 x 1.5 m, and 0.2
m deep. This trench had four holes at each of the
corners (excavated with the BX auger), with the
length of 8 m each. The trench and the holes were
fully inundated for 48 hrs prior to the testing stage
(excavation and lowering of the Menard probe), in
order to simulate the “inundated” conditions of the
soil.
Figure 2 presents the exact location of the
experimental site and the pressuremeter tests. This
site has also been used to construct and field load
distinct pile types, and to retrieve undisturbed
(block) samples of soil to perform laboratory tests.

collected to define the moisture content. The results
of the several laboratory tests carried out in this site
are presented in Figure 3, in function of depth and
time. In this figure, the subscript “nat” indicates the
pressuremeter tests carried out with the soil in its
natural moisture content, while the subscript “inu”
means the equivalent for the inundated soil.

Figure 3. Variation of moisture content versus depth.

It. is noticed that from the dry season of this
region (Jun/Oct) to the wet season (Nov/Apr) there
was a slightly change in the natural moisture content
of the soil, especially in the top 3 meters (active zone
of moisture variation). Below this depth the changes
were low, indicating an almost constant humidity
and, hence, soil suction. By inundating the soil, there
was a large increase in the moisture content. This
increase was accompanied by a decrease in soil
suction, and, therefore, should have caused a
decrease in the magnitude of the geotechnical
parameters of this soil. This specific point will be
further discussed in this paper.
3 SITE CHARACTERISTICS

Figure 2. Experimental site.

During the excavation of the prebored holes,
disturbed soil samples at distinct depths were

The Brazilian capital Brasilia and its neighboring
areas (Federal District) are located in the Central
Plateau of Brazil, as presented in Figure 1. The
Federal District has a total area of 5814 km2 and is
limited in the north by the 15º30’ parallel and in the
south by the 16º03’ parallel. Within the Federal
District extensive areas (more than 80 % of the total
area) are covered by a weathered “latosoil” of the
tertiary-quaternary age. This latosoil has been
extensively subjected to a laterization process and it
presents a variable thickness throughout the District,
varying from few centimeters to around 40 meters.
There is a predominance of the clay mineral
caulinite, and oxides and hydroxides of iron and
aluminum. The variability of the characteristics of
this latosoil depends on several factors, such as the
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topography, the vegetal cover, and the parent rock.
In localized points of the Federal District the top
latosoil overlays a saprolitic/residual soil with a
strong anisotropic mechanical behavior and high
(SPT) penetration resistance, which originated from
a weathered, folded and foliate slate, the typical
parent rock o f the region.
The superficial latosoil is locally known as the
Brasilia “porous” clay, being geotechnically
constituted by sandy clay with traces of silt, forming
a lateritic horizon of low unit weight and high void
ratio, as well as an extremely high coefficient of
collapse. These soil characteristics are illustrated in
Table 1.

content to the soil matric suction. Due to the soil
profile homogeneity, this soil characteristic curve
may also be used to obtain the matric suction in
other depths.

Table 1. Geotechnical parameters of the porous clay.
Parameter

Unit

Range of Values

Sand percentage
Silt percentage
Clay percentage
Natural unit weight
Degree of saturation
Void ratio
Liquid limit
Plastic limit
Plasticity index
Total Cohesion*
Friction angle*
Young’s Modulus**
Coefficient of Collapse
Coefficient of earth
pressure at rest ***

%
%
%
kN/m3
%
-%
%
%
kPa
degrees
MPa
%

12-27
8-36
80-37
17-19
50-86
1-2
25-78
20-34
5-44
10-34
26-34
1-8
0-12

--

0.44-0.54

* Range from triaxial CKoD tests with the soil at both natural
moisture and saturated conditions;
** Range from triaxial CKoD tests with the soil at natural
moisture content, and at 50% of the failure deviator stress;
** Range from triaxial Ko tests with the soil at natural moisture
content conditions.

The geotechnical parameters displayed in this
table were obtained by a comprehensive laboratory
testing program carried out by previous and
simultaneous research projects of the University of
Brasilia (Perez, 1997 & Palocci, 1998).
Conventional characterization tests were performed
together with more sophisticated tests, as double
oedometer and collapse tests, triaxial Ko and triaxial
CKoD tests (both at natural moisture content),
permeability tests and direct shear tests with the
samples under distinct orientations. Some of the
laboratory tests were carried out with undisturbed
block samples taken from an inspection well dug at
the research site (see Figure 2). These samples were
taken at 3, 6 and 9 m below soil surface.
Specific tests for unsaturated soils were also
carried out with the block samples. For instance,
Figure 4 presents the results of the matric suction
versus the moisture content, i.e., the soil-water
characteristic curve for a depth of 3 m. This curve
was obtained by Peixoto (1999) using the pressure
plate chamber, and it is useful to relate soil water

Figure 4. Soil-water characteristic curve (after Peixoto, 1999).

Table 2 presents the nomenclature of the
pressuremeter tests carried out herein, whereas “nat”
and “inu” are respectively related to natural moisture
content and inundated soil conditions. This table also
describes the depth of each of the tests (at the center
of the expansible membrane), the coefficient of
disturbance (CD) and the matric suction (ua – uw ).
Table 2. Menard pressuremeter tests
Reference
MPM100nat3
MPM200nat4
MPM300inu2
MPM300nat5
MPM400inu2
MPM400nat5
MPM500inu2
MPM500nat5
MPM600inu2
MPM600nat5
MPM700inu2
MPM700nat5
MPM800inu I
MPM800nat6

Depth
(m)

CD
(%)

ua – uw
(kPa)

1
2
3
3
4
4
5
5
6
6
7
7
8
8

2
7
3
3
8
10
1
7
6
12
5
2
14

100
100
0
22
0
35
0
53
0
68
3
97
6
75

4 CURVE FITTING
The interpretation of the pressuremeter testing curve
was done with the use of an elasto-plastic cavity
expansion model modified after Yu & Houlsby
(1991), using the theoretical approach put forward
by Kratz de Oliveira (1999). This modified model
involves eight geotechnical variables, as follows:
 Effective friction angle (’);
 Effective cohesion (c’);
 Horizontal stress (ho);
 Shear Modulus of the “elastic” zone (G);
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Poisson’s coefficient ();
Dilatancy ();
Matric suction (ua – uw);
Internal angle of matric suction variation (b).
During the fitting process, all eight variables have
to change to accomplish a perfect match of the
experimental and theoretical curves. Some of them
are continuously changed, while others are changed
only once, in the beginning of' the fitting process.
Hence, in order to interpret the field curves a simple
worksheet program (Excel for windows) was written
by Kratz de Oliveira (1999). This program has
proven to be simple and fast enough to be used in
practical applications.
Nevertheless, an initial estimative of these
geotechnical parameters is required. For instance,
during the fitting the parameters ’, G and c’ are
initially estimated with standard values from
laboratory tests, while ho is estimated via the
“creep” curve of the pressuremeter test, as
recommended by Bosch et al. (1997). These
parameters are continuously changed during the
fitting process, while the remaining four parameters
(b, , , ua – uw) are kept constant.
The Poisson’s coefficient was adopted as 0.2 or
0.3 depending on the soil condition, i.e., natural or
inundated. The dilatancy was kept as zero, since the
Brasilia porous clay does not present dilatant
characteristics during shearing. The matric suction
was changed from test to test, in accordance to the
moisture content of the soil and the soil-water
characteristic curve (presented in Figure 4). The
internal angle of matric suction variation was
adopted as 12 or 25 depending on the soil saturation
condition, i.e., natural or inundated. The 12 degrees
value for b represents an average secant value equal
to one half of the internal friction angle, which
reflects experimental results (Ribeiro, 1999). The 25
degrees value implies in considering the soil close to

saturation (Fredlund & Rahardjo, 1993). It shall be
emphasized that this latter value for the inundated
condition also allowed a good curve match.
A typical example of a good curve match is
presented in Figure 5 for the test carried out at a
depth of 5 m (natural moisture content).

Figure 5. Typical “match” of pressuremeter curves.

5 RESULTS AND DISCUSSION
The interpretation of the pressuremeter testing
curves of Table 2 is presented and discussed herein.
Most of this data is undisturbed to slightly disturbed,
in accordance to the CD values of this same table
(less than 10%). Highly disturbed curves (CD's
above 30 %) were not considered herein, since the
fitting is extremely difficult and cumbersome.
Figure 6 presents the results of the main
geotechnical parameters of the present analysis. As
discussed before, these are the parameters that were
continuously changed during the fitting process, with
the exception of E (Young modulus) and c (total
cohesion). The Young modulus was obtained with

Figure 6. Predicted parameters from the pressuremeter.
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aforementioned G, v and the elastic theory, while the
total cohesion was obtained with the predicted
effective cohesion (c’), plus the parameters b and
ua – uw, by employing the equation presented by
Fredlund and Rahardjo (1993). Moreover, the value
of the coefficient of earth pressure (Ko) was obtained
with assumed values of the vertical effective stress
and predicted values of ho. Figure 6 also
differentiates the values in terms of the soil
condition, i.e., at natural moisture content and
inundated conditions.
It can be initially pointed out that by inundating
the soil there was a considerably decrease (in some
cases) of the predicted geotechnical parameters. For
instance, it can be observed an average percentual
decrease of around 30% for both Ko and E, of around
60% for c and around nil for ’. This initial analysis
indicates that the friction angle is almost insensitive
to variations in the matric suction, whereas the total
cohesion is highly affected by small changes of
suction. This trend is corroborated by laboratory
testing results reported by Fredlund and Rahardjo
(1993), confirming the validity of the analyses
carried out herein.
The results of Figure 6 can be compared to the
reference geotechnical values of Table 1. In relation
to this comparison, the following comments can be
drawn:
 The predicted Ko values for the soil at natural
moisture content were closer to the upper range of
laboratory values than to the lower range. The
agreement is considerably good. The predicted Ko
values for the inundated soil were closer to the
lower range of laboratory values, but such trend
can be misleading given the fact that the
laboratory samples were not inundated. More
laboratory tests are still required to confirm this
point.
 The predicted E values for the soil at natural
moisture content were higher (≈50%) than the
reference E values from the CKoD triaxial tests (at
50% deviator stress). On the other hand, the
laboratory values were in excellent agreement
with the predicted results for the soil at inundated
condition. However, the same aforementioned
comment can be given herein, i.e., the comparison
is misleading since the laboratory samples were
not inundated.
 The predicted total cohesion values for the soil at
both conditions were similar to the reference
laboratory values from the CKoD triaxial tests,
indicating that the pressuremeter was able to
obtain reasonably good estimates of this variable.
 The predicted friction angles for the soil at natural
moisture content were lower (≈25%) than the
reference laboratory values, while the inundated
values agreed well with the reference values.
Therefore, the main observation one can draw
from this preliminary interpretation of Menard

pressuremeter tests in a tropical, unsaturated, soil is
that it is possible to obtain reasonably good
estimates of the geotechnical parameters required in
design. The example discussed herein indicates such
possibility, although it also points out the difficulty
of a perfect agreement between predicted field
parameters and reference laboratory values. This
latter point also indicates that the curve match
(especially for the soil at natural moisture content
conditions) needed to be further refined.
Moreover, there are other reasons for the
aforementioned differences, such as the distinct
modes of failure from pressuremeter and laboratory
tests, the inherent errors associated with the
modeling technique (assumptions of the model,
assumed input parameters, etc), the inherent errors
associated with the laboratory tests (as the
representativeness of the samples, disturbance during
soil extraction, etc.), and the disturbance of the
pressuremeter tests, as already indicated by the CD
values. Nevertheless, this paper has indicated a
promising, economical and fast manner of obtaining
geotechnical parameters for design in tropical
unsaturated soils. This can be accomplished by an
advanced (but simple to deploy) in situ testing
technique, which requires only two field operators.
The present series of results can be considered as
preliminary, and they serve to demonstrate the large
potential of analysis one can have with the Menard
pressuremeter test. This potential, and this tool in
particular, has been continuously explored and
studied in the major research centres of Brazil.
Successful results have already been obtained and
reported elsewhere with aforementioned technique
(Schnaid et al., 2000; Cunha et al., 2000),
encouraging the use of pressuremeter tests in
practical design.
6 CONCLUSIONS
This paper emphasized the use of the Menard
pressuremeter test to obtain geotechnical parameters
for use in design, especially in tropical, unsaturated,
soils. A specific elasto-plastic cavity expansion
model that incorporates suction was adopted with
this purpose, and the interpretation was carried out
within the framework of the curve fitting technique.
Using a newly advocated coefficient of disturbance it
was possible to select slightly disturbed and
undisturbed curves for such analysis.
It is concluded that it is possible to obtain
geotechnical parameters from this advanced tool for
design in tropical soils. Although more refinements
are still required, this paper has demonstrated, and
explored, the large potential of usage and
interpretation one can have with the Menard
pressuremeter test.
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ABSTRACT: An analytical solution combining the expansion of a cylindrical cavity to a modified Cam clay
critical state model has been proposed with the aim of interpreting results from pressuremeter tests in
unsaturated soil conditions. The solution accounts for changes in soil properties induced by suction changes.
Pressuremeter tests performed under unsaturated and soaked conditions are used to illustrate the applications
of the proposed methodology. The conclusion is that pressuremeter tests can be considered as a promising
technique to estimate properties in unsaturated soils, to asses the position of the yield surface (p, q, s) at
different magnitudes of suction and to estimate the in situ collapse potential of soils.
1 INTRODUCTION
Geotechnical designs in unsaturated soil conditions
are often associated to the collapse phenomena,
which can cause extensive damage to buildings,
embankments, tunnels and many other engineered
structures. The term collapse is applied to
unsaturated soils that exhibit a drastic rearrangement
of particles and great loss of volume upon wetting
with or without additional loading (Jennings &
Knight, 1957). The collapse is likely to occur in a
soil that has an open fabric with large void spaces
given rise to a metastable structure that emerges
from a temporary strength due to capillary tensions
in the pore water.
Many papers have presented semi-empirical
methods to the problem of identification and
prediction of soil collapse. Studies are qualitative in
nature, identifying the potential collapsibility of soils
but not providing a procedure to determine the
magnitude of the in situ collapse. Laboratory
oedometer tests have been long recognized as a
suitable technique to obtain a direct measurement of
the collapse potential of a soil after the work from
Jennings & Knight (1957). In situ plate loading tests
offers an alternative procedure from which it is
possible evaluate experimentally the magnitude of
collapse rather than to model the stress-strain
response of the soil during suction changes (Ferreira
& Lacerda, 1993; Houston, Mahmound & Houston,
1995).
A new testing technique is introduced in this
paper and is here described with the purpose of (a)

demonstrating the possibility of a rational interpretation of pressuremeter tests in unsaturated soils and
(b) illustrating its potential application to estimate
both material properties and collapse potential of
soils. The method is structured within the framework
provided by the constitutive models conceived for
unsaturated soils. The pressuremeter is analyzed by
cavity expansion theory combined with a Cam clay
critical state model in a procedure that reduces the
governing equations to relatively simple close form
solutions. The work follows some of the concepts
preliminary presented by Yu & Houlsby (1991),
Collins & Stimpson (1994) and Collins & Yu
(1996).
2 EXPERIMENTAL TESTING TECHNIQUES
At present a direct assessment to the collapse
potential of soils can be made from both laboratory
and in situ tests by means of empirical approaches.
The main testing techniques are the oedometer and
the plate loading test, which are here discussed and
compared to a new method based on pressuremeter
test results. Boundary conditions of the three tests
are identified in Figure 1 to illustrate the contours of
each test during a wetting path.
Jennings & Knight (1957) proposed the first
method to predict the collapse potentia1 using results
from the double oedometer test. The method consists
of running two oedometer tests, being one sample at
constant natural water content and another sample at
soaked conditions. The collapse potential can be
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predicted by quantifying the volume decrease
difference, at any given stress level, between the two
compression curves. In 1975, Jennings & Knight
presented an alternative testing procedure to assess
the collapse potential in the laboratory from an
ordinary oedometer collapse test. Latter in the 1980s,
other aspects of the stress-strain behavior of
unsaturated soils were revealed by suction controlled
experiments.

proposed analytical solution. The extension of the
elasto-plastic critical state concepts to unsaturated
soils (Alonso, Gens & Josa, 1990) are introduced
and discussed. The frame of reference is described
by four variables: net mean stress (p – ua), deviator
stress q, suction s = (ua – uw) and specific volume v,
being ua the air pressure and uw the pore water
pressure. Several constitutive models subsequently
published also following these same concepts (Josa
et al., 1992; Wheeler & Sivakumar, 1995).
3 SUCTION MONITORED PRESSUREMETER
TESTS

Figure 1. Boundary condition at different collapsibility test.

The collapse of soils can be also evaluated from
results of plate loading tests carried out in the field.
The test is conducted by applying loading to a rigid
circular plate at the base of a borehole. At a given
stress level the water is introduced and the load
displacement response of the soil is monitored
during a path in which suction continuously decrease
(Ferreira & Lacerda, 1993; Houston, Mahmound &
Houston, 1995). Interpretation requires assessment
to the depth of influence of the stress field, the
change in stresses due to wetting and the depth of
wetting throughout the test. Because evaluation of
the stress field requires numerical analysis where
coupling of flow and deformation takes place it is
unlikely that accurate predictions of yielding stresses
could be properly assessed.
As an alternative procedure it is here proposed
that the pressuremeter is a more suitable technique to
estimate the collapse potential of soils. Previous
works have already attempted to identify collapsible
soils (Rollins et al., 1994; Smith & Rollins, 1997),
but in these studies interpretation of experimental
pressure-expansion curves were restricted to
empirical observations. A suggestion is made that a
better approach could make use of analytical
solutions for the problem of the expansion of
cylindrical cavity adopting different types of
constitutive relationships. Interpretation allows to
determine the value of the model parameters
assumed in the analytical derivation. A methodology
is proposed which consists of interpreting
pressuremeter tests carried out on natural water
content and soaked conditions with simultaneous
measurements of in situ suction.
Well-established concepts of the theory
developed for expressing the stress-strain behavior
of unsaturated soils are briefly addressed in the
following paragraphs in order to present the

The intention is to provide to the reader the basic
features of cavity expansion that will support the
methodology developed for analyzing suction
monitored pressuremeter tests (SMPMT). Essential
aspects of the theoretical background have been
presented by Carter, Booker & Yeung (1986), Yu &
Houlsby (1991), Collins, Pender & Wang (1992),
Ortigao, Cunha & Alves (1996) and Schnaid et al.
(2000). A linear elastic-perfectly plastic non
associated model is normally used in a MohrCoulomb yield criterion with the elastic phase
responding to Hooke’s law. Since only the expansion
phase of the cavity deformation is of interest here,
the principal stress components expressed in
cylindrical coordinates should satisfy the inequalities
r  z  , being r the net radial stress, z the net
vertical stress and  the net circumferential stress,
respectively. The vertical stress is assumed to be the
intermediate principal stress and therefore there is no
component of plastic strain in the vertical direction.
Expansion of a cylindrical cavity occurs under the
conditions of plane strain in the axial direction and
axial symmetry. The yield stresses are illustrated in
Figure 2. Following Yu & Houlsby (1991) the plastic
potential does not depend on the intermediate stress
and therefore the radial stress Pf defines the initial
yielding at the cavity wall in the following form
Pf  Po 1  sin  '  c  cos  '

(1)

where Po is the in situ horizontal stress, c the total
cohesion, ’ the angle of friction. In a MohrCoulomb criterion the circumferential stress can be
expressed as a function of r and ’ when r = Pf.

   r 

1  sin  '
1  sin  '



2c  cos  '
1  sin  '

(2)

The net vertical stress z can be obtained from the
other two stress components by using the plane
strain condition in the vertical direction.
In applying the proposed analytical solution, the
engineer is inherently considering that pressuremeter
tests in unsaturated soils are essentially a fully
drained process and as a consequence the value of
608

the in situ suction remains constant during the test.
This assumption allows the use for unsaturated soils
of the same stress-strain relationships applied for
drained analysis in saturated soils implying that
unsaturated soils at constant suction behave
qualitatively in the same way as soils at a saturated
state. A rigorous identification of the drainage path
in unsaturated soils would require the need for a
fully coupled flow-deformation numerical analysis,
which at present is not available. However
experimental data appears to support the evidence
that suction remains constant during the expansion
of a pressuremeter cavity (Kratz de Oliveira, Schnaid
& Gehling, 2000). This is not surprising since the
magnitude of shear strains is significant only at a
very small radial distance from the pressuremeter
cavity wall (Houlsby, 1998) and there is no reason to
expect important changes in water content on the
voids within the region affected by the expansion of
the cavity.

factor, s = (ua – uw) the matric suction and m a nondimensional parameter, larger than unit, which
controls the collapse evolution when p0 increases.
These parameters have been assessed in the past
decade from experimental work involving mainly the
oedometer test with or without suction control.
A third state parameter has to be incorporated to
include the effect of the shear stress q. The yield
curve for a sample at a constant suction s is
described by an ellipse, in which the isotropic
preconsolidation stress is given by the previously
defined p0 value that lies on the loading-collapse
yield curve. The critical state line (CSL) for a nonzero suction is assumed to result from an increase in
cohesion, maintaining the slope M of the CSL for
saturated conditions. If the increase in cohesion
follows a linear relationship with suction, the ellipse
intersects the p axis at a point for which
p   p s   ks

(4)

where k is a constant. The ellipse can then be
expressed as (Alonso, Gens & Josa, 1990):
q 2  M 2  p  p s  p 0  p   0

(5)

which is the yield function in a modified Cam clay
critical state model (e.g. Muir Wood, 1990).
3.2 Proposed approach

Figure 2. Mohr-Coulomb yield criterion for cylindrical
expansion theory.

3.1 Unsaturated soil model
A constitutive model for describing the stress-strain
behavior of unsaturated soils has been introduced by
Alonso, Gens & Josa (1990). The model enables to
derive the yield locus in the (p, q, s) space, an
analysis that requires nine soil parameters.
Determination of model parameters is assessed from
suction controlled testing such as isotropic
compression tests and drained shear strength tests.
For isotropic conditions the model is characterized
by the loading-collapse LC yield curve whose
hardening laws are controlled by the total plastic
volumetric deformation. The yield curve is
expressed as a negative exponential function that
obeys the irreversibility of Prager, as proposed by
Balmaceda (1991):







p0  p0  pc  pc 1  m e  s  m
*



(3)

where p0 is the preconsolidation stress at a given
suction stress, p0* the preconsolidation stress at
soaked conditions, pc a reference stress (smaller than
p0*, however close),  a non-dimensional shape

The net mean stresses around a pressuremeter cavity
can be taken as either the mean octahedral stress
p = (1 + 2 + 3)/3 (Robertson, 1982) or the mean
plane strain stress s = (1 + 3)/2 (Fahey &
Randolph, 1985; Bellotti et al., 1989). Since in a
Cam clay type model the mechanical behavior
depends on all the three principal stresses the
definition of the mean stress in cavity expansion
should necessarily be expressed in terms of
octahedral stresses. In cylindrical coordinates, the
two stress invariant are therefore defined as:
p

 r   z  

q

3
1
2

(

r

 ua

  z ) 2  ( z    ) 2  ( r    ) 2

(6)



(7)

and a suitable space to describe the yield states is (p,
q, s), where p is the net mean stress, q is the deviator
stress and s is the in situ suction. During the elastic
expansion phase of a pressuremeter the vertical
stress does not change; the vertical stress
(intermediate principal stress) is equal to the in situ
vertical stress throughout the stress path before
yielding. Assuming a Ko condition:

v 

Po
Ko

(8)
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Consequently, from equations (6) – (8) the mean and
deviator stresses on the elasto-plastic boundary
becomes
p


Po 
 2  1   ua

3 
K o 



(9)



 4 K o2  2 K o  1
q  Po 
K o2


1

2
 Po2 cos  ' p 2cPo sin  ' p c 2 cos  ' p 

 3 cos  ' p 
2


P
o


(10)

where ’p is the peak frictional angle of the soil.
The yield function for Cam clay has already been
defined in equation (5). It is then possible to
calculate the yield pressure at the isotropic stress
state to each given suction level:
p0 

q2

M 2  p  ps 

p

4 CASE STUDY
A field instrumentation program was carried out to
evaluate the applicability of the proposed
methodology for granite residual soil cut slopes in
the city of Porto Alegre. Southern Brazil (Schnaid,
Kratz de Oliveira & Gehling, 2000). The
investigation comprises suction measurements,
laboratory suction controlled oedometer and direct
shear tests, as well as a series of 22 pressuremeter
tests carried out on unsaturated and soaked
conditions. Soil conditions at these sites consist of
decomposed granites ranging from sandy clay to
sandy silt. The saturated hydraulic conductivity ks
ranging from 10-7 to 10-5 m/s suggesting a drained
path during cavity expansion.

(11)

where ps and M are defined as:
 p s  c cot  ' p



(12)



 4 K o2  2 K o  1

M  
 3 cos 2  ' cs 
2
p 
Ko

q

Figure 3. Stress state in p-q space for cylindrical expansion
stress path.

1/ 2

3K o
2K o  1
(13)

where ’cs is the critical state frictional angle of the
soil. Note that for Ko = 1 equation (13) is reduced to
M = 3  sin ’cs. By comparison, the values of M for
both triaxial and plane strain conditions can be
determined using M = 6  sin ’cs (3 – sin ’cs) and
M = 2  sin ’cs (e.g. Muir Wood, 1990). In all cases
the critical state friction angle is assumed to be stress
path independent.
In order to clarify the concepts embedded in
equations (9) to (13), a typical stress state in the p-q
space is represented in Figure 3. The deformation in
the elastic region is represented by a vertical straight
line parallel to the q-axis. The point (p1, q1)
represents the stress state on the elastic-plastic
boundary. For  > M the soil goes plastic on the
heavily overconsolidated side of critical which is
often the case of cemented materials. As the
pressuremeter expands a plastic annulus is formed
around the probe and a critical state is eventually
reached for a point at the soil-probe interface. By
measuring and calculating ps, (p1, q1) and M, it is
relatively simple to draw the whole yield surface for
a given soil tested at different suction levels.

Suction measurements range from about 30 to 80
kPa in dry periods and reduce to values close to
saturation near the surface during heavy rain (Kratz
de Oliveira et al., 1999).
Oedometer tests in a suction controlled cell were
carried out with the aim of obtaining the preconsolidation stress pc. Assuming an isotropic stress
state (Ko = 1) the yield stress p0 can be estimated in
terms of net mean stress, defining the approximate
position of the LC yield curve according with
equation (3), as illustrated in Figure 4.

Figure 4. Variation of cohesion and mean net stress with
suction.

The unsaturated and saturated shear strength
parameters (c’, c and ’p) were evaluated from
suction controlled direct shear tests. Both shear
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strength parameters ’p and c change with respect to
the magnitude of the matric suction. Values of peak
friction angle exhibits small scatter and an average
value of 43 can be adopted as representative.
Variations in c with respect to matric suction are
illustrated in Figure 4.
4.1 Pressuremeter test procedure
Before attempting to interpret pressuremeter tests in
unsaturated soils, it is desirable to standardize the
test procedure in order to compare properly data
from different tests in different sites. First it is
necessary to recognize that the self-boring technique
cannot be applied to unsaturated soil conditions. The
drilling technique using either a flushing fluid or
compressed air would produce changes in the pore
water pressure uw or in the pore air pressure ua,
affecting the in situ soil suction ua – uw in the
vicinity of the pressuremeter probe. The pre-bored
technique appears to be a viable option because (a)
the unsaturated zone is generally close to the surface,
(b) suction produces an “apparent” cohesion which
sustains the borehole and reduces potential yielding
during excavation (despite the fact that some
disturbance is inevitable) and (c) soaking of the soil
around the probe can be made by flooding the area
from the borehole.
The pressuremeter membrane can be inflated
according to standardized procedures (ASTM
D4719-87; Muir & Wood, 1987; PR.P94-110-6:
France). Low permeability may require low strain
rates. Before carrying out unloading-reloading cycles
to measure soil stiffness, the cavity pressure should
be kept constant to allow creep displacements to
occur.
The in situ suction should be monitored during
the test, which results in the so-called suction
monitored pressuremeter test (SMPMT). A
recommendation is made to install at least two
tensiometers around the pressuremeter – at 5D and
10D from the center of the probe, being D the
pressuremeter diameter. These positions are within
the area affected by the expanding cavity but the
probe’s rigidity does not affect the overall response
of the pressuremeter. The tensiometers can not only
monitor suction during expansion in order to
validate the assumption that suction remains
constant through the test, but they can also monitor
the reduction in suction during soaking. For tests
under soaked conditions, a suggestion is made to fill
the pressuremeter borehole with water up to the
surface and monitor the suction decay in the
tensiometers.
A few limitations should be recognized when
adopting this testing procedure: (a) the pre-bored
technique inevitably introduces some disturbance,
(b) measuring systems in ordinary pre-bored devices
does not always produce an accurate measurement of

soil stiffness, and (c) downward flow introduce
limitations to the analysis by producing a vertical
component that can not be accounted for in
analytical solutions.
4.2 Field compression and shear behavior
Typical
results
from
suction
monitored
pressuremeter tests (SMPMT) are presented in
Figure 5 for comparison, together with theoretical
curves fitting proposed by Kratz de Oliveira (1999).
Shear strength parameters obtained from laboratory
tests and the initial stresses (Po) and stiffness
assessed directly from the pressuremeter can now be
adopted as input parameters to generate the
corresponding theoretical drained pressuremeter
curves. All pressuremeter curves that correspond to
saturated tests fall systematically bellow the curves
measured at unsaturated soil conditions. Limit
pressure appears to increase with increasing suction
but considerable scatter is observed which is a
common feature in highly heterogeneous materials
such residual soils. In general, simulations are able
to reproduce these basic trends that are emerging
from the experimental data.

Figure 5. A wetting-induced pressuremeter test compared to
SMPMT in the YG soil at 3 m depth.

It is therefore proposed to describe the pressureexpansion curves measured at unsaturated and
soaked conditions by ordinary cavity expansion
formulations. The change in the constitutive
parameters derived from the analysis will be in
theory representative of the likely properties
associated to soil collapsibility considering that they
have been assessed when suction reduces from a
given in situ value to values close to zero at soaked
conditions.
Inspection of Figure 5 revels another significant
feature in the experimental data. Tests in which the
wetting process took place during cavity expansion
exhibit a continuous increase in cavity displacement
that ceases when the test approaches the saturated
pressuremeter curve. This observation suggests that
the collapsible phenomenon in these sites is not
stress path dependent. The simulations presented in
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this paper reproduce pressuremeter expansions in
saturated and unsaturated soil sites and proved to be
useful on assessing the collapse potential of soils.
The constitutive parameters (c’, c, ’p and M) can
now be adopted to describe the three-dimensional
yield surfaces of the soil in a (p, q, s) space
combining equations (5), (9), (10), (11), (12) and
(13). Model predictions using average values from
the overall analysis are plotted in Figure 6 and are
considered to be valuable on reproducing features of
behavior of these unsaturated soil sites.

Figure 6. Yield surface prediction for the unsaturated granite
residual soil (YG – 3 m).

5 CONCLUSIONS
A procedure designed to perform and interpret
suction controlled pressuremeter tests has been
developed. An analytical solution is obtained by
combining cavity expansion theory to a Cam clay
type model. It is here suggested that this solution is
suitable not only to estimate the collapse potential of
soils but also to assess the constitutive parameters
that are necessary to describe the 3D-yield surfaces
in a (p, q, s) space.
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ABSTRACT: The SPT N-value is influenced by the hammer release procedures and other factors, which
decrease the energy transmitted to the rod, but it is possible to make adjustments by using the energy transfer
ratio obtained from dynamic measurements and wave equation analysis. The method of doing this was
provided by the ISSMFE in 1988 and in other publications. However, the SPT is not standardized in each
country or internationally, with the result that differences in the shapes and dimensions of the SPT system also
affect the N-value. Based on the results of a series of laboratory modified tests using three different lengths of
hammers, an experimental formula is proposed for adjusting the penetration per blow or the N-value
according to the hammer length, in terms of the theoretically calculated stress in the rod. The formula can also
be applied to account for differences in the size of the anvil etc. The results concerning the stress-time and
displacement-time data for the rod, and the displacement-time data for the hammer are summarized in a
diagram. The diagram shows that the hammer strikes the rod more than three times after the first blow.
1 INTRODUCTION
In spite of great efforts made since 1957, the
ISSMFE had been unable to standardize the various
SPT methods used internationally, so that the SPT
Working Party of the ISSMFE Technical Committee
on Penetration Testing proposed the International
Reference Test Procedures for SPT (referred to as
the “document” hereafter) in 1988, at the ISOPT-1
held at Orlando.
The SPT has been applied widely in practice for
site investigations and for the design of foundations
in most countries since it was proposed by Terzaghi
& Peck (1948), however, each country has
standardized its own SPT method. Difference in
these various SPT methods may produce such
different N-values, that the N-value cannot be
regarded as an international index for the ground
characteristics.
Differences in the energy transmitted to the rod
due to hammering procedures have a dominant
influence on the magnitude of the N-value. However,
it is possible to adjust the N-value by applying the
energy transfer ratio derived from dynamic
measurements and the wave equation analysis based
on the Calibration Methods recommended in the
document.
The problem is that the shape and dimensions of
the hammer and other parts of the SPT system are

not standardized, and this may affect the magnitude
of the penetration of the rod/sampler even if the
energy transfer ratio is identical. As a result, a
different N-value is measured, but no method of
making adjustments is currently available.
A comparison of the N-values given by two SPT
systems in situ is very difficult, because the ground
is not uniform and homogenous horizontally, even
where the site have been specially selected for
comparative studies (Fujita, 1987). So, a laboratory
test using a test ground would be suitable for this
purpose. A series of laboratory modified tests were
carried out, as they are simple and have been found
to be a suitable alternative to carrying out an SPT in
the laboratory.
The paper deals mainly with the influence of the
hammer length on the penetration of the rod, by
applying dynamic measurements and the wave
equation analysis from the point of view of the
adjustment of the N-value.
2 SELECTION OF TESTING METHOD
Laboratory SPT experiments using test soil in a
heavy still tank with or without an air pressure bag
are advantageous, because any type of soil
conditions can be provided and are repeatable. The
set-up for a laboratory SPT shown in Figure 1 has
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been used by Fujita et al. (2000) since 1993, the SPT
equipment conforms to the Japanese Industrial
Standard specifications, and a heavy stee1 tank, 0.60
m in diameter by 1.05 m high was built to provide
variable test ground conditions.

frequency (250 kHz) DC amplifiers and an A/D
converter are employed for measuring and digitizing
the strain in the rod and the displacement caused by
the hammer blow, and the data are recorded on a
floppy disk in a computer at a sampling rate of 5 s.

Figure 2. Set-up for laboratory modified rod test.

Figure 1. Set-up for a laboratory SPT.

The laboratory modified test experiment can be
used to examine any shape, dimensions and
combinations of the hammer, anvil rod and other
assemblies, and this is a simple and convenient way
of assessing the data. Figure 2 shows a set-up for the
laboratory modified test used for studying the SPT.
A 25 mm diameter steel rod with a length of 1.0 m,
with or without an anvil or helmet, various types of
hammers, and a heavy steel tank, 0.30 m in diameter
by 0.60 m high have been constructed to provide
variable test and ground conditions, and a
pressurized air bag can be provided if required.
Upper and lower strain sensors are installed on the
rod 400 mm and 600 mm below the top of the anvil,
respectively, for monitoring the strains and
measuring the velocity of stress waves induced in the
rod by the hammer blow, as the method of two-point
strain measurements proposed by Lundberg &
Honchez (1977) is employed for the dynamic
measurements and analysis. Each sensor consists of
four semi-conductor strain gauges glued around the
circumference of the rod at intervals of 90.
A laser type displacement sensor, capable of
monitoring a 1 kHz wave with an amplitude of 40
mm is provided for measuring the displacement of
the rod at a predetermined elevation. Three high

A penetration-time diagram and a stress (strain)time diagram are produced from the digital data as
shown in Figures 3-4. By means of the analysis using
Matsumoto's program, a transmitted energy-time
diagram, an energy transfer ratio and the dynamic
resistance etc. can be obtained. The penetration-time
relationship can be calculated using the measured
strain-time records and the analysis program.

Figure 3. Diagrams summarizing a laboratory SPT (after Fujita,
1997).
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free fall, the velocity of the hammer at impact is
given by equation (2).

 0  2 gh

(2)

where 0 = velocity of the hammer at impact; g =
acceleration of gravity; h = free fall height of the
hammer.
The particle velocity induced in the hammer and
anvil are equal to the hammer velocity divided in
proportion to their respective impedances as given in
equations (3)-(5), assuming that the kinetic (driving)
energy is perfectly transmitted to the rod system.
0   H   A
H 

Figure 4. Diagrams of results from a laboratory modified rod
test.

Figures 3-4 show the results of a SPT and a
modified test, respectively, both results correspond
well with each other from the point of view of the
investigation. The modified tests are demonstrated to
be simple, efficient and effective, so that they can be
regarded as being appropriate for preliminary studies
to verify the effect of the length of the SPT hammer
on the N-value or the penetration per blow.
3 EQUATIONS AND ADJUSTMENT BY
ENERGY TRANSFER RATIO

A 

 0

(4)

1
 0
1   AH

(5)

1   AH

where H = particle velocity of the hammer at
impact; A = particle velocity of the anvil at impact;
ZH = impedance of the hammer = EAH/c; ZA =
impedance of the anvil = EAA/c; AH = ratio of the
impedances of the anvil and hammer = ZA/ZH =
AA/AH, AH = cross sectional area of hammer; AA =
sectional area of the anvil (nut section).
For the calculation of the stress in the hammer
and anvil, the following equations are derived from
equations (1)-(2), (4)-(5), assuming that the kinetic
energy is perfectly transmitted to the rod system.
0   0 E / c

3.1 Stress and particle velocity in a rod
When a stress wave is propagated in one direction in
a rod with a uniform cross section and homogenous
properties, the following relationship is given
between the stress and the particle velocity.

   / c   E or     c  

 AH

(3)

(1)

where  = stress at a point in the rod;  = particle
velocity in the rod at the same point; E = modulus of
elasticity of the rod material;  = mass density of the
rod material; c = (E/) = wave propagation speed.
The materials to be used for the test equipment
are assumed to have identical properties. The cross
sections between the top of the guide rod and the
bottom of the sampler/rod are assumed to be
identical except when the anvil is analyzed. The term
v/c in the equation is regarded as the strain in the
rod, which can be measured by a strain gauge.
3.2 Particle velocity and stress in the hammer and
anvil

H 

A 

 AH

(6)
 0

(7)

1
 0
1   AH

(8)

1   AH

where 0 = maximum stress induced by the hammer
impact; H = maximum stress in the hammer at
impact; and A = maximum stress in the anvil at
impact.
The balance between the forces induced in the
hammer and anvil at the time of impact is as follows:

 H  AH   A  AA

(9)

3.3 Particle velocity and stress in the anvil and rod
The anvil and drive rod are firmly connected
together. Part of the incident wave is transmitted
from the anvi1 to the rod, and the rest is reflected
back into the anvil at the point of connection. The

When the hammer blows the anvil directly with a
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particle velocity of the transmitted wave is given as
follows:

H 

2
A
1   RAA

(10)

where H = particle velocity of the rod; A = particle
velocity of the anvil; RAA = ratio of the impedances
of the rod and the anvil = ZR/ZAA = AR/AAA; A = cross
sectional area of the rod; AAA = cross sectional area
of the anvil (full cross section).
The stress in the rod is calculated by the
following equation:

H 

2
2
. A 

1   RAA 1   AH  0
1   RAA

(11)
4 SELECTION OF HAMMERS FOR THE
MODIFIED TEST EXPERIMENTS

3.4 Adjustment of data using the energy transfer
ratio
When driving a pile/rod, the energy transmitted to
the pile/rod is smaller than the driving (kinetic)
energy of the hammer so that the penetration per
blow and the stress in the pile/rod are
correspondingly reduced. Therefore, the concept of
the energy transfer ratio should be introduced in
order to evaluate the measured data properly. The
energy transfer ratio varies mainly according to the
hammering procedures and varies with each blow of
the hammer. Kovacs et al. (1983) have carried out
numbers of SPTs at various sites and energy transfer
ratios were measured to be between 0.33 and 0.92.
Fujita (1997) has proposed following fundamental
equilibrium equation (12), which is applicable at
each hammer blow of the SPT.

eWh 



e .Rd



e .S



As the energy transfer ratio e varies for every
blow of the hammer, the energy transfer ratio should
be obtained and the measured data should be
adjusted by applying e, when a comparative study
is carried out.
The use of e is proposed by Fujita (l997) based
on Nagasaki et al. (1998), which means that the
magnitude of the penetration is to be considered as
being inversely proportional to the square root of the
energy transfer ratio. On the other hand, it is
considered to be inversely proportional to the energy
transfer ratio for the purpose of adjusting the SPT Nvalue, according to the ISSMFE document.

(12)

where e = the energy transfer ratio = (energy
transmitted to the sampler/rod) / (kinetic energy of
the hammer); W = weight of the hammer; h = free
fall height of the hammer; (e, Rd) = dynamic
resistance corresponding to (e, S); (e, S) =
measured penetration.
In equation (12), the term eWh is calculated by
means of a wave equation analysis of the stress
measured with time at two points on the rod. Fujita
et al. (1997) have proposed a diagram (called Fujita's
diagram for the SPT) with orthogonal axes to
represent equation (12). The dynamic resistance Rd
and the penetration per blow S are plotted along the
axes X and Y, respectively, and the axes have the
same logarithmic scale. The same fundamental
equilibrium equation and a similar diagram can be
applied to the laboratory modified test described in
this paper, and could also be applied to pile driving
in the field.

To identify the effect of the hammer length on the
penetration of the rod per hammer blow by means of
comparative tests, the following conditions have to
be considered in order to keep the driving (kinetic)
energy constant.
a When the weight of the hammer is to be kept
constant, the cross sectional area of the hammer
must be inversely proportional to the length of the
hammer (Test series A).
b When the cross sectional area of the hammer is to
be kept constant, the weight of the hammer must
be proportional to the length of the hammer, and
so the free fall height of the hammer must be
inversely proportional to the length of the
hammer (Test series B).
Table 1 gives the names and dimensions of the
five types of hammer, the free fall height of each
hammer, the cross sectional areas of the anvil and
the rod, and the length of the rod etc. The lengths of
the hammers are 1120 mm, 840 mm and 560 mm,
and the length of short hammer was decided
considering the requirements for the two-point strain
measurement on the hammer.
5 TEST SERIES A
For the tests in series A, employing hammers L
(1120 mm long), M (840 mm long) and S (560 mm
long), the cross sectional areas of the hammers are
inversely proportional to the hammer length and the
weight is identical. An anvil 40 mm in diameter and
40 mm high is screwed to the rod, and the top of the
rod is 1 mm below the top of the anvil.
A 25 mm diameter rod of 1 m long was driven by
the hammer, with a free fall height of 200 mm, into a
uniform test ground made of Toyoura dry sand with
a relative density of 85%. After a 200 mm seating
penetration, the strain and penetration of the rod
caused by each hammer blow were recorded at a
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sampling rate of 5 s, until a depth of 300 mm was
reached.
Table 1. Dimensions etc. of the hammer, anvil and rod.
Type of the Hammer
Length of hammer
Diameter of hammer
Weight of hammer
Free fall height of
hammer
Sectional area of
hammer
Sectional area of anvil
Sectional area of rod
Length of rod

(mm)
(mm)
(mm)
(mm)

L
1120
38.1
98.1
200

M
S
M’
S’
840 560 840 560
43.9 53.8 38.1 38.1
98.1 98.1 73.5 490
200 200 267 400

(mm2) 1134 1521 2290 1134 1134
(mm2) 1257 1257 1257 1257 1257
(mm2) 491 491 491 491 491
(mm) 1000 1000 1000 1000 1000

Table 2. Summary of test result – Series A.
Type of Hammer
L
M
S
1. Length of hammer
(mm) 1120 840 560
2. Ratio of hammer lengths
1
0.75 0.50
3. Weight of hammer
(N)
98.1 98.1 98.1
4. Free fall height of hammer
(mm) 200 200 200
5. Kinetic energy of impact
(Nm) 19.6 19.6 19.6
6. Theoretical Stress in rod
(MN/m2) 65
73
83
7. Ratio of theoretical stresses
1.00 1.12 1.28
in rods
8. Measured stress in rod
(MN/m2) 64
72
77
9. Ratio of measured stresses
1.00 1.12 1.21
in rods
10. Measured generation per blow (mm) 4.8 3.4 3.2
11. Ratio of measured penetrations
1.00 0.71 0.67
12. Reciprocals of (11)
1.00 1.41 1.49
13. Square roots of (12)
1.00 1.19 1.22
The penetration per blow is measured at the depth of 250 mm

The strain-time records were analyzed by
Matsumoto's program, and the energy transmitted to
the rod and the energy transfer ratio were obtained
for each hammer blow. These data were summarized
in a table and plotted in a diagram showing the
penetration per blow and the maximum compressive
stress per blow. The penetration decreases with
depth, while other data will be remain constant, if
the ground is uniform and the hammer blows the rod
correctly. The tests were repeated several times
because the data points were scattered.
After examining the data, one representative data
point at a depth close to 250 mm from each test was
selected from the test results of each hammer, and
are summarized in Table 2. The representative
records for the hammer L are plotted in Figure 5.
Figure 6 is an enlargement of part of Figure 5, which
indicates clearly that the hammer strikes the rod at
least four times.
6 TEST SERIES B
In the tests in series B, the hammer L (1120 mm
long), M' (840 mm long) and S' (560 mm long) listed

in Table 1 were employed. The cross sectional area
of each hammer is identical, so that their weights are
proportional to their lengths, i.e. 98.1 N, 73.5 N and
49.0 N. So, the free fall height of the hammer has to
be inversely proportional to the hammer length, i.e.
200 mm, 267 mm and 400 mm, as it is intended that
the driving (kinetic) energy should be kept constant
and identical to that of test series A.
The maximum compressive stress in the rod
caused by a hammer blow is proportional to the
square root of the free fall height of the hammer so
that the maximum stress caused by the short hammer
S at impact will be 2 times that of the long
hammer L.
In other respects, the tests in series B are identical
to those of series A, and the test using the hammer L
is common to both series. The representative data at
a depth of around 250 mm are summarized in
Table 3.
7 TEST SERIES C
The test series C was carried out to measure the
displacement of the hammer after each hammer blow
during the tests in series A. The laser type
displacement sensor was changed from a position on
the rod to one on the hammer. Consequently, no
record is available of simultaneous measurements of
the displacements of both the hammer and rod. In
other words, the displacement-time measurement of
the hammer was made during the hammer blow
following the one in which the displacement of the
rod was measured.
Table 3. Summary of test result – Series B.
Type of Hammer
L
M’
S’
1. Length of hammer
(mm) 1120 840 560
2. Weight of hammer
(N)
98.1 73.5 49.0
3. Ratio of length/weight of
1.00 0.75 0.50
hammer
4. Reciprocals of (3)
1.00 1.33 2.00
5. Square root of (4)
1.00 1.15 1.41
6. Free fall height of hammer
200 267 400
7. Ratio of free fall height of
1.00 1.33 2.00
hammer
8. Square root of (7)
1.00 1.15 1.41
9. Kinetic energy at impact
(Nm) 19.6 19.6 19.6
10. Theoretical stress in rods
(MN/m2) 65
75
92
11. Ratio theoretical stresses
1.00 1.15 1.41
in rods
12. Measured stress in rod
(MN/m2) 64
75
89
13. Ratio of measured stresses
1.00 1.18 1.40
in rods
14. Measured penetration per blow (mm) 4.8 3.6 2.8
15. Ratio of measured penetrations
1.00 0.75 0.58
16. Reciprocals of (15)
1.00 1.33 1.72
17. Square roots of (16)
1.00 1.15 1.31
The penetration per blow is measured at the depth of 250 mm.
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Table 4. Test result – rebound of hammer.
Type of Hammer
L
M
S
1. Measured rebound of hammer (mm) 1120 840 560
2. Ratio of measured rebounds of
98.1 73.5 49.0
hammer
3. Reciprocals of (2)
1.00 0.75 0.50
4. Square roots of (2)
1.00 1.33 2.00
The rebound is measured at the depth of 250 mm of the rod.

The representative data of the test are summarized
in Table 4 and the record of the hammer L is plotted
in Figures 5-6.

becomes longer when the penetration per blow is
larger.
8.2 Penetration of the rod as a function of time
Figures 5-6 show the vertical displacement of the rod
with time (penetration curve) during one blow of the
hammer L. The maximum penetration and the final
penetration are 5.3 mm and 4.8 mm, respectively.
The hammer strikes the rod repeatedly at the points
marked - on the penetration curve, and the
penetration of the rod is increased accordingly.
8.3 Stress in the rod
The maximum compressive stress and the maximum
tensile stress are about 60 MN/m2 and 5 MN/m2,
respectively, according to Figure 5. The measured
maximum compressive stresses in the rod caused by
each hammer blow are listed in Tables 2-3, which
are about 93 to 100% of the values calculated by the
equations introduced in section 3, and the ratios of
the stresses correspond closely with the energy
transfer ratios. The maximum compressive stress
becomes smaller when the hammer length is longer.

Figure 5. Diagram summarizing the stress in a rod vs. time,
penetration of the rod vs. time and displacement of hammer vs.
time record.

8.4 Penetration of the rod
The measured penetrations of the rod are listed in
Tables 2-3 in terms of the hammer length. The
amount of penetration varies between 2.8 mm and
4.8mm, and becomes larger when the hammer length
is longer, while the stress in the rod becomes
smaller.
8.5 Rebound of the hammer

Figure 6. Number of hammer strikes to the rod.

The measured rebounds of hammer vary between 2.5
mm and 3.8 mm, and are listed in Table 4. The
amount of the rebound becomes smaller when the
hammer length is longer, or the penetration per blow
of the rod is larger.

8 DISCUSSION

8.6 Relation between the penetration and stress in
the rod

8.1 Stress in the rod as a function of time
The overall length of the rod and the distance
between the upper strain gauge and the bottom of the
rod are 1000 mm and 800 mm, respectively,
therefore, the period of the natural frequency of the
rod and the time for the wave to travel twice the
distance from the gauge to the bottom of the rod are
0.39 ms and 0.31 ms, respectively. Figures 5-6 show
the stress in the rod with time. The period of the
stress wave is about 1.4 times larger than the natural
frequency period and four dominant waves can be
seen. The dominant waves are caused by the hammer
strikes, and the interval between the dominant waves

According to line (11) in Table 2 for the results of
test series A, the ratios of the measured penetrations
produced by the hammer L, M, and S are 1.00, 0.71,
and 0.67, respectively, relative to the penetration
caused by the hammer L. And the reciprocals of
these ratios are 1.00, 1.41 and 1.49, respectively, as
shown in line (12). The ratios of their square roots
are 1.00, 1.19, and 1.22, respectively, as shown in
line (13), which correspond with the numerical
values given in line (7) or (9) for the ratios of the
theoretical or measured stress in the rod relative to
the stress caused by hammer L.
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In case of the test series B shown in Table 3,
similar relationships are established. In summary, the
penetration per blow of the rod is larger when the
hammer length is longer, and is inversely proportiona1 to the stress in the rod, while the stress is
inversely proportional to the hammer length.
9 CONCLUSION
In order to study of the SPT, a series of laboratory
modified tests were carried out, in which dynamic
measurements were made and the stress wave
equation analysis was applied, to investigate the
effects of the hammer length on the penetration per
blow. In the case in which the weight and the free
fall height of the hammer are identical to those of the
SPT, while the hammer length is varied, the test
results verify that the penetration of the rod per blow
is proportional to the hammer length. Therefore, the
length of the SPT hammer should be standardized or
an adjustment method should be recommended.
The cross sectional area of the hammer varies
with the hammer length when the weight is kept
constant, which causes different stresses in the rod,
as well as the different penetrations. The following
experimental formula is proposed, based on the test
results.
 
  A 
S A / eA   B 
S B / eB

2

(13)

where eA & eH = the energy transfer ratio for SA & SB
respectively; SA & SB = penetration of the rod caused
by hammers A & B, respectively; A & B = stress in
the rod caused by hammers A & B, respectively.
The stress in the rod can be calculated by
equations derived from the wave equations as
described previously, and is independent of the soil
conditions, but depends on the type and shape of the
SPT equipment.
The penetration of the rod per blow depends on
the soil conditions, but when the soil conditions are
kept constant and the penetration SA is measured, the
penetration SB can be estimated by equation (12)
using the stresses in the rods A and B calculated by
equation (11).
In conclusion, the length of the hammer has a
considerable effect on the penetration per blow of
the rod or the SPT N-value, but it is possible to
adjust for this by means of the proposed method.
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Development and application of a lateral stress cone
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ABSTRACT: Lateral stress acting on the shaft of a cone penetrometer during a penetration test is considered
to be an effective index for evaluating in situ lateral stress and pile skin friction. A lateral stress cone (LSC)
with a relatively simple structure was developed, focusing on facilitation of field use as well as measurement
accuracy. To verify its effectiveness, in situ tests using the LSC were conducted in alluvial lowland in Tokyo.
Other in situ and laboratory tests were also carried out for comparison. This paper describes the design and
performance of the LSC and the findings obtained from the in situ tests. The relation between the LSC data
and in situ lateral stress and the relation between the LSC data and CPT sleeve friction verified that the LSC is
an effective instrument for estimating in situ lateral stress and friction between the cone and soils.
1 INTRODUCTION
Lateral stress acting on the shaft of a cone
penetrometer during a penetration test is considered
to be an effective index for evaluating in situ lateral
stress and pile skin friction. Several types of lateral
stress cones have been developed (Tseng, 1989;
Uesugi et al., 1989; Campanella et al., 1990). No
method of interpreting the results of lateral stress
cone penetration test (LPT), however, has been
established and few practical LPT application
records have been reported.
Lunne et al. (1997) pointed out instrumentation
difficulties in balancing the sensitivity of the lateral
stress readings with the robustness of the cone. It is
important to balance the sensitivity, robustness and
facilitation of use for practical lateral stress cone
development. Most previously developed lateral
stress cones were designed to measure the lateral
stress and sleeve friction simultaneously at the same
point. These types of cones, however, tend to have
complicated structures. Although the simultaneous
measurement of lateral stress and sleeve friction has
its own significance, this type of design is
unfavorable for balancing the sensitivity, robustness
and facilitation of use.
A lateral stress cone with a relatively simple
structure designed exclusively for lateral stress
measurement was developed, with priority given to
this balance. To verify the effectiveness of the lateral
stress cone (LSC), in situ tests were conducted in
alluvial lowland in Tokyo. Other in situ and

laboratory tests were also carried out for comparison.
This paper describes the design and performance of
this LSC and findings obtained from these in situ
tests.
2 DESIGN AND CALIBRATION OF LSC
Figure 1 shows the structure of the LSC developed
in this study. It is equipped with one lateral stress
transducer, two pore pressure transducers and two
inclinometers. It can measure the total lateral stress
acting on the penetrometer shaft L, pore pressures
acting immediately behind the cone uL1 and acting
near the lateral stress transducer uL2, and inclinations
during penetration. The LSC has the same diameter
and tip shape as a standard cone penetrometer so that
it can be used in combination with a standard cone
penetrometer. The pore pressure uL1 measured by an
LSC penetration test (LPT) is equivalent to the pore
pressure u measured by a standard cone penetration
test (CPT). When combining LPT and CPT data,
comparison between uL1 and u enables determination
of differences between soil properties of the two test
points. The pore pressure u„ is required for obtaining
the effective lateral stress acting on the cone L
(L =L-uL2). The normal position of the lateral
stress transducer corresponds to the middle of the
friction sleeve of the standard cone penetrometer
(L = 76.5 mm). Use of extension adapters, however,
could increase L to more than 76.5 mm. The lateral
stress and pore pressure transducers installed in the
623

LSC are newly developed strain gauge type
transducers.

Table
1. Calibration results.
_________________________________________________
Rated
Nonlinearity Temperature
load
& hysteresis effect
(MPa) (%RO)
(%RO/C)
_________________________________________________
Lateral stress L
3
0.49
0.056
Pore pressure uL1
3
0.17
0.029
Pore
pressure
u
3
0.27
0.002
L2
_________________________________________________
%RO: Percentage of rated output

3 OUTLINE OF IN SITU TESTS

Figure 1. Structure of lateral stress cone (LSC).

Most of the existing lateral stress cones evaluate
lateral stress based on the strain generated in the
parts in direct contact with soils. With these types of
cones, damage to these parts is considered to directly
affect measurements. To eliminate this effect, the
lateral stress transducer installed in the LSC is
composed of a load transducer that is not in direct
contact with the soils and a curved pressurereceiving plate that is in direct contact with the soils.
To verify the basic performance of the LSC
before in situ tests, the following calibration tests
were conducted.
a) Hydrostatic calibration: The output characteristics
of the lateral stress and pore pressure transducers
were evaluated by applying hydraulic pressure
with a deadweight pressure tester.
b) Calibration for temperature effect: Variations in
zero point readings of the lateral stress and pore
pressure transducers caused by changes in
temperature were monitored by immersing the
LSC in a water tank and varying the water
temperature.
c) Calibration for axial load effect: Variations in
zero point readings of the lateral stress and pore
pressure transducers caused by axial loading were
monitored by applying axial loads to the LSC
with an Amsler loading machine.
d) Calibration for friction effect: Variations in zero
point readings of the lateral stress transducer
caused by frictional loading were monitored by
applying loads equivalent to the sleeve friction to
the pressure-receiving plate of the lateral stress
transducer.
It was found from calibrations a) and b) that both
the lateral stress and pore pressure transducers
installed in the LSC had satisfactory characteristics,
as shown in Table 1. Calibrations c) and d)
confirmed that axial and frictional loads acting on
LSC hardly had any effect on measurements of either
lateral stress or pore pressure transducers.

The lateral stress cone penetration tests using the
LSC (LPT) were conducted at a test site in an
alluvial lowland along the shore of Tokyo Bay.
Other in situ tests such as the standard cone
penetration tests (CPT), self-boring pressuremeter
(SBP) tests and flat dilatometer tests (DMT) as well
as various laboratory tests were also conducted at the
same site for comparison. Figure 2 shows the soil
profile, results of the CPT (qt, fs, u) and results of the
LPT (uL1, uL2, L, L) at the test site. From the
surface down, the deposit at the site consists of a fill
layer (F), a slightly heterogeneous alluvial silty sand
layer (As), a homogeneous soft alluvial clay layer
(Ac), and a heterogeneous dense diluvial silty sand
layer (Ds).
Since debris was buried in layer F, the CPT and
LPT tests were conducted from the top of layer As.
The penetration rates for the CPT and LPT were
20 mm/s. For the LPT, the lateral stress transducer
was installed at the normal position (L = 76.5 mm).
The following trends can be seen from the CPT and
LPT results:
a) Since the LPT and CPT were conducted close to
each other, the LPT pore pressure uL1 agrees well
with the CPT pore pressure u.
b) In layer Ac, the pore pressure acting on the cone
tends to decrease as the distance from the tip
increases (uL1 > uL2).
c) In layer Ac, about 80% of the total lateral stress
acting on the cone L is the pore pressure uL2 and
the remaining 20% is the effective lateral
stress L.
Figure 3 compares the equilibrium effective
lateral stress after a stop in penetration Le, with the
effective lateral stress during penetration L. While
it took only a few minutes after a stop in penetration
for the effective lateral stress to reach equilibrium in
the sandy layer As, it took nearly a day in the clayey
layer Ac. The trends Le  L in the sandy layer As
and Le > L in the clayey layer Ac, can be seen in
Figure 3.
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Figure 2. Soil profile and CPT and LPT results at tests site.

4 DISCUSSION OF THE TEST RESULTS
4.1 Total lateral stress acting on the cone

Figure 3. LPT effective lateral stress measurements.

Figure 4 compares the LPT total lateral stress L
with the measurements of self-boring pressuremeter
(SBP) tests and flat dilatometer tests (DMT). The
SBP tests directly evaluate the in situ total horizontal
stress h0. The DMT index p0 is the total lateral
stress against the membrane when it is flush with the
blade; p1 is the total lateral stress against the
membrane when its center is expanded by 1.1 mm.
Figure 4 indicates the following:
a) In the sandy layer As, the total lateral stress acting
on the cone L is close to the in situ total
horizontal stress h0 obtained from SBP tests. In
the clayey layer Ac, L is two to three times as
large as h0.
b) In the clayey layer Ac the total lateral stress acting
on the cone L is close to the DMT index p0 in the
upper part and to p1 in the lower part.
c) In the sandy layers As and Ds, L is smaller than
p0.
4.2 Relation between effective lateral stress acting
on the cone and in situ effective horizontal
stress

Figure 4. Comparison between LPT total lateral stress cry and
measurements of DMT and SBP tests.

Figure 5 shows the estimated in situ effective
horizontal stresses h0 obtained from SBP tests,
instrumented K0-oedometer tests, DMTs and Jaky’s
equation (K0 = 1 – sin , K0 = coefficient of earth
pressure at rest,  = internal friction angle). For the
DMT results, two empirical K0 estimation equations
are used. One is K0 = (KD/1.5)0.47-0.6 (KD = horizontal stress index), proposed by Marchetti (1980), and
the other is K0 = 0.34KD0.44, proposed by Lacasse &
Lunne (1988) for highly plastic clay. The estimation
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results depend on the kind of test and interpretation.
Especially in the lower part of layer Ac, the estimated
results tend to vary widely. In layer Ac, the estimate
by instrumented K0-oedometer tests is the upper
limit; the estimates by SBP tests and DMTs that used
the Lacasse & Lunne equation are the lower limit. It
is difficult to determine which estimate is the closest
to the actual value. The actual stress is, however,
assumed to fall within the range between these
limits.

c) In layer Ac, the equilibrium effective lateral stress
after a stop in penetration Le, is larger than the
upper limit estimate of the in situ horizontal
lateral stress.
4.3 Estimation of in situ total horizontal stress
4.3.1 Simple estimation of in situ total horizontal
stress
It was found from Figure 6 that the effective lateral
stress acting on the cone during penetration L is
slightly larger than the estimates of in situ effective
horizontal stress h0 in layer As and is slightly
smaller than the upper-limit estimate of h0 in layer
Ac. Strictly, L is presumed to be slightly larger than
the actual h0 in layers As and Ac. For
approximation, however, L can be assumed to be
equal to h0. This assumption can be applied to a
simple method of estimating in situ horizontal stress
by LPT.

Figure 5. Estimated in situ effective horizontal stresses.

Figure 7. Estimation of in situ total horizontal stress (Simple
method).

Figure 6. Comparison between LPT results and estimated in
situ effective horizontal stresses.

Figure 6 compares the LPT results with the
estimated in situ effective horizontal stresses. The
following can be seen from this figure:
a) In layer As, the measurements of effective lateral
stress acting on the cone L and Le, are slightly
larger than the in situ effective horizontal stresses
estimated by the SBP test and Jaky’s equation.
b) In layer Ac, the effective lateral stress acting on
the cone during penetration L is slightly smaller
than the upper-limit estimate of the in situ
effective horizontal stress obtained from K0oedometer tests.

Figure 8. Undrained
shear strength.

Figure 9. Estimation of in situ total
horizontal stress (Cavity expansion
theory).

Figure 7 compares the in situ total horizontal
stress estimated by LPT based on this assumption
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(h0 = L + u0) with the in situ total horizontal
stresses obtained from the SBP and K0-oedometer
tests. The estimate by LPT is close to the total
horizontal stress obtained from SBP and K0oedometer tests. Since the above relations between
L and h0 are reflected, observed closely, it is
noted that in layer As the estimate by the LPT is
slightly larger than the value obtained from the SBP
test and in layer Ac the estimate by the LPT is close
to the upper limit obtained from the K0-oedometer
tests. This simple estimation method is considered to
provide in situ total lateral stress slightly higher than
the actual value.
This method enables simple estimation of in situ
total lateral stress only from LPT measurements. It
is, however, applicable only to soils in which L is
nearly equal to h0. Determination of what type of
soil meets the condition L  h0 requires further
study. The condition is expected to be satisfied in
loose alluvial sandy soils like As and soft alluvial
clayey soils like Ac.
4.3.2 Estimation based on the cavity expansion
theory
Sully & Campanella (1990) proposed a method for
estimating in situ horizontal stress in cohesive soil
from the lateral stress cone measurements based on
the cavity expansion theory. The applicability of the
method was examined for layer Ac.
When a cylindrical cavity expands in a linear
elastic and perfectly plastic soil under undrained
conditions, the in situ total horizontal stress h0 can
be given by Gibson & Anderson (1961):

 h0  PL  cu 1 ln I r 

(1)

where PL = limit pressure of cylindrical cavity; cu =
undrained shear strength of soil; Ir = soil rigidity
index (G/cu); G = shear modulus of soil.
In cohesive soil, equation (1) is applicable
because the cone is assumed to penetrate under
undrained conditions. Of the parameters on the right
side of equation (1), PL can be assumed to
correspond to the LPT total lateral stress L, cu can
be obtained from the CPT cone resistance qt by:
cu  qt   v0  / N kt

9 shows the in situ total horizontal stresses in layer
Ac estimated from equation (1) by assuming Ir = 15
or 20. The estimate for Ir = 15 is close to the results
of K0-oedometer tests and the estimate for Ir = 20 is
close to the results of SBP tests. It is possible to
estimate in situ total horizontal stress in layer Ac
using LPT and CPT data from equation (1) by
assuming Ir to be around 15 to 20.
The simple estimation method mentioned before
is applicable only to soils that meet the condition
L  h0. The estimation method based on the
cavity expansion theory, however, has potential for
application to types of soils that do not satisfy the
condition L  h0 by adjusting Ir.
4.4 Friction between cone and soils
Laboratory tests of friction between soils and steel
confirmed that steel with a smooth surface causes
sliding at the steel-soil interface and that steel with a
rough surface causes shear failure within soils
(Uesugi & Kishida, 1986; Tsubakihara & Kishida,
1993). The results of CPTs using friction sleeves of
several grades of surface roughness corresponded to
the above laboratory friction test results (Takesue et
al., 1998). The normal CPT friction sleeve has a
smooth surface with a maximum height Rmax
(Japanese Standard Association, 1982) of around
1 m. Consequently, the CPT using a standard
smooth friction sleeve is considered to provide a
sleeve friction fs that reflects the sliding resistance at
the soil-sleeve interface. On the other hand, the CPT
using a rough friction sleeve is considered to provide
an fs that reflects the shear resistance of the soil.
In addition to a CPT using a normal smooth
friction sleeve, a CPT using a rough friction sleeve
was carried out. Both sleeves had the same outer
diameters. Figure 10 shows the surface profile
measurement for the rough friction sleeve. The
surface of the rough friction sleeve had an Rmax of
about 0.5 mm.

(2)

where v0 = total overburden stress; Nkt = cone
factor.
Figure 8 shows cu in layer 3, obtained from
equation (2) by assuming Nkt = 9. The results of
unconfined compression tests (UCT) are also plotted
in this figure. The undrained shear strength estimated
by CPT agrees well with the UCT results. The CPT
enables continuous evaluation of cu. Ir cannot be
obtained simply because G has nonlinear relations
with strain and stress level in actual soils. Ir should
therefore be treated as a parameter which is
determined empirically for each type of soil. Figure

Figure 10. Surface profile of the rough friction sleeve.

The frictional coefficient between the friction
sleeve and soils during penetration  can be obtained
continuously from the CPT sleeve friction fs and
LPT effective lateral stress L by  = fs/L. Figure
11 shows the frictional coefficients for both types of
friction sleeves. The following trends can be seen:
a) In all the layers, the frictional coefficient for a
rough friction sleeve r is larger than that for a
smooth friction sleeve s by dozens of percent.
b) The frictional coefficients in the clayey layer are
smaller than those in the sandy layers.
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The sleeve friction for the rough friction sleeve is
considered to reflect the shear resistance of soils as
mentioned above. Similarly, the frictional coefficient
for the rough friction sleeve r is considered to
reflect the shear resistance of soils. The interface
friction angles between the friction sleeve and soils
during penetration  were obtained from the
frictional coefficients by  = tan-1 , and compared
with the internal friction angles of soils obtained
from laboratory tests. Figure 12 compares the soilsleeve interface friction angles with the internal
friction angles of soils in layers As and Ac. In layer As
internal friction angles were obtained from
consolidated-drained triaxial compression tests
(CDTCT). In layer Ac internal friction angles were
obtained from K0-consolidated-undrained triaxial
compression tests with pore pressure measurement
(CK0TCT) and constant volume direct shear tests
(DST). The following trends can be seen in
Figure 12:
a) In layer As, strict comparison may be difficult
because it is heterogeneous, but the interface
friction angle for the rough friction sleeve r is
slightly smaller than the internal friction angle of
soil d.
b) In layer Ac, r is only around one fourth to one
third of the internal friction angle of soil .
While the internal friction angle of soil obtained
from a laboratory test corresponds to the peak shear
resistance of an undisturbed sample, the interface
friction angle between the friction sleeve and soil r
is considered to correspond to the residual shear
resistance of the soil disturbed by cone penetration.
This is presumed to be a main reason why r is
considerably smaller than  in layer Ac. The
difference between the rates of shear in the
laboratory tests and cone penetration tests is
presumed to be another factor affecting the relation
between r and . The general tendency for clayey
soils to be more sensitive to the above factors than
sandy soils is presumed to be the reason why the
difference between r and  is more remarkable in
layer Ac than in layer As.

Figure 12. Comparison between soil-sleeve interface friction
angles and internal friction angles of soils.

5 SUMMARY
Through the study of the relation between LPT data
and in situ lateral stress and of the relation between
LPT data and CPT sleeve friction, it was verified
that the LSC is an effective instrument for estimating
in situ lateral stress and friction between the cone
and soils as follows:
a) In the loose alluvial sandy soil and weak alluvial
clayey soil at the test site, the effective lateral
stress acting on the cone during penetration L
was found to be close to the in situ effective
horizontal stress h0. For these types of soils, h0
can be estimated simply based on this relation.
b) For cohesive soils, in situ total horizontal stress
h0 can be estimated from equation (1) based on
the cavity expansion theory. In the alluvial clayey
soil at the test site, h0 can be estimated using
LPT and CPT data from equation (1) by assuming
a soil rigidity index Ir. of around 15 to 20.
c) The frictional coefficient between the friction
sleeve and soil  and the soil-sleeve interface
friction angle  can be obtained continuously by
conducting LPT and CPT close to each other. The
use of a rough friction sleeve provides the
frictional coefficient r and interface friction
angle r that reflect the shear resistance of soil.
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ABSTRACT: Swedish weight sounding has been widely used to investigate the shallow subsoil conditions up
to a depth of less than 10 meters, Even though the apparatus is handy to be operated, operators have to suffer
by manually changing the heavy weight of 100 kg. In order to overcome this problem, the authors have
developed an automatic operated Swedish weight sounding apparatus. The new apparatus consists of several
parts that can be assembled in a few minutes, and the operation and measurement are completely automatic
control. A constant penetration load of 100 kg is applied by motor and the reduction in the penetration load
can be operated with a powder brake automatically, which releases the operators from heavy duty of changing
the weights by hand. Because of the above-mentioned automatic control system, deep investigation (more than
10 meters) has become possible without any serious difficulties, In case of application of Swedish weight
sounding to deep subsoil investigation, the effect of skin friction around the screwpoint rods on the measured
values becomes a serious issue that is necessary to be solved, In this paper, a new method is proposed to
correct the number of half round by subtracting the skin friction components derived from the values of
measured torque. The proposed method is also validated by comparing the results of various sites with
different geological environment.
1 INTRODUCTION
The Swedish weight sounding is easy to be operated
and able to conduct measurement quickly.
Penetration capability of Swedish weight sounding is
relatively excellent among the simplified sounding
methods. Therefore, this method has been widely
used to investigate the shallow subsoil conditions up
to a depth of less than 10 meters (JGS, 1995). This
method also has been considered as the most suitable
method for site investigation of small constructions
like houses, because it is possible to be operated
even in narrow space and its cost is low (Jinno et a1.,
1983).
Although the apparatus is handy to be operated,
operators have to change the heavy weight and rotate
the rod manually. These operations are hard works
and very dangerous (e.g. in case of 10m penetration,
operators have to lift total weight of 38 kN).
It is suggested that measured data include human
errors and discrimination of soil layers is a difficult
task, In the case of multiple soft layers, soft thin
layers are neglected due to the delay of manual
unloading.

Recent development of electronic test apparatus
has released operators from hard works and human
errors.
The authors have developed an automatic
operated Swedish weight sounding apparatus
(automation of rotation, self-settlement detection and
weight control except rod connection).
The utility of the automatic system has been
abundantly clarified by accumulation of data and
examinations from every aspect. In this paper, the
contents of automations and detail judgments of soft
layers are reported at first. Secondary, practical
investigation depth due to automation was examined
through deep penetration (more than 10 m) that has
not been conducted so far with Swedish weight
sounding (Ijuin et al., 1995). In this case, appropriate
estimation of rod skin friction according to
investigation depth is important clue. Estimation of
skin friction was performed based on test results
derived from previous papers and newly conducted
experiments. Expansion of application of the
practical investigation depth due to automation was
examined.
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2 SCHEMATIC VIEW OF AUTOMATIC
OPERATED SWEDISH WEIGHT SOUNDING

3 SOLUTION TO THE PROBLEMS USING
AUTOMATIC TESTING APPARATUS

It has become possible to conduct loading,
unloading, measuring settlement and rotational
penetration automatically using the new testing
apparatus following standardized method reported in
JIS-A-1221. Specifications of new apparatus are
described as follows.
a Automatic weight changing system was proposed
instead of manually changing the heavy weight.
This principal is shown in Figure 1. Penetration
force is always set to 1 kN. Powder brake is
adopted to control the loading and unloading (e.g.
Subtracting 0.75 kN from 1 kN gives 0.25 kN).
b In case of electric rotational penetration, it is
important to take a tight grip on rod. Torque
transmission and loading would be uncertain with
insufficient grip and measurement will include
errors. Rods are connected with each other
mechanically and their combinations are confined
by sensors,
c All works (except rod connections) are automated
by PC control instrumented on control device,
d Testing apparatus can be divided to 6 units so as
to carry them in narrow investigation site. Mass of
1 unit is less than 25 kg, decreasing hard and
dangerous works to carry heavy machines.

Using automatic penetration apparatus, problems can
be resolved as follows.
a Automatic testing apparatus has released
operators from lifting up and down the heavy
weights of 100 kgf and catching operators’ fingers
between weights.
b This apparatus only needs manual rod connection,
so only one operator is required to perform the
tests. Moreover it takes half duration to conduct
tests compared with before.
c Measured data are automatically saved in the
control device during operation. These data are
converted to magnetic recording media (floppy
disks and so on). There is no room for human
mistakes and errors in this data collecting system.
4 POSSIBILITY OF DETAIL DISCRIMINATION
OF SOIL LAYERS
Automatic testing apparatus has made it possible to
discriminate delicate soil layers that indicate small
measured value caused by self-settlement and
rotational penetration at the 1 kN loading. Automatic
measurements have discriminated successfully
alternating soft layers that exist among selfsettlement layers. Above-mentioned successes are
described compared with manual measurements in
detail as follows.
4.1 Discrimination of self-settlement layers

Figure 2. Discrimination of 1 kN self-settlement layers.

It was very difficult for operators to discriminate
self-settlement layers, and human errors sometimes
occurred in case that operators could not
discriminate self-settlement at the 1kN loading and
settlement was rapidly promoted with rotational
penetration. Automatic discrimination of settlement
can delete human errors, as shown in Figure 2.
Figure 1. Principal of automatic weight control.
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4.2 Discrimination of soft layers under selfsettlement layers

increases monotonously due to the friction that is in
proportion to the rod length, as shown in Figure 4.
The ground profile consists of sand and gravel up to
8 m. The influence of skin friction in sand and gravel
is very little (Minowa et al., 1982). Considering that
conversion of N values (Inada, 1960) coincides with
the measurements, it is estimated that skin friction
up to 8 m will cancel the rod weight. Decrease of
loading due to rod skin friction is shown in Figure 5.

Figure 3. Discrimination of soft layers beneath 1kN selfsettlement layers

Examples of detection of very soft and selfsettlement layers are shown in Figure 3. If there are
self-settlement layers with 0.50 kN loading beneath
1 kN self-settlement layers, it is impossible to detect
0.50 kN layers manually. Automatic Swedish weight
sounding can detect thin self-settlement layers under
0.5 to 0.25 kN loading due to powder brake. In case
that stiffness of ground decreases with depth,
automatic system can measure thickness and
stiffness of self-settlement layers precisely.
5 POSSIBI LITY OF EXPANSION OF
APPLICABLE INVESTIGATION DEPTH DUE
TO AUTOMATION
Deep investigation was performed using this
automatic device to examine the practical
investigation depth. Investigation site is soft clay
layers drowned valley. Automatic Swedish weight
sounding was conducted very near from the boring
site which can penetrate up to 37.25 m in 3 hours.
Test results are shown in Figure 4. Ground profile
from 8 to 30 m shows N-value of about 2, however
N, continues to increase with depth.

Figure 4. Investigation results using automatic Swedish
sounding.

6 ESTIMATION OF ROD SKIN FRICTION
Nsw expresses number of half round per 1m
penetration with 1 kN loading. If axial loading
decreases, measured Nsw increases. Estimation of
influence of rod skin friction is proposed in previous
papers. Rod skin friction estimated from the axial
loading is 0.06 kN/m on loam, corrosion soil and
clay (Proposed by Futaki, 1989). Unit weight of rod
is 0.022 kN/m. So, 0.038 kN/m is subtracted from
the axial loading on clay layers (0.022 kN/m is
subtracted from 0.06 kN/m). Nsw from 8 m to 30 m

Figure 5. Decrease of loading due to rod skin friction
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Nsw’ = ANsw + B

(5)

where A = -1.6W + 1.020; and B = -37.4W –
0.650.
Table 1. Nsw converted by experimental equation and previous
papers
W (kN)
Depth (m)
Nsw
Nsw’ Eq(3)
Nsw’ Eq(4)
Nsw’ Eq(5)

Figure 6. Relationship between loading and ratio of half round
number.

7 ESTIMATION OF Nsw DUE TO DECREASE OF
LOADING
Swedish weight sounding was performed in order to
estimate the increment of half round number Nsw due
to the decrease of loading on cohesive layers. Nsw
were measured up to 3 m on each interval of 0.05 kN
which is less than 1 kN loading. Based on the test
results, increment ratio Rn of half round number due
to the decrease of loading were calculated,
Relationship between Wsw and Rn is shown in Figure
6, and it was approximated by equation (1).
Rn = 1.1 / (Wsw – 0.2)

(1)

Mean values of Nsw on each loading almost coincide
with calculated values by equation (1) In equation
(1), Wsw is converted to (1- W) using W as shown
in Figure 2. Rn is the ratio of measured Nsw to be
converted to Nsw (Nsw’), Equation (1) can be
converted to the following form.
Nsw / Nsw’ = 1.1 / (0.8 – W)

(2)

So Nsw’ is expressed as equation (3).
Nsw’ = Nsw(0.8 – W) / 1.1

(3)

8 PRACTICAL INVESTIGATION DEPTH
CONSIDERING ESTIMATION OF SKIN
FRICTION
Nsw’ was calculated by equations (3), (4) and (5) and
summarized in Table 1, Equation (4) is shown as
follows (Futaki, 1989).
Nsw’ = (1 – W)Nsw – 20W

(4)

where Nsw’ is converted value, Nsw is measured
value and W is decrement of loading, Tamura et al,
(1995) proposed equation (5).

0.10
10.6
30
19
25
21

0.20
13.3
65
35
48
37

0.25
14.6
80
40
55
40

0.30
16.0
80
36
50
31

0.40
18.5
85
31
43
17

0.50
21.2
95
26
38
2

When W is less than 0.25 kN, Nsw’ was calculated
by the equation (3) which is approximate to equation
(5). On the other hand, when W is more than
0.25 kN, equation (3) shows a value between
equations (4) and (5). It is difficult to estimate Nsw’
below 22 m, so Nsw’ is calculated by equation (3)
and converted N value is derived from Inada’s
equation (1960) N = 3 + 0.05Nsw as shown in Figure
4 (empty triangle). Considering that calculation error
is within 3 on clay layers, conversion of N value is
approximate to the measured N values. These results
suggest that the practical investigation depth is about
20 m with appropriate estimation of skin friction.
9 CONCLUSIONS
Automatic operated Swedish weight sounding
instrumented with precise control system has
released the operators from manually changing
heavy weights and has been able to discriminate soil
layers in detail without human errors. However,
Swedish weight sounding cannot collect specimens.
Moreover operators have to discriminate soil, clay
and so on with ‘touch’ and ‘sound’. If acoustic
emission will be adopted, a number of precise
geological information will be derived. Automatic
operated Swedish sounding can penetrate deeper
easily than before (20 m or more). On cohesive soil
layers up to 20 m, Nsw’ considering rod skin friction
expands practical investigation depth, In this paper,
the range of investigation site is limited to cohesive
soil layers (Nsw < 100), The validity of equation (3)
is not sure on sand layers and cohesive soil layers
(Nsw > 100). It is unknown how rod skin friction
estimated from the previous papers acts on ground
below 10 m. We try to clarify practical investigation
depth considering above-mentioned problems.
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ABSTRACT: Measurements currently obtained from the CPT friction sleeve (fs) are less widely used than
those obtained from the CPT tip (qc). The “underuse” of the fs data is related to its high variability and the
common sentiment that the fs measurement is unreliable. Primary factors that have been identified to
significantly affect the fs measurement but have not been fully understood or appreciated include sleeve
position and surface roughness. To further understand these issues, a multi-friction sleeve attachment to the
conventional CPT module was developed with capabilities including allowing for determination of the effect
of sleeve position and surface roughness on the fs measurement. Key characteristics of the attachment include
the ability to obtain four independent fs measurements at each elevation in addition to the conventional CPT fs
measurement and the ability to vary the position of the attachment sleeve behind the cone tip. These
capabilities allow for direct in situ analysis of the effects of sleeve roughness and position with the elimination
of spatial variability as multiple measurements are recorded at the same elevation within the same sounding.
Initial testing has confirmed the significant effect that both sleeve position and surface roughness have on the
fs measurement. The fs measurement is shown to vary as a function of distance behind the tip, reflecting the
effects of the highly stressed zone which develops in the vicinity of the CPT tip during penetration. Initial
results indicate that positioning this sleeve outside of this highly stressed zone provides a more stable,
consistent measurement. Surface texturing is shown to increase the fs measurement by more than 100%,
depending on sleeve position, surface roughness, and soil type contacting the sleeve. In addition, with
multiple fs values recorded at each elevation within the sounding, the spatial variability of fs is removed which
provides a more accurate measure of measurement error and soil variability.
1 INTRODUCTION
1.1 Cone penetration test
The cone penetration test (CPT) is rapidly becoming
the primary tool for in situ site characterization. The
wide spread use of the CPT can be attributed to the
large quantity of nearly continuous data that can be
obtained at a relatively low cost. The conventional
CPT module typically consists of a tip (qc), pore
pressure (u2), and sleeve friction (fs) measurement in
addition to sensors which monitor the depth and
inclination of the module during penetration (ASTM
D3441-94 & D5578-95, ISSMFE 1989).
In recent years, numerous additional sensors have
been attached to the conventional CPT module
including devices to record properties such as
resistivity, shear wave velocity, and pH, and others
to increase the amount and type (fluid samples,
video images) of information obtained during each
sounding (Lunne et al., 1997). However, the three
conventional sensors (qc, fs, and u2) have seen the

widest use in the development of soil classification
charts, stratigraphy property correlations, and
geotechnical structure design methods. Specifically,
the qc has found the most use, with the u2
measurement being implemented more recently to
correct qc for pore pressure, to estimate overburden
effective stress, and in more recent soil classification
charts. The sleeve friction measurement, fs, has been
used inconsistently and with mixed results due to its
higher variability and lower reliability than the qc
measurement (Lunne et al., 1986). For example, in a
review of direct CPT-based pile design methods,
about one-half of the methods utilize both fs and qc
to predict shaft and end capacity respectively, while
the remainder only utilize qc.
1.2 CPT fs measurement
With the widespread use of these three sensors, a
comprehensive understanding of the factors that
affect each measurement must be fully developed.
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2 BACKGROUND
2.1 Review of previous fs measurement research
Researchers have identified a number of issues that
affect the fs measurement and have put forth
recommendations on how to minimize their effect on
the fs measurement. Issues that significantly affect
on fs measurement include the friction sleeve
location (Campanella & Robertson, 1981), the load
cell arrangement (Lunne et al., 1997), and the sleeve
wear (Jekel, 1982). Other factors which have been
addressed include sleeve diameter, penetration rate,
and module stiffness. Though documented, their
consideration in the use and design of CPT modules
has been limited (DeJong et al., 2000).
2.2 Summary of laboratory interface research
The soil-solid interface has been studied for a
number of years. Work was led by Potyondy (1961)
and Brumund & Leonards (1973). In both research
programs, the surface roughness of the solid
counterface was qualitatively identified as having a
significant influence on interface strength in addition
to soil moisture content, particle size, particle
angularity, relative density, normal stress, shearing

rate, and others. However, the counterface surface
roughness was not quantified in these studies.
Yoshimi & Kishida (1981), and Uesugi &
Kishida (1986a, 1986b) among others continued this
research by profiling the counterface and developing
a quantitative relationship between the surface
roughness and the interface coefficient of friction.
The relationship was found to be a bilinear trend
with two distinct regions (Figure 1). At low surface
roughness, the coefficient of friction increased with
the counterface surface roughness in a linear fashion
up to a limiting surface roughness. Above this
limiting value, the coefficient of friction remained
constant as the surface roughness continued to
increase, reflecting the transfer of the primary zone
of shearing moving away from the interface and into
the soil. The coefficient of friction corresponding to
this limiting surface roughness value was shown to
be equal to the internal coefficient of friction of the
soil.
Coefficient of Friction, 

This has been accomplished in relation to the qc
measurement and more recently for the u2
measurement. A review of the literature suggests
that factors that affect the fs measurement are not as
well understood (Lunne et al., 1997).
In addition, recent laboratory research on the soilsolid interface has shed light on the friction sleeve
measurement (Uesugi & Kishida, 1986b; DeJong et
al., 2000). This body of laboratory work is directly
applicable to the fs measurement which is, in
essence, an oriented axisymmetric interface shear
test. Surface roughness and surface hardness have
been shown to significantly affect interface behavior
in the laboratory, changing the coefficient of
interface friction by 100% or more.
A research program has been undertaken to fully
investigate the above effects on the fs measurement.
This has been accomplished in two parts: (1) through
application of previous CPT fs research and (2)
through application of the results of laboratory soilsolid interface research to the fs measurement. This
has culminated in the development of a multifriction sleeve CPT attachment that connects directly
behind a conventional CPT module and allows for
measurement of four independent friction sleeves
positioned in series.
An overview of the attachment capabilities are
presented herein in addition to the results of a set of
soundings performed with the attachment in
configurations in which sleeves of varying surface
roughness were used.

Normalized Roughness, Rn

Figure 1. Surface Roughness vs. Friction Coefficient for SandSteel Interfaces (Uesugi and Kishida, 1986b).

It is clear that the effect of surface roughness on
the interface mechanism applies to the CPT friction
sleeve measurement as well since it is basically an in
situ interface shear test. The multi-friction sleeve
CPT attachment that was developed minimizes the
effects of issues addressed in previous research on
the fs measurement and allows for direct in situ
measurement of the interface strength between an
entire soil profile and a set of friction sleeves of
varying surface roughness.
3 MULTI-FRICTION SLEEVE CPT
ATTACHMENT
3.1 Attachment specifications
The multi-sleeve friction attachment when connected
directly behind a conventional 15 cm2 CPT module
provides seven direct measurements of the
subsurface at every measurement depth in addition
to a dual axis inclinometer which is used to monitor
module verticality during penetration.
The
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conventional CPT module provides tip (qc), pore
pressure (u2), and standard sleeve friction (fs)
measurements which can be used for implementation
of standard correlations including subsurface
stratigraphy delineation. In addition, the attachment
provides four sleeve friction measurements (#1, #2,
#3, #4) in series.
The sleeve friction measurements from the
attachment provide a set of measurements which (1)
are positioned in the stable residual region beyond
the highly sheared zone that exists in the vicinity of
the cone tip, (2) are accurate at low sleeve friction
magnitudes due to each sleeve being mounted on an
independent load cell, and (3) eliminate the spatial
variability present when comparing profiles from
different soundings by obtaining multiple sleeve
profiles in a single sounding.
The specifications of the CPT and attachment are
summarized in Table 1 below.
Table 1. Summary of multi-friction sleeve attachment
specifications
Specifications

15 cm2 CPT

Attachment

Total length
qc capacity
u2 capacity
fs capacity
fs surface area
fs roughness, Ra

61
225
3.5
45
225
0.50

109
----45
150
0.50
150

cm
kN
MPa
kN
cm2
m

cm
kN
cm2
m – smooth
m – textured

4 RESULTS FROM FIELD TESTS
4.1 Overview of testing program
To validate the capabilities of the multi-friction
sleeve attachment a field testing program was
undertaken in South Royalton, Vermont, USA. The
program consisted of 9 soundings performed to a
depth of 10 m in accordance with ASTM standards
with a measurement increment of 1 cm. Soundings
were performed along two parallel alignments
spaced 1 m apart with 1 m spacing between
soundings along each line. Four soundings were
performed with the attachment configured with
conventional smooth sleeves and four with textured
diamond sleeves. In each set, two were performed
with the conventional CPT module while the others
were performed with short and long spacer tips
which provided verification that the attachment is
positioned in the stable zone and not affected by the
highly sheared zone near the tip (discussed further
below).
The subsurface stratigraphy at the site as
delineated from the 15 cm2 CPT module sounding
using the classification method proposed by
Robertson (1990) is presented in Figure 2. As
shown, clean sand exists to a depth of 6.3 m below
which is a thin sandy silt layer followed by a sand to

silty sand layer to a depth of 8.5 m. A second sandy
silt layer exists between about 8.5 and 8.7 m
followed by a sand layer. The stratigraphy at the site
was found to be very uniform, with negligible
differences between the CPT data obtained from the
different soundings.
This permits for direct
comparison of features in profiles obtained from
different attachment configurations.
4.2 Results with attachment configuration with four
ASTM standard smooth sleeves
Two soundings were performed to determine the
variability of the four sleeve measurements obtained
with the attachment configured with four ASTM
standard smooth sleeves. One of these soundings is
presented in Figure 3 along with the data obtained
from the conventional CPT positioned in front of the
attachment. The CPT qc and u2 profiles are plotted
to the left followed by the CPT fs measurement. The
CPT fs profile is followed by the four attachment
friction sleeve profiles plotted in order of position
with fs #1 being the sleeve closest to the tip and fs #4
being the sleeve farthest from the tip.
As immediately evident, the five (one CPT and
four attachment) friction sleeve profiles are very
similar. Every feature detected by the CPT fs
measurement is also detected by all of the
attachment fs measurements.
Statistical analysis of the soundings provided
quantification of the differences between sleeve
profiles.
All ratios calculated herein were
determined by computing the ratio of the sensors of
interest (e.g. CPT fs versus attachment fs #1) at each
measurement depth from 0 to 9 m. Three statistical
parameters (mean, coefficient of variation) were then
computed for each desired ratio throughout the
sounding depth.
On average, at any given depth, the CPT fs
measurement is about 40% larger than the four
attachment fs measurements. This consistent offset
reflects the effect of position on the fs measurement.
The CPT sleeve is positioned directly behind the tip
within the highly sheared zone where soil is
displacing and stresses are continuously being
redistributed. In contrast, the attachment sleeves are
positioned beyond this zone where the soil is in a
residual state. This is verified quantitatively, with
the #2/#1, #3/#1, and #4/#1 average ratios ranging
from 90 to 110%.
Again, all profiles contain the same trend and
detect every feature present in the CPT fs profile.
Therefore, from a feature detection standpoint, the
CPT fs and attachment profiles provide the same
information. However, since the magnitude of the
CPT fs profile is significantly influenced by the
highly sheared zone around the CPT tip, it is not
reflective of the residual interface shearing resistance
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Figure 2. Typical subsurface profile at South Royalton, VT test site obtained with conventional 15 cm2 CPT module.

that would be present along the length of piles
during insertion. The attachment fs values provide
measurements in this residual interface shear
condition and therefore may be preferred in the
estimation of shaft capacity of piles.
4.3 Results with attachment configuration with four
diamond textured sleeves
The second profile discussed herein was obtained
with the CPT and the attachment configured with
four textured sleeves. The sleeve texturing for the
attachment sleeves consisted of 70 raised diamond
shaped features with a height of 1 mm extending
radially beyond the standard sleeve outer diameter of
43.7 mm. The penetration angle (angle of the
diamond apex pointing towards the CPT tip) was
120 degrees. This sounding was performed about 2
m from the one discussed previously. As evident in
Figure 4, the subsurface is very similar to that
depicted in Figure 3 as the CPT data in both
soundings are very similar. Again, the CPT qc and
u2 profiles are plotted to the left, followed by the
CPT fs and attachment #1, #2, #3, and #4 textured
profiles in order.
Clearly, the four attachment profiles are similar to
each other and all are significantly larger than the
CPT fs profile. Statistical analysis shows that the
ratio of the attachment #1 value to the CPT fs value
at any given depth is about 4.3, a 430% increase in

sleeve friction. However, it is more appropriate to
compare the textured attachment #1 profile to the
smooth attachment #1 profile from the previous
sounding to eliminate the adverse effects of the
conventional CPT fs measurement (due to the
sheared zone in the vicinity of the tip) on the
calculated ratio. This calculation (average of #1
textured sleeve / #1 smooth sleeve from 0 to 9 m)
gives a ratio of about 7.5 at any given depth (750%
increase).
The similarity between the attachment fs profiles
(all with the same diamond textured sleeve design)
provides relevant information as well. Calculating
the average ratios #2/#1, #3/#1, and #4/#1 over the
depth of the sounding provides additional insight.
For the diamond textured pattern used herein, the
magnitude of the trend decreases with consecutive
sleeves with the #2 profile being about 70% of #1 to
#4 being about 60% of #1. This decrease is due only
to the sleeve texturing on the soil condition at the
interface since the attachment was positioned beyond
the zone of influence around the tip. It is anticipated
that this effect is dependent on the specific texturing
pattern used. An extensive parametric study in both
the laboratory and field is currently underway to
identify all contributing factors.
The similarity between the CPT (smooth) fs and
the textured #1 profiles is less pronounced than with
the previous configuration (with 4 smooth sleeves,
Figure 3), but the textured profiles still detect the
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Figure 3. Subsurface profiles obtained with conventional 15 cm2 CPT module and multi-friction sleeve attachment configured with
four smooth (ASTM standard) sleeves.
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Figure 4. Subsurface profiles obtained with conventional 15 cm CPT module and multi-friction sleeve attachment configured with
four diamond textured (ASTM standard) sleeves.

same subsurface features. There is, unlike in the
previous configuration, a very strong similarity
between the trends in the CPT qc and attachment #1
profiles, with the attachment #1 profile appearing to
be more sensitive to small features than the tip
profile. Therefore, with further research, the textured

friction sleeve may provide a more localized strength
measurement than qc. This is reasonable as each
sleeve attachment is capable of detecting features
equal to the length of the sleeve (11 cm) whereas the
qc measurement is dependent on a zone height equal
to about 10 times the CPT diameter (Meyerhof,
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1956; DeBeer, 1963). The effect of sleeve length is
discussed in detail by Saussus et al. (2000 a, b).
Further research is currently underway including
additional soundings with a range of texturing,
continuous sampling at the site, and laboratory tests
and modeling.
5 CONCLUSIONS
The initial results obtained with a new multi-friction
sleeve CPT attachment have been presented. This
attachment provides the unique ability to obtain
multiple sleeve friction measurements at each
measurement depth of a single sounding. The device
was shown to perform very well and provide very
repeatable measurements of fs. This device provides
the unique ability to investigate the effect of surface
roughness on the sleeve friction measurement. As
shown herein, the effect of surface roughness can
increase the sleeve friction measurement by four
times or more, depending on the soil type. In
addition, the textured sleeve profiles obtained with
the attachment were more similar to the CPT qc
profile.
Furthermore, this device provides a direct means
for determination of the surface roughness-interface
strength relationship in situ at every measurement
depth in a single sounding. This attachment, with
additional research, provides the opportunity to
develop improved in situ based correlation methods
including soil classification and new design
procedures for geotechnical structures including
friction piles.
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Effects of vibratory compaction in shallow cone penetration tests in fine
saturated sands
Oscar Meave Silva
Civil Engineer, M.Sc.

ABSTRACT: The effect of vibro-compaction on CPT results in sand is not well understood. Most calibration
chamber tests use pluviation as an effective means of obtaining highly compacted samples. Moreover
vibration of sands is in general related to an increase in strength as a result of grain fabric alteration, which is
difficult to predict and similar other means of compaction, such as dynamic compaction and compaction using
explosives are also related to cementation processes, which involve many other variables.
Similarly, Cone Penetration Testing in moist or saturated sands has seldom been addressed in laboratory
conditions. The great majority of Calibration Chamber Test experiments are performed in order to obtain
information and develop more accurate means of interpreting tests in dry, uniform and clean sands, assuming
that the results are valid for use in saturated conditions as well. However it is well known that during rapid
deformation of a fine sand deposit, the strength of the sand increases significantly, thus providing additional
safety against dynamic loading. A limit to this increase in strength has been suggested by McManus and Davis
(1997) based on an analysis of undrained shearing deformation in triaxial tests.
Apparently the phenomenon behind such limit in strength increase is the cavitation of pore water.
However, the issue of pore water cavitation still seems unclear. Marinho and Chandler (1995) explain that,
given certain conditions, pore pressures in soils are able to drop below cavitation levels. Still, it is possible to
quantify the effect of undrained shearing deformation by comparing tests in pluviated sand in both dry and
saturated conditions. Once this is achieved it is possible to observe the effects coming solely from an
alteration of the grain fabric.
Results from a set of experiments of shallow cone penetration in Rijsbergen sand performed at the
GeoDelft laboratory, showed an additional strength of the sand, which could not be accounted for by sole
differences in sand characteristics. The limit equilibrium method used to predict the results gave much lower
resistances than measured. Also, a comparison with Calibration Chamber Test Data suggested the existence of
an unknown source of additional strength. This additional strength was idealized in terms of the cohesive
portion of the Durgunoglu and Mitchell (1975a) limit equilibrium equation. An analysis of the behavior of
this cohesive strength confirms it is not originated in a cementation phenomenon, therefore it can only come
from a combination of vibration induced anisotropic grain fabric and negative pore pressures produced during
undrained shearing of the dilatant sand.
This paper presents the results of the cone penetration tests performed in a sand bin at the GeoDelft soil
mechanics laboratory, along with results from calculations using the limit equilibrium method for a
cohesionless material as well as for a cohesive material. The cohesive part of strength is analyzed and its
variation with depth is presented. An alternate method is thus suggested for interpretation of tests immediately
after vibratory compaction of fine sands.
1 INTRODUCTION
Vibratory means of compaction will generally
introduce several factors influencing sand strength,
of which cementation and grain fabric are
presumably the most important. Cone penetration
tests in saturated sand conceived as drained
processes and thus are generally interpreted using
effective stress mechanisms.

However if drained deformation is considered a
common effective stress interpretation of cone
resistance might yield unconservative values of the
degree of compaction, particularly in the case of fine
sand.
By comparing shallow CPT results with effective
stress computations from strength characteristics of
typical shore sand, large differences were found
which could only be attributed to grain fabrics and
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pore water dynamics.
A method of quantification of such components,
based on the effects of pore pressure decrease on
shear strength is presented herein.

35.7 mm diameter cone is the standard cone and is
equipped with a pore pressure cell just above the
cone.
The distance to boundary ratio Dw/dc used was 15
providing the 35.7 mm diameter cone with 50 cm
distance to the closest boundary of the vibrated area.

2 TEST PROCEDURE
2.1 Vibration of samples

2.3 Compressibility of the sand sample

Tests were conducted in a 4.00  2.50 m bin.
Compaction was achieved using four vibrating
screens over a 2.40  2.00 m area. Densities obtained
varied by a maximum of 4% DR on a horizontal
profile.
Three experimental densities were prepared by
changing the lift velocity of the vibrating screens.
Densities were measured using a mechanical fixed
volume sampler. The wet and dry weights of each
sample were measured to obtain DR values. Six
samples were obtained at three different depths in
two separate locations after each CPT set. Results
consistently showed a decrease in density with
depth. The differences in a vertical profile did not
exceed 7% DR when comparing the top and the
bottom samples. Table 1 shows densities at different
depths obtained from interpolation of the measured
data.

The sand used is obtained from a beach in
Rijsbergen, Holland. The granulometric characteristics are presented in Table 2.

Table 1. Distribution of densities in the three experiments.
Depth

Sample I

Sample II

Sample III

0.10
0.20
0.30
0.40
0.50

65.00 %
64.95 %
64.90 %
64.50 %
64.10 %

72.10 %
71.95 %
71.80 %
71.65 %
71.50 %

77.10 %
76.50 %
75.90 %
75.40 %
74.80 %

Table 2. Granulometric characteristics of Rijsbergen sand.
Characteristic

Value

Median particle size, D60
D10
nmax
nmin
Roundness
Mineralogy
Specific weight

0.30 mm
0.15 mm
43.65 %
31.19 %
Surrounded
Mainly silica
2.646

In this paper results are compared with CC tests
performed on Ticino and Hokksund sands as
presented in Lunne et al. (1997). Sand characteristics
are therefore also compared.
The Rijsbergen sand sample used had a
uniformity coefficient of 2.00. Compared to TS, RS
has a higher uniformity coefficient, higher fines
content and a smaller particle size. On the other
hand, TS has small mica content whereas RS is
predominantly quartz and TS grains are more
angular than those in RS. Thus, no consistent
differences are found and it is assumed that
Rijsbergen sand is similar in character to Ticino
sand. Comparing RS with HS, a similar conclusion
is drawn with the exception that HS has a higher
uniformity coefficient than RS.
2.4 Strength characteristics

Figure 1. Arrangement of shallow CPT locations in the sand
bin. Numbers indicate diameter of the cone used.

Strength characteristics were obtained from four CID
triaxial tests. Results are presented in Table 3 along
with data used in the application of the Durgunoglu
and Mitchell (1975a) method for predicting qc. In
this table s'f = ½ ('1 + '3) at failure; t'f = ½ ('1 –
'3) at failure; 'p = the peak secant friction angle;
'ff = the normal stress on the failure plane at failure;
and 'the mobilized friction angle at 15%
axial (vertical) strain.
Table 3. Strength characteristics of tested Rijsbergen sand.

2.2 CPT sets
Tests were performed using four different cone sizes.
Diameters used were 7.5 mm, 11.3 mm, 25 mm and
the 35.7 mm and tests were performed exactly in that
order, so as to minimize any boundary effects. The



'c
kPa

DR
%

s'f
kPa

t'f
kPa

'p


'ff
kPa

'


10.61
10.60
10.71
151.9

100
69.2
31.9
100

36.99
29.94
25.91
467.3

26.0
19.5
15.8
315

44.6
40.7
37.6
42.4

18.73
17.23
16.28
254.4

37.8
38.3
35.0
35.7
644

The critical state line for RS was approximated
from the triaxial test data using the strength envelope
model developed in Meave (1999). This strength
envelope correlation was then used in the limit
equilibrium computations.
3 TEST RESULTS
The qc measurements were higher than what could
be expected from limit equilibrium computations
and also from reports on Calibration Chamber tests
at comparable vertical stresses corresponding to
depths of 0.50 m. Figure 2 shows cone resistances
obtained from samples at three different densities
using the standard 35.7 mm cone.
Cone resistance q c , MPa
0

1

2

3

4

5

6

7

8

9

10

11

12

13

14

0
0.1

35.7 mm cone

0.2

Depth, m

0.3
0.4
0.5
0.6
0.7
Note : D R corresponds to average at 30 cm depth.

D R = 73.5 %

0.8
D R = 64.7 %

D R = 71.2 %

0.9

Figure 2. Average qc curves obtained for 35.7 mm diameter.
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Figure 3. Results of limit equilibrium computations.

3.1 Limit equilibrium computations
Cone resistances were computed using the
Durgunoglu and Mitchell (1975a) method and
considering lateral stress effects based on Marchetti
(1985). These results are shown in Figure 3 for an
OCR of 16. The influence of lateral stresses on the
RS experiments is studied in Meave (1999). The
value of cone resistance obtained after a maximum
increase in lateral stresses is in the order of 16% of
the values observed in the tests. This corresponds to
OCR values in a passive condition of stress.

3.2 Calibration Chamber data
Data from CC tests on Ticino and Hokksund sands
(Lunne et al. 1997) are compared with the RS
experiments. The boundary conditions considered in
the comparison are an average between BC1 and
BC3. The stress conditions chosen are those leading
to an OCR of 14.8 on average. It is found that results
obtained with Rijsbergen sand are in the order of ten
times larger than those computed from the CC test
data. This indicates the possibility that forces other
than internal friction influenced the strength of sand
during tests.
4 DISCUSSION
An increase in cone resistance suggests an increase
in shearing strength, which for a vibrated dense
saturated sand might also be influenced by less
intrinsic factors (other than grain characteristics)
such as cementation, grain fabric and pore water
pressure gradients.
It has been shown that for dense sands, peak
friction angles are not dependent on strain rate
(Whitman & Healy, 1962). Therefore the general
relation for shear strength in a granular medium is
time-independent.
4.1 Cementation and grain fabric
Research on cementation shows that ageing effects
are important only for curing periods of 10 days or
more (Joshi et al., 1995). Since the period from sand
bed preparation and testing in the RS experiments
was between 1 and 3 days, its ageing effects are
probably negligible, assuming the sand was indeed
clean of silt and impurities. In order to rule out
possibilities of any form of chemical cementation
affecting shearing strength, further studies on RS
mineralogy are required.
Durgunoglu and Mitchell (1975b) showed that
vibrated sand samples gave shallow penetration
resistances in the order of 4 to 6 times larger than
those obtained with pluviated samples. It was not
specified whether the vibrated sample was under
water (or moist) at the time of testing. Differences in
qc were attributed to lateral stresses and grain fabric
distortions.
Grain fabric effects have been reported only for
sands with angular and sub angular grains. A method
for its quantification has not been devised, thus it is
probably quite difficult at present to predict its
magnitude of influence on CPT results in vibrated
samples; much more in the RS case where grains are
sub rounded.
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4.2 Pore water dynamics
In saturated conditions, in fine sands, dilation is
responsible for large pore pressure drops. Such
decrease in pore pressure is usually beneficial to the
response of soil structures to dynamic loading.
Soil gains additional strength during rapid loading
if pore water is present and if the soil grains and
structure make it difficult for pore pressure gradients
to dissipate quickly or as quickly as the deformations
take place.
Suggestions that pore water pressure may
influence shallow cone penetration resistance are
found in McManus and Davis (1997). In their note
on dilation induced pore fluid cavitation the authors
show that during undrained shearing of dense sand in
three triaxial tests at different initial cell pressures,
pore pressures dropped to an average of minus 95
kPa, at which measurements clearly changed from an
undrained to a drained behavior. Thus, the limit to
dilation induced pore pressure decrease may be
minus 1 atm or the cavitation pressure of the pore
fluid.
Whitman and Healy (1962) studied the effects of
loading rate on shear strength of sand and concluded
from undrained triaxial and direct shear tests on
coarse saturated dense sand that high rates of loading
always influenced pore pressure down to levels
where cavitation of the pore water was reached.
They suggested that any increase in shear strength
originated from such pore pressure drops could be
computed from measurements of volume increase
during dilating shear. It was added that any increase
in shearing strength becomes important only when
the confining pressure is small, the reason being
twofold: 1) dilation angles are larger at low
confining pressures; and 2) high confining pressures
generally mean high pore pressures.
Thus the limit of pore pressure drop may only be
reached in conditions where the critical pressure at
the initial void ratio is at least 1 atm larger than the
initial value of total stress. Similarly, if confining
pressures are large enough the effects of a pressure
drop are overshadowed.
4.3 Drained or undrained?
Van den Berg (1994) explained that in order to
ascertain whether CPT results in fine or silty sands
can be treated as drained or undrained, an analysis of
the generated excess pore pressure is necessary.
Values of excess pore pressure strongly depend on
the permeability and the amount of generated
volumetric strain, a function of the initial dilatancy
parameters.
McManus and Davis (1997) suggested that large
pore pressure drops may be of importance for any
loading with a time scale of minutes or shorter.
Thus, to quantify effects of pore pressure decrease, a

set of shallow tests with very low penetration rates
would be needed. In addition a comparison between
tests in pluviated dry and saturated samples may
prove useful.
4.4 Hypothetical mechanism
The mechanism of dilating shear during shallow
penetration testing can be understood by means of
most limit equilibrium and slip line methods of
penetration analysis. These methods are based on a
general failure mechanism of bearing capacity and in
most cases have been developed with experimental
evidence from shallow penetration tests using
wedges, rods and cones. It has been demonstrated
that bearing capacity methods are more accurate than
other methods for tests at low vertical stresses (Yu &
Mitchell, 1998).
It is also known that shallow penetration involves
dilating shear while deep soundings involve both
mechanisms of compression due to grain crushing as
well as dilating shear zones.
The fact that dilating shear is predominant during
shallow penetration is demonstrated from wedge
penetration experiments where the actual shape of
the slip surface was observed, along with heaving or
bulging of the ground adjacent to the penetrating
instrument (Durgunoglu & Mitchell, 1975a).
Another important observation from such
experiments is that slip lines are discrete – i.e.
several discrete slip lines developed during
penetration – meaning that large shearing
deformation along slip lines is much faster than the
rate of penetration, due to intermediate collapse
mechanisms.
Thus it is clear that shearing along each failure
surface developed during shallow cone penetration
in dense sand involves dilation. Dilation may also
present in the bulging or heaving zone of
deformation where the slippage of a sand wedge
between the cone surface and the slip surface can
only occur if accompanied by certain grain structure
redistribution.
During shallow penetration in saturated sand,
shearing along discrete failure surfaces accompanied
by dilation and a general volume increase (surface
bulging) may produce localized pore pressure
gradients which could increase the shearing strength
of sand and thus yield higher cone resistances. This
effect may be quantified if a relation between cone
resistance and pore pressure gradient is established.
4.5 The Limit equilibrium method
The limit equilibrium method can accept any form of
cohesion accompanying frictional characteristics of
soil.
The total shear strength mobilized along a slip
line or shear band where a significant decrease in
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     F  uo  pa  tan  ff
 ff


(1)

where ’ff = normal stress upon the failure surface
during shear; uo = initial pore pressure; pa =
atmospheric pressure; F = pore pressure drop index
(0 to 1.0 for water with cavitation nuclei); and *ff =
angle of friction at corrected stress level, along the
failure surface.
F in equation (1) is a dimensionless index of pore
pressure decrease accounting also for external
disruptions to assumed excess pore pressure
dissipation mechanisms, such as crack development,
shortening of distance to atmospheric or free water
table and large confining stresses. The use of the F
index assumes that in the exception of the above
conditions pore pressures during penetration will
drop until cavitation occurs.
Expressing the additional shear strength in terms
of cohesion, the failure envelope may be written as
follows:

  F  u o  p a   tan  *ff   ff tan  *ff

(2)

could be generalized to different sands, cone
diameters, and degrees of compaction.
This was attempted using data from the RS
experiments. The F index was computed from cone
resistances obtained in tests on samples at relative
densities in the range of 64.1 to 77.1% using the 35.7
mm and the 7.5 mm diameter cones. Results of the
computations are shown in table 5 for the 35.7 mm
cone and are also represented in figure 5.
18000
Cone Resistance q c

pore pressure is taken into account can be expressed
as

75

16000

OCR = 55

14000

c  F  ( u o  p a )  tan  *ff

(3)

To illustrate the magnitude of this additional
shear strength, the values of c, as defined in equation
(3) and corresponding to a depth of 50 cm (uo = 4.9
kPa), are shown in Table 4 for different degrees of
pressure drop and different friction angles.
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Figure 4. Chart for back calculation of the F index.
Table 5. F values back calculated from 35.7.5 mm cone
penetration resistance.
D
mm

or

70

B= 7.5 mm
D = 0.50 m

12000

Dense
0.10
0.50
Loose
0.10
0.50

DR
%

qc
MPa

c
kPa

’


F

D/B

77.1
74.8

0.5
4.8

1.9
21

41.3
38.2

0.02
0.25

2.8
14

65.0
64.1

0.4
3.1

1.8
12

40.0
38.2

0.02
0.14

2.8
14

Cavitation coefficient, F

Table 4. Cohesive strengths (c in kPa) due to pore pressure
drop.
36
38
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2

35.7 mm

F = 0.1

F = 0.3

F = 0.5

F = 0.7

F = 1.0

10

7.7
8.3
8.9
9.5
10.2

23.1
24.8
26.7
28.6
30.7

38.5
41.4
44.4
47.7
51.1

53.9
57.9
62.2
66.7
71.6

76.9
82.7
88.9
95.4
102.3

20

dense

loose
Relative depth, D/B

 *ff

0
0

30
7.5 mm

40

50

Cone resistance qc values obtained in the RS tests
are used for back-calculation of the F index as
shown in figure 4. In this chart a fixed relation exists
between qc, *ff and c. This is because the cohesive
strength depends on the current friction angle and
stress levels, rather than on intrinsic cohesion such
as in clay. Thus for any value of qc and depending on
the relative density of the sand, as well as on the
diameter of the cone, a unique value of F results.
4.6 Normalization of the F index
If a regular behavior could be established for the
pore pressure F index, its use in the prediction of qc

Computations with dilatancy correlation for
Rijsbergen sand.
60

70

Figure 5. Index F values for different cone diameters and sand
densities (see Table 5).

From figure 5 it appears that the effect of pore
pressure drop expressed by the F index is practically
0 at very shallow depths (less than 10 cm). This may
be a direct result of the proximity to the free water
table at such depths, where any pore pressure
gradient is immediately dissipated. Also, at shallow
depths, large deformations and cracking of the sand
create seepage paths that influence greatly its
permeability.
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It is also observed that F is higher for denser sand
and for a larger cone diameter. The fact that denser
sand will induce greater dilation is coincident with
this, while differences between F values in the larger
and smaller cones may be explained in terms of
absolute depth and distance to the free water table. If
F values are compared at the same absolute depth, it
is observed that these are larger for the smaller cone.
This may also be as a result of greater sand structure
disruptions and cracking occurring in the case of the
larger cone.
Finally it is noticed that after relative depths of 40
or more the F index is larger than its theoretical limit
value of 1.0. Assuming that cavitation is still a limit
condition, this may be a sign that grain fabric is also
affecting the shear strength at the failure surfaces.
The values obtained for the F index may be used
in the interpretation of tests in similar experimental
conditions. Further tests on different sands may be
useful to observe differences in F.
5 CONCLUSIONS
Cone penetration tests were performed on a shallow
(1.0 m) layer of saturated sand compacted by
vibration in a large steel bin. Cone resistance values
measured were much larger (in the order of ten times
larger) than predicted values using the Durgunoglu
and Mitchell (1975a) limit equilibrium method and
CC test data, indicating that additional shear strength
was present during tests.
A hypothetical mechanism of generation of
excess negative pore pressures during dilating
deformation is presented. The magnitude of effects
coming from such pore pressure decrease may be
quantified in an approximate manner by back
calculation of the apparent cohesive strength of
which pore water dynamics are responsible. Pore
pressure drop index F is computed in this fashion
using the Durgunoglu and Mitchell (1975a) limit
equilibrium method and the cone resistance values
measured in the sand bin at the GeoDelft soil
mechanics laboratory.
An analysis of the behavior of F with respect to
relative depth suggests that secondary conditions
such as cracking, and distance to surface water could
play an important role on the generation of excess
pore pressures. In cases where assumingly less
disruption and cracking is present – e.g. for cone
diameters smaller than standard – the F index
exceeds its theoretical limit value of 1 corresponding
to pore fluid cavitation. Actual cone resistance
effects due to pore water dynamics may be obtained
from comparing tests on pluviated samples in dry
and saturated conditions.
The limit equilibrium may be used to predict cone
resistances in vibrated saturated samples by

considering pore water and grain fabric effects
approximated by the relation proposed.
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ABSTRACT: The cone resistance and sleeve friction measured when a penetration test is executed in the
horizontal direction differ from those obtained when sounding in the traditional vertical direction. In order to
quantify the differences a number of tests have been executed in a 2 m diameter rigid wall calibration chamber
on sands with different densities and different gradations. These tests have shown that the difference between
horizontal and vertical cone resistance is greatest for medium dense sands, but show little dependancy on the
gradation of the sand. The ratio of horizontal over vertical sleeve friction on the other hand shows little
variation for different densities, but is strongly dependant on the coarseness of the sand.
1 INTRODUCTION
The cone penetration test (CPT) is traditionally
executed in a downward vertical direction in order to
obtain information about the soil properties and
stratification. The interpretation of the obtained
measurements is subsequently made using analytical
and empirical models, as well as experience, which
all implicitly or explicitly use the assumption that
the penetration direction is vertical. This is in
general not regarded as a problem and the measures
taken to limit the deflection from the vertical during
penetration, or to measure this deflection and correct
for it, do not originate from the possible problem in
the interpretation of cone resistance. Those measures
are taken because the deflection might lead to
unacceptable errors in the depth registration and
thereby the stratigraphy.
The introduction of mechanised tunnel boring in
soft and strongly heterogeneous soils, as found in
many delta-areas over the world, has given rise to a
need for more detailed information along the
alignment of the tunnel. At the same time the
possibility has been created to obtain this
information using cone penetration tests originating
from the tunnel boring machine in a horizontal
forward direction, and it has been recognised that
this could complement the information gained from
vertical CPTs. Initiatives have also been unfurled to
execute horizontal CPTs through retaining walls of
building pits to investigate the soil conditions below
adjacent buildings, or through existing railway

embankments and land fills, without disturbing the
topside activities.
Now the equipment used to perform a vertical
CPT can be easily converted to execute a horizontal
cone penetration test (HCPT). The interpretation is
not so easily converted however. It has been
recognised by Houlsby & Hitchman (1988) that the
effective horizontal stress ’h is the controlling stress
component in traditional CPT calibration chamber
tests on sand. In vertical CPT this is the stress that
acts in the plane perpendicular to the penetration
direction, and in this plane can be considered a
radially uniform stress component. In the case of
HCPT the stress state perpendicular to the cone is
not radially uniform, as it will vary between ’h and
the effective vertical stress ’v. Combined with the
fact that most soils have been deposited in a
layerwise manner, it is to be expected that the
measurements obtained from HCPT differ from
those in vertical CPT.
1.1 HCPT experiences
This difference between horizontal and vertical CPT
has already been observed in calibration chamber
tests as well as in field tests. The calibration
chamber tests by Broere & van Tol (1998) were
performed in a uniformly distributed fine sand and
showed a horizontal cone resistance qcH greater than
the vertical cone resistance qcV at the same depth.
The horizontal cone resistance was on average 1.2
times the vertical for medium densified sands,
whereas the ratio was closer to one for very loose or
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dense sands. The horizontal friction ratio on the
other hand was clearly lower than the vertical
friction ratio, but showed little dependancy on the
density of the sand.
A similar image can be derived from the field
measurements by van Deen et al. (1999). The main
part of the tests was executed in soft clay and peat
layers instead of sands, but shows similar trends. The
horizontal cone resistance measured was greater than
the vertical, even up to three times greater in clay.
And again the horizontal friction ratio was on
average lower than the vertical. And although on one
hand these results strengthen the results from the
calibration chamber tests, they also indicate that
there may be an influence of the soil type.

are then used for a period of 0 to 8 minutes,
dependant on the relative densify of the sand that is
required. After that the remaining water is allowed to
drain and the density of the sample is determined by
measuring the top level of the sand.

1.2 Research aims
It has been recognised early on that the
measurements from CPT in sand depend not only on
the stress level and (relative) density, but amongst
others also on the grain size distribution of the
material and the amount of fines present. See for
example the overview of soil classification charts
presented by Lunne et al. (1997) or the comparison
of numerous calibration chamber tests by
Jamiolkowski (1988). It is also very likely that
HCPT measurements show a similar dependancy on
the gradation of sand, but this dependancy is not
necessarily exactly equal. Therefore the ratio of
horizontal over vertical cone resistance (qcH/V) and
the ratio of horizontal over vertical sleeve friction
(fsH/V) may also depend on the soil type.
In order to investigate this behaviour a number of
tests have been executed in the large rigid wall
calibration chamber of Delft University of
Technology (DUT). These tests have been limited to
sand samples, as the preparation of large,
homogeneous, cohesive samples in a calibration
chamber is difficult and time-consuming. Three
different sands have been used, which have been
prepared at various densities. Within each sample
two vertical and one horizontal CPT has been made
and the measurements at the depth of the HCPT have
been compared.
2 THE CALIBRATION CHAMBER
The DUT calibration chamber is a 2 m diameter
rigid wall calibration chamber, as sketched in Figure
1. At the bottom of the tank a system of filter drains
connected to a pumping system is embedded in the
sand. This system allows fluidisation of the sand bed
within the tank. A couple of vibrators affixed to the
sides of the tank can be used to vibrate the entire
tank and thereby densify the sand. To prepare a
sample the sand is first fluidised and, when fully
liquefied, the water is allowed to drain. The vibrators

Figure 1. DUT calibration chamber.

The preparation method used, fluidisation instead
of the more common pluviation, is one of the main
differences between the DUT calibration chamber
and most other chambers. The great advantage of
this method is that the preparation of the sample is
so labour-extensive; a new sample can be prepared
each day, requiring only one man-hour actual work
during this period. The disadvantages are that the
samples are somewhat less homogeneous over the
height of the sample than pluviated samples, that due
to the fluidisation process fines may slowly be
washed out of the sand used, and that the obtained
sample is unsaturated but not dry, and that the level
of saturation depends on the permeability of the sand
and the draining time. This last problem can be
circumvented completely, as the chamber allows the
testing of fully saturated samples as well, but this
option has not been used in this test series.
The other major difference is that the DUT
chamber is a rigid wall calibration chamber, meaning
that the lateral boundaries are stiff and disallow any
deformation of the sample. This in contrast to the
often used flexible wall chambers, where a
pressurised membrane is used at the lateral
boundaries to keep a constant lateral pressure. As is
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common the lower boundary is the stiff chamber
floor, whereas at the top an overburden load could be
applied. The sample is large enough however that
reasonable stress levels are reached at the depth of
the HCPT opening without an overburden. The
result of this combination of boundaries is that the
DUT chamber falls somewhere between BC2 & 3 as
given by Parkin (1988) as:
 B1 v, h constant
 B2 v = h = 0
 B3 v constant, h = 0
 B4 h constant, v = 0
This implies according to Salgado (1998) that the
cone resistance qc measured in the tank is higher
than would be measured in the same conditions in
the field. At the chamber diameter-to-cone diameter
ratio Rd = 56 this is only a few percent however and
the effect can be neglected.
A further special feature of the tank is of course
the presence of a lock on the side wall of the tank, as
sketched in Figure 1. This lock allows a horizontal
penetration to be made using a standard 35 mm
cone.
3 THE SANDS
Three different sands have been used, which differ in
their gradation and coarseness. The first sand is a
uniformly distributed fine sand of alluvial origin.
This batch of sand had been used before in the same
calibration chamber, as a result of which most fines
had been washed out. The second and third sand type
has been obtained by mixing this alluvial sand in
different proportions with a commercially available
coarse river sand, which had been washed to remove
all fines. The sieve curves of the resulting sands are
shown in Figure 2.

compacting a moist sample for an extended period of
time. The resulting emin and emax are listed in Table 1.
Table 1. Minimal and maximal densities.
Sand
1
2
3

emin
0.498
0.454
0.431

emax
0.801
0.749
0.746

During the preparation of sands 2 and 3 a certain
amount of segregation is observed due to the
fluidisation process, as the finer particles tend to
float upwards. As a result the sand in which the
HCPTs are made is somewhat coarser than would be
derived from Figure 2. This can be seen in Figure 3,
where the sieve curves from samples of sand 2 at
three different depths are plotted. The uppermost
layer clearly differs from the lower layers, although
the lower layers do not differ strongly from the
overall sieve curve. The correlation between vertical
and horizontal CPT measurements is made for the 2
m depth level only and the sand in this region does
not show any local segregation influences. Sand 3
exhibits the same behaviour (not shown), although
the differences between the overall gradation curve
and those of the lower segregated layers are even
smaller than for sand 2. Sand 1 on the other hand is
so uniform that no segregation effects can be
observed at all over the height of the tank.

Figure 3. Sieve curves for sand 2 at different depths; influence
of segregation.

The overall effect of this segregation is that the
relative density Dr calculated for samples of sand 1
has an estimated error of 2%, whereas for sands 2
and 3 this error is closer to 5%. This error is of the
same magnitude as in most calibration chamber tests
and not considered a problem.
Figure 2. Sieve curves for all sands.

For these sands the minimal and maximal
densities have been obtained by pouring dry sand
through a funnel respectively vibrating and

4 OVERVIEW OF TEST SERIES
For each of the three sands 10 samples have been
prepared, with different vibration times and as a
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result different relative densities. Within each
sample two vertical penetrations were made
followed by one horizontal, at locations as sketched
in Figure 4. Although sketched here in the same
vertical plane, the path of the horizontal penetration
lies in a plane at a 10 angle with the plane of the
vertical penetrations. As a result the path of the
horizontal penetration passes the paths of the vertical
penetrations at approximately 10 cm.

For the locations of closest passage the cone
resistance and sleeve friction have been determined.
The measurements have been normalised by the
effective vertical stress ’v and are plotted as
horizontal vs. vertical measurement in Figures 6
and 7.

Figure 4. Locations of vertical and horizontal CPTs.

An example of the resulting cone resistance
registrations is given in Figure 5 for a relative
density Dr = 0.43. The vertical depth has been
plotted with the top of the tank as the reference level
z = 0. The horizontal position is plotted relative to
the inside of the tank wall x = 0. From this Figure it
can be seen that at least at low densities there is no
visible influence of the vertical penetrations on the
horizontal one. At very high densities a limited
reduction of the horizontal cone resistance due to the
retraction of the vertical cones can be observed. This
effect can easily be corrected for, as the spatial
influence of this effect is limited and the horizontal
cone resistance outside this zone is not influenced.

Figure 6. Horizontal vs. vertical cone resistance.

Figure 7. Horizontal vs. vertical sleeve friction.

5 HORIZONTAL CONE RESISTANCE

Figure 5. Example of horizontal and vertical cone resistance
registration (Sand 1, Dr = 0.43).

From Figure 6 it can be seen that although there is
some dispersion, on average the horizontal cone
resistance is greater than the vertical. This becomes
652

even clearer when the ratio qcH/V is plotted vs.
relative density, as in Figure 8. In that case the
results correspond well with earlier findings by the
authors (Broere & van Tol, 1998) that horizontal
cone resistance is slightly larger than vertical,
although the observed trend that the ratio qcH/V is
largest for intermediate densities is not substantiated
by this data set.

Figure 8. Ratio of horizontal over vertical cone resistance vs.
relative density.

these ratios have a normal distribution around their
means, there is a less than 1% chance that those
difference are caused by a dispersion in the data. The
averages for sand 1 decrease somewhat when the
two sleeve friction ratios > 2 are neglected, to 1.11
and 1.01, but even in that case the differences remain
statistically significant.

Figure 9. Ratio of horizontal over vertical sleeve friction vs.
relative density.

When the separate sand types are considered there
is no clear influence on the cone resistance ratio. The
average of qcH/V per sand type increases slightly from
1.05 for sand type 1 to 1.1 for sand type 3, but the
dispersion and errors in the data are such that this is
not a significant difference. As such there is no
evidence of an influence of the gradation or
coarseness of the sand on the cone resistance ratio
qcH/V.
6 HORIZONTAL SLEEVE FRICTION
In contrast to the cone resistance, the horizontal
sleeve friction as well as the friction ratio show a
clear influence of the sand type. This can already
been seen in Figure 7, but becomes even more
evident when the ratio of horizontal over vertical
sleeve friction and the ratio of horizontal over
vertical friction ratio are considered. See Figure 9 for
a plot of sleeve frictions ratio fsH/V vs. relative
density.
Although the dispersion in the data is large,
especially for sand 1, there is a significant decrease
of fsH/V with increasing grain size d50. The mean fsH/V
per sand type is equal to 1.28 for sand 1, 0.79 for
sand 2 and 0.65 for sand 3. With an average cone
resistances ratio greater than one, this trend is even
more pronounced when the friction ratios are
considered (RfH/V are 1.20, 0.77 and 0.60 resp.).
Given the distribution of the data and assuming that

Figure 10. Ratio of horizontal over vertical friction ratio vs.
relative density.

This decrease in friction ratios ratio RfH/V is
caused by simultaneous changes in the separate
friction ratios. Figure 11 shows the horizontal
friction ratio plotted against the vertical friction
ratio. From this figure it becomes clear that the
relative decrease of RfH/V between sand 1 and 2 is
caused by a decrease of the horizontal friction ratio
that is stronger than the decrease in the average
vertical friction ratio. The further decrease between
sand 2 and 3 on the other hand is caused by an
increase of the average vertical friction ratio only.
And although the influence of the coarseness and
gradation of the material on the sleeve friction is
well known, the observed influence on the horizontal
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sleeve friction and especially on the horizontal
friction ratio remains surprising. After all, the sands
2 and 3 exhibit a clearly different friction ratio,
whereas they have the same horizontal friction ratio.
If this phenomenon also occurs for other soil types,
the characterisation of soils based on their horizontal
friction ratio becomes more difficult and any
calibration charts for vertical CPT should be used
with extreme care in the detailed interpretation of
HCPT.

horizontal cone penetration the correlation charts
developed for vertical CPT should be used with care.
8 ACKNOWLEDGEMENTS
The authors wish to thank Mr. K.S.M.K. Kosgoda
for his help in performing the tests.
REFERENCES

Figure 11. Horizontal vs. vertical friction ratio.

7 CONCLUSION
The cone resistance and sleeve friction measured in a
horizontal cone penetration test differ from those
obtained with vertical tests. The fact that for medium
dense sands the average value of qc measured in
HCPT is 1.2 times the value measured in vertical
CPT had been recognised already, but this
observation had been made for a fine uniformly
distributed sand only. To investigate the influence of
the grain size distribution on HCPT measurements
new tests have been performed in three differently
graded fine to coarse sands.
Within each sand type only a limited number of
tests have been performed. These tests show no
influence of the sand type on the ratio of horizontal
over vertical cone resistance. They do show however
a strong influence on the ratio of horizontal over
vertical sleeve friction, as the ratio fsH/V decreases
significantly with increasing coarseness of the sand.
The same is true for the ratio of horizontal over
vertical friction ratio RfH/V. This decrease is caused
by changes in the horizontal as well as the vertical
friction ratio, and these changes are non-linear with
the change in characteristic grain size or distribution.
No satisfactory explanation of this dependancy on
the sand type has been found.
Given the limited amount of sand types tested the
question whether such behaviour also occurs for
different sand types, or for different soil types in
general, remains unanswered. The research shows
however that in detailed soil analyses based on

Broere, W. & Tol, A.F. van 1998. Horizontal cone penetration
testing. In P.K. Robertson & P.W. Mayne (eds),
Geotechnical Site Characterization, Proc. ISC’98: 989-994.
Balkema.
Deen, J.K. van, Greeuw, G., Hondel, R. van den, Staveren,
M.Th. van, Hoefsloot, F.J.M. & Vanhout, B. 1999.
Horizontal CPTs for reconnaissance before the TBM front.
In F.B.J. Barends, J. Lindenberg, H.J. Luger, L. de Quelerij
& A. Verruijt (eds), Geotechnical Engineering for
Transportation Infrastructure: 2023-2030. Rotterdam:
Balkema.
Houlsby, G.T. & Hitchman, R. 1988. Calibration chamber tests
of a cone penetrometer in sand. Geotechnique, 38(1): 3944.
Jamiolkowski, M., Ghionna, V.N., Lancelotta, R. & Pasqualini,
E. 1988. New correlations of penetration tests for design
practice. In J. de Ruiter (ed.), Penetration Testing 1988:
263-296.
Lunne, T., Robertson, P.K. & Powell, J.J.M. 1997. Cone
Penetration Testing in Geotechnical Practice. London:
Blackie Academic & Professional.
Parkin, A.K. 1988. The calibration of cone penetrometers. In J.
de Ruiter (ed.), Penetration Testing 1988: 221:243.
Ruiter, J. de (ed.) 1988. Penetration Testing 1988. Rotterdam:
Balkema.
Salgado, R., Mitchell, J.K. & Jamiolkowski, M. 1998.
Calibration chamber size effects on penetration resistance in
sand. Journal of Geotechnical and Geoenvironmental
Engineering, 124: 878:888.

654

International Conference on Insitu Measurement of Soil Properties and Case Histories, Bali 2001, ISBN 979-95267-4-4

Interpretation of deep CPTU results
Wojciech Tschuschke
Department of Geotechnics, Agricultural University, Poznań, Poland

Zbigniew Młynarek
Department of Geotechnics, Agricultural University, Poznań, Poland

Engbert Welling
A.P. van den Berg Machinefabriek B.V., Heerenveen, The Netherlands

ABSTRACT: The paper presents a technique for deep cone penetration test in subsoil differentiated with
respect to strength and consisting of soft soils on top and considerably stronger, overconsolidated ones in
deeper layers. The piezocone of 10 cm2 and 15 cm2 cross – sectional area with one or two filters for pore
water pressure measurement were used in soundings. To verify the interpretation procedures, from selected
layers of subsoil undisturbed soil cores were taken with a MOSTAP sampler. Relationships between
penetration characteristics and soil state parameters, which take into account the trend of the penetration
curves with depth, are presented.
1 INTRODUCTION
Recognition of geotechnical structure of subsoil
from the results of deep cone penetration tests faces
numerous difficulties both of technical and
interpretation character. Generally, in stiff, dense or
overconsolidated soils a natural limiting factor is the
maximal pushing force on the rods resulting from
the type of penetrometer used. Increased depth of
penetration can be achieved by increasing the
pushing force on the rods or reducing the friction
along the sounding rods.
Most often friction reducers of various shapes and
of diameter greater than that of the rod are mounted
at the distances from 0,3 to 1,0 m behind the cone. A
similar role can also play a 15 cm2 cone mounted on
a set of 10 cm2 cross –sectional area rods. Another
way of reducing the rod friction is injection of
drilling mud into the soil from holes in the rods at
some lactation above the friction reducer or using a
combined static-dynamic penetrometer (Lunne et al.
1997). A different problem appears when subsoil is
made of soft top layers. In such a case increasing the
pushing force alone does not solve the problem
because it does not protect the rods against bending
in the soft top layers zone and breaking after the
cone has reached the layers of high cone resistance.
Also application of inclinometer in the penetration
set allows only to identify the deviation of the
direction from the vertical and prevent losing of the
cone.
In the latter case technological solution, on the
one hand, required stiffening of the rods in the soft

top layer zone necessary for continuation of the
penetration tests in deeper subsoil and, on the other
hand, the implemented measure should not affect the
values of registered penetration characteristics
through the whole soil profile. Such a solution was
applied within a research project on determination of
geotechnical condition of subsoil under copper ore
tailings dump - the Żelazny Most Reservoir.
Reliability of the results from deep penetrations was
verified with control, replication tests (CPTU).
Interpretation procedures of the penetration
results were corrected on basis of determined values
of parameters of soil state of the samples taken from
the layers selected basing on CPTU results.
2 RESEARCH PROJECT
Within the research project carried out to recognise
subsoil for the needs of analysis of stability of the
Żelazny Most tailings dams, a series of 25 deep cone
penetration tests were made, located on 8 selected
calculation cross-section. The CPTU were made to
replace earlier planned deep drillings. The decision
of choosing such a research technique was made
because of generally known advantages of the CPTU
method. The main technical problem to be solved
before starting the tests was working out a technique
ensuring carrying out the CPTU penetration to full
planned depth which, according to directives, should
include the natural subsoil zone of thickness at least
equal to that of the wastes dumped in a given place
(Fig. 1). The tailings have been dumped in the
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reservoir non stop since 1977 and their amount
exceeds now 350 mln m3, which at the dump area of
1410 ha causes that their height ranges from 20 to 45
m. The dump construction technology of
transporting the wastes with water through pipelines
on the embankment crown causes a shift of
embankment axis towards the middle part where the
finest, and so the softest with respect to their
strength, sediments are deposited. Near the dumping
site the sediments with grain size distribution
resembling fine and silty sand predominate, whereas
towards the centre of the reservoir, where pond
water is accumulating, the number and thickness of
layers of soft silty soil parameters increases.

outertubes

supplemented by collection of 1 m long soil cores at
1 m gaps, and, in subsurface zone where soft
sediments occur, by a control test with a two-filter
piezocone. On the final stage of the research a series
of excess pore water pressure dissipation tests were
planned to determine distribution of in situ pore
pressure.
Due to described earlier subsoil stratigraphy and
the danger of rods bending and breaking during deep
penetration, the tests were carried out using steel
outer tubes. To limit the costs of purchasing special
tubes, standard casing pipes of 56 mm in diameter
for collecting soil samples with the Mostap sampler
were used. The layout of the set in which piezocone
of 10 cm2 and 15 cm2 cross-sectional area were used,
is given in Figure 2.

soft layers of
sediments

natural subsoil
rods

Figure 1. Lay-out of cone penetrometer system used to deep
CPTU.

Generally, the sediments accumulated on the
dump, besides the embankments, have the
parameters
of
normally
consolidated
or
underconsolidated soils (Tanaka & Sakagami 1989,
Tschuschke et al. 1994). Low cone resistance values
were found in these soils. Differently than the
sediments, the natural subsoil on which the dump is
founded, consists mainly of Tertiary and Quaternary,
very stiff cohesive and non-cohesive soils with very
high cone resistance.
3 TECHNIQUE OF DEEP CONE PENETRATION
TESTS
The main reasons of working out the concept of
replacing deep drilling with the CPTU were: limiting
costs of the research project by about 50%,
significant shortening of the research time, and
obtaining better quality data for stability analysis.
So, in the verified version of the project, the CPTU
carried out to the full designed depth of subsoil
examination was assumed to be the basic one and

Figure 2. Differences between systems protecting rods against
breaking for cone of various diameters.

In the set a cutting knife on the tip of a casing
pipe is sealed with an O-ring. The knife leans on a
friction reducer mounted between the piezocone and
the rods. The set as a whole is pushed into the
subsoil till reaching the pushing force of 180 kN,
and then push/pull clamps are moved into external
rods and in further penetration process only the latter
are pushed. Using this testing technique the depth of
subsoil examination was increased, on average, from
50 to 80 m (Fig. 3). In practice, it was found that
better effect can be obtained using a 10 cm2 crosssectional area cone in non-cohesive subsoil, while a
15 cm2 cone is more useful in cohesive type soils.
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Figure 3. Example of a deep CPTU profile.

4 CONTROL TESTS
In order to verify results of the CPTU made with
outer tube technique, in their neighborhood standard
control cone penetration tests were carried out using
piezocone with double system of pore pressure
measurement. Due to very fragile ceramic material
from which a filter on the cone tip was made, the
control tests were carried out exclusively within soft
top layers of postflotation sediments where the
CPTU with outer tubes were made. Analysis of the
control test results indicated that penetration through
the casing pipes does not cause changes in registered
penetration parameters throughout the whole tested
profile. In the analysed penetration diagrams (Fig. 4),
in the zone of post-flotation sediments, characteristic
peaks can be seen which indicate considerable grain
size distribution and state differentiation of strongly
laminated sediments. Also the top of the natural
subsoil on which the dump was accumulated is
characterised by a clear increase in cone resistance.
This increase occurs on the border of normally
consolidated sediments and overconsolidated fluvioglacial soils.
The pore pressure dissipation test carried out to
complete dissipation of pore water pressure
facilitated working out distribution of in situ ground
water pressure and calculation of effective vertical
stress. The sediment density was determined from
the cone resistance curve basing on the interpretation
procedure constructed for this kind of material
(Tschuschke et al. 1995).

5 INTERPRETATION PROCEDURES FOR
DEEP CONE PENETRATION TESTS
Most of the interpretation procedures used at present
in the cone penetration method, require correction of
the measurement penetration data with respect to the
effect of some external factors of significance for
determination of geotechnical parameters and soil
grain size distribution directly from the CPTU
results. Among the most important external factors
are the increases in vertical stress and pore pressure
distribution with the penetration depth. Both factors
are taken into account in interpreting penetration
characteristics by means of replacing measured
values (qc, fs) by, so called, corrected parameters (qt,
ft) or net parameters (qn, qe, qc1). Due to earlier
mentioned trend of penetration characteristic with
depth, correction of the measurement data is the
more significant the deeper subsoil testing. In case of
soft cohesive soil layer on the depth of about 50 m,
reduction of penetration parameters due to excess
pore pressure and to effect of the vertical stress can
exceed 50% of the registered value. Such a great
reduction of resistance to penetration significantly
effects particularly evaluation of state parameters of
soil.
On basis of generalised corrected values of
penetration parameters, the values of relative density
(Dr) of non-cohesive soils at different depths were
determined (Fig.5). For this determination an
empirical relationship given in equation 1 was used
as well as other empirical relationships known from
literature and used in interpretation procedures of the
CPTU results.
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D r  0,54  0,47 log q t  0,63 log  vo

(1)

42

where qt = cone resistance corrected for unequal end
area effects; vo = total vertical stress.
Estimation of the state of non-cohesive soils lying
over 50 m basing on the relationships by
Schmertmann (1978), Lunne (1991) and Baldi et al.
(1986) leads to overstating relative density values by
10% to 30%.
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To describe the state of cohesive soils another
index was used, namely relative plasticity index
[IL= (w - wp)/(wL - wp)] and undrained shear strength
(Su). The distribution of the relative plasticity index
with depth determined from the analysis of
penetration characteristics was compared with the
values of the relative plasticity index calculated
basing on Atterberg’s limits (wL, wp). To determine
the Atterberg’s limits soil cores sampled with
Mostap sampler were used. It is generally known
that the methods for Atterberg’s limits determination
are not related to the stress state, hence their values
should not depend on penetration depth. Therefore,
comparison of the relative plasticity index calculated
from the Atterberg’s limits and determined from
relationships where cone resistance values appear,
gives univocal answer to two questions: which of the
empirical dependencies is more effective, and, what
is the effect of penetration depth on registered values
of cone resistance.
Comparison of the both methods of evaluating the
relative plasticity index indicated that the best
estimation of the relative plasticity index is obtained
when the cone resistance is reduced by the effect of
the pore pressure excess and the value of vertical
stress (Fig. 5). For cohesive soils with friction ratio Rf from 5 to 8 and plasticity index (Ip) over 30%, the
relative plasticity index can be determined from the
relationship given in equation 2:
I L  0,059 (q n ) 1,89

(2)

where qn = net cone resistance = (qt – vo).
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For the same group of cohesive soils, the most
favourable estimation of undrained shear strength
was obtained using equation 3. In this equation the
mean value of cone factor was assumed as NKT = 12.
Su 

q t   vo
N KT

on Cone Penetration Testing, CPT’95, Linkőping, 4-5 Oct.
1995, 2: 329-336. Swedish Geotechnical Society.

(3)

Comparison of the results of wet and sieve
analyses of the soil samples with the CPTU results
indicated that the soil behaviour classification chart
based on normalised CPTU data after Robertson
(1990) is adequate to identification of soil
stratigraphy.
6 SUMMARY
The technological solution for carrying out CPTU in
outer tubes facilitates penetration of subsoil to
considerable depths. This technique does not lower
the quality of registered measurement data. It is
particularly useful when the upper part of the tested
profile constitute soft soils threatening with bending
and breaking of the rods. In this technique typical
casing pipes for Mostap sampler can be used which
minimises testing costs. The increasing trend of
penetration curves with depth observed in the tests
should be taken into account especially at
interpreting greater penetration depths. To estimate
the state and the kind of soil from penetration curves
the measurement data should be corrected with the
effect of the vertical stress and pore water pressure.
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Penny’s Bay reclamation – A case study demonstrating the successful
application of an advanced seabed PCPT system
Martin Knight, Hugh Burbidge & Brian Hitchcock
Bachy Soletanche Group Limited, Hong Kong

ABSTRACT: In May 2000, Bachy Soletanche Group introduced the 100 kN single wheeldrive ROSON PCPT
system into Hong Kong to determine dredge levels for reclamation in connection with the proposed Theme
Park at the Penny’s Bay Site on Lantau Island. The first unit of this type was manufactured in 1997, and
originally designed primarily for oil and gas pipeline pre-lay seabed surveys requiring penetration depths of up
to 5 m. The ability to achieve greater penetration depths was soon realized and this equipment is gaining
recognition worldwide as a suitable ground investigation tool for civil engineering applications requiring
deeper in situ soil data.
This paper presents the recent Penny’s Bay Reclamation Project as a case study for the application of this
new design. The features of the system are explained, the benefits demonstrated and recommendations for
specifying the system are presented.
1 INTRODUCTION
Piezocone Penetration Testing (PCPT) is a ground
investigation tool capable of rapidly profiling and
characterizing the underlying sediment. PCPT
provides accurate in situ data to determine the subsurface ground conditions for a variety of
applications. The cost and time saving benefits of
piezocone penetration testing is well understood and
established, particularly in Hong Kong where the
PCPT is routinely specified as part of most marine
Ground Investigations.
In May 2000, Bachy Soletanche Group Limited
(BSGL) was tasked with performing the site
investigation for the first phase of the Penny’s Bay
Reclamation Project. The principle purpose of the
investigation was to accurately determine the level of
the base of the marine deposit to allow the Engineer
to establish target dredge levels for the Dredging
Contractor. To achieve this objective, BSGL used
100 kN Single Wheeldrive ROSON systems
deployed through the moonpool on two of BSGL’s
four point anchored barges. BSG commissioned the
construction of one 100 kN Single Wheeldrive
ROSON system from AP van den Berg of Holland,
specifically for this project. A second was sourced
from the UK and for much of the contract period two
units were working alongside each other. The work
commenced at the end of May, 2000 and 1,153 tests

were completed by early September, some three
month’s ahead of schedule.
This was the first project undertaken in Hong
Kong with a 100 kN Single Wheeldrive ROSON
System. The performance of the ROSON systems
during the investigation demonstrated the suitability
of these units for local seabed conditions.
2 THE 100 KN SINGLE WHEELDRIVE ROSON
SYSTEM
Piezocone Penetration Tests are performed by
pushing an instrumented probe (the piezocone) on
the end of a series of rods (conestring) into the
ground at a constant rate. The piezocone transmits
data to an acquisition system at 2cm intervals. The
piezocones measure inclination, cone tip resistance,
sleeve friction and induced pore water pressure on
the cone shoulder or cone face.
The ROSON (ROterend SONeerd apparaat –
Rotating Sounding Equipment) unit is an electrically
powered seabed deployed device capable of pushing
a piezocone and conestring into the underlying
ground. Wheels clamped onto the rods transfer the
driving force to push or extract the conestring
(Figure 1).
Developed in 1982 by A.P van den Berg of
Holland, the first ROSON wheeldrive systems
comprised of 25 kN modules stacked to provide the
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required thrust. The design was refined in 1997 to
allow 100 kN thrust from a single set of wheels. This
minimised the unit size and allowed for deployment
from smaller vessels while reducing mobilization
and fitting out time and costs.




Site Investigations for marine foundations.
Site Investigations for marine reclamation
projects.

Seabed Unit

Wheeldrive

Figure 2. A 100 kN ROSON System During Deployment.
Seabed

Cone string
Piezocone
Figure 1. A 100 kN ROSON Wheeldrive Unit.

A 100 kN Single Wheeldrive ROSON as used on
the Penny’s Bay Reclamation Project comprises of a
wheeldrive set, base frame and a skirt to minimise
settlement into the seabed ( Figures 1 and 2). The
weight of the unit and additional ballast plates
provide the reaction. Sensors mounted to the unit
provide operational data during testing, including
total thrust, base inclination, penetration depth and
travel limit sensors to ensure the cone is not
accidentally pulled between the wheels on retraction.
Data transferred from the cone and on-board sensors
passes through multiplexing electronics along an
umbilical cable to an on-board 16-bit data
acquisition system. These seabed units operate in
water depths of up-to 500 m when deployed from a
suitable vessel.
Worldwide there are three 100 kN single
wheeldrive ROSON systems currently in service.
They have carried out marine investigation in the
North Sea, North-West Europe, Mediterranean,
Middle East, Arabian Sea, West Africa and Far East.
They have operated in water depths of 420 m.
Typical applications have included:
 Offshore Pipeline and Cable Route Pre-lay
ground investigations.
 Offshore installation Site Surveys.
 Pre-dredge ground investigations.
 Sewage Outfall Surveys.
 Density Assessment for underwater fill.
 Reconnaissance Surveys for Fill Borrow Areas.

The first 100 kN ROSON unit was originally
designed to be operated totally independent of the
deployment vessel and so expected to achieve
maximum penetration depths of 8 – 10 m. However,
shortly after this unit was commissioned
penetrations in excess of 18 m for civil engineering
applications were routinely performed, and
modifications in the test methodology (adding rods
to the conestring as the test progressed) during the
Penny’s Bay Project allowed maximum penetration
depths of over 48 m.
3 PENNY’S BAY RECLAMATION – PHASE 1:
MARINE PIEZOCONE PENETRATION
TESTING
The Ground Investigation in Penny’s Bay required a
programme of 1153 marine PCPTs over a 25 m and
50 m grid to accurately determine the target dredge
level (Figure 3).
The sub-seabed conditions at Penny’s Bay are
typical of the marine environment in Hong Kong. A
thick deposit (up to 30 m) of soft marine mud
overlies alluvium comprising of interbedded clay,
sand and gravel of varying thickness and strength.
The alluvium overlies weathered intrusive igneous
rock, primarily fine to medium grained granite.
The Target Dredge Level was determined on the
basis of cone end resistance (qc) corrected for the
unequal pore pressure effect and vertical total stress
(qnet) and generally occurred at the base of the
Marine Deposit. To ensure this level could be
accurately mapped each test was required to
terminate a minimum of 1 m into the Completely
Decomposed Granite or upon reaching certain
equipment refusal criteria. The expected penetration
depths were approximately 30 – 40 m. Care was
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taken to establish the cone start level for each test to
ensure accurate vertical control and minimize the
possibility of over or under dredging. The ROSON
units were fitted with base plate extensions to reduce
the seabed loading to less than 10 kPa and thereby
minimise settlement into the seabed.



A majority of the tests achieved the principle
termination criteria and stopped within the
completely decomposed granite.
 Productivity was greater than expected for this
type of project.
 Fewer cones strings were lost than expected;
The results were suitable for assessing target dredge
levels.

Figure 4. A BSGL 200 kN Deck Mounted CPT Unit on a
Jack-up at Penny’s Bay.
Figure 3. Proposed Theme Park in Penny’s Bay.

The Target Dredge Level was determined on the
basis of cone end resistance (qc) corrected for the
unequal pore pressure effect and vertical total stress
(qnet) and generally occurred at the base of the
Marine Deposit. To ensure this level could be
accurately mapped each test was required to
terminate a minimum of 1 m into the Completely
Decomposed Granite or upon reaching certain
equipment refusal criteria. The expected penetration
depths were approximately 30 – 40 m. Care was
taken to establish the cone start level for each test to
ensure accurate vertical control and minimize the
possibility of over or under dredging. The ROSON
units were fitted with base plate extensions to reduce
the seabed loading to less than 10 kPa and thereby
minimise settlement into the seabed.
Most of the PCPTs were performed using two
100 kN Seabed ROSON single wheeldrive units
deployed from 4 point anchored barges forming part
of BSGL’s marine fleet. Other systems used on the
project, including 20 tonne ram systems, either
seabed deployed or deck mounted on a jack-up
platform (Figure 4).
The work at this site demonstrated that the 100
kN Single Wheeldrive ROSON units are highly
suitable for the soil conditions encountered and
achieved greater penetration depths than ever before.
A summary of the work follows in Table 1.
For the 100 kN Single Wheeldrive ROSON units:

Table 1. Summary of PCPT work performed at Penny’s Bay
Stage 1 Reclamation.
200 kN Ram System
Plant Used

No. of test
performed
Deepest Push
Average Daily
Production
(24 hrs)
Max. Daily
Production
(24 hrs)

On JackOn
up (NearJack-up
shore)

100 kN ROSON
System

Seabed
System

#1

#2

Cased

Cased

Cased

Noncased

Noncased

215

63

58

513

304

22 m

35 m

27 m

39 m

49 m

3

4

3

14

16

6

6

5

24

22

The excellent productivity achieved by the 100
kN Single wheeldrive ROSON units contributed
significantly to the early completion of the site work.
With a maximum of 24 tests performed in 24 hours
these units achieved production rates sometimes 6
times greater than projected. The data was of high
quality and to sufficient depth to allow for accurate
dredge level assessment.
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4 WHY THE 100 KN SINGLE WHEELDRIVE
ROSON UNITS PERFORM WELL IN HONG
KONG
Wheeldrive systems offer a number of advantages
over some ram-based systems. Ram PCPT units
drive the conestring into the soil using a set of
hydraulic rams that can clamp onto the side of the
rods. However, most ram-based systems have a
stroke normally limited to one metre. When the ram
needs to return to the top of the stroke, penetration
stops. Production is slower and the results may be
affected by allowing the induced pore water pressure
to dissipate.
Furthermore seabed systems offer some
advantages over deck-based units. They are
independent of the deployment barge or vessel
motion and can work in deeper water. Deck based
systems often require a conductor casing to be
installed from the platform to seabed. This affects
productivity and is not required for seabed systems.
The relatively compact size of the 100 kN Single
Wheeldrive ROSON system (smaller than multiple
wheeldrive systems) allows for easy deployment and
transportation (both units were air-freighted to Hong
Kong). They can be quickly set-up and stowed away
to release the vessel for other tasks.
The robust and relatively simple design allows
engineers to carry out most repairs on site to
minimise equipment downtime.

penetrate alluvium or Completely Decomposed
Granite.
 Reduce the friction on the rods in the marine
deposits. This would allow for a greater
penetration capability, as thrust was not required
to overcome this friction.
The Penny’s Bay Project demonstrated that cased
PCPTs are not absolutely necessary for this type of
work. The records show (Table 1) that penetration
depths achieved with the ROSON system were
comparable with cased systems used on the same
site. Penetrations into CDG were achieved
consistently, sometimes by as much as 7 to 8 m.
Furthermore, although cone strings were lost the
quantity was acceptable for a project of this size and
nature and again comparable to cased systems. The
reasons for this are:
 The development by AP van den Berg of stiffer
rods with threads 40% stronger than a standard
thread.
 The nature of the marine deposits. Although the
soil is cohesive, it is generally too soft to exert
much friction on the cone string. At the base of
the marine deposits (around 25 m below the
seabed) the driving force to overcome this friction
was often less than 1 tonne.
The Penny’s Bay Reclamation project
demonstrated that greater productivity could be
achieved by not installing casing, without
compromising penetration capability or result
quality.

4.2 Technical benefits

4.4 Ten tonnes total thrust capacity

The AP van den Berg systems are fitted with stateof-the-art electronic telemetry and measuring
systems.
A 16 bit A – D converter improves the data
definition to allow greater accuracy in the soft
marine deposits. Cones rated to different load
capacities are not required for profiling soft and
dense deposits.
The AP van den Berg piezocones measure the
sleeve friction directly instead of by subtracting the
tip loadcell result from a loadcell behind the sleeve
(i.e. subtraction type cone). Subtraction type cones
may compound any inaccuracies within the
measuring loadcells.

Many PCPT units have the ability to exert a driving
force of 20 tonnes. However cones typically
withstand forces of no more than 5 or 7.5 tonnes.
Taking account of the force required to overcome
friction on the rod string, the remainder of the thrust
is unused.
A PCPT is rarely terminated on the basis of
meeting or exceeding 20 tonnes of thrust capacity. In
reality when the driving force is increased much over
10 - 12 tonnes the cone string cannot withstand the
buckling forces with the result the cone is lost.
Piezocones very rarely penetrate the ground in a true
vertical path and any deviation, even as little as 10
from vertical, will cause the string to bend when
subjected to high loads.
To provide reaction, seabed units rated to 200 kN
thrust weigh more than 20 tonnes when in the water.
Consequently they exert a large bearing pressure and
will settle to some depth into a soft seabed (such as
is common in Hong Kong). Near surface data is
often lost or disturbed and problems arise inclination
of the seabed unit prior to testing and the
determination of test levels to principle datum. This
can become significant when determining target
dredge levels. Base skirts help to reduce seabed

4.1 Operational benefits

4.3 The uncased PCPT in Hong Kong
Multiple wheeldrive systems as sometimes used in
Hong Kong are able to run casing around the rod
string. This is to:
 Support the rods in the uppermost soft marine
deposits. Without this support, the conestring may
bend, distort and eventually break in the marine
deposit on increasing the driving force to
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settlement but also increase the bulk of the unit with
subsequent handling difficulties.
Multiple wheeldrive systems rated to 20 tonnes
may comprise of two separate 10 tonne drive units
mounted on top of each other. Often the lower drive
unit drives the casing and cone string. After casing
installation, the top unit drives the rods through the
casing string. Therefore, in practice the thrust is
often limited to the ten tonne capacity of a single
drive unit.
For the reasons discussed the ROSON unit is
designed around a maximum 10 tonne thrust. This is
sufficient for nearly all applications without any of
the drawbacks encountered by very heavy-duty units.
The 100 kN Single Wheeldrive ROSON system
normally uses 5 tonne capacity cones ( Figure 6),
although 7.5 tonne capacity cones may also be used.
The issue of lower thrust capacity becomes less
important when cone size is considered. Piezocones
are now available in a variety of sizes with face areas
of 2 cm2, 10 cm2 or 15 cm2 the most common. Less
thrust is required to push a smaller (diameter)
piezocone into the soil. In terms of pressure capacity
(which is the correct method for measuring the
capacity of a cone) cones of these different sizes are
all rated to 50 MPa and capable of penetrating
sediment of the same strength or density. It is for this
reason the 100 kN ROSON systems use 5 tonne
rated, 10 cm2 piezocones (Figure 6).

Figure 5. 10cm2 piezocone with protected against piezoelement desaturation.

5 RECOMMENDATIONS FOR CONTRACT
SPECIFICATIONS
We have seen from the success of the Penny’s Bay
Reclamation Ground Investigation Project that the
100 kN Single Wheeldrive ROSON system is an

suitable tool for Hong Kong marine deposits and
Site Investigation requirements and offers substantial
cost and time saving benefits.
It is important, therefore, that specifications
should not be too prescriptive and are updated to
recognize advances in equipment design. Issues to
avoid when specifying PCPT work are presented and
the end of this paper (Table 2).
Table 2. Issues to avoid when specifying PCPT Work.
Minimum 20
tonne thrust

As discussed earlier the thrust capacity is not a
good indicator of penetration ability. Unit
ballasted to 20 tonnes normally result in
disturbed near-surface sediments and excessive
settlement.
When using 10cm2 piezocones, a 10 tonne
thrust capacity is suitable for penetrations into
most types of weathered bedrock.
Installation of As discussed earlier this may not be required
Support
except for specialist applications and can slow
Casing
down production.
Strict
Technological advances mean that many
adherence to a National Standards are outdated soon after they
particular
are issued. An example is the different cone
National
sizes now available, which are not addressed in
Standard.
BS1377.
Some National Standards are not entirely
appropriate to marine work (e.g. BS1377).
Method of
This can be hydraulic or electric, by rams or by
advancing the
wheeldrive depending on the application.
cone.
Termination Cone capacity should be specified in terms of
criteria
pressure (MPa) rather than force (kN). This
according to will take account of different cone sizes.
load on the
Normal cone capacity is 50 MPa, allowing
cone tip.
penetration of very dense sands and gravels and
some types of weathered rock.
Termination
A test may be terminated for other operational
criteria on the
reasons (e.g. cone inclination) and the test
basis of only
results may still be valid for the eventual
tip resistance
requirement.
and total load.
Specifying
different cone Modern PCPT systems use 16 bit A-D
capacities for processors to ensure good data definition from
different soil high capacity cones.
strengths.

To ensure good working practice and the most
suitable methodology for a given requirement,
specifications written for Piezocone Penetration
Testing should:
 Specify general requirements for equipment,
calibration and testing.
 Refer in general to an appropriate National
Standard.
 Consider additional requirements for good testing
practice.
 Be written according to the requirements. If the
purpose of an investigation is only to determine
the base of the marine deposit then a light-duty
unit may be sufficient.
Details are presented in Tables 3, 4, 5 and 6.
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Table 3. Elements of Marine PCPT Good Working Practice –
The Data Acquisition System.

6 CONCLUSIONS

The Data Acquisition System
Display
Data displayed graphically.
Acquisition 16-bit A-D converter as minimum with a
sampling rate of at least 1Hz, preferably 2 Hz
(2cm interval).
Offsets
Pre and post test offsets should be recorded as a
quality check.
Presentation A hard copy of the results should be available
immediately after the test.

The work at the Penny’s Bay Reclamation Ground
Investigation Project represents the introduction of
new marine PCPT technology into Hong Kong.
Many advantages, resulting from the advances in
technology incorporated into the 100 kN Wheeldrive
ROSON system, were demonstrated.
These systems are finding acceptance worldwide
and for many different applications. They have been
used extensively for Oil and Gas Survey projects and
are now recognized by the Civil Engineering
Industry. The Penny’s Bay Reclamation Project
represents a significant success and it is important
that contract specifications reflect the technological
advances now available. This will ensure the
benefits enjoyed elsewhere are available for the local
Civil Engineering Industry.

Table 4. Elements of Marine PCPT Good Working Practice –
The Piezocone.
The Piezocone
Face Area 15cm2, 5cm2, 2cm2 or 1cm2 are all generally
accepted by the industry.
Pore
Face element for over consolidated soils where
pressure
dilation may occur.
element
Shoulder element for other soils. Provides the
most relevant result for correcting the tip
resistance for pore pressure effects.
The capacity of the element should be suitable for
the expected water depth.
Filters available in sintered steel, ceramic or
polypropylene.
Calibration Specific period.
Should account for hysteresis, non-linearity and
repeatability, especially at low load range for soft
soil.
On-site calibration checks.
Temperature compensated.
Condition Regular checks on site for wear and tear.
Seals and o-rings to be replaced regularly.
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Table 5. Elements of Marine PCPT Good Working Practice –
The Drive Unit.
The Drive Unit
Deployment method Seabed or deck mounted.
On board
Measurements of total load and frame
measurements
inclination should be available during
testing.
Table 6. Elements of Marine PCPT Good Working Practice –
The Test Procedure.
The Test Procedure
De-airing
Under vacuum in silicon oil or glycerin.
Air should be prevented from entering the filter
between tests.
Depth
The penetration should be measured directly
registration from the rods. Registration from the drive wheels
or ram cannot account for slippage.
Referencing The cone should start the test above the seabed.
This ensures that surface soil information is not
lost and allows for accurate referencing.
The exact position the cone starts relative to the
seabed must be measured to determine the level
of the subsequent penetration depths.
Dissipation To T50 if practical.
Tests
Tidal variations should be measured during the
test to allow for the change in head of water.
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Permeability measurement using the self boring pressuremeter
S. Ratnam, K. Soga & R. J. Mair
Cambridge University Engineering Department, Cambridge, U.K.

R. W. Whittle
Cambridge Insitu, Little Eversden, Cambridge, U.K.

ABSTRACT: A new method (MKII) for direct measurement of permeability using the self boring
pressuremeter (SBP) of the Cambridge design is introduced. The test procedure, associated equipment and
analysis are presented. The MKII method is applicable for most types of clays and also low permeability
engineered fills such as cement-bentonite barrier walls. The strength of the method as a high quality site
investigation tool lies in the ability to measure permeability in addition to a number of other fundamental soil
properties from a single self boring pressuremeter test. The method adopts the constant flow technique for
permeability testing, which allows for testing to be conducted over a much shorter time period.
1 INTRODUCTION
The development of computers and sophisticated
modeling techniques has increased the demand from
geotechnical engineers for high quality site
investigations and input parameters. While
laboratory measurements are relatively cheaper and
easier to conduct for determining soil-engineering
parameters, they generally do not represent the actual
boundary conditions and in situ stresses. Laboratory
samples are often of a relatively smaller diameter
and the volume of soil that is tested is not always
representative of the in situ material. This is
particularly important when measuring a parameter
as variable as the coefficient of permeability, k. The
presence of fabric features such as silt laminae, sand
partings, fissures and others can significantly
influence the measured permeability. These features
are often not represented in laboratory tests, and in
some instances even removed from the sample
material as they hinder the trimming of a cylindrical
sample, which is typical of most laboratory samples.
Field or in situ testing is thus preferred, however
there are concerns about the method of testing as the
soil can be disturbed by the instrument that is used.
The Cambridge SBP was developed in the early
1970’s at the Cambridge University Engineering
Department (CUED) to carry out minimal
disturbance in situ tests on soil. The SBP is used in
its conventional form to obtain high quality
measurements of in situ strength, stiffness, and
horizontal stress parameters (Wroth & Hughes,
1972). Using the pore pressure dissipation profile at

constant strain, following the expansion part of the
SBP test, Clarke et al. (1979) introduced the
“Holding Test” (HT) which allowed for an indirect
estimate of the permeability to be made. The
Cambridge SBP is now available in a variety of
configurations and is manufactured and distributed
by Cambridge Insitu of Little Eversden, Cambridge,
U.K. (CI).
The need for in situ measurement of permeability
has been driven by the fact that pore pressure buildup and dissipation influences the deformation of
geotechnical structures, particularly in soft ground
engineering.
In
environmental
engineering,
permeability
dominates
the
transport
of
contaminants as well as the effectiveness of
remediation and containment efforts. The
establishment of the self boring method of
installation as a least disturbance method and one
that best preserves the soil structure has led to the
development of a large number of instruments using
the self boring method for permeability measurement
(Baguelin et al., 1974; Capelle, 1983; Harwood et
al., 1995; Znidarcic and Piccoli, 1995). These
methods are distinguished from HT proposed by
Clarke et al. (1979) as direct measurements of
permeability since fluid is actually introduced into
the ground and the test does not merely rely on the
dissipation of the excess pore pressures that are
generated. Unfortunately, while these instruments do
use the self boring method of installation, they
remain purpose built instruments that are capable of
only permeability measurements. As an effective site
investigation tool, it is often desirable that the
667

instrument can measure a number of soil properties
as part of a single test. This was the main theme
behind the research collaboration between the CUED
and CI to develop a SBP system that is capable of
directly measuring permeability in addition to the
conventional measurements made using the
Cambridge SBP.
2 A NEW METHOD: MARK II (MKII)
2.1 Test equipment
The Cambridge SBP is built around a hollow tube
about 1.5 m long. It has a constant external diameter
of 83 mm and in operation resembles a miniature
tunneling machine. There is a sharp internally
tapered shoe at the foot, and a small cutting head
rotates inside this shoe. The probe itself is connected
by a two-part drill string to the surface. The outer
part is a casing used to transmit a pushing force to
the probe. The inner part is a rotating rod turning the
cutter. Cutting fluid passes down the inner rod and
the cuttings themselves are transported to the surface
in the annulus between the outside of the drill rod
and the inside of the casing. No water passes around
the outside of the instrument and the consequence of
this boring method is a hole in the ground that is a
close fit to the instrument. The Cambridge SBP is
illustrated in Figure 1.
The proposed method utilises a conventional SBP
to first penetrate vertically into a cohesive material.
When the permeability test depth is reached, an
adapter is fixed to the top of the drill string at ground
surface. As there is a passage to the surface via the
casing and the adapter, water can be passed through
this casing to the bottom of the self bored borehole.
The adapter forms the water connection, which
connects the SBP, set up in the ground to the
equipment used for the MKII testing. A self de-

airing vent is attached to the adapter. The vent
releases any air in the system while maintaining the
pressure in the system during the test. During
permeability testing, fluid is delivered to the tip of
the instrument via the same pathway the drilling
fluid is delivered during self boring. The drill rod
joints are sealed with PTFE tape prior to drilling to
ensure that there are no leaks. During a test, water is
supplied along this pathway at a constant flow rate
using a stepper motor driven syringe pump located at
the ground surface.
A flow control unit with a digital display is used
to specify the required flow rate. The unit is
connected to a laptop computer where the test is
logged using proprietary software, written
specifically for the MKII test. The software allows
for real-time display of the test and logs the
temperature, pressure and flow rate applied in the
system with test time. The syringe system is
configured such that one syringe fills from the
header tank while the other is injecting fluid at a
constant rate to the test pocket. The injection syringe
can thus be switched during a test as one empties
and the other is filled and is ready for use. This
ensures that there are no pauses during a test to refill
the syringes. The syringes empty and fill equally at
the applied flow rate. The choice of injection syringe
is controlled by a system of valves and the flow
control unit. The header tank is also used to de-air
the system prior to the start of each test. The header
tank can be slightly pressurised if required to assist
during de-airing. Pressure in the system is measured
using a digital transducer and is logged by the
software. A gauge on the panel also gives a coarser,
but independent visual pressure reading. Two
temperature sensors are also located within the
system and logged with time during the test. One
sensor is located at the digital transducer and another
is located on the adapter, which connects

Header Tank
Permeameter
Control Panel

Water Connection

Large View of Pocket

Hydraulic
Rams

Flow Control
Valve

Pressure
Transducer
Ground Level

Syringe
2 Inch Casing
Length
L

Stepper Motor
12V Battery
Flow Control Unit
Syringe

Self-Boring
Pressuremeter

Diameter
d

Computer

Figure 1. MKII test equipment and a close-up of a Cambridge SBP with Chinese lantern.
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Typically, within a test borehole, the SBP test is
conducted first and the instrument is then drilled on
to the permeability test depth. The two tests can be
carried out as close as 0.5 m apart as the test centre
for the expansion test, which is usually protected by
a Chinese Lantern sleeve, is 0.5 m above the edge of
the instrument where the permeability test is
conducted. Ideally however the SBP test is
performed first and the instrument drilled on a little
as the instrument is pulled back during various
stages of the permeability test and some disturbance
to the SBP test area can be induced.
The MKII test can start at a condition where the
tip of the instrument is flush against the bottom of
the borehole. This is typically the condition after the
test depth is reached following self boring. The
adapter is then attached and the system is first deaired with the header tank open to the water
connection lines and all the lines and the de-airing
vent are bled. The vent is then closed and the
logging software is started and a flow rate is set on
the injector pump. A fast flow rate is chosen and
gradually switched to slower flow rates until the
steady state pressure for a particular flow rate is
established. For a particular cavity size which is
determined by the length to diameter ratio (L/d),
each test consists of constant flow injection at a
given flow rate until steady state is reached. Using a
set of tests or steady state values for a several
constant flow rates, a linear relationship is assumed
(Figure 2) and the slope of the plot is later used to
determine the coefficient of permeability (see
below). While two flow rates are sufficient to
establish the linear relationship, a few flow rates can
be attempted to confirm the relationship. During
trials that were conducted as part of this research, the
relationship has been confirmed for several low
permeability geo-materials as shown in Figure 2
(Ratnam et al., 2000; Ratnam et al., 2001). Usually,
about four steady states for a particular L/d can be
established within an hour of testing.
The probe can then be pulled back a short
distance, leaving a defined pocket in the ground to
perform additional tests for the new L/d geometry.
The precision of the boring ensures that the top end
of the pocket is sealed by the body of the
pressuremeter. The soil pressing in against the
instrument forms a good seal near the top of the
cavity hence no leaks occur along the instrument.
This was verified during the trials by monitoring the
two diametrically opposite pore pressure transducers
located on the SBP, 0.5 m away from the tip of the

45
L/d=1 : Gault Clay at 11.5mbgs

40

7ml/hr

35
P ress ure (kP a)

2.2 Test procedure

instrument. The transducers indicated no response as
the MKII test was in progress. If tests are conducted
for two or more cavity L/d ratios, the vertical, kv, and
horizontal, kh, coefficients of permeability can be
deduced from the measured matrix permeability, km.
Conducting tests at several L/d ratios also allows for
the effect of increasing sample size on permeability
to be determined in situ. The ability to measure other
soil properties and also vary the test cavity geometry
and determine both kv and kh, distinguishes the MKII
method from the MKI type tests (Baguelin et al.,
1974; Capelle, 1983; Harwood et al., 1995) where
only kh, is measured in a single self boring operation.
The MKII method introduces both vertical and
horizontal flow components during a test whereas
the MKI method only incorporates horizontal flow
for a fixed geometry (L/d).
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to the SBP system. A 12V battery powers the entire
MKII system. The arrangement is sketched in
Figure 1.
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Figure 2. MKII test data.

2.3 Test analysis
The MKII test is a variation of the constant head test
known as the constant flow test. Instead of the
maintaining a constant pressure and measuring the
flow with time, the flow is held constant and the
resulting pressure is measured. The response time, or
669

Permeability, kh (m/sec)
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Piezometers
(L/d=8.7)
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Depth (mBGL)

time required to reach steady state and hence a
measure of the time required to carry out a constant
flow test is much shorter than that required for a
constant head test. This is because the latter test is
dependent on the time required for a measurable
quantity of flow, however, the constant flow
technique allows for accurate determination of the
steady state condition from well-defined transducer
readings and prolonged readings are not required.
The cause for the response time in both tests is
however the same (i.e. seepage induced
consolidation), and the measured permeability
should be the same as identical conditions are
imposed on the soil as shown in the laboratory by
Aiban & Znidarcic (1989).
The following expression from Darcy’s flow rule
is used to interpret the MKII test: km = Q/FH where
Q is the flow under steady state conditions, H is the
applied head of water and F is the geometry shape
factor. The slope of the linear relationship shown in
Figure 2 (1/ Q/H) is used together with the relevant
shape factor, F, for the cavity geometry (L/d) that is
being tested to determine km. Finite element analysis
was conducted to determine the shape factors used in
the interpretation of the MKII tests (Ratnam et al.,
2001). This was done as there were no closed form
solutions or adequate analytical solutions for the
geometries that were considered. The following
expression is used in the interpretation of the MKII
tests:

BAT (L/d=1.3)
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LAVAL
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Figure 3. MKII test data compared with other techniques at
Bothkennar.

4 CONCLUSIONS
A new test method for permeability testing using the
SBP of the Cambridge design is presented. The
method has been demonstrated to be applicable for
various geo-materials where low permeability is
anticipated. This includes soft and stiff clay deposits
as well as engineered fills such as cement-bentonite
barrier walls, which are used in contamination
containment systems. The potential for the SBP as a
comprehensive site investigation tool is only further
enhanced by this new development.

F/d = 1.1872 (L/d) + 2.4135 (L/d)0.5 + 3.1146
where for L = 0: F/d = 3.1146 (Ratnam et al., 2001).
Anisotropic soil conditions can be interpreted by
substituting (mL/d) in the expression instead of
(L/d) where m = (kh/kv)0.5.
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3 APPLICATION
3.1 Test sites
The MKII method has been used to measure the
permeability of several geo-materials. The technique
has been used at a stiff clay site, a cement-bentonite
slurry wall in contaminated ground and also two soft
clay sites. The data is presented in detail and
discussed elsewhere (Ratnam et al., 2000; Ratnam et
al., 2001). Testing of engineered clay fill landfill
liners are planned. The most successful tests to date
were conducted with the latest version of the
prototype equipment at the EPSRC-Bothkennar soft
clay test site in Scotland (Ratnam et al., 2001). A
summary of some of the data and a comparison of
the data with other techniques is illustrated in
Figure 3.
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Scale effect on cone penetration test in silty sand
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ABSTRACT: Cone penetration test conducted in large amount in vast area and limited depth is considered
impractical when anchoring and the need of heavy truck is required. Alternative for economic reason is to use
mini CPT where testing can be done using light weight car with jacking system. However, due to nonstandard size of the cone, geotechnical professionals might disagree with the result since most empirical
interpretation has been based on standard cone size. This research has the objective to evaluate the scale effect
when mini cone is used. Three sizes of cone were used for this study and cone penetration tests were
conducted in the field as well as in the calibration chamber. The research focuses on silty sand where the
intended use of it is for liquefaction assessment in the silty sand area. Result of the research shows that the
scale effect is not significant, and the mini cone recorded practically the same tip resistance and friction ratio
as those of the standard cone.
1 INTRODUCTION
The issued of scale effect in cone penetration test
was address by De Beer (1963 &1988) who tried to
explain the similar failure mode of driven piles and
the CPT cone tip penetration into the soil. Since long
afterward this issue has not been put into discussion
or even special research. Since 1974 in the
Penetration Test Conference in Europe, a number
effort has been done on the standardization of the
cone size and testing procedure, which is then,
decided (ESOPT II, 1982). When the calibration
chamber was popularized (Veismanis, 1974;
Chapman, 1974; Villet, 1981; Tringale, 1983;
Huntsman, 1985; Eid, 1987; and Rahardjo, 1989),
evaluation of scale effect was then readily put into
research.
Some opinion about scale effect was introduced
theoretically and empirically in analytical modeling.
From analytical point of view, Durgunoglu &
Mitchell (1975) suggested to use equation, which
may apply in general cone configuration and soil
shear strength and scale effect for this analytical
approach was found to be insignificant (Rahardjo,
1983). In the mean time, empirical data show
different trend and results; generally it is concluded
that the soil particle is relatively much smaller than
the size of the cone so that no scale effect should
follow. Some fact about the scale effect in cone
penetration test conducted in the calibration chamber

by Last (1984) was found by Eid (1987) to be due to
the effect of boundary condition of the chamber size
and the stress strain condition of the boundary.
According to Schmertmann (1978), cone size
with projected area of 5 to 40 cm2 did not result in
scale effect, however the mini cone shall be more
sensitive to the existence of soil layering and if the
soil particle size is larger such as in the coarse sand
and gravelly sand, higher cone resistance is recorded
in the mini cone. However, Schmertmann did not
quantify the size of the soil grain relative to the cone
size.
Research conducted by Tumay et al. (1998) using
continuous intrusion electronic miniature cone on
over consolidated clay shows slight scale effect
where the mini cone registered 10% higher tip
resistance than the reference cone, however the
friction of the mini cone is 12% lower than the
standard one.
2 DESCRIPTION OF CONES
This research used three size of electric cone having
projected area of 4.2 cm2, 10 cm2, and 15 cm2. The
area of the sleeve is subsequently 63 cm2, 150 cm2,
and 225 cm2. These sleeve area represent the ratio
corresponding to the cone projected area. The mini
cone was constructed in the VPI-SU workshop. The
standard cone was of Fugro type and the large cone
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was contributed by Hogentogler Company in
Columbia, Maryland.
All three cones having apex angle of 60 degrees
follow the standard of Europe and United States. The
mini cone and the standard cone provide load cell
separately for the tip and the sleeve but the large
cone use a serial load cell, which is known as
subtraction cone. The description of the cone can be
found in Rahardjo (1990).

this site ranges 3.50 m – 5.00 m from ground
surface. The blow count to a depth of about 7.0 m is
in the range of 3 – 9 blows/ft. To this depth,
conventional classification system would suggest
that the silty sands have a very loose to loose
density. From the grain size distribution, the sandy
material has 0.12 – 0.25 mm diameter with fines
content of 5% – 30%. The fines were observed to
have essentially negligible plasticity. Water content
range from 3.5% in the upper unsaturated layer to
28% in the soils below the water table.
The CPT’s were conducted using a drill rig with a
hydraulic jacking system to push the cone into the
ground. Before the cone was inserted, the tip was
placed in a backfilled borehole on the ground surface
for temperature equilibration. When the data
acquisition system and the drill rig were ready, the
penetrometer was then brought back to the surface
and a zero-load reading of the tip bearing and the
sleeve friction were recorded. The data were
collected by a portable PC powered by a field
generator. The data acquisition system was driven by
depth pulses from a depth trigger to record digital
data at 2 cm increments. Real time plots of tip
resistance and sleeve friction were generated and
display on the PC screen while the test was in
progress. After the test, the cone was brought to the
surface and a final zero load reading was recorded.
Fig. 2. and Fig. 3. give cone test result profile for
both tip resistance and friction ratio. Except for local
areas both cone show friction ratio between 0.5% –
1.0%, which is typical values for silty sands. The
average tip resistant of either CPT is about 40 bars.

Figure 1. The cones used for research.

The mini cone has 1.0 ton capacity and hence
capable of measuring up to 220 bars. The equivalent
depth of sand layer that can be penetrated by this
cone is about 15 m, which is exactly the depth of
most liquefiable soils. The cone has been put into
use by Sweeney & Clough (1987) and Dickenson et
al. (1988).
3 RESEARCH IN THE FIELD
The test site, known locally as Pepper’s Ferry is
located about 7.50 miles South West of Blacksburg
on the bank of New River along the Virginia state
road 114. This site has been used for the studies of in
situ tests by the geotechnical group at Virginia Tech.
This site has been described as fluvial terrace
deposit. Three of the CPT’s suggested that the soils
were relatively uniform silty sands. The fourth CPT
was located closer to the river and it encountered a
more clayey silty soil. The sandy soils were found to
be concentrated on a knoll, which was approximately
25 yards from and parallel to the New River. A
number SPT were also conducted. The water table at

Figure 2. Typical CPT result for standard cone.
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Fig 4. shows a comparison for the tip resistance
of the three standard cone penetration of this
investigation. Except in the upper 1.50 m or so, the
tip resistances are very similar. A similar plot is
made in Fig. 5. for the three CPT’s of different size.
It is shown that there is slight scale effect, resulting
that the smaller cone tip resistance was 5% - 10%
lower than the standard cone.
A classification made using the CPT
classification chart suggested by Robertson et al.,
indicates that the silty sands is prone to liquefaction.
Since SPT’s were also conducted, it is interesting
to plot the qc/N ratio because of consistency in the
results, the CPT data for this analysis was based on
the average value of all three cones of different sizes.
The qc/N ratio is plotted with depth compared to the
values suggested by Seed et al. (1986) based on the
mean grain size. It is shown that at a depth less than
3.0 m, the ratio is higher than was predicted by Seed,
et al method. However, at depth more than 3.0 m the
Seed method prediction is close to measured data.
Figure 3. Typical CPT result for mini cone.

Figure 4. Comparison of three CPT’s with different cone size.

4 TEST RESULT IN THE CALIBRATION
CHAMBER
The scale effect is also observed in the calibration
chamber of VPI & SU. This chamber house large
diameter of sample with 1.50 m diameter and 1.50 m
high. Description of this chamber can be found in

Rahardjo (1989, 1995). Vertical stress and confining
stress can be done separately in this chamber. For
CPT in the chamber, 7 holes are provided with 6
holes concentric and 1 hole in the center. The center
hole is for standard cone and the other 6 holes are for
the mini cone. In this way, the soil samples tested are
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more or less identical. Configuration of the
calibration chamber is shown on Fig. 7.

Figure 7. Consolidation of sample in Calibration Chamber.

Figure 5. A plot of CPT result for classification purposes.

Figure 8. VPI – SU Calibration Chamber.
Figure 6. Variation of qc/N with depth.

The soil samples for this test are silty sand from
the dam excavation at Yatesville, Kentucky. The
sand is very fine having mean diameter of 0.10 mm
and 40% of non plastic silt. The sample is
consolidated under isotropically confining pressure
from slurry. Typical length of time for the slurry
consolidation is about 5 weeks.
The test result is plotted in Fig. 9., where it is
again verified that there is no scale effect for
different cone size.

5 CONCLUSION
This study shows there was no appreciable effect of
the cone size and for practical purposes they yield
the same results. The variations in the data of the tip
resistance are likely due to the variation of densities
of soil layers from one test hole to the other. It is
also verified that the friction ratios show almost no
differences. This conclusion is valid for silty sands
with diameter less than 0.20 mm.
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Figure 9. Result of CPT of different cone size in the calibration
chamber.
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ABSTRACT: The paper presents statistical evaluation of the relationship between cone resistance from cone
penetration test (CPTU) and undrained shear strength from field vane test (FVT). The analysis was based on
tests in post-flotation tailings accumulated in the mining wastes dump Żelazny Most. The evaluation of the
relationship was carried out assuming two models: simple linear regression model, and the model taking into
account measurement errors which occur during measurement of cone resistance and independently from
measurement of shear resistance in field vane test. The paper presents qualitative differences obtained in the
forecast of undrained shear strength on basis of cone resistance between the both models.
1 INTRODUCTION
In situ tests have recently played a particular role in
estimation of state parameters, physical and strength
characteristics of subsoil (Lunne et al. 1997). These
tests are equally important in evaluation of the above
parameters of post-flotation sediments deposited on
the dump. In studies on post-flotation sediments
several in situ methods are used, particularly CPTU,
FVT and DMT (Tschuschke et al. 1995). The
superiority of the latter tests over other methods and
laboratory tests results from the fact that the
sediments are transported to the reservoir by
hydrotransport method, segregated on the dump
beach and built into embankments where they are
densified. Such a construction technology causes
that the sediments have specific structure and
complicated drainage conditions. Identification of
strength parameters of the sediments must, therefore,
take into account spatial differentiation of the
tailings. CPTU meets this condition but to get a full
picture of changes in strength parameters it should
be supplemented with a point test, e.g. FVT. An
empirical relationship between the parameters from
cone penetration tests, e.g. cone resistance (qc) and
undrained shear strength (Su), is a basic dependence
used in calculating stability of the dump
embankment slopes (Młynarek et al., 1998).
Therefore statistical evaluation of the quality of this
relationship seems to be an important issue. Two
statistical models were assumed in evaluation of this
relationship. The first which corresponds to
commonly used technique, where cone resistance in

sediments is considered to be a dependent variable,
and is related correlatively to independent variable
which is shear strength. It is also possible and correct
construct an inverse function. The other model is
more advanced, since it assumes that both variables
are affected by independent measurement errors.
2 OBJECT AND METHODS
The reservoir of post-flotation sediments at Żelazny
Most has been made for accumulation of tailings
from copper ore processing. This is at present one of
the greatest hydrotechnical constructions of this kind
in the world. The technology used for construction
of the reservoir has been hydrotransportation method
with dumping of the tailings towards the reservoir
centre. This results in natural segregation of the
sedimenting tailings. In the dumping area and on the
beaches which are kept for safety reasons, sandy
sediments predominate. With distance from the
reservoir embankments the proportion of finer
fraction of the sediments increases. Also the
thickness of laminations and layers made of tailings
behaving like cohesive soil increases. In the central
part of the reservoir, where tailings are under water
the finest sediment particles are accumulated.
The construction design of the reservoir assumes
building embankments up to 100 m high. The main
problem for further construction is current control of
strength parameters of the sediments.
Several in situ methods and strength tests are
carried out in the Żelazny Most reservoir to control
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the tailings state and strength parameters. This is due
to the fact that the embankments are constructed
continuously and their present height – locally 45 m
– makes it necessary to check stress state and
deformations in the subsoil. Predominant field tests
are cone penetration test (Fig.1) with piezocone
(CPTU).
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five groups. Sediment grain size was defined as a
criterion for this division. In the classification 3
types of non-cohesive sediments and 2 groups of
cohesive ones were distinguished (Tschuschke et al.
1993). For the non-cohesive sediments a condition
of full drainage was assumed while for the cohesive
ones it is required that the cone penetration time is
much shorter than the time of pore pressure
dissipation.
In this stage of research project the cohesive
tailings from group IV (silt, sandy silt) has been
analysed. These types of tailings are characterized by
friction ratio - parameter from CPTU on the level
from 1% to 3%.

6
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3 BASIS FOR STATISTICAL ANALYSIS

10

3.1 Linear model with “a” constant Y = a + bX
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Figure 1. CPTU profile from the beach area of mining wastes
dump Żelazny Most.

Tests with Marchetti dilatometer and field vane
tests are carried out paralelly. The cone penetration
tests are made with A.P. van den Berg equipment
and the samples of tailings for laboratory studies are
taken with MOSTAP sampler. To determine the
value of undrained shear strength in situ at selected
depths a series of vane shear tests were carried out
(Fig. 2). The tests were made with PSO-1 vane probe
made in Poland with a 80160 mm size vane. The
shearing was carried out at a rate of 5o/min.

Let X and Y be two studied parameters, where X is
cone resistance (qc) or corrected cone resistance
qt = qc + (1-a)uc, or net cone resistance qn = qt - vo;
Y is undrained shear strength from vane test (Su), or
the strength corrected by taking into account
effective vertical stress (Su/’vo), then estimation of
parameters “a” and “b” of linear dependence
Y = a + bX on basis of observations (x1, y1), …,
(xn, yn) of these parameters can be made with the
model of simple linear regression, where:
yi  a  bxi   i

(1)

where εi are not correlated errors for which
E ( i )  0 and Var ( i )   2
From the least squares method, i.e. minimising the
expression:
n

(y
i 1

i

 a  bxi ) 2

the following estimators of parameters “a” and “b”
are obtained:
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Figure 2. Typical results from FVT in silty tailings layers.

Due to considerable variability of physical
parameters of the sediments they were divided into
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In this model, only “the vertical error in the y
direction” is minimised, while ignoring “the
horizontal error in the x direction”. This means that
the observation yi was made at assumed value of the
X = xi parameters observed without measurement
error.
The other way of evaluation of the relationship
between Y and X, which in this case means between
cone resistance and undrained shear strength, can be
the model assuming that both variables are observed
with errors. This model is known in literature
(Madansky, 1959) as “the simple linear errors-in
variable model”.
We assume that:
xi  X i  u i

(6)

y i  Yi  vi

(7)

3.2 Linear model without „a” constant Y = bX
If X and Y will again be two studied parameters (qc
or qt or qn) and (Su or Su/σ’vo), then classical model
of a simple linear regression (without a constant) is:
yi  bxi   i

(14)

where εi are not correlated errors for which
E ( i )  0 and Var ( i )   2 .
Using the method of least squares, i.e. minimising
the expression:
n

(y

i

 bxi ) 2

i 1

the following estimator of the parameter “b” is
obtained:

and Yi  a  bX i . It is assumed that the errors are not
correlated, and that

b

E (u i )  E (vi )  0 , Var (u i )   u2 and Var (vi )   v2 .

where:

To take both errors into account, to estimate
parameter “a” and “b” a weighed least squares
method is used which leads to minimising of:

S XY   xi y i

n

 w (b)( y
i 1

i

i

 a  bxi ) 2

(8)

where wi(b) is proportional to inverse variance
yi - a - bx, at assumed Xi, i.e.:
wi (b)  k /( v2  b 2 u2 ) ,

where k does not depend on i. To determine
estimators of “a” and “b”, additional information is
required, e.g. about quotient of error variance. If we
assume that we know:

 v2
 2
u

(9)

then Var ( y i  a  bxi )  (  b 2 ) u2 . Assuming:
wi (b) 

1
  b2

(10)

S XY

(15)

2
S XX

n

(16)

i 1
n

n

i 1

i 1

S XX   xi2 , SYY   yi2

(17)

In this model only “the vertical error in the y
direction” is minimised while ignoring “the
horizontal error in the x direction”. This means that
the assumption stating that the observation yi was
made at the assumed value of the parameter X = xi,
observed without an error. As explained earlier (see
3.1) an alternative can be a model where we assume
that both variables are observed with errors. For the
model given in equation 14 we assume that:
xi  X i  u i

(18)

y i  Yi  vi

(19)

and Yi = bXi. We assume that the errors are not
correlated, and that

minimising of (3) leads to the following estimators

E (u i )  E (vi )  0 , Var (u i )   u2 and Var (vi )   v2 .

a  y  bx

(11)

b  h  sign( S XY )(  h 2 )1 / 2

(12)

To take into account both errors, to estimate the
parameter “b”, weighed method of least squares is
used which leads to minimising of:
n

 w (b)( y

where:
h

S YY  S XX
2S XY

i

i

 bxi ) 2

(20)

i 1

(13)

and Sxx, Syy, and Sxy are given in formulas 1 and 2.

where wi (b) is proportional to inverted variance yi –
bxi at assumed Xi, i.e.:
wi (b)  k /( v2  b 2 u2 )
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where k does not depend on i. To determine the
estimator “b”, additional information is required, e.g.
about quotient of error variance. Repeating
considerations from the first model, the
dependencies 9 and 10 are obtained and from the
dependencies 12 and 13 where Sxx, Syy and Sxy are
given from the formulas 16 and 17.

because it assumes a boundary condition that if the
angle of internal friction of the soil in vane test is
neglected in the interpretation, then shear resistance
is described only by undrained shear strength (Su) or
corrected value (Su/’vo). Therefore, if this strength
equals zero, then cone resistance should also equals
zero.
Y
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4 RESULT ANALYSIS

Y=0,054377 X
X = qc Y = Su  = 0,003379

In the considered issue of investigating relationship
between cone resistance and undrained shear
strength, a more favourable function is the one
described by the second model. It is in agreement
with physical interpretation of this relationship
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Figure 4. Linear regression analysis for model of simple linear
errors-in-variable.
0,5
0.5

00

500
500

1000
1000

1500
1500

2000
2000

2500
2500
X

Figure 3. Linear regression analysis for model of simple linear
regression.

This means that the estimate line goes through the
origin of the coordinate system XY. In calculations it
was assumed for the  parameter that it is known,
and in the analysis it was determined from the
quotient of Y by X. This value can be determined
from calibration tests, maintaining physical and
strength parameters of post-flotation tailings on the
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constant level in replication test. An additional
element of the analysis was investigated into
variability distributions for the X and Y variables.
The analysis indicated that the zero hypothesis about
normality studied with Shapiro-Wilk test was
rejected.
The results of description of the relationships
between cone resistance and undrained shear
strength obtained from the simple linear regression
model, and the simple linear error-in-variable model
are given in Figs 3 and 4.
From these results interesting observations can be
drawn: normalization of the variables X and Y by
means of considering effective normal stress
decisively improves significance of the correlation
between the variables. Application of the linear
error-in-variable model yields different evaluation of
the coefficient at the variable X than in the simple
linear regression model. Although investigating
statistical significance of the difference between the
coefficients “b” of both models is not simple from
mathematical point of view, the difference in
forecasting undrained shear strength from cone
resistance is different in both models. The linear
error-in-variable model indicates higher values of
undrained shear strength from cone resistance, on
average by 6%. Consequently, these values are more
beneficial for a designer and less conservative.
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reservoir dams. Tailings and Mine Waste’98, Proc. intern.
conf., Fort Collons/Colorada, 26-28 January 1998.
Rotterdam: Balkema.
Mlynarek, Z., Tschuschke, W. & Werno, M. 1993. Assessment
of subsoil variability with the cone penetration test. In
K.S.Li & S-C.R.Lo (eds.), Probabilistic Methods in
GeotechnicalEngineering, Proc. intern. conf., Canberra,
10-12 February 1993. Rotterdam: Balkema.
Tschuschke, W., Młynarek, Z. & Lunne, T. 1995. Application
of cone penetration test for evaluation of geotechnical
parameters of post-flotation sediments. Proc. intern. symp.
On Cone Penetration Testing, CPT’95, Linkőping, 4-5 Oct.
1995, 2: 329-336. Swedish Geotechnical Society.

5 CONCLUSIONS
The results of statistical analysis confirm the concept
that if empirical relationships constructed of data
from two independent measurements, it is beneficial
to take into account variability and measurement
errors of both measured or registered parameters. At
this stage of investigations it is difficult to determine
what factors will additionally affect the values of
coefficients occurring in this relationship, which, at
the same time means, that undrained shear strength
from cone resistance can be predicted with better or
worse accuracy. To achieve better agreement, the
analysis indicated the need to normalize of the
measured parameters by effective vertical stress.
Such a detailed analysis of the dependence is
particularly important if the strength of the studied
soil is not too high, and this is the case almost
always in the dump accumulating mining wastes.
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An automated Becker hammer drill bounce chamber energy monitor
Jack Rosenfield
US Bureau of Reclamation, USA

ABSTRACT: The Becker Penetration Test (BPT) is used to determine the penetration resistance of coarsegrained soils. Becker drills use a diesel hammer which is closed off at the top so that part of its energy during
driving is developed by the compression of air in the top of the hammer cylinder. By measuring the pressure
of this trapped air (bounce chamber pressure), an estimate of the driving energy can be obtained for each
blow.
The Becker Hammer Monitor is an electronic data logging device which has been specifically assembled
and programmed for data collection for the BPT. A pressure transducer is used to measure bounce chamber
pressure and the pressure, hammer blow count, and time stamp is recorded. For each foot of penetration, the
blow count, average pressure, standard deviation, and the depth of penetration is recorded. The operator can
view the data as it is collected with a keyboard and display. Data can be transferred to computer and imported
into spreadsheet programs for analysis.
1 INTRODUCTION
The Becker Hammer Drill was developed to conduct
the Becker Penetration Test (BPT) in the late 1950's.
BPT's are large scale dynamic penetration tests used
to determine engineering characteristics of gravelly
and coarse grained soils in situ. The Standard
Penetration Test (SPT) and Cone Penetration Test
(CPT) are not desirable for this type of soil because
the soil particles are large in relation to the test
equipment yielding unreliable blow counts (Nvalues). Also, problems have been associated with
the repeatability of the SPT. The BPT enabled rapid
penetration in gravels and cobbles and the test data
obtained has been successfully correlated with SPT
and CPT data.
BPT equipment consists of a robust double
walled casing driven by a double acting diesel pile
hammer. Casing sizes range from 5.5 inch (140 mm)
to 9.0 inch (230 mm) outside diameter and typically
use either 5.5 inch or 6.6 inch (170 mm) casing with
a crowd-out (closed end) bit. The diesel hammer
delivers 92 blows per minute. The pile hammer is
closed at the top and the energy imparted to the bit is
measured by the pressure of the air in the top of the
hammer cylinder during travel of the ram. This is
called bounce chamber pressure.
Engineering data obtained during the BPT
consists of the number of hammer blows required to

drive the casing one foot into the ground, and the
average bounce chamber pressure for those hammer
blows. Additional instrumentation consisting of
strain gauges and accelerometers are sometimes
installed on the drive casing to provide a measure of
the energy imparted to the driven casing by using a
separate pile hammer energy monitor. This type of
monitoring is not discussed in this paper.
2 MANUAL DATA COLLECTION
Traditionally, engineering data are obtained by
observing an analog air pressure gauge connected to
the bounce chamber by a 50 feet (15.2 m) long hose.
A foot operated switch is periodically depressed
connecting the gauge to the hose and the peak
pressure for each hammer blow is observed for a few
blows. The observer counts the number of hammer
blows as the casing penetrates the ground surface
and records this information for each foot of
penetration. It is possible for the observer to count
incorrectly and the average peak pressure is
estimated from a number of discrete observations of
the gauge. This data is then entered into a
spreadsheet program for analysis.
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3 AUTOMATED DATA COLLECTION
The automated monitor consists of an electronic
pressure transducer, Campbell Scientific, Inc. data
logger, and customized operating software
assembled in a portable package. The pressure
transducer is connected to the chamber pressure hose
and analog air pressure gauge with a tee pipe fitting
and quick connect couplings. The data logger is a
model CR10X and is programmed using the
manufacturers' PC208W operating software. The
complete package also includes disposable alkaline
"D" size storage batteries, a keyboard/display,
telephone modem, and various control switches as
shown in Figure 1.

anticipated that this option will not be included in
the future.
Various control switches include a pause switch
to prevent unwanted data collection, a reset switch to
signal the start of a new drill hole, and a foot counter
switch which must be depressed at each foot of
penetration.
4 OPERATION
The monitor continually measures pressure of the
bounce chamber pressure transducer and records the
peak pressure for each hammer blow. The blow
count is incremented with each blow until the
operator depresses the foot counter switch signaling
another foot of penetration. For each foot of
penetration, the total number of blows, average peak
pressure, standard deviation of the peak pressure for
each blow within the past foot, and depth of
penetration are recorded as well as a time stamp.
When the new drill hole switch is depressed, various
counters are reset and the battery voltage is also
recorded.
Example of SHORT FILE
1,77,1225,31.13,0,6999,0,1

(created by new hole command)

6,77,1225,32,12.16

(created by new hole command)

1,77,1225,47,.013,25.61,3,1

(data for foot interval 0 to 1)

1,77,1225,52,.041,25.5,4,2

(data for foot interval 1 to 2)

6,77,1225,52,12.15

(created by new hole command)

Example of LONG FILE
1,77,1225,31.13,0,6999,0,1

(same as described above)

6,77,1225,32,12.16

(same as described above)

9,77,1225,44.5,25.62 (a single hammer blow)
9,77,1225,45.4,25.61 (another single hammer blow)
9,77,1225,46.4,25.59
1,77,1225,47,.013,25.61,3,1
9,77,1225,48.38,25.56

Figure 1. Becker hammer monitor.

9,77,1225,49.5,25.49
9,77,1225,50.5,25.44

Use of disposable batteries enables use of the
monitor in remote locations without consideration
for external power sources. One set of 8 batteries
will operate the monitor continually for one week or
longer. The entire package fits into an 11.5 inch (292
mm) by 17.5 inch (444 mm) by 7 inch (178 mm)
case.
The keyboard/display enables operator input to
alter some program control functions as well as
display current test parameters such as the peak
bounce chamber pressure for each blow, penetration
depth, blow count, and battery voltage. These
parameters can also be monitored using a laptop
computer if desired.
A modem is included to enable the monitor to be
reprogrammed or to download data via telephone. To
date, use of the modem has not been needed and it is

9,77,1225,51.75,25.51
1,77,1225,52,.041,25.5,4,2
SHORT FILE:
For each foot, the data will be in the format:
1, day, time, seconds, std dev, ave psi, blows/ft, foot counter
For each new hole command, the data will be in the format:
6, day, time, seconds, battery voltage
LONG FILE:
This file contains one line of data for each hammer blow, plus
all of the lines of data as described in the short file above.
For each hammer blow, the data will be in the format:
9, day, time, seconds, peak PSI

Figure 2. Stored data example.
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The recorded data is stored in two separate data
files. The shorter file consists of one line of data for
each foot of penetration plus two lines for each new
hole command. A unique identifier is included with
BPT vs. Depth
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imported directly into these templates. Other
spreadsheet programs may also be used. Analysis of
the data is not discussed in this paper however an
example of some data that was collected is shown in
Figure 3. This figure compares the data collected
using the monitor with manually collected data for
the same drill hole. The pressure data show
extremely close correlation between the automated
monitor and the manual recording of visual
observations of the pressure gauge. The small errors
in blow counts for each foot of penetration can be
attributed to the method of observation of the depth
of penetration. Prior to driving each 10 foot long
section of drill casing, lines are drawn on the casing
every foot. Depth of penetration is measured by
observing when these lines pass by the ground
surface. For low blow count soils, the casing
penetrates fairly rapidly and two separate observers
would most likely arrive at the same blow count, but
for high blow count soils, it is likely that the
observers could select different blow counts.
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5 AVAILABILITY AND USAGE

90

The monitor can be easily assembled using readily
available components. The control panel and
packaging were fabricated in house. The operating
software and Microsoft Excel spreadsheet templates
are available from the author. The monitor was
issued a United States Patent Number 5839317. The
monitor has been successfully used at 10 or more
sites. It has been operated by U.S. Bureau of
Reclamation employees, U.S. Army Corps of
Engineers employees, and by Consultants under
government contract. Operation instructions are
posted on the inside of the cover of the enclosure.

100
BPT 99-06 Logger Blowcount
BPT 99-06 Logger Pressure

BPT 99-06 Visual Blowcount
BPT 99-06 Visual Pressure

Figure 3. Typical data comparison.

each line to make it easier to identify the parameters
included. This shorter file, consisting of the
identifier, time stamp, standard deviation, average
peak pressure, and depth of penetration is usually all
that is needed for data analysis. A longer file is also
recorded which includes all of the same information
as the shorter file as well as a record of the peak
pressure for each hammer blow. This information is
useful if there are problems with the data or if the
peak pressure varies greatly within a foot of
penetration. An excerpt from these data files is
shown in Figure 2. Approximately 1560 feet of
penetration data and 56,000 hammer blows, which
would represent approximately 10 hours of operation
at 92 blows/minute, can be stored in the memory
before the oldest data will be overwritten. This
capacity can be doubled if desired. The data should
be copied to a computer before it is overwritten.
Occasionally, the drive bit is withdrawn some
distance and then redriven. In this instance, the
operator can reset the depth of penetration using the
keyboard/display. Additional data can then be
collected.
Data files can be retrieved at any time using a
laptop computer. Customized templates have been
created for data analysis using the Microsoft Excel
spreadsheet program. The shorter file can be

6 PROBLEMS AND LESSONS LEARNED
One problem that was encountered consisted of a
plugged air line which prevented the pressure
transducer from measurement of chamber pressure.
This problem also prevented manual observation of
the analog pressure gauge. The cause of this problem
was related to the cleanliness and maintenance of the
drill rig and related equipment and occurred with
only one drilling contractor. As a preventative
measure, the pressure transducer should always be
installed with the pressure port facing downward to
reduce the chance of fouling its diaphragm. At
another site, the operator of the monitor stopped
using it because he thought it was not working when
he had trouble collecting the data from the monitor
with his computer. In this instance, the monitor was
working fine and the operator needed additional
training.
687

7 AVAILABILITY OF EQUIPMENT
At this time, there are three monitors available for
use within the Bureau of Reclamation and two
additional monitors in use by the U.S. Army Corps
of Engineers. Additional monitors would need to be
assembled as needed.
8 DRILLING CONTRACTOR
Great West Drilling,
15777 Valley Blvd., Bldg D,
Fontana, California, USA,
E-mail: office@greatwestdrilling.com
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