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ABSTRACT: CPT practice has an admirable history on benchmarking accuracy of parameter values. A
proposed Analytic CPT can serve as a benchmark for true values, independent of deployment-specific
CPT features. This paper provides an introduction to CPT accuracy with reference to the proposed Analytic CPT and with reference to CPT standard ISO 22476-1 and its application (accuracy) classes.
ISO 22476-1 defines accuracy, where (1) cone resistance, sleeve friction and pore pressure are uncoupled
from spatial position and (2) true values depend on permissible deployment-specific features. Uncertainty
estimates are presented for favourable and adverse conditions. The adverse case illustrates difficulty in
demonstrating compliance with the application classes of ISO 22476-1. Significant epistemic uncertainty
is the principal reason for this situation, notably prediction models for transient temperature and measurement error. The uncertainty model provides what may be the first estimate that complies with
ISO 22476-1 procedures. Actual accuracy is probably significantly better than calculated.

1. IN SITU PENETRATION TESTING
A supreme in situ penetration tool:
– provides zero measurement uncertainty,
– gives unambiguous soil behaviour identification,
– has a closed-form theoretical interpretation model directly linked to fundamental soil mechanics,
– penetrates at high speed to desirable depths into any type of ground at temperatures between permafrost and volcanic outflow,
– allows cheap operation from a small autonomous vehicle operating on any terrain, above and below
water,
– is uniquely standardised.
No such tool exists. The (piezo)cone penetration test (CPT) is closer to this wish list than any of its
in situ rivals. A CPT measures soil resistance to penetration of a cone and friction sleeve and, optionally,
pore pressure, all at a fairly standardised geometry and a push-in penetration rate of about 20 mm/s.
Cone penetration testing in a real world demands concessions in investing in technology and limiting
operational cost. Successful CPT technologies are available in the market place, providing cost-effective
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support to industry and society at large. Successful may be recognized by accurate measurements even
as upholding robustness under extreme physical demands. Is it possible to estimate CPT accuracy?
The following sections provide an introduction to CPT accuracy, exploring and illustrating what is
known. Significant epistemic uncertainty remains. Discussions are limited to friction cone and piezocone penetration tests, using cone penetrometers with load cells as force measuring transducers, which
probably represents >95% of cone penetration tests in practice. Supplementary tests and systems such as
pore pressure dissipation, seismic downhole (seismic cone penetration test) and full displacement pressuremeter (cone pressuremeter test) are excluded from the discussions.
2. USE OF CPT RESULTS IN PRACTICE
Society and industry prescribe design and construction of facilities and the associated engineering risks
that are considered to be acceptable. These prescriptions are typically captured by standards and guidelines. Cone penetration tests can be part of design and construction processes, in that they provide geotechnical measurements and are thus part of structure reliability (ISO 1998).
Widely used CPT standards are those published by ISO (2012a) and ASTM (2012), hereafter abbreviated to ISO 22476-1 and ASTM D5778. The following sections include critique on sections of these
CPT standards. This is hoped to be constructive. In this regard, the authors wish to stress their appreciation and recognition of the efforts made in standardisation. Work is typically done by only a small core
group of dedicated volunteers with limited backing. It is work in progress, never finished. Furthermore,
consensus is to be achieved within the core group and, usually, with an active peer group of similar size.
3. BENCHMARKING OF CPT ACCURACY
CPT practice has an admirable history on benchmarking accuracy of parameter values (Table 1). Such
ambitions are not yet seriously contemplated for parameter values inferred from soil sampling, sample
handling and geotechnical laboratory testing. For example, Ruiter (1975) noted, “without special precautions, under routine field conditions, the possible error in cone resistance is about ± 5 kg/cm2, with careful calibration before and during the test this can be improved to ± 1 kg/cm2 cone resistance.” This
statement applies to a friction cone penetrometer with strain-gauge load cells. Note that 1 kg/cm2 is approximately 100 kPa. Also note “routine field conditions”. This rightly recognises the complexity of accurately measuring resistance values differing by typically four orders of magnitude, with no control on
measuring environment. This paper continues with this recognition of complexity and introduces the
terms “favourable” and “adverse”. Favourable may be compared to a setting that approaches a calibration laboratory. Adverse represents common hostile site conditions and/or a setting with real-world limits on tool control.
Table 1. Historical notes on CPT standardisation – with focus on accuracy.
Year
1968

1977

Notes
Recommended method for “static sounding (static penetration test)” (European Group of the Sub-committee for
Static and Dynamic Penetration Test Methods, 1968).
Description of method covers just over one page; 1,000 mm2 for cross sectional area of cone; no geometry requirements for friction sleeve; penetration rate should be constant and <20.8 mm/s
Recommended standard for the cone penetration test (CPT) (ISSMFE 1977).
Advancement of 1968 work; detailed requirements for CPTs with friction cone penetrometer; reference cone penetrometer defined with nominal cross sectional area of 1,000 mm2 and friction sleeve area of 15,000 mm2; surface
roughness for friction sleeve of 0.5 µm with tolerance of 50% in longitudinal direction; measurement requirements
for two precision classes: the larger of 5% of measured value and 1% of maximum value of range, respectively
10% and 2%; the term “range” is undefined: measuring range is probably intended; check is required on sensor ze-
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Year

1979

1989

1996

1999

2012

2012

2014?

Notes
ro-load drift; cylindrical height of cone defined at 2 mm to 5 mm; penetration rate defined at 20 mm/s ± 5 mm/s;
use of (undefined) smaller and larger diameter cone penetrometers permitted
Deep, quasi-static, cone and friction-cone penetration tests of soil (ASTM 1979).
First (?) CPT standard published by a national standardisation institute; requirements for friction cone penetrometer
with cross sectional area of 1,000 mm2 and friction sleeve area of 10,000 mm2 or 15,000 mm2; bottom of friction
sleeve <10 mm above base of cone; use of (undefined) larger cone penetrometers permitted; penetration rate defined at 20 mm/s ± 5 mm/s; accuracy of thrust measuring instrumentation to ± 5% of correct values; statement included on precision estimates for qc and fs
International reference test procedure for cone penetration test (CPT) (ISSMFE 1989).
Advancement of 1977 work; piezocone test included; cylindrical height of cone defined at 7 mm to 10 mm; maximum height of gap between cone and friction sleeve defined at 5 mm; piezocone filter in conical part of cone (u1
position) or in cylindrical extension (u2) with precautions to maintain full saturation; comment on influence of water pressure and area ratios for cone and friction sleeve, requirement on cone penetrometer bending influence; surface roughness of friction sleeve between 0.25 µm < r < 0.75 µm in longitudinal direction; precision of “measurements” and zero drift to be better than the greater of 5% of the measured value or 1% of the maximum value of the
measured resistance in the layer under consideration (undefined); depth measurement to an accuracy of 0.1 m; inclinometer may be built into penetrometer; geometry scaling according to cone penetrometer diameter
Dutch standard NEN 5140 Determination of the cone resistance and the sleeve friction of soil – electric cone penetration test (NNI 1996).
Advancement of 1989 work; restricted to friction cone penetrometers; requirements for bevelled ends of friction
sleeve; practical guidance on penetration interruptions including electronic heave compensator; time-based data recording; four accuracy classes for cone resistance, sleeve friction, inclination and penetration depth; accuracy expressed as the larger of a threshold value (e.g. 50 kPa, 250 kPa or 500 kPa for cone resistance qc) and percentage of
measured value (e.g. 3% and 5% for qc); accuracy defined with reference to ISO metrological standards; resolution
should be better than one third of accuracy; guidance on uncertainty analysis; geodetic requirements; presentation
of digital tabular results
International reference test procedure for the cone penetration test (CPT) and the cone penetration test with pore
pressure (CPTU) (ISSMGE 1999).
Advancement of 1989 and 1996 work; piezocone filter in u1, u2 or u3 (immediately above friction sleeve) position;
u2 filter may be in cylindrical part of cone or in gap between cone and friction sleeve; inclusion of pore pressure
dissipation test; four accuracy classes for cone resistance, sleeve friction, pore pressure, inclination and penetration
depth; accuracy classes with tighter values for qc (e.g. 50 kPa, 200 kPa, 400 kPa or 500 kPa for cone resistance) and
fs; threshold values for pore pressure of 5 kPa, 25 kPa or 50 kPa; presentation of corrected cone resistance qt and
pore pressure ratio Bq
ISO standard: electrical cone and piezocone penetration tests (ISO 2012a).
Based on 1999 reference test procedure, four application/ accuracy classes (Fig. 18) with stricter values for qc
(35 kPa, 100 kPa, 200 kPa or 500 kPa for cone resistance) and fs; adjusted values for pore pressure: 10 kPa, 15 kPa,
25 kPa or 50 kPa; normative requirements on maintenance, checks and calibration
ASTM standard: electronic friction cone and piezocone penetration testing of soils (ASTM 2012).
Periodic ASTM update, some matches with ISSMGE international reference test procedure; requirements for friction cone and piezocone penetrometers with cross sectional areas of 1,000 mm2 (reference); cylindrical height of
cone plus any filter to be more than 2 mm and less than 20 mm; bottom of friction sleeve between 5 mm and
15 mm above base of cone; friction sleeve with equal end areas; cross sectional areas of 500 mm2 and 1,500 mm2
are permitted; penetration rate defined at 20 mm/s ± 5 mm/s; precision of pore pressure sensor of better than
± 14 kPa; permissible zero drift of 2% of full scale output FSO of qc, fs and u measurements; depth accuracy of
± 0.1 m; normative annual calibration requirements for laboratory environment under ideal conditions with requirements typically expressed as percentage of FSO: atmospheric axial calibration (no bending) for qc and fs, pressure calibration for u, and ambient temperature stability; statement included on precision estimates for qc, fs and u
expressed in terms of standard deviation as percentage of FSO, refer to Table 2
ISO standard: marine soil investigations (draft, ISO 2012b)
Possible publication year 2014; expected similarities with application classes of ISO (2012a) with adjustments to
suit offshore practice

A literature search conducted on behalf of the authors led to many hits on CPT accuracy claims. Early
and recent claims are by and large unsubstantiated. No publication provided an elementary estimation of
accuracy of cone penetration test results according to ISO (2003) and EA (1999) or equivalent.
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What is clear is that many in industry have overrated beliefs in accuracy of geotechnical measurements. CPT measurements are no exception. These overrated beliefs are probably due to researchers and
practitioners correlating repeatability with accuracy. A lower accuracy is, in itself, usually not an issue
for practice. The belief in a better accuracy than actually achieved can lead to unsafe conclusions:
− There is generally no relationship between precision of a sensor and accuracy of a measurement.
− Geotechnical parameter values usually require combining results from a number of measurements.
Derived measurements may be dominated by a weakest-link principle.
− Operating conditions at site often differ significantly from assumptions and calibration laboratory
conditions. The success of geotechnical measuring systems designed for a specific set of operating
conditions and site conditions triggers wider use, without appropriate recognition of potential limitations.
− Many publications tell of success stories for carefully selected sites showing exceptional simplicity in
soil conditions. Errors remain undetected and unexplained observations remain untold.
− Many standards and detailed guidelines have implicit fuzziness about accuracy.
Usually, discussions on CPT accuracy take place without a satisfactory definition for accuracy. Some
use accuracy in metrological terms of resolution or repeatability. Others presumably refer to accuracy
under calibration laboratory conditions. Many are ambiguous about: (1) coupling of qc, fs and u with
spatial position xyz and (2) true value related to permissible equipment-specific and procedure-specific
features.
Defining accuracy requires a digression into metrology. Metrologists tend to be precise and accurate.
Their vocabulary is reflected in JCGM (2012) “international vocabulary of metrology”. Accuracy relates
to a “true quantity value of a measurand”; refer to Figure 1 and Glossary of Metrological Terms, Table 5. The following sections show that this true value is generally described in an approximate manner.
Value

Penetration Depth

Accurate:
Precise
Unbiased
Inaccurate:
Precise
Biased
Inaccurate:
Imprecise
Unbiased
Inaccurate:
Imprecise
Biased
True
Value Bias

Figure 1. Accuracy, precision and bias.

The issue of true value related to permissible equipment-specific and procedure-specific features may
be demonstrated by a proposed “Analytic CPT” that serves as benchmark for true values (Fig. 2). The
proposed Analytic CPT complies with ISO 22476-1 and ASTM D5778 and features: (1) exact spatial
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position xyz where penetration depth z equals penetration length l, (2) penetration rate v of 20 mm/s (3)
application of push rod thrust with no influence of thrust machine on ground conditions, (4) an imaginary cone penetrometer with a solid body of uniform geometry with no gaps, no pore pressure filter interference and surface roughness Ra = 5 µm and (5) zero measurement uncertainty.

Figure 2. Example cone penetrometer from practice and proposed cone penetrometer for Analytic CPT.

4. CPT ACCURACY IN STANDARDS
The following sections focus on ISO 22476-1 and ASTM D5778. It is interesting to note that ISO
22476-1 uses the term accuracy and ASTM D5778 uses precision.
ISO 22476-1 is a performance-based standard, particularly defining CPT accuracy in terms of accuracy classes. ISO 22476-1 uses the term application class for accuracy class. The performance-based approach aims at a minimum accuracy of test parameter values within a framework of only essential requirements. ISO (ISO/IEC 2011, 2013) encourages a performance-based approach. ISO 22476-1 is
remarkable, in that it refers normatively to the VIM (1993), by means of a normative reference to ISO
10012 (2003) “measurement management principles”. In comparison, the authors are not aware of other
standards for geotechnical tests defining important results in terms of accuracy as defined by VIM
(1993). Some that do are in preparation. Note that JGCM (2012) replaced VIM (1993).
ISO (2003) states, “The measurement management system shall ensure that specified metrological
requirements are satisfied”. ISO 22476-1 expresses metrological requirements in terms of accuracy and
error: “If all possible sources of errors are added, the accuracy of the recorded measurements shall be
better than the largest of the values given in Table 2. The inaccuracy analyses shall include internal friction, errors in the data acquisition, eccentric loading, temperature (ambient and transient) effects and dimensional errors.” The term accuracy assumes knowledge of a true value, i.e. what should be regarded
as true value. Note that ISO 22476-1 assigns accuracy requirements to defined parameters, e.g. “measured cone resistance” qc, “measured sleeve friction” fs, and “measured pore pressure” u. These measurands depend on actual CPT system characteristics. ISO 22476-1 provides no explicit guidance on inevitable and allowable differences between measuring instruments and measuring practice. In other words,
true values obtained by different systems will not be directly comparable. The term error implies a refer5

ence quantity value. This probably refers to a value determined in a calibration laboratory or similar, as
it is generally impossible to obtain an in situ reference value. For example, calculation of cone resistance
requires axial force and cone base area. A reference value for dimensional error for cone base area can
be readily established. However, what would be the reference quantity for the influence of a permissible
change in cone apex? Also, ISO 22476-1 provides no explicit guidance on coupled measurands (parameters). Presumably, ISO 22476-1 considers a true value of cone resistance to be uncoupled from a true
value of pore pressure u and uncoupled from a true value of spatial position xyz below ground surface.
Normally consolidated or slightly overconsolidated clay would represent a favourable setting for spatial
coupling. Layered soil would represent adverse conditions. In practice, “all possible sources of error”
will usually be interpreted as errors listed in Annex E of ISO 22476-1 “uncertainties in cone penetration
testing”. Note that Annex E offers no guidance on intentions for the words “include but are not limited
to”.
ASTM D5778 is prescriptive, method-based. Most standards for geotechnical tests are method-based.
This implies that the aim is to produce equivalent and competing systems through detailed descriptions
of specific apparatus and step-by step methodology. The accuracy of the acquired test parameter values
is generally unknown. ASTM D5778 states: “Precision - There are little direct data on the precision of
this test method, in particular because of the natural variability of the ground. Committee D-18 is actively seeking comparative studies. Judging from observed repeatability in approximate uniform deposits,
persons familiar with this test estimate its precision as follows” (Table 2). ASTM D5778 also states:
“Bias - This test method has no bias because the values determined can be defined only in terms of this
test method”.
Table 2. CPT precision according to ASTM (2012).
15.1.1 Cone Resistance

Provided that compensation is made for unequal area effects as described in 13.2.1, a
standard deviation of approximately 2% FSO (that is, comparable to the basic electromechanical combined accuracy, nonlinearity, and hysteresis).
Standard deviation of 15% FSO.

15.1.2 Sleeve Friction Subtraction Cones
15.1.3 Sleeve Friction - InStandard deviation of 5% FSO.
dependent Cones
15.1.4 Dynamic Pore-water
Strongly dependent upon operational procedures and adequacy of saturation as described in
Pressure
11.2. When carefully carried out a standard deviation of 2% FSO can be obtained.
Note: a subtraction-type penetrometer has two load cells in series. The lower load cell measures forces on the cone (C) and
the upper load cell measures the sum of forces on the cone and the friction sleeve (C+F). The force on the friction sleeve is
obtained by subtraction: (C+F)-C. An independent-type cone penetrometer has two load cells that measure forces on the
cone and friction sleeve independently.

ASTM (2011) and ASTM (2013) define bias and precision: respectively “a systematic error that contributes to the difference between the mean of a large number of test results and an accepted reference
value” and “the closeness of agreement between test results obtained under prescribed conditions”. The
term uncertainty is mentioned under measurement, but not explained. ASTM (2011) mentions accuracy
but provides no definition. ASTM (2013) refers to bias when looking up accuracy. It may be noted here
that NIST (2013) distinguishes between bias and accuracy: “Accuracy is a qualitative term referring to
whether there is agreement between a measurement made on an object and its true (target or reference)
value. Bias is a quantitative term describing the difference between the average of measurements made
on the same object and its true value.”
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5. CONE RESISTANCE
5.1 Geometry
ISO 22476-1 allows the use of cone penetrometers with cross sectional areas between 500 mm2 and
2,000 mm2. Cone penetrometer geometry should be adjusted proportionally to diameter, where dimensions for a 1,000 mm2 penetrometer serve as reference. Similarly, ASTM D5778 considers cone penetrometers with cross sectional areas of 1,000 mm2 and 1,500 mm2. Test results may be used “without the
application of correction factors”, i.e. need not be accounted for in accuracy statements. However, scale
effects will inevitably influence CPT results (De Beer 1963, Diepstraten 2003, Hird & Springman 2006,
Meave Silva 1999, Peuchen et al. 2005, Peuchen 2012, Powell & Lunne 2005a, 2005b, Randolph 2004,
Titi et al. 2000, Tufenkjian et al. 2010, Vreugdenhil et al. 1994). General comments are as follows.
− Cone resistance qc in low-permeability (clay) strata may be expected to be within 10% of the reference cone size.
− It is much more difficult to make comparisons between cone penetrometers in sands. Build-up of qc
of a smaller cone penetrometer is faster than that for a larger penetrometer.
− There is some evidence that a smaller cone penetrometer provides higher qc in strongly dilatant sands
and lower cone resistance in sands with contractive behaviour. Differences can partially be explained
by elastic theory.
− CPT signature may be affected when effective particle size D50 exceeds about 10% of the diameter of
the cone penetrometer. Individual particles rather than the soil mass may contribute to the measurements.
− The loading response of a smaller penetrometer to soil layering is more rapid than that of a larger
cone penetrometer. This relates to soil failure mechanisms in layered soils. Depending on ground
conditions, the smaller probe may show higher peak qc values and lower base values.
− Soil structure may cause failure mechanisms along zones of weakness. The larger cone penetrometer
affects a larger mass of soil. There is a greater potential for soil structure effects. Thus, the larger
cone penetrometer may exhibit lower qc in structured soils.
− A fixed rate of penetration of 20 mm/s will affect transitions between drained, partially drained and
undrained soil response to penetrometer penetration. This may be approximately quantified by a nondimensional parameter V where V = vd/cv, where v is penetration rate, d is cone diameter and cv is
coefficient of consolidation of soil.
The following sections consider cone penetrometers with a nominal cross-sectional area of
1,000 mm2, unless indicated otherwise.
Measured cone resistance qc is derived from the cross sectional area Ac of the cone and the axial force
Qc acting on the cone.
Measurement of cross sectional area is typically done by vernier calliper achieving an uncertainty of
about ± 0.5% for 1,000 mm2 cross sectional area under favourable conditions. The 0.5% value considers
averaging of three vernier calliper measurements at 120o, each with a calliper measuring uncertainty of
± 0.1 mm. This results in about ± 0.3% measurement error for cross sectional area. Cross sectional area
will also be affected by a difference in temperature at the time of cross section measurement and temperature of a cone penetrometer embedded in soil. This is because of steel expansion/contraction at
about 10-3%/oC. This influence is negligible.
Wear of a cone penetrometer is a non-random process. Approximate corrections for wear are feasible
but uncommon in practice.
ISO 22476-1 and ASTM D5778 prescribe tolerances for cone geometry. In practice, the diameter of a
new cone will be at a permissible (steel) geometry that provides maximum wear before cone replacement, i.e. 36.0 mm for a nominal 1,000 mm2 cone penetrometer (ISO 22476-1 and ASTM D5778). This
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provides a cross sectional area that is 1.8% larger than nominal. Note that ISO 22476-1 allows a diameter of 36.1 mm for an u2 filter, giving 2.4% larger than nominal. ASTM D5778 excludes this permission.
A lower limit of 35.3 mm for a worn cone gives a 2.1% smaller area than nominal. These percentage
values for area tolerances are upper limits for proportional influence on cone resistance. The influence of
cross section variations will generally be less than proportional to cone resistance. This is because of net
area ratio, discussed below. CPT processing software commonly considers a fixed cross sectional area at
midpoint of wear. This approach results in a measurement error of up to about ± 2%. Note that this fixed
area differs from the nominal value of 1,000 mm2 and takes no account of net area ratio effects.
Tolerances not only affect cross sectional area but also, for example, cone apex and height of cylindrical extension (Fig. 3). ISO 22476-1 appears ambiguous on whether such changes in geometry may be
ignored for estimates of accuracy of cone resistance. Effects on cone resistance are primarily significant
for clay soils. For example, a 10 mm cylindrical height implies about 3.4% contribution to cone resistance for a typical clay soil and soil-steel friction on the cylindrical height equal to 3% of the cone resistance. ISO 22476-1 allows wear down to 7 mm cylindrical height. This would then imply a reduction
in cone resistance of 1% compared to the 10 mm case. ASTM D5778 allows a wider range of cylindrical
heights: 3 mm to 15 mm depending on penetrometer design. Contributions to cone resistance will vary
accordingly. Changes in cone apex will also affect cone resistance, but probably to a lesser degree than
cylindrical height. The authors are not aware of specific study results.

Figure 3. Wear of cones made of different materials after approximately same metres of penetration (Schaap &
Zuidberg 1982).

Effects of variations in surface roughness are probably relatively small for cone resistance. It is tentatively estimated that variations in cone resistance are possibly less than ± 0.2% for favourable conditions
and less than ± 2% for adverse conditions. The authors are not aware of specific study results.
ISO 22476-1 specifies an average surface roughness Ra of <5µm for steel to be determined by a surface
profile comparator. The requirement for cone surface roughness applies to the time of manufacture, with
the intention that the roughness at manufacture approaches the roughness of a cone acquired upon use in
common ground conditions. ASTM D5778 prescribes “The cone is made of high strength steel of a type
and hardness suitable to resist wear due to abrasion by soil.” In practice, the ASTM D5778 approach
will be equivalent to ISO 22476-1. The presence of a pore pressure filter will additionally affect surface
roughness as a function of material type, manufactured geometry tolerances and geometric variations
upon soil stresses acting on the filter.
The Analytic CPT has a solid body. In practice, all cone penetrometers incorporate a gap between the
cone and the friction sleeve. The gap varies in volume upon cone penetration into soil and affects cone
resistance because of deformation/ displacement of a flexible mechanical soil seal and an O-ring water
seal and because of stresses induced by soil particles, water and gas in the gap.
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A well-designed soil seal affects cone resistance by less than laboratory calibration uncertainty, i.e.
no difference is typically observed between calibrations with and without soil seals.
Soil particles in the gap can lead to force transfer from the cone to the friction sleeve, i.e. cone resistance shows an apparent reduction. Sleeve friction will show an apparent increase by a factor 1/15,
representing the area ratio of the cone to the friction sleeve. Force transfer can probably be ignored under favourable conditions, i.e. a well-designed soil seal and a nearly constant volume of the gap at a
nearly constant force on the cone and the friction sleeve. Highly variable gap volume represents potential for adverse conditions. Such conditions may be expected under strongly variable soil resistance and
with low-stiffness penetrometers. In extreme cases, errors in cone resistance may exceed 1 MPa, refer to
Section 14. Sleeve friction signature will then typically approach that of cone resistance and accurate
separation of cone resistance and sleeve friction will no longer be possible. These extreme cases can often be attributed to particles locking into the gap, possibly exacerbated by high steel-soil temperatures
generated during cone penetration.
Soil in the gap will be subject to radial forces and soil-soil shear forces acting in an axial direction.
Radial forces may cause particles to show Poisson’s effects, the magnitude of which is probably small.
The shear forces will largely transfer to the friction sleeve. This will be further discussed below. Schaap
& Zuidberg (1982) observed calibration errors for cone resistance in the order of 2% to 3% for cone
penetrometers returned to a calibration laboratory. Simple cleaning and maintenance reduced these errors to about 0.4%, indicating significant influence of soil ingress into the gap. The observations by
Schaap & Zuidberg presumably applied to air-dried cone penetrometers. Better calibration errors could
possibly apply under in situ conditions, with access to water. Jekel (1988) compared 11 CPTs in sand
with removal of soil from gaps before start of a test with 7 CPTs without removal. No trend with qc, fs or
Rf was found. The authors are not aware of other specific studies on cone/friction sleeve interference by
soil particles at/in the gap.
Water and gas in the gap affect measured cone resistance. This may be explained by means of
qt = qc+(1-a)u2g. ISO 22476-1 uses the term corrected cone resistance for corrected cone resistance for qt.
ASTM D5778 use the terms corrected total cone resistance, estimated total tip resistance and total tip
stress. The term u2g represents water and/or gas pressure in the gap. It replaces u2, where u2 is pore water
pressure traditionally derived from an initially saturated pore pressure measuring system positioned near
but outside the gap. The term “a” represents net area ratio, i.e. the ratio of the cross-sectional steel area
at the gap between cone and friction sleeve to the cone base area. Net area ratio is typically between 0.5
and 0.85. It depends on cone penetrometer design and wear of the cone. Note that wear of a cone from
36.0 mm diameter to 35.3 mm diameter would reduce (1-a) from an initial design value of, say, 0.25 to
0.22, i.e. by 14%. CPT processing software may allow entry of actual cross sectional area and corresponding adjustment in the theoretical value for (1-a).
It may be noted here that CPT standards prescribe measures promoting initial saturation of an u2
measuring system. No such requirements apply to the gap. The effect of u2g on cone resistance is important for normally and slightly overconsolidated low-permeability soils. The influence of u2g on qc is
very small for dense sands. This small influence is because of high qc values compared to u2g. Values for
u2g depend on:
− initial degree of water/gas saturation in the gap, i.e. at start of test
− soil-induced changes to saturation
− soil seal behaviour
− soil permeability
− static groundwater pressure u0
− transient pore water and/or gas pressures induced by cone penetration into soil
− volume change of the gap by strongly variable soil resistance and with low-stiffness penetrometers.
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Accurate measurement of u2g will be extremely difficult. The authors are not aware of cone penetrometers equipped with sensors for u2g measurement, although recommended by ISO 22476-1 and alluded to by ASTM D5778. Under favourable conditions, u2g will approximate u2. Favourable conditions
may be expected when u2 values are relatively uniform and exceed about 2 MPa, i.e. at which point any
free gas in pore water will be forced into solution (Fig. 4). This point should be reached at the equivalent
of about 100 m to 200 m hydrostatic (ground) water head in high-permeability soil, i.e. rarely onshore
and frequently offshore. It may possibly be reached at shallower penetration in low-permeability soils
(clays and silts) with u2g response exceeding u0. However, low-permeability soils will allow only limited
inflow of water into the gap, causing a delay in saturation. Also, soil particles in the gap may act as a
barrier to water inflow. A deeper point applies to soil with u2g < u0, e.g. soil showing undrained and
highly dilatant response upon cone penetration.
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Figure 4. Laboratory water pressure versus normalised net area ratio.

Figure 4 suggests that favourable conditions may be approximated by an equivalent uncertainty for
(1-a) and assuming u2 = u2g. Figure 4 presents applied pressure u versus normalised net area ratio, defined as (1-ameasured)/(1-atheoretical). Values for atheoretical were derived from manufacturing specifications
and values for ameasured were derived from qc/u. An uncertainty in the order of, say, ± 2.5% for normalised net area ratio would give uncertainties for qc of about ± 0.5% for (1-a) = 0.2 for normally consolidated or slightly overconsolidated clay. The value of ± 0.5% would increase to ± 1.3% for (1-a) = 0.4.
Adverse conditions should be expected for most onshore CPTs.
An adverse setting can lead to a bias compared to a theoretical value of (1-a). An equivalent underestimate for (1-a) could then be in the order of, say, 12%. This may be mitigated to an uncertainty of say
± 8% by judicious selection of (1-a) values for data processing. The ± 8% value would give uncertainties
for qc of about ± 1.5% for (1-a) = 0.19. The 1.5% value considers data processing at 95% of the nominal
value for (1-a), i.e. 0.19 instead of 0.2. Again this value would apply to normally consolidated or slightly
overconsolidated clay. The corresponding uncertainty for qc would be about 3.8% for (1-a) = 0.38.
An extreme case would be normally consolidated or slightly overconsolidated clay with u2g remaining at atmospheric pressure during penetration. This could possibly apply when low permeability of soil
prevents inflow of water into the gap. The corresponding bias would increase cone resistance by about
20% for (1-a) = 0.2 and by about 50% for (1-a) = 0.4, compared to favourable conditions.
Note that a penetration interruption may present an adverse condition. In an extreme case, it may possibly lead to an apparent increase of cone geometry. Examples of inevitable penetration interruptions are
adding a push rod and performing a pore pressure dissipation test. The apparent increase may develop
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because of consolidation of low-permeability soil around a cone and associated to soil/penetrometer adhesion that is sufficient to give an increase in “cone” diameter (Fig. 5). Note that a stationary cone can
apply local stresses that approach failure conditions, i.e. to close to net cone resistance or about two
times the in situ mean effective stress. Resumption of penetration will usually lead to loss of adhered
soil, perhaps within an equivalent distance of a few times the cone diameter. The authors are not aware
of specific studies on this topic.

Figure 5. Clay adhering to cone penetrometer after retraction from soil.

5.2 Measuring range
Cone penetrometers used in practice typically match push capacity of common thrust machines and allow penetration into a wide range of soil conditions. Typical nominal measuring ranges for qc are 0 to
50 MPa for cone penetrometers with cross-sectional areas of 1000 mm2 and 1500 mm2. Cone resistance
measurements to about 150 MPa may be considered for special cases, for example for penetration of
very dense overconsolidated sands by a cone penetrometer with a cross-sectional area of 500 mm2. Cone
penetrometer design typically incorporates an allowance for fully elastic behaviour to twice the nominal
range.
Cone penetrometer calibration may be to a lower measuring range than allowable for a load cell. This
can be useful for fine-tuning of linear sensitivity coefficients. A fitted curve may also be used. Note that
a lower measuring range was historically used for improving resolution limits. This is no longer necessary. For example, a 24bit analogue to digital A/D conversion system would typically provide resolution
better than 1 N or 0.01 kPa.
So-called pressure compensation (for example, CEC 1986, Boggess & Robertson 2010) is occasionally adopted for limiting the measuring range for offshore cone penetration tests. The interior of a penetrometer is filled with a fluid and a pressure compensator connects the fluid with tubing to the water at
seafloor. The practice of pressure compensation relates to hydrostatic water pressure generating significant values of “cone resistance”. Results for uncompensated cone resistance require correction to zero at
seafloor. For example, the correction value for cone resistance at a water depth of 1000 m is about
7.5 MPa if the net area ratio of the cone penetrometer is 0.75. For comparison, normally consolidated
clay may show a cone resistance qc-gradient of 30 kPa/m depth, i.e. a cone resistance of 1.2 MPa at 40 m
depth. This would imply “measured” cone resistances that are a small fraction of the correction values.
In practice, a small-range penetrometer may compromise offshore project economics. Particularly, a
larger measuring range for qc of up to about 50 MPa can avoid penetrometer change-outs when encountering any deepwater hard grounds. For this case, the additional complexity of pressure compensation
would not be necessary.
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5.3 Force measurement
A well-designed cone penetrometer may show laboratory uncertainty for force (expressed as qc) in the
order of ± [5 kPa + 0.005 qc] and an additional ± 0.005 qc,max for hysteresis effects. The parameter qc,max
is the maximum encountered hysteresis value of qc prior to reaching penetration depth.
A load cell is made of steel of a shape that suits a cone penetrometer. Its shortening upon loading is
measured by strain gauge sensors glued to the steel surface. The strain gauges are connected in a single
or double full Wheatstone bridge configuration. The bridge is excited with an electric voltage and the resulting ratio of output voltage to excitation voltage is measured, converted to a digital signal and a force.
An accurate load cell requires a process of machining of the steel body, artificial aging by loading and
heating processes, meticulous application of the strain gauges and again aging of the adhesives used for
gluing the strain gauges. The space for the load cell in the cone penetrometer is typically filled with air,
initially at atmospheric pressure. Water seals prevent build-up of internal pressure by external stresses
induced by cone penetration. Variation in internal air pressure will occur because of secondary effects,
such as cone penetrometer deformation and temperature variation. These secondary effects are assessed
to be negligible for a well-designed penetrometer.
Accuracy and repeatability of a load cell are typically described by calibration error, repeatability,
non-linearity, hysteresis and zero-load error (ASTM D5778). The sensitivity coefficient of a load cell is
the relation of an applied load to the force output of the load cell. The sensitivity coefficient can be optimised by curve fitting or by applying a specific sensitivity coefficient for a specific portion of the nominal measuring range. Internal friction is a main contributor to hysteresis of a load cell. Particularly,
transfer of soil resistance to an axial force on a load cell implies inevitable relative movements between
the various components of the cone penetrometer. Disturbance of force transfer will occur due to internal friction caused by the water pressure seal(s) on the load cell body. Zero drift of load cell output typically results from shifts in the total calibration curve including its zero load output.
Laboratory calibration for a cone penetrometer is typically for loading/unloading against a reference
load cell. Note that a high quality cone penetrometer has characteristics equivalent to a high-quality reference load cell, i.e. calibration results may be limited by the reference load cell. Low-range data may be
obtained by incremental application of mass. Low-range data and any loading/ unloading loops provide
information for soft soils and for offshore use, where cone resistance is taken as zero at seafloor, with an
offset axial force representing water pressure (Peuchen 2000).
Routine laboratory calibration takes place under atmospheric conditions. A high pressure environment affects soil seals and water seals of a cone penetrometer. These seals consist of rubber or similar
material. Their reduced elasticity upon in situ pressure increase can thus affect the inevitable relative
movements between cone penetrometer components. VanLoon and Schaareman (1991) conducted experiments at an ambient pressure of 30 MPa, equivalent to a water depth of 3000 m. The experiments
indicated a measurement error equivalent to about qc = 4 kPa (2.5%) for an axial force of 250 N (equivalent to qc = 166 kPa) on a subtraction-type cone penetrometer with a cone base area of 1500 mm2. Increased error may be expected for low-stiffness penetrometers.
Laboratory-type error for axial loading increases with applied force and with hysteresis. Uncertainty
analysis of actual CPTs may incorporate a prediction model for such errors. A simple model would consider the highest force applied at any point before reaching the actual penetration depth. For example,
the model would assign low measurement uncertainty for a soil profile showing soft clay overlying
dense sand. Conversely, soft clay underlying dense sand would show high measurement uncertainty.
Axial loading is applied during routine laboratory calibration. This represents favourable conditions.
Non-axial loading of a cone penetrometer often occurs in practice. Figure 6 presents an example of
penetrometer bending moment M inferred from inclination measurements according to Ooi & Ramsey
(2003).
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Figure 6. Bending moment inferred from cone penetrometer inclination.

Adverse conditions may be represented by a bending moment in the order of 100 N·m, which approximates a bending radius of 30 m. Figure 7 shows results of laboratory experiments for 1,000 mm2 subtraction-type cone penetrometers equipped with double-bridge and single-bridge strain gauges. The experiments consisted of fixing a horizontal cone penetrometer just above the friction sleeve and hanging a
mass from the cone. No axial force is applied. The directional dependency relates to radial positions of
the strain gauges. As expected, higher errors may be observed for cone penetrometers equipped with
single-bridge strain gauges. In-house Fugro studies indicate typically 2 to 4 times worse behaviour for
single-bridge technology. Higher errors should also be expected for a penetrometer with low bending
stiffness, for example for a so-called sensitive or low-range cone penetrometer. A lower bending resistance increases deformation. This can then increase internal friction between a load cell and body of
the cone penetrometer, particularly in combination with varying axial force. Note that the diameter of a
cone penetrometer is important for bending stiffness. Peuchen et al. (2005) speculated on bending stiffness substantially affecting measurement uncertainty. They reported a bending stiffness ratio (EI) of
about 12:1 for subtraction-type cone penetrometers with 1000 mm2 and 100 mm2 cross sectional areas.
This ratio is for a force (F) normalised to cone base area: EI1000/F1000 = 12 EI100/F100.
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Steel and strain gauges are subject to creep effects. Such effects are probably more than one order of
magnitude less than temperature effects discussed below. Also, they cannot be readily isolated from
temperature effects. Stress changes in a water pressure seal may possibly also contribute to apparent
creep. Effects are assessed to be negligible for a well-designed cone penetrometer.
Force measurement will include measurement of barometric and gravitational variations taking place
during a CPT. These influences can be ignored for a penetration phase of a CPT, which typically takes
less than 1 hour. For example, a barometric variation of 5 mbar (high value) and a tide change (gravitational) of 1 m would theoretically affect cone resistance by less than 1 kPa and less than 10 kPa respectively. A long penetration interruption represents a possible adverse condition.
5.4 Temperature
Temperature change causes straining of the steel of a load cell, its strain gauges and their adhesives. Differential thermal strain shows as an apparent cone resistance. Temperature change of a well-designed
load cell is a major reason for drift and a minor one for change in sensitivity. Temperature change may
be ambient, where it is uniform throughout a penetrometer, with respect to time. Ambient temperature
change may result from external air/ water/ soil temperature around a cone penetrometer. Under favourable conditions, ambient temperature change during a penetration phase will be limited to a few degrees.
Note that near-surface onshore soils will typically show non-uniform temperature versus depth. A temperature gradient in the order of 0.04oC/m may be expected for deep penetration. An adverse setting may
show ambient temperature change in the order of 20oC. Transient temperature gradients will be induced
by self-heating of a cone penetrometer and may result from frictional heat during cone penetration and
from thermal flux through push rods. Under favourable conditions, transient temperature change during
a penetration phase will be close to zero. Uniform soft clays provide a favourable setting. An adverse
setting may show transient temperature change in the order of 25oC. Transient temperature variations
exceeding 100oC may possibly occur for cone resistance values of >120 MPa during penetration of
dense sands (Post & Nebbeling 1995, Peuchen 2012).
Lunne et al. (1986) reported laboratory comparisons of ambient thermal zero drift for 12 cone penetrometers. Most, if not all, of the penetrometers were instrumented for temperature compensation. The
measurements showed qc zero drift ranging between -200 kPa to +760 kPa for ΔT = 25oC. The better
penetrometers (6 of 12) showed qc zero drift between +46 kPa and +100 kPa. Fugro in-house experiments conducted in 2011 and 2012 on penetrometers from three suppliers, including Fugro, showed values and spread comparable to the 1986 study results. Zero drift is approximately linear with temperature
(Boylan et al. 2008). Temperature-induced drift under in situ stress pressures and axial loading is probably of similar magnitude to zero drift at atmospheric conditions.
Ambient temperature variation also changes the sensitivity of a load cell. Schaap & Zuidberg (1982)
give explanations. They reported <1% change for ΔT = 20oC. Fugro in-house experiments conducted in
2004 for three Fugro penetrometer types confirmed this value for a temperature drop from +20oC to 20oC: -1.4%/40oC, -1.5%/40oC and -1.9%/40oC. The change is proportional to temperature change. Corrections can be applied. To the knowledge of the authors, this is not done in practice.
Boylan et al. (2008) inferred transient temperature influence from laboratory data. Figure 8 shows a
laboratory example of variation in qc for an unloaded penetrometer at an initial temperature of 20oC being immersed in water of 5oC. Note that a period of 250 s corresponds to 5 m continuous penetration.
Boylan et al. also discuss in situ results for a cone penetrometer at an initial temperature of about 11oC
pushed into soil with a temperature of 7oC at 1 m depth. The results are compared to in situ results from
a similar cone penetrometer at an initial temperature of about 7oC. The comparison was expected to lead
to a qc offset of up to about 50 kPa based on laboratory simulations. Boylan et al. quoted 170 kPa offset
for the in situ measurements and speculated about reasons for this higher value.
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Figure 8. Laboratory variation of qc upon transient temperature differential (Boylan et al. 2008).

Figure 9 presents ambient temperature influence on cone resistance. The results are for laboratory
conditions, no axial loading, with and without temperature compensation. The case of no temperature
compensation simulates adverse conditions that may apply in situ upon intense variation in transient
temperatures in a penetrometer.
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Figure 9. Zero drift of cone load cell caused by ambient temperature change.

Strain gauges and electronics inside a cone penetrometer dissipate power that will lead to heating of
load cells. In addition, compression of steel will lead to very small energy dissipation. Resulting transient temperature effects are assessed to be insignificant for a semi-continuous penetration phase of a
CPT. Effects may possibly apply after a long interruption, for example after a pore pressure dissipation
test. The authors are not aware of dedicated experiments.
Post & Nebbeling (1995) focused on frictional heat. They presented results of field measurements
and laboratory simulation for transient temperature effects on cone resistance. The measurements were
performed with a Fugro subtraction-type cone penetrometer, routinely instrumented for ambient temperature compensation and specifically equipped with three internal temperature sensors. Post & Nebbeling
inferred penetrometer heating in the order of 1oC per 1 MPa increase in cone resistance. This is for an
assumed linear relationship between temperature and qc. The relationship depends on penetrometer type.
Furthermore, Post & Nebbeling reported a temporary shift in cone resistance output of about 130 kPa for
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penetration of a sand layer with a cone resistance of about 25 MPa. This adverse setting represents a
0.5% error for qc = 25 MPa and a 26% error for qc = 0.5 MPa, for example for any underlying soft clay.
Heat flux from push rods to a cone penetrometer may occur under adverse conditions. This scenario
is generally secondary to dominating effects of frictional heat on a cone penetrometer. It is ignored in
practice.
Transient temperature influence may be mitigated by operational adjustments that cause a more or
less ambient temperature setting in the cone penetrometer. An example would be a penetration interruption of around 5 minutes before cone penetration from dense sand into soft clay (Post & Nebbeling
1995). It would seem reasonable to mitigate temperature influence by measuring temperatures in load
cells and correcting measured data based on laboratory simulation. However, this is complex because of
temperature gradients δT with respect to time t (δT/δt >>0) acting concurrently with temperature gradients with respect to space x, y, z (δT /δx, δT /δy, δT /δz >0). The authors are not aware of any successful
applications of this approach for strain gauge technology for cone penetrometers. In practice, this means
that an error prediction model according to ISO 22476-1 should account for substantial epistemic uncertainty for heat accumulation/dissipation and for load cell response to temperature versus time. For example, the prediction model would consider (1) conservative heat accumulation/ dissipation and (2)
maximum temperature bias (Fig. 8) as input for uncertainty.
6. SLEEVE FRICTION
6.1 Geometry
ISO 22476-1 requires a nominal perimeter surface area of 15,000 mm2 for the friction sleeve. This is for
a cone penetrometer with a cross sectional areas of 1,000 mm2 and implies a length to diameter ratio of
3.75 for the friction sleeve. ISO 22476-1 permits ratios of 3 to 5. ASTM D5778 considers cone penetrometers with cross sectional areas of 1,000 mm2 and 1,500 mm2, with nominal surface areas of
15,000 mm2 and 22,500 mm2 for the friction sleeve, respectively. Nominal surface areas of 20,000 mm2
to 30,000 mm2 are permitted for a cone penetrometer with a cross sectional area of 1,500 mm2. Scale effects will inevitably influence CPT results, as discussed for cone resistance. The following sections consider cone penetrometers with a nominal perimeter surface area of 15,000 mm2.
Measured sleeve friction fs is derived from the perimeter surface area of the friction sleeve and the
axial force acting on the friction sleeve. The perimeter surface area is the cylindrical area. This excludes
any machined bevelled ends of the friction sleeve. Measurement of surface area is typically done by
measuring diameter and length by vernier calliper. Measurement uncertainty will be similar to that for
measurement of cross sectional area of the cone.
ISO 22476-1 and ASTM D5778 prescribe tolerances for geometry of the friction sleeve. The authors
are not aware of specific studies that quantify the effects of geometry tolerances. Tentative estimates are
given below.
In practice, the diameter of a new friction sleeve will be at a permissible (steel) geometry that provides maximum wear before replacement, i.e. 36.1 mm diameter and 135.0 mm length for a nominal
1,000 mm2 cone penetrometer (ISO 22476-1), giving a surface area that is 2.1% larger than nominal
(15,000 mm2). Lower limits of 35.3 mm and 132.5 mm are permissible in theory. Wear to these limits
will not be concurrently achieved in practice. Limits of 35.3 mm and 134 mm would give a surface area
that is about 1% smaller than nominal. ASTM D5778 prescribes 15,000 mm2 ± 2%. CPT processing
software may allow entry of measured surface area.
Tolerances not only affect surface area but also, for example, cross-sectional areas of the ends of the
friction sleeve and cylindrical shape of the friction sleeve. As for cone resistance, ISO 22476-1 appears
ambiguous on whether such geometry variations may be ignored for estimates of accuracy.
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The effects of the cross-sectional areas may consider soil flow around the gaps below and above the
friction sleeve and a friction sleeve diameter up to 0.35 mm larger than the cone, a tolerance set by ISO
22476-1 and ASTM D5778. Tentative estimates may be inferred from considering cone resistance to apply to this 0.35 mm annulus area at the bottom end of the friction sleeve, i.e. assuming 1x cone resistance would include reverse end bearing at the top of the friction sleeve. An initial friction ratio Rf of
3% for typical clay soil would then result in about 4.4% increase of fs compared to sleeve friction with
no cross-sectional area effects. Re-calculated Rf would be 3.1%. For clean sand, the increase in fs would
be about 19% for a friction ratio of 0.7%. Re-calculated Rf would be 0.83%. The 19% value contributes
substantially to a 55% value that triggered geometry studies by Jekel (1988) discussed below. Cemented
soils may show very high fs peaks. Damage to a cone penetrometer may result.
Wear of a friction sleeve will occur during penetration and during retraction. Schaap & Zuidberg
(1982) and Jekel (1988) reported studies of the mechanical wear of cone penetrometers and implications
for robust cone penetrometer design (Figs 10, 11).

Figure 10. Observed geometry after wear (in sand) of three different cone penetrometers (Jekel 1988).

Figure 11. Surface roughness of friction sleeves observed after use (Schaap & Zuidberg 1982).
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Jekel (1988) observed non-uniform wear of friction sleeves of cone penetrometers pushed into sand
strata. Figure 10 illustrates a diameter reduction from the bottom to the middle of the friction sleeve. The
reduced diameter is approximately constant for the upper part of the friction sleeve. Such wear will lead
to lower sleeve friction because of reduced radial stresses on a significant length of the friction sleeve,
compared to a nominal cylindrical shape. The influence of non-uniform wear is probably secondary to
effects of cross-sectional areas of the ends of the friction sleeve. The authors tentatively suggest that adverse non-uniform wear may possibly lead to 10% reduction in sleeve friction. Note that ASTM D5778
limits the diameter of the top of the friction sleeve: it must not be smaller than the bottom diameter.
ASTM D5778 also prescribes friction sleeves designed for equal end areas. These combined requirements leave practice with little opportunity to mitigate Jekel’s observations with respect to a note by
ASTM D5778: “Normally, the top of the sleeve will wear faster than the bottom”. Adverse ground conditions may imply replacement or machining of a friction sleeve after each test or a few tests in harsh
ground conditions.
Effects of variations in surface roughness of the friction sleeve may be expected to be higher than for
cone resistance (Jekel 1988, Uesugi & Kishida 1986, DeJong & Frost 2002). The authors are not aware
of study results specifically aimed at the requirements of ISO 22476-1 and ASTM D5778, i.e. an initial
average surface roughness Ra of 0.4 µm +/- 0.25 µm upon manufacture. In principle, sleeve friction will
depend on effective soil particle size/shape at the soil-steel interface relative to surface roughness. Particle size/shape in the interface zone may be influenced by particle breakdown and smearing upon cone
penetration. In an extreme case, clay may adhere to a friction sleeve. A penetration interruption may
promote clay adherence to a friction sleeve, as discussed for cone resistance. Clay adherence causes soilsoil shear away from the friction sleeve instead of soil-steel shear at the surface of the friction sleeve. A
change in friction coefficient is likely. This change may cause unusually high sleeve friction. The influence of an increase in surface area is likely to be minor. If the increase in surface area is considered only, a uniform increase of 1 mm diameter would result in approximately 3% increase in measured sleeve
friction. Additional end effects would account for an additional sleeve friction in the order of 13% for
the unlikely case that clay would only adhere to the friction sleeve and not to the cone and not to the
shaft.
Sleeve friction will be affected by two gaps: (1) gap between the cone and the bottom of the friction
sleeve and (2) gap between the top of the friction sleeve and the shaft. The earlier discussion on cone resistance presents principles on gap influence.
Note that the bottom gap volume depends on relative displacements between the cone and the friction
sleeve, each subject to variable axial forces. The volume of the top gap depends on friction sleeve displacement relative to the shaft of the cone penetrometer. The shaft may be regarded as fixed. Gap volume also changes by pressure, notably because of compression and displacement of the water seal.
Soil-soil shear forces acting in an axial direction on the bottom gap will largely transfer to the friction
sleeve. A tentative estimate for increase in fs would be about 3.7%. This is for a gap height of 5 mm and
a soil-soil shear resistance assumed equal to fs. Soil-soil shear forces acting on the top gap may be ignored. They will largely transfer to the shaft, apart from some Poisson's effects.
Water and gas in the gaps affect measured sleeve friction. Similar to cone resistance, this may be explained by means of a modified equation for ft, corrected sleeve friction:
f t = fs −

(u 2g ⋅ A sb − u 3g ⋅ A st )

(1)

As

where Asb is the cross sectional area in the gap between the friction sleeve and the cone, Ast is the cross
sectional area in the gap above the friction sleeve and As is the surface area of the friction sleeve.
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Note that the above equation assumes a cylindrical friction sleeve. For a non-cylindrical friction
sleeve, water and gas pressures will also act on sections in-between the top and bottom of the friction
sleeve. This effect is estimated to be secondary and may be ignored in practice. Equal end areas provide
a reasonable compromise on gap influence on sleeve friction. ISO 22476-1 is not prescriptive on equal
end areas and provides guidance on how to deal with their influence on sleeve friction. ASTM D5778
requires friction sleeve design with equal end areas (Asb = Ast), which fits a prescriptive approach.
ASTM D5778 states: “This will remove the tendency for unbalanced end forces to act on the sleeve”.
This probably holds for CPTs in highly permeable soils and for fortuitous situations with u2g = u3g.
Sleeve friction fs will be higher in soils with u2g > u3g and lower for u2g < u3g, compared to fs = ft for the
Analytic CPT.
Water and gas pressures will give an apparent increase in fs for equal end areas of the friction sleeve
and normally consolidated to slightly overconsolidated clay. For example, fs would be about 1.125 ft for
u2g/fs = 50, u2g = 1.2 u3g, Asb/As = Ast/As = 0.015 and favourable conditions, i.e. pore water saturation in
the gaps. For this case, it should be feasible to correct fs to ft to an uncertainty in the order of ± 5% of ft.
Estimation of ft may consider u3/u2 data processing relationships based on soil behaviour type, similar to
u1/u2 relationships proposed by Peuchen et al. (2010). Note that As, Asb and Ast will change upon wear of
the friction sleeve. This provides additional uncertainty if permissible geometry tolerances are considered with no test-specific measurement of geometry.
Lunne (1986) studied cone penetrometers with (Asb - Ast) / As ranging from -0.019 to +0.019. A positive value for (Asb - Ast) will show an apparent increase in fs compared to a friction sleeve with equal end
areas.
6.2 Measuring range
In practice, measuring range for sleeve friction will be designed to match that of cone resistance. This is
typically no issue for subtraction-type cone penetrometers. For independent-type cone penetrometers,
this would imply a measuring range for fs of, say, 0 to 1 MPa matching a typical nominal measuring
range for qc of 0 to 50 MPa and a nominal friction ratio of 2%. The corresponding axial forces would be
15 kN for the friction sleeve and 50 kN for the cone.
For offshore use, consideration should be given to force required to overcome (sea)water pressure
acting on any unequal end areas of a friction sleeve. For an independent-type cone penetrometer, tension
forces in a load cell will be induced if Asb < Ast. Tension forces are unlikely for a subtraction-type cone
penetrometer.
6.3 Force measurement
Principles on force measurement for sleeve friction are as for cone resistance. Independent-type cone
penetrometers derive sleeve friction from either compressive or tensile force measurement. Subtractiontype cone penetrometers warrant additional comments: addition and subtraction (compensation) of uncertainties apply to compressive forces measured by two load cells in series. Laboratory uncertainty for
fs may then be expressed as:

b ⋅ δQC 2 + δQC+F 2

(2)

where b is Ac/As and δQC and δQC+F are force uncertainties for the C and C+F load cells. A welldesigned subtraction-type cone penetrometer shows very small or zero subtraction output under equal
loading of the C and C+F load cells. Equal loading applies to routine practice in a calibration laboratory.
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During in situ testing, the force on the C+F load cell will exceed the C force. The two load cells will
then be at different points of a calibration curve. Hysteresis for the two load cells will be concurrent,
leading to subtraction of the two hysteresis errors. For a well-designed penetrometer, it is estimated that
the resulting error for fs will be less than about ± 1.5% under favourable conditions and about ± 3% under adverse conditions.
As for cone resistance, laboratory-type error for axial loading increases with applied force. Uncertainty analysis of actual CPTs may incorporate a prediction model for such error.
Figure 7 illustrates influence of non-axial loading on measured sleeve friction. The examples highlight benefits from double-bridge strain gauge technology. Note that a subtraction-type cone penetrometer may show improved force measurement for sleeve friction under non-axial loading compared to
force measurement for cone resistance. This improvement is possible when applying circumferential
alignment of the C and C+F strain gauges, causing partial compensation of errors.
6.4 Temperature
The earlier discussion on cone resistance provides the principles for temperature influence on sleeve
friction, particularly for independent-type cone penetrometers. Note that temperature influence results in
an apparent force in a load cell. The nominal ratio of sleeve friction area to cross-sectional area of the
cone is 15. If independent qc and fs load cells show equal influence and if Rf is 2%, then the relative error for fs would be 3.3 times that for cone resistance.
Sensitivity of fs to temperature effects is typically better than 15 kPa for ΔT = 50oC (from -10°C to
+40°C) for a well-designed penetrometer.
As discussed for cone resistance, an error prediction model for transient temperature influence should
allow for substantial epistemic uncertainty for heat accumulation/ dissipation and for load cell response
to temperature versus time. An error prediction model for a subtraction-type cone penetrometer may
possibly allow for uncertainty reduction because of subtraction of concurrent uncertainties. For example,
predicted bias for cone resistance would apply almost concurrently with that for sleeve friction. Such
uncertainty reduction does not apply to independent-type cone penetrometers.
7. PORE PRESSURE
7.1 Geometry
ISO 22476-1 and ASTM D5778 aim at measuring in situ fluid pressure during penetration. ISO 22476-1
uses the term pore pressure. ASTM D5778 defines pore-water pressure. The requirement for measuring
in situ fluid pressure implies isolating fluid pressure from soil inter-particle stresses and influence of any
gas in soil. In practice, most piezocone penetrometers have measuring systems comprising an internal
membrane-type pressure sensor, internal saturation fluid for transmission of pressure and a cylindrical
porous filter positioned in a recess of the cone or shaft. One of the functions of the filter element is mitigation of mechanical damage to the pressure sensor. Further discussion will be limited to membranetype pressure sensors and cylindrical porous filters, i.e. will exclude slot filters (Elmgren 1995) and radial button filters (Peuchen 1998).
Figure 2 presents positions for measured pore pressure. ISO 22476-1 and ASTM D5778 consider u1,
u2 and u3, with u2 commonly quoted as standard, preferred, recommended or reference position. For pore
pressure u2, ISO 22476-1 defines: “u2 - pore pressure measured on the cylindrical section of the cone
(preferably in the gap between the cone and the sleeve)” and recommends: “To correct for pore pressure
effects on cone resistance the filter element should be located in the gap between the cone and the friction sleeve. Since this is not possible in practice, the filter should be located in the cylindrical part of the
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cone as close as possible to the gap.” The u2 position points toward two objectives: (1) characterisation
of soil behaviour and (2) corrections for cone resistance and sleeve friction related to the gap between
the cone and the friction sleeve. The second objective can only be partially met in practice, except under
favourable conditions as discussed above for cone resistance. Inherent difficulties with the second objective are often ignored in practice, potentially leading to unnecessary loss of information. For example,
onshore characterisation of highly stratified or overconsolidated sands and clays would typically improve when using u1 data compared to u2 data. In these conditions, a pore pressure measuring system at
the u2 position can lose saturation where the u1 position would not. Loss of saturation leads to sluggish
pore pressure response and reliable fluid pressure data may not be consistently obtained (Fig. 12).
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Figure 12. Pore pressure response for two closely spaced CPTs.

Robertson et al. (1986) illustrated typical pore water pressure distribution at the perimeter of cone penetrometers pushed in saturated soils (Fig. 13). Small variations in the precise vertical u1 and u3 positions
will usually lead to minor differences in recorded pore pressures. Small variations in the u2 position can
lead to major differences in recorded pore pressure during penetration, particularly in sensitive clays and
heavily overconsolidated clays. This implies high dependence of u2 on penetrometer design (Peuchen et
al. 2010).
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Figure 13. Pore pressure distribution in saturated soil (adapted from Robertson et al. 1986).

ISO 22476-1 and ASTM D5778 provide no specific requirements for external surface area of the filter element. Cone geometry and resistance against penetrometer wear provide indirect limitations. Surface areas for most piezocone penetrometers are determined by filter heights between about 3 mm and
6 mm.
The external surface of the filter element will not be perfectly flush with the steel of the cone or shaft
and its surface roughness will differ from that of steel. ISO 22476-1 specifies external geometric tolerances for filter element diameter. ASTM D5778 does not. The ISO 22476-1 tolerances are relative to diameters of the cone and the friction sleeve. They apply to the start of a test, as geometry of a filter element may change during a test as a result of soil/fluid/gas pressures, shear and friction-induced
temperature. Inevitably, a filter element represents a discontinuity in a flow field of soil around the cone
penetrometer. Discontinuities represent stress concentrations. Micro fractures and localised shear zones
cannot be excluded. This should generally be of little interest, but may possibly be important for any redistribution of dissolved or free gas in soil, as discussed below. Dissolved gas is defined here as gas dissolved in pore water with no occurrence of free gas. Free gas is defined as dissolved gas in pore water
plus gas contained in bubbles or vacuoles. The occurrence of dissolved gas and free gas depends on factors such as gas concentration and solubility in pore water and ambient pressure. Methane and carbon
dioxide are common types of gas in shallow soils below the ground water table.
Pore pressure may be affected by surface roughness of a u1 or u2 filter element, compared to steel of
the cone. Filter diameter and roughness will also affect cone resistance and sleeve friction. The section
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on cone resistance provides comments. The authors are not aware of specific studies on these geometry
topics. It is tentatively estimated that these influences are secondary to the precise u1, u2 or u3 positions
discussed above and material type discussed below.
The response time of a pore pressure measuring system will be affected by shape and volume of the
internal space between the pressure sensor and the outside perimeter area of the filter element. Shape
and volume affect initial fluid saturation of internal voids, retention of fluid saturation during penetration, fluid displacement required for pressure measurement and fluid displacement for accommodating
inevitable system compliance effects such as deformation of the steel of the cone and the filter element
material.
ISO 22476-1 and ASTM D5778 provide guidance on filter material types, filter pore sizes and fluid
types for initial saturation of the measuring system. Choice of filter material type represents a compromise of competing requirements on geometric stability, robustness and pore size. The requirements for
pore size typically compete on separation of in situ soil from saturation fluid, flow characteristics of saturation fluid and mitigation of formation of free gas within the pore pressure measuring system. Conventional Fugro practice is to use (ductile) high-density polyethylene HDPE cylindrical filter elements
with an initial average pore size of 10 µm (Fig. 14). This type of filter material is robust and maintains
its geometry reasonably well under favourable conditions, notably soft soil. Filter material compression
and filter element deformation will inevitably occur upon penetration of competent soils. This will
change pore size of the filter element and fluid flow paths at the interface of the filter element and its
steel recess. Fugro trials with ceramic filter elements under adverse conditions showed frequent cracking
or complete absence of the filter element upon recovery of the penetrometer. Trials with sintered steel
showed a decrease in magnitude response due to pressure changes, compared to HDPE or ceramic filters.

HDPE

Stainless Steel

Ceramic

Figure 14. Filter elements (u2) after use.

7.2 Measuring range
A piezocone penetrometer typically incorporates an off-the-shelf pressure sensor. The sensor housing
may allow selection between sensors with different measuring ranges. Adverse conditions will typically
require a measuring range of -0.1 MPa to 5 MPa. The -0.1 MPa limit relates to cavitation taking place at
negative one atmosphere. Exceptionally harsh ground conditions may require a pressure sensor of
>10 MPa.
A larger measuring range may be required for offshore use. This is because of additional (sea)water
pressure. For example, a water depth of 100 m corresponds to a pressure of about 1 MPa. Some offshore
CPT systems allow use of a differential pressure sensor that negates (sea)water pressure.
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7.3 Pressure measurement
A membrane-type pressure sensor is similar to a load cell for force measurement in that it relies on strain
gauge technology and typically incorporates compensation for ambient temperature variation. A welldesigned pressure measurement system differs favourably from axial force measurement with respect to
absence of influences from bending stresses and inner friction caused by water pressure seals. A highquality pressure sensor may show laboratory uncertainty in the order of ± [1 kPa + 0.002 u +
0.0025 umax] where umax is the maximum encountered hysteresis value of u prior to reaching penetration
depth.
As for cone resistance, laboratory-type error for pressure measurement increases with applied pressure. Uncertainty analysis of actual CPTs may incorporate a prediction model for such error.
Routine laboratory calibration takes place in a pressure vessel filled with tap water, with no filter fitted. This approach inevitably provides only partial simulation of in situ conditions. However, some information on any cross-talk for pressure measurement can be obtained by monitoring zero-load output of
the pressure sensor during axial force calibration of a cone penetrometer.
Measuring in situ fluid pressure is a major challenge in practice. What is measured may comply with
ISO 22476-1 or ASTM D5778, yet can fail to meet intentions. Particularly, accurate measurement of fluid pressure may not be feasible under adverse conditions that are not avoidable in practice. Examples of
adverse conditions are: (1) soil with free gas, where induced fluid pressures at the measuring location
(u1, u2 or u3) are less than required for bringing free gas into solution and (2) cone penetration into soil
with dissolved gas, where induced fluid pressures at the measuring location are lower than equilibrium
in situ pore pressures. The first situation may occur locally, for example near ground surface or within a
permeable soil layer with free gas in-between impermeable layers with no free gas. The second situation
refers to exsolution where dissolved gas forms free gas. Gas diffusion may be ignored as a possible adverse situation. This is because of the relatively short time required for a CPT compared to a diffusion
process.
Response time may generally be regarded as immediate for a measuring system with saturated fluid
and no free gas (Rad 2003). However, rapid variations in pore pressure will cause inevitable expulsion
of saturation fluid and entry of in situ pore fluid or gas, as discussed above. Low permeability of soil
near the filter/soil interface may delay entry of fluid and cause a lag in pore pressure response.
Ideally, a pore pressure measuring system retains its initial fluid saturation during rapid variations in
pore pressure or when locally encountering free gas. A u1 position has the better prospects. Entry of free
gas can affect measured pressure and response time. Laboratory studies by Nageswaran (1983) suggested that the error of the measured pressure should be less than 5 kPa for a well-designed pore pressure
measuring system, even if the system becomes sufficiently gas charged for discontinuous fluid passage.
Observations of in situ test data suggest possible error exceeding 5 kPa. Effects of free gas on response
time depend on the characteristics of the pore pressure measuring system and the soil conditions. A response delay of less than a few seconds will often remain unnoticed. Sluggish response may become visible in uniform soils, for example upon regain of saturation during further penetration or during a penetration interruption.
If critical, loss of saturation of the pore pressure measuring system may be mitigated by an additional
CPT, preceded by pre-drilling or pre-pushing to below the soil zone causing loss of saturation.
7.4 Temperature
A high-quality pressure sensor has built-in temperature compensation. Its thermal stability compares favourably to that of a load cell. A thermal stability in the order of ± 0.5 kPa/°C or better is feasible under
ambient temperature variation. Response time to transient temperature variation is assessed to be in the
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order of seconds. This is because of small size and mass of a pressure sensor, which limit thermal differentials.
8. INCLINATION
ASTM D5778 recommends measurement of inclination i, but provides no requirements. ISO 22476-1
limits inclination of the penetrometer to 15o from vertical and provides accuracy requirements of 2o for
Application Classes 1 and 2 and 5o for Application Class 3. Off-the-shelf inclinometers should meet these requirements under adverse conditions including transient temperature variation. Fixing the verticality
of an inclinometer in a cone penetrometer is probably the principal source of uncertainty. A typical
measurement uncertainty in the order of 1o can be achieved in practice. Omni-directional inclinometers
and bi-directional inclinometers are common. Bi-directional inclinometers provide some opportunity for
mapping horizontal position of a cone penetrometer. Gyro measurement may be necessary for accurate
horizontal position, for cases with limited control of rotation of push rods. Figure 6 includes a spatial trajectory for a CPT profile in terms of lateral deflection.
Directional drift cannot be avoided. Comments are as follows.
– Engineered ground and young sedimentary deposits often exhibit soil layering that is close to horizontal. Inclined sub-bedding may still apply, for example as a result of spigoting practice, wind or
wave action. Close-to-vertical penetration can often be observed.
– Older sedimentary deposits and residual soils may show inclined bedding and associated soil anisotropy. A cone penetrometer will incline toward a path of least resistance, which may not be vertical.
– Non-axial loading of a cone penetrometer can be expected in soils with significant heterogeneity at,
say, 10 mm to 100 mm scale. Examples are locally cemented soils and soils containing gravel-size
particles and larger.
– The conical shape of a cone penetrometer contributes to directional stability, albeit probably less than
a bullet shape.
9. SPATIAL POSITION
9.1 Horizontal position
CPT parameters such as cone resistance require a geodetic position xyz in space and time. Ideally, accuracy of spatial position is coupled to accuracy of a CPT parameter. In practice, this dependency is left to
geotechnical judgement.
ISO 22476-1 and ASTM D5778 provide no accuracy requirements for horizontal position xy. Typical
uncertainties for xy position of an antenna of a location-specific GNSS global navigation satellite system
would be ± 1 m to ± 2 m for DGPS differential global positioning system, ± 0.2 m for high-accuracy
DGPS and ± 0.05 m for real time kinematic RTK DGPS. Additional uncertainty will apply because of
uncertainty in antenna offset to the vertical axis of the thrust machine and because of directional drift of
the cone penetrometer. An upper limit for horizontal drift may be derived from measurement of omnidirectional inclination and assuming that the cone penetrometer is following a single horizontal direction. A multi-direction trajectory would imply a penetrometer position closer to the axis of the thrust
machine than calculated.
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9.2 Penetration depth
Users of CPT data typically have more interest in penetration depth z than horizontal position. This is
because of many soils showing small correlation distances for the vertical direction compared to horizontal directions. ISO 22476-1 defines penetration depth as “vertical depth of the base of the cone, relative to a fixed point”. ISO 22476-1 provides requirements for penetration length l defined as “sum of the
lengths of the push rods and the cone penetrometer, reduced by the height of the conical part, relative to
a fixed horizontal plane”. The accuracy requirements are 0.1 m or 1% of penetration length and 0.2 m or
2% (Fig. 18). This implies transition points from a fixed value to a percentage value at penetration
lengths of 10 m and 20 m respectively. It may be noted that the combined ISO 22476-1 requirements for
accuracy of penetration length and inclination imply a permissible uncertainty for penetration depth that
increases with penetrometer inclination. ASTM D5778 requires a depth accuracy of ± 0.1 m, where
“depth” probably has the ISO 22476-1 meaning of penetration length and “accuracy” probably has the
meaning of bias. Note that ASTM D5778 also uses the terms sounding depth, vertical depth and penetration depth.
Accuracy estimates for penetration depth depend on tool-specific deployment features, which typically focus on achieving maximum penetration at lowest cost (Table 3).
Table 3. Achieving penetration.
Practice
Increasing thrust range
Allowable push from thrust machine

Freq.

Notes

*****

Measuring range for penetrometer
force and pressure sensors

*****

Increased push requires additional considerations for anchoring/ ballasting/ suction resistance (offshore) of thrust machine; buckling of push rods
may become limiting factor particularly for soft-over-hard ground conditions
Cone penetrometers used in practice typically match push capacity of
common thrust machines and allow penetration into a wide range of soil
conditions

Reducing friction along push rods
Casing installation (drilling, free fall
etc.) and short-push penetration from
bottom of casing or drill pipe
Drill-out or full displacement hole formation, followed by installation of casing and push from ground surface

***

Good track record; frequently applied in offshore cone penetration testing

**

Residual friction on push rods remains; use of low-friction spacers in casing can largely eliminate casing-push rod friction; external soil-casing resistance may reduce ballasting or anchoring requirements for thrust machine
Difficult to achieve in practice because of control required on penetration
rate
Residual friction on push rods remains; percussion penetration of penetrometer can allow by-passing of competent zones at expense of no CPT
data
Residual friction on push rods remains; can be effective in combination
with friction breaker
Effectiveness approximates that of 1500 mm2 cone penetrometer with
1000 mm2 push rods
Routinely used in practice for deep surface-push deployment; 1500 mm2
penetrometer acts as friction breaker for 1000 mm2 push rods
Routinely used in practice for short or shallow penetration; push rod considerations dominate for deep surface-push deployment
Some reported successes; appears to have some potential for narrow range
of soil conditions; increased deployment complexity
For example change of in situ soil by high pressure water jetting, osmosis,
thermal processes, vibratory liquefaction; the authors are not aware of use
in practice

Continuous drill-out with fixed-length
push rod latched in drill bit
Ground loosening or full displacement
hole formation, followed by push from
ground surface
Cyclic displacement of push rods

*

Friction breaker at short distance above
cone penetrometer
1500 mm2 cone penetrometer with
1000 mm2 push rods
500 mm2 cone penetrometer

*

Low-friction fluid or gas injection into
soil above cone penetrometer
Change of in situ soil conditions above
cone penetrometer

*

*

*

***
**

*
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Practice
Freq.
Notes
Temporary and local change of laws of *
Imagination
physics
Frequency of use: * = less than 0.01% of CPTs, ** = between 0.01% and 0.1% of CPTs, *** = between 0.1% and 1% of
CPTs, **** = between 1% and 10% of CPTs; ***** = more than 10% of CPTs.

Uncertainty assessments for penetration depth require consideration of uncertainty in establishing a
fixed horizontal plane and uncertainty in the actual trajectory of a cone penetrometer, relative to this horizontal plane. The following section discusses onshore CPTs with direct push from ground surface. ISO
(2012b) presents guidance on penetration depths for CPTs deployed from a jack-up platform and from a
floating vessel.
Ideally, the horizontal plane is a geodetic geoid, accurately fixed to a reference point for the push
rods. Location-specific GNSS can provide information in real time to an uncertainty of about ± 10 mm
to ± 20 mm (in real time) or better (static measurements). In routine practice, a horizontal plane is frequently determined relative to location-specific ground surface and local geodetic monuments. For many
countries, uncertainty for elevation relative to geodetic monuments is probably in the range 5 mm to
10 mm. Uncertainty of elevation measurement relative to location-specific ground surface depends on
factors such as ground surface slope, surface smoothness and ground conditions. Slope and smoothness
relate particularly to offsets in horizontal positioning: a slight offset in horizontal positioning relative to
a target position may render a higher or lower horizontal plane. Ground conditions can affect uncertainty
for the horizontal plane by, for example, vertical displacement of a ballasted thrust machine operating on
soft ground. Such displacement will take place during initial positioning of the thrust machine and during the test phase with variable force transferred from the thrust machine to the push rods. Measurement
of and correction for such displacements are feasible, albeit infrequently performed in routine practice.
In practice, uncertainty for a fixed horizontal plane is assessed to be in the order of ± 20 mm for favourable conditions. Uncertainty values exceeding ± 100 mm may be expected for unfavourable conditions.
Measurement of penetration length the trajectory of a cone penetrometer typically includes an inclinometer in the cone penetrometer and one or more of the following tools:
– Tape measure
– Mechanical distance sensor
– Optical distance sensor
– Fluid-flow distance sensor
– Acoustic distance sensor.
Length or distance measurement is typically between a push rod above ground surface and a fixed
point on the thrust machine. Adverse conditions may impact length measurement, particularly: a) vertical movements of the thrust machine relative to a fixed horizontal plane, b) length variation and bending
of the push-rod string.
Vertical movements of the thrust machine depend on system stiffness and ground conditions. For example, stiffness, including any slack, of a thrust machine can be important for an anchored system. Soft
ground can give an adverse setting for a thrust machine relying on ballast. The thrust machine may initially settle. Heave may subsequently occur upon transfer of force from the thrust machine to the push
rods. Settlement of the ground surface by force transfer to the push rods is assessed to be negligible for
common adverse conditions. Force transfer will predominantly relieve the initial pressure imposed by
the thrust machine on the ground surface. Equivalent stiffness may be in the order of 2.5 kN/m for adverse conditions.
Length variation and bending-type deformation of the push-rod string may take place when a cone
penetrometer reaches a competent zone. Axial stiffness is assessed to be in the order of 1.6·105 kN/m of
initial length of a push rod string consisting of 36 mm diameter, 1 m long thick-walled push rods. This
implies push rod shortening of 0.06 % for a uniform axial force of 100 kN. It is assessed that bending
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can possibly result in similar error under adverse conditions. Examples of adverse conditions are a laterally unsupported section and soft soil with limited lateral support. Thermal effects are assessed to be
negligible.
It may be inferred that a depth sensor on a thrust machine may incorrectly assume some non-existent
penetration upon build-up of soil resistance during cone penetration. Similarly, a penetrometer that
moves from a competent zone to a weak zone may show (very) rapid (unrecorded) penetration due to
compressive strain release. Some of these effects may be captured during a penetration interruption, for
example if required for addition of a push rod. NNI (1996) describes a so-called electronic heave compensator for penetration interruptions. The tool provides data for correction for relative movements between the push rod string and the thrust machine.
It is assessed that CPTs with direct push from ground surface would typically provide trajectory data
to an uncertainty of ± 50 mm plus ± <1% of penetration length. These values are for favourable conditions. For penetration depth, the value of ± <1% may increase by ± 0.5% for an average inclination of
the cone penetrometer of 4o, measured to ± 1o uncertainty. Values may double for adverse conditions.
Note that common interpretation of ISO 22476-1 requirements will typically assume zero uncertainty for
determination of a fixed horizontal plane. The value of ± 50 mm would then reduce to about ± 30 mm.
Accuracy improvement may be feasible by displacement modelling of a complete CPT system or selected parts. In most cases, thrust applied to the push rods would be an important input parameter. Thrust
may be correlated to actual CPT measurements.
10. PENETRATION RATE
Penetration rate v is penetration length l normalised to (clock)time. ISO 22476-1 and ASTM D5778
specify permissible limits of ± 5 mm/s for a nominal penetration rate of 20 mm/s.
ISO 22476-1 requires data recording at lengths of ≤ 20 mm for Application Classes 1 and 2 and
≤ 50 mm for Application Classes 3 and 4. ASTM D5778 requires ≤ 50 mm. Increased frequency of data
recording can provide better stratigraphic detail and may provide opportunities for improved processing
of recorded data.
A typical thrust machine provides a push speed with an uncertainty within ± 5 mm/s under favourable
conditions. Under adverse conditions, penetration rates may be outside ISO 22476-1 and ASTM D5778
limits. The push speed may vary or reduce under adverse conditions, for example with strongly varying
thrust and towards the thrust limit of a thrust machine. In addition, the penetration rate is not equal to the
push speed because of vertical movements of the thrust machine and length variation and bending of the
push-rod string. The above section on penetration depth provides comments.
Influence of penetration rate on CPT parameters is particularly important where soil behaviour during
penetration shows domain shifts: drained, partially drained and undrained (DeJong et al. 2012). Figure 15 presents an extreme example for loss of penetration rate v at 74.1 m below ground surface. The
parameters Δu2 and Ic are excess pore pressure (u2 - u0) and soil behaviour type index according to Robertson & Wride (1998). The presented penetration rates include no post-processing for influence of data
point intervals.
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Figure 15. Example of penetration rate affecting CPT parameters for chalk (Peuchen & Balthes 2013).

11. DATA ACQUISITION
A sensor requires stable or known electric input. Sensor output typically consists of a ratio of electrical
output versus input signal, expressed as mV/V or mV/mA. This signal is transmitted by wiring to an
electronic system that converts this analogue signal to a digital value, i.e. A/D conversion. Apart from
averaging or filtering, measurements expressed in digital counts are definitive after A/D conversion.
Excitation voltage and sensor output can be affected by deficiencies in the transmission system. Older
data acquisition systems will typically include a relatively long cable transmitting signals between the
cone penetrometer and electronics positioned on or near the thrust machine. Transmission may then be
influenced by external electric noise, moisture, temperature, mechanical strain and insulation issues for
wiring/cable etc. A voltage stabilizer and a signal amplifier in the cone penetrometer can mitigate such
influences. On-site checks on data acquisition influence can be made by a signal simulator replacing a
cone penetrometer. Older A/D conversion systems may have limits on resolution, for example 10 kPa on
cone resistance. Workarounds in practice may include built-in amplification in combination with 16bit
or 12bit A/D converters.
Newer systems incorporate electronics for excitation voltage and A/D conversion at or very close to
the measuring sensors, i.e. within the cone penetrometer. Digital data transfer to a recording unit then
takes place without loss of data quality. As discussed above for cone resistance, resolution presents no
limiting factor for 24bit A/D conversion.
Temperature variations in a cone penetrometer affect built-in electronics, such as the A/D converter.
Fugro experiments for cone resistance show an influence of about ± 0.001%/ºC plus a zero drift of
± 0.35 kPa/ºC. These values are an order of magnitude less than temperature sensitivity of a load cell or
pressure sensor.
12. CORRECTED, INFERRED AND NORMALISED PARAMETERS
ISO 22476-1 considers accuracy for measured parameters: qc, fs, u, i, l and v. ISO 22476-1, ASTM
D5778 and others also describe data processing for corrected, inferred and normalised parameters such
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as friction ratio and pore pressure ratio. Uncertainty estimates for such parameters can be inferred from
the elementary considerations described above. The following paragraphs summarise selected topics.
Note that some corrections and normalisations require external data and their corresponding uncertainty
estimates. For example, net cone resistance qn requires an estimate of in situ vertical stress. An additional uncertainty estimate is then required for the in situ vertical stress.
Many CPTs are without measurement of pore pressure u. The Netherlands probably hold a record for
CPT metres per person per year, yet pore pressure measurement applies to about 5% of the CPTs (Long
2010). This low percentage may be attributed to perceived cost/benefit, bias to end-bearing piles and
well-known soils that typically provide adverse conditions for pore pressure measurement, notably u2.
Nevertheless, an absence of u measurements should still allow fair confidence for derivation of corrected, inferred and normalised parameters, particularly for well-known soils.
ISO 22476-1 and ASTM D5778 require graphical presentation of qc, fs and u data. In addition, ISO
22476-1 requires presentation of tabular qc, fs and u data for Application Classes 1 and 2. In practice,
presentation of these data may be versus time, length or depth intervals. Presentation at a fixed interval
may consider a nearest data record. Fixed-interval reporting may also rely on interpolation and averaging techniques. The actual procedure will have little impact if CPT data are relatively uniform with
depth. Differences should be expected for strongly layered soils. For example, a peak in pore pressure
captured by high frequency recording may be missed or averaged by reporting to 50 mm length intervals.
ISO 22476-1 provides no specific requirements for vertical shift of measured sleeve friction to penetration depth z defined relative to the base of the cone. ASTM D5778 suggests the midpoint of the friction sleeve and the point of the cone. Consideration may be given to a matching cone resistance with
measured sleeve friction at a point slightly below the midpoint, allowing for a non-uniform distribution
of friction along the axis of the friction sleeve. Weighted averaging of multiple values of measured
sleeve friction is also used in practice.
A penetration interruption will lead to loss or change of penetration data, compared to continuous
penetration. Penetration rate will inevitable vary during the deceleration and acceleration of the penetrometer. The penetration interruption itself can lead to local or persistent change in qc, fs and u, as discussed above. In practice, data clips and smoothing will provide look-alike continuous penetration. Figure 16 shows an example of data as measured (unclipped) and processed data (data clips added where
penetration rate is close to zero and re-interpolated for penetration depth at 20 mm spacing.
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Figure 16. Penetration interruption - cone resistance qc versus time (left) and qc versus penetration depth (right).
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Drift of a sensor for qc, fs or u will occur during a CPT. ISO 22476-1 and ASTM D5778 consider zero
drift as indicator for possible anomalies in performance of a data acquisition system. In most cases, zero
drift will probably be incurred as a result of temperature variations and creep. For example, increasing
the penetration depth could imply penetration of harsh ground, temperature increase in the cone penetrometer and consequent increase in zero drift. The incurred zero drift would not apply to any shallow
soft soil. The ISO 22476-1 connection between zero drift and application class is doubtful and may lead
to unnecessary effort, for example conducting a drill-out to limit zero drift for a soft soil zone requiring
Application Class 2. Zero values at the start of the test should normally be assigned to the full penetration phase. Also, it is incorrect to assume zero drift as proof of meeting a particular application class.
A thrust machine may apply significant and variable stress conditions to the soil to be tested. In practice, no corrections are applied to obtain equivalent free-field conditions. Influence of external stress
conditions may be estimated from continuum mechanics such as elastic theory, where horizontal stress
change is likely to dominate change of qc and fs. Use may also be made of correlations for correcting qc
for a change in ground surface level.
A non-vertical trajectory (i > 0o) of a penetrometer can influence measured soil resistance, particularly where coefficient of earth pressure at rest K0 ≠ 1. ISO 22476-1 and ASTM D5778 provide no requirements for correction of measured soil resistance for inclination of a cone penetrometer. Figure 17
shows qc and u1 for non-vertical penetration in clay with K0 values ranging between 0.4 and 1. The results consider calibration chamber tests and finite element modelling.
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Figure 17. Influence of non-vertical trajectory on cone resistance qc (left) and pore pressure u1 (right), expressed
as fraction of K0 = 1 and i = 0° (scale for colour bars is 0 to -0.25), after Wei et al. (2005).

ISO 22476-1 and ASTM D5778 require u2 for calculation of corrected cone resistance qt. These standards provide no guidance on resolving any differences between u2 and u2g, discussed earlier. In practice,
this implies that qt will usually depend on cone penetrometer design. The presumed u2g = u2 requirement
is in conflict with needs from practice.
13. EXAMPLE ESTIMATION OF CPT ACCURACY
The current state of knowledge suggests that it will be difficult in practice to demonstrate compliance
with any of the application classes of ISO 22476-1, except under favourable conditions.
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Table 4 shows example input values for uncertainty estimates according to Type B evaluation (EA
1999). Actual values for a particular CPT system may be better or worse.
For favourable conditions, it may be inferred that the selected example values would result in meeting
Application Class 1 of ISO 22476-1. This confirms current understanding derived from excellent test repeatability under uniform, favourable soil conditions (Fig. 18). Figures 19 and 20 show results for adverse conditions: layered sands and clays. The examples may possibly represent first-ever estimates that
comply with ISO 22476-1 and its normative reference to ISO (2003).
The accuracy calculations for the adverse case show that the example CPT, as a whole, would fail to
meet any of the application classes of ISO 22476-1. Significant epistemic uncertainty is the principal
reason for this situation. Particularly, the prediction models for transient temperature and measurement
error take account of lack of understanding and are necessarily conservative. The example test profile
considers a single push from ground surface. Penetration interruptions for transient heat dissipation
would improve results. Actual accuracy is probably significantly better than calculated. Further study is
recommended.
Table 4. Example input for CPT accuracy estimates.
Cone Resistance, qc

Cone Load Cell, δqc,trans
Cone Load Cell, δqc,hys

Cone Area, δqAtip
Temperature, δqtemp

5kPa + 5 ⋅ 10 -3 ⋅ q c(i)
where qc(i) is measured cone resistance

5 ⋅10 -3 ⋅ q c,max
qc,max is the maximum encountered hysteresis value of qc prior to reaching penetration
depth
0.02 ⋅ qc(i)

(

ΔT ⋅ 10kPa ⋅ C -1 + 5 ⋅10 -4 ⋅ C -1 ⋅ q c(i)

)

where ΔT is change in temperature in degrees centigrade at load cell position; ΔT may
be estimated from measured cone resistance1) or measured
Non-axial Loading, δqbend

M ⋅ 10kPa ⋅ N ⋅ m-1
where M is bending moment at load cell position; M may be inferred from cone penetrometer trajectory2), or measured

Sleeve Friction, fs
Sleeve Friction Load Cell, δfs,trans

0.067 ⋅ δqc,trans + δqc+f,trans
2

2

where δ qc+f,trans is as for δqc,trans, except with added frictional force, for a substractiontype cone penetrometer
Friction Sleeve Area, δfAsleeve
Temperature, δftemp
Non-axial Loading, δfbend
Pore Pressure, u
Pressure Sensor, δutrans

0.015⋅ fs(i)
where fs(i) is measured sleeve friction

(

ΔT ⋅ 1kPa ⋅ C-1 + 7 ⋅10-4 ⋅ C-1 ⋅ fs(i)

)

M ⋅ 0.5kPa ⋅ N ⋅ m -1

1 kPa + 2 ⋅ 10 −3 ⋅ u (i) + 2.5 ⋅ 10 −3 ⋅ u max
where u(i) is measured pore pressure and umax is the maximum encountered value of u
prior to reaching penetration depth

Temperature, δutemp
Inclination, i
Inclination Sensor, δitrans

(

ΔT ⋅ 0.5 kPa ⋅ C -1 + 5 ⋅ 10 -4 ⋅ C -1 ⋅ u (i)
δi trans = 1 + 1 ⋅ 10 −3 ⋅ i (i)
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)

Penetration Length, l
Penetration Length Sensor, δltrans

5 ⋅ 10−3 m + 5 ⋅ 10−3 ⋅ l (i)

Sampling Frequency and Penetration Rate, δlsamp

where l(i) is measured penetration length
1
0.5 ⋅ v (i ) ⋅
fsamp
were v(i) is penetration rate calculated from penetration length sensor

Push Rod Compression and
Bending, δlcompression

12 ⋅ 10−6 kN−1 ⋅ Qthrust ⋅ l(i)
where Qthrust is total thrust on the push rods; Qthrust may be measured or estimated3)

Thrust Machine Stiffness,
δlthrust machine
Elastic Soil Relaxing, δlrelax

10 −4 m ⋅ kN −1 ⋅ Q thrust

Fixed horizontal Plane, δlplane
Notes:

0.05 m

4 ⋅10−4 m ⋅ kN−1 ⋅ Qthrust

1) Temperature ΔT may be estimated from cone resistance according to ΔT = Tsoil + (Tcone − Tsoil ) ⋅ e−r ⋅Δt and

Tcone = 1 C ⋅ MPa −1 ⋅ qc(i) . The factor r depends on local convection heat transfer coefficient, the area over which convection occurs, cone penetrometer density and heat capacity. A (forward) smoothing function may account for delay effects
in generation of frictional heat and transition to a load cell location.
2) Bending moment may be inferred from Young’s modulus, second moment of area and curvature of a cone penetrometer
trajectory according to M = E ⋅ I ⋅ ψ
l

3)

Thrust on push rods may be estimated by Q thrust = q c(i) ⋅ A tip +

1
⋅ fs(i) ⋅ π ⋅ d rod dl , where R typically ranges from 3 to 7.
R
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Figure 18. Uncertainty estimates according to ISO 22476-1 for CPT values measured under favourable conditions
of homogeneous slightly overconsolidated clay.
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Figure 19. Uncertainty estimates according to ISO 22476-1 for CPT values measured under adverse conditions of
layered sands and clays.
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Figure 20. Demonstrating compliance to ISO application classes, for adverse conditions of layered sands and
clays.
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14. CHALLENGES IN MEASURING PRACTICE
This section presents examples of challenges faced in measuring practice.
Figure 21 illustrates difficulty in conclusively distinguishing in situ soil behaviour from CPT measurement error. Values for qt and ft show unusual reductions at a penetration depth of about 17 m. Corrected friction ratio Rft and pore pressure ratio Bq also show significant variations. Pore pressure u2
shows an approximately linear increase from ground surface to 40 m penetration depth.
qc,qt [MP a]

0

0

1

ft [kP a]

2

0

20

Rft [%]

40 0

5

u2, uo [MP a]

10 0

1

Bq [-]

2 -1

0

Ic [-]

1

0

2

v [mm/s]

4

0

20

40

5

Penetration Depth [m]

10
15
20
25
30
35
40

Figure 21. Unusual reduction in qt and ft at 17 m penetration depth.

Comments are as follows.
– CPT deployment was by single push from ground surface, with no interruptions for push rods.
– Quality monitoring records were according to expectations. Zero drift values for qc, fs and u2 were
+15 kPa, +2 kPa and +4 kPa respectively.
– The qt trends with depth have negative intercepts at ground surface for penetration depths between
about 12 m and 17 m and between 17 m and 24 m. This is unusual for normally consolidated to
slightly overconsolidated clay, but may possibly reflect depositional regimes.
– A similar profile was observed for a nearby location.
– The 12 m level shows evidence for a depositional discontinuity: locally increased cone resistance and
reduced pore pressure. This zone may have triggered build-up of clay adhering to the cone penetrometer. However, the plausibility of this hypothesis seems low.
Figure 22 illustrates challenges with measuring pore pressures at the u2 location, instead of u1. Particularly, u2 shows negative values as low as -1800 kPa upon penetration of soil depositional discontinuities.
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Figure 22. Negative u2 values (-1800 kPa).

Comments are as follows.
– CPT deployment was offshore and included a single push from seafloor, with no interruptions for
push rods.
– Quality monitoring records were according to expectations. Zero drift values for qc, fs and u2 were
+16 kPa, 0 kPa and -1 kPa respectively.
– A negative u2 value is followed by pore pressure recovery to positive values. The recovery distance is
at least 0.5 m or about 25 seconds. The delay in pore pressure recovery is probably a function of low
permeability of soil that inhibits fluid movement required for pore pressure measurement.
– The u2 values for the recovery period appear to give a reasonable representation of pore pressure u2g
in the gap between the cone and the friction sleeve. This may be inferred from comparison of qc and
qt values.
– An onshore test would have been limited in measuring negative pore pressures to around -100 kPa.
Pore pressure recovery would have been uncertain and estimation of u2g would have been difficult.
Figure 23 illustrates deployment challenges for a cone penetrometer, particularly very soft clay overlying claystone.
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Figure 23. Deployment challenges for a cone penetrometer.

36

Ic [-]

Bq [-]
20 -1

0

1

0

2

v [mm/s]
4

0

20

40

Comments are as follows:
– Discontinuous CPT profiles were acquired by multiple short-push penetrations from the bottom of a
drill pipe.
– Quality monitoring records were according to expectations. Zero drift values for qs, fs and u2 for tests
in very soft clay were typically +50 kPa, +1 kPa and +1 kPa respectively. For the underlying claystone, these values were typically -50 kPa, +1 kPa and +1 kPa. The claystone shows a soil behaviour
type index Ic of about 2, equivalent to sandy very clayey silt according to Robertson (1990).
– Values for qc and u2 differ by factors of 300 and 420 respectively between 1 m and 22 m penetration
depths.
– The data acquisition system for pore pressure fails between 22 m and 23 m penetration depth. The
measured pore pressure then exceeds 12,000 kPa, which is the equivalent of a water column with a
height of 1200 m.
– Duration of a short-push test is less than 3 minutes. Temperature response to build-up of frictional
heat will be complex for the load cells for qc and fs. Simple prediction models for transient temperature may considerably overestimate measurement error for this situation.
Figure 24 illustrates an extreme case of transfer of axial force on the cone to the friction sleeve.
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Figure 24. Transfer of axial force on the cone to the friction sleeve.

Comments are as follows:
– CPT deployment was by single push from ground surface, with no interruptions for push rods.
– Zero drift values for qc, fs and u2 were -31 kPa, +3 kPa and -4 kPa respectively. These values show no
evidence for anomalies. Force transfer was confirmed by post-project laboratory checks.
– It is difficult to detect minor cases of force transfer. Extreme force transfer is evident from credibility
checks on ft signature replicating qc signature, with supplementary confirmation from friction ratio
and soil behaviour type index Ic. Note that the force transfer causes Ic to be mostly outside of classification limits indicated by Robertson & Wride (1998).
– The sum of the axial forces on the cone and friction sleeve should be approximately correct. For example, it may be inferred that a presumed friction ratio of 1% at 10 m penetration depth would increase qc from about 19 MPa to about 24 MPa and decrease ft from about 600 kPa to 240 kPa.
– Measured pore pressure u2 shows robust response for testing in very dense sands. The difference between measured pore pressure and expected hydrostatic pore pressure is <50 kPa at 20 m penetration
depth.
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15. CONCLUDING REMARKS
An ideal in situ penetration tool would provide:
– zero measurement uncertainty,
– unambiguous soil behaviour identification,
– closed-form theoretical interpretation directly linked to fundamental soil mechanics,
– rapid penetration to desirable depths into any type of ground at wide range of temperatures,
– inexpensive operation from a small autonomous vehicle operating on any terrain, above and below
water, and,
– unique standardisation.
Although no such tool exists, the CPT is closer to this wish list than any of its in situ rivals.
CPT practice has an admirable history on benchmarking of accuracy of parameter values. Such ambitions are not yet seriously contemplated for parameter values inferred from soil sampling, sample handling and geotechnical laboratory testing.
Estimation of CPT accuracy may distinguish “favourable” and “adverse” settings. The proposed favourable setting is comparable to a calibration laboratory. Homogeneous, slightly overconsolidated clay
would be an example of favourable conditions. The proposed adverse setting represents common hostile
site conditions and/or a setting with real-world limits on tool control. A setting of strongly layered dense
sands and soft clays with ground water at depth would be an example of adverse conditions. Particularly,
adverse conditions recognise the complexity of accurate measurement of resistance values differing by
typically four orders of magnitude, with no control on measuring environment. Furthermore, it may occasionally be difficult to distinguish CPT measurement error from in situ soil behaviour.
Usually, discussions on CPT accuracy take place without a satisfactory definition for accuracy. Some
use accuracy in metrological terms of resolution or repeatability. Others presumably refer to accuracy
under calibration laboratory conditions. Many are ambiguous about: (1) coupling of qc, fs and u with
spatial position xyz and (2) true value related to permissible equipment-specific and procedure-specific
features.
A proposed Analytic CPT can serve as benchmark for true values, independent of equipment-specific
and procedure-specific CPT features. The proposed Analytic CPT features zero measurement uncertainty and an imaginary cone penetrometer with a solid body of uniform geometry with no gaps.
Widely used CPT standards are ISO 22476-1:2012 (2012a) and ASTM D5778-12 (2012). ISO 224761 defines accuracy, where (1) qc, fs and u are uncoupled from spatial position xyz and (2) true values depend on permissible equipment-specific and procedure-specific features. This means that compliance
with an application class of ISO 22476-1 only provides a first indication of accuracy required for geotechnical practice. Further processing will be necessary to obtain fit-for-purpose accuracy, i.e. with
benchmarking against the Analytic CPT or equivalent. ASTM D5778 has no aspirations on defining accuracy. It considers precision and bias.
The ISO 22476-1 connection between zero drift and application class is doubtful and may lead to unnecessary effort in practice. Typically, zero drift reflects a wide range of test conditions. It cannot be isolated for the penetration phase applicable to a particular soil stratum.
The current state of knowledge suggests that it will be difficult in practice to demonstrate compliance
with the application classes of ISO 22476-1, except under favourable conditions. This is illustrated by
two examples of uncertainty estimates. The examples may possibly represent first-ever estimates that
comply with ISO 22476-1 and its normative reference to ISO (2003). The first example (Fig. 18) considers favourable conditions, i.e. homogeneous slightly overconsolidated clay. The uncertainty estimate
indicates feasibility of meeting Application Class 1 of ISO 22476-1 and confirms current understanding
derived from excellent test repeatability under uniform, favourable soil conditions. The second example
(Fig. 20) considers routine adverse conditions: layered sands and clays. The accuracy calculations for
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the adverse case show that the example CPT, as a whole, would fail to meet any of the application classes of ISO 22476-1. Significant epistemic uncertainty is the principal reason for this situation. Particularly, the prediction models for transient temperature and measurement error take account of lack of understanding and are necessarily conservative. Actual accuracy is probably significantly better than
calculated. Further study is recommended.
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GLOSSARY OF METROLOGICAL TERMS
Table 5. Glossary of metrological terms.
Term
Accuracy,
measurement
accuracy,
accuracy of
measurement
Accuracy Class

Bias,
Measurement
Bias

Drift,
Instrumental
drift
Error,
Error of measurement,
Measurement
error

Full scale output, FSO
Hysteresis

Definition
closeness of agreement between a measured
quantity value and a true quantity value of a
measurand

Notes

class of measuring instruments or measuring
systems that meet stated metrological requirements that are intended to keep measurement errors or instrumental uncertainties
within specified limits under specified operating conditions
estimate of a systematic measurement error

-

ASTM2: bias, [Unit of Measure]—in measurements, a systematic error that contributes
to the difference between the mean of a large
number of test results and an accepted reference value
continuous or incremental change over time in
indication, due to changes in metrological
properties of a measuring instrument
measured quantity value minus a reference
quantity value

the specified maximum output value for
which the stated accuracy condition applies
ISRM4: incomplete recovery of strain during
unloading cycle due to energy consumption
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-

An accuracy class is usually denoted by a number or
symbol adopted by convention.
Accuracy class applies to material measures.

Instrumental drift is related neither to a change in a
quantity being measured nor to a change of any recognized influence quantity.
- The concept of ‘measurement error’ can be used both
when there is a single reference quantity value to refer to, which occurs if a calibration is made by means
of a measurement standard with a measured quantity
value having a negligible measurement uncertainty or
if a conventional quantity value is given, in which
case the measurement error is known, and b) if a
measurand is supposed to be represented by a unique
true quantity value or a set of true quantity values of
negligible range, in which case the measurement error is not known.
- Measurement error should not be confused with production error or mistake.
ASTM2: hysteresis is the dependence of a system not only on its current environment but also on its past envi-

Term

Definition

Measurement

process of experimentally obtaining one or
more quantity values that can reasonably be
attributed to a quantity
quantity intended to be measured
science of measurement and its application

Measurand
Metrology, metrological confirmation

Notes
ronment.

-

-

-

-

Precision,
measurement
precision

closeness of agreement between indications or
measured quantity values obtained by replicate measurements on the same or similar objects under specified conditions

-

ASTM2: precision, [Unit of Measure]—in
measurements, the closeness of agreement between test results obtained under prescribed
conditions.
-

Quantity

quantity value

Random Measurement Error,
Random error,
Random error
of measurement

property of a phenomenon, body, or substance, where the property has a magnitude
that can be expressed as a number and a reference
value of a quantity value number and reference together expressing magnitude of a quantity
component of measurement error that in replicate measurements varies in an unpredictable
manner

-

-

-
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Metrology includes all theoretical and practical aspects of measurement, whatever the measurement
uncertainty and field of application
Metrological confirmation generally includes calibration and verification, any necessary adjustment or repair, and subsequent recalibration, comparison with
the metrological requirements for the intended use of
the equipment, as well as any required sealing and
labelling.
Metrological confirmation is not achieved until and
unless the fitness of the measuring equipment for the
intended use has been demonstrated and documented.
The requirements for intended use include such considerations as range, resolution and maximum permissible errors.
Metrological requirements are usually distinct from,
and are not specified in, product requirements.
Measurement precision is usually expressed numerically by measures of imprecision, such as standard
deviation, variance, or coefficient of variation under
the specified conditions of measurement.
The ‘specified conditions’ can be, for example, repeatability conditions of measurement, intermediate
precision conditions of measurement, or reproducibility conditions of measurement (see ISO 57253:1994/Cor.1:2001).
Measurement precision is used to define measurement repeatability, intermediate measurement precision, and measurement reproducibility.
Sometimes “measurement precision” is erroneously
used to mean measurement accuracy.

A reference quantity value for a random measurement error is the average that would ensue from an
infinite number of replicate measurements of the
same measurand.
Random measurement errors of a set of replicate
measurements form a distribution that can be summarized by its expectation, which is generally assumed
to be zero, and its variance.
Random measurement error equals measurement error minus systematic measurement error.

Term
Range

Repeatability,
Measurement
repeatability
Resolution

Stability,
stability of a
measuring instrument

Definition
ASTM2: range (of a deformation-measuring
instrument) — the amount between the maximum and minimum quantity an instrument
can measure without resetting/ overloading. In
some instances provision can be made for incremental extension of the range.
measurement precision under a set of repeatability conditions of measurement

Notes

smallest change in a quantity being measured
that causes a perceptible change in the corresponding indication
property of a measuring instrument, whereby
its metrological properties remain constant in
time

Resolution can depend on, for example, noise (internal
or external) or friction. It may also depend on the value
of a quantity being measured.
Stability may be quantified in several ways.
EXAMPLE 1 In terms of the duration of a time interval
over which a metrological property changes by a stated
amount.
EXAMPLE 2 In terms of the change of a property over a
stated time interval.
- A reference quantity value for a systematic measurement error is a true quantity value, or a measured
quantity value of a measurement standard of negligible measurement uncertainty, or a conventional quantity value.
- Systematic measurement error, and its causes, can be
known or unknown. A correction can be applied to
compensate for a known systematic measurement error.
- Systematic measurement error equals measurement
error minus random measurement error.

Systematic Error,
Systematic
measurement
error,
Systematic error
of measurement

component of measurement error that in replicate measurements remains constant or varies
in a predictable manner

Type A evaluation of measurement
uncertainty
Type B evaluation of measurement
uncertainty

evaluation of a component of measurement
uncertainty by a statistical analysis of measured quantity values obtained under defined
measurement conditions
evaluation of a component of measurement
uncertainty determined by means other than a
Type A evaluation of measurement uncertainty

Trueness,
measurement
trueness, trueness of measurement

closeness of agreement between the average
of an infinite number of replicate measured
quantity values and a reference quantity value
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EXAMPLES
Evaluation based on information:
- associated with authoritative published quantity values,
- associated with the quantity value of a certified reference material,
- obtained from a calibration certificate,
- about drift,
- obtained from the accuracy class of a verified measuring instrument,
- obtained from limits deduced through personal experience.
- Measurement trueness is not a quantity and thus cannot be expressed numerically, but measures for
closeness of agreement are given in ISO 5725/
Cor.1:2001)
- Measurement trueness is inversely related to systematic measurement error, but is not related to random
measurement error.
- Measurement accuracy should not be used for ‘measurement trueness’ and vice versa.

Term
Uncertainty,
Uncertainty of
measurement,
Measurement
uncertainty

Definition
non-negative parameter characterizing the
dispersion of the quantity values being attributed to a measurand, based on the information used

Zero Error

datum measurement error where the specified
measured quantity value is zero
adjustment of a measuring system so that it
provides a null indication corresponding to a
zero value of a quantity to be measured

Zero Adjustment of a measuring system

Notes
- Measurement uncertainty includes components arising from systematic effects, such as components associated with corrections and the assigned quantity
values of measurement standards, as well as the definitional uncertainty. Sometimes estimated systematic
effects are not corrected for but, instead, associated
measurement uncertainty components are incorporated.
- The parameter may be, for example, a standard deviation called standard measurement uncertainty (or a
specified multiple of it), or the half-width of an interval, having a stated coverage probability.
- Measurement uncertainty comprises, in general,
many components. Some of these may be evaluated
by Type A evaluation of measurement uncertainty
from the statistical distribution of the quantity values
from series of measurements and can be characterized by standard deviations. The other components,
which may be evaluated by Type B evaluation of
measurement uncertainty, can also be characterized
by standard deviations, evaluated from probability
density functions based on experience or other information. - In general, for a given set of information, it is understood that the measurement uncertainty is associated with a stated quantity value
attributed to the measurand. A modification of this
value results in a modification of the associated uncertainty.
Zero error should not be confused with absence of measurement error.

Notes:
1. Definitions are according to JCGM (2012), except where shown
2. ASTM (2011)
3. ISO (2012)
4. ISRM (1972)
5. EA (1999)

REFERENCES
ASTM. 1979. Standard method for deep, quasi-static, cone and friction-cone penetration tests of soil, ASTM
D3441-79. West Conshohocken: ASTM International.
ASTM. 2011. Standard terminology relating to soil, rock, and contained fluids, ASTM D653-11. West Conshohocken: ASTM International.
ASTM. 2012. Standard test method for electronic friction cone and piezocone penetration testing of soils, ASTM
D5778-12. West Conshohocken: ASTM International.
ASTM. 2013. Form and style for ASTM standards. West Conshohocken: ASTM International.
Beer De, E.E. 1963. Scale Effects. Géotechnique, Vol. 13, pp. 39-75.
Berg, P. van den 1991. Numerical model for cone penetration. Seventh International Conference on Computer
Methods and Advances in Geomechanics, Cairns, Proceedings, Vol. 3, pp. 1777-1782.
Berg, P. van den, Borst, R. de, Huetink, J. (1992). Numerical model for penetration in frictional materials. Third
International Conference on Computational Plasticity, Barcelona, Proceedings, Vol. 1, pp. 971-982.
42

Berg, P. van den 1994. Analysis of soil penetration. Delft University Press 1994. Thesis. 180 pp.
Boggess, R. & Robertson, P.K. 2010. CPT for soft sediments and deepwater applications. CPT’10: 2nd International Symposium on Cone Penetration Testing, Huntington Beach, CA: Conference Proceedings.
Boylan, N., Mathijssen, F., Long, M. and Molenkamp, F. 2008. Cone penetration testing of organic soils. Proceedings, Baltic Geotechnical Conference, September. Gdansk, Poland.
Commission of the European Communities CEC 1986. Nuclear science and technology, geotechnical deep ocean
research apparatus (DORA). Report EUR 10601 EN.
DeJong, J.T & Frost, J.D. 2002, "A Multisleeve Friction Attachment for the Cone Penetrometer"; American Society for Testing and Materials, Journal of Geotechnical Testing, Vol. 25, No. 2, pp. 111-127, 2002.
DeJong, J.T., Jaeger, R.A., Boulanger, R.W., Randolph, M.F., Wahl, D.A.J. (2012), Variable penetration rate
cone testing for characterisation of intermediate soils, Geotechnical and Geophysical Site Characterization 4 –
Proceedings of the 4th International Conference on Site Characterization 4, ISC-4 1, 25-42
Diepstraten, E. 2003. Comparison of cone resistance of mini cone and Fugro standard cone in sand. MSc Dissertation Technical University of Delft, 113 pp. (in Dutch).
Elmgren, K. 1995. Slot-type pore pressure CPT-u filters behaviour of different filling media. In International
symposium on cone penetration testing CPT’95, Linköping, Sweden, October 4-5, 1995, Vol. 2: 73-78. Linköping: Swedish Geotechnical Society. European Group of the Sub-committee for Static and Dynamic Penetration Test Methods, 1968
EA. 1999. Expression of the uncertainty of measurement in calibration, EA-4/02. European Co-operation for Accreditation of Laboratories, 79 p.
Hird, C.C. & Springman, S.M. 2006. Comparative performance of 5 cm2 and 10 cm2 piezocones in a lacustrine
clay. Géotechnique, Vol. 56, No. 6, pp. 427-438.
ISO, 1994/Cor.1:2001, Accuracy (trueness and precision) of measurement methods and results — Part 3: Intermediate measures of the precision of a standard measurement method, International Standard ISO 57253:1994/Cor.1:2001. Geneva: International Organization for Standardization.
ISO. 1998. General Principles on Reliability for Structures, International Standard ISO 2394:1998. Geneva: International Organization for Standardization.
ISO. 2003. Measurement management systems - requirements for measurement processes and measuring equipment, International Standard ISO 10012. Geneva: International Organization for Standardization.
ISO. 2012a. Geotechnical investigation and testing – Field testing – Part 1: Electrical cone and piezocone penetration tests, International Standard ISO 22476-1:2012. (With Technical Corrigendum 1, January 2013). Geneva: International Organization for Standardization.
ISO. 2012b. Petroleum and natural gas industries - specific requirements for offshore structures - Part 8: marine
soil investigations, Draft International Standard ISO/DIS 19901-8. Geneva: International Organization for
Standardization.
ISO/IEC. 2010. Conformity assessment — general requirements for proficiency testing. Geneva: International Organization for Standardization & International Electrotechnical Commission.
ISO/IEC. 2011. ISO/IEC directives, Part 2: Rules for the structure and drafting of international standards. Geneva: International Organization for Standardization & International Electrotechnical Commission.
ISO/IEC. 2013. ISO/IEC directives, Part 1: consolidated ISO supplement — procedures specific to ISO. Geneva:
International Organization for Standardization & International Electrotechnical Commission.
ISSMFE International Society for Soil Mechanics and Foundation Engineering. 1977. Report of the subcommittee
on standardization of penetration testing in Europe, Appendix A, recommended standard for the cone penetration test (CPT). Proceedings of the ninth international conference on soil mechanics and foundation engineering, Tokyo.
ISSMFE International Society for Soil Mechanics and Foundation Engineering. 1989. Report of the ISSMFE
Technical Committee on penetration testing of soils – TC 16 with reference test procedures, CPT – SPT – DP
– WST. Linköping: Swedish Geotechnical Institute.
ISSMGE International Society for Soil Mechanics and Geo-technical Engineering. 1999. International reference
test procedure for the cone penetration test (CPT) and the cone penetration test with pore pressure (CPTU):
Report of the ISSMGE Technical Committee 16 on Ground Property Characterisation from In situ Testing. In
F.B.J. Barends et al. (eds.), Geotechnical engineering for transportation infrastructure; Proceedings of the
twelfth European conference on soil mechanics and geotechnical engineering, Amsterdam, Netherlands, 7-10
June 1999, Vol. 3: 2195-2222. Rotterdam: A.A. Balkema.
43

JCGM. 2012. International vocabulary of metrology – basic and general concepts and associated terms (VIM),
3rd edition, 2008 version with minor corrections, JCGM 200:2012. Joint Committee for Guides in Metrology.
Jekel, J.W.A. 1988. Wear of the friction sleeve and its effect on the measured local friction. In J. De Ruiter (ed.),
Penetration testing 1988; proceedings of the first international symposium on penetration testing, ISOPT-1,
Orlando, 20-24 March 1988, Vol. 2: 805-808. Rotterdam: A.A. Balkema.
Lima De, D.C. & Tumay, M.T. 1990. Development of the Louisiana State University calibration chamber system
(LSU/CALCHAS)”, 4th Int. Seminar on Calibration Chamber Research, Grenoble France.
Loon van J.C. & Schaareman A. 1991. Penetrometers, an investigation of internal friction effects. Thesis Technical Institute Rijswijk, The Netherlands (in Dutch).
Lunne, T., Eidsmoen, T., Gillespie, D. & Howland, J.D. 1986. Laboratory and field evaluation of cone penetrometers. In S.P. Clemence (ed.), Use of in situ tests in geotechnical engineering; proceedings of In Situ ’86, a specialty conference, Blacksburg, Virginia, June 23-25, 1986: 714-729. New York: American Society of Civil
Engineers.
Long, M. 2010. Regional report for northern Europe. CPT’10: 2nd International Symposium on Cone Penetration
Testing, Huntington Beach, CA: Conference Proceedings.
Meave Silva O.R. 1999. Shallow cone penetration test / shallow penetration tests in dense saturated sand. MSc
Thesis Delft: International Institute for Infrastructural, Hydraulic and Environmental Engineering.
Nageswaran S. 1983. Effect of gas bubbles on the seabed behaviour. PhD Thesis for the University of Oxford.
NNI. 1996. Geotechnics. Determination of the cone resistance and the sleeve friction of soil. Electric cone penetration test. Dutch Standard NEN 5140. Delft: Nederlands Normalisatie-instituut. (in Dutch).
NIST/SEMATECH. 2013. e-Handbook of Statistical Methods.
http://www.itl.nist.gov/div898/handbook/mpc/section1/mpc113.htm), last accessed November 2013.
Ooi, P.S.K. & Ramsey, T.L. 2003. Curvature and bending moments from inclinometer data. International Journal
of Geomechanics, Vol. 3, No. 1, pp. 64-74.
Peuchen, J. 1998. Commercial CPT profiling in soft rocks and hard soils. Geotechnical Site Characterisation,
Robertson & Mayne (eds.), 1998 Balkema, Rotterdam.
Peuchen, J. 2000. Deepwater cone penetration tests. In 32nd Annual Offshore Technology Conference, 2000: Proceedings, Vol. 1, OTC Paper 12094.
Peuchen, J., Adrichem, J. & Hefer, P.A. 2005. Practice notes on push-in penetrometers for offshore geotechnical
investigation. In S. Gourvenec & M. Cassidy, M. (eds.), Frontiers in offshore geotechnics ISFOG 2005; Proceedings of the first international symposium on frontiers in offshore geotechnics, University of Western Australia, Perth, 19-21 September 2005: 973-979. London: Taylor & Francis.
Peuchen, J., Vanden Berghe, J.F. & Coulais, C. 2010. Estimation of u1/u2 conversion factor for piezocone.
CPT’10: 2nd International Symposium on Cone Penetration Testing, Huntington Beach, CA: Conference Proceedings.
Peuchen, J. 2012. Site characterization in nearshore and offshore geotechnical projects. In Coutinho, R.Q. and
Mayne, P.W. (Eds.), Geotechnical and Geophysical Site Characterization 4: Proceedings of the Fourth International Conference on Site Characterization ISC-4, Porto de Galinhas-Pernambuco, Brazil, 17-21 September
2012, Vol. I, CRC Press, Boca Raton, pp. 83-111.
Peuchen, J. & Balthes, R. 2013 Strategies for offshore geotechnical site investigations in chalk. In European Offshore Wind- and Infrastructure Developments, pp. 185-197.
Post, M.L. & Nebbeling, H. 1995. Uncertainties in cone penetration testing. In International symposium on cone
penetration testing CPT’95, Linköping, Sweden, October 4-5, 1995, Vol. 2: 73-78. Linköping: Swedish Geotechnical Society.
Powell, J.J.M. & Lunne, T. 2005a. A comparison of different sized piezocones in UK clays. In Proceedings of the
16th International Conference on Soil Mechanics and Geotechnical Engineering: 16ICSMGE, 2005, Osaka,
Vol. 2, Millpress, Rotterdam, pp. 729-734.
Powell, J.J.M. & Lunne, T. 2005b. Use of CPTU data in clays/fine grained soils. Studia Geotechnica et Mechanica, Vol. 27, No. 3-4, pp. 29-66.
Rad, N.S. 1983. Modification and calibration of the piezocone penetrometer. Final report submitted to Fugro
Consultants International. Louisiana State University. Department of Civil Engineering.
Randolph, M.F. 2004. Characterisation of soft sediments for offshore applications. Proceedings of the Second International Conference on Site Characterisation, Porto, Portugal, Vol. 1, pp. 209–232.
44

Robertson, P.K. 1990. Soil classification using the cone penetration test. Canadian Geotechnical Journal, Vol. 27,
No. 1, pp. 151-158.
Robertson, P.K., Campanella, R.G., Gillespie, D. & Greig, J. 1986. Use of piezometer cone data. In Clemence,
S.P. (Ed.), Use of in situ tests in geotechnical engineering: proceedings of In Situ ’86, Blacksburg, Virginia,
June 23-25, 1986, Geotechnical Special Publication, No. 6, American Society of Civil Engineers, New York,
pp. 1263-1280.
Robertson, P.K. & Wride (Fear), C.E. 1998. Evaluating cyclic liquefaction potential using the cone penetration
test. Canadian Geotechnical Journal, Vol. 35, No. 3, pp. 442-459.
Ruiter de, J. 1975, The use of in-situ testing for North Sea soil studies. In Offshore Europe Conference, Aberdeen,
Paper OE-75 219.1, Spearhead Publications.
Schaap, L.H.J. & Zuidberg, H.M. 1982. Mechanical and electrical aspects of the electric cone penetrometer tip. In
A. Verruijt, F.L. Beringen & E.H. De Leeuw (eds.), Penetration testing; proceedings of the second European
Symposium on Penetration Testing, ESOPT II, Amsterdam, 24-27 May 1982, Vol. 2: 841-851. Rotterdam:
A.A. Balkema.
Titi, H.H., Mohammad, L.N. & Tumay, M.T. 2000. Miniature cone penetration tests in soft and stiff clays, ASTM
Geotechnical Testing Journal, Vol. 23, No. 4, pp. 432-443.
Trevor, F.A., Paisley, J.M. & Mayne, P.W. 2010. Cone penetration tests at active earthquake sites. In CPT’10: 2nd
International Symposium on Cone Penetration Testing, Huntington Beach, CA: Conference Proceedings.
Tufenkjian, M.R., Yee, E. & Thompson D.J. 2010. Comparison of cone and minicone penetration resistance for
sand at shallow depth. In CPT’10: 2nd International Symposium on Cone Penetration Testing, Huntington
Beach, CA: Conference Proceedings.
Uesugi. M. & Kishida. H. 1986. Frictional resistance at yield between dry sand and mild steel. Soils and Foundations, Vol. 26, No. 4, pp. 139-149.
VIM International Vocabulary of Metrology (1993) International vocabulary of basic and general terms used in
metrology – 2nd Edition. International Organization for Standardization. Replaced by JCGM. 2012
Vreugdenhil, R., Davis, R. & Berrill, J. 1994. Interpretation of cone penetration results in multilayered soils, Int.
J. for Numerical and Analytical Methods in Geomechanics, Vol. 18, No. 9, pp. 585–599.
Wei, L., Abu-Farsakh, M.Y. & Tumay, M.T. 2005. Finite-element analysis of inclined piezocone penetration test
in clays, International Journal of Geomechanics, Vol. 5, No. 3, pp. 167-178.

45

3rd International Symposium on Cone Penetration Testing, Las Vegas, Nevada, USA - 2014

Interpretation of geotechnical parameters from seismic piezocone tests
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ABSTRACT: Soil behavior is complex and thus requires quantification by a reasonably good number of
different engineering parameters. Consequently, the seismic piezocone test (SCPTu) is particularly wellsuited to being an efficient and economical tool for routine site characterization because four independent readings are obtained with depth by a single sounding: qt, fs, u2, and Vs. An overview on using all
four of these separate measurements for evaluating soil engineering parameters is given, realizing in
some cases that redundancy occurs when two or more readings are used to interpret the same geomaterial parameter. The assessment of parameters and subsurface information herein includes: unit weight, soil
type, relative density of sands, effective stress peak friction angle, undrained shear strength, effective
yield stress, and stiffness.
1 INTRODUCTION
1.1 Cone and piezocone penetration test (CPTu)
During normal CPT advancement at 20 mm/s, near continuous vertical readings of cone tip resistance
(qt), sleeve friction (fs), and penetration porewater pressure (u2) are obtained at 1- to 5-cm depth intervals to profile the geostratigraphy and determine local soil conditions at that location. These three measurements may further be used either separately or together to evaluate soil engineering parameters, including state of stress, strength, and stiffness.
During a halt in penetration that often occurs at the 1-m rod breaks, readings of excess porewater
pressure decay with time can also be recorded. The results are useful in establishing the hydrostatic
conditions, as well as possible artesian groundwater conditions or drawdown. The time to reach 50%
consolidation provides a benchmark dissipation reading (t50) that can be evaluated to give the coefficient
of consolidation and/or soil permeability.
1.2 Seismic piezocone penetration test (SCPTu)
Horizontally-oriented geophones within the penetrometer can be employed to measure the arrival times
from surface-generated shear waves and provide the magnitude of downhole shear wave velocity (Vs).
The resultant hybrid testing contains geotechnical, hydrological, and geophysical data, termed the seismic piezocone test (SCPTu), and offers an expedient and efficient means to collect a wealth of geotechnical information with depth from a single sounding: qt, fs, u2, and Vs (Campanella, et al. 1986).
A representative SCPTu from the eastern suburbs of New Orleans is presented in Figure 1 with four
recorded channels shown versus depth next to an interpreted soil profile. The complex stratigraphy at
this site is evident and substantiates the importance of site investigative practices that offer near continuous resistance measurements so that small thin layers are not missed.
47

Cone Resistance, qt (kPa)

Soil Profile

0

10000

20000

Sleeve Friction, fs (kPa)
0

30000

100

200

Shear Wave, VS (m/s)

Pore Pressure, u2 (kPa)
0

300

200

400

600

0

0

0

0

2

2

2

u2

2

Sand

4

4

4

u0

4

Clay

6

6

Sand

8

8

10

Clay

Very
Soft
Clay

Medium
Dense
Sand

Depth (meters)

Sand Seam
Clay

Vs

6

6

8

8

10

10

10

12

12

12

12

14

14

14

14

16

16

16

16

18

18

18

18

20

20

20

20

22

22

22

22

24

24

24

24

26

26

26

26

28

28

28

28

30

30

30

30

fs
u2
qt

100

200

300

400

0

Figure 1. Representative seismic piezocone sounding from New Orleans East Levees

The measured readings from the SCPTu can be interpreted using a variety of theoretical, analytical, and
statistical methods towards establishing a suite of geotechnical engineering parameters that are needed
in the analysis and design of construction projects. Soil parameters are many and may include: unit
weight, soil type, relative density, friction angle, dilatancy angle, preconsolidation stress, undrained
shear strength, lateral stress coefficient, elastic modulus, permeability, and other variables. In certain relationships, a single measurement may provide an estimate of a particular soil parameter, while in other
cases, two or more readings may be required. Moreover, with multiple methods available, it is possible
to have corroborating evaluations from two different approaches, yet also plausible to find conflicting
estimates where two approaches do not agree. In the latter case, perhaps this represents the situation of a
“red flag” or warning that additional testing (laboratory tests on undisturbed samples; or alternate in-situ
pressuremeter or flat dilatometer tests) is warranted to resolve the issue.
2 SOIL UNIT WEIGHT
2.1 General case: all soil types
In the case of SCPTu where shear wave velocities are available, a global relationship for total soil unit
weight was found from a large database derived from a variety of noncemented soils (Mayne 2007a):
γt (kN/m3) = 8.32 log (Vs) - 1.61 log (z)

(1)

where Vs (m/s) and depth z (m).
When only CPTu data are obtained, a trend has been identified between the total unit weight, sleeve
friction, and effective stress (Mayne and Peuchen 2012). A direct unit weight relationship with the
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Figure 2. Global trend of total soil unit weight with sleeve friction reading in various soils

sleeve friction is also observed, as presented in Figure 2:

γt

= 26 −

14
1 + [0.5 ⋅ log ( f s + 1)]2

(2a)

where the specific units include: γt (kN/m3) and fs (kPa). Alternatively, a simpler expression is:

γt ≈ 12 + 1.5 ln(fs + 1)

(2b)

While it is well known that the sleeve friction is perhaps the weakest in reliability of the three piezocone
readings, in such a relationship the unit weight is increasing by a factor of two (11.5 kN/m3 ≤ γt ≤ 23
kN/m3) while the sleeve friction is spanning three orders of magnitude (1 kPa ≤ fs ≤ 1000 kPa), thus an
accurate fs is not necessary given that the expected variance is on the order of ± 1.5 kN/m3 in the estimated value of unit weight. Also, as would be implied by consideration of (1) and (2) together, a direct
trend between Vs and fs might be likely, as presented elsewhere (Mayne 2007b). Of added note, an independent method for estimating gt from CPT is given by Robertson & Cabal (2010).
2.2 Soft to firm normally-consolidated clays
In the case of recent Holocene clays that exhibit normally-consolidated to lightly-overconsolidated states
of stress, a parameter termed the cone resistance-depth ratio (mq = ∆qt/∆z) can be defined directly from
the measured CPT plots. For NC to LOC clays, the best-fit line (intercept = 0) is essentially identical
with the linear regression line from least squares fitting (i.e., mq = ∆qt/∆z ≈ qt/z). A quick estimate of
the total soil unit weight for the deposit is then found from (Mayne and Peuchen 2012):
γt

= γw + mq/8

(3)
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where γw = unit weight of water. The γt vs. mq trend is presented in Figure 3. Of added interest is that
mq, γt, and γw are all in the same units (i.e., kN/m3).
An example set of CPTu data recently acquired (Miller, 2012) at the Canadian national test site in
South Gloucester, Ontario (McRostie and Crawford 2001) is presented in Figure 4a illustrating the determination of the slope parameter mq = (∆qt/∆z) = 42.8 kN/m3. Using equation (3) gives an estimated γt
= 15.4 kN/m3 for the clay that compares quite well with measured unit weights at the site, specifically
the mean value γt = 15.8 kN/m3 from tube samples.
Further statistical analyses of the database in soft NC to LOC clays showed that soil unit weights may
vary locally with depth, so that a means to capture some local variations could be found from (Mayne
and Peuchen 2012):
γt = 0.636 (qt)0.072 (10 + mq/8)

(4)

where the units-dependent values of mq and γt are in kN/m3 and qt is in kPa.
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Figure 3. Relationship between unit weight of soft-firm NC-LOC clays and resistance-depth ratio (mq)

2.3

Stiff to hard clays

When the parameter mq > 80, the slope of the ∆qt-∆z trend will not pass through the origin and a comparison of the best-fit (intercept = 0) and least squares regression lines will show deviations from each
other (i.e., intercept ≠ 0). As a consequence, soil unit weight ceases to increase further with the apparent
slope mq = qt/z. Figure 4 shows these observations with the higher apparent mq values grouping into
three categories: (a) stiff to hard intact clays, (b) fissured clays, and (c) carbonate fine-grained soils.
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3 SOIL BEHAVIORAL TYPE
Soil classification via CPT and CPTu is indirect and can be handled by one or more of three general approaches: (1) rules of thumb (Mayne et al. 2002), (2) soil behavioral charts (Robertson 2009), and (3)
probabilistic methods (Tumay et al. 2008). Any of the methods should be cross-checked and verified for
a particular geologic setting before routine use in practice.
The development of a CPT material index (Ic) has been found advantageous in the initial screening of
soil types and helps to organize the sounding into 9 different zones of similar soil response. In this case,
the CPT index is found from (Robertson 2009):
(5)

I c = (3.47 − log Qtn ) 2 + (1.22 + log Fr ) 2

where Qtn = stress-normalized cone tip resistance and Fr = normalized sleeve friction, as detailed in Figure 6. The material index groups the soil layers into zones 2 through 7, allowing a quick identification
of soil type. Sensitive soils of zone 1 can be screened by employing the following expression:
Zone 1:

Qtn < 12 exp ( -1.4 ∙ Fr)

(6)

The stiff soils of zone 8 (1.5% < Fr < 4.5%) and zone 9 (Fr > 4.5%) can be identified from:
Zones 8 and 9: Qtn >

1
0.005( Fr − 1) − 0.0003( Fr − 1) 2 − 0.002

9 - ZONE SBT

(7)
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Figure 6. Soil behavioral type from Qtn-Fr chart with nine zonal classification (after Robertson 2009)
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After zones 1, 8, and 9 are first detected, the material index Ic can subsequently be used in a set of nested
if-then statements within a spreadsheet to assign zones 2 through 7 accordingly.
The interpretation of soil behavior often relies upon a total stress analysis that forces the assumption
of either a f ully-drained condition characteristic of clean sands, otherwise an undrained response attributed to clays. The condition of drained loading refers specifically to the case where no e xcess
porewater pressures (∆u = 0) are induced above the hydrostatic value (u0), whereas undrained loading
corresponds to conditions of constant volume (∆V/V0 = 0). Robertson (2009) has suggested that drained
response essentially occurs when Ic < 2.5 while undrained behavior dominates when Ic > 2.7.
Of course, the measured porewater pressures can be accommodated into the CPT classification
scheme to further delineate the type of soil response. For the shoulder reading of pressure (u2), Robertson (1990) used the normalized parameter Bq = (u2-u0)/(qt-σvo) while Eslami and Fellenius (1997) incorporated these into an effective cone resistance: qE = qt – u2. More recently, Schneider et al. (2008) used
the normalized cone resistance: Qt1 = (qt-σvo)/σvo' vs. the porewater pressure parameter U* = ∆u2/σvo' to
form soil behavioral regions by analytical considerations of undrained, partially-drained, to fully-drained
response of the soil, as presented in Figure 7. This approach helps to better identify intermediate soil
types, such as zones 1, 4, and 5 in the SBT chart as indicated in Figure 6.
Recent efforts by Robertson (2012) have unified the CPT soil classifications from older nonnormalized SBT charts that use qt and friction ratio (FR) with the newer 9-part SBT charts that use Qtn
and Fr. In addition, categories of contractive and dilative soil behavior can be recognized.
4 COMPACTNESS OF SANDS
4.1 Relative density of quartz-silica sands
The degree of compactness of clean sands has long been expressed in terms of relative density (DR), although in more recent efforts, the state parameter (Ψs) has found interest because of its application to
critical state soil mechanics and a rational framework towards understanding of soil liquefaction problems (Jefferies and Been 2006; Robertson 2009, 2010).
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For the classical problem of evaluating DR from CPTs in quartz and silica sands, Jamiolkowski et al.
(2001) reviewed calibration chamber test data that were corrected for boundary size effects (i.e., D/d ratio, where D = chamber diameter and d = cone diameter) with additional considerations regarding the
relative compressibility of the sands. Supplemented with the few data available on undisturbed sand
samples (Mayne 2006), Figure 8 presents their derived relationship for relative density in terms of
stress-normalized cone tip resistance that can be expressed:
D R (%)

= 100 ⋅ [0.268 ⋅ ln(q t1 ) − b x ]

(8)

where qt1 = (qt/σatm)/(σvo'/σatm)0.5 is a stress-normalized cone resistance rather similar in magnitude to Qtn
(Robertson 2009). T he term bx = 0.675 as found from regression analyses on normally-consolidated
(NC) clean sands. Jamiolkowski et al. (2001) show three lines corresponding to different sand compressibilities: high (bx = 0.525), medium (bx = 0.675), and low (bx = 0.825). Their guidance suggests that
sands of high compressibility include mica sands, calcareous sands, and carbonate sands. Siliceous sands
(approximately equal parts of quartz and feldspar) comprise the medium compressibility range. Sands of
low compressibility include those of quartz, such as Ottawa sand.
Note that sleeve friction readings were not generally available from the chamber test series to allow
determination of Qtn which has a variable exponent n dependent upon the material index Ic. Thus, qt1 has
been used herein for Qtn in clean sands.
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Figure 8. Relative density evaluation from CPTs on NC quartz to silica sands (Jamiolkowski et al. 2001)

From chamber test data on eight preconsolidated sands, the effects of overconsolidation for the mean
trend may be approximated by (Mayne 2009):
bx ≈ 0.675 ∙ OCR0.2

(9)
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Figure 9. Relative density trends from CPT chamber tests on NC and OC quartz to silica sands

A separate evaluation of the DR relationship with cone tip resistances in sands was made by Kulhawy &
Mayne (1990) who adopted the format recommended by Skempton (1986) in his studies of DR with SPT
resistances. For the statistical mean trends involving mainly quartz-silica type sands, an account of the
effects of stress history was quantified, expressed by:
DR (%) = 100

qt1
305 ⋅ OCR 0.2

(10)

A re-examination of the data in arithmetic plots, Figure 9 shows that equations (9) and (10) provide very
comparable values of DR from normalized cone tip resistances for NC sands over much of the range of
relative densities, parting ways slightly when DR exceeds 80%.
4.2 Relative density of calcareous-carbonate sands
Calibration chamber tests have also been used with prepared deposits of calcareous-carbonate sands.
Table 1 provides a summary of index parameters on 6 carbonate sands that were tested in CPT chambers, including: Quiou (Fioravante et al. 1998); Dogs Bay (Nutt and Houlsby 1991), Ewa (Morioka and
Nicholson 2000), Kingfish (Parkin 1991), Kenya (Jamiolkowski et al 2001), and Jeju (Kim et al. 2009;
Lee et al. 2010).
Interestingly, the trend of DR with normalized qt1 for carbonate sands is not logarithmic nor squareroot based, but appears to be linear. In an alternative plotting scheme, Figure 10 presents the trend of qt1
vs. DR from the available six series of chamber tests on carbonate sands. When DR < 30%, the measured
cone tip resistances are about equal for all data sets, suggesting that loose sands behave somewhat com55

parably during full-displacement type penetration despite their mineralogical differences. However, for
DR >30%, the trends for quartz-silica sands show significant increases in cone resistance, since the hard
particles must be forced aside during penetration. On the other hand, the trends for calcareous-carbonate
sands remain similar when DR > 30% implying grain breakage, fracturing, and crushing as the particles
are pushed closer together as they approach their minimum packing arrangement (i.e., emin). The trends
for carbonate sands appear to be rather independent of calcite content in the range 42% < CaCO3 < 98%
and indicate simply that:
DR (%) = 0.87 qt1

(11)

Also presented here are the two prior (mean) relationships for quartzitic and silicaceous sands. Consideration can be given to using these plots as a plausible means to boost the qt1 readings of carbonate sands
to equivalent values representative of quartz-silica types sands. In that case, the trends in Figure 11 (average based on the Kulhawy-Mayne 1990 and Jamiolkowski et al 2001 relationships for quartzitic and
silicaceous sands), the following correction factor may be suggested:
CF

=

qt1 ( silica − quartz )
qt1 (calcareous − carbonate)

= 6−

5
1 + ( DR / 100) 4

(12)

This function is a modified hyperbola that gives a correction factor of 1 for the range: 0 < DR ≤ 30% and
then when DR > 30%, CR increases with relative density up t o a maximum of value 3.5 when DR =
100%. A correction or “shell factor” has been found useful on ground modification projects when carbonate sands are present and results need to be equalized for specification controls (Kirsh & Kirsch
2010). For instance, a shell factor developed for vibrocompaction operations in Dubai sands at the large
Isles of Palm project found (Wehr 2006):
CF = fshell = 1.36 + 0.0046 DR

(13)

This is seen to be a more modest trend with relative density than the aforementioned expression.

Table 1. List of 6 carbonate sands tested in CPT calibration chamber series
Sand Name =
Location =
D50 mm=
PF % =
UC =

Quiou
France

Dogs Bay
Ireland

Ewa

Kingfish Kenya Jeju

NOTES and

Hawaii

Australia

REMARKS

Africa

S. Korea

0.58

0.25

0.80

0.30

0.13

0.41

= Mean Grain Size (mm)

3.00

0.10

1.00

7.00

0

1.00

= Percent Fines (< 0.075 mm)

4.52

2.66

5.60

3.05

1.86

1.61

= D60/D10 = Uniformity Coefficient

Gs =

2.72

2.75

2.70

2.71

2.785

2.79

emax =

1.28

1.83

1.30

1.53

1.778

1.44

= maximum void ratio

emin =

0.83

0.98

0.66

1.07

1.283

1.03

= minimum void ratio

CaCO3 (%) =

77

87 to 92%

98

97

42.60

= percent calcium carbonate content

"high"
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= specific gravity of solids
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Figure 10. Normalized cone resistance versus relative density from CPT chamber data on NC carbonate sands
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Figure 11. Correction factor for converting qt1 of calcareous sands to equivalent qt1 values of silica sands.
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Figure 12. Trend of base friction angle (φcs') with particle roundness (R) reported by Cho et al. (2006). Note: for
very rounded sands, R = 1; very angular sands, R = 0.

5 EFFECTIVE FRICTION ANGLE
5.1 Friction angle of sands
The drained (effective stress) friction angle (φ') of soils is a fundamental property that controls much of
its behavioral response to loading and initial stress state. In terms of the commonly-adopted MohrCoulomb strength criterion, the shear strength (or maximum shear stress, τmax) is expressed:
τmax = c' + σn' tanφ'

(14)

where c' = effective cohesion intercept (generally: c' = 0 for unbonded geomaterials). In many cases, the
normal stress can be taken equal to the effective vertical stress: σn' = σvo'.
The peak friction angle (φp') of sands is composed of two components: (1) a basic frictional value
(designated φcs' for critical state) that is due to particle grain shape, compressibility characteristics, and
mineralogy; and (2) a dilatancy effect (quantified by ψd, the dilatancy angle) which reflects the relative
packing of particles (e0 or DR or Ψs) and ambient stress level, expressed in terms of either mean effective
stress, p' = ⅓(σv' + 2σh') or more practically, in terms of the effective vertical stress (σv'), albeit their
magnitudes might be required at failure states rather than the initial conditions. Together, the two components combine to produce a peak friction angle:
φp' ≈ φcs' + ψd'

(15)
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Characteristic values of φcs' are on the order of 32º for quartz sands, 33º for silty quartz sands with up to
20% fines content, 34º for siliceous sands (quartz-feldspar), 39º for calcareous sands, and 40º for feldspathic sands (Bolton 1986; Salgado et al. 2000; Jamiolkowski et al. 2001). The friction angle also depends upon mode of testing (i.e., plane strain vs. triaxial) and direction of loading (compression vs. extension). For the triaxial compression mode, Cho et al. (2006) showed a clear trend of φcs' in terms of
particle roundness (R) for a wide range of natural and crushed sands of varied mineralogy (Figure 12),
which indicated:
φcs' = 42° - 17 R

(16)

For assessing peak friction angle (φp') of sands from CPT, there are several approaches: (a) use of a dilatancy framework where qt1 provides the input value of DR (Bolton, 1986); (b) inverse bearing capacity
from cavity expansion or limit plasticity theories (Yu & Mitchell, 1998; Schnaid 2009); (c) numerical
simulation by finite elements or discrete elements (e.g., Salgado et al. 1998); (d) estimating the dilatancy
angle (ψd') from CPT relationships (Tokimatsu et al. 1995), (e) state parameter relationships (Jefferies
and Been 2006), or (f) direct CPT methods (Lunne et al. 1997; Mayne 2006). Towards a validation exercise, an elite database was compiled from special expensive undisturbed (frozen) samples of clean
sands that were tested under triaxial compression modes to derive φp' values. A total of 17 sand sites
were subjected to in-situ SPT, CPT, and Vs measurements, as well as other lab and field tests (summarized by Mayne 2006, 2009).
The triaxial data from undisturbed sands fit nicely with the expression derived by Kulhawy & Mayne
(1990) that was developed on the basis of CPT calibration chamber data (primarily quartz-silica sands)
which had been corrected for boundary size effects:
φp' (degrees) = 17.6º + 11.0 log (qt1)

(17)
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Figure 13. Direct relationships between peak friction angle of quartz-silica sands and normalized cone resistance
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A re-evaluation of these data in terms of reliability and probabilistic considerations was made by Uzielli
et al (2013) using a power law form to obtain the deterministic expression:
φp' (degrees) = 25.0º (qt1)0.10

(18)

which gave very similar results to the aforementioned log function (see Figure 13). Here, the intent was
to assign design values of φp' so that a target probability (pt) of non-exceedance occurs. The results are
shown in Figure 14 for several levels of pt = 0.10, 0.05, 0.01, a nd 0.005. The relationships shown primarily apply to clean quartz to siliceous sands having trace to little fines content (FC < 10%).
For SCPTu soundings, an additional assessment of φp' is afforded from the shear wave velocity data.
Following the probabilistic study by Uzielli et al. (2013), an analogous trend was developed:
φp' (degrees) = 3.9º (VS1)0.44

(19)

where VS1 = V S/(σvo'/σatm)0.25 = stress-normalized shear wave velocity (m/s) and the relationships for
different probabilities of nonexceedance are presented in Figure 15.
For sands of high calcareous content, methodologies to obtain φp' are provided by Jamiolkowski et al.
(2001) and Robertson (2010). From a research needs standpoint, undisturbed (frozen) sampling and triaxial testing of calcareous and carbonate sands, as well as silica-carbonates, would be welcomed.
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Figure 14. Probability curves between peak friction angle of quartz-silica sands and normalized cone resistance
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Figure 15. Probability curves between peak friction angle of quartz-silica sands and normalized shear wave

5.2 Effective Friction Angle of Clays and Silts
For silts and clays which exhibit excess porewater pressures during penetration (Bq > 0.1), an effective
stress limit plasticity solution for undrained penetration can be implemented towards the evaluation of φ'
(Sandven & Watn 1995). In this approach, the cone resistance number (Nm) is defined by:
Nm

=

Nq −1
1 + N u ⋅ Bq

=

q t − σ v0
σ vo ' + a '

(20)

where a' = c' ∙ cotφ' = effective attraction, Nq = Kp∙exp[(π-2β)∙tanφ'] = tip bearing capacity factor, Kp =
(1+sinφ')/(1-sinφ') is the passive lateral stress coefficient, β = angle of plastification (-40º < β < +30º)
that defines the size of the failure zone around the tip, and Nu = 6∙tanφ'∙(1+tanφ') = porewater pressure
bearing factor. The full solution allows for an interpretation of a paired set of effective stress MohrCoulomb strength parameters (c' and φ') for all soil types: sands, silts, and clays, as well as mixed soils.
For the case where β = 0 (Terzaghi equation), the relationship for φ' in terms of Nm and Bq is presented
in graphical form (Figure 16). Also, note that when c' = a' = 0, the parameter Nm = Qt1.

61

Porewater Pressure Parameter Bq =

Cone Resistance Number, Nm

100

Bq = 0

NM = ∆(qt-σvo)/∆σvo'

0.1

0.2
0.4

Bq = (u2-u0)/(qt-σvo)

0.6
0.8
1.0
10

Bq = 0.75
Nm = Q = 4.3 (c' = 0)

φ' = 33o
1
20

25

30

35

40

45

50

Effective Friction Angle, φ' (degrees)
Figure 16. NTH Method for evaluating φ' from CPTu in silts and clays (modified after Sanven & Watn 1995)
Note: specific values cited are for case study of CPTu from northwestern Idaho

5.3 Case Study: Sandpoint Idaho
To illustrate the use of the NTH method, results from an 80-m deep CPTu conducted for the Idaho
DOT State Route 95 bridge and embankments in Sandpoint, Idaho are used (Figure 17). Primarily, the
sounding penetrates through a soft to firm clayey silt deposit with a few sand layers evident in the upper
10 m, from 50 to 53 m , and 60 t o 66 m . Numerous sand "stringers" and lenses can be seen at other
depths. For the post-processing, we are interested in the fine grained clayey silts, thus have chosen some
representative points along various elevations in the profile, as indicated by the open square dots.
The procedure for determining the cone resistance number (Nm) is found as the slope from plotting net
cone tip resistance vs. the effective overburden stress, as illustrated in Figure 18a. In this instance, we
force the line through the origin (assuming c' = 0) to obtain Nm = Q = 4.2. Note that if allowed, a negative intercept on the abscissa axis would be the value of the attraction (a') that would give the effective
cohesion intercept: c' = a'∙tanφ' (Senneset et al. 1989). Similarly, the porewater parameter Bq is determined as the slope of ∆u vs. net cone resistance (Fig. 18b), giving Bq = 0.75 f or the Sandpoint site.
These values are entered into the solution chart in Figure 16, finding a representative φ' = 33º for the
clayey silt. Finally, this value compares exceptionally well with extensive series of 30 laboratory CIUC
triaxial tests conducted on undisturbed samples taken over a range of depths at the site (Figure 19).
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Figure 17. Piezocone sounding in soft clayey silt at Sandpoint, Idaho (courtesy Dean Harris - CH2M-Hill)
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Figure 18. NTH post-processing of CPTu data at Sandpoint Idaho for determination of (a) cone resistance number, Nm (b) porewater pressure parameter, Bq.

63

300

q = (σ1'-σ3')/2

CPTu Interpreted φ' = 33o
using NTH solution
200

100

sinφ'

Triaxial: q = 0.55 p'
r2 = 0.996; n = 32
φ' = 33.3o and c' = 0

0
0

100

200

300

400

500

p' = (σ1' + σ3')/2
Figure 19. Summary of effective friction angles determined from CIUC triaxial shear tests and CPTu-NTH solution on soft clayey silt at Sandpoint, Idaho.

For cases involving soft to firm clays when c' = 0 (thus Nm = Qt1) and assuming β = 0, an approximate
algorithm for the NTH solution has been devised (Mayne 2005) to allow a line-by-line analysis, easily
handled by computer software or spreadsheets:
φ' (degrees) = 29.5º Bq0.121 [0.256 + 0.336 Bq + logQt1]

(21)

which is applicable for the following ranges of parameters: 20º ≤ φ' ≤ 45º and 0.1 ≤ Bq ≤ 1.0. At this
time, the use of (21) should be restricted to clays, silts, and mixed soils with low OCRs < 2 until full calibration of this approach has been verified.
6 STRESS HISTORY
6.1 Geostatic stress state
The stress history of clays is conventionally determined using one-dimensional consolidation tests on
undisturbed soil samples to assess the effective yield stress (σy'), more commonly termed the preconsolidation stress (σp'). For silts and sands, this is more difficult as samples are difficult, expensive, and/or
impossible to procure. Thus, stress history in these types of geomaterials generally must be evaluated by
other means such as geologic evidence, captured embedded clay layers, groundwater, and ageing.
The normalized and dimensionless form for stress history is the yield stress ratio (YSR = σy'/σvo'),
and in terms of its most common occurrence, the mechanical removal of overburden stresses due to erosion, glaciation, and excavation results in the overconsolidation ratio (OCR = σp'/σvo').
An alternate stress history parameter is the overconsolidation difference (OCD = σp' - σvo') which is
convenient for mechanically-preconsolidated deposits because the OCD value is constant at all elevations in the formation. This is in contrast to OCR that decreases with depth, or preconsolidation stress
(σp') which increases with depth (Locat et al. 2003). Both σp' and OCR can be calculated directly from
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Figure 20. Yield stress vs. net cone resistance trend for clays, silts, sands, and mixed soil types
(modified after Mayne et al. 2009)

the OCD and σvo' using: (a) σp' = (OCD + σvo' ); (b) OCR = (OCD/σvo' + 1). In the case of soils
with quasi-preconsolidation caused by repeated wetting-drying, ageing, groundwater, cementation, and
freeze-thaw cycles, the OCD can only provide an approximate representation.
6.2 Interpretation of yield stress from CPT
A unified approach to the evaluation of effective yield stress in soils has been developed showing that
the net cone tip resistance can provide a quick first-order estimate of yield stress (Mayne et al. 2009).
The approach is presented in Figure 20 and is expressed by a power law:

σ p ' = 0.33 ⋅ (qt − σ vo ) m ' (σ atm / 100)1−m '

(22)

where the exponent m' decreases with mean grain size (Mayne 2013). Based on available data, the parameter m' ≈ 0.72 in clean quartz to silica sands, 0.8 in silty sands, 0.85 in silts, 0.90 in organic and sensitive fine-grained geomaterials, and m' = 1.0 in intact clays of low sensitivity. For fissured clays, a val65

ue of m' ≈1.1+ may be applicable. For intact clays, it can be viable to use the excess porewater pressures (∆u2) and the effective cone tip resistance (qt-u2) to profile OCRs with depth (Mayne 2005).
The CPT material index Ic appears to be a m eans to directly assess the exponent parameter m' for
general profiling of σp' in homogeneous and/or heterogeneous ground, as well as mixed soils, layered
deposits, and/or stratified formations. Figure 21 shows a plot of exponent m' with CPT index Ic for
young and uncemented soils (primarily quartz-silica “hourglass” sands to non-structured “vanilla”
clays). The exponent m' can be expressed:
m'

= 1

−

0.28
1 + ( I c / 2.65) 25

(23)

Caution is warranted towards application of these relationships in micaceous, glauconitic, and cemented
as well as uncemented carbonate sands, as verification has not been made at this time.
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Figure 21. Observed trend for yield stress exponent m' with CPT material index, Ic.

6.3 Case study: Blessington sands
The unified expression for stress history can be applied to a new case study involving dense OC sands in
Ireland reported by Tolooiyan & Gavin (2011) and Doherty et al. (2012). These glacially-derived dense
fine sands have an in-situ relative density around 100% and mean particle size: 0.10 < D50 (mm) < 0.15
mm. Sand mineralogy is predominantly quartz with calcite, feldspar, mica, and kaolinite. Measured
cone tip resistances from 4 CPT soundings are presented in Figure 22a, showing excellent repeatability.
Samples of the sand were procured by continuous sonic drilling for the laboratory, including triaxial
compression testing for φp' evaluations and one-dimensional consolidation to define the yield stress (σy')
per Casagrande method. Figure 22b i ndicates that eqn (17), as well as (18), provide quite reasonable
profiles of friction angle. The interpreted profiles of OCR from the CPT using eqn (22) are shown in
Figure 23 in comparison to the lab reference values, with excellent agreement noted for this site.
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7 UNDRAINED SHEAR STRENGTH
In the general case of a M ohr-Coulomb strength criterion given by (14), the maximum shear stress is
termed the shear strength and given by:
τmax = c' + (σvo' - ∆u) ∙ tanφ'

(24)

For drained loading (often associated with clean sands), no e xcess porewater pressures are developed
during shearing (i.e., ∆u = 0). For clays, if the rate of loading is fast relative to the soil permeability,
then there is no volume change (∆V/V0 = 0) and the shear strength can represented by a total stress parameter: the undrained shear strength (designated τmax = cu = su, or in the old vernacular, simple "c").
However, if the loading is slow enough, then drained conditions can prevail (especially over the thousands of years or even eons of time since deposition), and again: ∆u = 0.
7.1 Link to stress history
For simple shearing of soils, the porewater pressure for the constant volume case (i.e. undrained loading)
is given by:
Λ

∆u = (1 - cosφ'/2) ∙ OCR ∙ σvo'

(25)

For uncemented soils (c' = 0), equations (24) and (25) can be combined to provide the undrained shear
strength in terms of effective friction angle and overconsolidation ratio (Mayne 2009):
su = (sinφ'/2) ∙ OCRΛ ∙ σvo'

(26)

7.2 Direct expressions
While the above are rational outcomes from critical state soil mechanics, it is more common to find geotechnical practitioners directly evaluating su from net cone resistance (Lunne et al 1997):
su = (qt - u2)/Nkt

(27)

where the factor Nkt depends upon t he mode of testing (e.g., vane, triaxial compression, simple shear,
triaxial extension). In many cases, the simple shear mode is often close to the average of TC, DSS, and
TE, thus a value Nkt = 13.6 ± 1.9 may be appropriate for many situations in soft clays (Low et al. 2010).
In addition to mode, the value of Nkt factor may depend on plasticity characteristics and stress history
(Karlsrud et al. 2005).
In addition to the cone tip resistance, the measured excess porewater pressure may be used to profile
the peak undrained shear strength:
su = (u2 - u0)/N∆u

(28)

where the factor N∆u = 6.8 ± 2.2 may similarly be used for soft clays (Low et al. 2010).
Additionally, the effective cone resistance has been useful in evaluating the strength (Mayne & Chen
1993):
su = (qt - u2)/Nke

(29)

where the factor 2 < Nke < 10 that tends to increase as the value of the porewater parameter Bq decreases
(Karslrud et al. 2005).
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Perhaps little known is a relationship that was developed between undrained shear strength (su in kPa)
and shear wave velocity (Vs in m/s) for intact clays that is presented in Figure 24 and expressed as
(Levesques et al. 2007):
su = (Vs /7.93)1.59

(30)

Finally, the remolded shear strength may be assessed from the sleeve friction (Lunne et al. 1997):
su(remolded) ≈ fs

(31)

Therefore, all four readings from a seismic piezocone sounding can be applied towards an assessment of
the undrained shear strength characteristics of a particular clay deposit.
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Figure 24. Relationship between undrained shear strength (su) and shear wave velocity for intact clays (modified
after Levesques et al. 2007)

8 STIFFNESS
Soil stiffness can be represented by elastic parameters, including Young's modulus (E) or shear modulus
(G) that are interrelated by:
E = 2G (1+ν)

(32)

where ν = Poisson's ratio. The corresponding values of Poisson's ratio are often taken at the two general
conditions: ( a) constant volume (undrained), where νu = 0.5; and (b) no excess porewater pressure
(drained case), where ν' = 0.2.
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8.1 Initial fundamental stiffness
The stiffness of soils is highly nonlinear and begins with the small-strain shear modulus that is determined by the shear wave velocity:
Gmax = G0 = ρt ∙ Vs2

(33)

where ρt = γt/ga = soil mass density, γt = total unit weight, and ga = 9.8 m/s2 = gravitational constant.
8.2 Modulus reduction schemes
The small-strain shear modulus (Gmax) must be reduced to a secant or tangent value of shear modulus
(G) that corresponds to the appropriate level of stress or relevant strain, depending upon the problem at
hand. A number of different schemes for representing the modulus reduction curves (G/Gmax) are available, as reviewed elsewhere (e.g., Tatsuoka & Shibuya 1992; Mayne 2005; Vardanega & Bolton 2013).
These curves can be expressed either as functions of shear strain (γs) or mobilized stress level (Q/Qmax),
where the latter can be considered as the reciprocal of the factor of safety (FS). In that regard, a first order estimate for the secant modulus reduction can be taken as:
(G/Gmax) = 1 - (1/FS)g

(34)

where the exponent parameter g depends on the specific soil characteristics. G enerally, 0.1 (soft response) < g < 1.0 (stiff response), with an assumed value g ≈ 0.3 taken as a reasonable guestimate for
uncemented and nonstructured geomaterials. Additional details on the application of (34) to providing
approximate modulus evaluations from the initial fundamental stiffness Gmax are given elsewhere (Fahey
1998, Mayne 2007).
8.3 Direct modulus relationships from CPT
Many attempts have been made to relate an elastic soil modulus to the measured cone tip resistance, often adopting either a linear expression (E = α1∙qt + a0) or best-fit line (E = a2∙qt) in the fitting arrangement. This can only be successful for a particular level of strain or specified FS, however, because soil
stiffness is nonlinear throughout its regime.
A review of full-scale footing load tests from 32 foundations on 13 different sand formations (Uzielli
& Mayne 2013) permits an evaluation of back calculated average Young's moduli in terms of a pseudostrain (s/B), as shown in Figure 25. In this database, all footings have a realistic size with 0.5 < B < 6 m
so that issues with scale effects are not important. The moduli are normalized to a representative cone tip
resistance taken as the average value over a depth equal to 1.5B beneath the foundation bearing elevation. The sands were primarily quartz to silica type sands with additional details given by Mayne &
Illingworth (2010). These results have also been supplemented with data from 8 footings (4 reinforced
concrete bases and 4 steel plates) situated on carbonate dune sands at Ledge Point (Lehane 2011). Statistical analyses on the separate sets of footings on silica-quartz sands (n = 262; r2 = 0.845) and carbonate
sand (n = 356; r2 = 0.790) showed the moduli ratio (E'/qt) from the latter set only 10% lower than the
former set. Taken all together, the approximate trend for normalized soil modulus for square (or equivalent square) footings can be estimated as:
E'/qt = 0.5 (s/B)-0.5

(35)

Measured cone tip resistances in the database ranged from 1.5 to 11 MPa. The observed ratio of modulus to tip resistance in Figure 25 compares similarly with traditional values of α = E'/qt. That is, the traditional range of 2 < α < 10 implies a range of displacements: 0.002 < s/B < 0.06. For illustration, using the common tolerance criteria of s < 25mm for settlement at s/B = 0.01, a footing with B > 2.5m
would correspond to E'/qt ~ 5.
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9 CONCLUSIONS AND FINAL REMARKS
For geotechnical site characterization, multiple readings from seismic piezocone tests (SCPTu) are most
valuable in the assessment of soil engineering parameters. Generally, the SCPTu provides four profiles
with depth: qt, fs, u2, and Vs, with options to add time rate of porewater dissipation (t50), if needed. In
some cases, double or triple determinations occur because each of the separate recordings affords an opportunity to evaluate a chosen geoparameter. Redundancy can be good in helping to hone in on a probable value or range of values, if separate evaluations tend to show convergence. On the other hand, discrepancies and conflicts in the various interpretations from the different readings should be considered a
warning signal or "red flag". In such cases, the geotechnical practitioner might wish to request additional laboratory and/or other in-situ testing to help resolve these difficulties and explain the contrasts.
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m 4 September
2010 to 23 December 2011 which triggered localized to widespread liquefaction. The 2010-11 Canterbury earthquake sequence provides an exceptional opportunity to investigate the effects of varying deABSTRACT: Christchurch, New Zealand experienced several major earthquakes fro
grees of liquefaction on the built environment. The CPT has been the primary tool used to characterize
subsurface conditions in Christchurch. Over 15,000 CPTs have been performed in the Christchurch area
over the last three years. When combined with over 3,000 exploratory soil borings and hundreds of geophysical tests, these site investigations provide an unparalleled dataset to evaluate state-of-the-practice
liquefaction assessment procedures. Much of this team’s efforts have been focused on investigating the
seismic performance of multi-story buildings in the Central Business District (CBD) that were damaged
by liquefaction-induced ground movements during the Christchurch earthquake. CPT-based liquefaction
triggering evaluations were generally conservative. The conservatism in the liquefaction triggering assessments led to post-liquefaction ground settlement estimates that were generally similar for the large
events in the Canterbury earthquake sequence. However, significant ground settlements and building
damage in the CBD were only observed for the 22 February 2011 Christchurch earthquake. Additionally,
liquefaction-induced ground settlement procedures do not capture important shear-induced deformation
mechanisms and the effects of ground loss due to sediment ejecta. Performance-based earthquake engineering requires improved procedures to capture the differing levels of performance observed in Christchurch.
1 2010-11 CANTERBURY EARTHQUAKE SEQUENCE AND ITS CONSEQUENCES
Christchurch, New Zealand (NZ) has been affected by a series of earthquakes that include the 4 September 2010 (Mw 7.1) Darfield earthquake, 26 December 2010 (Mw 4.8) aftershock, 22 February 2011 (Mw
6.2) Christchurch earthquake, 13 June 2011 (Mw 6.0/Mw 5.8) earthquakes, and 23 December 2011 (Mw
5.9/Mw 5.8) earthquakes. The earthquake shaking from these events triggered localized-to-widespread
minor-to-severe liquefaction in the Christchurch area. Some examples of the liquefaction-induced damage in the 2010-2011 Canterbury earthquakes are shown in Figure 1. Additional details of the geotechnical effects of these earthquakes may be found in publications such as Green and Cubrinovski (2010),
and Cubrinovski et al. (2011a, b, c). Damage caused by the liquefaction was especially severe in several
of the suburbs of Christchurch. Ground subsidence resulting from liquefaction-induced sediment ejecta,
liquefaction-induced differential settlement, and lateral spreading were the principal ground deformation
modes that damaged residential dwellings in the suburbs.
A unique feature of New Zealand is that land is insured for natural disaster damage under the 1993
Earthquake Commission (EQC) Act. The EQC, having responsibility for executing the provisions of this
Act, commissioned engineering consultancy firm Tonkin & Taylor, Ltd. (T&T) to characterize the extent of liquefaction-induced land damage throughout the affected region (van Ballegooy et al. 2014).
General rapid land assessment surveys were performed after major earthquakes, which were followed by
detailed land damage inspections at 65,000 insured residential properties for insurance claim damage assessment purposes. Liquefaction-induced land damage observations following the Christchurch earthquake are shown in Figure 2 (van Ballegooy et al. 2014). Airborne LiDAR surveys provided quantitative
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ground deformation data at a regional scale. Following these initial investigations, a comprehensive geotechnical site investigation program that included over 15,000 cone penetration tests (CPTs), 3,000 exploratory soil borings, 1,000 shallow piezometers, and hundreds of geophysical surveys was carried out
to characterize subsurface conditions as part of this liquefaction-induced land damage assessment (van
Ballegooy et al. 2014).
Recognizing the value of this extensive set of field investigations, the Canterbury Earthquake Recovery Authority (CERA) established and maintains the Canterbury Geotechnical Database (CGD), which
provides CPT, soil borehole, Swedish Weight Sounding, test pit, shear wave velocity, and groundwater
data to the public (see: https://canterburygeotechnicaldatabase.projectorbit.com). The CPT locations in
the Christchurch area of all CPTs greater than 5 m depth as of September 2013 are shown in Figure 3
(van Ballegooy et al. 2014). The CPTs are concentrated in the TC3 areas where ground investigations
are required for foundation design purposes (see Table 1; MBIE 2012), but there are a sufficient number
of CPTs within each of the technical categories that seismic performance of both good and poor ground
can be evaluated. The CPT soundings, in conjunction with state-of-the-practice liquefaction assessment
procedures, have been used as the primary tools to assess the depth of the critical layer for liquefaction
triggering and to derive parameters representing liquefaction vulnerability.
The objective of this paper is to describe some of the damage from the 2010-2011 Canterbury earthquake sequence with emphasis on the performance of the Central Business District (CBD) in the Christchurch earthquake (the location of the CBD is shown in Fig. 2). The important role of the CPT in characterizing the subsurface conditions and in providing data for evaluating the liquefaction hazard is
discussed. Some key findings are presented.

Figure 1. Liquefaction-induced damage in the 2010-2011 Canterbury earthquake sequence.
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Figure 2. Liquefaction-induced land damage observations across Christchurch after the 22 February 2011 earthquake, with the February 2011 magnitude-weighted equivalent Mw = 7.5 PGA contours overlaid based on Bradley
& Hughes (2012) (from van Ballegooy et al. 2014).

Figure 3. CPTs performed along with areas for the MBIE technical categories TC2 and TC3 and the CERA residential Red (i.e., no re-build) zone (from van Ballegooy et al. 2014).
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Table 1. MBIE Technical Categories for Rebuilding Christchurch (MBIE 2012)
Technical
Category
TC1
TC2
TC3

Description
Liquefaction damage is unlikely in future large earthquakes. Standard residential foundation assessment
and construction is appropriate.
Liquefaction damage is possible in future large earthquakes. Standard enhanced foundation repair and rebuild options in accordance with MBIE Guidance are suitable to mitigate against this possibility.
Liquefaction damage is possible in future large earthquakes. Individual engineering assessment is required
to select the appropriate foundation repair or rebuild option.

2 CHRISTCHURCH CENTRAL BUSINESS DISTRICT GEOLOGY AND OBSERVED DAMAGE
The 22 February 2011 Christchurch Mw 6.2 earthquake caused 185 fatalities and left many others seriously injured. Much of the damage of multi-story buildings was within the Central Business District of
Christchurch. Nearly half of the buildings inspected within the CBD were marked as restricted access
because of potential safety issues. Parts of the CBD were cordoned off for over two years after the
Christchurch earthquake. Over a thousand of the 4,000 buildings within the CBD have been or are expected to be demolished. Most of the city’s high-rise buildings have been demolished. The seismic performance of modern commercial and residential buildings and their supporting buried utilities in the
CBD were often significantly impacted by soil liquefaction.
Ground shaking was recorded at four strong motion stations (SMS) within the CBD during the Canterbury earthquakes, the locations of which are shown in Figure 4. The geometric mean horizontal peak
ground accelerations (PGA) recorded at the stations are provided in Table 2 for five events. Median (i.e.,
PGA50), 16% (PGA16), and 84% (PGA84) values of PGA estimated by Bradley & Hughes (2012) are
used in this study to evaluate liquefaction triggering and its effects within the CBD. Bradley & Hughes
(2012) accounted for the spatial variation in ground motion by conditioning the ground motion prediction equation developed by Bradley (2010) on the recorded PGAs at the SMS during each event. The
PGA50 values estimated in the center of the CBD by Bradley & Hughes (2012) are similar to the median
of the recorded PGAs (see Table 2). The 22 February 2011 Christchurch Mw 6.2 earthquake produced
the most intense ground shaking in the CBD, because the source-to-site distances (R) were only 3-6 km.
Its PGA values were twice those recorded during the larger, but more distant (R = 18-20 km), 4 SEP 10
Darfield Mw 7.1 earthquake. The PGAs recorded in the CBD during the Darfield event are similar to
those recorded during the 26 December 2010 Mw 4.8, 13 June 2011 Mw 6.0 (which occurred 80 minutes
after a 5.8 event), and 23 December 2011 Mw 5.9 events (which occurred 80 minutes after a 5.8 event).
The PGA values of the dozens of other Mw 5+ events are lower than those recorded during these events.
The 2010-2011 Canterbury earthquake sequence provides an unparalleled opportunity to investigate the
effects of varying degrees of liquefaction on the built environment.
The 22 FEB 11 Christchurch earthquake produced large areas of liquefaction in the CBD as shown in
Figure 4. The 4 SEP 10 Darfield and 13 JUN 11 earthquakes also produced localized areas of liquefaction. Hence, these events are explored in more depth. However, examining the less damaging events is
also important, because it is critical to evaluate if liquefaction evaluation procedures can discern between damaging events and non-damaging events. The 26 DEC 10 earthquake is useful for this purpose,
as no liquefaction was observed in the CBD for this event.
Table 2. Recorded PGAs in the CBD during five 2010-11 Canterbury earthquake events
Geometric Mean PGA (g) at CBD Recording Stations
Date

Mw

4 SEP 10
26 DEC 10
22 FEB 11
13 JUN 11
23 DEC 11

7.1
4.8
6.2
6.0
5.9

CBGS

CCCC

CHHC

REHS

Median
PGA (g)

0.17
0.25
0.48
0.16
0.20

0.21
0.22
0.42
0.18

0.18
0.16
0.35
0.21
0.21

0.25
0.24
0.51
0.29
0.30

0.20
0.21
0.44
0.21
0.22
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PGA50 (g)
0.22
0.45
0.25
-

Bradley &
Hughes (2012)

REHS
Zone 8
Zone 5

Mod. to Sev. Liq
CBGS

Repeated
Liq.

Zone 2
Zone 1

Zone 4

CHHC
Zone 9

Avon River

Low to Mod. Liq.
CCCC

Figure 4. CBD location plan with strong ground motion recording stations and study zones. Shaded zones indicate
areas with surficial evidence of soil liquefaction during the 22 FEB 11 event: dark shading indicates moderate-tosevere liquefaction and gray shading indicates low-to-moderate liquefaction (as defined by Cubrinovski et al.
2011b); white outlining indicates areas that also liquefied during the 4 SEP 10 and 13 JUN 11 events.

Regarding the local geology, the Canterbury Plains are composed of complex alluvial fans deposited
by eastward-flowing rivers draining the Southern Alps and discharging into Pegasus Bay on the Pacific
Coast. Christchurch lies along the eastern extent of the Canterbury Plains, just north of the Banks Peninsula, the eroded remnant of the extinct Lyttelton Volcano, comprised of weathered basalt and Pleistocene loess (Cubrinovski et al. 2011a). The city was built on a historic floodplain of the Waimakiriri River, a large braided river that is now channelized approximately 25 km north of the CBD. The
Waimakiriri River regularly flooded Christchurch prior to the construction of levees and river realignment carried out shortly after the city was established in the 1850s (Brown & Weeber 1992 & Brown et
al. 1995). The “Black” Maps depict several buried stream channels through the CBD, which intersect the
study zones (Cubrinovski et al. 2011a). Several of these buried stream channels are indicated on Figure
5. The subsurface conditions in the CBD are highly variable with alternating layers of sands and gravels
with overbank deposits of silty soils and some peat pockets, which is indicative of the ephemeral nature
of floodplains.
There are three geological formations of primary interest in foundation engineering within the CBD:
the Springston Formation, Christchurch Formation, and Riccarton Gravels. The Springston Formation
was deposited during the last 3000 years and is the shallowest of the three formations. It consists of
three lithologic units (Brown & Weeber 1992): 1) gravels deposited in old flood channels of the Waimakariri River; 2) overbank alluvial silt and sandy silt; and 3) peat deposits formed in marshland. The
Christchurch Formation consists of beach, estuarine, lagoon, dune, and coastal swamp deposits composed of gravel, sand, silt, clay, shells, and peat, and its top is found at a depth of typically 7 to 10 m
within the CBD. Brown & Weeber (1992) describe its age as post-glacial and likely less than 6500 years
old near the maximum inland extent of the post-glacial marine transgression, which likely extended
across the CBD based on the presence of shells observed in soil samples (Tonkin & Taylor 2011). The
Riccarton Gravels are beneath the Christchurch Formation and consist of well-graded brown or blue79

gray gravels up to cobble size. This 10 to 20 m thick formation is the uppermost confined gravel aquifer
in coastal northern Canterbury and is typically about 18 to 30 m below the ground surface in the CBD
(Brown & Weeber 1992 & Tonkin & Taylor 2011).
Two spring fed rivers, the Avon and Heathcote, meander through Christchurch and discharge into an
estuary east of Christchurch. The Avon River, labeled in Figures 4 and 5, meanders through the CBD,
while the Heathcote River flows south of the CBD. Much of the observed moderate-to-severe liquefaction within and to the east of the CBD occurred near the Avon River during the Canterbury earthquakes.
The groundwater table is generally within 1 to 3 meters of the ground surface within the CBD.

Borehole K1 and
CPT Z1-B4
shown in Figure 6

Avon River

PWC Bldg Site

“Black” Maps
stream channels

CTUC Bldg Site

Figure 5. UCB-UC site investigation overview. CPTs are indicated with red dots and boreholes are indicated with
blue dots. Locations of buried stream channels from the “Black” Maps are shown with aqua lines. The locations
of the CTUC and PWC building sites, borehole K1, and CPT Z1-B4 are shown for reference. Work in Zone 9 is
not shown.

3 SITE INVESTIGATIONS IN THE CENTRAL BUSINESS DISTRICT
3.1 CPT-based site characterization
Following the 22 February 2011 Christchurch Mw 6.2 earthquake, T&T performed a general site characterization study to assess the subsurface conditions within the CBD. This effort included 151 CPTs, 48
soil exploratory boreholes, 45 km of geophysical surveys, installation of piezometers, and laboratory
testing of collected soil samples. The CPT was the primary exploration tool employed as it could efficiently provide a nearly continuous profile of the state of the primarily cohesionless soils present in
Christchurch. However, as will be discussed later, specialized CPT equipment is required in some areas
of the city due to the presence of shallow layers of dense gravels. With a focused aim to characterize 23
building sites within six study zones to enable detailed subsurface characterizations and simplified seismic evaluations of representative buildings within the CBD, the UC Berkeley (UCB) – Univ. of Canterbury (UC) research team performed 107 CPTs and two exploratory boreholes as shown in Figure 5.
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These structures consisted of multi-story buildings on shallow and deep foundations and displayed interesting engineering performance characteristics. This subset included buildings that performed well, in
addition to buildings that were severely damaged during the Christchurch earthquake.
3.2 Typical soil profile data
Though subsurface conditions within the CBD are variable (Brown & Weeber 1992, Tonkin & Taylor
2011), each building study zone has one or two representative soil profiles that reflect the subsurface
conditions within a zone. Figure 6 illustrates representative subsurface conditions within Zone 1 with the
log of borehole K1 and the adjacent CPT Z1-B4 (locations indicated on Fig. 5) with its normalized cone
tip resistance (qc1N) and soil behavior type index (Ic) profiles calculated using the procedure described by
Robertson & Wride (1998). The soil layer that lies at a depth of about 2 to 8 m has relatively low qc1N
values (< 50) and consists of predominantly silty sand (SM), but also sandy silt (ML), with a median
fines content (FC) of approximately 37% (range of 15% to 82% with a standard deviation of 21%) based
on 19 laboratory tests performed on retrieved samples. The fines were non-plastic. Below it, a denser
poorly graded sand (SP) extends down to about 20 m. The base silt/clay (ML/MH) layer is the oldest
and deepest material of the Christchurch Formation and is typically observed just above the Riccarton
Gravels (Tonkin & Taylor 2011).

Figure 6. Log of borehole K1 and adjacent CPT Z1-B4 profile in Zone 1. The locations of borehole K1 and CPT
Z1-B4 are indicated on Figure 5 (from Bray et al. 2014).

3.3 Soil profile variability
In addition to advancing CPTs adjacent to buildings, a line of 15 CPTs spaced about 10 m apart were
advanced in a parking lot at the northeast corner of the intersection of Armagh and Madras streets to
characterize the variability in soil conditions over relatively short distances. At this location within Zone
4, along the southern boundary of the moderate-to-severe liquefaction zone illustrated in Figure 4, Cubrinovski et al. (2011a) observed that liquefaction was manifested by a “well-defined, narrow zone of
surface cracks, fissures, and depression of the ground surface about 50 m wide, as well as water and
sand ejecta” following the 22 FEB 11 earthquake. A cross section that depicts the cone tip resistance
profiles on the north end of the line is shown in Figure 7. The shallowest layer is composed of silty sand
and sandy silt (SM/ ML) with a qt generally less than 5 MPa and Ic between 2.0 and 2.5. Samples from a
nearby borehole indicated a FC of about 50% for this layer. The next layer was a clean sand to gravelly
sand (SP) with qt greater than 20 MPa and often greater than 30 MPa and Ic between 1.0 and 1.5. Clean
to silty sands of varying penetration resistance, but typically with qt greater than 10 MPa followed the
dense SP layer.
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3.4 Evaluating the liquefaction hazard
Simplified liquefaction evaluations were performed utilizing the CPT-based liquefaction triggering correlations of Robertson & Wride (1998), henceforth RW98; Moss et al. (2006), henceforth MS06; and
Idriss & Boulanger (2008), henceforth IB08. The CPT-based procedure developed by Zhang et al.
(2002), henceforth ZR02, was applied to estimate free-field, level ground settlements due to postliquefaction volumetric strains. For the purposes of applying the ZR02 procedure, the clean sand equivalent, normalized, CPT tip resistance qc1N-CS, as well as the FSl, were calculated in accordance with
RW98.
The portion of the shallowest layer that was below the groundwater table should have liquefied based
on the median estimated PGA from Bradley & Hughes (2012) during the 22 FEB 11 earthquake using
the RW98, MS06, or IB08 liquefaction triggering procedures. These procedures produced generally
consistent results for the shallow liquefiable sandy soils of Christchurch. The resulting post-liquefaction
vertical settlement using the ZR02 procedure within this layer decreased from a local maximum of about
10 cm in the middle of the liquefaction feature to zero over a total width of 45 m, which is consistent
with the dimensions of the surficial depression in this area documented by Cubrinovski et al. (2011a).
Consequently, the shallow liquefiable SM/ML layer, when it existed, was likely a critical layer in the
observed liquefaction in Zone 4, and in other zones with similar stratigraphy. Its thickness below the water table could vary considerably over relatively short distances.

Figure 7. Corrected CPT tip resistance profiles showing variability in the thickness of the shallow SM/ML layer
across the Armagh and Madras parking lot (S43.5284 E172.6432; from Bray et al. 2014).

3.5 Techniques adopted in gravelly soils
An initial phase of CPTs were conducted in July and August 2011, in which shallow dense sandy gravel
and gravel layers were encountered throughout much of Zone 2 and in the southern portions of Zone 1
and Zone 5. These layers were often difficult to penetrate using a conventional 10 cm2 A.P. van den
Berg cone with a 14 tonne CPT truck, and shallow refusal was often encountered in these areas. Consequently, subsequent investigations were planned and performed throughout these areas in October 2012,
March 2013, and April 2013.
During the investigations performed in October 2012 and March 2013, McMillan Drilling Services
Ltd. (McMillan) provided a larger CPT truck with a self-weight of approximately 22 tonnes. This truck
also had the capability of 'pre-collaring' through gravelly or dense materials. The pre-collaring system
was developed by Mr. Iain Haycock (McMillan) to enable CPT profiling below dense gravelly soils layers when encountered in parts of Christchurch. The pre-collaring system was a steel dual tube system
consisting of threaded steel outer casing with a nominal outer diameter (OD) of 6.99 cm and steel inner
rods with a nominal OD of 3.18 cm (see Fig. 8). At the base of the inner rod string was a conical steel tip
that was designed to fit through the outer casing shoe. The dual tube assembly was then driven using a
hydraulic hammer and direct push. CPTs that incorporated pre-collaring were performed as follows:
1) The cone was advanced per ASTM D5778-07 until refusal was encountered;
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2) If it was desired to advance the test to a greater depth, the CPT rods and probe were extracted
from the hole;
3) Casing was then advanced using a hydraulic hammer in combination with direct push until the
hydraulic ram gauge pressure was judged to be low enough to resume with a conventional cone;
4) The inner casing rods were extracted leaving only the outer casing rods in the hole;
5) The CPT probe and rod string was re-installed into the hole to the depth of the bottom of casing;
6) The CPT was resumed.
If necessary, this procedure was repeated. Ultimately, the McMillan pre-collaring system generally
had success in penetrating the dense gravelly soils of the type that caused premature refusal during CPTs
attempted in July 2011, August 2011 and February 2012.
CPT results using the pre-collaring system are shown in Figure 9. CPT Z2-8 was performed in July
2011 and refusal due to tip resistance was encountered at a depth of approximately 3.4 m. CPT Z2-16,
located approximately 5 m from CPT Z2-8, was performed in March 2013, with the McMillan precollaring system, to a depth of approximately 19.1 m.
The tests performed in April 2013 by Fugro BTW Ltd. (Fugro) were performed with a robust 15 cm2
cone manufactured by Fugro Engineers B.V. using a 20 tonne CPT truck. The Fugro Engineers B.V.
cone could be pushed through materials with uncorrected tip resistances greater than 80 MPa. In general,
the CPTs performed by Fugro were also successful in penetrating through areas with layers of dense
and/or gravelly materials.
(a)

(d)

(c)

(b)

(f)

(e)

Figure 8. (a) View of dual tube casing system. (b) Connecting additional casing rods. (c) View of casing rods prior to driving cap placement. (d) View of casing rods following driving cap placement. (e) View of inner rod tip.
(f) View of tip of casing assembly through the CPT truck sleeve prior to shallow driving (pre-collaring system
developed by Mr. Iain Haycock).
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Figure 9. Normalized cone tip resistance (qc1N) and soil behavior type index (Ic) profiles calculated using the procedure described by Robertson & Wride (1998) at CPTs Z2-8 and Z2-16. CPT Z2-8 was performed in July 2011
and refusal due to tip resistance was encountered at approximately 3.4 m. CPT Z2-16 was performed in March
2013 using the pre-collaring system to a depth of approximately 19 m. The distance between the CPTs was approximately 5 m.

4 BUILDING AFFECTED BY LIQUEFACTION OF SHALLOW SOIL
4.1 CTUC Structure
An interesting case study to assess the impact of shallow liquefaction on the performance of a multistory building was that of the CTUC Building, located at 199 Armagh Street in Christchurch, NZ, approximately 20 m west of the Armagh-Madras parking lot discussed previously. It was a six-story RC
frame structure with RC core walls and block in-fill walls with its roof supported by steel framing (Fig.
10a). Based on its 1974 design drawings, the building frame was largely supported on shallow footings
interconnected with tie beams (see Fig. 11). Six square footings were 2.44 by 2.44 m and were either
0.46 m or 0.61 m deep, and the two footings at the south end were 4.88 m by 0.91 m and 0.46 m deep.
Each of these footings supported single, rectangular RC columns that were spaced approximately 4.9 m
and 9.1 m in the north-south and east-west directions, respectively. A larger footing on the west side of
the building supported two rectangular RC columns in addition to the walls associated with the elevator
and stair core, and strip footings supported core walls at the southwest corner of the building and a block
wall on its northern end. Adjacent footings were connected with RC tie beams that had cross sectional
areas of either 0.74 m2 or 0.12 m2. Floors two through six were RC and were supported by RC beams
0.41 m wide by 0.61 m deep. Footing contact pressures for the effective seismic building weight were
100-200 kPa.
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4.2 Observed damage
While damage to the building was negligible during the 4 SEP 10 Darfield and 13 JUN 11 events, severe
liquefaction of the foundation soils during the 22 FEB 11 Christchurch earthquake induced significant
total and differential settlements of the building, leading to structural distortions and cracking (Cubrinovski et al. 2011a). The building tilted to the east 0.4-0.5 degrees. Differential settlement of the southeast corner of the building produced most of the structural damage. Several of the exposed beams on the
south side of the building were cracked near the beam-column connections (Fig. 10b). Building settlement measurements were performed using the building located just to the north of CTUC Building as
the datum, as it did not displace relative to the surrounding ground. The settlement measurements are
presented in Figure 11. The building settled more on its south side than on its north side and more on its
east side than its west side. Approximately 20 cm of the 25 cm of differential building settlement along
the eastern side of the building was measured across its two southernmost spans (angular distortion ≈
1/50). Thus, cracking of structural beams in this area is not surprising.
4.3 Post-earthquake CPT investigations
Six CPTs were performed at the CTUC building site, and 15 CPTs were performed at the nearby Armagh-Madras parking lot site, which were used to develop the subsurface profile shown previously in
Figure 7. The generalized subsurface conditions along the east side of the CTUC building are depicted
in Figure 12. The groundwater depth was estimated to be 2.5 m for the 4 SEP 10, 26 DEC 10, and 22
FEB 11 Christchurch earthquakes, and 2.0 m for the 13 JUN 11 earthquake based on the Tonkin & Taylor (2012) groundwater model. The shallow SM/ML layer is similar to the upper unit described previously in Figure 7 and had qt < 3 MPa, 2 < Ic< 2.5, and nonplastic FC ≈ 50%, which makes it likely to
liquefy under strong ground shaking. It is noteworthy that this unit was observed at CPT Z4-5, which is
at the southeast corner of the building, to a depth of nearly 6 m; whereas it was not observed at CPT Z428 near the center of the east side of the building, CPT Z4-7 at the northeast corner of the building, or
below the groundwater table at CPT Z4-10.
4.4 Liquefaction triggering evaluation
From examining Figure 12, it is clear that while there are liquefiable soils at each of the CPT locations,
the distinguishing difference between them are the shallow liquefiable soils just beneath the building
foundation at CPT Z4-5 whereas the liquefiable soils at CPTs Z4-28, Z4-7 and Z4-10 are located primarily at depths below 8 m. The dramatic change in the shallow soil conditions from the building’s
north end, which did not contain shallow liquefiable soils, to its south end, which contained shallow liquefiable soils, led to significant differential settlement over the southernmost spans of the building
frame.
The calculated FSl profiles for four events at CPT Z4-5 are presented in Figure 13 for the median
PGA estimates (i.e., PGA50) from Bradley & Hughes (2012) for three events and the median recorded
PGA for the 26 DEC 10 event (because PGA50 values are not available for this event). As discussed previously, low FSl values were calculated in the shallow SM/ML layer for the intense 22 FEB 11 Christchurch earthquake, wherein severe liquefaction was observed at the site. However, FSl values below one
are also calculated for the 4 SEP 10 Darfield and 13 JUN 11 earthquakes. Although there were no reports of liquefaction at this location after these events, it is possible that a minor amount of liquefaction
was unreported or that marginal liquefaction occurred and surface manifestations were not observed.
Damage was not reported for these events, so if liquefaction did occur its effects were insignificant. Liquefaction triggering procedures are deliberately conservative, so it is also possible that liquefaction did
not occur at this site although the calculated FSl values were below one.
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(a)

E

(b)

Cracked Beam

Liquefaction-induced
sediment ejecta

Figure 10. (a) South end of CTUC Building showing tilt to the east (taken July 2011) and (b) Close-up photograph of the SE corner of the building (taken March 2011) (from Bray et al. 2014).

Figure 11. CTUC Building site with its foundation system and CPT locations (with depths). Footing settlements at
column locations relative to the datum building are provided in cm. The location of the subsurface profile presented in Figure 7, along with a portion of the profile, are shown for reference (from Bray et al. 2014).
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Figure 12. Subsurface conditions at CTUC site showing zones of materials with FSl < 1.0 based on the RW98
procedure using PGA50 = 0.45 g from Bradley & Hughes (2012) for the 22 FEB 11 Christchurch earthquake.
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Figure 13. FS against liquefaction triggering and settlement due to post-liquefaction volumetric strain profiles at
CPT Z4-5 using ZR02-RW98 and PGA50 estimates from Bradley & Hughes (2012) for the 4 SEP 10, 22 FEB 11,
and 13 JUN 11 events and the recorded median PGA for the 26 DEC 10 event (see Table 2).

4.5 Liquefaction-induced damage evaluation
The post-liquefaction residual shear strength of the shallow SM/ML layer was estimated to be 6 kPa to
10 kPa using the Olson & Stark (2002) and IB08 procedures. The bottom of the southeast footing adjacent to CPT Z4-5 was at a depth of about 1.3 m. The static bearing capacity of the foundation soils at
this location can be estimated using procedures developed for a two-layer cohesive soil deposit
(NAVFACDM 7.02 1986). The FS against a bearing capacity failure is 2.1 to 2.3 at the location of the
southeast corner footing, which was judged to be most critical, using the residual shear strength of the
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shallow liquefiable SM/ML materials and an equivalent undrained shear strength of the SM/ML materials above the groundwater. If the materials above the groundwater lose strength due to the upward migration of liquefied soil, then the FS is below one. The southeast footing may have underwent a partial
bearing capacity failure, but its differential settlement was largely the result of ground loss due to sediment ejecta and some contribution of other settlement mechanisms described by Bray & Dashti (2010),
because bulging of the ground surface was not observed at this site.
Liquefaction-induced free-field level ground settlements at the locations of the CPTs were calculated
based on the post-liquefaction volumetric strain ZR02 procedure discussed previously. Although these
procedures were developed to estimate vertical settlements at level ground free-field sites due to postliquefaction volumetric strains, they are often employed in engineering practice to get a sense of the
seismic performance of the soils beneath buildings. However, other settlement mechanisms exist for the
case of shallow-founded buildings sited atop shallow liquefiable soils, such as SSI-induced ratcheting,
partial bearing failure, and ground loss due to sediment ejecta (e.g., Bray and Dashti 2010). Shearinduced mechanisms can contribute significantly to the observed building settlement when soils beneath
its foundation elements soften due to liquefaction. However, established simplified methods for estimating shear-induced building settlements are not available currently. Thus, the post-liquefaction reconsolidation settlement calculations are performed to assess the validity of the insights gained from performing these analyses. Currently employed liquefaction-induced building movement evaluation procedures
need to be revised to capture these other mechanisms.
As is often done in engineering practice, the upper 17 m of the soil deposit was characterized, so liquefaction-induced settlement estimates due to volumetric strains over this thickness were calculated and
summarized in Table 3. Calculated settlements due to post-liquefaction volumetric strains during the 22
FEB 11 Christchurch earthquake range from 16 cm to 10 cm across the footprint of the CTUC building
(i.e. CPTs Z4-5, Z4-28, and Z4-7). Hence, free-field vertical settlements due to post-liquefaction volumetric strains suggest a differential settlement of only about 6 cm across the building due to the Christchurch earthquake. However, the building actually settled differentially 25 cm more at its south end than
at its north end for this event. The presence of the shallow loose SM/ML layer beneath the groundwater
table, as depicted in CPT Z4-5 at the southeast corner of the building, likely led to the significant differential settlement of the building across its two southernmost spans. Ground loss under the shallow foundations due to sediment ejecta and shear-induced mechanisms, such as SSI-ratcheting, likely contributed
to larger settlements at the southeast corner of the CTUC building. Liquefaction of soils below a depth
of 8 m contributed significantly to the amount of calculated settlement, but their impact on the building
performance was relatively minor. Thus, the equal weighting of post-liquefaction volumetric strains over
all depths of the soil profile in the calculation of free-field vertical settlements can be misleading, because the seismic performance of shallow foundations depends most on seismic response of shallow soil
deposits.
Table 3. Calculated surface settlements at CPT locations near the CTUC Building. Settlements are due to postliquefaction volumetric strains in the top 17 m based on median PGA estimates.
Reconsolidation Settlement (cm)

CPT ID
Z4-5
Z4-28
Z4-7
Z4-10

4 SEP 10

26 DEC 10

22 FEB 11

13 JUN 11

13
10
2
2

2
3
0
0

16
16
10
7

13
9
1
1

Whereas the ZR02 procedure underestimated liquefaction-induced building settlement due to the 22
FEB 11 Christchurch earthquake, it overestimated the observed settlement for the 4 SEP 10 Darfield and
13 JUN 11 events. Liquefaction triggering evaluation procedures are typically conservative. The calculation of FSl < 1.0 for the 4 SEP 10 and 13 JUN 11 earthquakes leads to post-liquefaction settlements at
CPT Z4-5 that are close to that calculated for the 22 FEB 11 earthquake due to the sensitivity of the
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ZR02 procedure when FSl is near one. Severe liquefaction and significant damage were observed for the
latter event, but not for the former events, so commonly used procedures are not be able to discriminate
between these events for this case. Post-liquefaction settlement estimates provide only a rough index of
seismic performance. As mentioned previously, shear-induced mechanisms can contribute significantly
to observed building settlement when soils beneath its foundation elements soften due to liquefaction.
The loss of soil from beneath foundations due to the occurrence of sediment ejecta can also adversely affect building performance. Engineering judgment is required in interpreting their results.
5 TALL BUILDING AFFECTED BY LIQUEFACTION
5.1 PWC Structure
The PWC building, formerly located at 119 Armagh Street in Christchurch, NZ, was a 21-story, RC
frame structure, with a one-story basement. Prior to its demolition in 2012, the PWC building was a
landmark on the Christchurch skyline, as the third tallest building in the CBD.
According to its 1988 design drawings, the PWC building consisted of a 21-story tower including a
two-story podium atop a one-story basement with a RC mat foundation that transitioned in thickness
from 0.4 m around the edges of the basement (podium slab), to 1.8 m underneath the perimeter of the
tower, to 0.9 m underneath the center of the tower (Fig. 14). The basement footprint was approximately
55 m in the east-west direction and approximately 60 m in the north-south direction (including the irregular layout on the north end). The top of the basement mat was approximately 3.4 m below the ground
surface at the south side of the building and approximately 2.4 m below the ground surface at the north
side of the building. The tower was approximately 35 m in the east-west direction and 25 m in the northsouth direction. Two elevator shafts were located in the center of the tower and the staircases were located just to the east of the easternmost elevator shaft.
Structural columns for the tower were typically cast-in-place RC columns with square or rectangular
cross sections. The corner columns were generally 1.1 m by 1.1 m, perimeter columns were 0.8 m by 1.1
m, and interior columns were 0.7 m by 0.9 m or 0.7 m by 0.7 m. Column spacing was on the order of 6
m to 7 m. Beams were either pre-cast concrete with rectangular cross sections or steel I-beams. The dimensions of perimeter pre-cast concrete beams were usually 0.575 m by 1.1 m, 0.575 m by 0.975 m, or
0.8 m by 0.82 m. The dimensions of interior pre-cast concrete beams were typically 0.8 m by 0.7 m or
0.5 m by 0.585 m. All of the perimeter beams were pre-cast concrete. Some of the interior beams within
the first through third stories were pre-cast concrete whereas all interior beams within the fourth through
the twenty-first stories were steel. Steel beam sections were either 530 UB 92, 530 UB 82, 460 UB 74,
410 UB 54, or 310 UB 46. Double Tee concrete flooring was utilized, typically with a 65 mm concrete
topping.
Geotechnical consultants, Soils and Foundations Ltd., performed the original geotechnical investigation prior to building construction in 1987. At that time, they estimated the average dead load transmitted through the mat foundation for bearing and settlement calculations as 11 kPa per story and the average reduced live load as 1.2 kPa per story. It appears that the basis for this assumption was known
loadings for similar buildings in Christchurch. This would suggest an average load over the footprint of
the mat foundation of approximately 255 kPa. Based on the self-weight of only the typical primary
structural elements described above, it is likely that the average dead load over the footprint of the mat
foundation under the tower was at least 140 kPa. Consequently, 255 kPa is a reasonable conservative estimate of the average foundation contact pressure of the PWC building tower structure during the Canterbury earthquakes.
5.2 Observed damage
Following the 22 FEB 11 Christchurch earthquake liquefaction-induced sediment ejecta were observed
on both the north and south sides of the building, and the tops of accessible structural columns were
generally tilted slightly to the south. Ground settlements of at least 30 cm were measured near the street
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on the north side of the building and areas of localized ground settlement of up to 10 - 15 cm were
measured on the south side of the building. General ground settlements on the south side appeared to be
less than approximately 10 cm. There was some lateral spreading of the ground north of the building toward the Avon River which could have contributed to the vertical ground displacements in this area.
5.3 Post-earthquake CPT investigations
One CPT (Z2-8) was performed during the initial phase of site investigations in July 2011, and 10 additional CPTs were performed in follow-up investigations in March and April 2013. Of these 11 CPTs, six
were performed by McMillan drilling services, mostly without pore pressure measurements, and five
CPTs were performed by Fugro Geotechnical NZ, all with pore pressure measurements. The locations
and corresponding depths of the CPTs are indicated on Figure 14. The PWC building was demolished in
late 2012 but as of March-April 2013 the basement remained in place. Consequently, the CPTs performed at this time were all located at least 2 m away from the basement walls to minimize the influence
of the basement walls on the measured CPT resistance.
The elevation of the groundwater table relative to the Lyttelton Vertical Datum was assumed to be
approximately 2.5 m during the 2010-2011 Canterbury earthquake sequence based on regional groundwater models developed by T&T (Canterbury Geotechnical Database 2013). The Avon River is located
just north of Oxford Terrace (approximately 15 – 20 m north of CPT Z2-30), and therefore, the ground
surface elevations decrease slightly across the PWC building site from south to north. Consequently, the
groundwater depth below the ground surface decreases from approximately 2 m at CPT Z2-29 to approximately 1 m at Z2-30. The CPT tip resistance, qt, and normalized soil behavior type (SBT) index, Ic,
profiles along cross section A-A' are shown in Figure 15. The PWC building foundation is shown for
reference on Figure 15; both the tower mat foundation and podium slab are founded within the layer of
dense sand and sandy gravel (SP/GP), which is described subsequently.

Figure 14. PWC building and site with foundation elements and CPT locations. CPT depths are indicated in parentheses.
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Figure 15. Subsurface profile with CPT tip resistance and normalized soil behavior type index profiles along section A-A’.

As illustrated in Figure 15, there are five primary units in the subsurface profile beneath the PWC
building:
1) Very loose to medium dense silty sand and sandy silt with qt generally less than 10 MPa and 1.5
< Ic < 2.5 to depths between 1.75 m and 4.5 m;
2) Dense to very dense sand, gravelly sand, and sandy gravel with qt greater than 15 MPa and often
greater than 40 MPa and 1.0 < Ic < 1.5 to depths between 6.25 m and 10 m;
3) Medium dense to dense sand and silty sand with 10 MPa < qt < 20 MPa and 1.5 < Ic < 2.0 to
depths between 18 m and 20 m; thin layers of fine grained materials with qt < 5 MPa and Ic > 2.6
are often present within the this unit; this unit is common with variable thickness and density
throughout the CBD, coincident with the post-glacial marine transgression; it represents beach
and possibly dune sands with occasional terrestrial deposits;
4) Finer grained materials (SM/ML/CL) with relatively low CPT tip resistances (qt typically less
than 10 MPa) and Ic often greater than 2.6 to depths between 20 m and 24 m; this layer represents the oldest and deepest portion of the Christchurch Formation deposit and is common, with
variable thickness, throughout the CBD just above the Riccarton Gravels; and
5) Riccarton Gravels (information on this dense gravel unit is provided in Tonkin & Taylor 2011).
5.4 Liquefaction triggering evaluation
Simplified liquefaction triggering evaluations were performed utilizing the procedures described previously. The estimated PGA16, PGA50, and PGA84 at the PWC building site during the 22 FEB 11 Christchurch earthquake were 0.34 g, 0.45 g, and 0.59 g, respectively (Bradley & Hughes 2012). Factor of
safety against liquefaction triggering (FSl) profiles, calculated in accordance with RW98 with the PGA50
during the 22 FEB 11 event, and liquefaction-induced settlement profiles, calculated in accordance with
ZR02-RW98 with the PGA16, PGA50, and PGA84 during the 22 FEB 11 event, are shown on Figure 16.
While liquefiable materials are present beneath the PWC building foundation throughout the building
footprint, they are typically within the SP/SM layer, which is at depths greater than 6.25 m to 10 m below the ground surface. Consequently, the majority of liquefiable materials are at least 5 m below the
base of the tower mat foundation. Ground surface settlements were calculated based on volumetric
91

strains over the upper 20 m of the soil deposit and these calculations are presented in Table 4 for four
events. It is also worth noting that the shallow SM/ML layer, encountered at many of the CPT locations,
also contains materials that should have liquefied in the 22 FEB 11 earthquake. While this layer was not
encountered beneath the podium slab or tower mat foundation and thus likely did not contribute to building foundation settlement, the softening of this unit could have potentially contributed to the tilt of the
building observed following the 22 FEB 11 event due to reduced support along basement walls.
5.5 Liquefaction-induced damage evaluation
The performance of the PWC building site during the 22 FEB 11 Christchurch earthquake was documented by GEER, UCB and UC researchers in March 2011. At that time, liquefaction-induced sediment
ejecta were observed on both the north end and south end of the building site. Ground settlements of at
least 30 cm were measured near the street on the north side of the building and areas of localized ground
settlement of up to 10 - 15 cm were measured on the south side of the building. A long crack, roughly
parallel to the orientation of the Avon River was observed near the center of Oxford Terrace. To the
southeast of this crack, settlement of the road and deformed pavement were observed. These observations are suggestive of lateral spreading along the bank of the Avon River.
Water was observed in the exposed basement during the field testing performed in March and April
2013. Most of the water was ponded in the southern half of the basement which, assuming the basement
was built level according to the design plans, would indicate differential settlement of the south end of
the basement relative to the north end.
Accessible building columns between the first and second floors were surveyed with a digital level
and tilt measurements were recorded during the March 2011 site evaluation. Twenty-four column tilt
measurements in the north-south direction were recorded with a sample mean of 0.2 degrees to the south
and a sample standard deviation of 0.15 degrees. Similarly, the sample mean and standard deviation of
24 column tilt measurements in the east-west direction was 0.1 degrees to the west, and 0.2 degrees, respectively. A subsequent thorough structural evaluation of the PWC building was performed by a separate group of UC researchers in 2012, and some of their performance observations are summarized by
Pampanin (2012):

Figure 16. Factor of safety against liquefaction triggering (FSl) profiles, calculated in accordance with RW98 for
the PGA50 during the 22 FEB 11 event, and liquefaction induced settlement profiles, calculated in accordance
with ZR02-RW98 for the PGA16, PGA50, and PGA84 during the 22 FEB 11 event, at CPT locations along cross
section A-A’. Settlements are due to post-liquefaction volumetric strains in the top 20 m.
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Table 4. Calculated ZR02-RW98 surface settlements at CPT locations near the PWC building for the PGA50 during the 4 SEP 10, 22 FEB 11, and 13 JUN 11 events and for the recorded median PGA during the 26 DEC 10
event (see Table 2). Settlements were calculated over the top 20 m at each location.
Reconsolidation Settlement (cm)

CPT ID
*

Z2-8
Z2-16
Z2-18
Z2-18F
Z2-19
Z2-20
Z2-21
Z2-27*
Z2-28
Z2-29
Z2-30
*

4 SEP 10

26 DEC 10

22 FEB 11

13 JUN 11

10
12
8
7
10
10
8
7
7

6
4
1
3
3
5
1
1
3

14
18
16
13
16
15
16
13
9

9
9
4
5
7
8
5
5
6

Refusal was encountered at 3.42 m during CPT Z2-8 and at 3.21 m during CPT Z2-27

A proper hierarchy of strength or capacity design protected the column from any inelastic mechanism. No noticeable cracking was evident even in the exterior-corner columns belonging to both direction frames and thus subject to a particularly high demand.
Due to inelastic mechanisms developed in the structural elements at most floors, the postearthquake building state was characterized by low to moderate residual interstorey
drifts. Furthermore, permanent deformations in the soil-foundation-structures (consisting of shallow foundation) led to an overall leaning/tilting of the building. Repairing and
strengthening options were considered, but found uneconomical when compared to the
option of a controlled demolition and rebuild, partially or mostly covered by insurance.
As illustrated in Figure 16, the mat foundation of the PWC building was located on a layer of dense
to very dense gravelly sand and sandy gravel. Liquefiable materials were located at least 3 m below the
base of the foundation and often more than 5 m. However, this is well within the depth range with a significant vertical strain influence for a foundation with a width of 25 m and L/B = 1.4 (Schmertmann,
1970). Consequently, softening of these materials due to increased pore water pressures would have
likely led to building settlements, despite the fact that the liquefiable materials were not directly beneath
the building. In addition, softening due to increased pore water pressures during and immediately following the significant Canterbury earthquakes could have occurred in other materials beneath the PWC
building, and this transient reduction in stiffness in materials that did not fully liquefy could have also
contributed to the observed building settlement. Volumetric reconsolidation of the liquefiable materials
beneath the building foundation would have also caused settlements. Additionally, lateral spreading toward the Avon River to the north of the building could have contributed to the observed ground vertical
displacements.
As described previously, the top of the PWC building tilted slightly to the south during the 22 FEB
11 Christchurch earthquake. Importantly, the basement mat foundation extends significantly to the north
of the tower footprint (Fig. 14). It is possible that the northern portion of the basement mat, therefore,
acted as a cantilever that prevented the northern end of the PWC building tower from settling as much as
the southern end, causing the building to tilt slightly to the south. In addition, soil-foundation-structure
interaction could have contributed to the slight tilt to the south. Advanced SSI numerical models will
likely be able to provide more insight into the complex performance of the PWC building, and these
analyses are underway by UCB and UC researchers.
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6 CONCLUSIONS
The Canterbury earthquake sequence produced varying degrees of liquefaction with differing effects on
buildings with different structural and foundation systems. The CPT proved to be a useful site characterization tool. Its results enabled liquefaction triggering evaluations using prevalent procedures that were
found to be conservative. The conservatism in the liquefaction triggering assessments led to postliquefaction ground settlement estimates that were generally similar for the large events in the Canterbury earthquake sequence, whereas significant building settlements and damage in the CBD were observed for the 22 February 2011 Christchurch earthquake but not for other earthquakes, such as the 4
September 2010 Darfield and 13 June 2011 events. Moreover, the liquefaction-induced ground settlement procedures do not capture important shear-induced deformation mechanisms, such as SSI ratcheting and partial bearing failure, and the effects of ground loss due to sediment ejecta. Performance-based
earthquake engineering requires improved procedures to discern between the differing levels of performance observed in Christchurch during the Canterbury earthquake sequence. Given the brittle nature of
the liquefaction phenomenon as soil transforms rapidly from a stiff to a soft response as the excess pore
water pressure rises beyond a threshold value, the development of robust design procedures to evaluate
the effects of liquefaction on buildings will be challenging. However, the case histories provided by the
Canterbury earthquake sequence provide a comprehensive set of ground and building performance data
for developing such methods.
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ABSTRACT: Penetration testing is a relatively recent geotechnical field investigation method, but
which has become very popular during the past four decades. A historic overview of penetration testing
methods is given, with emphasis on the development of cone penetration testing. The European Symposium on Penetration Testing, ESOPT I, held in 1974, was the platform, which initiated many positive
developments, such as harmonization and standardization of penetration testing equipment and methods. The role of ISSMGE Technical Committees in this development is described, in particular the efforts by ISSMGE TC16/TC102 in organizing international symposia and conferences. The results of efforts to standardize penetration testing are presented. An effort was made to review the contents of
papers published at symposia held during the past 40 years to detect major trends in testing and application of test results.

1 INTRODUCTION
The 3rd International Symposium on Cone Penetration Testing, CPT’14 is being held almost on the day
forty years after the first European Symposium on Penetration Testing, ESOPT (ESOPT I) in
Stockholm, Sweden, 1974. I was secretary of ESOPT I and have been asked to present my thoughts
about the developments in cone penetration testing following the first conference. I have accepted this
invitation with the reservation that I would not be able to provide a complete documentation of the many
aspects of penetration testing that have taken place. Instead, I focus on a historic overview of the
developments in terms of methods and equipment since 1974. This can help to explain the impressive
progress, which has led to the impressive state of knowledge and the wide scope of practical application
of penetration testing today. A review of recent developments in geotechnical and foundation
engineering clearly shows that cone penetration testing (CPT) has indeed become one of the most
widely used geotechnical investigation methods. Examples are different types of pressuremeter, the
dilatometer, and geophysical methods. Some of the reasons are: - testing method and equipment are
relatively easily standardized, - the test provides a continuous soil profile, compared to other,
intermittent, tests, - different types of sensors can be incorporated in the same probe, - the method is
relatively fast and therefore less expensive than most other in-situ methods, - the rapid development in
electronic engineering has facilitated quick and efficient data acquisition and evaluation of large data
volumes, and – the concerted effort by researchers and geotechnical practitioners from different
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countries has helped to develop design concepts which can be used for the solution of many types of
geotechnical, geo-environmental and earthquake-related problems. However, it is important to recognize
that also other in-situ methods have become available and are widely used today. Examples are different
types of pressuremeters, the dilatometer and geophysical methods.
Looking back at the developments over a time period of 40 years in a relatively young engineering
discipline, such as geotechnical engineering, is fascinating. At the end of the 1960s, many of the engineering challenges of today did not exist or were just emerging. Heavy structures were either founded on
rock or hard soil or supported by piles. The number and size of land reclamation projects was still small
and their planning, design, and execution was often based on relatively unsophisticated concepts. Geotechnical earthquake engineering was emerging and offshore engineering was still in its infancy. The
use of electronic equipment on a construction site was an exception and restricted to scientific projects.
Data recording was often manual, by reading dial gages. Also the accuracy and reliability of field measurements was low and their quality depended to a large degree on the skills of the site crew. A factor,
which limited the development of equipment and the application of penetration testing results in practice, was the variability of methods and equipment used in different parts of the world. Various types of
in-situ tests had been developed, often in specific regions, and design tools based on local experience,
which limited their wider application. In Europe, different types of static and dynamic penetrometers
were used while the Standard Penetration Test (SPT) dominated outside Europe.
A main reason for arranging an international symposium on penetration testing was to assemble
experts in penetration testing from Europe and a selected number of other countries for exchange of
information and discussion of future needs of harmonization. Without the vision of a group of
outstanding geotechnical engineers – most of them no longer active – who recognized the need of
information exchange, the rapid progress in CPT accomplished during the past 40 years would not have
been possible. This report is an attempt to pay tribute to their important contributions.
2 EARLY DEVELOPMENTS OF PENETRATION TESTING
In ancient times, it was common practice to locate temples and tombs in areas that were known to have
stable ground conditions, where there was no need for extensive investigations. For instance, the greatest
construction challenges in Egypt were associated with excavations in rock, such as the excavation of
tombs and the building of pyramids and temples. About 2000 years ago, the Chinese installed boreholes
- sometimes to depths of several hundred meters - and retrieved soil and rock samples to examine
ground conditions. However, the most important progress in construction and foundation methods was
achieved by the military. Military campaigns required sound knowledge of construction and foundation
engineering, such as the construction of roads, bridges, aqueducts or fortifications. However, most of the
construction work was carried out on a trial and error basis. About one millennium ago, the Vikings,
who lived primarily along shores and coast lines in Scandinavia, were often confronted with difficult
ground conditions and developed therefore extensive knowledge on how to build roads, fortifications
and harbors on very soft, compressible ground. Engineering knowledge was important when combating
neighbors or invading other countries, usually by attacking from the sea. Therefore, it is not surprising
that Vikings used piling and soil reinforcement - such as bundles of wood - for strengthening paths and
roads across wet terrain. Their superior engineering knowledge was an important advantage for successfully conquering foreign lands.
Penetration testing is a relatively new soil investigation method, compared to boring, excavation and
visual site inspection. Comprehensive reviews of the history of site investigations have been published
by for instance, Sanglerat (1972) and Broms and Flodin (1988). The first known, documented use of
penetrometers for engineering applications was in the 14th century when the German military engineer,
Konrad Kyeser (1366 – 1405?) began to write books on military and mechanical arts: A medieval con98

cept of ordered practices or skills. He showed examples of screw-type tools to test materials and probably also the ground, (Cambefort, 1955). Leonardo da Vinci (1452–1519) sketched a screw type implement which may be advanced into the ground by means of turning the lever. However, this screw was
most likely never used during the lifetime of Leonardo da Vinci. Little evidence of the practical application of sounding tools can be found until the end of the 17th century.
A ram sounding device was invented in Germany by Nicolaus Goldmann (1611 – 1665) as described
by Broms & Flodin (1988): Hereto on the site at each place, a pointed rod can be driven, and one can
notice the penetration depth for each blow, and in this manner one can find differences in the subsoil,
according to a translation from German by H. Zweck (1969). This is most likely the forerunner of the
light German penetrometer, re-invented in the mid 1930s. Also in the 18th century, Germany dominated
the development of new soil exploration tools. In Central Europe, with relatively favorable (hard)
ground conditions, engineers worked mainly with auger tools. In France, different sounding devices
were used to determine ground conditions. H. Gauthier (1660 – 1737) described the practical application
of penetrometers for construction of bridges and fortifications. In northern European countries with
many deep deposits of loose or soft soil, however, the simpler rod penetration concept was applied.
During the 19th century, several handbooks were published in Europe, mainly in Germany, which included chapters on soil, rock and foundation engineering (Grundbau). The continental philosophy of
building on firm ground prevailed in many countries. Sounding rods (Sondiereisen or Visitireisen) were
described for the first time in detail in Handbuch der Tiefbohrkunde by the German engineer Tecklenburg (1885/86). The sounding rod had a maximum length of approximately 4 m and was provided at the
bottom with a point and an eye at the top for a wooden cross bar, intended for the withdrawal of the rod.
In England, different types of soil investigation tools were used. For the construction of the Westminster bridge, Charles Labelye, a naturalized Swiss engineer and architect, was employed. He used drill
rods to obtain information on the nature and consistency of the soil, determined by the resistance to the
penetration of the boring rod. Vibrations in the rod, and the noise it gave, was used to decide whether
the bore was in mud, sand, clay, or gravel. Telford used sounding rods in connection with the construction of the Caledonian Canal in England in 1804.
In North America, wash borings was for a long time the most commonly used drilling method. A remarkable penetration testing campaign was carried out in Canada in 1872 in connection with the construction of the Intercolonial Railway. A major problem was the construction of bridges, several of them
technically challenging, such as a railway bridge crossing the Miramachi River in New Brunswick. The
chief engineer was Sir Stanford Fleming (inventor of the Standard Time Zones) who pioneered engineering techniques, including soil sampling and the prestressing of piers. Fleming suspected that earlier
investigations at the bridge sites were incorrect. He proposed a new soil investigation method where a
steel rod was pushed down into the soil and the required force was measured (Legget & Peck, 1973).
The friction along the rod was eliminated by a 125 mm diameter steel casing. The rod used for the testing had a diameter of 75 mm and the end was blunt. The rod was loaded axially using weights. The time
of loading was varied. This was probably the first application of a static penetrometer.
In Scandinavia, several handbooks, based mainly on the work by Tecklenburg, were widely used for
military engineering projects. In the 1890s, almost everyone in charge of site investigations chose his
own penetration testing method. In very soft soils, sounding rods were employed to investigate for instance areas where landslides had occurred. Rods were pushed into the ground, to depths of 10 to 12 m,
often without reaching firm bottom. Svensson (1899), a Swedish railway engineer, was dissatisfied that
the strength and the bearing capacity of soils could not be predicted quantitatively. He suggested that the
penetration resistance should be measured more systematically and be expressed in terms of the number
of men required to push down the rod. Grad 0 was used to indicate when the rod sunk by its own weight;
Grade 1 when one man was required; Grad 2 when two man were required etc. Half-grades were also
used. Ernst Wendel (1900), at the time head of the Harbour and River Works in Gothenburg, proposed
to replace square sounding rods by a new type of needle probe, composed of several short pipe sections
99

which were connected using in-side couplings in order to achieve a smooth outside surface, shown on a
drawing from 1914. Instead of expressing the soil resistance in terms of number of men, Wendel proposed to drive down the probe using a weight, which was dropped from a predetermined height, and to
measure the penetration for each blow.
3 EMERGENCE OF MODERN PENETRATION TESTING
Although different types of penetration tests and sounding tools had been used during the past centuries,
excavation and soil boring was the dominant method of soil investigation in Europe. However, at approximately the beginning of the 20th century, modern penetration testing methods started to develop in
Central and Northern Europe where soft and loose soil deposits were encountered in connection with the
development of the transportation infrastructures, such as railways, harbors, and roads.
3.1 Dynamic Penetration Test
Measuring the driving resistance of a steel rod, being rammed into the ground, has long been taken as an
indication of the bearing capacity of the soil, and of piles. As mentioned above, Goldmann was probably
the first to use the ram penetration method in Germany. The rod was driven down by a sledge hammer
and the penetration for each blow was measured. However, the contribution by Goldmann was forgotten
until the last half of the 19th century (Broms and Flodin 1988).
Records of the Swedish National Archives show that a ram penetration test was carried out in 1880
for a construction project in Stockholm. The main objective of the test was to determine the required
length of piles to be driven into an esker. In 1910, penetration tests were again employed in the same area, using square (25 x 25 mm) steel rods, being driven by a 60 kg hammer which was probably made of
wood. The stroke was 0.6 m. Penetration depth was recorded every 10 cm, and varied typically between
30 and 140 blows/10 cm. The simplicity of the equipment and of the testing method was probably the
reason why the dynamic penetrometer became the most widely use testing method.
During the early 20th century in Germany, a light dynamic penetrometer was developed by Künzel
(1936), known as Künzel Prüfstab. A hammer (5 kg, later increased to 10 kg) with a drop height of 50
cm was used to drive steel rods (16 to 20 mm) into the ground. The penetration for every 10 blows (originally, the number of blows to drive the penetrometer a certain depth, 10 cm) was recorded. The results
were presented graphically, Fig. 1. Later, the penetrometer was provided with a conical point with a diameter of 35.6 mm. If needed, the friction along the rod could be reduced by a casing. The light penetrometer was standardized in Germany in 1964. This method is the forerunner of the modern light dynamic penetrometer and has become very popular in certain parts of Central Europe.
The first heavy dynamic penetrometer was developed in Sweden around 1935 by the company Borros
and patented in 1942. A heavy dynamic penetrometer was also developed in the USSR in 1950 (Broms
& Flodin (1988). A hammer with a mass of 60 kg and a height of fall of 0.8 m was used to drive a steel
rod, provided with a 74 mm diameter cone. The number of blows required to advance the penetrometer
was counted. Heavy dynamic penetrometers were also developed and used in France, Germany and other countries.
3.2 Swedish Weight Sounding
At the end of the 19th century, an important development in geotechnical engineering took place when a
commission consisting of geologists and engineers was appointed by the Swedish State Railways to investigate the cause of a number of embankment failures and landslides.

100

a) Light Dynamic Penetrometer

b) Examples of light and heavy dynamic penetrometer

Figure 1. Dynamic penetration testing in Germany around 1960, Zweck (1969)

The committee constituted itself as the State Railways Geotechnical Commission and worked between
1914 and 1922. In 1917, the Commission published its first report with the title Soil investigations for
Railways, with John Olsson, secretary of the Commission, as its main author. Wolmar Fellenius was a
member of the Commission from its start and chairman from 1919. In 1911, he signed a drawing which
shows a penetrometer consisting of 1.0 m long solid steel rods, 19 mm in diameter with outside couplings and a 0.8 m long lower rod which was provided with a twisted screw point, 0.20 m in length, Fig.
2a. A drawing in the handbook by the secretary of the Commission, John Olsson (1915), describes the
use of the weight sounding procedure: The rod is first pressed down by the force of one man and the
penetration depth recorded, then by two men and the depth recorded. After that the 90 kg weight is fastened to the handle (total mass about 100 kg), the rod is rotated and the penetration for each 25 turns
(sic: half-turns) is recorded. It is further pointed out that an experienced person can obtain additional information about the character of the soil from the noise and the penetration resistance. The final report
by the Commission from 1922 - the first publication ever to use the word geotechnical - is regarded a
milestone in modern geotechnical engineering, where the weight sounding method was described in detail. The single 90 kg weight of the penetrometer had been replaced by cast iron plates, with a total mass
of 100 kg. The load was adjusted in order to keep the penetration speed constant, about 20 mm/s. The
penetrometer was rotated when the rod stopped at the maximum applied load (100 kg). The penetration
every 25 half-turns was then measured and recorded. The test was stopped at 100 half-turns when the
penetration speed was approximately 10 to 20 mm. Refusal was checked by striking the penetrometer a
few times with a sledge hammer. The type of soil layer penetrated by the point was determined from the
noise generated by the twisted screw point. Figure 2b shows the performance of the weight sounding test
in accordance with the instructions by the geotechnical commission. The engineer (the man to the right)
touches the top of the sounding rod in order to detect rod vibrations when the sounding point penetrates
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from soft clay to sandy layers, as this information was considered important for assessing drainage conditions.

a) Screw point of the weight sounding penetrometer

b) Illustration of the weight sounding method (~1925)

Figure 2. Illustration of the weight sounding method around 1925

The Commission stated that the main purpose of weight sounding was to determine the strength and
thickness of different soil layers. Also, embankments that had failed were investigated by the new,
standardized method. Weight sounding was also used to determine the bearing capacity of piles in sand
and gravel. The work of the Commission was of also of importance in the other Nordic countries with
similar geotechnical conditions and foundation problems.
3.3 Standard Penetration Test
The Standard Penetration Test (SPT) can be traced back to around 1902, when Colonel Charles R. Gow
in Boston began making exploratory borings using 1-inch diameter drive samplers. The sampler was
driven by a 50 kg hammer into the bottom of the borehole, Fig. 3. Mohr (1940), one of Gow’s engineers,
then working at Raymond Concrete Pile Company, developed a slightly larger diameter split spoon
drive sampler and recorded the number of blows per foot of penetration on an 18 inch deep sample, using a 140 lb. hammer dropped from 30 inches height. Karl Terzaghi and Arthur Casagrande supported
adoption of the split-spoon sampling procedure through the auspices of ASCE’s Committee on Sampling and Testing of the Soil Mechanics and Foundations Division of ASCE, formed in 1938 (Rogers
2006). The work of this committee was carried out at Harvard by Juul Hvorslev (1940) when writing
The Present Status of the Art of Obtaining Undisturbed Samples of Soils. The SPT gradually replaced
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the samples obtained from wash borings which were used almost exclusively at that time for the classification of soils.

Figure 3. Original Gow Pipe sampler, introduced around 1902, utilizing 1-inch diameter drill rod and 1-inch diameter pipe with a beveled cutting tip, after Hvorslev (1949).

Terzaghi’s concept of using standard blow counts to estimate soil properties was not utilized until
1947, when he, in collaboration with H. Mohr, developed correlations between allowable bearing stress
and blow counts (N-numbers) for sands. Later that year Terzaghi christened the 2-inch Gow sampler the
Standard Penetration Test, in a presentation titled Recent trends in subsoil exploration, which he delivered at the 7th Conference on Soil Mechanics and Foundation Engineering at the University of Texas.
The first published SPT correlations appeared in the textbook Soil Mechanics in Engineering Practice
(First Ed.), Terzaghi and Peck (1948). The original split spoon sampler was gradually improved and
provided with a ball valve just above the sampling spoon to prevent loss of the sample during the retrieval. The Standard Penetration Test was used increasingly for the design of both deep and shallow
foundations and spread rapidly after the publication of Soil Mechanics in Engineering Practice.
3.4 Cone Penetration Test
The concept to determine the strength of soils by pushing or dropping a cone into the soil was developed
early. This method was used by John Olsson in 1915 to determine the undrained shear strength of very
soft clay, (Massarsch & Fellenius, 2012). A pocket penetrometer was later developed by the Danish
State Railroads in 1931, which is based on the principle of the fall cone test.
A predecessor of the mechanical cone penetrometer was the wash point penetrometer where a conical
point with 70 mm diameter, attached to the lower end of a 50 mm diameter heavy wash pipe, is pushed
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into the soil, Terzaghi & Peck (1948). A 75 mm diameter casing eliminated the skin friction resistance
along the wash pipe. The force required to push the penetrometer 250 mm into the soil, using a hydraulic
jack, was measured. Water jets were then turned on so that the casing could be driven down to the level
of the cone. After the water had been turned off, the point was forced down an additional 250 mm and
the corresponding force was measured. This penetrometer has not been used widely, probably because
of the difficulty to operate the equipment.
The Dutch cone penetrometer was initially developed around 1930 by Pieter Barentsen, a civil engineer at the Department of Civil Works (Rijkswaterstaat) in the Netherlands (Barentsen, 1936). He invented a way to measure accurately the resistance of the soil reacting on the conical tip. He inserted an
inner rod into the sounding tube and pushed with this inner rod manually on the interior part of the conical tip. The soil resistance was read out by means of a hydraulic measuring head provided with a pressure gauge, Fig. 4.

a) Mechanical cone testing around 1950

b) Begemann mechanical cone with friction sleeve

Figure 4. Early Dutch mechanical penetrometer, from History of Cone Penetration Testing - Gouda GeoEquipment BV.

The purpose of penetration testing at the time was to determine the thickness and bearing capacity of
approximately 4 m thick hydraulic fill near the town of Vlaardingen. The 10 cm2 cone with a 60 degree
apex angle was pushed down by two men and the penetration resistance was read on a manometer. A
hand-operated cone penetrometer was first built by Goudsche Machinefabriek, Holland. Because the
maximum force to push down the inner rod had to be delivered by the weight of the operator (approx. 80
kg), the maximum measurable cone resistance was often not sufficient to advance the penetrometer,
which limited the application of the apparatus. In 1935, under the supervision of T.K. Huizinga, then director of Delft Laboratory of Soil Mechanics (LGM), the first deep cone penetration test with a pushing
force of 10 tons was performed, as described by Platema (1948). The original cone penetrometer involved simple mechanical measurement of the total penetration resistance required to push a tool with a
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conical tip into the soil. Different methods were employed to separate the total measured resistance into
components generated by the conical tip (the tip friction) and friction generated by the rod string. In
1950, a jacket cone was developed by J. Vermeiden to avoid measuring errors that could occur when
sand entered the cavity between the rods. However, this sleeve affected the measured penetration resistance, particularly in clay.
Static penetration testing equipment was also developed and used in other European countries. A cone
penetrometer was developed at the Belgian Geotechnical Institute by DeBeer (1945). It was provided
with a fixed cone and the total skin friction resistance was measured separately. The first mechanical
cone penetrometer in the USSR was developed in 1953, with a maximum capacity of 100 kN (Broms &
Flodin 1988).
In the early 1950s, another significant development was the SGI cone penetrometer, which was
mounted on a vehicle. It was invented by Kjellmann and Kallstenius at the Swedish Geotechnical Institute. The penetrometer had a conical point with either 25 mm or 40 mm diameter. A special feature of
this penetrometer was that the rod could be rotated as the point was pushed into the soil. From the torque
measurement it was possible to separate the point resistance from the skin friction. This separation was
done automatically by the machine.
A significant advancement of the static cone penetrometer by Begemann was to measure the skin friction resistance every 0.2 m with a separate friction sleeve located just above the cone (Begemann, 1965).
He published graphs enabling the frictional load capacity for different sorts of piles to be deduced from
the measured local friction resistance. Figure 4b shows the mechanical friction cone introduced by Begemann (1953).
The first experimental electric cone penetrometer dates back to the end of World War II in Germany,
(Broms & Flodin, 1988); followed by prototypes developed by the Rotterdam civil servant Bakker and
LGM, Delft, in 1949. Fugro was first to introduce the electric cone in 1965 for routine soil investigation.
In the mid 1970s, following research with pore pressure measurements in Norway, USA, and Sweden,
standard electric penetrometers were equipped with sensors to measure the pore pressure during the penetration of the cone (Torstensson, 1975, Wissa et al., 1975). The Piezocone could measure in addition to
the cone resistance and the sleeve friction also the pore pressure. The equipment was further developed
by Fugro and other manufacturers. In Sweden, Torstensson (1975) was first to carry out a so-called dissipation test. From measured changes in pore pressure during a pause in the CPT test, it became possible
to calculate the permeability of fine-grained soils.
Inclinometers were incorporated in modern penetrometers to detect deviation of the penetration path
from the vertical direction.
Campanella and Robertson (1984) integrated a small velocity seismometer into an electronic cone
penetrometer. The cone penetration test is briefly stopped to conduct seismic down-hole tests at specific
depths. Today, the seismic cone penetration test can be provided with one, or an array of seismic sensors. Performing seismic down-hole measurements during a penetration test is much quicker and less
expensive that standard cross-hole tests or down-hole tests.
3.5 Full Flow Penetrometers
In 1940 Walter Kjellman and Torsten Kallstenius at the Swedish Geotechnical Institute, invented a pullout device, the Iskymeter (Massarsch & Fellenius, 2012). The method is based on the umbrella principle
as shown in Fig. 5. The Iskymeter concept - although relatively little used today - is an ingenious apparatus which consists of two wings, which can be retracted to form a penetrometer. The Iskymeter is
pushed in the ground by a rod and the penetration resistance can be measured, providing approximate information on soil density. Once the maximum penetration depth has been reached, the Iskymeter probe
is expanded and the pulling resistance is measured continuously, providing a measure of the undrained
shear strength and soil stratification. The pushing rod is withdrawn and then the wire, which has very
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low skin friction, is used to pull out the device. An advantage of the system is that pulling the Iskymeter
does not require anchoring.

a) Principle of the Iskymeter

b) Iskymeter demonstrated at ESOPT I, 1974.

Figure 5. Pull-out penetration test – Iskymeter, developed at the Swedish Geotechnical Institute in early 1940s.

The Iskymeter can be seen as the forerunner of full flow penetrometers (Stewart and Randolph 1991).
Two such devices, the T-Bar and the Spherical Ball, have been developed. The T-bar penetrometer was
first introduced at the University of Western Australia. It consists of a short cylindrical bar measuring
250 mm in length and 40 mm in diameter. The ball cone is 163 mm in diameter. Both devices are attached at right angles to penetrometer rods, just below a calibrated load cell. The T-bar and the ball cone
are pushed into the soil at the same rate as a conventional cone penetrometer, and the penetration resistance is measured using the cone-tip load cell. Full flow penetrometers attempt to combine the advantages of the cone penetration test and the in-situ vane shear tests. The in-situ vertical stress is equilibrated across the T-bar and thus there is essentially no correction for the ambient stress level to be
included. Also included in the shaft of modern full flow penetrometers is an inclinometer to indicate any
deviation from the vertical during insertion. The device can also incorporate pore water pressure transducers. Full flow penetrometers have gained acceptance in the offshore industry and their use for other
applications has increased recently.
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3.6 Column Penetration Testing
In Sweden, a common method for quality control of lime/cement columns, since the 1970’s, is the Column Penetration Test (in Swedish called KPS). The test is carried out by pushing a probe with two
wings through the center of the column with a speed of 20 mm/s, Fig. 6a.

b) Sketch of pull-out column penetration
probe

a) Image of KPS probe

Figure 6. Column penetration test by penetrometer with two-bladed vanes.
The probe is pushed down the center of the column about one to two weeks after column construction.
The width of the wings is less than the column diameter (normally 100 mm). The method can normally
be used on columns with a maximum length of 8 m and with unconfined compressive strength < 300
kPa. In the case of longer columns the probe may deviate into the soil outside of the column. The penetration depth can be extended by pre-boring a vertical hole in the center of the column. By the use of
preboring, the KPS can be used for columns with maximum unconfined compressive strength of 600
kPa to 700 kPa to a depth of 20 m to 25 m.
It is possible to carry out a reverse column penetration test, similar to the Iskymeter, where the uniformity of the column can be determined along its whole length, Fig. 6b. In this test, a probe, fitted with
vanes equal to those used in the column penetration test, is attached to a wire placed below the bottom of
the column while it is being constructed. The wire, having a strength of at least 150 kN, runs through the
whole column up to the ground surface. The strength of the column is obtained by measuring the resistance obtained when drawing the probe up to the ground surface. The idea is to obtain a mean value
of the shear strength for the larger part of the cross section. KPS is a frequently used method in Sweden
and other Nordic countries for lime-cement columns, constructed by dry deep mixing.
3.7 Environmental and Multiple Penetrometers
Extensive research during the past decade, especially in the area of geo-environmental engineering, has
led to the development of new, sophisticated penetrometers. Different types of sensors can be incorpo107

rated in the probe, for example laser-type and fiber-optical sensors, high-resolution ground-penetrating
radar antennas and integrated opto-electronic chemical sensors. It is interesting to note that the cone
penetrometer has evolved from a relatively simple, standardized geotechnical investigation tool into a
multi-purpose testing instrument. The cone penetrometer has the potential of becoming a multi-purpose
instrument, which offers new areas of application for geo-environmental investigations, Table 1.
Table 1. Sensors incorporated in CPT
Type

Description of Method

Dielectric constant

Dielectric constant is very sensitive to contamination, used in combination with CPT

Laser induced fluorescence (LIF)

Fluorescence emission can detect hydrocarbons, sensor mounted behind the tip of CPT

Magnetometer

CPT with a tri-axial magnetometer, used to attempt to ensure that tests, boreholes, and piles, do
not encounter unexploded ordnance (UXB). The magnetometer in the cone detects ferrous materials of 50 kg or larger within a radius of up to about 2 m distance from the probe depending on the
material, orientation and soil conditions.

Redox Potential

Measures organic exchange capacity Used in combination with CPT for identification of acids and
inorganic substances

Optical

Vision Image of penetrated material, from borehole or mounted in CPT tip

4 EUROPEAN SYMPOSIUM ON PENETRATION TESTING, ESOPT
The (first) European Symposium on Penetration Testing, ESOPT I, was held at the Royal Institute of
Technology (KTH) in Stockholm, Sweden from June 5-7, 1974. The symposium was organized by the
Swedish Geotechnical Society (SGF). Conference chairman was Prof. Bengt B. Broms, then director of
the Swedish Geotechnical Institute and professor at KTH. All European national geotechnical societies
were invited to take part in the symposium, as well as a few societies from outside of Europe, with special interests in penetration testing. The response to the invitation was overwhelming and it was necessary to restrict the number of participants (originally estimated to be 80), primarily because of the limited facilities. The number of participants exceeded 200. A total number of 136 papers from 28 countries
were submitted to the symposium.
The Organizing Committee believed that it would be valuable to have - as background material primarily for the group discussions - a description of the different penetrometers and the test procedures
utilized in various countries, of the methods used in the interpretation of the test results and the need of
standardization of different testing methods. National reports were prepared by 19 European countries
and 8 countries from outside Europe. All national reports followed the same outline: - geological background, - description of penetrometers used in each country, - test procedures, - interpretation and evaluation of test results, and - needs of future developments including standardization. In this way, it was
possible to obtain a comprehensive picture of the status of penetration testing at that time. State-of-theart reports were presented at the symposium by four general reporters, representing Scandinavia, Central
and Western Europe, Eastern Europe, and countries outside of Europe. The division into four groups
was made primarily because equipment and testing procedures used in the interpretation of the test results differed between the various regions. The group discussions were considered an important part of
the symposium. The following topics were chosen and divided into five discussion groups: 1) Planning
of site investigations 2) Standardization of penetrometers and future cooperation in Europe 3) Future de108

velopments 4) Interpretation of static penetration tests 5) Interpretation of dynamic penetration tests. The
results from the group discussions were presented on the last day of the symposium in connection with
the panel discussion. An important objective of ESOPT I was to promote the needs in standardization of
different penetration testing methods. Therefore, participating countries were invited to present their national standards or guidelines on penetration testing and/or to comment on existing standards used elsewhere. Contributions from 21 countries were received. General Reports, summaries of the group discussions and a listing of national standards were documented in Vol. 2:1. Accepted papers were published
after the conference in Vol. 2:2. The ESOPT I proceedings are available from the CPT’14 conference
website, thanks to the generosity of the Swedish Geotechnical Society (SGF). A field demonstration of
penetrometers used in different parts of the world was arranged on the second day of the symposium,
Fig. 7. Manufacturers of penetrometers, consulting and soil boring firms were invited to take part. An
area with variable soil conditions close to the conference venue had been selected for the field demonstration. Investigations by the Swedish weight and ram sounding methods and standard penetration tests
were carried out within the area in advance, as well as soil sampling. An exhibition on penetration testing was arranged just outside the conference hall. Research organizations, soil consultants and contractors had an opportunity to present new designs, examples of application of penetration testing and test
results from soil investigations.

Site of field demonstration

Penetration testing in action

Bengt B. Broms (right)

E. DeBeer (left)
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K. Senneseth and N. Janbu

E. deBeer, M. Fukuoka and A. Vesic

Figure 7. Field demonstration and participants at ESOPT I in Stockholm. (Photos K. Rainer Massarsch).

In hindsight, ESOPT I was a milestone in the development of penetration testing, and in particular
that of cone penetration testing. For the first time, a comprehensive document became available which
illustrated the practical application of different types of penetration tests. The information provided in
the ESOPT proceedings formed the basis for harmonization of interpretation methods and future standardization.
5 EVOLUTION OF MODERN CONE PENETRATION TESTING
5.1 The Role of ISSMFE/ISSMGE
The International Society for Soil Mechanics and Foundation Engineering (ISSMFE), through its
technical committees, has played an important role in promoting and developing the application of cone
penetration testing. At the 4th International Conference on Soil Mechanics and Foundation Engineering
in London in 1957 an ISSMGE Subcommittee on penetration testing was created for the purpose of
studying static and dynamic penetration tests with a view to their standardization. At that time, it was
not possible to reach an agreement within the committee on suitable standards for the different tests, particularly the standard penetration test (SPT). In Paris in 1961, Prof. M. Vargas, Brazil, then the chairman
of the Subcommittee on penetration testing, reported that the SPT, as it was used at that time, was far
from being a standard method and that the procedure to carry out the test varied between different countries. However, the Subcommittee felt that there was a real need for standardization of penetration testing methods and equipment, but could not agree on any recommendations.
The work of the Subcommittee was summarized in three reports. It was suggested that efforts should
continue on a regional basis. Subsequently, a European Subcommittee on Penetration Testing was appointed at the 6th International Conference in Montreal in 1965 with Dr. H. Zweck of Germany, as
chairman with the task to investigate the possibility of standardizing penetration testing methods commonly used in Europe.
In order to initiate and to stimulate the work on standardization and because of the rapid development
of penetration testing during the past years, Prof. B. B. Broms, then chairman of the national Swedish
Committee on Penetration Testing, offered to arrange a European symposium on penetration testing in
Stockholm. The proposal was discussed with Professor de Beer, Belgium, at that time ISSMFE Vice
President for Europe, during a visit to Stockholm in 1972. The proposed plan was approved with minor
modifications and the (first) European Symposium on Penetration Testing (ESOPT-I) was held in
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Stockholm in 1974. The stated aims of ESOPT I were: to document the use of penetration tests in soil
investigations in different countries, to outline areas where further research is desirable, to stimulate the
standardization of commonly used penetration testing methods, and to provide guidelines for future developments.
5.2 Emergence of Cone Penetration Testing from 1974
Since the first European Symposium on Penetration Testing, ESOPT I in 1974, major changes have taken place in civil and geotechnical engineering. Advanced numerical tools, such as Finite Element Analyses and other numerical methods have found increasing use in research but also for the solution of engineering problems. The reliability of numerical analyses depends to a large degree on the quality of
chosen input parameters. Cone penetration testing (CPT) is one of several geotechnical investigation
methods, which can provide information about strength and deformation parameters of soils, especially
in soils which cannot be sampled or are difficult to sample. In the early 1970s cone penetrometers were
rarely used in engineering practice in North America. During the early 1980s and thereafter, their use
grew rapidly and spread to many new areas of application. New areas of CPT application emerged for
the assessment of earthquake engineering problems (liquefaction susceptibility) and especially in offshore engineering.
It is interesting to note that the first application of penetrometers in space engineering was reported to
ESOPT I by Mitchell & Houston (1974).
On an international scale, penetration testing and in particular the CPT started to play a central role in
the planning, execution, and supervision of very large land reclamation projects, required for the construction of new airports, harbors, or industrial and residential facilities.
During the past decade, cone penetrometers, provided with new types of sensors, have become increasingly important in environmental engineering. This development has only started and further progress can be expected in the years to come. Table 2 lists a range of areas where cone penetration testing
is used today.
Table 2. Application of cone penetration testing in different technical disciplines (in alphabetical order).
• Archaeological investigations
• Earthquake engineering
• Environmental engineering
• Forensic studies
• Foundation engineering
• Land reclamation and ground improvement
• Military operations and transportation
• Mining and exploration
• Offshore and marine engineering
• Soil conservation and water regulation
• Space engineering
• Tunneling
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5.3 ISSMGE Technical Committees
Until 2006, ISSMGE sponsored two technical committees, focusing on geotechnical and geophysical
site characterization: TC 102, Ground Property Characterization from In-Situ Test - formerly TC 16 InSitu Testing and TC 10, Geophysical Site Characterization. In 2006, ISSMGE transferred seismic and
geophysical methods to TC 102/TC 16, with the task to cover all aspects of geotechnical and geophysical site characterization (GSC). The present chairman of TC 102 (up to September, 2013) is Prof. Paul
Mayne, USA and Vice Chairman is Prof. Antonio Viana da Fonseca, Portugal. TC Secretary is Roberto
Quental Coutinho, Brazil.
The objectives of TC 102 are to provide the geotechnical engineer (designer, contractor, owner or authority) - based on the results of field investigations - with sufficiently detailed information in order to
plan, design, construct and operate structures on or below the ground. Site characterization has become
one of the most important and rapidly developing areas of geotechnical engineering. One of the most
important accomplishments of the ISSMGE Technical Committees is the organization and successful
implementation of symposia, workshops, and conferences. TC 102 also operates a website where up-todate information is made available to the professions.
5.4 The James K. Mitchell Lecture Series
A special series of keynote lectures were established by TC 102/TC 16 circa 2002 in the name of Professor James K. Mitchell (Univ. of California Berkeley and Virginia Tech) who was an early leader in the
research areas of in-situ testing and site characterization, as well as other geotechnical topics involving
ground modification, geo-environmental concerns, micromechanics, geochemistry, and soil behavior.
TC 102 chooses a special lecturer every 2 years and the keynote address is presented at a major conference or symposium. The technical paper is published along with the proceedings. Including CPT’14,
there have been six JKM Lectures, as summarized in Table 3.
Table 3. List of James K. Mitchell Keynote Lecturers 2004 – 2014.
Year

Lecturer

Conference Presentation

2004

Hai-Sui Yu, Univ. of Nottingham, UK

ISC-2 (2004), Porto, Portugal

2006

Paul W. Mayne, Georgia Inst. Technology, USA

GeoShanghai (2006), China

2008

Dick Campanella, Univ. British Columbia, Canada

ISC-3 (2008), Taipei, Taiwan

2010

Tom Lunne, Norwegian Geotech. Inst., Norway

CPT'10, Huntington Beach, USA

2012

Peter K. Robertson, Gregg Drilling, USA

ISC-4 (2012), Pernambuco, Brazil

2014

Michele Jamiolkowski, Professor Emeritus, Technical University of Torino, Italy

CPT’14, Las Vegas, USA

6 STANDARDIZATION OF PENETRATION TESTING METHODS
International, regional and national standards and reference procedures have been developed with respect to penetration testing in general, and cone penetration testing in particular. This section summarizes the most widely used standards, prepared by International Society for Soil Mechanics and Geotechnical Engineering (ISSMGE), American standards institute (ASTM International) and the International
Organization for Standardization (ISO) in cooperation with the European Committee for Standardization
(CEN).
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6.1 ISSMFE/ISSMGE Reference Procedures on Penetration Testing
Following the discussions and reports at the European Symposium on Penetration Testing in Stockholm
in 1974, the European Subcommittee on Penetration Testing submitted its final report at the 9th ICSMFE
in Tokyo in 1977. The report also included reference procedures for the following penetration testing
methods: Cone Penetration Testing (CPT), Standard Penetration Test (SPT), Dynamic Probing (DP) and
Weight Sounding (WST). The proposal was approved by the ISSMFE Council with the recommendation
that these recommendations should also be used outside Europe.
At the 10th ICSMFE in Stockholm in 1981, the Committee repeated its recommendation that Papers
to international conferences or journals should include results from at least one recommended standard
penetration testing method. The Subcommittee also recommended Comparison between the different
recommended standard penetration methods should be made in different soils to facilitate the evaluation
of soil characteristics from different penetration testes.
Work on developing reference procedures for penetration testing continued within Technical Committee, TC 16 and the results were presented in Report of the ISSMFE Technical Committee on Penetration
Testing of Soils - TC 16, with International Reference Test Procedures (IRTP) for: CPT - SPT - DP WST. The following reference test procedures were published in the Proceedings of the International
Symposium on Penetration Testing – ISOPT 1, held in 1988:
Cone penetration test (CPT): International reference test procedure. De Beer, E.E,. Goelen, E.,
Heynen, W.J. & Joustra, K. International symposium on penetration testing, 1, ISOPT-1, Orlando,
March 1988. Proceedings, Vol. 1, 1988, pp. 27-51.
Standard penetration test (SPT): International reference test procedure. Decourt, L, Muromachi, T,
Nixon, I.K., Schmertmann, J.H., Thorburn, S., & Zolkov, E. International symposium on penetration
testing, 1, ISOPT-1, Orlando, March 1988. Proceedings, Vol. 1, 1988, pp. 3-26.
Dynamic probing (DP): International reference test procedure. Stefanoff, G, Sanglerat, G., Bergdahl,
U., & Melzer, K.J. International symposium on penetration testing, 1, ISOPT-1, Orlando, March 1988.
Proceedings, Vol. 1, 1988, pp. 53-70.
Weight sounding test, (WST): International reference test procedure Bergdahl, U, Broms, BB,
Muromachi, International symposium on penetration testing, 1, ISOPT-1, Orlando, March 1988. Proceedings, Vol. 1, 1988, pp. 71-90.
The IRTP for the CPT was updated to include CPTU by TC16 in 1999 and published in the Proceedings of 12th European Conf. on Soil Mechanics and Geotechnical Engineering, Amsterdam. TC 16 also
produced reports on the Pressuremeter in 1998 (ISC’98) and the DMT in 2001 (exist in, 2001).
As a supplement to the Reference test procedure for cone penetration testing, ISSMGE Technical
Committee 10, Geophysical Testing in Geotechnical Engineering prepared Guidelines for execution of
the seismic cone downhole test to measure shear wave velocity (SCPT). The document was presented at
the 16th ICSMGE in Osaka in 2005, Butcher et al. (2005) but never officially published. Therefore, this
document has been included in the proceedings of CPT’14. It provides guidance to practitioners and
procurers on downhole seismic wave measurement using a seismic cone penetrometer. This guideline is
a supplement to the International Reference Test Procedure (IRTP) for the electric Cone Penetration
Test (CPT) and the Cone Penetration Test with Pore pressure (CPTU). The guideline therefore follows
and should be used with the CPT IRTP.
6.2 Standards in United States of America
In the United States, the American Society for Testing and Materials (ASTM) has prepared standards for
different types of penetration tests. The following standards apply to cone penetration testing:
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ASTM, 2004, Standard Method of Deep Quasi-Static Cone and Friction-Cone Penetration Tests of
Soil; ASTM Standard D 3441, ASTM International, West Conshohocken, PA, 7 pp., and
ASTM, 2012, Standard Test Method for Performing Electronic Friction Cone and Piezocone Penetration Testing of Soils. ASTM D-5778, ASTM International, West Conshohocken, PA.
6.3 ISO and CEN Standards (Eurocodes)
The International Organization for Standardization (ISO) has prepared standards in cooperation with the
European Committee for Standardization (CEN). CEN members are bound to comply with the
CEN/CENELEC Internal Regulations, which stipulate the conditions for giving this European Standard
the status of a national standard without any alteration. European Standard are published in three official
versions (English, French and German). The following countries are CEN members: Austria, Belgium,
Bulgaria, Cyprus, Czech Republic, Denmark, Estonia, Finland, France, Germany, Greece, Hungary, Iceland, Ireland, Italy, Latvia, Lithuania, Luxembourg, Malta, Netherlands, Norway, Poland, Portugal, Romania, Slovakia, Slovenia, Spain, Sweden, Switzerland, the Former Yugoslav Republic of Macedonia,
Turkey and United Kingdom.
The first Eurocode 7 Working Group, in charge of drafting a European standard on geotechnical design, was created in 1981. It was composed of representatives of the National Societies for Geotechnical
Engineering of the 10 countries forming the European Community at that time. A model code for Eurocode 7 was submitted to the European Commission in 1987 – it was not actually published. This had just
one part. The next stage was the ENV, or trial, stage published by CEN, and it had 3 parts. The ENV
version of Part 1 was published by CEN in 1994 and the ENV versions of Parts 2 and 3 were published
by CEN in 1999. Details are given by Orr (2008), The Story of Eurocode 7 in Spirit of Krebs Ovesen
Session – Challenges in geotechnical engineering”. During the conversion phase, the two documents
were merged into the single document called Eurocode 7 Geotechnical design - Part 2: Ground investigation and testing. The formal positive vote was obtained in May 2006 and the document was published
in March 2007.
Eurocode 7, Part 2: deals with laboratory and field testing. It gives the essential requirements for the
equipment and test procedures, for the reporting and the presentation of results, for their interpretation
and, finally, for the derivation of values of geotechnical parameters for the design. It complements the
requirements of Part 1 in order to ensure a safe and economic geotechnical design. Eurocode 7 – Part 2
includes the following Sections:
Section 1 – General
Section 2 – Planning of ground investigations
Section 3 – Soil and rock sampling and groundwater measurements
Section 4 – Field tests in soils and rocks
Section 5 – Laboratory tests on soils and rocks
Section 6 – Ground investigation report
Eurocode, Part 2 includes the following field testing procedures: cone penetration tests, CPT(U); pressuremeter tests, PMT; rock dilatometer tests, RDT; standard penetration tests, SPT; dynamic penetration
tests, DPT; weight sounding tests, WST; field vane tests, FVT; flat dilatometer tests, DMT and plate
loading tests, PLT.
The following CEN/ISO standards are relevant for cone penetration testing:
EN ISO 22476-12:2009. Geotechnical investigation and testing - Field testing - Part 12: Mechanical
cone penetration test and
EN ISO 22476-1:2012. Geotechnical investigation and testing - Field testing - Part 1: Electrical cone
and piezocone penetration test.
The standard on CPT deals with equipment requirements, the execution of and reporting on electrical
cone and piezocone penetration tests as part of geotechnical investigation and testing according to EN
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1997‑1 and EN 1997‑2. Within the electrical cone and piezocone penetration test, two subcategories of
the cone penetration test are considered: electrical cone penetration test (CPT), which includes measurement of cone resistance and sleeve friction and piezocone test (CPTU), which is a cone penetration
test with the additional measurement of pore pressure. The CPTU is performed like a CPT with the
measurement of the pore pressure at one or several locations on the penetrometer surface.
EN ISO 22476-1:2012 specifies the following features: - type of cone penetration test; - application
class; - penetration length or penetration depth; - elevation of the ground surface or the underwater
ground surface at the location of the cone penetration tests with reference to a datum; - location of the
cone penetration test relative to a reproducible fixed location reference point; - pore pressure dissipation
tests.
7 CONFERENCES ON PENETRATION TESTING
A large number of conferences, symposia, meetings and workshops have been held since ESOPT I, in
addition to larger ISSMGE international and regional conferences. Table 4 lists conferences and symposia, held since 1974, where cone penetration testing was the main focus. These meetings addressed different aspects of cone penetration testing, but had often a broader scope than cone penetration testing. In
the Reference section of this paper, a comprehensive listing of conferences and symposia, covering different aspects of penetration testing and site characterization, is given.
In the following section, papers submitted to five international symposia/conferences on penetration
testing since 1974 have been compiled in a database and evaluated with the objective of discerning
trends and developments during the past 40 years:






European symposium on penetration testing, ESOPT I - 1974
European symposium on penetration testing, ESOPT II - 1982
International symposium on penetration testing, ISOPT 1 - 1988
Symposium on Cone Penetration Testing, CPT’95 - 1995
2nd International Symposium on Cone Penetration Testing, CPT’10 – 2010.

Table 4. International Conferences and Symposia addressing penetration testing held since 1974. For details, see
the Reference section of this paper.
Title

Location

Year

Reference

European symposium on penetration
testing, ESOPT I

Stockholm, Sweden

1974

June 5-7 1974. Swedish Geotechnical Society.

Cone penetration testing and experience

St. Louis, Missouri,
USA

1981

October 26-30, 1981, ASCE national convention.

European symposium on penetration
testing, ESOPT II

Amsterdam, Netherlands

1982

24-27 May 1982, Dutch Geotechnical Society.

International symposium on penetration
testing, ISOPT-1

Orlando, Florida,
USA

1988

20-24 March 1988.

Seminar on cone and pressuremeter testing

Sydney, Australia

1989

June 2, 1989 University of Sydney.

Pressuremeter, cone penetrometer, and
dilatometer for foundation design

College Station,
Texas, USA

1992

August 17-18, Texas A&M University.

Symposium on Cone Penetration Test-

Linköping, Sweden

1995

October 4-5, 1995, Sweden, Swedish Ge-
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ing, CPT’95

otechnical Society.

International Conference on Site Characterization, ISC-1

Atlanta, USA

1998

April 19-21, 1998, ISSMGE TC 16.

2nd International Conference on Site
Characterization, ISC-2

Porto, Portugal

2004

September 19-22, 2004, ISSMGE TC 16 and
TC 10, Portugal.

4th International Symposium on Deformation Characteristics of Geomaterials
IS-Atlanta 2008

Atlanta, USA

2008

September 22-24, 2008, Georgia Institute of
Technology, USA.

3rd International Conference On Site
Characterization, ISC-3

Taipei, Taiwan

2008

Taiwan 1-4 April, 2008.

2nd International Symposium on Cone
Penetration Testing, CPT’10

Huntington, California, USA

2010

May 9 – 11, 2010, California.

4th International Site Characterization,
ISC-4

Pernambuco, Brazil

2012

September 18-21, 2012, Brazil.

3rd International Symposium on Cone
Penetration Testing, CPT’14

Las Vegas, USA

2014

May 12-14, 2014, Nevada, USA.

All written contributions to these events have been classified as shown in Tables 5, 6 and 7, respectively.
Table 5. Categories of Site Investigation Methods
1. CPT

Cone Penetration Testing, including piezocone and seismic cone

2. DPT

Dynamic penetration test

3. SPT

Standard Penetration Test

4. WST

Swedish Weight Sounding

5. PT General

Other types of penetration tests, percussion, rotary etc.

6. SI General

Site investigation methods general, including pressuremeter and dilatometer

7. Other

Other in-situ methods (percussive, rotary methods)

All papers published were characterized according to their main topics according to the following
groups, shown in Table 6.
Table 6. Topics of Papers
Comparison

Comparison between different penetration testing methods

Equipment

Development and use of penetration testing equipment

Execution

Execution of penetration tests

Future

Future development in penetration testing

General

General topics of penetration testing and in-situ testing

Reports

Regional or national reports, state-of-art reports and summary of discussions etc.

Standardization

Standardization of penetration testing
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In order to evaluate trends with respect to the application of penetration testing, and cone penetration
testing in particular, all published papers were classified according to the following types of applications, shown in Table 7.

Table

7. Geotechnical Application of Penetration Testing Methods

Classification

Soil classification

Clay

Strength and deformation properties of fine-grained soils

Environmental

Solution of environmental problems

Hard soil

Penetration testing in hard soil and soft rock

Interpretation

Interpretation of results from penetration testing

Laboratory

Laboratory investigations and correlation with model tests

Piles

Assessment of liquefaction problems, seismic response etc.

Pore pressure

Pore pressure during penetration testing

Properties

Soil properties - general

Sand

Strength and deformation properties of sand

Seismic

Seismic testing and liquefaction problems

7.1 First European Symposium on Penetration Testing, ESOPT
In the proceedings of ESOPT I, 136 papers from 28 countries were published, as shown in Figure 8. For
clarification reference is made to Tables 5, 6 and 7. It is interesting to note the relatively even distribution of submissions, with the largest number of papers from France, Sweden and the USA. Figure 9
shows the distribution of papers addressing different penetration testing methods. The dominating topics
were cone penetration testing and the comparison of different types of penetration tests (PT). The category Other included the pressuremeter tests.
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Figure 8. Countries and number of papers published in the proceedings of ESOPT I, Stockholm, 1974. Total
number of published papers: 136.

Figure 9. Number of papers discussing different penetration testing methods, ESOPT I, Stockholm.
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Figure 10. Number of papers addressing different applications of penetration testing, ESOPT I, Stockholm.

Figure 10 shows the topics covered by the papers. As the objective of ESOPT I was to compile national and state-of-practice reports, this category dominates. The second largest number of papers addressed the interpretation of results from penetration testing. The third largest number of papers referred
to the execution of penetration testing.
7.2 European Symposium on Penetration Testing, ESOPT II
The total number of papers submitted to ESOPT II was 128, coming from 29 countries, cf. Fig. 11. As
the symposium was held in the Netherlands, contributions from this country dominate. The second largest number of contributions came from the UK (a significant increase from ESOPT), followed by the
USA and France, respectively.
The types of penetration testing methods covered by the papers in the proceedings are shown in Figure 12. Again, it is not surprising that the number of papers on cone penetration testing dominate. Similarly to ESOPT I, this symposium covered all types of penetration tests. The second largest number of
papers addressed the comparison of different types of penetration tests (PT). Papers on pressuremeter
tests are included in the group (Other).
The subject Determination of soil properties dominated the application of penetration testing, followed by a comparison of between different types of penetration tests, and the use for pile foundations.
Again, determination of strength properties of clay by penetration tests was a popular subject.
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Figure 11. Countries and number of papers published in the proceedings of ESOPT II. Total number of published
papers: 128.

Figure 12. Number of papers discussing different penetration testing methods, ESOPT II.
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Figure 13. Number of papers addressing different applications of penetration testing, ESOPT II.

7.3 International Symposium on Penetration Testing, ISOPT-1
The International Symposium on Penetration Testing, ISOPT-1 was held in held in the United States of
America in 1988. A total of 111 papers from 31 countries were included in the proceedings. The largest
number of contributions came from the host country, followed by Canada, Japan and the Netherlands.
Figure 15 shows the number of papers for different penetration testing and site investigation methods.
As the main subject of the symposium was explicitly cone penetration testing, it is not surprising that the
largest number of papers belonged to this category. The second largest group of papers addressed the
comparison of different types of penetration tests. It is interesting to note the increase of papers on the
dilatometer (DMT), which is not a genuine penetration test. This category has been included in the comparison as the DMT is often compared with penetration tests.
Figure 16 displays the distribution of how penetration tests have been applied. The largest number of
papers covered the determination of soil properties, followed by questions related to data interpretation.
Again, the third largest number of papers addressed the determination of properties in clay. Note that not
a single paper was concerned with geo-environmental problems.
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Figure 14. Countries and number of papers published in the proceedings of ISOPT-1. Total number of published
papers: 111.

Figure 15. Number of papers discussing different penetration testing methods, ISOPT-1.
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Figure 16. Number of papers addressing different applications of penetration testing, ISOPT-1 .

7.4 Symposium on Cone Penetration Testing, CPT’95
CPT’95 was again held in Sweden, more than 20 years after ESOPT I. The scope of the conference was
specifically devoted to cone penetration testing. A record number of 151 papers from 45 countries were
received, as shown in Fig. 17. The proceedings of CPT’95 are available from the CPT’14 website.
The USA had by then become the leading contributor of papers to the symposium with 30, followed
by a group of countries: Canada, Denmark, Japan, Russia, Sweden and the United Kingdom.
Figure 18 shows the distribution of papers addressing different penetration testing and site investigation methods. Of course, CPT dominated with more than 120 contributions. The second largest group
(PT) covered different aspects of penetration testing, and in particular the comparison of CPT and other
site investigation methods.
Figure 19 shows the distribution of papers addressing different applications of penetration testing. As
one important aspect of CPT’95 was to document the progress of cone penetration testing since ESOPT
I, emphasis was on national and regional reports. The second most important topic of papers was the determination of soil properties, followed by the developments of new equipment. Another popular topic
was the interpretation of CPT data with respect to soil properties.

123

Figure 17. Countries and number of papers published in the proceedings of CPT’95. Total number of published
papers: 151.

Figure 18. Number of papers discussing different penetration testing methods, CPT’95.
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Figure 19. Number of papers addressing different applications of penetration testing, CPT’95.

7.5 2nd International Symposium on Cone Penetration Testing, CPT’10
The most recent symposium on cone penetration testing, CPT’10 was held in Huntington Beach, California in 2010, fifteen years after CPT’95. The total number of papers was 140, submitted from 31 countries, cf. Figure 20.
Again, the largest number of papers was from the USA (41). Then follow papers from a large number
of countries from different parts of the world, including Australia, Brazil, Canada, Italy, Korea (!) and
Turkey.
Figure 21 shows the distribution of papers addressing different types of penetrometers. Naturally, the
largest number of papers was related to cone penetration testing, followed by a comparison between different types of penetration testing methods and the use of penetrometers in site investigation. Figure 22
shows the distribution of papers addressing different applications of penetration testing. Due to the fact
that the symposium attempted to compile national and regional developments, the largest number of papers falls into the category Reports. Again, the determination of soil properties from CPT is the second
largest category, followed by description and new developments of equipment.
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Figure 20. Countries and number of papers published in the proceedings of CPT’10. Total number of published
papers: 140.

Figure 21. Number of papers discussing different penetration testing methods, CPT’10.
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Figure 22. Number of papers addressing different applications of penetration testing, CPT’10.

8 TRENDS IN CPT APPLICATIONS DURING THE PAST 40 YEARS
The contents of papers published over a period of 40 years have been reviewed in the previous section.
The papers were classified according to Tables 6 and 7. As the first two symposia (ESOPT I and ESOPT
II) covered all types of penetration tests, it is not surprising that the number of papers related to CPT was
initially comparatively low and increased with time. However, from the previous section, a clear trend
can be seen regarding the increasing interest in symposia on penetration testing, with 100 to 150 papers
submitted to the respective events.
The compilation of subjects of papers submitted to the symposia over the past 40 years can only give
an approximate picture of the actual developments. The interest in the use of penetration tests for site investigation has steadily increased, which is not reflected in this summary. Also, other in-situ tests for
site investigation, such as the pressuremeter, the dilatometer and geophysical tests, play an important
role in geotechnical engineering, a fact which is not reflected in this summary. However, some interesting trends in the geotechnical industry can be detected.
Figure 23 illustrates the trend of different topics covered over the past 40 years. The largest number of
papers addressed general trends (Reports) with an aim to document regional and national developments.
Clearly, there appears to be a need for updated reviews of the state-of-practice of penetration testing, and
cone penetration testing in particular, while the need for comparison between different types of penetration testing methods appears to have declined. There is an increasing interest in the development of new
types of CPT equipment while the number of papers regarding the execution of penetration tests has decreased, most likely due to the introduction of standardized methods.
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Figure 23. Topics of Papers (Table 6) since ESOPT Stockholm, 1974.

Figure 24 shows the distribution of papers on different topics related to penetration testing. While initially, focus has been on the interpretation of CPT and other penetration testing methods, the largest interest appears to be on the determination of soil properties. Also, there has been a steady interest in soil
classification and the determination of the properties of clay soils. Another topic of great interest over
the past 40 years has been the application of penetration tests with respect to the design of piles. The
number of papers addressing seismic problems (liquefaction) has also increased. It should be pointed out
that an increasing number of papers has been related to geotechnical offshore engineering, but it has
been difficult to isolate this specific trend.
9 FUTURE TRENDS
After having presented the historic developments of penetration testing and describing the major trends
over the past 40 years, it is tempting also to look ahead and try to identify future trends. However, considering the many unforeseen developments in the past, it becomes increasingly difficult to make any
predictions. Still, an attempt will be made to identify future trends in penetration testing, being aware
that these will not stand the test of time and probably will miss several new important aspects. Assessing
future developments is of course made from a personal perspective. Future trends will be divided into
four main categories: equipment and execution of penetration testing; interpretation of test data; standardization; communication and information exchange.
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Figure 24. Geotechnical Application of Penetration Testing Methods (Table 7) since ESOPT Stockholm, 1974.

9.1 Equipment and Execution of Penetration Testing
If the past trend of equipment development and test execution continues, it is likely that cone penetrometers will become multi-purpose instruments applied to testing in different technical disciplines, c.f.
Table 2, for which new types of sensors will be incorporated. One example is the measurement of sound
during penetration testing (Villet et al., 1981, Tringale & Mitchell, 1982 and Massarsch, 1986). When
initially introduced in the mid 1970s, the volume of recorded data was too large to take advantage of the
high resolution of sound recordings (thousands of values per second/cm). Today, it is possible to record
and store large quantities of various acoustic signals (amplitude, frequency etc.) and to correlate these
with other parameters, soil type and/or soil properties.
Full-flow penetrometers and push-pull type methods, such as the Iskymeter, have a potential for combined penetration and extraction testing. This trend has started within the offshore industry but may well
spread to other areas of application.
Another positive trend, which is expected to continue, is the use of multiple testing methods, incorporated into one device. The seismic CPT (SCPT) is an example of such an application, where - in the
same test location – deformation properties of soils can be determined by different methods.
It is also likely that the rapid development in the electronic industry will have a profound impact on
penetration testing equipment. The accuracy of sensors is expected to increase and electronic equipment
will become more rugged and suitable for site applications. Also the cost of electronic components, such
as pressure or acoustic sensors, will decrease, making equipment more affordable. For instance, the price
of accelerometers has fallen dramatically with the incorporation of seismic sensors in the automotive industry (air bags) and the installation of accelerometers in computers and hand-held communication devices. To leave a sensor in the ground may become cheaper than recovering it, as is already the case in
seismic testing. This development may become even more important for field monitoring.
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The sensitivity of sensors and thus the accuracy of measured data will continue to improve, making
measurements possible also in difficult site conditions, independent of background noise or disturbance.
It is also envisaged that the transmission of measured data from the sensor (e.g. incorporated in the
cone tip) to the crew on the ground, and from there to any office world-wide, will make measured data
instantly available to experts located anywhere. Sensors may become increasingly intelligent, becoming
able to identify between multiple measured signals. The accuracy of sensors and thus that of measured
data will be enhanced, making measurements possible also in difficult site conditions, deep below sea
level or in urban areas, independent of background noise or disturbance.
9.2 Interpretation of Test Data
Past trends suggest that the interest in the interpretation of penetration test date will continue. The popularity of penetration testing will depend on its ability to relate measured data either to soil parameters
(stiffness, strength etc.) or directly to the performance of the ground (soil compaction) or geotechnical
structures (pile capacity etc.).
Another likely trend will be the development of knowledge bases for different penetration testing
methods, incorporating also probabilistic data interpretation models. Expert systems, which are widely
used in other scientific areas, have not yet made a major impact on geotechnical engineering.
The comparison of results from different penetration testing methods will offer new possibilities for
data interpretation and assessment of geotechnical parameters.
The computing power of even small hand-held devices will continue to increase, making it possible to
treat and evaluate large data quantities rapidly and to correlate these with other soil data.
9.3 Standardization
The most commonly used penetration testing methods have been standardized, for instance in the CEN
standards. Similar, though slightly different, standards or guidelines are used elsewhere. There is a continued need for integrating the different types of penetration tests (equipment specifications and test execution).
With the incorporation of new sensors in the cone penetrometer and the introduction of new measuring systems, there will be a need for future standardization or harmonization.
9.4 Communication and Information Exchange
It is interesting to note that at the time of ESOPT I (1974), the facsimile machine (fax) did not yet exist!
With the introduction of the fax, it became possible to transmit drawings and sketches. Even more important developments were the introduction of cellular phones and the PC. The internet – and access to
the World Wide Web - have fundamentally changed the ways of social and professional communication.
At CPT’95, all submitted abstracts and papers were published on a password-protected website and
the contents made accessible to symposium participants. Although in its infancy, the symposium website
made it possible to discuss with the authors the contents of papers in advance of the symposium. One
session of CPT’95 was devoted to the demonstration of how the internet could be used in the future for
engineering applications. But even the most visionary person could not have envisaged the actual developments which have taken place during the past 20 years.
Following CPT’95, a research project was started at the Royal Institute of Technology (KTH) with
the objective of publishing a book on pile installation methods on the internet. Due to the instant success
of this (now perceived as) relatively simple web application, Geoforum.com was started
(www.geoforum.com), into which PileInfo was incorporated.
One of the most comprehensive geotechnical information systems is SGI Line (www.swedgeo.se),
developed and operated by the Swedish Geotechnical Institute (SGI).
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An important issue, recognized by the ISSMGE, is copyright to published information. ISSMGE has
adopted a policy whereby the author gives exclusive publishing rights but retains copyright. This will allow the author to post publications on his website. Recognizing the importance of free information dissemination, several personal websites (google for example: either Campanella; Fellenius; Mayne; In situ
GeoLinks; or Robertson, etc.) and public websites provide free access to published information (papers,
reports etc.).
ISSMGE and other professional organizations publish technical articles which are accessible free of
charge, such as SGI Line or the GeoEngineer: International Journal of Geoengineering Case Histories.
ISSMGE Technical Committees and others are offering short courses (Webinars) on the internet,
which can be a powerful tool of information dissemination, especially in countries where access to higher education still is limited.
In spite of the increasing number of communication channels, it is obvious that the need for personal
meetings and direct exchange of information and opinion will remain an important aspect of professional interaction. Participation of individuals in workshops, symposia or conferences will remain one of the
most important aspects of scientific and social communication.
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update
M. Jamiolkowski
Technical University of Torino, Italy

ABSTRACT: The paper describes the geotechnical characterization of the copper tailings at one of the
world’s largest tailings disposal, located at Zelazny Most, Poland. The paper covers the work carried
out, over two decades, by the International Board of Expert assigned to oversee the in-situ and
laboratory investigations of the tailings. Considering the difficulties to obtain undisturbed samples of
silts and fine silty sands, major efforts have been devoted to in-situ methods such as S-CPTU, S-DMT
and cross-hole tests. They have allowed determining the in situ state of the tailings as well as
establishing the position of the saturation line in tailings and estimating, through empirical methods,
their susceptibility to flow failure. The results of in-situ testing have been corroborated by the
undrained triaxial tests on undisturbed specimens of the tailings retrieved from the exploratory pits
excavated on the disposal beaches. Only recently the undisturbed sampling at depth, exceeding thirty
meters, has been carried out using the Gel-Push sampler, newly developed by Japanese Kiso-Jiban Ltd,
which provides to retrieve high quality undisturbed samples of tailings. Their preliminary laboratory
tests results are also anticipated.

1. INTRODUCTION
The paper summarizes over twenty years of activity in the use of in-situ testing combined with
laboratory tests for the characterization and the monitoring of the KGHM * Zelazny Most (ZM) copper
tailings disposal located in South-West Poland (Fig.1).
The ZM disposal, one of the world’s largest facility of this type, covers an area of 12.4 km 2, and the
ring-dam (Fig.2) confining the tailings, has a total length of 14.3 km. The height of the ring-dam
currently ranges between 34m and 63m as shown in Fig.3.
The deposition of the waste mineral material started in 1977 and currently the volume of tailings
already stored has approached 528x106m3.
The operation of the ZM disposal is planned to continue until the exhaustion of the ore body,
expected in 2042, when the total volume of the tailings stored will reach ≈1x107m3.
_____________
* Polish Acronym for Copper Mine and Mill Company

Figure 1. Location of the Zelazny Most depository.

Figure 2. Aerial view of the Zelazny Most depository.

Figure 3. Dam height and crest elevation - Updated at December 2013.

The ZM dams confining tailings are being raised through upstream method, Fig.4, [Vicks (1983),
Carrier (2003)]; their shell has been built using coarser tailings, separated from slimes by spigotting.
Ever since, the dam crest has been raised at a rate of 1 to 1.5 m/yr, maintaining an average of
downstream slope of 3.5 horizontal to 1 vertical. Furthermore, the distance from the dam crest to the
pond edge, the beach, has been kept at a distance not less than 200m. Moreover, to maintain the
phreatic surface beneath the beach as low as possible, as the dam was raised as well as the toe drain,
four levels of circumferential drains were installed in the shell, see Fig.5. This procedure will be
maintained throughout the further raising of the ring-dam which at present has reached an elevation of
≈177m asl. and by the end of the planned operation period will approach 214m asl.

Figure 4. Ring Dam - Schematic cross-section.

Figure 5. Ring Dam - Circumferential drains.

In Fig.6. are shown the plan view of the disposal, together with six geodetic cross-sections selected
among 85. The figure reports also the confining dam heights, which because of a saddle-shaped
original ground configuration, determine that eastern and western portions of dam are higher than
northern and southern ones. Despite the conservative construction method adopted in raising the
confining dams, a further development of the ZM disposal is linked to a number of geotechnical
hazards of which the flow failure is the one closely related to the theme of this lecture.
Although not pertaining to the topic dealt with, it is mandatory to mention also the threats for the
ring dam deriving from the Pleistocene history during which the ice sheets ≈1km tick over rode at least
three times the ZM area. The advancements of the ice sheets and their subsequent melting, have
generated in the foundation high plasticity clay, the presence of glacio-tectonic shear surfaces
extending to the depth up to 100m, on which the available shear strength is close or at that residual (7°
≤τ’ ≤10°) [Jamiolkowski (2013), Jamiolkowski et al (2010)]. The presence of these pre-established
sub-horizontal shear surfaces is the cause for the observed continuing relevant horizontal displacements
of some portions of the ring-dam, controlling de facto its stability.

Figure 6. Tailing disposal plan view, selected geodetic cross-sections.

Last but not least, the area of the disposal is subject to a moderate mining induced seismicity that has
modestly affected the ring-dam design and construction.
Considering the geotechnical hazards involved, the dimensions and the extent of the ZM disposal,
the complexity of the geological and geotechnical settings, as well as the planned life times, KGHM,
on the World Bank recommendations appointed, in 1992, a four-member International Board of Experts
(IBE): Dr. David Carrier (USA), Prof. Richard Chandler (UK), Prof. K. Hoeg (Norway), Prof. Michele
Jamiolkowski (Italy). The IBE was assigned with the task, in cooperation with the Polish Geotechnical
Expert (PGE), Prof. Wojciech Wolski, of overseeing the safe development of the tailings dam by
applying the observational method [Peck (1969, 1980)].
Within the frame of this “living” project, whose overall operation will last over 70 years; this lecture
will illustrate the experimental procedures adopted for the geotechnical characterization of ZM tailings
focusing on the flow failure hazard.
2. GEOTECHNICAL CHARACTERIZATION OF TAILINGS
IBE, since their involvement in the ZM project, as a routine for all tailings dams, in 1992 devoted
special attention to the geotechnical characterization of tailings focusing particularly on their
susceptibility to flow failure, [Castro (1969, Mitchell (1976) (2008), Ishihara (1993), Liu and Mitchell
(2006) Robertson et al (1995), Salgado et al (1997), (Jefferies and Been (2006)].
The coarser tailings from the two KGHM mines (Rudna and Lubin) used to raise the ring-dam, are
deposited by spigotting on the beaches of the confining dams, whilst the much finer tailings from the
third mine (Polkowice) are discharged hydraulically directly in the pond. The range of the particles size
distribution of coarser tailings has been investigated by Lipinski (1998, 2000) and is shown in Fig.7,
together with their mineralogical composition and the range of specific gravity, G s.

Figure 7. Range of tailings grading and mineralogical composition - Lipinski (2000, 2012).

The plasticity index (PI) of the tailings used to raise the ring-dam, generally, does not exceed 15%.
Overall, the spatial variability of the tailings grading is larger than what can be inferred from Fig.6,
especially at larger depths when moving closer to the pond, the fines content (FC) tends to increase as a
consequence of the deposition method (by spigotting) and the upstream construction method.
This latter causing the reduction of the spigotting pipe distance from the pond as the dam height
increases, thus affecting the distribution of FC with depth. Because of the difficulty to obtain
undisturbed samples of tailings, in-situ tests have played a crucial role in the characterization of ZM
tailings, mainly with reference to the following issues:
- Spatial variability.
- Position of the saturation surface in tailings.
- Assessment via empirical correlations, the in situ state of tailings and their susceptibility to flow
failure.
With these objectives in mind, in the last two decades, a large number of in situ tests have been carried
out including: CPT, CPTU, S-CPTU, S-DMT, down-hole (DHT) and cross-hole (CHT) tests.
As an example Fig.8 displays the cone resistance (q c) at a different distance from the West dams
crest. Fig.9 reports the penetration pore pressure measured in four out of six CPT’s shown in the
previous figure. It emerges that in spite of the pronounced spatial variability of tailings as the fines
content is concerned the cone penetration occurs under almost completely drained conditions,
generating a random distribution of excess pore pressure in thin seems/layers silty or clayey silts.

Figure 8. West Dam – Example of static cone resistance profiles.

Figure 9. West Dam - Penetration pore pressure from CPTU.

As to in-situ tests, the most relevant efforts were devoted to carry out several S-CPTU and S-DMT’s,
and, more important, following a properly devised procedure* [Jamiolkowski (2012), Callerio (2013)],
some high quality CHT’s whose salient features were:
- Quality of the grouted plastic casing checked by the seismic logging.
- Holes survey in terms of deviation from vertical and the related azimuth, checked repeatedly three
times, top-down and bottom-up respectively.
- Compression (Vp) and shear (Vs) waves generated and measured separately:
- P-wave: source→sparker, receivers→ hydrophones
- S-wave: source→electric, energizer, source→geophones
- Accurate digital trigger delay control: ≈0.07ms for Vp and ≈0.2ms for Vs.
- Statistical assessment of the V p and Vs based on the 10 repetition of the every measure.
First to be described are the CHT’s, which allow, throughout periodic checks, monitoring the
location of phreatic surface and its modification with the raise of the dam height due to the extreme
sensitivity of Vp to even minor deviation of a soil from full saturation. [Ishihara et al (1998, 2004),
Kokusho (2000), Tsukamoto (2001), Nakazawa et al (2004), Valle Molina (2006), Takahashi et al
(2006), Valle Molina and Stokoe (2012)].
This approach has been implemented at ZM, since 1993. Figs.10 through 12, report the most recent
series of CHT’s, carried out in 2011 on the East, North and West portions of the ring-dam. Considering
that the compression wave velocity in water is ≈1450ms, the Vp becomes a very accurate highlighter to
distinguish fully saturated from near to saturated tailings. For further details please refer to the
following references: Ishihara et al (1998, 2004), Kokusho (2000), Tsukamoto (2001), Nakazawa et al
(2004),Valle Molina (2006), Takahashi et al (2006), Valle Molina and Stokoe (2012).
What can be inferred from Figs 10 to 12 is that thanks to the effectiveness of the drainage
implemented by the KGHM on the depository, the position of the saturation surface, especially closer
to the dam crest, is maintained well beneath the beach level.
Moreover, as shown in Figs.11 and 12, the measured V p, allows to single out the presence of a
number of perched water level horizons which, based on piezometers readings, can be difficult to detect
in a complex ground water regime of such a large disposal as ZM is. Table 1 summarizes the
monitoring of said surface from 1997 to 2011 confirming, overall, the steady situation of the saturation
in spite of the dam height increase, reassuring as to a possible hazard of flow failure. Although not
strictly pertinent to the issue of static liquefaction, Fig.13 illustrates an example of the beneficial effects
that the near to saturated state has on the cyclic resistance ratio (CRR) of Toyoura sand as compared to
those in the same fully saturated sand.
The near to saturation state of tailings, jointly with the V s values measured in the CHT’s have
attenuated, to some extent, the concern about their susceptibility to flow failure.
The CHT’s results were corroborated by the V s measured in the many S-CPT and S-DMT carried
out by Tschuschke et al (2012).

_______________________
(*) procedure steered to attempt assessing the void ratio in-situ of fully saturated tailings according to
Foti et al (2002) requiring high precision V p and Vs measures, see Fig. 24.

Table 1. Monitoring of saturation line in tailings by Vp measurements - Updated at October 2011.

Figure 10. East Dam - Location of saturation line from Vp measurements.

Figure 11. North Dam - Location of saturation line from Vp measurements.

Figure 12. West Dam - Location of saturation line from Vp measurements.

Figure 13. Effect of partial saturation on the cyclic resistance ratio (CRR) of Toyoura sand - Ishihara et al (1998),
Tsukamoto et al (2001).

The cross-sections in Figs.14 and 15 summarize the results of all V s measurements yielded by different
testing methods carried out during 2010 and 2011 on the East and North dams.
The same figures report also the values of the shear wave velocities normalized with respect to the
ambient effective stress (Vs1) by means of the following formula:
(1)
being:
pa = reference stress, 98.1 kPa
σ’vo = vertical effective overburden stress
σ’ho = corresponding horizontal effective stress, assuming the coeff. of earth pressure at rest K o = 0.5
n = exponent = 0.25
To evaluate the geostatic effective stresses used in the normalization of shear waves velocity, reference
was made to the position of the saturation line inferred from the V p= measured in cross-holes.
The exam of the data shown in Figs.14 and 15, yields quite a consistent picture as to the comparison
of Vs values as obtained from different kinds of tests. On the contrary as to cyclic liquefaction [Andrus
and Stokoe (2000), Andrus et al (2004)], there are relatively limited case records attempting the
empirical correlation of V s1 with respect to the state parameter [Been and Jefferies (1985), Robertson
(2010)] whose values control the susceptibility of sands and silty sands to flow failure. The above two
figures give quite a satisfactory picture, at least from a qualitative point of view, as far as to tailings
state in situ. Most importantly, the tailings for the relevant distances from the dam crest, appear through
the relevant depths, near to saturated state affecting positively their susceptibility to flow failure.
Moreover, postulating the tailings full saturation over their entire thickness, the computed V s1 ,
shown in Figs 14 and 15, in most cases exceeds 160m/s considered the threshold above which the flow
failure for clean unaged sands is considered unlikely [Robertson et al (1995)].
As it will be discussed in the next section, the laboratory tests on undisturbed samples of tailings
confirm the feature emerged from in-situ tests.

Figure 14. Est Dam - Shear waves velocity profile.

Figure 15. North Dam - Shear waves velocity profile.

2.2 Laboratory Tests
Since late nineties the “undisturbed” sampling of tailings have been attempted in hand-dug pits located
on the beach at varying dam crest distances [Dyvik (1998) and Lipinski (1998)]. Thin-wall stainless
cylinders with the sharp cutting edge, 70mm in diameter and 140mm in height, were pushed in the trial
pits, see Fig. 16 at depths ranging from 1 to 3 meters.
The samples were sent to the geotechnical laboratories and, after saturation, were subject to a
consolidation in Ko-conditions undrained monotonic triaxial compression in loading tests (TX-CK oUC).
Although the adopted sampling method does not totally guarantee undisturbed specimens, they
showed a very different behavior of the tailings during undrained shearing from what obtained on
reconstituted specimens.
Most “undisturbed” specimens initially exhibited a contractive behavior passing through the phase
of transformation threshold [Ishihara et al (1975), Ishihara (1993)] then disclosing continuous dilation
towards the critical state. On the contrary, all the specimens reconstituted at the same void ratio and
consolidated under the same ambient stresses of those “undisturbed”, exhibited a flow collapse or an
undrained residual shear strength sur normalized with respect to σ’vo lower than 0.2. Fig. 17 compares
the behavior of one “undisturbed” and reconstituted specimens of ZM tailings as obtained by Dyvik
(1998).
Moreover, as shown by Dyvik (1998), not only the strength of the undisturbed specimens is greater
than the reconstituted ones, but also that the values of the shear modulus at very small strain G o, are
constantly higher, see Table 2 proving that the sampling procedure, at least partially, has preserved the
in-situ soil fabric of tailings.
The undrained shear strength spt of a series of the “undisturbed” tailings specimens, at the phase
transformation threshold, as obtained from TX-CK oU-C compression tests is shown in Fig. 18.
Finally, as regards samples retrieved from the pits excavated on the beach, Fig. 19 reports the
histogram, subdivided according to different values of the axial consolidation stress σ’a, all the TXCKoU-C compression tests were completed in 2012 by Lipinski.
The obtained results are categorized according to three possible modes of behavior during undrained
monotonic shearing [Robertson (1994), Ishihara (1993), Jefferies and Been (2006), Rahman et al
(2014)]. The figure confirms the barely susceptibility of the tested tailings to flow failure under the
effective axial stress up to 1MPa, even when fully saturated.

Figure 16. Sampling of tailings from the beach. Geoteko, Warsaw (2011).

Figure 17. TX-CK0-C tests on undisturbed and reconstituted tailings specimens - Dyvik (1998).
Table 2. Undrained triaxial tests results on saturated tailings - Dyvik (1998).

Figure 18. Undrained strength of undisturbed tailings - Adapted after Lipinski (2012).

Figure 19. Histogram of the undrained triaxial tests results - Adapted after Lipinski (2012).

In the second half of 2013, KGHM decided to make a step towards a more rigorous evaluation of
the flow liquefaction hazard referring to the extreme future scenario and implying the possibility that
the tailings might become fully saturated with the dam crest elevation at 195m asl and with the
presence of the tailings paste cone at elevation 212m asl.
With such a challenging scenario in mind it was decided to proceed with trials of the tailings
undisturbed sampling employing the Gel-Push Sampler (GPS) developed in Japan by the Kiso-Jiban
Consultants Company Ltd. under the guidance of Prof. K. Ishihara. The sampler consists in a doubletube rotary core barrels which during drilling allows the injection, between the cut sample and the
sampler liner, of a polymer solution (lubrificant), concurrently with sampler advancement.
The sampler up to the writer’s knowledge is the only tool that allows retrieving undisturbed samples
of silty sands and sandy silts geomaterials in which the freezing technique is not applicable. Despite the
complexity of the problems involved in preserving the quality of samples during their transportation
and handling to the laboratory, there are examples of successful applications of this technique in Japan,
Taiwan and New Zealand, see for example Huang and Huang (2007), Huang et al (2008), Taylor et al
(2012).
The first sampling trials completed in February 2014 have allowed retrieving 36 samples from
depth ranging between 2 and 53 meters which are being presently tested in the Geoteko Ltd (Warsaw)
and Polish Academy of Science (Gdansk) geotechnical laboratories.
Thus in the following some preliminary results are anticipated while final results of the sampling
campaign will be available during the second half of 2014. Fig. 20 gives the variation with depth of:
FC, bulk density (t) and in situ void ratio (e o) measured on the undisturbed samples retrieved at the
location of CHT 4-5 on the East dam. Being the location quite far (≈400m) from the dam crest, the
coarser tailings (fine silty sand) used to raise the dam shell, are encountered at a depth not exceeding 15
meters.
To make the readers aware of the difficulties involved in sampling and testing the ZM tailings in
laboratory, might be helpful, see Fig. 21, two, not necessarily extreme, cases of the stratification
encountered in the GP-Tr undisturbed samples.

Figure 20. Index properties of ZM tailings of G-P samples.

Figure 21. Variability of undisturbed cores retrieved using G-P Tr sampler.

The sample retrieved from a depth of 5.5m, that can defined as “homogeneous”, is similar to the
samples taken from the pits excavated on the beaches. The sample taken at a depth of 15.5m, results
much more heterogeneous, contains clayey soils and is typical of those encountered at larger depths see
Fig.20.
In the following are anticipated the available preliminary results of the tests carried out on GPS;
when appropriate they are compared with those obtained on “undisturbed” samples retrieved from the
pits excavated on the beaches, reported in Figs.16 through 19.
Table 3 shows some index properties obtained on “undisturbed” samples of silty sands taken from
the pits excavated on the beaches at different distances from the dam crest. They can be compared
against those from testing similar soils retrieved by means GPS and reported in Table 4.
Table 3. East dam - Tailings samples from trial pits: summary of index properties.

Table 4. East dam - Tailings retrieved using G-P sampler: summary of index properties.

The quality of GPS can be estimated comparing the V s1 measured in laboratory using bender
elements and those resulting from the neighboring CHT 4-5. The estimate is attempted in Fig. 22 that
reports the Vs and Vs1 resulting from crosshole-tests as well as the V s1 measured in laboratory. The
figure indicates a satisfactory quality of the GPS samples except for two of them located at the depth of
39.5 and 46m, respectively.
Fig.23 presents the results of TX-CKoU-C on a specimen from GPS having grain size distribution
similar to the ”undisturbed” specimens retrieved from pits on the beaches and representative of the
material used to build the dam shell. As it can be inferred the tested specimens exhibit a dilative
response from the beginning of the shearing stage.

Figure 22. East Dam - Comparison V s1(F) vs. Vs1(L)*. (*) Laboratory bender element tests. Geoteko, Warsaw
(2014).

Figure 23. TX-CK0U-C tests on undisturbed G-P specimen.

Last but not least, it was attempted to compare the e o computed using the formula by Foti et al (2002),
against the results obtained with e o measured in laboratory on GPS specimens, see Fig. 24.
The data reported in this figure show that the values of the computed e o , on the whole, match with
those obtained on GPS specimens despite their pronounced homogeneity.

(2)
where:
s
f
Bf
s

=
=
=
=

soil particles mass density
pore fluid mass density
bulk modulus of pore fluid
Poisson ratio of soil skeleton

Figure 24. Void ratio of G-P samples and computed from CHT, according to Foti et al (2002).

3. CLOSING REMARKS
The paper summarizes the results of in-situ and laboratory tests carried out in the last two decades to
characterize the copper tailings stored at ZM depository. Considering that the ore extraction is planned
to last for at least the next forty years, KGHM will continue the characterization of tailings using
different methods, thus this paper is to be considered more as a progress report, subject to future
updates.
Based on the data here reported, the following tentative conclusions can be drawn as regards the
present status of tailings characterization.
Because of the difficulties faced, until a few years ago, to obtain undisturbed silty sand and low
plasticity sandy silt samples, for the ZM tailings characterization in-situ tests were mainly employed.
Of them, a crucial role was played by the CHT’s, permitting to ascertain that within the dam shell
the tailings are in a near to saturate state which extends to the relevant depths. This information is
relevant when assessing their susceptibility to liquefaction and to cyclic mobility.
In the meantime, the shear wave velocity measured using three different methods (CHT’s, S-DMT’s,
S-CPTU’s) when normalized with respect to the ambient effective stresses as well as the measured
cone resistance, provided useful information for the semi-empirical evaluation of the tailings in situ and
their tendency to be exposed to liquefaction phenomena.
As to the laboratory tests, except for some preliminary results regarding the very recent application
of the GPS to obtain undisturbed tailings at depth, the previous laboratory tests were restricted to assess
the index properties tests and to carry out the TX-CK oU-C tests on “undisturbed” specimens taken from
the pits dug out on the beaches. Surprisingly, in spite of the sampling method adopted, the
“undisturbed” specimens exhibited very different behavior during undrained shearing from what
obtained on reconstituted specimens. This example, once more, confirms that even for such recent
deposits as the tailings, the effect soil fabric can play an important role as its stress-strain and strength
properties are concerned. Based on the experience gained so far at ZM, despite some difficulties
involved in the transportation and handling of the samples in laboratory, the undisturbed sampling
carried out using GPS led to results indicative of the good quality of most tested specimens.
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Session Report 1b. Equipment and Procedures
Andy Barwise
Gardline Geosciences, Great Yarmouth, UK

ABSTRACT: This session report focuses on the papers that discuss new trends and emerging procedures
and techniques. These trends either have the aim of providing additional information from the tests performed and optimising the site investigation, or focusing on the accuracy and repeatability of measurements to increase our confidence in acquired data for engineering purposes.

1 INTRODUCTION
This report provides an overview of the 15 papers presented to the Symposium under the theme of
equipment and procedures. One of the key themes to come out of these sessions is the effort to improve
the accuracy and reliability of the sleeve friction measurements. It is perhaps surprising, given the focus
of themes from CPT10 with regards to seismic measurements and, given the events around the world
since 2010 that have developed new areas for the CPT and post earthquake liquefaction assessments
(which are ideally suited to the measurement of the dynamic properties of the soil by means of seismic
cone), that there are not more papers discussing developments of new seismic equipment.
The papers can be broken down into three main themes; the main findings and areas of discussion are
presented in the following three sections:

1.
2.
3.

Accuracy and Repeatability
New Equipment
Improved equipment

2 ACCURACY AND REPEATABILITY
The utilisation of the CPT still continues to grow around the world. It has for many years been the
mainstay of marine site investigations, but has battled for dominance onshore with the humble “SPT”.
There are many reasons for this amongst others; cost, availability, knowledge and technical knowhow.
We are all aware of the factors that can cause concerns on the accuracy and repeatability of the “SPT”;
weight of hammer, hammer drop length, velocity of drop and rusted hammer, weight of rods, length of
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rod string, and energy correction. The list goes on but the “N” value is widely accepted in many instances without reference of reporting of many of the factors that affect accuracy.
The CPT is often seen as the “Holy Grail” of site investigation providing a benchmark for accuracy in
parameter selection. However, just as there are areas of uncertainty in the simple “SPT” test, just because the CPT is an electronic device does not mean that accuracy should be treated any differently.
The black box view of data output giving accurate and repeatable results must be questioned. The scientific premise of improvement through questioning has led to a historic improvement in CPT design and
practice throughout the last 50 years.
J Peuchen and J Terwindt in their keynote paper Introduction to CPT Accuracy present a very useful
Table on the historical notes on CPT Standardisation – with a focus on accuracy. This table details findings from 1968 to the current day. The definition of CPT accuracy in standards can be considered in
terms of ISO – 22476-1 and ASTM D5578 and these are discussed in the keynote paper by J Peuchen
and J Terwindt. They also lead on to define accuracy as requiring a digression in Metrology and present
in Table 5 the “International vocabulary of metrology” JCGM (2012). It is worth stating here the definition:Accuracy, closeness of agreement between a measured quantity value and a true quantity value of
a measurand.
This is a very detailed paper and covers areas of possible inaccuracy in CPT testing practice. The areas covered in detail range from the actual cone geometry and cone wear through to the measuring
range, temperature sensitivity and physical corrections such as inclination, spatial position, actual penetration depth and penetration rates. The overall accuracy can be a summation of all the potential sources
of error and the potential for a large collective error can mean that the theoretical possibility of achieving the higher accuracy classes of testing can be hard to achieve and illustrates the difficulty in demonstrating compliance with ISO 22476-1. The significant epistemic uncertainty is the principle reason for
the situation and the prediction models for both temperature and measurement error account for this.
However it is considered in practice that the accuracy is significantly better than calculated – assuming
good practice, calibration, training and high quality probes and acquisition systems are used. It’s clear
the potential to acquire highly accurate data is available, but a lot depends on good practice.
Within the Session 1 papers the most common theme for papers was with regards to the measurement
of sleeve friction and this subject links well with the topics of accuracy and reliability, standards and
new and improved equipment. It appears to be a common understanding that sleeve friction is the most
unreliable measurement from the cone, but it’s a very important measurement and efforts are clearly underway around the world to investigate and improve measurement accuracy. Once a way forward is
found it would be best to try and encompass these improvements into the standards so it becomes global
practice.
Cabal and Robertson present a paper looking at the accuracy and reliability of CPT friction sleeve
measurements and Holtringer Thorp and Hoskin present findings of the effect of the friction sleeve diameter on the friction measurements. In both of these papers the effect of the geometry of the friction
sleeve is discussed. Lunne and Anderson (2007) suggest the lack of accuracy in friction measurements
can be attributed to pore pressure effects on the end of the sleeves, geometrical tolerances, surface
roughness and load cell design and calibration. Taking the items that should be straightforward to
standardise; the geometry and steel roughness, it would appear that these do have a significant effect on
the results obtained. The standards (ASTM and IRTP) provide a dimensional tolerance such that the
sleeve can have a diameter up to 0.35mm larger than the tip.
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Due to issues discussed in the paper by Santos, Barwise and Alexander about the errors in measurement and calibration of friction sleeve data, many manufacturers make cones within the standards tolerance but with the friction sleeve larger than the cone tip. This ensures that the sleeve does not show
negative or zero values due to the additional end bearing component on the larger diameter of the sleeve.
This does not however provide consistent results and with the wear of the friction sleeve, especially apparent in very dense granular material, the end bearing element can vary through a day’s work in these
materials.
Cabel and Robertson present an excellent graphical explanation of this by testing a soil with a same
sized friction sleeve and on oversized (but still in the standard) sleeve. When this data (see Figure 1) is
presented on a soil behaviour (SBT) chart it can be seen that the most common use of friction measurements to define soil type can vary greatly for the same soil with different cone geometry. The change
in geometry changes the SBT from 3 (clay) to 2 (organic soil). Aside from cone resistance based parameter selection for strength, the misinterpretation of a soil as ‘organic’ can set designers’ alarm bells
ringing with concerns of high consolidation potential.

Figure 1 Effect sleeve friction diameter on soil behaviour type (After Cabal and Robertson, 2014)
The accuracy and reliability of sleeve friction measurement was also discussed by Ryzhov and Isaev
in relation to practice in Russia (GOST). This paper discussed the topic that in general international
practice the friction measurement is rarely used in an independent parameter, but used as a function of
friction ratio. In Russia the practice is different and more use of the friction measurement is used in geotechnical practice and thus the use varies from international practice. With the push by the oil and gas
industry towards the arctic environs it’s interesting to look at the GOST methodology and research dealing with friction measurements in low temperature soils, frozen clays and collapsible soils. The GOST
standard also details differing penetration rates for frozen soils and a velocity factor on friction fsv so da137

ta can be corrected if required. This practice is also discussed by Isaev in the paper on new standards for
CPT for soils in Russia. This reiterates the fact that in Russian practice the unit sleeve friction resistance
is used for determining unit pile side bearing capacity and also soil properties such as liquidity index.
Using the friction measurement for direct pile bearing capacity does reinforce the push to obtaining
greater reliability and accuracy in this parameter. It is also of interest to note that the paper by Colonel
Volkov in St Petersburg in 1836 describes manual probes that local builders were quite well aware of at
the time and perhaps could lead to Colonel Volkov having the title of “Original Conehead”. The development of the new GOST 19912-2012 is interesting to study again due to its sections that cover relaxation-creep test, quasi-static tests and the new section “ CPT based analysis of soil mechanical properties
and pile foot bearing capacity in permafrost ground”.
In a more academic look at friction as a parameter Martinez and Frost discuss the research and development of a multi sleeve device that seeks to improve soil characterisation and pile design using a
CPT with axial and torsional loading capabilities. This study has also involved laboratory interface shear
tests on friction sleeves of varying roughness.

3 NEW EQUIPMENT
Whilst we continually hear the global sports fraternity seeking “marginal gains” to ensure they can become Citius Altius Fortius, the same is true of the Geotechnical Olympiad who continually strive to develop new forms of testing equipment to ensure that those “marginal gains” are also utilised in our geoenvironmental forum.
Several papers focus on looking at the development of add-on tools that can maximise the benefit of
having CPT equipment onsite, by increasing the scope of works that can be performed using the traditional push-in methodology. With these techniques we can see the marginal gains from the clients perspective being a combination of cost savings, additional information and a higher degree of certainty
during acquisition.
With all CPT it is rare that this is performed in isolation of any soil sampling. The soil sampling can
be for either performing geotechnical laboratory testing, to define soil parameters and also assist in determination of factors such as Nkt correlations for shear strength derivation, or they can obtain samples
for subsequent chemical testing to determine potential soil contamination. As with the previous section
on accuracy of the CPT, the same is true of the soil sampling. Disturbed soil samples can provide misleading laboratory data and hence lack of accuracy of soil parameters and correlations. In terms of looking at soil contamination a loss of sample or smearing can lead to cross contamination or inaccurate
depths of potential contamination or non-detection of this contamination.
There are many forms of soil sampler that can be deployed using the push-in technology of CPT
equipment. Amongst them the MOSTAP sampler from AP Van den Berg and the DELFT sampler from
Deltares (formerly) Delft. There is also a wide range of sampling options from Geoprobe that are integrated with their push or drive systems. To truly compete with drilling operations for being able to recover a highly undisturbed sample, there has been a need to integrate a high quality piston sampler, that
can be deployed in soft soils.
Pineda, McConnell and Kelly discuss in their paper the development and performance of a new direct
push innovative piston sampler. This is called the PPI (Piston Pneumatic Injection) sampler. This con138

sists of a stainless steel sample tube with a 1.6mm wall thickness and an area ratio of 11 percent. This
has a conical tip that is held in place for driving to depth and then held stationary whilst the piston tube
is advanced into the ground. The stationary piston and the low area ratio are key criteria to minimise
sample disturbance. The innovation in this system, over an above other systems, is the consideration of
the sample post insertion. Traditionally the sample is retracted and thus shears at the base of the sample
and varying degrees of suction can affect the sample during recovery. The unique feature of PPI is its
ability, using shots of 60bar Nitrogen gas at the tip of the cutting shoe, to effectively cut the sample prior
to its retraction. Once cut the system can inject low pressure water or more commonly air into the void
left behind as the sample and tube are extracted to reduce any suction. Whilst still early days, the system has been used and recovered soil samples that have been utilising a variety of techniques including
CAT scans, laboratory testing and the methodology proposed by Lunne et al (1997), where the change in
void ratio at in-situ stress is normalised by the initial voids ratio, to assess sample quality. From the
samples tested todate using these criteria they have been shown to have very good to excellent sample
quality.
From a geo-environmental perspective and with the ever growing use of brown field development
along with defining geotechnical parameters, there is a growing market to define the presence of contaminants within the soil that could restrict future development or lead to significant costs in remediation. Due to its ability to provide a continuous geotechnical profile, the CPT is an ideal tool to provide
these geo-environmental add-ons so the contamination can be viewed along with detailed geotechnical
information. This is essential for building up a site ground model and predicting the movements of
ground water and contaminants.
St Germain et al, in their paper on dye based laser induced fluorescence sensing of chlorinated solvent DNAPLs, discuss the development of one such system. Direct push laser induced fluorescence
(LIF) based systems have been around for many years as a means of mapping petroleum hydrocarbon
NAPL sources, due to the poly-cyclic aromatic hydrocarbon (PAH). The chlorinated solvents lack the
aromatic structure for a LIF response so a new tool was needed to detect these. The chlorinated solvents
were very common in products for metal degreasing and dry cleaning. The development of this new
dye based system has been to adapt an existing system used on soil samples for detection of chlorinated
solvents and adapting the current LIF CPT system. The schematic in Figure 2 details how a dye is advanced ahead of the standard LIF CPT sensor and the dye enables the activation of the chlorinated solvents to enable detection using the LIF system. As discussed at the start of this section it is the adaption
of techniques to ensure a fully integrated solution that is driving systems forward and enables a system
that can obtain geotechnical data and combine the conventional hydrocarbon detection to now also detect the chlorinated solvents. The advantage of an integrated solution and electronic data is a rapid turn
around with 3D visualisation.
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Schematic of DYE LIF

3D data visualisation

Figure 2 Dye injection LIF (Afer St. Germain et al 2014)
In a similar vein to chlorinated solvent detection, Kurup et al have presented a paper discussing the
laboratory calibration of a hybrid electronic tongue for the cone penetrometer. Like the Dye LIF, this is
taking existing technology from conventional soil and water analysis and integrating this into a system
that can be used for rapid in situ soils investigation. As with the chlorinated solvents the heavy metals
can pose a serious risk to health in high concentrations and being able to detect these rapidly in situ will
be a very valuable tool for rapid site screening. Whilst still at a research stage the development of a voltametric electronic tongue that has reliably detected and speciated heavy metals in a controlled environment demonstrate the potential of this geo-environmental tool.
There has been a lot of research in recent years on the use of freefall penetrometers. A novel take on
these systems is presented by Stark et al, who present results of a new light-weight freefall penetrometer
than can be used to test surface sediments of depths up to 0.6m. With a weight of only 15 kg it’s easy to
hand deploy and in some areas where conventional vessel availability or access is not possible, it can
provide a time and costs effective solution for defining the surface sediments.
4 IMPROVED EQUIPMENT
There have been a number of papers submitted that discuss the improvement of existing systems. The
key theme of these is the isolation of a particular problem or limitation of the CPT and looking at how
this can be overcome. Whilst not all of these projects are the finished product and still have some development and additional research to take them forward, it appears to be a clear trend to not just accept
what is currently available in the market place, but to steer the development of equipment to specific
needs.
M Loria, L Vargas Herrera and O Storteboom present the advantages and flexibility of using a plug
and play Icone in their paper. By adapting the conventional system of data transfer and using a smart
digital communication system, with sufficient bandwidth available to cope with the additional sensors.
The great advantage of this is the historic situations, where to perform additional “add on “ measurements, such as seismic, conductivity, magnetic or vane, a new cable and data acquisition system was of140

ten required. Now it’s a simple matter of selecting a click on module, fixing to the cone and the one cable and acquisition system can be utilised. This has great time saving and also means CPT equipment
can be sent to site to cover a multitude of testing and provide added flexibility and reliability. The addition of a reliable seismic module and data acquisition system is a welcome addition to geotechnical specialists toolbox.
An interesting development is presented by Sandene and Emdal , whilst perhaps still at an advanced
research stage, shows potential for further work and investigation. They have adapted the design of a
traditional piezocone with a system that can prevent the loss of the pore pressure saturation. It is a
known phenomenon that a when a piezocone enters a material that can dilate, such as an over consolidated clay or silts and sands, that this dilation can cause suction effect and loss of the saturation medium
of the cone. As the cone comes through the dilatation material there is a period of time or lag before the
“excess” pore pressure measured by the transducer returns to its true value and this data will be lost.
This development has a check valve and a fluid reservoir built into the cone and allows fluids to flow into the pore fluid chamber and keep saturation complete in the event of low pressure caused by dilation in
the soil surrounding the cone. Whilst the authors themselves detail the system is in its present form a
crude and time consuming exercise to perform in the field, it certainly shows some potential and the
comparative results against a commercially available cone do show a marked improvement to the pore
pressure response once a cone has passed through a dilatant layer.
In the earlier sections of this review, we have seen there has been much work on improving the accuracy of the friction sleeve measurements and this has been the one measurement that has been in question for several years and is detailed by Lunne et al 1986 and Boggess and Robertson 2010. In the paper by Santos et al , they detail how research into cause and effects of O-rings and dirt seals can
negatively affect accuracy. These inaccuracies were demonstrated in highly accurate calibration chambers at levels to reflect those of very soft deep-water silts and clays. The results of these tests have been
the development of a new cone sealing system. The new seals and spring assembly incorporated into the
cone provide a slight preloading to the friction sleeve and improves both the dirt sealing and the sensitivity of the friction sleeve. Extensive field-testing has demonstrated that cones with this feature are
more sensitive in very soft soils. Figure 3 details the effects of a load-unload calibration cycle with a
classic cone and a modified cone with the new spring assembly.

Figure 3 Careful sleeve friction calibration at very low loads (After Santos et al 2014)
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It is pleasing to see in the amount of research and development that is taking place from contractors,
consultants and equipment developers to maximise the flexibility and accuracy of existing and new
technology.

5 CONCLUSIONS AND DISCUSSION
In conclusion it is clear to see that with CPT its ongoing development the inverse of its denomination, as
its clear it’s a “dynamic” as opposed to a “static” field of research and development and ongoing improvement.
The CPT can be seen as a tool onto which a wide variety of sensors can be added to ensure it maximises data acquisition potential not purely in the geotechnical regime but also cover the environmental
spectrum.
With the CPT now firmly established as the prime investigation tool for soils, the ongoing improvements and understanding of accuracy, repeatability and adherence and improvement of standards will
continue to drive the greater reliance and utilisation of the technique on a global basis in a wide variety
of soil conditions.
It is apparent that in different geographical regions different local standards are in place to reflect variations in surface geologies, however with the global trend focusing more on the accuracy and reliability
of measurement, over the coming years I can see improvements in understanding and quality of CPT data.
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1 INTRODUCTION
Altogether 51 papers, in addition to the Keynote lecture by Paul Mayne, have been reviewed in connection with this Session report. The papers mostly cover various aspects of the CPT/CPTU including
experimental studies, empirical correlations to soil parameters, numerical and statistical approaches
and correlations to other in situ tests. But, also other in situ tests are discussed in the papers, like SPT,
SCPT, SDMT, RCPT, vane, PLT and full flow probes. Regarding soils, most papers cover clay, sand
and silt but also other materials have been discussed. In the following the content of the papers will be
summarized in a similar way as was done in the Session report on Interpretation to CPT 10 (Schneider,
2010) to see if any trends on development with time can be observed.
Then the major part of this report will give some details of selected papers, on selected topics that
the session reporters have found most interesting, in as much as they cover some new aspects of interpretation. Papers within this session have been referenced in italics, with no year, to distinguish them
from other references.
2 OVERVIEW OF PAPERS
Figure 2.1 gives and overview of the papers to CPT 10 as presented by Schneider (2010) in terms of
analyses method, soil characteristics evaluated, soil types covered and in situ tests used. Figure 2.2
gives a similar overview of the distribution of papers in this session of CPT 14.
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Figure 2.1 Distribution of papers within CPT 10 interpretation session (a) analyses method; (b) soil characteristics evaluated; (c) soil types discussed; and (d) in situ tests used (from Schneider, 2010).
(a)

(c )

(b)

(d)

Figure 2.2 Distribution of papers within CPT 14 interpretation session (a) analyses method; (b) soil characteristics evaluated; (c) soil types discussed; and (d) in situ tests used.

Based on a comparison of Figures 2.1 and 2.2 it appears that the present session report has somewhat less emphasis on empirical and experimental related papers, but more papers in the numerical and
analytical category. Numerical analyses have given the necessary background for interpretation of
penetration tests in clay and are providing useful insights on rate effects and bearing capacity (Zheng et
al; Sheng et al). Analytical cavity expansion solutions applied to clay and sand are being expanded to
layered soils by Mo et al. More recently developments using Discrete Element Method (DEM) simulations have been conducted to investigate the effect of initial sample conditions, particle shape and par146

ticle friction on the stress-strain behaviour of granular materials. In addition, Particle Image Velocity
(PIV) is being used to identify deforming zones and localized shear bands in granular materials. The
contributions by Butlanska et al and Melnikov and Boldyrev illustrate possible applications of these
methods to cone penetration.
Regarding type of soil properties covered it seems that state and classification parameters are included in more papers in the present session report whereas rate effects and CPT-SPT correlations are
new topics. However, it may be that some of these topics were covered in one of the other sessions in
CPT 10. Regarding soil or material types, there are no obvious differences. Regarding the type of in
situ tests covered the most striking difference is that in CPT 14 there are more papers on the SCPT and
none on the DMT. But one should not read too much into the division of topics as illustrated in Figures
2.1 and 2.2 since there can be some papers that could have been in one of the other sessions and likewise some of the papers in the other sessions that could have been in Session 2.
Based on the review of all the papers it was decided to use the rest of this Session report to discuss
the following selected topics related to interpretation of CPTU and other penetration tests:
1. Undrained shear strength
2. Soil stiffness
3. Water flow characteristics
4. Soil state
5. Classification
3 UNDRAINED SHEAR STRENGTH
Several of the papers have undrained shear strength as the main topic, and some cover undrained shear
strength in addition to a number of other soil parameters.
A wide range of materials from soft clays to mine tailings (Mantras et al.), polymer treated slurry
(Reid and Fourie), preloaded stabilized dredged sediments (Makusa et al.) and boulder clay (O'Kelly)
have been dealt with. It has been decided in the following summary to focus mainly on soft clays.
Previously several authors have presented correlations between excess pore pressure measured during penetration, ∆u2 = u2 – u0 and su, in terms of the cone factor N∆u2 = ∆u2/su. Karlsrud et al. (2005)
reported values N∆u2 in the range 5 – 10 for Norwegian soft marine clays when using su from a triaxial
tests consolidated anisotropically to best estimate of in situ stresses and sheared in compression
(CAUC) as the reference strength. Similarly Low et al. (2010) established a high quality data base for
offshore soft clays and found a range in N∆u2 from 4 – 10.
Mantaras et al. present a novel approach where su can be determined from the maximum pore pressure measured during a dissipation tests (∆umax), instead of the penetration pore pressure. Based on a
theoretical evaluation Mantras et al. found that the following formulation can be used:
Su = ∆umax /4.2 (±0.2)·log(Ir)
where Ir is the rigidity index; Ir = G/su. For typical values of Ir (between 100 to 500) the relationship is
approximately Su = ∆umax / N∆max with N∆max from 8 – 11, which is not dissimilar to previous values.
Due to the several assumptions made in the theoretical derivation, including the uncertainty about
the value if Ir, the method needs to be calibrated with high quality laboratory or field measurements of
su. Since su depends on how it is measured it is also important to use a consistent measurement of su
such as the CAUC triaxial test, or the field vane test as used by Mantras et al.
For lightly overconsolidated clays with OCR say less than 2 there will usually not be an increase in
pore pressure during the dissipation test. This is illustrated in Fig. 3.1.
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Figure 3.1 Solutions for Type 2 dilatory dissipation curves for various OCRs (after Burns & Mayne, 1998)

Figure 3.2 shows the use of the new method for Barra da Tijuca soft clay deposit in Rio de Janeiro.
It can be seen that the su found from dissipation tests fit well with vane tests and also with su interpreted from the CPTU cone resistance using a cone factor Nkt = 11.

Figure 3.2 – Barra da Tijuca soft clay deposit in Rio de Janeiro, Brazil (from Mantras et al).

This new approach has potential especially for medium OCR values where the measured pore pressure increases after a stop in penetration, i.e. dilatory behavior. For clays of low OCR where pore pressure do not increase after a stop in penetration (i.e. usually for OCR < 2) it is most appropriate to use
the traditional approach with N∆u2 = ∆u2/su since this gives a continuous profile.
Boone et al. present an interesting case from a project in Northern Africa with a large number of
CPTs and geotechnical borings and vane shear tests. The authors evaluate correlations between CPTU
data and laboratory test results. They find that the correlations become much more consistent when the
highest quality samples are used based on the Sample Quality Designation (SQD) according to Terzaghi et al. (1997). Fig. 3.3 illustrates the importance of this approach; the lowest quality samples
SQD E and D indicate values of OCR less than 1, while the higher quality samples indicates OCR > 1
which makes much more sense.
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Figure 3.3 Overconsolidation ratio versus elevation coded by SQD (from Boone et al.)

By combining the laboratory tests on the highest quality samples with the results of the CPTUs consistent and reliable profiles of OCR and undrained shear strength are obtained. The same approach is
applied for predictions of coefficient of consolidation, cv. Since the coefficient of consolidation found
from the CPTU dissipation test is valid for horizontal flow Boone et al. make a correction for hydraulic
anisotropy before comparing with the oedometer derived cv values. Figure 3.4 shows that samples of
the highest quality gives the best fit to the CPTU cv values as derived from t50 (using the method of
Houlsby and Teh, 1988) and corrected for hydraulic anisotropy.

Figure 3.4 Layer 2 vertical coefficient of consolidations from in situ dissipation testing versus laboratory consolidation testing (from Boone et al.)

Measurement of undrained shear strength using full flow penetrometers are covered in some papers.
Based on mini probe tests in the centrifuge Reid and Fourie find that both CPT and T-bar tests can be
used to document the change in properties between untreated (UT) and polymer treated (PT) slurry.
This type of slurry is used in the mining industry. Reid and Fourie report mixed results when compar149

ing with laboratory test data, and suggest more research is required, including further analysis of the
pore fluid viscosity.
Long et al. report the use of piezoball tests in soft Irish clays. They present correlations between
ball penetration resistance and results of laboratory tests (DSS, CIU, CAUC, UU) in terms of undrained shear strength at 4 Irish sites. For the ball tests penetration pore pressure was also measured, at
mid face for three of the sites and at the ball equator for one of the sites. There is quite a large scatter
in the data with Nball ranging from 6 to 19, with 12 as an overall average. Long et al suggest that the
reason for the large scatter can be varying quality of the data. Another reason is likely that laboratory
determined undrained shear strengths vary with type of tests; for instance suDSS has frequently been
found to be 0.6 – 0.8 suCAUC for soft clays. Long et al has also derived N factors for the measured pore
pressures, and the scatter in these values is also significant (see Figure 3.5). No correlations between
the N-values and water content or plasticity index values were found. Despite the scatter in the data
Long et al states that the measurement of pore pressure has some promise, but that further studies are
required to find the ideal location of the pore pressure sensor on the ball.

Figure 3.5. Piezoball bearing capacity factors (a) Nball, (b) Nu-ballmid face filter and (c) Nu-ball equator filter (from
Long et al.)

Larsson et al. present a very well documented study of T-bar tests in soft and sensitive Swedish
clays. As part of a larger project Larsson et al carried out T-bar tests at 12 sites covering altogether 22
different clay types with low, medium and high plasticity and sensitivities from 10 to 253. At each test
site cyclic T-bar tests were included and CPTs were also performed. NT-bar factors between 6 and 19
were found using vane shear strength as reference.

Figure 3.6. Evaluated NTbar(OCR=1.3)-factors (after correction of NTbar for overconsolidation) as a function of liquid
limit (wL)(after Larsson et al.)
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Larsson et al. conclude that there are some limitations with the T-bar compared to the CPTU including risk for bending and need for predrilling through dry crust, and also a relatively poor profiling
capability. For practical use in Sweden Larsson et al recommend that the CPTU is the most suitable
tool, provided equipment adapted for the soil type to be tested is considered.
Nevertheless, Larsson et al. found some correlations based on their tests in Swedish clays. They
found that much higher NTbar factors need to be used for remoulded shear strength compared to intact
shear strength.
suREM ~ (qTbarREM – 12.8)/ 18.3
NTbarREM ~ 14.5 + 0.8*St
NTbar (OCR = 1.3) ~ 4.4 + 8.4 wl
This is in line with findings from other authors including DeJong et al. (2011) and Low et al.
(2010).
Before leaving the topic of undrained shear strength the reporters would like to advocate the following as regards to evaluating undrained shear strength in soft clay from CPTU data:
Use a consistent reference shear strength; as for instance CAUC triaxial test on a selected few high
quality samples, develop local cone factors Nkt and N∆u2. Use both the measured cone resistance and
the measured penetration pore pressure and the local cone factors to derive su throughout the area covered by the project. Figure 3.7 illustrates this approach on two project NGI has been involved in in
South East Asia. It should be borne in mind that by definition N∆u2 = Bq* Nkt.
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Figure 3.7 Example suC from CPTU in deep waters in South China Sea

4 SOIL STIFFNESS
It is encouraging that 11 of the papers to Session 2 cover the measurement of Vs using the seismic cone
test (SCPTU); and in addition the keynote lecture in this session focused on the interpretation of geotechnical parameters from the SCPTU. Three of the papers concentrate on details in the measurement
techniques and procedures, while the remaining of the SCPT related papers cover the use of the Vs (or
Gmax) measured from the test.
Two papers by Baziw and Verbeek deal with procedures and analysis related to seismic cone testing. In one of the papers they discuss the minimization of source-sensor radial offset so that the
Straight Ray Assumption (SRA) methodology can be utilized to calculate interval velocities. They
show that implementing larger sensor-source offsets the source wave can refract and travel within relatively high velocity critical layers for an extended time, which increases the characterization of the
layer or depth under analysis. In addition this set-up allows for greater SCPT vertical resolution because small depth increments are feasible. In the second of their papers Baziw and Verbeek discuss the
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concept of Total Internal Reflecion (TIR) and the associated source wave shift, and propose a procedure to allow the proper analysis of seismic data that contain TIRs.
Styler et al. describe a technique of using signal stacking of shear waves from a perpetual signal
source during continuous penetration. An example of applying this technique is shown in Figure 4.1.
This appears to be a very powerful technique that can give higher efficiency and better resolution for
the SCPT.

Figure 4.1 Perpetual Source SCPTU profile with Vs interpreted using a 1 m cross correlation window over a
stacked signal (red) and compared to an adjacent conventional seismic tests (black) from Styler et al.

Nguyen et al. have prepared a database of parallel Vs measurements and CPTU data at soft clay
sites. The data are from 9 offshore sites using a seismic probe in connection with the PROD system
shown in Figure 4.2, and also from 5 well investigated onshore sites. A new correlation Gmax = 89.1 x
qnet1.5 is proposed as can be seen in Figure 4.3. The proposed correlation deviates somewhat from previous correlation by Robertson (2009).

Figure 4.2 Schematic setup of SCPTU test offshore (from Nguyen et al.)
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Figure 4.3 New Gmax correlation compared with Robertson (2009) (from Nguyen et al.)

Krage et al. present the result of a literature study for establishing a database of SCPTU parameters
and rigidity index, Ir = G /su. G depends on the strain level, and Krage et al. analyze all the data and
decide to use G50 as the shear modulus. They then suggest two methods for evaluating Ir:
Method A: Correlation based on Gmax from SCPT and su from CAUC triaxial tests on high quality
samples (to be used when lab data are available)
Method B: Correlation based on Gmax and qt from SCPTU (to be used if lab data are not available)
Krage et al. state that one of the main purposes of establishing Ir is that this parameter is needed as
input in approaches (e.g. Teh and Houlsby, 1988) to find coefficient of consolidation from dissipation
tests.
O'Murphy et al. present characterization of 2 dense sand sites in Ireland. They carry out CPT, seismic dilatometer (SDMT), surface wave measurements (MASW) as well as various sampling methods
and laboratory triaxial tests. Figure 4.4 shows grain size distributions for the two sand sites, soil behavior type classification from the CPT data and state parameter, , from the SDMT and from CPT. Based
on evaluation of all data O'Murphy et al. conclude that existing CPT correlations provide reasonable
characterization of the in situ conditions in these dense sands. However, many of the existing DMT
based correlations provide unrealistic estimates of the soil properties and are only applicable to sands
with KD values < 10. O'Murphy et al. end by recommending that the best characterization of dense
silty sands can be done using the CPT in combination with Vs measurements using either MASW or
SCPT.

153

Figure 4.4 (a) Particle Distribution (b) Normalized CPT soil behavior Chart and (c) State parameter (from
O'Murphy et al.)

A set of 4 papers make direct reference to correlations between cone penetration and soil stiffness,
using either measured stiffness modulus Epl from plate load tests or 1-D laboratory consolidation modulus M to validate proposed methodologies. Specific correlations between qc and E emerged as a general recommendation from CPT´14 contributions.
Investigations by Kashirsky et al on the quaternary and pre-quaternary sand-clay deposits from the
Moscow region showed considerable scatter in the qc versus Epl correlations: E = +qc, with 0<<8.5
and 5<<8. The authors propose soil parameter tables to estimate E on the base of combined information of qc, void ratio and Atterberg Limits.
Doherty et al. explored the combination of CPT, MASW and LPT to estimate the dynamic Young
Modulus Edyn and modulus degradation to account for soil shear strains generated on wind turbines.
The work describes comprehensive site investigations carried out at two Irish sites characterized by
glacial till deposits over a limestone formation. The proposed design approach is based on a non-linear
settlement model described by a parabolic curve from which Edyn values are gradually reduced as a
function of normalized settlements s/B. A quality control procedure was adopted in the form of multiple plate load tests within the depth of influence of the footing (or turbine), as shown in Figure 4.5.

Figure 4.5 Plate bearing test data and unload-reload Epl measurements (Doherty et al.)

Designing foundations for wind turbines is further discussed by Młynarek et al. with emphasis on
the natural soil variability and its influence on the prediction of the constrained modulus M. Soils are
grouped by CPTU characteristics using functional data analysis together with the results of clustering
in the form of a subsoil rigidity model. A preliminary qualification of homogeneous groups of soils is
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provided by the classification system proposed by Robertson (2009) which is later refined by statistical
analysis. The model allows an area to be isolated spatially (3-D) considering statistically similar response in terms of constrained deformation moduli, as shown in Figure 4.6. In addition functions of
changes in constrained moduli with depth for isolated areas are also obtained.

Figure 4.6 Mean constrained values (a) plan view and (b) cross section (Młynarek et al.)

Similarly, Ciloglu et al. proposed a methodology for the estimation of the constrained moduli of
soil layers based on CPT data assessed from a probabilistic analysis using soil index parameters. In the
model, M = mqc, where is m is a function of fines content (FC) and plasticity index (PI) as summarized in Table 1.
Table 4.1. Proposed CPT-based soil compressibility relationship (from Ciloglu et al.)

5 WATER FLOW CHARACTERISTICS
Pore pressures generated by cone penetration are essential to the assessment of soil parameters from
CPTU data. A large number of papers contributed to this discussion, but some have made specific reference to water flow characteristics: 4 papers focus mainly on the coefficient of consolidation, 1 on the
coefficient of hydraulic conductivity, and 4 on rate effects.
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Interpretation of the coefficient of consolidation requires the choice of an analytical solution and a
procedure for the time for 50% dissipation of excess pore pressure to be calculated. Imre et al. in two
companion papers discuss the interpretation of CPT dissipation tests in saline environment. Dissipation
test data were evaluated using three methods: the first and second methods were least square fittings of
a coupled consolidation model proposed by Imre et al (1990) and third method was suggested by Teh
and Houlsby (1988) as a one-point-fitting-method based on the t50. Results from the three methods
were compared to indicate the difference between the saline or non-saline soils. Similarly Mantaras et
al. describe a procedure conceived to curve fit the field dissipation curve and use the first and second
derivates to estimate the value of t50. The approach is calibrated against the theoretical solutions from
Teh and Houlsby (1991) and Burns and Mayne (1991) and is applied to field tests for both monotonic
and dilatory response with regard to time (Figure 5.1). In the method, the equilibrium in situ pore
pressure is no longer required to calculate the percentage of dissipation and the moment of interrupting
dissipation test in the field becomes undisputable.

Figure 5.1 Piezocone data from soft clay deposit (Mantaras et al.)

These papers and other additional contributions demonstrate that (a) there are no specific recommendations regarding a preferable method for interpretation of monotonic and dilatant response of piezocone dissipation tests and (b) there is no standardized procedure to extract the time for 50% dissipation of excess pore pressure (least square fitting of consolidation models or one-point-fitting-method
based on the t50).
Boone et al reports a study where the horizontal coefficient of consolidation ch was evaluated using
the methodology of Houlsby and Teh (1988) and converting ch to cv on the basis of hydraulic anisotropy. A generally good match is obtained between cv values calculated from field dissipation tests and
measurements from high quality laboratory oedometer tests. Values of cv interpreted from dissipation
test is generally higher than those obtained from laboratory results from poor quality specimens.
Estimation of the hydraulic conductivity k from cone data is subjected to uncertainty. Available
methods are generally based on two approaches: estimated soil type and rate of dissipation during
CPTU dissipation tests. Vienken et al reviewed these approaches from results gathered in two testing
sites in Germany by comparing CPTU data and results from direct push slug tests (Figure 5.2). Results
are site specific (translation of t50 into k did not follow established correlations) and require high resolution measurements in coarse-grained sediments.
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Figure 5.2 Comparison for hydraulic conductivity derived from dissipation tests and results from Direct Push
slug tests (Vienken et al.)

Rate effects have become a topic of interest for research papers. After initial research efforts in the
1970s, the threshold was the realization that both probe size and soil compressibility affect the transition penetration rates (e.g. Randolph and Hope, 2004). Proper account of these effects places emphasis
on the normalization of penetration results that are represented by an analytical backbone curve of
penetration resistance against normalized penetration velocity V (= vd/cv, where v is the penetrometer
velocity, d is the penetrometer diameter, and cv is the vertical coefficient of consolidation), as proposed
by Randolph (2004). The use of the horizontal coefficient of consolidation ch is alternatively adopted
to calculated a normalized Vh under the assumption that ch is more suitable than cv as it reflects the nature of consolidation occurring around the penetrometer probe.
The 4 papers published in this session make use of these concepts, give background information of
penetration rates, describe experimental methods and techniques, employ numerical analysis to identify parameters controlling transient flow and provide readers with a description of the current developments required in engineering practice.
Two experimental studies of variable rate penetration testing from the University of Western Australia are presented in this session: field tests at the Burswood clay site (Suzuky and Lehane) and centrifuge tests in soil mixtures (Lehane and Suzuky). Extensive research has been carried out at the
Burswood clay site, including the progressive halving of velocities (twitch tests) reported by Suzuky
and Lehane. Tests were carried out at rates down to velocities 100,000 times slower than the standard
rate of penetration of 20 mm/s. The horizontal coefficients of consolidation ch assessed from standard
rate piezocone dissipation tests were adopted as operational values to calculate the normalized penetration velocity Vh, which is then plotted against normalized penetration resistance (Q = qnet/’v0) and
pore pressure ratio (u2/’v0) in Figure 5.3. Partial consolidation effects are seen to become progressively more significant as velocities reduce below 0.2 mm/s while viscous rate effects dominate at
rates greater than 2 mm/sec. The drained to undrained resistance ratio QD/QUD is of the order of 1.6,
which is lower than other reported values in clay (of about 2.5).
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Figure 5.3 In situ CPTU rate dependency in Burswood clay (from Suzuky and Lehane)

In a companion paper, Lehane and Suzuky present the results from CPTs performed in a drum centrifuge at various penetration rates in soil mixtures. The degree of drainage is assessed from the normalized penetration velocity V calculated as a function of the vertical coefficient of consolidation cv
measured in Rowe cell consolidation tests. Measured cone penetration versus normalized penetration
velocity is compared with results from other experimental studies into the rate dependence of penetrometer resistance in Figure 5.4. For all soils, the transition from undrained to partially drained condition is at about V~10 and from a partially drained to drained condition is at about V~0.1. The average
ratio of the drained to undrained resistance of ~8.6 contrasts with the ratio of ~17 measured by Jaeger
et al. (2010) and ratio of ~6 measured by Kim et al. (2010). Differences in these ratios cannot be attributed to variations in friction angle and stiffness of the mixtures and are therefore considered to be
associated with different QUD values adopted in each analysis.

Figure 5.4 Rate dependency of normalized cone resistance versus normalized velocity (from Lehane and Suzuky)
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An interesting case study presented by Garcia et al reports the results of piezocone tests carried out
in the silty-sand deposits from a region in Northern Italy subjected to extensive liquefaction-induced
ground effects. Tests performed at penetration rates ranging from 10 to 130 mm/s were interpreted in
terms of the normalized variables Δu2/Δu2ref and Q/Qref as functions of the normalized cone velocity Vh
(Figure 5.5). The experimental data points have been curve fitted by the correlations proposed by
DeJong and Randolph (2012) providing a rough estimated trend for the observed rate effects. In addition, an evaluation is made of the DeJong and Randolph (2012) procedure for the evaluation of ch accounting for different drainage conditions, indicating that neglecting partial consolidation during probe
installation may introduce inaccuracies in the estimate of ch from piezocone dissipation tests.

Figure 5.5 Effect of normalized penetration rate on cone resistance and excess pore pressures (Garcia et al.)

Although experimental tests provide the necessary evidence to identify partial drainage from penetration tests, there is a need to develop a proper understanding of the parameters controlling rate effects. The large deformation finite element analysis presented by Sheng et al attempts to bridge the gap
between experiments and theory by evaluating the effects of penetration rates on cone resistance and
excess pore pressure. In the study, a rigid cone is pushed into a saturated soil at different penetration
rates, using the Modified Cam clay constitutive model. Numerical predictions are expressed in the
normalized space of cone resistance and pore pressure against penetration velocity for a wide range of
permeability and rate values. For the given set of constitutive parameters adopted in the analysis, Figure 5.6 shows that the computed pore pressure fall on the same backbone curve irrespective of the soil
permeability values. Best fit equations for cone resistance and pore pressure are a function of 9 parameters: qref, ,´vo, uud, ud, b, c, m1, m2 and k. The authors advocate that, under a number of assumptions,
only four tests with four different penetration rates are necessary to fully determine the two backbone
curves and the soil hydraulic conductivity (k).

Figure 5.6 Normalized cone resistance versus normalized pore pressure (Sheng et al.)
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In conclusion, it appears that the degree of partial drainage during continuous penetration is controlled by the normalized velocity V, as defined by Randoph and co-authors. Future standardization is
required when selecting the operational coefficient of consolidation adopted in the analysis of experimental data, before giving practitioners recommendations on how to interpret the corresponding shear
strength and shear stiffness in intermediate permeability soils. Parametric studies designed to identify
the influence of strength and stiffness on the predicted normalized cone resistance and pore pressure
are still necessary.
6 SOIL STATE
The main emphasis in this section is on the state parameter, but the assessment of in situ horizontal
stress is also discussed.
Jager et al. use cavity expansion simulations to develop theoretical relationships of cone resistance
as function of state parameter, fines content and overburden stress. Based on this they present stress
normalizations of cone resistance in terms of the initial state parameter and they evaluate the effects of
fines content on stress normalization parameters. They conclude by saying that they hope their analyses will contribute to the development of more generalized state parameter based normalization procedures for intermediate soils.
Moss provides an overview of how the state parameter,, determined from CPT results, can be used
to assess seismic soil liquefaction. To determine the state parameter it is required to know the slope,
10, of the critical stress line, CSL. 10 can be found from a series of triaxial tests and then  can be
calculated from CPT data provided an assessment of the in situ lateral stress coefficient, K0, can be
made. If the sand being investigated is similar to a well known sand it may be possible to assess 10
from previous published triaxial tests. Moss presents a case from the 1989 Loma Prieta earthquake
where CPT data were available at two locations where liquefaction occurred and one location where
liquefaction did not occur. Since the sand at this location was similar to the well known Monterey sand
the 10 value could be assessed from previous triaxial tests and  could be calculated from CPT data
assuming Ko = 0.5. Figure 6.1 shows the combined results from CPT and lab data. The CTX line is the
trend from 37 triaxial liquefaction tests.

Figure 6.1 Loma Prieta case histories presented by Moss

Moss demonstrates that when the CSL cannot be based on available triaxial tests then the evaluation
of the state parameter becomes much more uncertain. Moss concludes by encouraging practitioners
and researchers to share laboratory testing results for developing a state parameter catalogue of common soils so that more field and laboratory testing results can be presented in state parameter space
leading to a better understanding of the liquefaction phenomena.
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The need of determining the in situ lateral stress ratio, K0, in order to calculate the state parameter
lead to the next topic of discussion. The problem of reliable determination of in situ horizontal stress
has led many researchers in the 1980's and beginning of 1990s to present work on cone penetrometers
where the lateral stress could be measured (eg. Baligh et al. 1985; Bayne and Tjelta, 1987 and others).
However, none of the developments described by these authors appeared to have led to subsequent use
in practical soil investigations. Howie et al. report a re-activation of the efforts at University of British
Columbia (UBC). The latest version of the UBC lateral stress seismic piezocone (LSSCPTU) is shown
in Fig. 6.2, with the lateral stress cell mounted in an enlarged 44 mm diameter section behind a standard 36 mm piezocone. The pressure sensor consists of an external curved pressure receiving plate or
load transfer "button", with a set screw on its center and a compression subminiature load cell installed
inside the body of the instrumented body.

Figure 6.2 UBC lateral stress seismic piezocone (LSSCPTU) from Howie et al.

Howie et al. reports initial tests, including dissipation tests, at the Kidd Site in the Lower Mainland
of British Columbia; and example test results are shown in Fig. 6.3. Howie et al. argue that the new
design give reliable readings and that the increase in diameter for the Lateral stress module is important due the re-loading of the soil. They conclude by saying that further work is required to fully
evaluate the capabilities of LSM-II as a practical tool for enhanced site characterization.

Figure 6.3 Results of lateral stress piezocone test at KIDD 2 (after Howie et al.)
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7 CLASSIFICATION
Six of 51 papers focus on soil classification based on SCPT or CPT/CPTU measurements. Unit weight
was correlated to SCPT or CPT measurements in 2 papers.
Ghanekar evaluated four published relationships between CPT measured parameters and soil unit
weight for calcareous fine grained soils from offshore western Indian. The results show that the relationships by Mayne et al. (2010) and Robertson and Cabal (2010) predict within 10% of the measured
total unit weight for the data shallower than 30 m below seafloor, while for data deeper than 30m, the
relationship by Mayne (2013) predicts within 10% of the measured data.
Cai et al. evaluated unit weight from SCPTU in soft marine Jiangsu clays. The study showed that
the relationship between unit weight and shear wave velocity is the best correlation for the marine
clay, followed by tip resistance, and sleeve friction is the worst. Figure 7.1 shows the relationship between unit weight and shear wave velocity.

Figure 7.1 Relationship between unit weight and shear wave velocity (Cai, et al.)

Soil behavior type index Ic was discussed in several papers.
Pease showed several case studies of CPT site specific correlation with normalized soil behavior
type evaluation and fines content. One example is shown in Figure 7.2.

Figure 7.2 Ic versus fines plot for Stockton California levees (Pease)
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This paper presented case studies where Ic correlation worked well and some case studies where it
had significant bias resulting in misclassification of soil profiles. Pease suggested that the cone penetrometer design and the amount of wear of the friction sleeve may be the reason for correlations to
work in some cases and not to work in other.
Firouzianbandpey et al. estimated soil behavior type based on shear wave velocity and normalized
cone resistance (Qt = (qt - v0)/v0') data in the north of Denmark. Figure 5 predicts the soil type of the
studied region using seismic cone measurements in sand and sand mixtures. The soil behavior types
derived in Figure 7.3 fit very well with soil classification from laboratory test results.

Figure 7.3 Results from the data in the soil classification chart after Robertson et al., 1995 (Firouzianbandpey et
al.)

8 CONCLUSION
This Session report reviews the academic and practical contributions from papers presented in this
symposium to help advance the task of assessing geotechnical properties from CPT tests. Case histories reported here allow a critical review of established practice (framed on the state of knowledge
built mainly in the 1980s and 1990s) and support recommendations and guidelines applied to different
soil conditions. Ongoing research includes developing suitable statistical methods to analyze different
soils and soil behavior and to identify their spatial variability. Since CPT interpretation considers penetration in sands and clays separately, geo-engineers inherently attempt to describe soils as exhibiting
typical sand or clay behavior. Intermediate permeability soils would then require a proper consideration of rate effects to select appropriate penetration rates for estimation of corresponding fully drained
or undrained resistances. In clays, undrained cone penetration and subsequent pore pressure dissipation
are readily interpreted within the framework of critical state models, allowing strength and flow parameters to be estimated. Interpretation of strength in soft clay can be made from cone penetrometers,
flow penetrometers and pore pressure measurements. As for sands, assessment of the state of sandy
soils under drained penetration should be treated with caution due to disagreement over the correct
stress normalization. Stiffness can be measured from the seismic CPT, providing an independent reading to support CPT interpretation methods where additional considerations regarding soil compressibility are necessary.
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Under the complex physical interactions related to CPT penetration and the consequent uncertainties in CPT interpretation, site specific relationships are advocated throughout this session as a safe and
general recommendation for approaching geotechnical design.
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1 INTRODUCTION
This report provides an overview of 49 papers presented to the conference under the theme of CPT applications. As expected, the applications of the CPT considered include the assessment of site stratigraphy
and soil type, derivation of geotechnical design parameters and direct use of the CPT in foundation design.
Newer areas of application include the characterization of municipal solid waste, parameter assessment for
near surface (partially saturated) soils in pavement design and the direct use of CPT data in the design of
laterally loaded piles. The assessment of liquefaction potential using CPTs continues to be an area of significant interest to researchers and practitioners. In contrast, judging from the relatively small number of
associated papers, applications in environmental engineering do not appear to be an area of significant
growth.
Some of the main findings revealed by the papers submitted to this Session are described and discussed
in the following. These are presented under the following six headings:
1.
2.
3.
4.
5.
6.

Interpretation of stratigraphy and geotechnical parameters
Characterization of landfill
Applications in embankment and road engineering
Assessment of liquefaction potential
Applications in pile design (Axial and Lateral loading)
Environmental applications

Space limitations do not permit a detailed report on each paper and readers are encouraged to consult
all papers directly. General observations related to the current status of CPT applications are summarized
in Section 8.
2. INTERPRETATION OF STRATIGRAPHY & GEOTECHNICAL PARAMETERS
The CPT continues to grow in popularity around the world with an increasing diversity of projects. A
range of papers including Eller et al., Ghose-Hajra & McFadden, Amoroso et al., Drevininkas, Blake &
Denlinger, Kammer et al. and Salah et al. present the application of the CPT to the inference of stratigraphy as well as to the derivation of parameters for design. The Soil Behavior Type Index (Ic) from Robertson’s (2012) SPTn chart appears to be now accepted as the state-of-the art CPT soil classification system.
A typical example from Blake & Denlinger of stratigraphy inferred using this approach is provided on
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Figure 1, which also shows that authors’ interpretation of a fault at Santa Barbara, California. The popularity of the Ic approach stems from its ease of derivation directly from the digital CPT data using inexpensive software; such derivations were generally only performed by CPT Contractors up to relatively recently. Refinements and improvements to this approach will no doubt occur in the future but will require the
Profession to continue to report comparisons between inferred Ic indices and soil laboratory classification
data. Automated interpolation of data such as shown on Figure 1 is another area likely to receive more attention in the future, as discussed by Barvashov et al.

Figure 1. Example of stratigraphy interpretation using Robertson (2009), from Blake & Denlinger

The Profession also needs to continue assessment of published empirical relationships such as those relating one in-situ test parameter to another. The case history in Costa Rica presented by Eller et al. is a good
illustration of the type of interrogation of correlations that is needed on an on-going basis. Eller et al.
found, for example, that for a stratigraphy involving a range of different soil types, the following correlations between qt and SPT N60 and between shear wave velocity (Vs) and qt, each involving Ic, performed
better than other published correlations between these parameters (where pa is atmosphere pressure =100
kPa):

qt
I 

 8.5 1  c 
pa N 60
 4.6 

Vs2 =

(qt - s v0 ) 0.55Ic+1.68
10
pa

Jeffries & Davies (1993)
(1)

Robertson & Cabal (2012)
(2)
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The study presented by Yi highlights the empirical nature of such relationships, showing that estimated
‘apparent fines contents’ from Robertson & Wride (1998) and Idriss & Boulanger (2008) were lower than
measured values in silty (low plasticity) deposits at12 sites (Figure 2). This trend is in keeping with the
observations of Robertson & Wride (1998) who showed that the variation of Ic with fines content falls below their best fit average relationship indicated on Figure 2 for soils with low plasticity fines.

Figure 2. Comparison of measured and empirical relationships between fines content and Ic (reported by Yi)

Expressions such as equations (1) and (2) allow the Engineer to check for potential inconsistencies between the respective measurements. Liao & Davie present a case history illustrating the usefulness of such
checks. They discounted low measurements of SPT N60 after showing that correlations between qt and Vs
were consistent but that qt vs. N60 and Vs vs. N60 relationships were not as anticipated because SPT N60
values were likely to be too low. The low SPT values were attributed to upward seepage into the boreholes due to artesian water pressures.
One area in need of significant research is that of interpretation of parameters from CPTs in silt, where
conditions at the standard rate of 2cm/s are partially drained. Paniagua et al. describe an experimental and
numerical study in this area. Although their research is on-going, preliminary findings show that the inclusion of dilatancy in a model of tip penetration has little effect on the interpreted friction angle. Consequently Paniagua et al. suggest that the procedure of Senneset et al. (1982, 1988), which does not assume
any dilation, can be used to provide reasonable estimates of effective stress strength. The mechanism observed by the authors at the tip of a cone in silt is shown on Figure 3 and indicates significant dilation at
some distance from the cone. Negative excess pore pressures in these zones could be alleviated rapidly
due to the high positive volumetric strains (and hence high positive pores) in the immediate vicinity of the
tip.
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Figure 3. Incremental volumetric strains (Δεv) and shear strains (Δεs) in the vicinity of a cone in silt reported by
Paniagua et al.

Bastani et al. examine the applicability of oedometer stiffness measurements and a CPT-based stiffness
correlation proposed by Robertson (2009) for prediction of the settlement of a raft foundation on soft rock.
The analyses show that the CPT-based correlation provided a better prediction and this was attributed to
disturbance induced to the oedometer specimens during their recovery using a hammered thick-walled
Modified California sampler. Reference in the paper to other properties of the soft rock would have assisted generalization of the findings of this case history.
Larisch et al. present observations from a research project on screw piles which involved installation of
a piezocone in a stiff clay at an inclination of 45o. Despite the novelty of this project, the authors did not
present the data measured in the 45o test to compare with the standard (vertically orientated) CPT. Such a
comparison would provide fresh insights into the effects of anisotropy on CPT parameters.
3. CHARACTERISATION OF LANDFILL
There are significant health and environmental hazards associated with testing of municipal solid waste
(MSW). Such testing is required to enable the engineering design of landfill sites, which includes assessment of settlement response and allowable side slopes.
Ramaiah & Ramama present an interesting case study from Delhi in which both CPTUs and sampling
were undertaken. The Soil Behaviour Type (SBTn) chart of Robertson (2009) suggested that the MSW
was a combination of sand and silt mixtures. However, particle size distribution analyses on the same material indicated a generally coarse grading varying from coarse sand (when dry sieved) to silty sand (when
wet sieved). Consolidation tests also showed that the material was a little more permeable than suggested
by the SBTn chart. Soils fitting in zones 4 and 5 (i.e. silt and sand mixtures) were also inferred by Lapena
et al. for landfill material at three sites in Spain; the finer material present at the site was waste received
from sewage treatment plants.
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Figure 4. Typical CPTU traces in MSW, reported by Ramaiah & Ramama

Typical CPTU traces reported by Ramaiah & Ramama are shown on Figure 4. Spikes in the qc profile,
which are also a feature of the CPT data reported by Lapena et al, are evident and these are assumed by
both sets of authors to be associated with larger obstructions such as cans or glass fragments. The u2 data
on Figure 4 confirm the free draining nature of the material at the Delhi landfill; a similar u2 response was
reported by Lapena et al.
Agrawal also reports CPT data from a landfill site in Southern California. A program of CPTs was
seen to provide an ideal way of determining the extent of a soft clayey section of landfill that had led to
settlement with associated blockages of a 1.2m diameter storm water drain. The mapping of the soft zone
allowed tenderers to provide a realistic price for ground improvement options.
4. APPLICATIONS IN EMBANKMENT AND ROAD ENGINEERING
The CPT is a very popular means of assessing the adequacy of ground improvement works and a range of
papers have described experiences with such assessments. The paper by Chapman and Shelbourn, which
discusses operations at a tailings storage facility, is one typical example of how CPTU data are used to assess the gains in strength with time. The paper by Barone et al. describes how the Wissa piezo probe, because of its smaller diameter compared to a cone, can be used to provide quicker data to the Engineer regarding in-situ excess pore pressures.
The papers have also shown that the CPT is also beginning to be applied more frequently in pavement
engineering works and is now in direct competition with nuclear density and sand replacement testing,
Californian Bearing ratio determinations, plate load testing and falling weight deflectometer measurements.
The potential for CPTs to replace falling weight deflectometers (FWD) is illustrated by Cosanti et al.
who show a near linear relationship between the FWD stiffness (Ed) and qc in a fine grained, partially saturated soil (for which Ed was found to be approximately 10 qc). Cosanti et al also investigated relationships between CPT end resistance, stress level and soil suction where the soil suction was assessed from
classification parameters (e.g. water content, grain size etc.) using the method proposed by Aubertin et al.
(2003). Further research in this area would greatly help interpretation of CPTs in compacted materials.
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Massarsch & Fellenius discuss the importance of the increases in lateral stress induced by compaction
on the operational vertical stiffness. Their proposals can be simplified to the following expression for the
tangent vertical stiffness of (free draining) sands; higher pre-multipliers apply to denser sand:
p 
d vi
M
 (27  8)  'v0.5  a 
d
 p' 

0.5

(3)

where pa is atmospheric pressure (100 kPa), σ'v is the vertical effective stress and p' is the mean effective stress, which requires an estimate to be made of the compaction induced horizontal stress. The authors suggest that the relative increase in M due to an increase in p' can be estimated by assuming the ratio
of friction sleeve measurements made before and after compaction is proportional to the same ratio of the
in-situ horizontal stresses (assuming the same before and after interface friction angle between the soil and
cone). This argument ignores the likely increases in lateral stress (due to dilation) as the cone is inserted in
granular material and hence requires further research.
Scott & Jaksa used the CPT to assess the ground improvement possible using rolling dynamic compaction with a 4 sided roller. Trials were performed using a fill comprising a blend of locally excavated
sand and sandy clay. The CPT qc data at the site (which was a 2 day drive from the nearest city!) clearly
show improvements to a depth of 2m and also show some improvement laterally outside the line of the
compaction. It would be interesting to see how such changes in qc translate to improved fill stiffness
Nguyen & Shao and Premstaller show the effectiveness of the CPT for assessment of ground improvement using stone/concrete columns with vibrocompaction. In a loose sand deposit, Premstaller
shows qc values increasing by a factor of 6 in close proximity to columns in sand but no change in qc at a
radial distance of 2m. Lamb & Wang present results from a compaction grouting program which required
relatively large grout volumes (about 10%, by volume) to reduce anticipated post-earthquake settlement
by 50%. Potential benefits of cementation of the soil (and hence higher cyclic resistance ratios) do not appear to have been allowed for in this case study. As for Premstaller, Lamb & Wang found that the grid
spacing for ground improvement needs to be less than about 1.8m.
5. LIQUEFACTION ASSESSMENT
Seven papers describe studies involving the use of the CPT in the assessment of liquefaction potential
and of post-earthquake settlements. Most of these papers calculated cyclic resistance ratios (CRR) and
factors of safety against liquefaction (FSL) using at least one of the CPT methods proposed by Robertson
& Wride (1998), Moss et al. (2006), Idriss & Boulanger (2008) and Robertson (2009). These methods
give broadly similar FSL values and appear now to be relatively well embedded in practice for initial
screening of liquefaction potential. The recommendations of Zhang et al. (2002), which evolved from
those of Isihara and Yoshimine (1992), are clearly preferred by many workers for estimation of earthquake induced settlements; the Zhang et al. (2002) method relates the post-earthquake volumetric strain in
any given soil horizon to the value of FSL.
Bastani et al. present an interesting case study that examines predictions of the settlements experienced
following the February 2011 earthquake at 6 sites near Christchurch, New Zealand. These sites had already been subjected to a very significant earthquake in 2010 during which extensive liquefaction ejecta
had been observed. The settlements were estimated using LIDAR as survey data were deemed unreliable
because of the settlement of benchmarks. It is seen on Figure 5 that the predicted settlements are surprisingly well predicted using popular triggering method (mentioned above) coupled with the relationship of
Zhang et al. (2002). Figure 5 shows that the Robertson (2009) method leads to settlement predictions
which are within a factor of 2 of measured values.
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Figure 5. Comparison of predicted and measured post-liquefaction settlement after earthquake on 22 February 2011
at Christchurch, reported by Bastani et al.

Malan & Simpson also review data that have emerged from the various earthquake events at Christchurch. These authors show that the CPT end resistance (qc) of the sands to a depth of 25m at Christchurch did not change over a period of 2 years despite 6 major earthquake events during this period. Such
insensitivity of qc to seismic history may explain why predictions obtained by Bastani et al for the February 2011 event (Figure 5) were reasonable even though this event was preceded by another large earthquake in September 2010.
Lo Presti & Meisina examined the impact of two main shocks in 2012 on the Po Plain in Northern Italy. They show that incidences of liquefaction were primarily along winding courses of abandoned rivers
where sandy deposits were predominant. This observation highlights the importance of understanding the
geology and geomorphology when reviewing the susceptibility to liquefaction of any given area. Their
prediction of liquefaction in sandy horizons at depths greater than 4m is consistent with the relatively low
level of damage experienced by buildings on shallow foundations.
Amoroso et al. describe another post-earthquake assessment of liquefaction potential following a magnitude, Mw, 7.6 earthquake in Costa Rica in 2012. Investigations were conducted at two beaches where, as
seen on Figure 6, large cracks with a typical spacing of 1.5m were oriented parallel to the coastline. The
authors present predictions of FSL determined from CPT data using Robertson & Wride (1998), from
DMT data using a variety of methods (Monaco et al. 2005, Tsai et al 2009, Robertson 2012) and from
shear wave velocity (Vs) data using Andrus & Stokoe (2000). It is shown that the CPT and DMT based
methods predicted the liquefaction of the upper sand layers (as shown on Figure 6) but the Vs method did
not indicate any possibility of liquefaction. This is perhaps not surprising given the high level of straining
associated with this earthquake.
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Figure 6. Post-earthquake view of beach in Costa Rica, reported by Amoroso et al.

Zou et al. compare predictions for liquefaction resistance of a silt obtained using the methods of Robertson (2009) and Juang et al. (2008). Predictions are made for the silt before and after vibro-compaction.
The cyclic resistance ratio (CRR) is related to the qt and Ic values for both methods but Juang et al. (2008)
explicitly use the cone pore pressures, via the Bq parameter, to allow estimation of a value for Ic. The two
methods give comparable FSL values before ground improvement but the Juang et al. method predicts
CRR values after ground improvement that are typically 50% higher than those of Robertson (2009). This
is seen to be due to the inference of a different Ic value using Juang et al. method because of the tendency
for generation of negative excess cone pore pressures in the improved silt. The difference between the respective predictions points to the need for further research into the effects of vibro-compaction on liquefaction resistance and on the relationship of CRR with Ic. Premstaller found that vibro-compaction reduced the Ic value in a sandy deposit but, at present, there does not appear to be a basis for estimating the
corresponding increase in liquefaction resistance. It would be interesting, for example, to see the application of DMT based triggering methods to compacted soils (given the relatively high sensitivity of its KD
parameter to stress history).
Although the Juang et al. (2008) method suggests higher post vibro-compaction cyclic resistance for
silt than Robertson (2009), it is noteworthy that the paper by Nguyen & Shao found that the NCEER 97
procedures given in Youd et al. (2001) were even more conservative for non-plastic silt than those given
in Robertson (2009).
Site/soil specific cyclic tests should be conducted for high risk projects in addition to in-situ test based
assessments (Robertson 2010). Tailings storage facilities, which can be hundreds of meters in height, fall
into the high risk category in view of the disastrous consequences that earthquake induced liquefaction
can bring and also because of uncertainties related to the particular characteristics of the tailings themselves. These tailings are usually deposited hydraulically and are highly inter-bedded with significant
quantities of non-plastic fines.
Salehian & Kalinski present results from cyclic triaxial tests on two coal mine tailings deposits. These
deposits were low plasticity, fine grained materials with an average specific gravity of 2.1, a typical qt
value of about 1 MPa to a depth of 40m and a friction ratio of 2%. The cyclic tests on the Shelby tube
samples generally show higher cyclic strengths than equivalent cyclic simple shear tests performed on
similar material. As seen on Figure 7, the Robertson & Wride (1998) correlation is in good agreement
with most of the cyclic tests (when the latter have been modified by a field correction factor of 0.67).
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However, CPT approach suggests that all of the laboratory samples tested would liquefy whereas a number of them did not.

Figure 7 Comparison of liquefaction resistance of mine tailings with correlation of Robertson & Wride (1998)

Winckler et al challenge the suitability of the conventional earthquake triggering analyses to large tailings storage facilities stating that these analyses are only applicable at stress levels corresponding to soil
depths of up to 30m. The authors recommend that assessments are made using excess pore pressure ratios
(Δu2/σ'v0) and the difference between the current state parameter (ψ) and a ψ value of -0.05; Robertson
(2012) shows that the ψ value of about -0.05 line delineates the difference between liquefiable and nonliquefiable soils. Sampling and site specific laboratory testing is again recommended for these kinds of
soils.
6. PILE DESIGN
The large number of papers submitted to the conference that relate to piles is testament to the ever increasing popularity of the application of CPT data to pile design.
6.1 Axial Pile Design
The issue of set-up of shaft capacity of displacement piles in sand is currently the subject of a number
of research initiatives at institutions such as the Norwegian Geotechnical Institute (NGI) and the University of Western Australia (UWA). Igoe et al. present the results from a very valuable case history on this
subject which involved virgin static tension load tests on 340mm diameter, 7m long driven pipe piles. The
observed variation with time of these virgin capacities is compared on Figure 8 with the set-up observed
in a similar study on 457mm diameter pipe piles in Dunkirk sand (Jardine et al. 2006). Figure 8 shows that
there is an irrefutable and very strong gain in capacity with time despite excess pore pressures being absent in the sand from a very early stage. New CPT methods for displacement piles in sand (such as those
presented in API 2011) do not, however, incorporate any time dependence and implicitly provide a ‘medium term’ capacity corresponding to the capacity measured at the average time allowed between installation and load testing of the database piles.
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Figure 8 Trend for increase in shaft capacity with time for driven pipe piles in sand

Togliani and Reuter also discuss effects of time on pile capacity and present the results of dynamic pile
re-tests conducted at various periods after driving of two 25±3m long, 178mm diameter piles. A five-fold
increase in the capacity is observed over a period of 1000 days. This level of increase cannot, however, be
compared directly with that seen on Figure 8 due to consolidation effects operating in the clayey soils that
surrounded about 50% of the pile materials. Mechanisms controlling the long term equalization of stresses
at constant effective stress in clay and sand are presently not well understood.
Papers from Cadogan & Ward, Pardoski, Abu-Farsakh et al and Flynn et al. test the validity of existing correlations between CPT parameters and the pile capacity. Flynn et al., for example, compare the
measured capacities for a database of driven cast-in-situ piles with CPT-based methods for displacement
piles in sand. Little guidance is available in the literature regarding suitable design approaches for this
pile type (despite they being relatively common) and it is useful information for the profession to learn
that a driven pile CPT method (such as UWA-05 or ICP-05; see API 2011) can provide a very good capacity estimate. This observation is likely to arise because the stress regime induced in the ground is largely controlled by the insertion of the steel pipe and its sacrificial base shoe.
Cadogan & Ward and Pardoski consider correlations for shaft and base capacities of bored piles and
displacement screw piles respectively. The correlations derived by Cadogan and Ward are consistent with
those of small diameter piles (where dilation is significant); see Lehane (2009). Less information is available in the literature relating correlations for multi-helix screw piles and it is of interest to note that Pardoski could only reconcile the observed shaft friction between helixes in a clay deposit if the unit friction
was set equal to the remolded strength (which was assumed identical to the CPT sleeve friction). Garcia
& Rocha de Albuquerque use the CPT to estimate parameters for a linear elastic perfectly plastic soil in a
Finite Element analysis of a load test on a CFA pile. Excellent predictions are obtained but these assumed
highly questionable parameters of c' = 91 kPa and φ' = 32o for a stiff clay.
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Abu-Farsakh et al. examined the performance of a variety of prediction methods for axial capacity of
precast concrete piles in Louisiana and showed that CPT-based methods had a significantly greater reliability than the conventional Ktanδ approach in sands and α approach in clays. The authors found that the
CPT method of De Ruiter & Beringen (1979) provided better predictions that the methods of Bustamante
& Gianiselli (1982) and Schmertmann (1978). The De Ruiter & Beringen (1979) method relates the cone
friction directly to the unit shaft friction of driven piles despite evidence presented by Lehane et al.
(1993), and others, showing why such a relationship cannot be generally applicable. Although the methods considered provide separate formulations for different soil types, no indication is provided on the accuracy of each soil type specific formulation.

Figure 9 Degradation of normalized operational shear moduli with pile relative vertical displacement (γp=w/D),
presented by Niazi et al.

Niazi et al. and Cox & Barnhill present methods to estimate the (non-linear) axial load vs. displacement response of piles. The study presented by Niazi et al. is particularly impressive as it involved the
back-analysis of 299 load tests at sites where Gmax values were available or could be reasonably inferred.
As shown on Figure 9, back-analyses revealed consistent degradation of the normalized operational modulus with the pile settlement ratio (w/D). The stiffer response of displacement piles compared with replacement piles shown on Figure 9 is in keeping with general piling experience. The curves shown on
Figure 9 can be used to calculate pile settlement (w) by ensuring (through iteration) that the shear modulus
(G) obtained from the selected degradation curve is consistent with the settlement predicted from the
closed form solution of Randolph & Wroth (1979). This approach is simple and is likely to become popular with practitioners. However, it does not require consideration of the available shaft or base capacity
and is therefore unlikely to yield good predictions at high settlement ratios or when the shaft/base capacity
is not approximately proportional to Gmax. The approach described by Cox & Barnhill is best suited to fitting of load test data and extrapolation using the same parameters to other similar piles at the same site.
6.2 Lateral Pile Design
The use of CPT data to predict the response of piles to lateral toad is described by Suryasentana & Lehane, Truong & Lehane, Guo & Lehane and Bouafai. The research presented in the first three of these pa175

pers forms part of a study at The University of Western Australia (UWA) which was instigated by the increasing demand for wind turbines supported on mono-piles. Suryasentana & Lehane present an examination of the following expression relating the lateral load per metre length (p) for a pile in sand to the lateral
displacement (y), CPT qc value, depth (z) and pile diameter (D), where γz is the vertical effective stress at
a depth, z:
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Equation (4) was derived numerically in a separate paper, which investigated a large range of sand
types using a non-linear elasto-plastic soil model (Suryasentana & Lehane 2014). It is shown in this conference paper to provide excellent predictions of the response of six piles at four different sites. Suryasentana & Lehane (2014) show that a p-y approach using Equation (4) can be employed to predict the lateral
response of the full range of pile diameters in common use, including the very large diameter mono-piles
used to support offshore wind turbines. The CPT based p-y formulation for sands proposed by Bouafia assumes a strong dependence of the ultimate lateral stress on the pile-soil stiffness ratio. This trend was not
evident from the large range of Finite Element analyses performed by Suryasentana & Lehane (2014) and
requires further investigation.
Truong & Lehane assume a simple linear elastic perfectly plastic representation for undrained clay to
derive a CPT based p-y curves from 3D FE analyses. These authors also showed that the standard p-y approach using traditional load-transfer programs gives almost identical predictions to the more involved
and time consuming 3D FE method. The form of the p-y curves derived by Truong & Lehane is very similar to that obtained independently by Guo & Lehane in a series of centrifuge lateral load tests performed in
normally and lightly overconsolidated kaolin. Truong & Lehane show that, despite the simplicity of their
soil model, very good predictions can be obtained for the tests presented in Guo & Lehane if a soil rigidity
index (Ir=G/su) of 150 is employed; the authors are now investigating if the operational Ir value could, in
general, be inferred from Gmax/qnet data obtained from CPTs. It is also of interest to point out that the ultimate lateral pressures measured by Guo & Lehane and predicted by Truong & Lehane are greater than
those currently recommended by API (2011).
In view of the various excitation sources applied to the towers and supporting piles of wind turbines,
it is critically important to have confidence in design predictions for the lateral stiffness of mono-piles.
Prendergast et al. used a modal hammer to induce lateral vibrations to a 340mm diameter, 8.8m long pile.
These authors show that predictions of natural frequency of the pile using the Gmax value determined from
shear wave velocity data provided a superior approach than using the API (2011) recommendations for initial tangent lateral stiffness.
7. ENVIRONMENTAL APPLICATIONS
Finegan & Stock and Riyis et al. present the only two papers on CPT applications for environmental investigations and assessments. The relative shortage of papers in this area could be indicative of a decline
in the use of geo-environmental CPTs although it is suspected that these devices are being generally used
by practitioners who do not fall within the mainstream field of geotechnical engineering (to which this
conference is geared primarily).
Riyis et al. presented results from geo-environmental investigations at three sites. They recognize that
visual assessments of permeability from samples can be very subjective and used a correlation with the
penetration CPT u2 value to assess k. Although such a correlation is flawed in general, the authors recommend calibration of the u2 data with k values inferred from slug tests. Riyis et al. used a resistivity cone
but did not discuss the resistivity measurements in detail.
Finegan & Stock show how the inference of stratigraphy from Ic indices can sometimes be difficult.
These authors simplified the interpretation by reducing the number of soil types (to two) and found that
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the resulting inferred stratigraphy provided a simple picture that could be presented to non-specialists. Finegan & Stock used a laser induced fluorescence (LIF) cone and showed that a normalized procedure for
the laser wavelength needed to be adopted to obtain a consistent interpretation for all wavelengths employed.
8. CONCLUSIONS
It is clear that the CPT is firmly established as the in-situ test of choice for assessment of soil type and to
obtain geotechnical and foundation design parameters. Most papers presented to this session show that
CPT is preferred to the traditional boreholes and sampling approach, which now often only provides supporting data to the CPT interpretations. Moreover, many design methods for evaluation of the capacity of
deep and shallow foundations, ground improvement, liquefaction potential and ground movements use
CPT parameters directly, placing less reliance on more subjective interpretations of geotechnical parameters from the CPT data.
The following general observations can be inferred regarding the current status of CPT applications:
(i)
(ii)

(iii)

(iv)

(v)
(vi)

The Soil Behavior Type (SBT) index, Ic, is a powerful means of assessing the nature of soils at any
given site and its ease of derivation directly from the data provided by CPT contractors has made it
very popular amongst practitioners.
The computed value of Ic must, however, be viewed as a guide to expected behavior, as illustrated,
for example by the case histories involving Municipal Solid Waste (MSW). The Profession therefore needs to continue to specify sampling to assist site specific calibration of Ic values and to allow further refinement of the SBT derivation. It is noted that Ic provides an indication of the soil
type based on in-situ behavior characteristics and needs to be distinguished from traditional soil
classification systems based on physical characteristic from disturbed samples.
The CPT is the most popular in-situ test for assessment of liquefaction potential and postearthquake settlement prediction, thanks largely to an extensive body of research correlating the
incidence of liquefaction to CPT parameters. There appears to be less confidence about the ability
of the CPT correlations to estimate liquefaction resistance of material that has been improved by
vibro-compaction or of material at very high stress levels (such as in large tailings dams). Existing
correlations will undoubtedly continue to be refined in coming years.
The papers re-affirmed the capability of the CPT to provide good estimates of axial pile capacity
but also showed that, with the additional measurement of shear wave velocity in SCPTs, a reasonable estimate of the full axial load displacement behavior can be obtained. It was interesting to
note that CPT-based methods for displacement piles could also be applied to driven cast-in-situ
piles in sands. However there is a clear need for incorporation of set-up effects in the CPT-based
methods for driven piles.
CPT-based methods for predicting the lateral pile response in sand and clay are now being developed and show considerable promise. These are likely to rival the existing API recommendations
(API 2011) as the standard design method in years to come.
The CPT is also beginning to be applied more frequently in pavement engineering works and is
now in direct competition with devices such as the falling weight deflectometer. Further research
is required to assist CPT interpretation in partially saturated soils.
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ABSTRACT: During the last two decades there has been an important change from “single-reading” to
“multiple-reading” tests in site characterization practice, which is exemplified by the transition from SPT
to CPT. In the same vein, the next generation of a family of multi-sleeve devices that seeks to improve
soil characterization and pile design using data from CPT with axial and torsional loading capabilities is
described. As part of the development of this device, a series of axial and torsional axisymmetric interface shear laboratory tests between CPT sleeves with varying roughnesses and sands of different angularity were performed and are presented in this paper, along with a study of the characteristics of the shear
zones created in both loading directions. Finally, micro-mechanical processes that help understand the
differences in both test modes are proposed.

1 INTRODUCTION
1.1 Current practice in in-situ interface testing
The evolution in geotechnical site characterization practice has consisted of moving from “singlereading” to “multiple reading” devices in order to maximize efficiency and extract more information out
of one sounding. Furthermore, devices that reduce the uncertainty and those that offer a strong theoretical background for the interpretation of the measurements into engineering quantities are becoming increasingly attractive. This is exemplified by the transition from the Standard Penetration Test (SPT) to
the Cone Penetration Test (CPT) during the last two decades. In the same vein, a series of multi-sleeve
attachments for the CPT device have been developed at the Georgia Institute of Technology that seek to
improve soil characterization and pile design. These multi-sleeve attachments are designed to be placed
behind a 15 cm2 CPT probe and they take into consideration the effects of surface roughness and different shearing directions in order to characterize in-situ the interface behavior and strength of soilinclusion interface systems. Furthermore, they offer the advantage of reducing lateral variability and
maximizing the information obtained from each CPT sounding.
1.2 Multi sleeve attachments for CPT exploration
The first generation of multi-sleeve attachments, the Multi-Sleeve Friction Attachment (MFA) (DeJong,
2001, DeJong and Frost, 2002) consists of four additional friction sleeve sensor positions which are typically equipped with sleeves of different roughness. Figure 1 presents the staggered diamond texture pattern that is used to control the surface roughness of the friction sleeves. Roughness changes are achieved
by changing the height of the diamond elements, H. The width, w, penetration angle, β, diagonal spacing, s and texture angle of the diamonds, α, are kept constant. The MFA makes it possible to obtain in179

situ the bilinear relationship between interface strength and surface roughness (Uesugi and Kishida,
1986) with only one sounding. Furthermore, when equipped with heavily textured sleeves, the MFA can
provide a direct measurement of the shear strength of the soil. The second generation of devices, the
Multi-Sleeve Piezo-Friction Attachment (MPFA) (Hebeler, 2005, Hebeler and Frost, 2006, Frost, et. al.
2012) includes five additional pore pressure transducers, located before and after each friction sleeve,
which allow to obtain a more robust soil classification and to include the measurements of each friction
sleeve into the effective stress framework.
The third generation, the Multi-Sleeve Piezo-Friction-Torsion Attachment (MPFTA) (Frost and Martinez 2013, Martinez and Frost, 2014) has the added capability of measuring the soil response to torsional shearing which provides additional information regarding the soil behavior and an enhanced characterization of the interface response. This paper presents a series of axial and torsional axisymmetric
shear laboratory tests between sleeves of different roughness and sands of different angularity, along
with a study of the characteristics of the shear zones created in both loading directions.
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Figure 1. Friction sleeve texture, a) schematic of texture where the diamond height, H, is changed in order to
change the surface roughness b) photograph of friction sleeves c) cross-section of smooth CPT sleeve d) crosssection of textured sleeve (adapted from DeJong, 2001 and Hebeler, 2004).

2 AXISYMMETRIC AXIAL AND TORSIONAL INTERFACE TESTING
2.1 Testing setup
The interface shear tests presented in this study were performed with sands of different angularity
sheared against smooth and textured CPT friction sleeves. Medium sized sub-rounded (Ottawa 20-30)
and sub-angular (Blasting 20-30) sands were used for all tests, along with smooth sleeves that comply
with the standards in ASTM D5778 and textured sleeves with diamond heights from 0.25 mm to 2.00
mm. All tests were performed under a confining pressure of 50 kPa and a shearing rate of 5 mm/min. All
specimens were prepared at relative densities between 60% and 65% by a combined pouring and dry
tamping method. Layers of colored sand were incorporated to facilitate shear zone identification.
2.2 Axisymmetric interface shear device
The testing device consists of a cylindrical rigid steel chamber that allows different levels of confining
stress to be applied to the soil specimen via air pressure. A latex membrane and a layer of geotextile allow for uniform lateral pressure to be applied to the specimen. Figure 2 presents a schematic of the geometry and test configuration of both axial and torsional test devices. In the axial configuration, a steel
rod equipped with an interchangeable friction sleeve is pushed up vertically by a worm gear motor. A
load cell located between the steel rod and the motor measures the force and an LVDT located at the top
of the rod measures the displacement. The torsional configuration consists of a stepper motor that rotates
the steel rod. A torque cell located between the steel rod and the motor measures the torque and an
RVDT connected to the upper shaft of the motor measures the angular displacement.
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Figure 2. Schematic of axisymmetric device for a) axial tests and b) torsional tests (adapted from Hebeler, 2005)

3 RESULTS
3.1 Interface shear load-displacement curves
Axial and torsional interface shear tests were performed with the goal of quantifying the effect of the
sleeve surface roughness, grain angularity and shearing direction on the magnitude and shape of load
displacement curves. The results from this study agree well with research from previous authors (Potyondy, 1961, Lee, 1998), which showed that the soil’s shear strength and the continuum surface roughness are among the controlling factors for the interface strength in soil-inclusion systems.
The tests performed in the axial shearing direction are shown in Figures 3a and 3b. A clear increasing
trend is observed between the measured load on the sleeve and the height of the diamond elements. Furthermore, the effect of grain angularity, or soil internal shear strength, is evident, with larger loads being
measured for the tests performed with sub-angular sand and textured sleeves. Similar trends are observed in the tests performed in the torsional shearing direction, shown in Figures 3c and 3d, with increasing surface roughness and angularity resulting into larger measured loads. The axial and torsional
tests performed with smooth CPT sleeves resulted in smallest measured loads and were not affected by
grain angularity.
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Figure 3: Load-displacement curves a) axial direction on sub-rounded sand b) axial on sub-angular c) torsional on
sub-rounded d) torsional on sub-angular

The average residual loads, taken as the average load from 50 mm to 60 mm of displacement from the
load-displacement curves, are shown in Figure 4a for both shearing directions and sands tested. It can be
seen that the average residual loads are greater for tests with sub-angular sand for both shearing directions, resulting in similar measured loads. For tests with sub-rounded sand, the axial tests resulted in
larger measured loads. Furthermore, it can be noted that the loads measured for tests with a smooth CPT
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sleeve are very similar in magnitude, with little to no effect from grain angularity and shearing direction.
This agrees with the previous understanding that interface shear tests against smooth surfaces, such as
the conventional CPT sleeves, are more representative of sliding whereas rougher surfaces, such as the
textured sleeves, are capable of inducing shear within the adjacent soil mass (Hebeler, 2005, Frost and
DeJong, 2005). Also, this agrees with previous studies showing that shearing direction does not affect
the measured loads when smooth CPT sleeves are used (Martinez and Frost, 2014). Figure 4b shows the
normalized average residual load, defined as the ratio of the average residual load from a test with a given sleeve roughness to the average residual load from a test with a smooth CPT sleeve. In this plot, a
normalized residual load value of unity reflects a pure sliding failure mechanism between the sand and
the sleeve, and larger values represent larger influence of soil shearing. Normalizing the loads separates
the values of the axial and torsional tests with sub-angular sands from each other, resulting into larger
normalized residual loads for the torsional direction.
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Figure 4. a) Average residual loads and b) average normalized residual (loadtextured
function of diamond height.
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3.2 Study of axial and torsional shear zone behavior
A series of tests with the objective of quantifying the characteristics of shear zones formed during axial
and torsional tests were performed on sub-rounded sand. In order to do this, the method proposed by
Juang and Holtz (1986) for resin-cemented specimens was followed. In summary, the sand was mixed
with a powder phenolic resin (1% by weight) that has no significant effect on the mechanical characteristics of the sand. After the test is completed, the specimen is heated in order to melt the powder phenolic resin, which acts as a glue that holds the sand matrix together. After the phenolic resin hardens, then it
is possible to dissect the specimen and expose vertical planes in order to take measurements. Figure 5
shows pictures of exposed shear zones from axial and torsional shear tests with colored sand layers
against conventional CPT and textured sleeves. Once the shear zones are exposed, several measurements
of shear zone thicknesses and lengths are performed.

Thickness

a)

b)

Length

c)

d)

Figure 5. Shear zones developed during a) axial test with a conventional CPT sleeve b) axial test with a textured
sleeve (after Hebeler, 2005) c) torsional test with a conventional CPT sleeve and d) torsional test with a textured
sleeve.

182

Figure 6 shows the values of shear zone thickness and length from torsional tests performed against a
textured sleeve of diamond height of 1.00 mm at different displacements. The results include measurements along the top of the diamond elements and along the passthrough areas (defined in Figure 1), as
well as the average. It can be concluded that the staggered diamond texture pattern of the friction sleeves
creates relatively uniform shear zones. It can also be observed that the shear zone thickness, normalized
by the D50 of the sand, increases to a value of approximately 5.1 for displacements of about 9 mm. Subsequent increases in displacement result in a modest increase to up to a value of 6.0 times D50 of the
sand. This implies that displacements of 9 mm are needed in order to fully develop the shear zone thickness. Figure 6b shows a linear relationship between the shear zone length and the displacement.
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Figure 6. a) Shear zone thickness and b) length as a function of displacement for tests performed with subrounded sand and textured sleeves of diamond height, H, of 1.00 mm

A comparison of the shear zone characteristics is presented in Figure 7. The shear zone thickness for the
axial direction is slightly larger, with a maximum value of 6.9 D50, as compared to a maximum value of
5.9 for the torsional direction. However, the behavior and progression of the shear zone thickness is very
similar for both shearing directions. The shear zone length for torsional shearing was significantly larger
for all diamond heights, reaching a stable condition at a diamond height of 1.00 mm with a value of
about 42% of the total displacement of the friction sleeve. The shear zone length values for the axial direction also reach a stable condition at a diamond height of 0.50 mm, with a significantly lower value of
about 14% of the total displacement. It is proposed that this difference in shear zone length reflects the
different mechanisms involved in the measurements of each test configuration. The next section of this
paper discusses these mechanisms.
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Figure 7. Axial and torsional tests a) shear zone thickness b) shear zone length (axial test data form Hebeler,
2005).

4 INTERPRETATION OF RESULTS
4.1 Shearing micro-mechanisms
The two forces that contribute towards the sleeve load measurements during interface shear tests in both
loading directions have been identified. In axial tests the force measurements consists of the Interface
Friction force (IF), originated by the friction between the sleeve and the soil particles, and the Annular
Penetration force (AP), caused by the difference in diameters between the steel rod and the protruding
diamond texturing elements. It has been previously shown that the AP force is proportional to the tip re183

sistance reading of conventional CPT testing (Hebeler, et al., 2004). In torsional tests the force measurements consists of the same IF force observed in the axial configuration and the Tangential Component force (TC) that is originated by the displacement of particles in a tangential direction. The force
components are shown in Figure 8, along with the direction in which they act.

Figure 8: Force components acting on friction sleeves during interface shear tests.

Figure 9 presents a proposed mechanism that can explain the difference in behavior observed in Figure
7b. Shearing in the axial direction imposes loads (IF and AP components) that act parallel to the direction of shearing in the vicinity of the sleeve, as shown on Figure 8. In contrast, torsional shearing transfers load in two different directions. The IF component transfers load in the same direction as the angular displacement while the TC acts in a tangential direction, potentially displacing sand grains away
from the sleeve. The difference in shear zone length comes from the higher possibility of excessive particle rotation in axial shearing, especially for rounded or sub-rounded sands. In this case, the particles
moving parallel to the friction sleeve transfer load to the adjacent particles, which might start rotating
but might not translate, and remain in the same position. During torsional shearing, particles are less
likely to rotate without displacing because the TC is constantly pushing particles away from the sleeve,
forcing them to displace and resulting into a longer shear zone.

Figure 9. Mechanisms for shear zone formation in the a) axial and b) torsional directions. The small arrows represent the direction of the displacement components and the labels in red are the abbreviations of the force component causing the displacement; IF = Interface Friction Force, AP = Annular Penetration Force and TC = Tangential Force Component.

4.2 Effect of sand angularity on load-displacement curves
Sensitivity was used to compare the effects of grain angularity on the shape and behavior of the loaddisplacement curves presented in Figures 4a to 4d. The sensitivity is defined as the ratio of the peak to
average residual load, and the results are presented in Figure 10. It can be seen that the sensitivity is
larger for the torsional loading direction for both sands. Furthermore, the tests performed on subrounded sand (Figure 10a) show a linear decreasing trend between sensitivity and diamond height. This
trend is not observed in the tests performed with sub-angular sand (Figure 10b) where the sensitivity remains approximately constant. The cause of this behavior difference might be the increased resistance to
particle rotation imposed by the angular grains. These results agree with previous Discrete Element
Model studies (Bardet, 1994, Wang, et al, 2004) that showed a larger sensitivity (i.e. strain softening) for
simulations that involved particle rotation restriction, compared to simulations that allowed for free par184

ticle rotations. In the present experimental study, the particle rotation resistance for the angular grains
acts in a similar manner as the particle rotation restriction in DEM simulations.

a)	
  

b)	
  

Figure 10. Load-displacement curves’ sensitivity for a) sub-rounded and b) sub-angular sands.

4.3 Effect of shearing direction on load-displacement curves
The magnitude of strain softening also was found to be a useful quantity to compare the loaddisplacement curves in different shearing directions. The strain softening values as a function of diamond height are presented in Figure 11 for both sands. The magnitude of the strain softening is consistenly larger for torsional tests. It can also be observed that two different trends are followed by the axial and torsional tests. In the axial case, the magnitude of strain softening increases up to a diamond
height of about 0.50 mm, and subsequent increases in diamond height result in no further change to the
amount of strain softening. In the torsional case, the magnitude of strain softening keeps increasing, at a
lower rate, even after a diamond height of 0.50 mm. This difference in behavior is believed to be caused
by the loading mechanisms presented in Figures 8 and 9, which are related to the difference in displacement directions caused by both test modes. These results also agree well with the DEM simulations by
Bardet (1994) and Wang, et al., (2004) discussed in the previous section. In the case of the present
study, the torsional shearing direction results in a larger degree of particle rotation resistance than the
axial direction, which leads to larger strain-softening values. Furthermore, the continuous increase in
strain softening with increasing diamond height observed in torsional tests is associated with higher diamond elements having a larger area of influence resulting into more sand particles being displaced in a
tangential direction away from the sleeve.

Figure 11. Strain softening as a function of diamond height for axial and torsional shearing directions and subrounded and sub-angular sands.

5 CONCLUSIONS
Results of a series of axisymmetric interface shear tests in the axial and torsional directions between
smooth and textured CPT sleeves and sub-rounded and sub-angular sands reveal that the loads measured
during tests performed against conventional smooth CPT sleeves are independent of the shear strength
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of the sand and the loading direction. The tests with textured sleeve resulted in larger loads with increasing surface roughness and sand angularity.
Tests on resin-impregnated specimens showed that the shear zone thickness for torsional tests is fully
developed at very low displacements, while the shear zone length follows a linear relationship with displacement. Also, it was shown that the shear zone thickness is similar for both axial and torsional loading directions, with a value between 6 and 7 times D50. The shear zone length was found to be significantly larger for torsional shear zones. The proposed mechanism influencing this is a larger resistance to
particle rotation during torsional shear tests.
The sensitivity of the load-displacement curves of tests performed on sub-rounded sand was found to
decrease with increasing diamond height, whereas the sensitivity for tests on sub-angular sand remained
approximately constant. This is attributed to the larger interlocking and particle rotation resistance associated with sub-angular sands. Furthermore, the magnitude of strain softening of the load-displacement
curves was found to be consistently larger for torsional tests, which is attributed to the larger rotation resistance during this testing mode. These results agree well with DEM simulations by other authors that
observed a larger degree of sensitivity (i.e. strain softening) when particle rotations were restricted.
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ABSTRACT: The sleeve friction measurement, fs, is considered to be the least reliable of the three measurements
in piezocone testing. One possible contributing factor may be friction sleeves of variable diameters greater than
that of the cone tip. In this study, friction sleeves of different diameter have been used in side-by-side piezocone
testing on three test sites to investigate the possible variation to sleeve friction measurements with sleeve diameter.
The results suggest that there is an effect due to sleeve diameter, with larger measured sleeve friction values for
sleeves of larger diameter (in relation to the cone tip diameter). A correlation has been found between the relative
diameters of the cone and sleeve by considering the effect of the end resistance acting on oversized sleeves and on
empirical comparison between the side-by-side tests. A formula to allow correction for this effect has been suggested.

1 INTRODUCTION
A considerable amount of Cone Penetration Testing (CPT) has been undertaken in the Christchurch area of New
Zealand to evaluate liquefaction following the Canterbury earthquakes of September 2010 and February 2011.
Many of these sites have CPTs done by different contractors using cones from different manufacturers in close
proximity. Observations from some of these sites have shown significant differences in fs values between the different companies. It has also been observed that cones using larger friction sleeve diameters (in relation to the
cone diameter) tend to show higher fs values than those of smaller sleeve diameters. The variations in fs have, in
some cases, lead to significant differences in liquefaction vulnerability and post liquefaction settlement on the
same site. To investigate a possible correlation between sleeve diameter and fs measurements, side-by-side CPTs
were carried out with friction sleeves of different diameters. These tests were carried out on three test sites; one in
clay and two in sand.

2 ACCURACY OF SLEEVE FRICTION MEASUREMENTS
Many authors have found the CPT sleeve friction measurement, fs, to be the least reliable of the three measurements provided by the piezocone (e.g. Tiggelmann & Beukema, 2008, Lunne, 2010). In a comparative study between 11 CPT companies in The Netherlands, Tiggelmann & Beukema (2008) found that there was variation in
both qc and fs measurements between the results of the different companies, but the fs values provided the greatest
variation. Lunne (2010) also compares the results of piezocone tests between 4 different companies in an off189

shore investigation. In that study the qc and u2 values were practically identical, whereas the fs values showed
large variation. The variation in fs was largely thought to be due to the difference in pore water pressure acting at
each end of the friction sleeve (Lunne, et al. 1997). This effect is reduced with the now common use of equal area
friction sleeves, however, as Lunne (2010) points out, there must be some other effects as tests in sand have also
shown large differences in fs values (with very low porewater pressures).
Given the large variation in fs values, Lunne (2010) suggested that it is not possible to utilize this measurement to its full potential (e.g. as advocated by Robertson, 2009). Similarly, Long & Donohue (2010) suggest that
the sleeve friction values be used with caution due to the variation between equipment types.
Lunne and Anderson (2007) suggest that the lack of accuracy in fs measurement is primarily due to the following factors:





Pore pressure effects on the ends of the sleeve
Tolerance in dimensions between the cone and sleeve
Surface roughness of the sleeve
Load cell design and calibration

Boggess and Robertson (2010) considered the main variables to be pore pressure effects on the end of the
sleeve and load cell design/calibration, suggesting that tolerances provided in CPT standards have dealt with dimension effects and sleeve roughness.
However, the anecdotal evidence from the tests in Christchurch suggests that the effect of the tolerance between cone and sleeve diameters is perhaps more significant than previously thought. In this study we have considered only the cone and sleeve diameter effect. The other three possible factors mentioned above are considered
to be negated as the same piezocone by the same manufacturer is used. The only variable is the size of the friction
sleeve diameter.

3 CONE AND SLEEVE DIAMETERS
The ASTM standard (D 5778-12) specifies the tolerances for the cone tip and friction sleeve dimensions. The diameter of the cone tip, dc, is required to be between 35.3 mm and 36.0 mm, with an ‘ideal’ diameter of 35.7 mm.
The standard specifies that the friction sleeve diameter, ds, be equal to the cone diameter, dc, with a tolerance of
between 0.0 mm and 0.35 mm greater than dc.
Most cone manufacturers construct their piezocones with the cone tip diameter to the ideal 35.7 mm. However, the friction sleeve diameters generally range between manufacturers from 0.0 mm to 0.45 mm greater than the
tip diameter.

4 EQUIPMENT AND PROCEDURES
For this study, a piezocone manufactured by Pagani Geotechnical Equipment from Italy has been used. The same
piezocone was used at each test site. The piezocone has a 50 MPa capacity load cell for the end resistance and 500
kPa capacity sleeve friction load cell. The friction sleeve has equal end areas. The porewater pressure element is
at the u2 position.
A cone tip diameter, dc = 35.7 mm was used for all testing. Friction sleeves of different diameters were supplied by Pagani Geotechnical Equipment for this study. Friction sleeve diameters of 35.6 mm, 35.7 mm, 35.85
mm, 36.05 mm and 36.15 mm have been used. These correspond to differences to cone diameter (ds – dc) of -0.1
mm, 0.0 mm, 0.15 mm, 0.35 mm and 0.45 mm, respectively.
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For the purposes of this study, a grease filled slot filter that has been machined to the exact size of the cone
diameter has been used so as to eliminate the effect of a slightly smaller or larger diameter filter element.
At each of the three test sites CPTs were performed with different friction sleeves as side-by-side tests approximately 2.0 m in horizontal distance apart.

5 TEST SITES AND RESULTS
Three test sites were selected; two sand sites in Christchurch and one clay site in Auckland. The sites are:




Keyes Road, Christchurch (sand)
Bower Avenue, Christchurch (sand)
Central Park Drive, Auckland (clay)

The results of the measured data from each of the sites are shown in Figures 1 to 3. The results show reasonable
agreement between the end resistance, qt, but a noticeable visual difference in the friction sleeve values, fs. This
difference also translates to the friction ratio values.

6 INTERPRETATION OF RESULTS
It is clear from the results of the side-by-side tests that the sleeve friction values, fs, (and the friction ratio values,
Rf), progressively increase with increasing sleeve diameter. This is considered to be due to two effects:
1. End resistance on the edge of the sleeve that protrudes from the cone tip
2. Increased friction along the sides of the sleeve due to increased volume of displacement
Figure 4 illustrates how the end resistance can develop on the edge of the friction sleeve.
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Figure 1. Raw data from Keyes Road site

Figure 2. Raw data from Bower Avenue site
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Figure 3. Raw data from Central Park Drive site

Figure 4. End resistance effect on oversize friction sleeve

Thus the measured sleeve friction, fs, can be considered to have two components, as per Equation 1 below:

fs = fs(qt) + fs(f)

(1)

where fs = measured sleeve friction; fs(qt) = component of measured sleeve friction due to end resistance on sleeve
edge; and fs(f) = component of measured sleeve friction due to true friction on the sleeve.

6.1 End Resistance on Friction Sleeve
The component fs(qt) can be calculated by assuming that the same end resistance measured by the cone tip, qt, also
applies to the oversize edge of the sleeve, as illustrated on Figure 4. The force thus measured by the friction sleeve
load cell will be equal to the area of the sleeve end that protrudes over the cone tip multiplied by qt. This is then
divided by the cone sleeve surface area (150 cm2) to give an equivalent sleeve friction value. In this way, Equation 2 below is derived.

    kPa                        

where qt = total cone resistance in MPa; and ds & dc in mm
By combining Equations 1 and 2, the measured fs data can then be corrected for this end resistance effect to give
fs(f).

    kPa                
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This correction for end resistance effect is illustrated in Figure 5 where this correction has been applied to the fs
data of the Keyes Road site (middle graph, fs(f)).

Figure 5. Application of corrections to fs for Keyes Road site

6.2 Relationship between end-resistance corrected fs(f) values
It can be seen in Figure 5 that the fs(f) values fall closer together than the measured fs data, but there remains a
trend of increasing sleeve friction with sleeve diameter. This variation in fs(f) values is thought to be a function of
the volume change between sleeves of increasing diameter (i.e. a function of ds2 – dc2).
To investigate this relationship, a comparison has been made between the fs(f) values corresponding to each of the
various sized sleeves and the sleeve friction measured for the cone with the same size cone tip and sleeve diameter. In undertaking this comparison, some data was re-phased to align peaks. Data that was considered to be due to
natural soil variation was omitted.
For the case of same sized cone and sleeve diameters, ds2 – dc2 = 0 and so no correction is required and fs(f) = fs,
the measured sleeve friction. For the purposes of this study the measured sleeve friction values resulting from
same size sleeve and cone are considered to represent the correct data for comparison purposes.
The graph in Figure 6 shows the average results of the comparative study. In this graph, the values of fs(0)/fs(f)
show a linear relationship with ds2 – dc2. This gives Equation 4 below.

1

0.0084

(4)
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where fs(0) = sleeve friction equivalent to that of an equal diameter cone and sleeve

Figure 6: Plot of fs(0) /fs(f) vs. ds2 – dc2

By applying Equation 4 to the fs(f) values at the Keyes Road site, the corrected fs(0) values shown in Figure 5 are
obtained (right hand graph), which show close agreement.
By combining Equations 3 and 4, an overall correction direct from the raw sleeve friction values, fs, can be obtained, as shown in Equation 5 below:

1

0.0084

(5)

This equation was then applied to the data of all three sites. The resulting measured and corrected data for fs
and Rf are shown in Figures 7-9 for the sites at Keyes Road, Bower Avenue and Central Park Drive, respectively.

195

Figure 7: Keyes Road fs, fs(0), Rf and Rf(0)

Figure 8: Bower Avenue fs, fs(0), Rf and Rf(0)
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Figure 9: Central Park Drive fs, fs(0), Rf and Rf(0)

7 DISCUSSION
From the results of this study, it would appear that the effect on fs measurements is sensitive to the tolerance between the cone and sleeve diameters. The effect appears to be more pronounced in denser sands and stiffer clays.
The suggested correlation (Equation 5) appears to work well in both sands and clays and for stiff/dense soils as
well as soft/loose soils. The correlation also appears to work for sleeves of diameters less than that of the cone tip
(-0.1 mm in this study). For sleeves where the sleeve diameter is less than the cone tip, qt is taken as zero in Equation 5.
The sensitivity of this effect on fs measurements puts greater reliance on regular checking of cone and sleeve
dimensions as wear on these components will have an effect. ASTM D 5778-12 allows a tolerance of up to 0.35
mm between the cone and sleeve, but within this tolerance there is a significant difference in the effect on fs. Even
differences as little as 0.1 mm appear to have an appreciable effect. In sandy or gravely soils, wear can occur rapidly. The effect on fs is also likely to be more pronounced in these soil types. As little as one day’s wear in such
soils could result in significant error is fs measurement.
It is considered that cones and sleeves manufactured to the same diameter (ideally 35.7 mm) would be preferable. For friction sleeves that have diameters greater than the cone tip, either due to wear or by manufacture, a correction such as that suggested by Equation 5 should be applied. In abrasive soils, it is suggested that cone and
sleeve measurements be recorded daily and corrected accordingly.

8 CONCLUSIONS
From the side-by-side tests undertaken in this study it has been shown that different fs measurements are obtained
with piezocones of different sleeve and cone diameters. Piezocones with sleeve diameters larger than the cone tip
result in larger fs measurements than those obtained using a piezocone with equal diameter sleeve and cone. Increasingly larger sleeves (in relation to cone size) create increasingly larger fs measurements. The increased fs
measurements are thought to be due to a combination of end-resistance on the edge of the oversized sleeve plus
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increased friction due to the displacement volume increase of the larger sleeve. The fs measurements appear to be
sensitive to these effects and significant error can arise, particularly in stiff/dense soils.
From empirical correlation between the side-by-side tests, Equation 5, below has been derived to allow correction of this effect.

1

0.0084

(5)

This equation has been found to provide a reasonable correction to the fs values measured in the three test sites
in this study. The correction appears to work well for both sands and clays and for soft/loose soils as well as
stiff/dense soils. The correction also appears to work for a large range of cone and sleeve diameter tolerances (-0.1
mm to 0.45 mm).
Further research will be required to confirm or refine this correlation for other sites and using piezocones from
different manufacturers. It is considered preferable for piezocones to be manufactured with equal diameter sleeve
and cone tips to minimize this effect. This may also lead to more consistent measurements between cones from
different manufacturers. Tighter tolerances in standards may also be required.
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New in standards for CPT of soils in Russia
O.N. Isaev
NIIOSP, Moscow, Russia

ABSTRACT: Discussed in this paper are primary changes for cone penetration testing (CPT) standards
in Russia. New regulations of Intergovernmental standard – GOST 19912-2012 “Soils. Field test methods: cone penetration test and dynamic probing” – are considered. Great deal of attention is paid to a
new section – “CPT-based analysis of soil mechanical properties and pile bearing capacity in permafrost
soil” given in the Set of Rules – SP 25.13330.2012 “Groundwork and foundations in permafrost soils”.
Both documents were developed in N.M. Gersevanov NIIOSP (Moscow).

1 INTRODUCTION
The CPT, as a method for mechanized soil testing, appeared in Russia in the 20th century, however as a
more simplified version, it had been in use for nearly 200 years. In the book “Notes on soil investigation” (Volkov, 1836) of “a colonel Volkov” published in Saint-Petersburg in 1836, one can find description of manual probes which are considered by the author as something that builders of that time were
aware of quite well.
The first CPT standards appeared in Russia in the second half of the 20th century in the former
USSR. The standard SN 448-72 “Guidance on CPT of soils for construction” appeared in 1972, the State
standard – GOST 20069-74 “Soils. CPT for field testing” – in 1974. Single requirements to equipping,
inspecting, setting, testing and data processing were given in these standards. It was determined that a
penetrometer and push rod must be 36 mm in diameter, speed of penetration – no more than 1m/min,
cone resistance can be measured in penetrometer’s total length or in friction sleeve only. These and other developed specifications were included in the revised version of the State standard – GOST 20069-81,
and then – in the Intergovernmental standard – GOST 19912-2001. In accordance with the latter, penetration of soils is to be performed together with other engineering-geological investigations or separately
for the following:
A. Determining engineering-geological elements (thickness of layers and lens, boundaries of different
soil layers).
B. Assessing spatial changeability of soil composition and properties.
C. Determining depth of rock and large fragmental rock roofing.
D. Quantitative assessment of physical-mechanical soil properties (density, modulus of deformation,
angle of internal friction, cohesion of soils, etc.).
E. Determining consolidation and strengthening of soils in time and space.
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F. Assessing possibilities for pile driving; determining the depth of pile immersion.
G. Determining data for pile foundation design.
H. Selecting test sites, considering depth for field tests and sites for collecting soil samplers to perform
laboratory experiments.
I. Quality control for geotechnical works.
Building Codes regulating the results of CPT application in assessing geotechnical properties of
soils (strengthening and deformation characteristics of soils, pile bearing capacity, etc.) appeared in Russia approximately at the same time as the first CPT standard. For example, the first document regulating
pile bearing capacity calculation by CPT results was the Building Code introduced by the USSR Gosstroy in 1962 (SNiP II-Б.5-67*) – “Pile foundations; Design standards” which was replaced by the Building Code (SNiP II-17-77) – “Pile foundations” in 1977. Although Building Codes were improved and
updated, design procedure for pile bearing capacity by CPT results given in SNiP II-17-77 was not
changed considerably.
In 2012-2013 the standards for CPT in Russia were updated again. Firstly, the new revised version
of the Intergovernmental standard – GOST 19912-2012 appeared. Secondly, a new section – “CPTbased analysis of soil mechanical properties and pile foot bearing capacity in permafrost ground” – appeared in the Set of Rules – SP 25.13330.2012 on groundwork and foundation designing.
Both documents were developed in N.M. Gersevanov NIIOSP (Moscow, Russia), the leading geotechnical research institutes and design offices of Russia were also involved.
For many years CPT in the former USSR (and, hence in Russia and CIS) had been developing in
another way than that in Europe or the USA. Various scientific and technical schools were formed. They
offered their own theories, techniques, formulas, diagrams, etc. resulting in Building Codes updating.
Nowadays, in integration of the approaches to CPT, is seems useful to analyze both approaches in order
to reveal their positive aspects.
When analyzing world experience of CPT, Lunne et al. (2004) gives over ten soil properties that can
be determined at CPT (they do not consider Soviet and Russian experience). These properties are usually referred to soil condition assessment, strengthening properties, deformability and filtration properties.
Most of them agree with Russian Building Codes, but some of them deserve particular consideration.
They are as follows:
A. Russian Set of Rules SP 47.13330.2012 (2012) give two strengthening parameters of soil to be determined (φ & с), whereas European standards are restricted by one parameter only su – shear
strength (without any connection to normal stresses).
B. Unit sleeve friction resistance fs given in European standards is used for determining “friction ratio”
fs/qc (100%), whereas in Russia fs is used for determining unit pile side bearing capacity (SP
24.13330.2012) and some properties of soil (e.g. liquidity index IL) (SP 47.13330.2012).
The technique for determining φ & с had been checked for many years and resulted in its applicability in Russia and, probably, abroad. Taking into account unit sleeve friction resistance fs when designing
pile capacity has been normal practice in the former USSR and in Russia for over 50 years. At present,
the design procedure are given in the Set of Rules SP 24.13330.2011. It is necessary to point out that in
Russian penetrometers being used up to now, the length of the friction sleeve is 310 mm, i.e. more than
the size specified by International standards (i.e. 133.7 mm). The research carried out in the former
USSR showed that unit soil resistances are unevenly distributed on the friction sleeve, and they tend to
decrease depending upon their distance away from the cone (Ryzhkov & Isaev 2010). Therefore, unit
sleeve friction resistance in European CPT systems (Fugro, Van der Berg and others) can be 10 to 15 %
higher than in Russian cones. Moreover, in the same soils “friction ratios” fs/qc (100 %) will be 10 to
15 % higher in European systems than in Russian ones equipped with the friction sleeve 310 mm in
length.
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The purpose of the paper is to outline the key changes in the Russian standards for CPT of soils for
the past few years, to show foreign experts trends and particular qualities of development of CPT in
Russia.
2 NEW FOR CPT IN INTERGOVERNMENTAL STANDARD GOST 19912-2012
GOST 19912-2012 regulates field testing techniques for static sounding and dynamic probing in soil investigation for design and building purposes. This paper discusses modifications applied to CPT only.
The following modifications in the standard compared to its previous version have been made.
CPT application area have been expanded – CPT can be used to assess soil condition. For example,
having obtained CPT results, one can estimate if permafrost soil is thawed or frozen or determine the
depth of frozen soils.
The names of penetrometer types for CPT have been corrected – the terms “type I penetrometer”
and “type II penetrometer” have been replaced by “mechanical penetrometer” and “electrical penetrometer”, respectively. The introduced terms are generally accepted in world geotechnical practice, and are
easier-to-use.
The term “special penetrometer” has been introduced. It embraces the group of penetrometers capable to measure, besides soil resistance to penetration, some additional characteristics of soil and/or
control CPT procedure. Pore water pressure, temperature, radiation, electrical resistivity, seismic, inclinometer and other sensors may be used as additional measuring devices. Introduction of the new term is
caused by Russian surveyors’ preference for these penetrometers, particularly in specific soil conditions.
Also introduced has been the regulation on application of special cone penetrometers equipped with
inclinometers. They need to be used in soil testing more than 10 m in depth. Inclinometer readings must
be used to determine the correct depth of penetration and prevent the penetrometer from breaking. The
regulation depends on increased penetration depths under present-day conditions (especially in high-rise
and underground construction) that enhances measurement errors due to penetrometer deviation from
the vertical and increases the hazard of penetrometer damage.
Also introduced has been the regulation on the fact that with CPT with electrical penetrometers,
electronic memory device for record keeping of parameters is needed regardless of other record keeping
techniques. This is due to a great deal of information recorded by the CPT, the necessity to reduce errors
and inaccuracies of measurements caused by the human factor (including dishonest surveyors) and the
necessity of CPT data processing which at present is used everywhere.
Introduced is the possibility to apply the complementary CPT techniques. Alongside with the standard technique of continuous constant speed penetrometer pushing, non-continuous CPT has gained popularity in Russia and abroad. The penetrometer stops at depth with given intervals when complementary
tests in non-standard techniques (e.g. dissipation, relaxation-creep and quasi-static tests) are performed.
In dissipation test when the special penetrometer stops at the given depth, pore pressure dissipation
in the neighboring soil is measured with the sensor mounted in the penetrometer cone. The length of the
test is in accord with the initial pore pressure parameter reduced to 50 %.
In relaxation-creep test when the penetrometer stops at the given depth, the load acting on it and the
speed of its immersion gradually decrease with reduced intensity due to neighboring soil relaxation and
creep. The test is carried out by oil supply shutdown to penetrometer pushing hydro-jacks. During the
test one can measure penetrometer setting, temperature, pore pressure, etc. As a rule, the length of the
test is about 5-10 min. It is determined by the specified conditional stabilization criterion for one of the
measured parameters or specified stabilization time.
In quasi-static test when the special penetrometer stops at the given depth, a series of short immersions in well-controlled stepwise-accelerated speeds is performed.
Introduced is the regulation that in order to overcome penetrometer damage in hard soils, it is allowed to push the penetrometer at a reduced speed of 0.5 m/min. In practice one can fail to push the
penetrometer into solid soils at a speed of 1.2 m/min, i.e. the tests are performed at slower speeds. Unfortunately, this fact is often ignored in applying CPT data and is not mentioned in field log books.
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Introduced is the notion “inclined penetration” and its feasibility in investigating and controlling
excavation and tunnels.
Introduced is “combined penetration” feasibility. If it is difficult to attain the specified depth of
penetration (e.g., due to solid soil band), the test is possible to be performed from the drilled bottom well
which, if necessary, may be cased within a pipe 5-10mm larger in the inside diameter.
The section “Terms and definitions” has been corrected and expanded. This is due to the lack of a
number of important terms and definitions and their coordination with International standards.
Written is the new appendix “Terms and definitions used in CPT standards” considering basic notions and definitions of International standards (IRTP for CPT, 1989; IRTP for CPT and CPTU, 2001;
ISO 22476-1; ISO 22476-12) and the standards of American Society of Civil Engineers (ASTM D344198, ASTM D5778-07). The appendix was necessitated by wider application of imported penetrometers,
foreign techniques for CPT procedures used by Russian surveyors and incorrect translation of terms that
led to incorrect application of the data obtained.
3 TCPT IN PERMAFROST SOILS IN BUILDING CODES SP 25.13330.2012
A new section – “CPT-based analysis of soil mechanical properties and pile foot bearing capacity in
permafrost ground” – appeared in the new version of the Building Codes – SP 25.13330.2012 “Groundwork and foundations on permafrost soils” regulating equipment specification, techniques and CPT data
application in designing groundwork and foundations in permafrost soils.
Equipment specification. An electrical penetrometer equipped with a cone, friction sleeve and a
temperature sensor located inside the penetrometer cone tip is to be used. In world practice this test is
usually called “Cone penetration test with temperature measurement (TCPT)”
A mechanical penetrometer is ignored in the document because of a number of its disadvantages
that make it obsolescent. Due to its design features it is difficult to equip the mechanical penetrometer
with supplementary sensors (including the temperature sensor being extremely important in permafrost)
and devices making it possible to evaluate the additional parameters of soil or to control CPT procedure.
Besides, Russian design of the mechanical penetrometer does not make it possible to determine local
side friction resistance, since it lacks the friction sleeve. Thus, the mechanical penetrometer is not generally used by Russian surveyors (Ryzhkov & Isaev 2010). The similar situation has emerged in world
practice (Lunne et al. 2004). For example, in the collected papers of the 2nd International Symposium
on CPT - CPT`10 (Huntington Beach, USA. 2010) one can hardly find any publications on mechanical
penetrometers.
One of the crucial issues for TCPT in permafrost soils is the complexity of penetrometer pushing1.
To tackle the problem, the following must be needed:
A. It is necessary to use heavy CPT rigs with pushing thrust capacity of not less than 100 kN. The rigs
mounted in all-terrain vehicles are preferred in the Northern regions since they allow the specified
pushing thrust to be ensured ignoring anchors (it is often quite difficult to anchor in permafrost soil)
just owing to all-terrain vehicle mass and high cross-country ability in difficult to access territories.
B. It is necessary to reduce the length of unsupported push rod projecting above the ground surface because of instability hazard (in CPT in standard soil conditions the procedure usually stops by this
reason). It is to be done with a hydraulic clamping device (e.g., mounted in Russian CPT rig – С832М) or special guide casing.
C. If necessary, to use “combined” penetration (the test is carried out with the help of a boring machine
making it possible to drill out barely passable permafrost soil layers alternately and to push the penetrometer).
D. It is necessary to mount a friction reducer above the cone tip; its diameter 10 to 20 mm larger than
the penetrometer; it is placed not nearer than 300 mm from the friction sleeve to avoid extra errors
in measuring unit sleeve friction resistance.
1

Wider application of CPT in permafrost soil is considerably restricted due to a psychological factor – a persistent myth on
CPT failure in permafrost. At the beginning of 1980s when the author was on an arctic expedition, he faced the absolute disbelief in its success. He agreed to bet with a CPT rig operator and promised to perform “Gypsy dance” on the rig roof in case
the expedition was a success.
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Testing technique requirements. TCPT procedure is to be done by pushing the penetrometer at constant speed of 0.5 ± 0.1 m/min accompanied with periodical stops at depth (the recommended interval is
0.5 to 1 m) when the procedure is converted into a relaxation-creep regime (penetrometer “stabilization”) accompanied by penetrometer icing and soil resistance parametric variation in time. The penetrometer being ice-bound, the “stabilization” is over.
The standard, higher speed of penetration – 1.2 ± 0.3m/min – is not taken into account in Building
Codes because of frozen soil strength, and hence penetrometer damage hazards. Penetration speed accuracy specified in Building Codes depends on rheological properties of soil and its sensibility to the speed
of penetration.
Introduced specification for relaxation-creep CPT makes it possible to obtain valuable information
on soil types, conditions and rheological properties ignoring CPT procedure prolongation (periodical
stops of the penetrometer are needed to measure soil natural temperature). This testing technique is not
absolutely new. Laboratory tests for frozen soils in the relaxation-creep regime, often called “dynamometrical tests”, were carried out in the USSR in 1960s. Approximately at that time relaxation-creep CPT
in thawed soils started simultaneously with CPT rig (С-832) development and implementation (Ryzhkov
& Isaev 2010).
TCPT results and data registering. During the test procedure described above the following parameters are to be measured and registered: unit cone resistance and unit sleeve friction resistance at
pushing the penetrometer (qcv & fsv), unit cone resistance and unit sleeve friction resistance at relaxationcreep CPT (qcs & fss) and unit cone resistance at the beginning of pushing after relaxation-creep CPT and
unit sleeve friction resistance in i-layer of soil (qci & fsi); unit cone temperature at pushing relaxationcreep (Tcс & Tcs); cone depth and velocity (Vc); time after relaxation-creep TCPT beginning ts.
The Set of Rules lacks specifications to modes and periodicity of CPT results and data registering.
The specifications are to be chosen in accordance with the Intergovernmental standard GOST 199122012 guides, stating that at pushing the penetrometer with constant speed, the values of qcv , fsv & Tcv
need to be continuously registered or at intervals of 0.1m in penetration depth. At relaxation-creep
TCPT the values of qcs , fss & Tcs need to be registered at the time previous to penetration stopping; at the
beginning of relaxation-creep TCPT; in 0.5 min; from the 1st to the 10th min and then in every 2 min.
Measuring natural temperature of frozen soils Tn is possible by means of the cone temperature sensor Tcs, during relaxation-creep TCPT. For practical purposes the accepted accuracy is when Tcs does not
exceed 0.05 °C in the last 5 min., i.e. the penetrometer has attained soil natural temperature. Up to date,
the temperature of frozen and thawed soils has been measured by the only technique – in the arranged
thermometric holes in accordance with GOST 25358-82.
Determining soil conditions (thawed or frozen). Soil natural temperature awareness is not enough
for determining soil physical properties. It is important to be aware of initial temperature of soil freezing
which depends upon a number of factors – lithology, salinity, etc. Thus, feasibility to determine soil
conditions by diagrams drawn after comparison of test holes drilling and TCPT results based on local
experience has been introduced into Building Codes. In lack of local experience for clayey plastic frozen
unsalted and non-peaty soils it is admitted to use the diagram “qcv – qcv/qcs” given in the Set of Rules.
Here, clayey plastic frozen soils possess higher time strength and rheological properties.
Other features based on TCPT data, but not included in the considered standards can help surveyors
to identify soil conditions:
A. In passing from thawed to frozen soil and vice versa one can notice sharp change in “dynamic” unit
cone resistances qcv.
B. In testing clayey plastic frozen soils at the beginning of relaxation-creep TCPT, unit sleeve friction
resistance fss increases for a few minutes (it is non-typical for thawed clays); the phenomenon is
caused by intensive icing of the friction sleeve and this process prevails over relaxation of soil.
C. Pushing the cone into thawed and solid frozen soils is accompanied by their warming up to 10 & 1
о
С respectively. While pushing the cone penetrometer into plastic frozen soil is often accompanied
by “a pseudoabnormal effect” of penetrometer cooling (up to 0.5 оС). Therefore, if soil temperature
is below zero, the effect shows that the soil is frozen, but not cooled. The feature is particularly important for salted soil studying.
Determining mechanical properties of plastic frozen soils. The standard makes it possible to determine a long-term value of equivalent cohesion Сeq and compressive modulus of deformation of plastic
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frozen soil Ef. The standard gives the empirical dependencies Сeq = ψ1 (qcv) и Ef = ψ2 (qcv) in a tabular
style. In calculated soil temperature Tm,z,e the corrected values of С’eq & Ef’ are to be determined when
multiplying them by correction temperature factors calculated by the empirical dependencies Ceq(T) & Ef
(Т). For these purposes one can use the corrected values of q’cv, calculated by the empirical dependencies qcv (T).
If one knows the equivalent cohesion Сeq, then it is possible to evaluate other features of plastic frozen soil strengthening properties. Let us consider these possibilities.
“Pure” cohesion С of plastic frozen soils can be evaluated by the well-known dependency (Tsytovich 1973)
С = M (Сeq),

(1)

where M = correction factor, equal M = 1 (at φ < 5о), M = 0.615 (at φ = 10о), M = 0.285 (at φ = 20о).
Long-term strength of frozen soil in uniaxial compression Rc can be evaluated by the formula given
in the SP 25.13330.2012:
Rc = 2Сeq.

(2)

Determining particular value of ultimate pile basement resistance to vertical load. In accordance
with the SP 25.13330.2012, driven pile basement resistance in frozen soils Fu after CPT data is evaluated by the formula
Fu = k (RA + γaf  Raf,i Aaf,i),

(3)

where k = coefficient of difference in permafrost soils during TCPT procedure and life cycle of the designed structure; R = 1qcv = unit ultimate cone resistance of frozen soil under pile basement, 1= transition coefficient; А = cross-sectional area of a pile; γaf = coefficient depending on freezing area; Raf,i = 2
fsi = unit long-term resistance of frozen soil to unit pile side bearing capacity in i-layer of soil, 2 = transition coefficient from leader hole to pile cross-sections; Аaf,i = freezing surface area of frozen soil ilayer with pile side surface.
TCPT results are useful when designing groundwork and other types of foundations. For example,
when using the dependency Сeq = ψ1 (qcv), one can evaluate unit long-term design pile end bearing capacity R for frozen soils under driven cast-in place piles, driven piles, movable piles or under isolated
footings
R = 5,7Сeq /γg + γI d,

(4)

where γg = reliability coefficient of soil, γI = design value of unit weight of soil, d = depth of foundation.
4 SUMMARY
In 2013, a new edition of the Russian standard on the test soils by CPT (GOST 19912-2012) was published. As a result, Russian and International standards became significantly closer. However, among
them there are also differences. For example, in the Russian standard friction sleeve length is considerably more and is 310 mm. In order to overcome penetrometer damage in hardsolid soils, it is allowed to
pushimmerse the penetrometer at a reduced speed of 0.5 m/min, etc.
In Russia and abroad different scientific-technical CPT schools have been formed. For example, unlike foreign geotechnical practice in Russian Sets of Rules qc is also used to determine the friction angle
and cohesion of soil, fs – to determine pile side bearing capacity (SP 24.13330.2012) and properties of
soil (SP 47.13330.2012).
In Russia, 65 % of the total land area occupies permafrost. Therefore, the appearance in 2012 on the
use of Russian norm TCPT in permafrost – section in SP 25.13330.2012 is extremely important. The
norm allows to define: the natural temperature and condition (thawed or frozen) of soil, mechanical
properties of plastic frozen soil and pile bearing capacity.
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ABSTRACT: Evaluating physical and mechanical properties of sediments in the marine realm has long
been an important scientific and applied challenge. In-situ techniques such as the Cone Penetration Test
(CPT) have paved the way for answering many marine geotechnical problems. This paper presents the
design and first data example of the Geotechnical Offshore Seabed Tool (GOST) CPT unit. The tool uses
a 5 cm2 cone and measures tip resistance, sleeve friction and pore pressure in the u2 position, acceleration
and inclination (x,y,z). The primary focus of GOST is offshore investigations in of up to 4000 m water
depth but it is also equipped for on-land measurements. GOST can perform static, vibratory penetration,
dissipation and remolding tests.
1 INTRODUCTION
For the last four decades, the CPT has played an essential role in offshore soil investigations (Lunne,
2010). However, operating seafloor CPT has always been a challenge for engineers, especially in deeper
offshore areas. A summary of CPT units that penetrate from the seafloor is illustrated in Table 1. A further
challenge is designing a unit that also performs onshore tests without any required modification since
offshore and onshore CPT units require distinctive transportations and handlings. A group of engineers at
the University of Bremen, Center for Marine Environmental Sciences (MARUM) developed a robotic unit
in order to conduct CPT in both onshore and offshore environments. The unit is called GOST
(Geotechnical Offshore Seabed Tool) and can be operated from almost any kind of platform or truck with
3-9 tons lifting capacity for offshore or onshore projects, respectively (Figure 1). GOST is commercially
operated under the lease of GEO-Engineering.org GmbH.

Figure 1. GOST conducting (a) onshore and (b) offshore tests.
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Table 1. Developments summary of units conducting CPT from the seafloor (after Lunne, 2010).
Penetration mechanism/
main advance development

Date

Equipment

Company

Note

Discontinuous push
Hydraulic cylinder

March
1972

Dead weight
operated from
platform

NGI/McClelland

May 4 m penetration
reached in dense sand

March
1972

Seacalf

Fugro

1974

Stingray

1976

Diving bell

1991

SCOPE

Delf Soil Mechanics
Laboratory (Deltares)
Geo, Denmark

2010

GOST

MARUM

1983

ROSON

APvandenBerg/
D'Appolonia

Roller wheels

McClelland

Synopticated hydraulic
cylinder

Fugro

Roller wheels

Continuous push

1984
1984

Modified
BORROS rig
Wheeldrive
Seacalf

McClelland

2010

DeepCPT

Gregg Drilling &
Testing

Coiled rod
(on full size rods)

2000

Penfeld

IFREMER

Seabed founded drilling,
testing and sampling rigs

2001

PROD

Benthic

Combined rig

1997

Searobin

Fugro

Mining

ROV mounted

2001

Geoceptor

Geo, Denmark

-

Rovdrill

Forum Energy
Technologies

-

MeBo

MARUM

1992

Seascout

Fugro

1999

MiniCPT

Gregg Drilling &
Testing

2000

Neptun

DATEM

1983

Mini Wison

Fugro

25 m penetration
reached in 130 m water
depth
Push on drill pipe, not
on cone rod
600 kN reaction force,
60 m penetration achieved
Self leveling
5 cm2 cone, on/offshore
operations

Suction anchor, 200kN
thrust capacity, 10 and
15 cm2 cones
Selfpowered by lead
batteries. Can penetrate
to 30 m
Rods stored in carousel
on sea bottom
Can take sample to 1 m
and do 10 cm2 CPT to 2
m in one deployment
Can take sample to 6 m
and do 10 cm2 CPT to
10 m in one deployment
Can take samples to 200 m
and conduct CPT with
working depth of 3000 m
Can take samples to 50 m
with working depth of 2000
m. Planned to conduct
memo cone CPTu in future
Coiled rod, wt < 1 ton,
1 cm2 cone penetrometer
Coiled rod; 2 cm2 cones
up to 12 m penetration
Coiled rod 5 and 10 cm2
cones; up to 20 m
penetration
1 m stroke, 5 cm2 cone
penetration

Reference

Lunne (2010)

Jorat et al.
(2014)

Lunne (2010)

Lunne (2010)
Lunne (2010)

Lunne (2010)

http://
www.f-e-t.com
http://
www.marum.de

Lunne (2010)

Lunne (2010)

GOST uses a cone with a projected area of 5 cm2. Compared with traditional cones with projected areas of
10 cm2, 5 cm2 cones are more precise and sensitive to rapid changes in thin layered soils via tip resistance,
sleeve friction and pore pressure measurements due to increased vertical resolution, which provides more
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detailed profiles (Lunne et al., 1997; Hird and Springman, 2006). GOST is designed to perform offshore
CPT in up to 4000 m water depth. During continuous offshore surveys, the tool is lifted slightly from the
seafloor during transit and positioned at the next targeted site (Figure 2). This style of positioning is called
dangling operation and has the benefit of keeping the unit under water without the requirement for full
recovery until all intended sites are penetrated, which is thus more time-efficient. In GOST, the cone has
the ability to penetrate at a variable rate of up to 3 cm/s, but GOST usually performs penetrations with the
standard rate of 2 cm/s (e.g. Lunne et al., 1997). While penetrating, GOST measures tip resistance (qc),
sleeve friction (fs), pore pressure (u2), acceleration and inclination in x,y,z directions. The pore pressure is
measured by a differential pore pressure sensor with the hydrostatic pressure through the rod as reference.
GOST can also conduct vibratory CPT with controlled frequency and amplitude for liquefaction analysis.
Another very important capability of GOST is conducting remolding tests through cyclic pushing and
pulling of the cone at a specific depth to evaluate sensitivity of sediments. Hydraulic properties of
sediment layers are evaluated with the use of CPT dissipation tests.

Figure 2. GOST during dangling operation.

2 INSTRUMENT AND MEASUREMENT METHODOLOGY
GOST has been designed to perform advanced offshore and onshore CPTu measurements. The goals of
the design were:
 Ease of use and relatively small dimensions
 Robustness
 Modularity separation of load frame and ballast, flexible ballast configuration 2-8 tons
 Full seabed penetration depth comparable to 2-3 times larger and heavier industry units
 Simplicity and robustness in mechanics
 Minimization of wear and replacement
Figure 3a, 3b and 3c show parts and configurations of GOST.
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Figure 3 (a), (b) & (c). Photographs of GOST and its parts and configurations.

GOST consists of three functional groups: (1) the frame, ballast and mechanics, (2) the control,
communication and power supply, and (3) the hydraulic system. In this section each of these functional
groups will be explained briefly followed by a section on measurement modes.
2.1 Frame, ballast and mechanics
GOST has a square footprint of 1.7 m in width and is 2.2 m in height. The weight without ballast is ~ 2
ton in air. The GOST-system is built within a rectangular frame consisting of I-shaped hot dip galvanized
steel beams. The frame allows the transmission of compressive forces of up to 10 ton from the hydraulic
pistons to the push rods. Besides acting as a load frame, the frame also carries a modular system of iron
ballast plates on its base. The ballast allows adjustment of the unit for different tasks, carriage capabilities
of platforms and limiting soil bearing strength. The sounding rod push process is controlled via four
mechanical clamps (Figure 3a). All clamps are hydraulically activated and designed in a way to passively
increase the pushing and pulling forces. Hydraulic activation of the clamps ensures near to zero slip at the
beginning of the pushing process. The unit is equipped with one pair of static and one pair of dynamic
clamps (Figure 3b). The two static clamps are fixed to the main frame while the dynamic clamps are
mounted on the mobile load traverse responsible for the pushing and pulling action. One cycle of pushing
motion is described as follows:
 static clamp holds the rod
 dynamic clamp moves upward
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 dynamic clamp holds the rod
 static clamp releases the rod
 dynamic clamp pushes
 static clamp holds the rod
 dynamic clamp releases
 dynamic clamp moves upward preparing for the next push
Each stroke consists of 25 cm displacement. The static clamps are used to prevent cone, soil and rod
relaxation during the time period of the upward movement of the mobile load traverse.
The rods are stored in a rod magazine with a capacity of up to 30 m (20 rods). The rod build up is done
manually during the first meters of the deployment of the unit. The rods are installed as GOST is lowered
in the water and two alternating rod clamps stabilize the rods arrangement during build up with the use of
a constant tension winch with ~ 2 kN tension. After the desired rod length is installed, a constant tension is
applied during all following operations, assuring straight rod assembly and heave compensation (Figure
4).

Figure 4. (a) Rod magazine and main push rod fixed to the cone and (b) the rod build up process on the main push
rod.

The highly dynamic tension winch is capable of compensating for the heave of the ship. Successful
tests with up to 4 m of heave have been completed.
The unit is deployed with a three-way pulley system to prevent turning of the system; this has been
tested in current of up to 6 knots. The sheaves of the pulley system are arranged in a triangle configuration
around the center of gravity to assure a straight orientation of the tool. The fixed wire termination at
GOST unit allows the attachment of a separate electric supply and communication cable during the
deployment. Thus the unit is operated either with a combined load and energy/data carrying umbilical
cable or an inexpensive load wire and a separate data and energy cable that allows for inexpensive
operation using the infrastructure from almost any type of platform.
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2.2 Control, Communication, and Power supply
The CPTu cone is connected via a RS485 interface to the GOST control unit. The highlight of the 5 cm2
cone is its 24-bit AD converter which is mounted inside the cone and directly digitizes the analog data
without the use of amplifiers. An internal oil fill allows the cone to be hydrostatic compensated through
the rod magazine. This allows for the collection of differential pore pressure data, which is especially
valuable in deep water applications.
The communication, control and power supply of the GOST-system consists of four main components:
1) the board unit with power supply and data modem unit (board unit) controlled via,
2) standard computer,
3) GOST based seafloor current converter and data modem counterpart attached to,
4) miniature windows computer, PC104.
The GOST-system itself works with a supply current of 230 V at 50 Hz and has a power consumption
of up to 3500 W. Electric supply can be provided from the platform or from a separate mobile power
generator. At the platform-based board control unit, the current is transformed from 230 VAC to 1500
VAC and an ethernet data communication is coupled with the 1500 VAC current with special long-range
modems. One coaxial cable is used to provide the electrical power and data communication to the GOSTsystem. The long-range modems allow communication distances of up to 10 km. At the seabed unit, the
1500 VAC high voltage is transformed back to 230 VAC and the data communication is demodulated
from the power line. The use of high voltage minimizes the power loss over long telemetry lines.
The GOST seafloor control unit uses an industrial mini PC (PC 104) with a single 1.6 GHz core. All
data transfer, movement initiation and sensor registration are done via the interfaces of the PC104.
The software that controls the unit and collects the data has been developed with the LabView
environment from National Instruments. This software provides permanent access to all parts of the
GOST-system control center that enables the unit operator to have proper control over all settings. The
push and pull motion and the four possible clamp actions are coordinated via the Labview application.
During penetration, the software application generates a continuous data log with approximately 5
samples per sec for each of the 6 senor values (tip, sleeve, pore pressure, inclination (x,y,z)).
The CPT push of the GOST-system is controlled by a 100 Hz, high precision industrial position
controller using an inductive distance sensor adapted for underwater use. The push action is implemented
via a high precision hydraulic servo valve especially adapted for underwater work. Depending on different
geotechnical applications, clamps and feed motion can be activated in user-specified sequences.
2.3 Hydraulics
An electro-hydraulic power pack with 230 V / 2200 W and up to 22 MPa oil pressure and up to 4.2 L/min
flow volume capacity supplies the required hydraulic power for all the GOST-system mechanical
operations. The push and pull is done by two parallel hydraulic cylinders with a stroke length of 250 mm.
Unlike the push speed which is servo controlled, the clamps are operated in a simple open-or-closed
scheme. The hydraulic tank and the valve block are pressure compensated to the surrounding hydrostatic
pressure.
2.4 Geotechnical testing modes
2.4.1 Static CPT
For standard static CPTu data collection, the cone penetrates at a speed of 2 cm/s. The dynamic position
controller ensures a constant push speed during penetration independent of the varying sediment
resistance. The software application generates a user-defined constant voltage signal for the position
regulator to keep the speed constant. The maximum stroke length defined for the regulator is fixed at 250
mm. With the feedback from the distance sensor, the controller automatically identifies the location of the
push clamps. The user set speed and the stroke distance are two important parameters for the controller to
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calculate the time series of displacement for each push. As a result, control signals are generated for the
servo valve that in turn controls the hydraulic pressure and oil flow speed. During penetration of the cone
from a soft to hard sediment layer, the penetration rate would normally decrease. However, if the distance
is too short, the feedback control stimulates the controller to calculate a new control signal for the servo
valve. The servo valve in turn increases the hydraulic pressure and oil volume which increases the push
force to maintain the average speed of e.g. 2 cm/s in contrasting soil conditions. The operation frequency
of 1000 Hz for the position controller and distance sensor feedback provides the basis for a very wellmaintained, constant feed motion speed.
2.4.2 Vibratory CPT
In order to generate vibration during the push feed motion, speed parameters for the position regulators are
modified. A small amplitude sine signal is overlain on the 2 cm/s regular push speed. This in turn leads to
a cone vibration during penetration (times of acceleration and deceleration during penetration). Different
settings for amplitude and frequency can be set via the controller, limited only by the maximum hydraulic
capacities (pressure and oil volume per time) of the GOST hydraulic system.
2.4.3 Remolding test
Vane shear test is one of the techniques that has been utilized to measure remolding shear strength of
sediments (e.g. Rocker, 1974) in the laboratory and field. In this technique, blades of the vane shear
device rotate and preferentially destroy existing sediment structure along the shear planes. Accordingly,
resistance of the blades will be measured in the test. A kind of remolding test has been conducted with
GOST unit during static and vibratory CPT. To initiate a remolding test by CPT, the cone stops at a
desired depth, the probe is pulled back one stroke (250 mm) and continues with one stroke push into
already tested and disturbed soil. This sequence of pull and push movements can be repeated several times
according to the user-defined application. The goal of such remolding testing is to record a sequence of
decreasing tip and sleeve values to determine the residual strength of cohesive soils.
2.4.4 Dissipation test
As in a remolding test, the dissipation test can be conducted during static and vibratory CPT. The cone is
penetrated to the desired depth and remains stationary to measure the dissipation of the induced pore water
excess-pressure. For this test, a software application extension is programmed which allows the operator
of the unit to monitor pore water pressure versus time during the test. Duration of the test depends on the
soil type and can vary from a few minutes to a few days.
3 TYPICAL DATA PROTOCOL
In addition to tip resistance, sleeve friction, friction ratio and pore water pressure (u2), Soil Behavior Type
(SBT) is combined with data in an example protocol in Figure 5. SBT is evaluated based on CPT results
and through the CLiq (2008) software program based on the SBT chart proposed by Robertson et al.
(1986).
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Figure 5. Typical CPT protocol generated by GOST showing (a) tip resistance, (b) sleeve friction, (c) friction ratio,
(d) differential pore water pressure (u2) and (e) Soil Behavior Type (SBT).

CPT measurements were collected for an offshore project in New Zealand with water depth of 13.50 m.
The total penetration depth of the CPT data-set is 19 m with standard penetration speed of 2 cm/s.
Continuous data-set was achieved through combinations of data recorded from consecutive 250 mm
strokes.
The recording of tip resistance values less than 0.30 MPa between 0.40 and 7 m, and recording the
rapid increase of tip resistance between depths of 9.50 and 10 m is achieved with the use of 24-bit AD
converter cone (Figure 5a). The high resolution cone enables detection of fine layers with thickness of 1
cm (e.g. at the depth of 11.20 m) which is usually not possible or strongly depth averaged by larger
industrial cones available in the market. Despite discontinuous pushing mechanism of GOST, successive
tip resistance profile is achieved with the use of high precision clamps that keep the cone under loading to
prevent much of the soil relaxation.
Very high values of sleeve friction in the first 0.40 m of the profile indicate the presence of material
that imposes large friction to the sleeve during penetration (Figure 5b). Deposited young broken shells are
the most probable reason for the strong increase in sleeve friction. As the sleeve friction values are
calculated by mathematical subtraction of the sleeve from tip recorded during tests, sleeve friction and tip
resistance have the same profile signature common to all subtraction cone measurements.
Down-hole variations of the differential pore water pressure values reflect the hydraulic properties of
the tested sediment types (Figure 5d). Pore water pressure in soft materials increases consistently due to
the ability of fine grain size materials in withstanding the induced pore water pressure. On the other hand,
in granular and highly conductive sediments, the pore water pressure decreases rapidly (Figure 5d, 10 m
depth). Small decreases of the induced pore water pressure seen in Figure 5d are related to the short time
intervals between pushes (upward movement of the mobile load traverse).
SBT chart mainly shows sediments with clay and clay and silty clay behavior in upper part and silty
sand and sandy silt in the lower part of the profile (Figure 5e). With the use of precise CPT results, wide
ranges of units were identified in the SBT chart. Because of the high resolution cone data, very fine layers
with distinctive unit properties were identified in the SBT chart.
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4 CONCLUSIONS
GOST allows a wide range of geotechnical testing such as static CPT, vibratory CPT, remolding and
dissipation tests. The unit is able to perform both on- and offshore CPT projects. Significant design and
construction of GOST provide precise CPT logs that can be used for on- and offshore geological and
geotechnical investigations. Using the cone tip with a cross section of 5 cm2 enables GOST to record highresolution CPT profiles. The precise pore water pressure sensor helps to evaluate pore water pressure of
different sediments while penetrating. The development of GOST aimed to optimize the mobilization
effort and cost of on- and offshore CPT projects that allow the unit to be operated from almost any vessels
being capable of lifting and positioning the unit. The specifications of GOST make it distinctive from
most of the systems available on the market.
For next steps, GOST will be utilized for deeper water soil investigations and evaluations. Other areas
of constant improvement are a self-elevating unit for positioning the system on slopes, and development
of the cone for improving the sleeve measurements using a compression cone system.
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ABSTRACT: The Geotechnical Offshore Seabed Tool (GOST) was used in three field campaigns in onand offshore areas in Tauranga, Bay of Plenty, New Zealand. Offshore measurements were performed
along the main shipping channel in the Tauranga Harbor and onshore measurements were conducted at
the locations of two landslides at Pyes Pa and Omokoroa. From each of these sites a sample static CPTu
profile is described and reviewed. Additionally, a vibratory CPTu from the Pyes Pa landslide is
presented. The CPTu results were used for subsurface sediments investigations at the tested locations.
1 INTRODUCTION
In Tauranga Harbor, New Zealand, recent interest in dredging operations to widen and deepen the
shipping channel to accommodate larger vessels up to 7000 twenty foot equivalent units has provided the
impetus to perform sediment stratigraphy and characterization of the area. Ongoing dredging operations
have been undertaken since 1968 to improve navigation for shipping in the harbor (Healy et al. 1996).
Observations of weathered volcanic ashes with high clay content and weathered ignimbrite in core
samples taken for Port of Tauranga development projects imply that this sequence is widespread in the
sub-surface stratigraphy of the harbor, especially along the dredged channel. Identification of ash layers
before dredging was one of the most important issues in a project designed to predict any instability prior
to dredging, and to identify measures to reduce turbidity during dredging and disposal. In addition,
distribution of ignimbrite layers is an important factor for dredging as these layers are much harder to
dredge compared with the ash layers and hence, require different dredging methods.
In the Tauranga basin, slope failures commonly occur after heavy rainfall events. Onshore low
permeability volcanic ash layers act as a barrier to groundwater movement flowing excessive rainfall and
hence prevent pore pressure dissipation. Accumulated rainfall above the ash layers boosts pore fluid
pressures in the overlying material lowers shear strength and leads to slope failures. Two of the most
recent slope failures occurred at Pyes Pa and Omokoroa; these failures caused loss or damage to public
and private properties (Figure 1).
In a collaboration between the University of Bremen in Germany and the University of Waikato in
New Zealand, in-situ measurements of sediment physical and mechanical properties were carried out with
the use of a CPTu unit called GOST (Geotechnical Offshore Seabed Tool). The instrument design and
modes of deployment are described in another paper prepared for this conference (see Jorat et al, this
issue).
The offshore tests at the Tauranga Harbor were conducted from a barge where GOST was positioned
and retrieved from the seafloor using a crane mounted on the barge with 5 ton lifting capacity. The barge
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was held in position with three anchors. The barge was positioned by a tug-boat provided from the Port of
Tauranga Ltd.

Figure 1. Map of (a) New Zealand and (b) CPTu field campaign sites in Bay of Plenty. Both maps are generated
from Land Information New Zealand data.

During two weeks, 15 static CPTu, two vibratory CPTu, one remolding test and one dissipation test
were conducted along the Tauranga Harbor (Figure 2) shipping channel. Of those, one static CPTu
deployed in the dredged section of the harbor that is known as Stella Passage is presented in this paper.

2
218

Figure 2 (a) & (b). GOST during deployments in Tauranga Harbor.

For onshore tests at the Pyes Pa and Omokoroa landslides, instruments were transported to the location
and positioned by truck crane, and a mobile generator was used to provide power for the instruments.
During two days, two static CPTu, two vibratory CPTu, two remolding tests and one dissipation test were
conducted at both landslide locations (Figure 3). Of those, one static and vibratory CPTu performed at the
Pyes Pa landslide and one static CPTu performed at the Omokoroa landslide are illustrated in this paper.

Figure 3. GOST during deployments at (a) Pyes Pa and (b) Omokoroa.

The objectives of this paper are to:
(a) present CPTu traces for sub-surface investigations at Tauranga Harbor, the Pyes Pa landslide and
the Omokoroa landslide and match identified layers with known geological sequences of the areas.
(b) compare geological sequences in Tauranga Harbor with the Omokoroa landslide by using static
CPTu; and
(c) investigate the impact of vibration on sediments from different geological sequences at the Pyes Pa
landslide by comparing static and vibratory CPTu.
3
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2 RESULTS AND DISCUSSIONS
2.1 Stella Passage, Tauranga Harbor
Figure 4 represents a typical CPTu data-set, including tip resistance, sleeve friction, friction ratio and
differential pore pressure data collected in-situ within Stella Passage, Tauranga Harbor. In addition, Soil
Behavior Type (SBT) generated from CPTu results and the SBT chart from Robertson et al. (1986) was
evaluated by the CLiq (2008) software program and has been added to the figure (Figure 4).

Figure 4. CPTu and soil behavior type results from Tauranga Harbor.

Elevated tip resistance and sleeve friction, very high friction ratio and zero differential pore water
pressure values are the main characteristics of a shelly sand layer described by Davis and Healy (1993) as
the upper lithofacies along Stella Passage within Tauranga Harbor. In the first 1.20 m of the soil profile,
the presence of broken shells in marine sand sediments is indicated by a rapid increase of friction ratio
values to more than 4 % (Figure 4).
SBT results from analysis of CPTu between 1.20 and 10.50 m of the profile indicates the existence of
sensitive fine-grained layers. Very low values of tip resistance and sleeve friction, as well as a rapid
increase in differential pore water pressure are the main CPTu characteristics of the layers indentified as
sensitive layers in SBT graph. Observations of cores taken from Stella Passage indicate that below the
shelly sand layer, a thick layer of pumiceous sands, silts and clays is deposited (Opus, 2011). This material
is part of the Matua Subgroup, a complex sequence of primary and reworked pyroclastic materials (Briggs
et al., 1996). Within the Matua Subgroup are two finer-grained units: the Pahoia Tephras, a sequence of
fine-grained pyroclastic that is extensively weathered to clay materials, and localized diatomaceous silts
representing lacustrine deposition.
At about 12 m, sharp increases in tip resistance, sleeve friction, friction ratio and a decrease in
differential pore water pressure is attributed to the presence of a pumiceous sand and gravel unit observed
in Opus (2011) cores taken from the Stella Passage. This unit likely corresponds to the Te Ranga
Ignimbrite described by Briggs et al. (1996). This is underlain by coarse lignite materials which show
increasing tip resistance and sleeve friction and a decreasing pore water pressure response.
4
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2.2 Pyes Pa landslide
In this section, static and vibratory CPTu results performed at the Pyes Pa landslide are reviewed. Figure 5
shows static and vibratory tip resistance and pore water pressure. Comparisons between static and
vibratory CPTu results exhibit the impact of in-situ dynamic loading on the sediments. The CPTu field
campaign at the Pyes Pa landslide was previously discussed by Jorat et al. (2014).

Figure 5. Comparisons of static and vibratory CPTu test results (after Jorat et al. 2014).

Jorat et al. (2014) suggest that the first 7 m of the profile consists of an ash sequence that overlies a
paleosol layer. Considering the general stratigraphy of the Tauranga region proposed by Briggs et al.
(1996), the ash layer is likely to be Rotoehu Ash or the Hamilton Ashes sequence. Jorat et al. (2014) also
observed an apparently clayey layer from 7 to 13.70 m that has similar tip resistance and differential pore
water pressure signatures to the Pahoia Tephra identified in the Tauranga Harbor CPTu results (Figure 5).
From the depth of 13.70 to 16 m depth, a poorly welded ignimbrite, probably Waimakariri Ignimbrite, was
observed (Jorat et al. 2014).
Static and vibratory CPTu do not show obvious differences between the tephra layers except between 4
and 4.50 m (Figure 5). As the deposition of the materials is not always horizontal, 1 m of horizontal
distance between soundings can cause some variation in CPTu profiles that is inferred to be the reason for
large differences between static and vibratory tip resistance between 4 and 4.50 m. Within the ignimbrite
layer, vibratory tip resistance decreases consistently, which is attributed to the reduction of penetration
resistance under the effect of vibration.
Static and vibratory pore pressures are consistent with each other within the modern soil, Hamilton
Ashes and Waimakariri Ignimbrite layers (Figure 5). However, in the Pahoia Tephra sequence, pore
pressure in vibratory mode increases consistently compared with pore pressure in static mode. The
increase in pore water pressure directly leads to a decrease in effective stress that may lead to slope
failure. The largest increase in pore water pressures under the effect of vibration was recorded at a depth
of 13.70 m, which is therefore the depth most vulnerable to dynamic loading.

5
221

2.3 Omokoroa landslide
CPTu measurement was undertaken immediately behind the scarp of the landslide at Omokoroa. Figure 6
shows results of tip resistance, sleeve friction, friction ratio, differential pore water pressure and SBT.
Static CPTu tip resistance and pore water pressure at this landslide were shown and described by Moon et
al. (2013) and the results are reviewed here.

Figure 6. CPTu and soil behavior type results from the Omokoroa landslide. Tip resistance and pore pressure are
after Moon et al. (2013).

The stratigraphic sequence along the first 24 m of sediments from top to bottom consist of Pleistocene and
Holocene materials considered as modern soil, Rotoehu Ash, Hamilton Ashes and Pahoia Tephra (Moon
et al. 2013). Low values of tip resistance and sleeve friction and elevated pore water pressure were
recorded within these pyroclastic sequences (Figure 6). However, the SBT units corresponding to these
sequences at the Omokora landslide are different from the Tauranga Harbor SBT units. The Hamilton
Ashes sequence which is present at the Omokoroa landslide is not preserved at the site of the CPTu at
Tauranga Harbor. Tip resistance and sleeve friction values within the Pahoia Tephra sequence at the
Omokoroa landslide are slightly higher than the ones in Stella Passage. However, the rapid increase in
pore water pressure within the tephra layer is similar to the signature of the tephra layer located in Stella
Passage. According to Moon et al. (2013), the Pahoia Tephra is the sequence associated with the sensitive
soil failures in the Tauranga region. Te Puna Ignimbrite lies below the Pahoia Tephra sequence at the
landslide location (Moon et al. 2013) that is different from the type of ignimbrite present at the site of the
CPTu at Turanga Harbor. Increases in tip resistance and sleeve friction and decrease in pore water
pressure in the CPTu results below the depth of 24 m is associated with the presence of Te Puna
Ignimbrite.
3 CONCLUSIONS
GOST was shipped to New Zealand and a series of tests were performed in Stella Passage, Tauranga
Harbor, and two nearby landslides at Pyes Pa and Omokoroa. In Stella Passage, four main sequences
consisting of modern sediments, Pahoia Tephras and lacustrine deposition, ignimbrite and lignite materials
and in the Pyes Pa landslide and the Omokoroa landslide, four main sequences consisting of modern soil,
Hamilton Ashes, Pahoias Tephra and ignimbrite are recognized and matched with the known geological
sequences.
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Very low tip resistance and rapid increase of differential pore water pressure are the CPTu signatures of
the ash and the tephra layers found at the Tauranga Harbor and the Omokoroa landslide. Tip resistance of
the ash and the tephra layers at the Tauranga Harbor is significantly lower than the ones located at the
Omokoroa landslides due to greater pumice content in Stella Passage.
At the Pyes Pa landslide site, vibration increased values of pore water pressure within the tephra layer,
which resulted in a reduction of effective stresses. The results showed the vulnerability of the layer to loss
of strength under dynamic loading conditions.
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ABSTRACT: The objective of this paper is to introduce a new method for configuring a temperaturecompensated circuit in a mini-cone. To compare the new temperature-compensated mini-cone with a conventional half-bridge-circuit cone, the mini-cone is designed to have a diameter of 15 mm, with a projected area of 1.76 cm2. The full-bridge temperature-compensated circuit of the new mini-cone is configured
using an extension rod behind the connection part of the rod to install a total of four strain gauges. Two
strain gauges are attached to the mechanical resistance measuring part, and the other two gauges are installed on the extended part. In addition, a half-bridge circuit is also configured in the mini-cone to compare the temperature variation effects. The theoretical background and results of an experimental study
show that the suggested method is less affected by temperature variation than the previous method. Furthermore, the measured mechanical resistances obtained by the temperature-compensated circuit are more
reliable and reasonable. This study demonstrates that the temperature-compensated circuit may be a useful
technique for obtaining high-quality mechanical resistance measurements using small mini-cones.

1 INTRODUCTION
A cone penetration test (CPT) has been used to characterize the subsurface ground with high resolution
(Lunne et al. 1997). Moreover, the standard cone penetrometer is often used to detect thin-layered sand
seams, which can be critical to the hydraulic permeability of the soil (Titi et al. 2000; Hird et al. 2003).
However, the resolution of the standard cone, which has a diameter of 35.7 mm, may not be sufficient for
detecting the thickness of a very thin sand seams because of the down drag and scale effects. For that reason, small mini-cones have been developed to overcome the low resolution and accuracy of the standard
cone. Tumay et al. (1998) and Hird et al. (2003) introduced mini-cones with diameters of 12.7 mm and
11.3 mm, respectively. In addition, Lee et al. (2009) and Shin et al. (2009) studied the detection of layered
soil and the smear zone induced by a prefabricated vertical drain using micro-cones with a diameter of 5.0
mm. Later, based on fiber optic sensors, ultra-small cones with diameters of 3–5 mm were developed by
Kim et al. (2010).
Strain gauges have been widely used in cone penetrometers, to measure the mechanical resistance of
soils. Based on the minute strain of the cone, a Wheatstone bridge circuit configured with four strain
gauges is often adopted to amplify the output voltage. A full-bridge circuit using four strain gauges is especially recommended for obtaining reliable data. However, a half-bridge circuit using two strain gauges
has often been applied in the small mini-cones because of their limited attachment areas. The output volt225

age of a half-bridge circuit can be easily affected by a change in temperature and the vibration of a lead
wire.
The objective of this paper is to suggest a new method for configuring a full-bridge circuit in a small
mini-cone. The paper introduces the theoretical relationship between the output voltage and the strain in
the Wheatstone bridge circuit. In addition, the design of a new mini-cone and the procedure for a laboratory test are described. Finally, the results of the laboratory tests are discussed.
2 WHEATSTONE BRIDGES
A Wheatstone bridge consisting of four strain gauges can amplify a minute output voltage. The output
voltage of the circuit is calculated using the resistance of each strain gauge.
Vout  (

R1
R4

)  Vin
R1  R2 R3  R4

(1)

where R1, R2, R3, and R4 denote the electrical resistances of the strain gauges. Vin and Vout denote the input and output voltages of the circuit, respectively. Equation (1) can be rearranged as equation (2) by using the gauge factor (Ks) and strain () of every strain gauge. Thus, equation (2) shows that the output
voltage is a function of every strain, with a constant input voltage and gauge factor.
Vout 

Vin
 K s  ( 1   2   3   4 )
4

(2)

3 MINI-CONE
The new mini-cone was developed to configure the four strain gauges in the measurement area. The minicone has basically a conical shape with an apex angel of 60 o. The diameter of the mini-cone is 15 mm,
and the length of the sleeve friction is determined to be 56 mm when considering the ratio between the
projected cross-sectional area and the fiction sleeve area (1:15) of a standard cone penetrometer.
The rod of the mini-cone extends approximately 54 mm (diameter: 10 mm) behind the connection part
to install the full-bridge circuit in the same area, as shown in Figure 1. Thus, the four strain gauges are attached to the loading part, and other two strain gauges are also applied to the extra area for configuring the
conventional half-bridge circuit. In the full-bridge circuit, the stress and temperature changes affect strain
gauges SG1 and SG3, whereas only the temperature change influences strain gauges SG2 and SG4. Equation (3) theoretically explains how the stress and temperature changes are reflected in this system.
Vout 

R  R1T R2T R3 S  R3T R4T
R1 R2
( 1S



)  Vin
2
R1
R2
R3
R4
( R1  R2 )

(3)

where R1, R2, R3, and R4 denote the electrical resistances of the strain gauges. R1S and R3S are the electrical resistance changes of the strain gauges due to applied stresses. R1T, R2T, R3T, and R4T are the electrical
resistance changes of the strain gauges with temperature changes. Equation (3) shows that the suggested
technique eliminates the temperature effects through the relationships between R1T, R2T, R3T, and
R4T under the same electrical resistance for every strain gauge (R1, R2, R3, and R4).
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4 MEASUREMENT SYSTEM
A foil-type strain gauge is adopted as a transducer, which has an electrical resistance of 120 . A gauge
length of 1 mm is used to make it easier to attach the strain gauge in an extremely small area. A DC power
supply and multimeter are used to apply a constant input voltage and obtain the change in the output voltage, respectively. Figure 2 shows the measurement system used to obtain data. In this study, the input
voltage was fixed at 1.0 V because an input voltage of 1.0 V produces a stable output voltage without external stresses (Lee et al. 2009).
13 mm

56mm

A

15mm

B

15mm

C

D

54mm

B

D

10mm

600
Figure 1. Mini-cone. A and C are the strain gauges for configuring the half-bridge circuit. B and D are the strain
gauges for configuring the full-bridge circuit.
Digital Multimeter

DC Power supply
-1.0 V

+1.0

0.123456 V

SG1

SG4

Full-bridge circuit
SG2

SG3

Figure 2. Measurement system.

5 APPLICATIONS
In saturated cohesionless soil, dynamic loading leads to excess pore-water pressure. When the pore-water
pressure is dissipated, the strength of the soil increases. A 320 mm × 300 mm × 600 mm (outer diameter ×
inner diameter × height) acrylic tank was used to fabricate a dense soil sample. The tank was impacted by
a 100-N pendulum hammer to generate dynamic loading. The soil height before each impact was recorded
to calculate the relative density. The mini-cone was used to penetrate the soil, and the measured soil
strengths based on the half-bridge and full-bridge circuits were compared. A penetration rate of 1 mm/s
was selected by referring to a previous study (Yoon et al. 2011).
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The mini-cone was pushed into the saturated soil to measure the cone tip resistance and sleeve friction.
Figure 3 shows the measured data before impact and after 40 impacts. The mechanical resistance through
the full-bridge circuit increased with the depth. However, the soil strength based on the half-bridge circuit
shows an unreasonably high variation with depth. Moreover, negative and zero values were recorded as a
result of temperature variation and lead wire vibration.
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Figure 3. Penetration results: (a) cone tip resistance before impact; (b) sleeve friction before impact; (c) cone tip resistance after 40 impacts; (d) sleeve fiction after 40 impacts (straight line and dotted line denote measured values
based on full-bridge and half-bridge circuits, respectively).

According to the increase in the number of impacts, the relative density increases from 27% before impact to 63% after 90 impacts. Figure 4 shows the measured cone tip resistance and sleeve friction at a
depth of 250 mm with the number of impacts. The cone tip resistance and sleeve friction based on the fullbridge circuit continuously increase from 130 kPa to 800 kPa and from 10 kPa to 50 kPa, respectively.
The values measured using the half-bridge circuit, however, show negative and fluctuating values. These
results verify that the full-bridge circuit produces reasonable and reliable data with less temperature effect
and environmental disturbance.
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Figure 4. Mechanical resistance versus impact number at depth of 250 mm: (a) cone tip resistance and (b) sleeve
friction.
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6 CONCLUSION
A mini-cone with an extended rod for configuring a full-bridge circuit was introduced in this study. The
full-bridge circuit was installed to increase the resolution and reliability of the measured mechanical
strength. Two strain gauges were attached to the loading rod, and the remaining two strain gauges were
glued to the extended rod. A half-bridge circuit was also configured on the mini-cone to compare the
measured values based on the full-bridge and half-bridge circuits. Penetration tests were performed to verify the suggested circuit. The measured mechanical strength based on the full-bridge circuit reasonably increased with an increase in the number of impacts (i.e. soil densification). However, the values measured
using the half-bridge circuit showed an unreasonable trend and high variation. Thus, the use of an extended rod to accommodate a full-bridge circuit in a mini-cone is recommended to obtain reliable values.
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ABSTRACT: New challenges in the field of coastal geotechnics arise with the demand for larger and
deeper navigation channels, the installation of structures in energetic hydrodynamic conditions -- for tidal
and wave energy converters in particular -- and the required stabilization of coastlines and beaches as sea
level rises in response to climate change. Compact, comparatively lightweight, portable dynamic penetrometers are coming to the fore for rapid geotechnical characterization of surficial seafloor sediments,
and for investigating subaqueous sediment dynamics. These portable devices represent a technology complementary to standard offshore CPT testing, offering a time- and cost-efficient approach to geotechnical
investigation of the seafloor surface, and access to areas which can hardly be approached with standard
methods. Here, we present results from portable dynamic penetrometer measurements in high flow environments, and in the vicinity of vessels and structures. Furthermore, we demonstrate undisturbed seafloor
surface testing with regard to the investigation sediment dynamics.

1 INTRODUCTION
Current standard offshore Cone Penetration Testing (CPT) often requires large vessels and working platforms (Dean, 2010). In coastal zones characterized by shallow water depths, complex bathymetry and
energetic hydrodynamics, the deployment of such devices can be difficult, with often limited to short
time windows. In such environments, portable dynamic free-fall penetrometers have gained in importance. Being cost- and time-efficient, they represent an attractive complement to sediment coring and
standard offshore CPT testing, making possible a greater number of profiles. Because a support structure
on the seafloor is unnecessary, the surrounding sediment is not disturbed. Finally, because of their relatively light weight and compact size, they can be deployed from small maneuverable vessels of opportunity (Stark et al. 2009).
In this article, we discuss the use of portable dynamic penetrometers for the investigation of modern
questions of coastal and marine geotechnics in areas of difficult access and complicated site characteristics. We present examples from (i) a high flow tidal channel, being a proposed site for the deployment of
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a tidal turbine (Grand Passage, Nova Scotia), (ii) a harbor with active vessel traffic (Sydney, Nova Scotia) and (iii) a navigation channel characterized by fluid mud (Zeebrugge, Belgium). Studies (i) and (ii)
were both carried out using the Nimrod dynamic penetrometer; study (ii) with the GraviProbe.
2 METHODS
2.1 The Nimrod penetrometer
The Nimrod (Fig. 1) was designed as a winch-independent device, easily deployable (free-fall, 13-15 kg
depending on tip geometry) from all vessels of opportunity (Stark et al. 2009). Release heights of only
1-2 m have proven to be sufficient to reach impact velocities of ~ 3 m/s, and deliver reliably vertical
profiles of sediment strength up to sediment depths of ~ 0.8 m (Stark et al. 2013). However, release
height and tether drag control the impact velocity and resulting penetration depth, possibly requiring
normalization for a chosen penetration velocity (Dayal and Allen, 1975; Stark et al. 2012). The Nimrod
has mainly been applied for rapid geotechnical characterization of the seafloor surface, and the investigation of subaqueous sediment remobilization processes. This includes studies on dune migration, shifting sandbars, as well as navigation channel dredging and scour at offshore and coastal structures (Stark
and Kopf, 2011).
The device is equipped with five accelerometers covering different ranges from ± 1.7 g to ± 250 g, tilt
sensors and a pressure sensor, each sampled at 1 kHz (Stark et al. 2009). Three different tip geometries
(cone, hemisphere, cylinder) are available, with the choice depending upon the desired penetration depth
and sensitivity for the sediment types of interest. Recently, a modified version was successfully deployed from submersibles (Stark et al. 2013). Penetration velocity and penetration depth are calculated
by single- and double-integration, respectively, of the measured deceleration. The resulting decelerationpenetration depth can be used for sediment type identification, sediment layering and/or larger obstacles
(Stark et al. 2009). Furthermore, an approach has been presented to estimate quasi-static bearing capacity from the deceleration, accounting for the non-linear back-coupling between the change of penetration
velocity and the measured deceleration, as well as for weight and penetration surface area. It has been
shown that the estimates compare favorably to estimates obtained by standard geotechnical laboratory
methods (Stark et al. 2012).

Figure 1: Left: the Nimrod penetrometer by MARUM – University of Bremen. Right: the GraviProbe by
dotOcean.
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2.2 The GraviProbe
The GraviProbe (Fig. 1) is a lightweight free fall penetrometer, designed to penetrate deeply into mud.
The diameter of the 8 kg device is 5 cm and the terminal velocity is 7 m/s. The system is equipped with
two accelerometers covering ± 1.7 g and ± 70 g range sampled at 2048 Hz, and two pressure sensors
each sampled at 512 Hz. Before deployment the recovery cable is lowered into the water in order to
minimize external influences on the device. Due to the lowering of the rope, the upward directed drag
force becomes predictable and the data can be corrected accordingly. Impact velocities range between
6.4 to 6.7 m/s.
The device has mainly been deployed to investigate mud in ports and harbors. More specifically, it has
been used to visualize and understand consolidation processes and agitation dredging experiments in the
Ports of Rotterdam, Groningen, Zeeland and Antwerp. Merging the data with a multibeam echosounder
bathymetry, a digital elevation map visualizes the consolidation process. Subsequent deployment of the
probe at one position, and the resulting time sequence of vertical sediment strength profiles can be correlated to variations in the state of consolidation of the mud.

3 EXAMPLE RESULTS
3.1 Grand Passage, Nova Scotia
Grand Passage, between Brier Island and Long Island, Nova Scotia, has been identified as a potential
site for in-stream tidal energy conversion. A geotechnical site characterization and monitoring is of importance with regard to the turbine foundation and, in the case of a floating platform, the mooring design. The stability of the seafloor and potential for seabed scour at the potential turbine sites also needed
to be assessed. However, maximum tidal flows of up to 3 m/s, coarse sediments with abundance of large
mussel shells and cobbles, and the rather narrow passage, restrict and complicate in-situ geotechnical
testing and sediment coring at this site. Dynamic penetrometer measurements were desirable for early
site investigation with the aim to contribute to reducing the potential sites to a select few for subsequent
in-depth investigation. The most challenging aspects for the deployment of the penetrometer at this site
were (i) coarse sediments and the abundance of large mussels, kelp and cobbles, and (ii) strong flows.
During the three surveys in August and September, 2012 and July, 2013, Nimrod was deployed 393
times. The deployment techniques included, 2-3 repeat drops at each location (Fig. 2), as well as drift
transects (Fig. 3) during which the boat was navigated slowly along a chosen transect while the penetrometer was dropped consecutively from a height of 5-10 m above seafloor. Limited variations in impact velocities (2.5 – 4.5 m/s) were achieved despite variations in water depth (ca. 10 – 30 m) and flow
velocities (0 – 2.5 m/s). Penetration depths ranged from 0 cm, when impacting with a cobble or bedrock,
to 20 cm, in the case of loose sand and gravel. The following information was obtained from the Nimrod
profiles: (i) maximum sediment strength at the uppermost seafloor surface, (ii) stratification and top layer thickness, and (iii) the abundance and location of cobbles, large mussels and kelp (Fig. 2-3).
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Figure 2: Three independent Nimrod deployments at two sites (A and B), respectively. The similarity of the profiles indicates homogeneity of the seafloor surface at site A (center of Grand Passage), and serves as a proof of
concept. At a site characterized by large dunes (B), the Nimrod hit a hard obstacle (cobble or large mussel) 4 cm
below seafloor surface during the third deployment.
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Figure 3: Results from deployments in Grand Passage while drifting along a chosen transect with the tidal currents at medium tidal current speeds (ca. 1.5 m/s). Each site number refers to a GPS position recorded at impact.
At site no. 4 a low impact velocity indicates problems during the deployment (tangled rope, insufficient drop
height, etc.). At sites 1-3 and 5, homogeneous impact velocities and penetration depths were noted (left), and variations in sediments strength (site no. 1 significantly harder than 2-3 and 5) were reflected (right).

3.2 Sydney, Nova Scotia
Two surveys were carried out in Sydney Harbor, Nova Scotia, in October 2012 and July 2013 aiming for
a geotechnical characterization of the harbor with regard to the previous major dredging operations, the
installation of artificial reef structures, and sediment dynamics, including capping of contaminated sediments and the mobilization of sediments due to ship traffic. For all of these issues, undisturbed measurements of the very soft seafloor surface were crucial. Measurements were carried out from a zodiac
operated by Cape Breton University, allowing measurements close to (i) the shore and a confined disposal facility (water depths as shallow as 1 m), (ii) the artificial reef structures, and (iii) to cruise boats
positioned in the harbor. Penetration depths exceeding 1 m were reached in the soft sediments (Fig. 4).
Stratification was identifiable in the profiles, with layers ranging in thickness predominantly up to 20
cm, being likely related to recent sediment remobilization processes due to ship traffic, as well as due to
redeposition of dredge material (Fig. 5).

Figure 4: Full penetration of the Nimrod penetrometer into soft mud in the Southern Arm of Sydney Harbour.
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Figure 5: Nimrod results (two independent deployments at one site) from the central Southern Arm in Sydney
Harbour, being majorly affected by cruise boat traffic. A ca. 20 cm-thick layer of poorly consolidated soil can be
identified in both profiles, likely related to sediment remobilization due to ship traffic (on the survey day, two
cruise boats visited Sydney).

3.3 Zeebrugge, Belgium
Fluid mud, and the consolidation state of muds generally, is a major issue in ports and navigation channels. With regard to penetrometer measurements, the very soft mud exerts only a minor increase of resistance against penetration compared to the water column. A 24 m deep, 1.3m diameter test facility was
constructed at the Port of Zeebrugge. The site is used for sediment consolidation tests under static or tidal circumstances, agitation dredging tests and free-fall penetrometer testing and calibration (Staelens et
al. 2013). Sedimentation columns 4 m high containing 6 m³ of sediment each are used for the tests. The
columns are prepared on land and are then lowered into the water at the test facility, so that sediment
consolidation can occur under identical pressure and temperature circumstances as in the port. Applying
the GraviProbe on the sedimentation columns in a controlled environment yielded valuable insights into
the fluid mud consolidation process (Fig. 6, Staelens et al. 2013). The ability to resolve different states
of consolidation allowed to distinguish the fluid mud layer from the underlying stable seafloor, and to
incorporate it in bathymetric maps.
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Figure 6: A consolidation time sequence measured in the test facility in the Port of Zeebrugge. This fluid mud
sediment has been modified to consolidate faster than normal. Strength and bulk density were measured one day,
one week and five weeks after the modifications.
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4 DISCUSSION
Access to survey sites can be a large problem for marine and coastal geotechnical surveying. Energetic
hydrodynamic environments, or the vicinity to structures or vessels, can restrict the deployment of larger
standard methods. Stark and Kopf (2011) demonstrated the suitability of the Nimrod for deployments in
shallow water environments characterized by a significant wave activity. Summary results have been
presented from a high flow tidal channel in Nova Scotia. Deployments were carried out during all tidal
phases including stationary multiple deployments and drift transects. The results were not affected by
the current tidal conditions, and allowed a rapid geotechnical characterization of the tidal channel with
high spatial coverage, identification of potentially mobile sediment layers and the detection of bedrock
fasces and cobbles covered with a thin sheet of sediment. Accuracy in positioning suffered most from
high flow velocities. However, the approach to keep the vessel drifting and take a GPS position at impact reduced the position uncertainty, as confirmed by the observation of a straight tether during deployment, and the agreement between water depth obtained from the boat echo sounder and from the
Nimrod’s pressure sensor in presence of complex bathymetry.
Coastal geotechnical measurements in the vicinity of structures and vessels is often restricted, due to
the risk of damages and the limited navigability. This makes geotechnical monitoring of the seafloor
nearby structures and moored or moving vessels difficult, although such measurements might contribute
significantly to the understanding of scour, sediment remobilization due to ship traffic, structure-seabed
interaction, and the long-term stability of the structures. Stark and Kopf (2011) presented deployments
of the Nimrod in the close vicinity (~10 m) of offshore wind energy converters. Here, we added measurements carried out in the direct vicinity of large cruise liners indicating sediment remobilization due to
ship traffic. Such measurements were possible by deploying the Nimrod from small vessel that allowed
easy navigability around the large ships.
The geotechnical investigation of sediment remobilization processes requires measurements of an undisturbed seafloor surface. A frame-based quasi-static offshore-going cone penetrometer can affect the
poorly consolidated, potentially mobile sediment surface layer. Additionally, the low resistance opposed
by the mobile layer towards the penetrating object requires a high sensitivity of the penetrometer which
is often not given in the case of large cone penetrometers designed for deeper seafloor penetration. The
data presented from Grand Passage and Sydney Harbour demonstrates that the Nimrod resolves such
loose sediment top layers in the case of coarse to muddy sediments. Furthermore, the GraviProbe also
succeeded in identifying fluid mud/very soft mud layers and reflecting their state of consolidation, being
an important aspect with regard to port dredging actions.
Major disadvantages of small-scale dynamic penetrometers are the limited penetration depth, and the
non-linear back-coupling effect between penetration velocity and estimated sediment strength (resulting
from significant strain-rate effects and the use of accelerometers to estimate sediment strength). A number of approaches were introduced to estimate undrained shear strength, bearing strength, or quasi-static
bearing capacity from the deceleration profiles, and have led to satisfying results (Stoll et al. 2007;
Aubeny and Shi 2007; Abelev et al. 2009; Stark et al. 2012). However, in most cases, a number of influencing parameters, such as shape factors, side friction/adhesion, are neglected, and the calibration of
empirical correlation values used in these approaches is limited. To address these issues, experiments in
a controlled environment (calibration chamber, tanks, flumes) are needed. This will be the target for a
study utilizing a CPT calibration chamber for correlation of portable dynamic penetrometer profiles with
standard geotechnical methods and CPTs.
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5 CONCLUSIONS
Portable free-fall penetrometers offer an opportunity to carry out in-situ geotechnical testing in coastal
and marine environments of difficult access (e.g., high energy flow conditions, complex coastlines and
bathymetry, in the vicinity of structures/vessels). They can complement survey efforts with standard
heavy devices by providing high spatial coverage in a cost- and time-efficient manner. For the investigation of sensitive, possibly mobile sediment surface layers, measurements without disturbance of these
sensitive layers are possible. These characteristics make portable dynamic penetrometers an attractive
technique for a variety of research topics including sediment dynamics and structure-seabed interaction
within the context of a range of applications, including ocean renewable energy, port and navigation
channel maintenance, and, potentially, shoreline protection.
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Improved CPT sleeve friction sensitivity in soft soils
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ABSTRACT: Current deep-water developments are based on the use of highly accurate CPTU-data for
geotechnical design. The deep-water sediments consist mainly of soft to very soft clays and silts. It is
known, from previous publications, there is limited sensitivity and repeatability of the sleeve friction
measurement in these very soft soils. Investigations using high-resolution cone calibration techniques
were recently conducted and the results show that resistance on the friction sleeve caused by O-rings and
dirt seals negatively affect accuracy. On-going developments have recently led to the introduction of a
new cone sealing system. A new quad seal and corrugated spring assembly incorporated in the cone provide a small preloading of the friction sleeve and improves both dirt sealing and the sensitivity of the
sleeve friction measurement. CPTU-data acquired in the field confirm that cones with this feature are
more sensitive in very soft soils.
1 INTRODUCTION
The electrical cone, as the most widely used tool for CPT, is the subject of on-going improvements. The
reliability of sleeve friction resistance has been in question for several years, (Lunne et al. 1986,
Boggess & Robertson, 2010). Gardline carried out internal research to identify the possible causes of the
unreliability of the measurements. The review of the Gardline geotechnical database showed that poor
sleeve friction response was generally associated with very soft soil conditions and tests performed in
deep water. It was observed that the tests that showed poor response were on tests where the cone had
not been fully serviced before the start of the tests. It was also noted that the sleeve friction response is
generally very poor in soils of less than 15 kPa in undrained shear strength. From these observations it is
apparent that the cause of the reliability issues are mechanical and possibly related with the sealing
components. A series of calibration tests were performed at the Gardline calibration facilities in order to
determine the influence of the seals during testing. This paper describes the developments to an improved sleeve friction measurement particularly for soft soils.
2
2.1

CPT MEASUREMENT TECHNIQUES
Measuring soil characteristics

When pushing a cone into the soil at a constant rate, the soil is reacting by giving a resistance on the
cone surfaces. The loads acting on the cone tip and friction sleeve, are passed on to load cells where they
are measured by means of strain gauges. Thus soil characteristics are converted into electrical measurement values, which can be further processed and analysed.
A load cell is a solid spring with a very high spring constant. This means that under load, the load
cells will be shortened and the cone tip and friction sleeve will move relative to the fixed parts of the
cone. In practice the loads on the cone tip and friction sleeve are subject to continuous changes during a
CPT. So the cone design must provide sufficient movement, to allow an undisturbed measurement of
cone resistance and sleeve friction. The requirement of sufficient movement has been solved by provid239

ing gaps on either side of the friction sleeve. To avoid these gaps becoming clogged, causing bad measurements, elastic dirt seals are used to seal off the gaps and give the cone a smooth outer surface. Directly behind the dirt seals, inside the cone construction, O-ring seals are used to protect the cone electronics
against damage from water ingress and also provide for guidance of the friction sleeve. These techniques
of cone design allow for an efficient friction measurement, but also can affect the measuring process.
2.2

Influences on the measuring process

In general, the friction measurement is affected by a variety of influencing factors like method of use,
ambient factors, mechanical design, and, electrical design. This paper focuses on the influences caused
by the mechanical design, and in particular on those cone elements that exert a load on the friction
sleeve. In Figure 1, a simplified structure of a common cone is shown. In this structure it can be seen
that the friction sleeve is axially enclosed by two dirt seals and radially supported by two O-ring seals.
These seals must keep out dirt and water up to 200 bar ambient pressure. It will be clear that the seals
exert influence on the friction sleeve and affect the measurement results, in particular in the lower range,
measuring very soft soils showing up to 15 kPa in undrained strength.

Figure 1 Influences on the friction sleeve (left). Dirt seals: plastic ‘V’ shaped lip-seals and rubber quad-o-rings
(right)

To ensure good sealing, the dirt seals must be sufficiently elastic to follow the 0.15 mm axial movements of the friction sleeve. At zero-load situation, both dirt seals exert an equal, but opposite load into
the friction sleeve, as indicated by the blue arrows in Figure 1. During CPT, movement of the friction
sleeve causes an increase of the upper seal load and a decrease of the lower seal load. This results in a
one-directional, influencing effect on the sleeve, which is directly proportional to the friction sleeve
load.
The O-ring seals are located in small grooves and are slightly pressed oval for best seal properties. By
placement of the friction sleeve onto the cone, the O-rings are pressed to one side of the grooves, giving
a reaction load into the sleeve due to elastic deformation. This influencing effect can be reduced by rotating the sleeve back and forth a few times (if the sleeve is designed to rotate). When the friction sleeve
is moving due to a CPT-load, the O-ring seals exert a frictional load onto the inner surface of the sleeve,
as indicated by the red arrows in Figure 1. This results in an influencing effect, which has a constant
value and is opposite to the direction of movement of the sleeve. This effect may be greater when the
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cone is used offshore. In this case the O-rings are pushed inwards by the outside water pressure, causing
a higher-pressure force and hence a greater friction into the sleeve.
The above influences on the measuring system are in the order of magnitude of a few kPa and can only be observed in very soft soils. These effects will be reflected on the CPT results in the form of:
• A threshold value to start the friction sleeve moving. As long as the CPT-load is below the threshold value, the friction measurement gives a zero value.
• A measured friction value lower than expected, due to influencing effects of the seals.
• A slow response, because the very low soil friction loads are unable to overcome the influencing
effects.
These are the criteria on which the improvement will be assessed. To keep the above factors within
limits, CPT operators with experience in very soft soils, know the necessary measures to get accurate results, such as: clean all cone parts thoroughly so free of dirt, accumulated dirt causes additional friction
and prevents free movement of the sleeve; replace all seals, used and damaged seals have different resistance values that do not match the ones used during calibration; grease O-ring seals to reduce friction
effects.
The effect of the pore pressure on the sleeve reading are also an important influence on the accuracy
of sleeve fiction measurements. When area ratios at upper and lower end of sleeve are not equal this has
been shown to have significant effects in some cases (Lunne 2006). However, even when the cone equal
area ratio the pore pressures at the two ends of the sleeve can be different. In order to have representative sleeve friction results the acquired datasets should be corrected for the pore pressure effects. Figures
2 and 3 shows the results of a pressure chamber calibrations when the same pressure is applied to a cone
of a equal sleeve area ratio, the results shows that the beta factor for the cone with the new assembly is
very small (6.5 x 10-4) and 1000 times smaller than the alpha factor.
3

SLEEVE FRICTION MEASURMENT

The magnitude of the discussed influences on the friction sleeve, have been measured with highly sensitive calibration equipment. The results of these measurements and the effects of using a new corrugated
spring assembly, providing a certain preload unto the friction sleeve, are discussed in this section.
3.1

Measuring of disturbing influences

A series of tests were carried out in the calibration facilities in order to quantify the magnitude of the resistances imposed by O-rings and seals. The calibration tests were conducted using 10 cm2 cones. Measurements were recorded 40 times per second while the imposed force was increased continuously. The
cones were loaded three times in order to check the repeatability of the measurements.
The initial test, shown in Figure 4, shows the results of sleeve load cell output, for a cone mounted
with no O-rings or lip seals. The load cell response shows immediate linear response even when extremely low loads are applied, indicating good coupling between load cell and sleeve. A series of test
were performed to establish the influences of the O-rings, the dirt seals and the combined effect of both.
Results are presented in Figures 4, 5 and 6. When any of the sealing elements were mounted, the load
cell showed delayed response and the output voltage increases only after certain load was applied
(threshold resistance). The response was thereafter linear, indicating that once the threshold resistance is
reached the load cell will keep producing accurate measurements. As expected, the resistance was larger
for the dirt seals than for the internal O-rings (2.5 and 0.5 kPa, respectively).
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Improvements

To improve the local friction measurements, in particular in very soft soils, a corrugated spring assembly
and a new dirt seal is added to the cone as shown in Figure 7. This spring assembly acts on the friction
sleeve with a 3.5 kPa preload. This preload is sufficient to overcome the disturbing influences of the
seals and the inertia of the friction sleeve. The dirt seals of the cone were changed from plastic ‘V’
shaped lip-seals to quad-o-rings (Figure 1). These rubber quad O-rings prevent dirt getting trapped in the
grooves at either end of the friction sleeve that allow it to move freely. This allows for a more responsive and repeatable measurement, with less chance of the friction sleeve becoming soiled and immobilised during testing.
The improved sleeve measuring system was also tested in the same calibration facility. Figures 8 and
9 show the results obtained from the classic design and the improved sleeve assembly respectively. The
figures clearly show that the new assembly overcomes influence of the resistance caused by the seals,
eliminating the threshold resistance effect, and reliable measurements are possible even at very low
loads. Figure 10 and 11 shows that the behaviour of the load cell during an load –unload cycle is not affected by the introduction of the new spring assembly. The results from the calibration chamber showed
no significant differences on hysteresis response and that the linearity improved due to the introduction
of a small preload to overcome the resistance of the seals.
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Figure 5 Influence of O-rings on sleeve measurements
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Figure 7 The corrugated spring assembly and dirt seal.

10

10

9.5

9.5
9

9
8.5
8

8.5

Load3

8

Load2
Load3

7

7

6.5

6.5

6
5.5
5
4.5
4
3.5

Load1

7.5

Load2

Sleeve pressure (kPa)

Sleeve pressure (kPa)

7.5

Load1

6
5.5
5
4.5
4
3.5

3

3

2.5

2.5

2

2

1.5

1.5

1

1

0.5

0.5

0
0.014 0.016 0.018 0.020 0.022 0.024 0.026 0.028 0.030 0.032 0.034

0
0.032 0.034 0.036 0.038 0.040 0.042 0.044 0.046 0.048 0.050 0.052

Cone output (mV)

Cone output (mV)

Figure 8 Sleeve measurements on classic cone design

Figure 9 Sleeve measurements with new spring assembly
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OVERVIEW OF FIELDWORK

After the positive results obtained in the calibration facilities, the improved sleeve measuring system
was tested in the field. Two sites were selected to test the benefit of the improved sleeve design, on land
and offshore.
The offshore site is located in the Barents Sea in 300m water depth. The site is composed of uniform
normally consolidated soft glacio-marine clay with occasional gravel. The onshore site, Onsøy, is located in south-eastern Norway. This is a site characterized by very a thick deposit of remarkably uniform
normally consolidated marine clay. This site is a very well known testing site for marine soft clays. The
Onsøy site has been used by NGI as a soft clay test site for 40 years. This site is very suitable for testing
the response of the cones and ideal for comparison of results with those published by Lunne et al (2003).
4.1

Method and implementation

The offshore tests were conducted with a seabed mode CPT rig. At Onsøy the tests were conducted using discontinuous top push techniques, where the test is halted every time that a penetration rod is added
to the system. The tests were carried in accordance with the ISO 22476-1 (2012). The accuracy and sensitivity of the cones and the acquisition system were within Application Class 1. The zero reading offsets were consistent before and after testing and do not indicate sensor drift effects. In addition, the tip
resistance, pore pressure and sleeve friction measurements showed excellent responsiveness to layer
changes and to the presence of small fragments of shell or gravel.
5
5.1

RESULTS
Offshore site results

A total number of nine CPT tests were conducted at the offshore site using the same cone. The distance
between locations varies between 500m and 2000m. The results show relatively uniform profiles, considering the distances between locations. The vertical and horizontal variability in soil proprieties is
however too high to be able to conduct a meaningful analysis of the repeatability of the measuring sensors.
The results are presented in terms of the corrected cone resistance, qt, the measured pore pressure, u2
and the measured sleeve friction, fs (Figure 12). It can be seen that there is relatively more scatter in the
measured sleeve friction values compared to the cone resistance and pore pressure values. The improved
sleeve assembly shows significantly higher response, on average the values are 12 kPa higher. It is also
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observed that the response to changes in ground conditions is slower with the classical design. The pressure threshold for the sleeve measurement system is where the resistance offered by the seals is overcome by the frictional resistance imposed by the soil. The sleeve records obtained with the classical design are almost zero until the soil frictional resistance increases at 2 m depth, where the resistance
threshold is reached. The improved sleeve assembly results do not show any threshold effect and it reacted to very low loads, even in the first few centimetres of penetration. If we take the average values of
sleeve friction recorded with the new sleeve set then the theoretical threshold is higher than measured in
the calibration facilities. This is likely due to the influence of the ambient water pressure on the O-rings.
The outside of the cones were cleaned with sea water after every test. In the process the sleeve is
turned and moved up in order to help the cleaning on the joints. However the sleeve was not disassembled to allow thorough cleaning of the dirt seals and gaps. The tests conducted using the classical cone
design were done consecutively. It is observed that the responsiveness of the friction sleeve sensor decreased significantly after the first test. This indicates that dirt may have ingress between the dirt seals
and sleeve. The tests that were conducted with the improved sleeve friction assembly did not suffer from
these effects, confirming that the new design requires less maintenance and therefore the reliability of
the results is less dependent on the operator.
5.2

Onsøy site results

Figure 13 shows the results obtained at Onsøy. The first two tests (CPT 1 and 2) were acquired using the
classical design and subsequent tests were carried out using the improved sleeve assembly (CPT 3 to 8).
It is clear that the improved sleeve assembly provides higher values and sharper response to lithological
changes. The results obtained by the classical cone are offset by approximately 2.5 kPa. It is therefore
apparent that the incorporation of the new seals and corrugated spring assembly increases the sensitivity
of the cone in soft soils.
From an operational standpoint the results show that the improved sleeve assembly provided great
advantages. The cones were cleaned with water after every test, and the sleeve was rotated and moved
up and down in order to help remove any soil from the seals and gaps. This basic cleaning operation is
sufficient for the new design; records show good repeatability and relatively low scatter (CPT 3-8).
CPT 1 and CPT 2 were carried out consecutively and the records show that the sleeve measuring system lost significant sensitivity and the load cell did not sense any load until 8 m depth was reached. It is
apparent that the dirt seals of the classic design allowed some dirt into the gaps that provided some extra
resistance to the movement of the sleeve and the load cell did not contact the sleeve until the threshold
pressure was reached.
The recently obtained results were compared with the CPT results published by Lunne et al (2003).
The results compare cone types from six different manufacturers. The results can be seen in Figures 14
and 15. The cone end resistance and pore water pressure results showed good agreement with the results
obtained with other cone types. The sleeve friction records show significant more scatter, the total variance is 7 kPa, on average. It is interesting to observe that individual cone types results can be organized
into two groups.
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Figure 12 Test results at offshore site Barents Sea

The datasets were corrected for the effects of unequal end areas and for differential pore pressure acting at sleeve ends (Figure 15). The pore water pressure at the u3 position was not recorded and was assumed to be 0.75u2. The correction could only be performed to four of the cone types due to the limited
information on the cone geometry on some of cone types. The correction reduced significantly the scatter and bring the two groups of results closer to each other.
It has been shown that small differences in cone design can result in significant changes to the measurements. The fact that the results could be grouped may be explained by differences/similarities with
cone design. As the true value of sleeve resistance in the ground is not known it is impossible to determine which one of the two groups of cones provides more accurate results. The reasons for these differences is unknown but several causes can be outlined:
•
•
•
•

Different solution for the coupling between the sleeve friction and the measurement element to
where the load cell is installed.
Differences on sleeve friction roughness
Difference of sleeve sizes. The current ISO standard allows differences of 0.35mm that can result
in a projected sleeve area 0.2 cm2 greater than the cone tip.
The determination of the sleeve end area ratio (beta factor) was done based on the dimensions on
the sleeve provided by different manufacturers. The actual beta factor should be obtained in a
calibration pressure chamber with the cone fully assembled with all its components including
seals.
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6

CONCLUSIONS

The review of the field and calibration database indicates that the mechanical improvements could increase the sensitivity of the sleeve measurement at low loads.
The incorporation of a corrugated spring eliminates any threshold resistance caused by the sleeve
sealing system. The calibration and field results confirm that the load cell responds to extremely small
load changes. The field tests show that the usage of the new sleeve assembly provides higher sleeve resistance readings and sharper response to soil changes due to the elimination of the frictional resistance
of the seals. The elimination of the disturbances the seals impose to the measuring system contributes to
the repeatability of the measurements.
The incorporation of new dirt seals prevents the entry of fine soil particles in the sleeve gaps more
effectively. This is a very significant operational improvement as this allows consecutive tests without
the need to conduct a full cone service between tests. In addition it makes the operation less prone to operator error.
The comparison with the other cone types from different manufacturers highlights that the requirements proposed by ISO 22476-1 (2012) for accuracy of sleeve measurement difficult to achieve given
the current differences on cone sleeve friction designs between manufacturers. The application of corrections for the sleeve friction measurements due to differential ambient pressures affecting the sleeveends can dramatically improve the repeatability of results obtained from different cone types. Given the
importance of the cones geometry specially when measuring soft material the current standards should
address stricter definition of cone dimensions and tolerances.
7

REFERENCES

Brouwer, J.J.M., 2007. In-situ soil testing. HIS BRE Press
Boggess, R. & Robertson, P.K. 2010. CPT for soft sediments and deepwater investigations. Proc. CPT’10, Huntington Beach, CA, www.cpt10.com
Campanella, R.G., Gillespie, D. & Robertson, P.K. 1982. Pore pressure during cone penetration testing. Proceedings of the 2nd European Symposium on Penetration Testing, ESOPT-II, Amsterdam,507-12, Balkema Pub.,
Rotterdam
ISO 22476-1, 2012. Geotechnical investigation and testing – Field testing- Part 1: Electrical cone and piezocone
testing
Lunne, T., Eidsmoen, T., Gillespie, D. and Howland, J.D., 1986. Laboratory and field evaluation of cone penetrometers. Proceedings of ASCE Speciality Conference, In Situ '86.
Lunne, T., Long, M. and Forsberg, C.F., 2002. Characterization and engineering properties of Onsoy clay. Workshop on Characterization of Soils, Singapore, December 2002.
Lunne, T, P.K. Robertson, J.J.M. Powell, 1997. Cone Penetration Testing. Sponn press.
Lunne, T., 2006. Technical Note. Shear Strength Parameters Determined by In situ Tests for Deep Water Report
Schnaid, F., 2009. In situ testing in Geomechanics, the main tests. Taylor & Francis.
Norwegian Geotechnical Institute, 2001. Quality of CPTU. Factual Report on Field Tests in Onsøy.

248

3rd International Symposium on Cone Penetration Testing, Las Vegas, Nevada, USA - 2014
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ABSTRACT: This paper explores a novel approach to incorporate the sense of “taste” into cone penetrometer
technology for detecting heavy metals in soil and groundwater. This innovative technology referred to as the “electronic tongue” is a device that mimics the human gustatory system using an array of electrodes coupled with intelligent pattern recognition techniques for automated characterization of heavy metals. In this study a carbon fiber
microelectrode was used to analyze dissolved zinc, cadmium, lead, and mercury in water and saturated Ottawa
sand at low mg/kg levels. Hybrid techniques, combining electrical conductivity measurements with voltammetric
analysis, were investigated for accurate concentration predictions. 100% classification accuracy was achieved in
both water and aqueous sand. This study demonstrates the feasibility of a rapid and cost-effective in situ method
for qualitative and quantitative analysis of heavy metals in soil and water.

1 INTRODUCTION
Long-term exposure to heavy metals such as Arsenic, Cadmium, Lead, Mercury, Thallium and Zinc can
result in damage to the kidney, liver, gastrointestinal tract and the central nervous system. Common
causes of heavy metal pollution include corrosion of buried pipes, deteriorated underground storage
tanks, improper disposal of chemicals and industrial wastes, disposal of batteries, and toxic chemicals
inadvertently introduced through irrigation (Logan & Traina, 1993).
Conventional methods for characterizing heavy metals in subsurface strata require detailed sampling
procedures followed by laboratory analysis using atomic absorption/emission spectrometry, inductively
coupled plasma-mass spectroscopy, optical spectroscopy, x-ray fluorescence, and high-performance liquid chromatography (Buffle & Waeber, 2005; Herdan et al., 1998; Michalski, 2003). While these methods provide highly accurate detection of many dissolved heavy metals, there is the risk of exposing personnel to contaminated media; they also prove costly, time consuming, and laborious, thus necessitating
the design and development of in situ methods. This paper presents a novel technique based on voltammetric principles for the detection of heavy metals in soil and groundwater. Several electrochemical
methods were investigated, including differential pulse and square wave voltammetry coupled with anodic stripping voltammetry. Experiments were first conducted using a three electrode system consisting
of a working electrode, auxiliary electrode, and a reference electrode. A prototype electronic tongue
probe was subsequently developed for detecting heavy metals in soil and water. The techniques demonstrated the feasibility of identification and quantitative measurement of heavy metals down to low ppm
limits.
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2 ELECTRONIC TONGUE MIMICKING THE HUMAN GUSTATORY SYSTEM
The human tongue has about 10,000 taste buds with five sensations of taste: sweet, bitter, umami, salty
and sour. These taste buds are essentially clusters of 50 to 100 taste-sensitive cells that respond to different types of taste. A relatively new analytical technology (electronic tongue) that mimics the human gustatory system has been used in various fields, including the food industry, chemistry, and environmental
sciences (Vera et al., 2010, Campos et al., 2012, Winquist et al., 2011). The device comprises of an array of broadly-selective microelectrodes with high stability and cross-sensitivity to different species in
solution. Similar to the biological tongue, the electronic tongue sensors generate electric signals such as
current or voltage variations. In general, electrochemical sensors interact with the analytes of interest
and produces changes in its electrical properties that are measured. The combined output from the microelectrode sensor array generates a unique signature or fingerprint for the particular analyte. Since the
output of the sensor array in a multispecies solution is complex, and in most cases cannot be described
by using theoretical equations, data from the sensors are processed using multivariate pattern recognition
techniques. Once trained (calibrated), the electronic tongue is capable of detecting a number of dissolved
organic and inorganic species analogous to how different chemical compounds responsible for taste are
perceived by the taste receptors in the human tongue.
3 EXPERIMENTAL SETUP AND TEST PROCEDURE
3.1 Voltammetric Setup
The commonly used electroanalytical technique in most electronic tongues is based on voltammetry. In
voltammetry, information about the dissolved electroactive species is obtained by measuring the current
as the potential is varied across a working electrode (Kounaves 1997). The voltammetric setup used for
heavy metal detection in water is shown in Figure 1a. It essentially consisted of a cell holding one or
more dissolved target metals, a working microelectrode made of carbon fiber (CFME), a reference electrode made of Ag/AgCl, and an auxiliary (counter electrode) made of glassy carbon macroelectrode. As
a controlled potential waveform is applied to the electrodes by the potentiostat, electroactive species
within the aqueous solution become oxidized or reduced at a specific potential, known as the formal potential (E0). The electron transfer associated with this process induces a current that reaches a maximum
at E0, and is proportional to the concentration of the species. Thus voltammetry allows both identification of electroactive species in solution by analyzing the formal potentials at which peak currents occur,
and quantification (concentration predictions), which is proportional to the peak current responses. Anodic stripping voltammetry (ASV) enhances heavy metal detection for quantitative analysis by first preconcentrating, metal ions on the electrode by applying an electrostatic, cathodic potential. Ions are then
re-oxidized back into solution during an anodic stripping step. The potential waveform for square wave
anodic stripping voltammetry (SWSV) is shown in Figure 1b.

(a)

(b)

Figure 1. a) Voltammetry setup b) Potential waveform for square wave stripping voltammetry.
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Before developing the electronic tongue penetrometer, several voltammetric experiments were
performed using the electrodes immersed directly in 8 mL water containing the dissolved target species.
Pulse and stripping parameters for the SWSV included a -1.6 V deposition potential held for 30 seconds,
50 mV pulse amplitude, 200 ms pulse period, and 4 mV step increment. The pulsed waveform was
scanned between -1.6 and 0.8 V. A WaveNano potentiostat from Pine Research Instrumentation was
used to conduct the tests, acquire data and extract features such as the formal potentials, peak currents
and area under the peak currents. Five SWSV iterations were conducted for each target ion (Zn2+, Cd2+,
Pb2+ and Hg2+) at 5, 10, 20, 35 and 50 ppm concentrations in single analyte solutions. This resulted in a
database consisting of 125 instances [(5 iterations) (5 concentrations) (5 target ions) = 125 instances].
Voltammograms for Zn2+, Cd2+, Pb2+ and Hg2+ are shown in Figure 2. The formal potentials (Figure 3a)
obtained from voltammetry were used to develop prediction models for identifying the heavy metals. In
addition to the SWSV tests, 125 additional features were collected using electrical conductivity measurements acquired by immersing a handheld electrical conductivity meter (Exstik® EC500) in 15 mL of
the test solution, with a total of five iterations for each of the ions and their respective concentrations
(Figure 3b). The electrical conductivity measurements were used to estimate the concentrations of the
heavy metals.
6

25

Cd2+
5

2

15

10
5

1

-1.5

Pot
enti -1.0 -0.5
al (
V) v
0.0
s. A
0.5
g/A
gCl

0
50 mg/kg
35 mg/kg
20 mg/kg
10 mg/kg
5 mg/kg

-1.5

Pot
ent -1.0 -0.5
ial (
V) v
0.0
s. A
0.5
g/A
gCl

300

-1.5

Pot
enti -1.0 -0.5
al (
V) v
0.0
s. A
0.5
g/A
gCl

0
50 ppm
35 ppm
20 ppm
10 ppm
5 ppm

3.0

Hg2+

Current (nA)

250

Pb2+

Current (nA)

3

2.5

200

2.0

150

1.5

100

1.0

50

0.5

0
50 ppm
35 ppm
20 ppm
10 ppm
5 ppm

0.0

Pot 0.1 0.2
enti
al (
V) v 0.3 0.4
s. A
0.5
g/A
gCl

0.0
50 ppm
35 ppm
20 ppm
10 ppm
5 ppm

Figure 2. Voltammograms of Zn2+, Cd2+, Pb2+ and Hg2+ at various concentrations in water.
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Figure 3. a) Formal potentials from SWSV tests and
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3.2 Decision Trees
A decision tree is a tree structure consisting of internal and external nodes connected by branches. It generates
knowledge from a simplistic perspective. Relevant features are divided into a flowchart-like structure ultimately
forming a series of if-then statements, eventually completing the classification task (Quinlan, 1986). Random tree
is a collection (ensemble) of tree predictors that is called a forest (Breiman, 2001). Decision trees were generated
using Waikato Environment for Knowledge Analysis (WEKA) machine learning software for identifying the
heavy metals. The random tree model utilized a 10-fold cross-validation testing mode when identifying the five
metal ions. The random tree model yielded 100% classification accuracy using the observed formal potentials at
the CFME (Figure 4).

Figure 4. Random tree model based on formal potentials for identifying heavy metals in water.
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3.3 An Electronic Tongue Penetrometer for Soil Pore Water Analysis
For laboratory testing a sampling penetrometer made of high-density polyethylene (HDPE) rod was custom fabricated to house the electrodes. The cross-sectional area of the penetrometer was 12.57 cm2,
slightly larger than the standard 10 cm2 cone penetrometer (Figure 5a). The tips of the electrodes protruded into a sample cell within the probe. An electric centrifugal air pump (Figure 5b) was used to
sample the soil pore water in to the cell through a 3.175 mm thick porous plastic filter ring with approximately 125 to 175 μm average pore thickness (Figure 5c).

Figure 5. A prototype electronic tongue penetrometer for heavy metal characterization.

The voltammetric tests were performed in uniformly graded silica sand. Samples were prepared by
pouring dry sand in 50 mL of deionized water spiked with the dissolved target ion. The prototype ETongue penetrometer was pushed into the prepared soil sample until it was completely immersed in the
sample. Pore water was sampled in to the cell inside the penetrometer using the air pump regulated at
150 mL/min. After sampling the pore water a SWSV experiment was performed. SWSV parameters included a -1.6 V deposition potential held for 30 seconds. The pulse waveform had a 50 mV pulse height,
200 ms pulse period, and a 4 mV step increment. The waveform was scanned between -1.6 and 0.8 V.
The time required for sampling pore water in the poorly graded sand ranged between 10 and 30 seconds.
Each SWSV experiment lasted 2 ½ minutes.
The voltammograms of Zn2+, Cd2+, Pb2+ and Hg2+ in aqueous sand are shown in Figure 6. The formal
potentials corresponding to the peak currents were similar to the tests performed in water. Hence the
random tree built using these formal potentials (Figure 7) were also similar (in terms of the tree structure
and splitting criteria) to the random tree model developed for SWSV tests in water (Figure 4).
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Figure 6. Voltammograms of Zn2+, Cd2+, Pb2+ and Hg2+ at various concentrations in aqueous sand.

Figure 7. Random tree model based on formal potentials for identifying heavy metals in sand.
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3.4 Detecting Multiple Analytes in Water
In order to investigate multiple analyte solutions using the E-Tongue, preliminary investigations were conducted
with various combinations of heavy metals in water. Figure 8 shows a typical voltammograms at the CFME for 5
ppm each of Zn2+, Cd2+, Pb2+ and Hg2+. The decision trees using just the observed formal potentials at the CFME
yielded 100% classification accuracy. Preliminary investigations concluded that the bulk conductivity of multiple
analyte solutions is equivalent to the summation of the conductivities of the individual
species. This was confirmed by a comparison
of the electrical conductivities of the multiple analyte solutions with the summation of
average conductivities obtained for the single
analyte solutions (Figure 3b).

4 DISCUSSIONS
Comparisons of the formal potentials and the
Figure 8. CFME responses to multiple analytes in water
similarity of the random trees developed for
water and sand indicate that the calibration
and training performed in water are valid for making predictions in sand. However accurate prediction of concentration of the metal ions requires further development in terms of sensitivity and consistency of the electrodes.
Regulatory standards specified as maximum contamination levels (MCL) for heavy metals have been set by the
U.S. EPA (2009). The MCL of zinc, cadmium, lead and mercury in water are 5, 0.005, 0.015 and 0.002 mg/L
(ppm) respectively. However for tests performed using CFME in multiple analyte solution, the electrochemical
response of Pb2+ at concentrations lower than 5 ppm was not clearly discernible. Since the MCL of some of the
metal ions are lower than these, research is currently under progress to incorporate additional working electrodes
such as gold (AUME), silver (AGME) and polymer modified electrodes to obtain high accuracy and sensitivity
below MCL. These modifications will also facilitate the detection and quantification for a large number of heavy
metals in more complex environments (such as different soil types, presence of organics and other interferents). A
high level of oxygen in solution can potentially generate shifts and split peaks for responses to target ions. A dissolved oxygen sensor can be included in the E-Tongue sensor array in order to compensate for these effects. Using additional features such as peak current, area under the peak and slope of the peak current at the onset of oxidation could further improve concentration estimation of multiple heavy metals in soil and water.

5 CONCLUSIONS
The preliminary study reported in this paper has demonstrated the potential of a voltammetric electronic tongue to
be developed into a useful tool for in situ heavy metal detection. SWSV pulse voltammetry using carbon fiber micro electrode gave distinct formal potentials for zinc, cadmium, lead and mercury. The random tree prediction
models were able to classify the heavy metals with 100% accuracy both in water and aqueous sand. The electrical
conductivity measurements yielded linear calibration for the individual metal ions. The bulk conductivity of multiple analyte solutions corresponded to the summation of the conductivities of the individual species.

6 ACKNOWLEDGEMENTS
Financial support from the National Science Foundation (award number CMMI-1031505) is greatly acknowledged. Any opinions, findings, and conclusions or recommendations expressed in this paper are those of the writ255

ers and do not necessarily reflect the views of the funding agency. The authors thank undergraduate student, Connor Sullivan, for preparing some of the figures in this paper.

7 REFERENCES
Buffle, J. & Tercier-Waeber, M. L. 2005. Voltammetric environmental trace metal analysis and
from laboratory to in situ measurements. Trends in Analytical Chemistry 24(3):173-91.
Breiman, L. 2001. Random forests. Machine Learning. 45: 5-32.

speciation:

Campos, I, Alcañiz, M., Aguado, D., Barat, R., Ferrer, J., Gil, L., Marrakchi, M., Martínez-Mañez, R., Soto, J. &
Vivancos, J. 2012. A voltammetric electronic tongue as tool for water quality monitoring in wastewater treatment plants. Water Research. 46(8):2605-2614.
Herdan, J., Feeney, R., Kounaves, S. P., Flannery, A. F., Storment, C. W., Kovacs, G. T.A. & Darling, R. B.
1998. Field evaluation of an electrochemical probe for in situ screening of heavy metals in groundwater. Environmental Science Technologies.32:131-136.
Kounaves, S. P. 1997. Voltammetric techniques: Handbook of Instrumental Techniques for Analytical Chemistry.
Upper Saddle River: Prentice Hall.
Michalski, R. 2004. Ion Chromatography Method for the Determination of Trace Levels of Chromium (VI) in
Water. Polish Journal of Environmental Studies. 13(1):73-77.
Logan, T.J. & Traina, S.J. 1993. Trace metals in agricultural soils: Metals in Groundwater. Chelsea: Lewis Publishers
Quinlan, J. R. 1986. Induction of decision trees. Machine Learning. 1:81-106.
Vera, L., Aceña, L., Boqué, R., Guasch, J., Mestres, M. & Busto, O. 2010. Application of an electronic tongue
based on FT-MIR to emulate the gustative mouth feel tannin amount in red wines. Analytical and Bioanalytical Chemistry. 397(7): 3043-3049.
Winquist, F., Olsson, J. & Eriksson, M. 2011. Multicomponent analysis of drinking water by a voltammetric electronic tongue. Analytica Chimica Acta. 683(2):192-197.
National Primary Drinking Water Regulations (2009) Environmental Protection Agency, EPA 816-F-09-004

256

3rd International Symposium on Cone Penetration Testing, Las Vegas, Nevada, USA - 2014

CPT sleeve friction resistance – geotechnical practice in Russia
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ABSTRACT: The paper discusses experimental results and practical applications for unit sleeve friction
resistance in geotechnical practice in Russia. The effect of constructive and methodological factors on
sleeve friction resistance is considered. Sleeve friction resistance practical applications for determining
the state, lithology and collapsibility of soils and resistance of soil on pile side surface are given.
1 INTRODUCTION
Despite the fact that the penetrometers allowing two characteristics of soil resistance to CPT to be
measured – unit cone resistance qc and sleeve friction resistance fs, – are the most widely used, the
overwhelming majority of publications on CPT pay a great deal of attention to only one of them – unit
cone resistance qc. Sleeve friction resistances are analyzed and applied in world geotechnical practice
much more rarely, as a rule, in considering friction ratio Rf = qc/fs application. Resistance fs is rarely
used as an independent parameter. In Russia this balance is more proportional, although it is much
violated as well.
The purpose of the paper is to describe features of the basic approaches and methods of use of CPT
sleeve friction measurement in geotechnical practice in Russia, to show how they differ from
international geotechnical practice.
2 HISTORY OF FRICTION SLEEVE PENETROMETER DEVELOPMENT
Cone penetration testing of soils is one of the basic techniques for soil investigation. In the 20th century
CPT underwent complex evolution from the simplest manual mechanical probes to the powerful highly
mechanized movable rigs with electric measuring systems.
According to Cosstay & Sanglerat (1981), the first manual probes equipped with cone tips appeared
in the middle of the 19th century; however they are supposed to have been used before. In Russian
guidance on investigation dated from 1836 (Volkov, 1836), where they are mentioned as well-known
devices. These penetrometers made it possible to measure just the resistance of soil to cone penetration.
In 1936 P. Barentsen (Holland) constructed a tube-shell penetrometer that gave the possibility to
evaluate both cone resistance and side friction resistance (Sanglerat, 1971; Cosstay & Sanglerat, 1981).
The design proved to have been a useful one. It effected CPT development in the 20th century since
Barentsen’s penetrometers (those measuring two parameters: cone resistance and side friction
resistance) practically excluded “the old” penetrometers (those measuring only one parameter: cone
resistance). Apart from Barentsen, CPT design was suggested by others, but according to Cosstay and
Sanglerat (1981) it was Barentsen who constructed this penetrometer.
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Begemann suggested the idea of equipping the mechanical penetrometer with a friction sleeve in
1953 (Begemann, 1953). He suggested measuring soil resistance in a short length (friction sleeve)
located behind the cone, but not in a total side surface of the cone penetrometer. The idea proved to
have been efficient in the following years when load cell cone penetrometers appeared.
DEGEBO (Germany) constructed the first load cell cone penetrometer in 1942 (Lunne et al. 2004;
Bondarick, 1964). Electric cone penetrometers were of interest in Netherlands, Denmark as well as in
other European countries, thus new electric cone penetrometers were designed.
The important step in electric cone penetrometer development is considered to be the load cell
penetrometers of BashNIIstroy constructed in 1963 in the USSR (Ryzhkov & Isaev, 2010). The
penetrometer is equipped with a friction sleeve and two load cell sensors to evaluate cone resistance (qс)
and side friction resistance (fs). The dimensions of the penetrometer were in accordance with the
Intergovernmental standards GOST 19912-2012 (2012): cone diameter – 35.7 mm, friction sleeve side
area – 350 cm2 (310 mm in length). The penetrometer affected the new types of tensometric cone
penetrometers designing, e.g. PIKA developed in Gersevanov NIIOSP is well-known in Russia. It has a
number of modifications including the ones equipped with radioisotopic and temperature sensors.
3 EFFECTS OF CONSTRUCTION FACTORS ON SLEEVE FRICTION RESISTANCE
The friction sleeve is “polished” by soil during CPT, particularly by coarse sands. The effect of this
wear on the results obtained is much more evident than that of the cone. As a rule, the value of fs,
measured by the friction sleeve with a rough surface will be higher than in the friction sleeve with a
polished surface, since in the polished surface “friction of metal upon soil” is measured, and in the
rough surface – “friction of soil upon soil”. Clayey soils of very soft fluid consistency with adhesion
(adhesion of soil particles to the metal surface of the friction sleeve) to be larger than cohesion
(cohesion of soil particles) are the exception. Here, a soil film is formed on the surface of the friction
sleeve; it moves together with the penetrometer and it can be seen when extracting the cone.
The Russian specialists paid attention to the challenge in 1960s, thus attempts were taken to
modernize the penetrometers. Friction sleeves in CPT rigs were made with cylindrical grooves
(channels) allowing “friction of soil upon soil” in most soil conditions. This fact has been of great
importance as “friction of soil upon soil” has been much more essential than “friction of metal upon
soil” for a specialist in foundation construction.
Thus, the penetrometer with increased roughness ensures “friction of soil upon soil” in most soils
(in clays and loams there can be a soil film on the friction sleeve; it remained after the extraction of the
cone), but nevertheless, in practice the solution happened to be ineffective due to the following reasons.
Comparative tests were carried out in sands and clays (Enikeyev et al. 1986). Three penetrometers
were used: a new one with a rough surface, a smooth one and a rough one with a worn-out surface after
5000 m of CPT (3 to 4 months of work). The results showed sleeve friction resistance fs of the smooth
penetrometer to be half as much lower than that of the rough one.
Abrasive capacity of soil appeared to be larger than it had been expected, that is why the grooves
were faded rather quickly and the friction sleeve became smooth after two-three months of CPT
operation. During this period the degree of wear (smoothing) was changing gradually and it needed to
be specially analyzed at every point of time; it was no easy task of itself. Due to this the version to
measure “friction of soil upon soil” was considered to be incorrect. Smooth surfaces were believed to be
more preferable; although they showed “friction of metal upon soil”, they ensured the stability of
measurement conditions. This allowed obtaining relevant information by means of both corrections.
The adopted International standard IRTP (1999) enabled the professionals to apply smooth
penetrometers.
Penetrometer “workup” arises when pushing it into the soil. In here, in one and the same depth
squeezing of the penetrometer side surface with the soil and hence, sleeve friction resistance fs gradually
decrease within penetrometer movement. This is due to the formed hole “fading” and “polishing”.

258

Minimum “workup” of the penetrometer occurs close to the cone, while maximum one
(approximate to zero) – close to the ground surface. Therefore, in modern penetrometers the friction
sleeve is located directly behind the cone in order to minimize this effect.
“Workup” also appears because in the longer friction sleeve the resistance fs will be lower than that
in the shorter one. Russian surveyors have to take this into account when using imported penetrometers
with a shortened friction sleeve. Friction sleeve length specifications differ in Russia and abroad. In
accordance with the standard GOST 19912-2012 (2012) used in Russia, friction sleeve length is to be
310 mm, whereas in the International standard IRTP (1999) – over half as much – 132.5 to 135 mm.
Therefore, unit sleeve friction resistance measured with domestic penetrometers are to be a little bit
lower than the resistances measured with European or American penetrometers (approximately 5 to 20
%). Therefore, measured unit sleeve friction resistances are needed to be used with a correction factor
considering reduced “workup” of soil along the shortened friction sleeve.
4 EFFECT OF PENETROMETER TEST MODE ON SLEEVE FRICTION RESISTANCE
Construction features of the penetrometers as well as CPT techniques and measurement conditions can
influence sleeve friction resistances fs. In here, CPT mode is the basic methodological factor.
Standard penetrometer test mode (continuous CPT), as specified in Russian and International
standards, means pushing the penetrometer with constant speed. Non-standard penetrometer test mode
(non-continuous CPT) is supposed to include relaxation-creep (“stabilization” of the penetrometer),
dissipation, quasi-static and other tests. Dissipation tests are widely accepted abroad, while in Russia
“stabilization” tests are the most well known.
Pushing the penetrometer with constant speed. The standard speed of pushing in non-frozen soils
regardless of the conditions is to be 1.2 ± 0.3 m/min (2 ± 0.5 cm/s), as specified in Building Codes of
Russia GOST 19912-2012 (2012), in frozen soils – 0.5 ± 0.1 m/min. Due to heterogeneity of soil layers,
it proves to be rather difficult to ensure the specified CPT speed with permissible variations, and on a
number of occasions, for example, in very dense dispersed soils, it is impossible. A surveyor needs to
know the nature and effect of penetrometer speed on “velocity” resistance, fsv, in order to adjust the data
obtained if necessary.
The value of fsv usually increases to a certain degree in speed acceleration from 0.1 m/min to 3
m/min, in CPT of non-frozen sands and clays. The increase does not exceed 10 to 20 % after some
authors (Enikeyev & Ryzhkov, 1980; Kamp, 1982).
The situation is different in CPT of frozen clays: the value of fsv in CPT speed acceleration is not
considerably changed in the speed range of v = 10-3 to 2 m/min (Ryzhkov & Isaev, 2010). If frozen soil
temperature is relatively high, i.e. -0.2 to -0.4 0С, the resistance fsv increases with speed acceleration at
first, and then it slightly decreases within the speed range. The dependency is different in lower
temperatures, i.e. -0.5 to -1.9 0С: when the speed increases, the resistance fsv decreases within the whole
of the speed range.
The complicated character of the friction dependencies described above is explained by
reciprocally opposite processes occurring at “penetrometer-soil” boundary. On the one hand, if soil
temperature decreases, soil density and squeezing of the penetrometer side surface with the soil
increase. On the other hand, the increase of normal stresses in soil being adjacent to the friction sleeve
causes the increase of the volume of non-frozen water (due to temperature change in “ice-water” phase
transformation) being the natural lubrication at “penetrometer-soil” boundary.
Relaxation-creep CPT (“stabilization” of the penetrometer). According to standard GOST 199122012 (2012) is the test in which the load acting on the penetrometer and the speed of penetration
gradually decreases during penetrometer stopping at the given depth due to neighboring soil relaxation
and creep. The test is carried out by oil supply shutdown to penetrometer pushing hydro-jacks. The test
makes it possible to measure penetrometer setting, temperature, pore water pressure, etc. As a rule, the
procedure lasting not less than 5 to 10 min is determined by the specified stabilization conditional test
for one of the measured parameters or by specified time of “stabilization”.
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When the penetrometer is “stabilized” in non-frozen sands, the increase of “stabilized” sleeve
friction resistances at relaxation-creep CPT fss is observed during this time, while in clays the decrease
is observed. Thus, “stabilized” values of fss (approximately after 5 minutes of "stabilization“ beginning)
in water-saturated clays and loams compose 60 to 70 % from their “velocity” values of fsv, and in wet
loams and sandy loams – 60 to 90 %.
However, one can fail to observe such a decrease in macroporous loessial loams possessing
collapsible properties. On the contrary, “stabilized” values exceed the “velocity” ones, the same as in
sands. This fact has not been given any convincing theoretical explanation. After a hypothesis, the
structure of the violated macroporous soil turns into a newer denser state characterized by strength
increase at low speeds of deformations typical for relaxation-creep CPT. In sands the situation appears
to be the same.
When “stabilizing” the penetrometer in frozen clays, the curves of unit sleeve friction resistance at
relaxation-creep CPT fss during this time reveal three sections: 1 – the resistance decreases almost
instantly, in 1 to 2 sec (elastic properties of the “penetrometer-frozen soil” system are developed); 2 –
after that the value of fss increases during 0.5 to 5 min (the intensive process of penetrometer icing
prevails over the process of stress relaxation in the neighboring soil); 3 – the resistance fss gradually
decelerates (rheological properties of frozen soil prevail), the penetrometer is gradually ice-bound and
attains soil natural temperature.
The ratio fss/fsv will be 0.50 to 0.85 for frozen clayey soils with temperature range of -0.2 to -1.9 0С at
“stabilization” time of 5 min. In nearly 10 to 15 minutes the process of penetrometer icing finishes.
Penetrometer “stabilization” and icing being finished, it is pushed again (extra pushing) at a constant
speed. “Peak” (maximal) resistances fsp corresponding with the unit resistance of frozen soil to shear
along frozen surface of the friction sleeve are registered at the beginning of pushing. “Peak” resistances
always predominate over the “velocity” ones – the ratio fsp/fsv is 1.1 to 4.7.
5 TESTING SOIL STATE, LITHOLOGY AND COLLAPSIBILITY
Experience has shown that unit sleeve friction resistances make the information on state, lithology and
properties of soil available.
Testing soil state (thawed or frozen). Awareness of soil natural temperature is not enough to assess
soil physical (aggregate) state. It is also necessary to know the initial temperature of soil freezing that
depends upon a number of factors – lithology, salinity, peat content, etc. Thus, surveyors must have
some additional “instruments” to solve the problem.
The following dependency may be applied for permafrost territories investigation (see section 4).
During relaxation-creep CPT of clayey soils, in case the resistances fss start to increase at the beginning
of “stabilization” after the initial (1 to 2 sec) sharp decrease, then the soil is proved to be in a frozen
state.
Testing soil lithology. Plotting soil lithological sections is the most important task in any
engineering-geological investigations. In 1953 Begemann (Begemann, 1965) was the first who found
out the possibility to identify sands and clays by means of penetrometers equipped with friction sleeves.
At present, the approach has been universally recognized. Empirical diagrams and charts (Lunne et al.
2004; Ryzhkov & Isaev, 2010) illustrating various combinations of unit cone resistance qc and sleeve
friction resistance fs – “If = qc/fs”, “Rf = fs/qc”, “qc – fs”, “qc – Rf” have been widely applied in Russia
and abroad as classifying indicators. More complex combinations illustrating fs are also well-known,
e.g. the normalized friction ratio Fr = fs/(qt – σvo), where qt – unit corrected cone resistance, σvo – natural
overburden total vertical stress in soil.
Relaxation-creep CPT gives extra possibilities to classify soil lithology with regard to the values of
fs. During CPT of non-frozen and non-collapsible soils, in case “stabilized” values measured after 5
min. of “stabilization” prevail over the “velocity” ones (fss/fsv > 1), then the soil is proved to be sandy,
and vice versa, if (fss/fsv < 1) – the soil is clayey.
Testing soil collapsibility. Research on CPT application for soil collapsibility quantitative assessment
began in the former USSR and in Russia in 1960s at Gersevanov N.M. NIIOSP (Ryzhkov & Isaev,
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2010). BashNIIstroy research institute developed CPT-based soil collapsibility assessment technique
without preliminary soil wetting in 1970s. The technique is based on comparing “velocity” and
“stabilized” unit sleeve friction resistances (see section 4). In accordance with the technique, non-frozen
soil under study is considered to be either a collapsible loam or sand, if fss/fsv = 0.8 to 1.6. This criterion
seems applicable because one cannot find any difficulties in distinguishing sands from collapsible
loams. First, the value of unit cone resistance is considerably higher in sands than in loams. Secondly,
combination of sands with collapsible clays does not usually occur at one and the same site.
6 TESTING RESISTANCE OF SOIL ON PILE SIDE SURFACE
Pile bearing capacity determination is the most significant aspect for CPT practical application. The
research carried out in the former USSR and in Russia for the last 40 years has made it possible to
obtain methods of analysis which just yield to CPT of in-situ piles as for reliability of the results
obtained, but excel them in technological and cost effectiveness. Building Code SP 24.13330.2011
(2011) is the normative document for CPT-based determination of pile resistance in non-frozen
(thawed) soils in Russia, Building Code SP 25.13330.2012 (2013) – for frozen soils.
Both documents present total pile resistance as the sum of soil resistances on pile end and pile side
surface. Most of “direct” methods for pile bearing capacity determination are based on the approach
regardless of penetrometer types, piles or soil conditions.
In spite of common approaches, Russian and International techniques differ to a certain extent. The
principal difference is that Russian standards require unit side sleeve friction resistance or total friction
resistance to be used for testing resistance of soil on pile side surface of driven piles, drilled-in piles and
screw piles, but International standards require only unit cone resistance to be considered.
Pile unit averaged side friction (in depth) of driven and screw piles in non-frozen soils fp is
evaluated by “velocity” unit side sleeve friction resistance at the standard speed of penetrometer
pushing to be 1.2 m/min by the formula:
fp = (Σ βi fsi hi)/h,

(1)

where βi = transition coefficient considering soil lithology and “velocity” resistance fs; fsi = unit
averaged sleeve friction resistance in i-layer of soil; hi = thickness of i-layer of soil; h = depth of pilesinking from the ground surface.
Pile unit side friction of driven and drilled-in piles in frozen soils Raf,i is evaluated by sleeve
friction resistance “peak” values measured during relaxation-creep CPT by the formula:
Fu = k γaf  Raf,i Aaf,i,

(2)

where k = coefficient of difference in permafrost soils at testing and operating the designed structures;
γaf = coefficient of freezing area type; Raf,i = 2 fsi = unit ultimate long-term resistance of frozen soil to
shear along frozen side surface of pile in i-layer of soil; 2 is taken with regard to leader pile sections to
pile ratios; Аaf,i = freezing surface area of frozen soil i-layer with pile side surface.
7 SUMMARY
Sleeve friction resistances fs are analyzed and applied in world geotechnical practice rarely, as a rule, in
considering friction ratio, Rf = qc/fs application. In Russia this balance is more proportional, although it
is much violated as well. In accordance with the Russia standard GOST 19912-2012, friction sleeve
length is 310 mm, whereas in the International standard IRTP for CPT and CPTU – over half as much
(132.5 to 135 mm). This is important, because in the longer friction sleeve the resistance fs will be lower
than that in the shorter one. Resistance fs depends on the design (length and roughness friction sleeve),
geological (type and condition soil) and technological (penetrometer test mode) factors. Resistance fs
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measurement when tested in a relaxation-creep mode can provide important additional information of
the ground – to determine the state (thawed or frozen), lithology (sandy or clay) and collapsibility soil.
In Russia pile bearing capacity determination is the most significant aspect for CPT practical
application. The principal difference is that Russian standards require unit side sleeve friction resistance
or total friction resistance to be used for testing resistance of soil on pile side surface of driven piles,
drilled-in piles and screw piles, but International standards require only unit cone resistance to be
considered.
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ABSTRACT: During some piezocone tests in clays, penetration through dense, dilating layers of silt or sand may
cause suction and pressures close to vacuum may cause loss of saturation liquid in the cone tip. As the cone
reenters into underlaying clay, the tip will try to suck porewater from the surroundings into the tip channels. This
process will require time during which a true pore pressure response from the clay is not obtained, hence the important excess pore pressure information is lost. A modified piezocone device has been designed, with the aim to
prevent the suction from disturbing pore pressure gauge saturation. The modified cone has a check valve connected to a fluid reservoir, which allows fluid to flow into the pore pressure fluid chamber in case of low pressures
outside the cone. The presented design is crude and simple, but was successfully tested and proved to have a good
pore pressure response in spite of undergoing suction during testing.

1 INTRODUCTION
1.1 General background
A successful piezocone test (CPTU) relies on near perfect saturation of the fluid chamber and filter system for reliable and accurate excess pore pressure measurement. Results from field tests clearly show that thin layers of
dense silt or sand in a clay deposit may dilate and cause significant suction (pressures lower than atmospheric
pressure) when penetrated by the cone. The suction causes existing gas bubbles in the filter or pore pressure
chamber to expand, or may even create new ones by dissolving gas from the chamber liquid. When the tip penetrates into a clay layer below a dense silt layer, the low clay permeability prevents pore water from flowing back
into the filter and pressure chamber, hence the time of suction is prolonged. The desired recompression of the gas
bubbles with regain of excess pore pressure measurement response is delayed, effectively masking the pore pressure response in the clay. The recorded pore pressure profile is then of little value within these depth intervals.

1.2 Test site Lensvik
During the fall of 2010, NTNU performed field investigations near Lensvik, about 1 hour drive west of Trondheim. At borehole 118 in a sloping field near the fjord, the pore pressure measurement during a CPT was disturbed by suction in what appeared to be a dense layer at 1.3 m depth below ground. Another layer at about 6.4 m
depth caused the same effect. A second test 118b was performed at the location, where the pre-augered depth was
increased through the top dense layer. Another layer at about 2.2 m depth still caused disturbance of the pore
pressure measurement through a significant part of the sounding. Figure 1 shows the corrected tip resistance (qt)
and pore pressure (u2) from the two soundings. The extreme values of suction recorded in the layers at 1.3 and 2.2
meter depth are in the order of -93 and -89 kPa relative to atmospheric pressure.
263

Figure 1. Results from CPT at borehole 118 and 118b at the Lensvik site
Based on the two soundings 118 and 118b, the site in Lensvik was believed to deliver relatively consistent results.
With this background, the site was chosen as a reference site for further testing.

1.3 Scope of work
The paper describes parts of the work done by Sandene for a Master's thesis at NTNU during spring 2011, after an
idea and under guidance from Emdal. The main part of the work was to design, build and test a piezocone device
capable of withstanding loss of pore pressure gauge saturation during penetration.
The basic idea behind the new modified piezocone device was to connect the fluid chamber to a fluid reservoir
through a valve. When the fluid chamber is subjected to a given suction pressure from outside the cone, the valve
opens and allows fluid to flow from the reservoir to the fluid chamber from the inside. When the pressure outside
the cone recovers to higher levels, the valve closes and normal pore pressure measurement is restored immediately. The mechanism efficiently prevents low pressures and expansion of gas bubbles in the fluid chamber, reducing
problems with loss of saturation during sounding.

2 BACKGROUND
2.1 A literature reference
Loss of pore pressure gauge saturation is discussed by Lunne et al. (1997), as one often records excess pore pressure down towards vacuum (-100 kPa). During offshore testing under hydrostatic pore pressure in the order of 1
MPa, excess pore pressure can still reach very low values. The effect is believed to occur when the cone penetrates dense layers of silt or sand, which dilate during shear strain and cause temporary suction around the cone.
Several meters of the sounding below may be disturbed after the cone reenters into softer clayey material, which
should give high excess pore pressures. Lunne et al. (1997) also mentions an effect when measuring pore pressure
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in the u1 position. Usually this pore pressure is positive due to changes in total stress, while u2 is negative due to
changes in shear stress. Measurement of negative pore pressure in the u1 position is likely to be a cause of the tip
hitting a grain of gravel or a rock, which is pushed to the side. The void left by the rock is registered as suction in
pore pressure.

2.2 A simple simulation
To illustrate the possible delayed pore pressure response due to suction, the following simple simulation can be
carried out. If suction pressure within the cone occurs, and there is little or no gradient through the filter, the
pressure is negative also at the contact surface between the cone and the soil as illustrated in Figure 2a (after
Vesic, 1972) and in a horizontal section in Figure 2b.
There will be a radial flow of pore water towards the filter, compressing the gas bubbles inside. The radial
flow q towards the filter is:

q = 2πbkh

h2 -h1
r
ln 2 r1

(1)

where b = height of filter; h2 = pressure outside the cone at r2; h1 = pressure inside the cone at r1; and kh = horizontal permeability. Combining this with the ideal gas law pV = nRT = constant, and introducing a short time increment Δt during which a small amount of water flows into the filter, a gradual decrease in volume and increase in
pressure inside the cone can be calculated. The pressure u2 inside the cone at the end of Δt is:

u2 =

patm V0
V1 -q⋅Δt

(2)

where patm = atmospheric pressure; V0 = volume of gas inside the cone at atmospheric pressure; V1 = volume of
gas at the start of Δt; q = flow of pore water from (1). If the volume V0 is 12 mm3 and the pressure fall distance Δr
is 10 mm, a simulation of a CPT (penetration speed 20 mm/s) may be executed with variation of permeability kh
or minimum pressure pmin. Figure 3 shows a simulation where the pressure is dropped to a low value, and then an
excess pore pressure (here taken from test M3 which is discussed later) drives the recompression of the gas bubbles to give a calculated response. The actual recorded recovery of pore pressure during sounding 118b is shown
for comparison. At some point, the simulated pressure recovers much faster than the actual test, but the general
shape of the curve is comparable to real observations for reasonable values of the parameters in Eq. (1) and (2).
Figure 3 shows that the simple simulation can duplicate, in a general way, the delayed response seen in the field.
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Figure 2. Excess pore pressure around the cone

a) Variation of horizontal permeability, pmin = -85 kPa

b) Variation of minimum pressure, kh = 10-9 m/s

Figure 3. Simulation of pore pressure response recovery as a function of either soil permeability or minimum
pressure

3 THE MODIFIED PIEZOCONE DEVICE
3.1 Design
As both time and financial budgets were limited, an outdated but functional piezocone device made the basis for
the design of a modified device. The angle of the cone is 60° and the base diameter 35.6 mm, which makes it
266

comparable to commercial cones. Pore pressure is measured in the u2 position directly behind the cone. The old
cone did not include measurement of skin friction.
For reasons of simplification, the modified cone would not measure anything but pore pressure u2. The internal
load cell which measured tip resistance was removed, and the hollow space inside the shaft was used for the valve
unit. The valve unit itself is photographed in Figure 4. The check valve, together with the fluid reservoir, are the
main components of the unit. Check valves with cracking pressures of 1 psi (about 6.9 kPa) and 10 psi (about 68.9
kPa) were used for the tests. As the fluid reservoir had to be collapsible, a small water balloon filled the purpose.
The check valves used are produced by Swagelok (2013) and have model identification SS-2C2-1 (1 psi valve)
and SS-2C2-10 (10 psi valve). Inside the valve, a spring holds a piston with an o-ring to make it watertight. When
the difference in pressure exceeds the spring force, the piston moves and fluid flows through.
A photograph of the disassembled modified piezocone is shown in Figure 5.
A special part where the pore pressure transducer and the valve unit are attached had to be manufactured, together with a sleeve for covering a part outside the fluid chamber that had a smaller diameter. The shaft is made
from a piece of sounding rod. The pore pressure transducer is a Honeywell (2013) Model S subminiature, flush
diaphragm pressure transducer.
Figure 6 a) and b) shows the assembly of the cone. First, the valve and transducer mounts on the attachment
piece, which then is fixed with screws to the shaft. The fluid chamber is fixed to the attachment piece with screws,
and the cone goes on top and holds the filter tight.
Signals from the pore pressure transducer transfers via cable through the sounding rods to an amplifier. The
amplifier, together with a depth measurement system, connects to a computer via an interface. A simple computer
program, made specifically for this purpose, displayed live results during sounding and logged pore pressure and
depth data to a text file.

3.2 Testing preparations and procedure
As there are quite a few corners, channels and other places for air bubbles to hide, saturation and assembly of the
modified cone is a complicated process. The valve unit was disassembled, vacuumed, assembled and transported
submerged in engine coolant (glycol) that was used as the chamber fluid. Liquid gasket material was used around
all screws and between all metal surfaces to ensure tightness during testing. During the entire assembly in the
field, the focus was on preventing any air bubbles inside the cone. The porous filter and cone was mounted submerged, and a rubber membrane pulled over the filter to prevent the liquid from escaping before the cone was
pushed into the ground.
Connector and plastic tube Check valve

Fluid reservoir (balloon)

Figure 4. Valve unit
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Figure 5. The modified cone disassembled to show components

Shaft
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a) Mounting of the valve and transducer
b) Cone assembled

Figure 6. Assembly of the cone

4 FIELD TESTING
4.1 Ground conditions
For further reference and documentation of the soil conditions, a supplemental CPT sounding using a standard
commercial cone (here named N1) was performed during spring of 2011. Three new tests performed with the
modified cone are named M1, M2 and M3. Results from the CPT soundings are reported in the next section. All
soundings were done within approximately 5 m distance from soundings 118 and 118b.
A series of 54 mm diameter undisturbed soil samples were also taken for inspection and classification purposes. The soil samples revealed dry crust clay with sand and gravel down to approximately 2.7 m depth. The rest of
the samples down to 6.5 m depth were silty clay, some parts sandy. A general overview of the observations is given in Figure 8.

4.2 Test results with modified cone
Tests M1 and M2 were performed with the 10 psi (68.9 kPa) check valve mounted in the cone, and test M3 with
the 1 psi (6.9 kPa) check valve. Figure 7 shows the measured pore pressure u2 from the three tests. While inspecting the pore pressure measurement from soundings M1 and M2 it is clear that a dilating layer near the beginning
268

of the sounding caused suction, which disturbed most of the readings below. The response eventually recovers
suddenly, probably during a pause while mounting a new rod. Sounding M1 is generally of very poor quality even
after the pore pressure has recovered, with slow recovery after each drop in pressure. M2 is slightly better, but
still far from optimal. The minimum pressure recorded was -47.1 kPa during M1 and -66.0 during M2, which is
not low enough to open the 68.9 kPa (10 psi) check valve.
M3 however, gives a much sharper pore pressure response, even after drops in pressure to below 0 kPa. The
first drop at about 0.8 m is slowly recovered, but more dramatic drops to lower pressures at about 1.3 m and 6.2 m
are instantly recovered. The recorded pressures are -36.3 kPa at 1.3 m and -39.2 at 6.2 m. Saturation of the filter
and fluid chamber appears to be unaffected by the drops in pressure. Increasing experience with preparing and assembling the equipment probably also contributed to gradually improving results.

4.3 Evaluation of test results
Figure 8 shows the results from sounding M1 compared with the results from 118, 118b and the sounding N1 performed with a standard commercial cone (cordless, acoustic signals) in spring 2011. A short summary of results
from soil samples is also shown in Figure 8. During sounding N1, communication with the cone was lost between
4.6 to 5.7 m, and tip resistance and pore pressure values are constant over this interval.
It is difficult to determine if all soundings have gone through the same soil layers. Sounding N1 did not show
any peaks in tip resistance in the same manner as 118 and 118b. The pore pressure never falls particularly low,
except from a drop to -52.2 kPa at about 1 m depth. In general, the cone appears to be poorly saturated. The pore
pressure response from soundings N1 and M3 are similar, but the pore pressure from M3 drops to lower levels at
about 1.3 and 6.2 m. These sudden drops are comparable to sounding 118. One can conclude that soil layering at
this site was not as consistent as assumed before the new tests, and drops in pore pressure are likely caused by
random large grains of gravel or rocks, pockets of sand or local layers of sand with variable thickness.
Because the valve opens and allows fluid to flow into the fluid chamber, one cannot measure the actual level
of suction. With the soil variations at the site, it is also difficult to estimate what the suction is at these points
based on other soundings. Only one successful test has been performed with the modified cone with the 1 psi (6.9
kPa) valve mounted, as the drilling rig was occupied for the remaining time of the thesis work. The pore pressure
response of sounding M3 is in any case remarkable compared to all other sounding at the same spot.

5 CONCLUSION
The modified piezocone design presented is crude and simple, and is complicated and tedious to assemble and use
in the field for testing. Results from sounding M3 however indicate a very good pore pressure response throughout the sounding, even after undergoing suction at two separate depths. The low pressures clearly do not affect the
saturation, and that is remarkable considering the complicated structure of the device. One important point is that
the check valve used has to open early at pressures just below atmospheric pressure. For further development, a
better, more robust and user-friendly valve- and fluid chamber system is required, as well as testing under controlled conditions.
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Figure 7. Results from tests with the modified cone

Figure 8. Comparison between commercial cone and modified cone
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ABSTRACT: Traditionally the CPT sleeve friction measurement (fs) has been considered to be less reliable than the tip resistance measurement (qc). This paper will discuss the main factors that influence the
reliability and accuracy of the sleeve friction measurement. One factor is the diameter of the sleeve relative to the diameter of the cone tip. Most standards (e.g. ASTM, IRTP) provide a tolerance range such
that the sleeve can have a diameter between the same diameter as the tip or up to 0.35mm larger, but the
sleeve should not be smaller than the tip. In very soft fine-grained soils, the sleeve friction values can be
very small. To avoid measuring zero or negative fs values, some manufacturers make the sleeve slightly
larger than the tip, but within the allowable tolerance (i.e. up to 0.35mm larger than the tip). Data from
a uniform soft clay site is presented to show the variability in fs measurements with variable diameter
friction sleeves.
Results show that sleeves that are larger in diameter than the tip produce higher fs values, but the values are variable depending on wear. Cones with sleeves made to the same size as the tip have greater
repeatability and accuracy since wear is consistent between the sleeve and the tip.
1 INTRODUCTION
The electric Cone Penetration Test (CPT) has been in use for over 40 years. The CPT has major advantages over traditional methods of field site investigation such as drilling and sampling since it is fast,
repeatable and economical. In addition, it provides near continuous data and has a strong theoretical
background. These advantages have lead to a steady increase in the use and application of the CPT in
North America and many other places around the world.
Most cones measure three basic parameters, tip resistance (qc), sleeve friction (fs) and pore pressure
(u). There are many standards that specify allowable dimensions and tolerances for the size of the tip
and sleeve with ASTM D5778-12 (2012) allowing for a 10cm2 and 15cm2 cone size.
It has been well recognized and documented (e.g. Lunne et al., 1986) that the CPT sleeve friction (fs)
is generally less accurate than the cone tip resistance (qc). The lack of accuracy in fs measurement is
primarily due to the following factors (Lunne and Anderson, 2007);
•
•
•
•

Pore pressure effects on the ends of the sleeve,
Tolerance in dimensions between the cone and sleeve,
Surface roughness of the sleeve, and,
Load cell design and calibration.
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The sleeve friction measurement is generally used to estimate soil type and can also be used to estimate the remolded shear strength in fine-grained soils. Increasingly, interpretation methods make use of
the soil behavior type index (Ic) to modify empirical correlations to incorporate soil type (e.g. Robertson,
2009). These interpretation methods can be somewhat sensitive to variations in interpreted soil type due
to variations in measured sleeve friction. Hence, it is becoming increasingly important that the sleeve
friction measurements be as accurate and repeatable as possible.
Boggess and Robertson (2010) illustrated the importance of equal end-area friction sleeve design and
the use of separate load cells for measuring the CPT sleeve friction in soft soils. ASTM, D5778 (2012)
specifies the use of equal end-area friction sleeve to minimize the pore (water) pressure effects. All
standards have strict limits on dimensional tolerances. The IRTP (1999) has clear specifications on surface roughness. Increasingly manufacturers prefer a cone design with an independent sleeve friction
load cell in compression for improved accuracy and repeatability. ASTM D5778 (2012) and the IRTP
(1999) specify zero-load readings before and after each sounding for improved accuracy. Robertson
(2009) suggested that with good quality control it is possible to obtain repeatable sleeve friction measurements. However, fs measurements, in general, will be less accurate than tip resistance in most soft fine-grained soils.
Most standards specify a range in dimensions for the sleeve to allow for slight differences in manufacturing and wear. ASTM D5778 (2012) specifies that the sleeve diameter can range in size from the
same diameter as the tip up to 0.35mm larger, but the sleeve should not be smaller from the tip. As the
sleeve is behind the tip and is therefore in the “shadow” of the tip, sleeve measurements can be sensitive
to the diameter of the tip relative to the sleeve. In soft fine-grained soils the sleeve friction can be very
small and close to zero as the soil in contact with the sleeve can be completely remolded by the large
shear strains induced by the cone tip.
To avoid measuring zero or even negative sleeve friction values, some manufacturers machine the
sleeve to a diameter larger than the tip diameter, but within the tolerance set by the standards. The larger
diameter sleeve that is within the tolerance set by the standards warrants some further research to determine any benefits or differences compared to a cone with an equal sized sleeve. The objective of this
study was to investigate the influence of friction sleeve diameter on the repeatability of the sleeve friction measurement in uniform soft sensitive clay.
2 EXPERIMENTAL STUDY
To accurately compare the difference between an equal sized sleeve and a slightly oversized sleeve, it
was important to do some side-by-side comparisons at a site exhibiting uniform, very soft clay. This
would allow for an accurate test of how sleeves of different diameter compare. To try and obtain better
accuracy in these soft soils, low capacity cones were also used. A low capacity cone has a thinner load
cell with lower capacity and improved accuracy. Most strain gauged load cells have an accuracy of 0.1%
of maximum capacity (FSO), hence, a low capacity load cell has improved accuracy compared to a high
capacity load cell. In addition, Field Vane Testing (FVT) was also conducted at the site to provide an independent measure of the peak and remolded strength of the soil.
Hamilton Air Force Base was chosen as the location for this comparison study. Located on the Western shore of San Pablo Bay, north of San Francisco, California, this site is used by the University of California, Berkeley as a test site for their geotechnical engineering research and teaching. The soils in the
upper 20m at the site are composed Young Bay Mud (YBM). Below a 2m surface crust, the Young Bay
Mud is essentially normally consolidated.
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Four CPTs were conducted at close spacing (less than 2m apart) with varying components installed as
described in Table 1. The cones are digital and were designed and manufactured by Gregg Drilling &
Testing and have separate load cells and equal end-area friction sleeves (Boggess and Robertson, 2010).
The cones are 15 cm2 tip area (i.e. diameter of 43.71mm) and are manufactured to have sleeves of equal
diameter to the tip. A special sleeve was made that was 0.3mm larger in diameter to the tip (i.e.
44.01mm diameter) to evaluate the influence of sleeve diameter on the measured data.
Table 1 Summary of test program
Location Name
CPT 1
CPT 2
CPT 3
CPT 4

Sleeve Diameter
43.71mm (15cm2 cone)
44.01mm (l5cm2 cone + 0.3mm)
44.01mm (l5cm2 cone + 0.3mm)
43.71mm (15cm2 cone)

Cone Capacity (tip)
Standard capacity (100 MPa)
Low capacity (30 MPa)
Standard capacity (100 MPa)
Low capacity (30 MPa)

3 TESTING & COMPARISON
Figure 1 shows the comparison of the basic CPT parameters (corrected tip, qt, sleeve friction fs and pore
pressure, u2) from CPT 1 (high capacity) and CPT 4 (low capacity) and provides a check on accuracy
and repeatability. Both CPT’s were completed with the same size cone (tip and sleeve), although CPT 4
used a low capacity load cell to gain better accuracy. As shown in Figure 1, these two tests have excellent repeatability. There is a slight decrease in repeatability in the sleeve friction in the softest part of
the clay between depth of 2m to 10m, with a variability of about 1 kPa. The tip and pore pressures have
excellent repeatability.

Figure 1: Comparison of CPT 1 (red) and CPT 4 (blue) showing good repeatability (both same sized sleeve)
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Figure 2 shows the comparison of the same basic cone parameters from CPT 2 and CPT 4. CPT 2
was the low capacity cone with an oversized sleeve and CPT 4 was the same low capacity cone with a
standard sleeve of the same diameter as the tip. Both sleeves were manufactured with the same surface
roughness.

Figure 2: Comparison of CPT 2- oversized sleeve (green) and CPT 4- same sized sleeve (blue)

Figure 2 shows that the larger diameter sleeve used in CPT 2 produces sleeve friction values that are
approximately 5 kPa higher in the soft clay than those measured with the same cone but with a sleeve of
equal diameter to the tip (CPT 4). In this soft clay, this represents an increase of about 80% in the
sleeve friction using a sleeve that is 0.3mm larger than the tip. The higher sleeve friction measured with
the oversized sleeve is likely due to the additional end-bearing acting on the oversized annulus at the
base of the sleeve. Figure 2 clearly shows that friction sleeves that are larger in diameter than the cone
tip can produce higher sleeve friction values than cones with equal diameter sleeves and tip. However,
the key questions are: which sleeve friction is a more correct measure of soil behavior and how sensitive
is the oversized sleeve to wear?
It has often been suggested (e.g. Luune et al., 1997) that the CPT sleeve friction is a good measure of
the remolded shear strength in clays, since the clay is essentially fully remolded by the time it passes the
sleeve due to the vary large shear strains around the tip. To evaluate this concept and to evaluate what
sleeve diameter (relative to the tip) provides the correct measure of the remolded shear strength, field
vane shear testing (FVT) was carried out adjacent to the CPT’s. The field vane shear tests were carried
out according to ASTM 2573-08 to measure both the peak undrained shear strength (su) and the remolded shear strength (su(remolded)).
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Figure 3 compares the field vane results with the CPT data. The peak undrained shear strength from
the CPT’s were matched to the FVT results using Nkt = 8. Considering that the clay has a sensitivity of
between 5 to 10, the low Nkt is consistent with previous documented sites as well as local experience in
these Young Bay Mud soils. The remolded shear strength from the CPT is taken directly from the
measured sleeve friction values (fs). Figure 3a shows that the standard cone with an equal end-area
sleeve, separated load cells and a sleeve of equal diameter to the tip (CPT 1) provides excellent agreement between the measured sleeve friction values and the remolded shear strength from the FVT. Figure 3b shows that the cone with the oversized sleeve (CPT 2) has a measured sleeve friction larger than
the remolded shear strength. Hence, it would appear that the cone with a sleeve of equal diameter to the
tip produces sleeve friction values very similar to the remolded shear strength of the clay, whereas, the
cone with the oversized sleeve over-estimates the remolded shear strength.

Figure 3: Comparison of FVT results and CPT (su peak & remolded)
(a) CPT 1- same sized sleeve (b) CPT 2- oversized sleeve

To evaluate the issue of wear on the oversized sleeve, a second sounding was performed using the same
oversized sleeve but fitted to the standard (high capacity) cone (CPT 3). Figure 3 shows a comparison
between CPT 1, 2 and 3. CPT 1 was a standard cone with a sleeve of equal diameter, CPT 2 was the
low capacity cone with the new oversized sleeve and CPT 3 was the standard cone with the oversized
sleeve that had been used on CPT 2 (i.e. the sleeve used for one previous sounding).
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Figure 4: Comparison of CPT 1- same sized sleeve (red), CPT 2 - new oversized sleeve (green), CPT 3 - used
oversized sleeve (orange)

By comparing the measured sleeve friction values from these three CPTs, it is evident that the oversized sleeve initially produces larger sleeve friction values, but through normal use and wear, this effect
is decreased. The sleeve friction for CPT 3 is somewhere between CPT 1 (standard size) and CPT 2
(oversized size). The average value of fs in CPT 3 between 4 to15m is 6.8kPa, resulting in a 33% drop
in sleeve friction from CPT 2 with the second use of the oversized sleeve.
It appears that an oversized sleeve may initially provide larger sleeve friction measurements, but the
sleeve friction values decrease with use and wear to values closer to an equal-sized sleeve.
4 INTERPRETATION OF SOIL BEHAVIOR TYPE
The most common use of the CPT sleeve friction (fs) is to estimate the soil behavior type (SBT) using
friction ratio. Robertson (1990) suggested a SBT chart based on normalized parameters that has become
very popular and generally provides good estimates of soil behavior type. Figure 5 shows the normalized CPT results in the soft clay between 5m and 15m from CPT 1 and CPT 2. The CPT data from the
standard (high capacity) cone with a sleeve of equal-diameter to the tip (CPT 1) plots slightly on the
sensitive side of the normally consolidated zone and the SBT is defines as clay (zone 3). This is consistent with the sampling, FVT and UC Berkeley laboratory test results. However, the CPT data from
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the low capacity cone with the oversized sleeve plots to the right of the normally consolidated zone and
the SBT is defined as organic soil (zone 2). Hence, it appears that the cone with a friction sleeve of
equal diameter to the tip provides a more consistent estimate of soil behavior. However, the cone with
the oversized sleeve tends to over-estimate the friction ratio and hence, can incorrectly estimate soil behavior type.

Figure 5: Robertson (1990) normalized SBT chart
(a) CPT 1- same sized sleeve, data from 5-15m (b) CPT 2 (oversized sleeve), data from 5-15m

5 SUMMARY AND CONCLUSIONS
CPT’s were carried out at a site composed of uniform soft sensitive clay to evaluate the influence on
measured sleeve friction of diameter of the friction sleeve relative to the tip, but within ASTM tolerance.
Results suggest that an oversized sleeve produces sleeve friction values higher than those measured with
the same cone but with a sleeve of equal diameter to the tip. The additional sleeve resistance appears to
come mainly from the larger exposed base of the sleeve and that this exposed area can quickly wear resulting in a drop in measured sleeve friction. With continued wear, it would appear that the oversized
sleeve would give results very similar to the results from a sleeve that was initially made to the same diameter as the tip. The additional sleeve friction due to the oversized sleeve can be significant in very
soft sensitive clays where the remolded shear strength is very small. However, in sands the difference
may not be as significant, since the sleeve friction values are much larger.
The two main uses of the sleeve friction measurements are: to estimate the soil behavior type (SBT)
using charts that use friction ratio, and to estimate the remolded shear strength of fine-grained soils.
Comparison of field vane shear test results suggests that sleeve friction values recorded with a sleeve of
equal diameter to the tip are very similar to the remolded shear strength of the clay. Oversized sleeves
tend to produce friction sleeve values that are higher than the remolded shear strength of the clay but
over time and with continued wear, the friction sleeve values tend to approach those of the remolded
277

shear strength of the clay. It appears that a cone with a friction sleeve of equal diameter to the tip provides a more consistent estimate of soil behavior in soft clay. However, a cone with an oversized sleeve
tends to over estimate the friction ratio and hence, can incorrectly estimate soil behavior type.
It appears that using a cone with an oversized sleeve, but within the tolerance defined by ASTM, introduces an added level of uncertainly resulting in less repeatability and accuracy in measured sleeve
friction values. The authors recommend that the tolerance limits for friction sleeve diameter in the current standards be reduced in magnitude to encourage the manufacture of sleeves to the same diameter as
the tip.
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ABSTRACT: An innovative direct-push sampler has been developed to maximize sample retention and
reduce disturbance. The stainless steel sampler has an outer diameter of 63mm, a wall thickness of
1.6mm and a toe cutting angle of 5 degrees. The sampler is inserted into the ground by direct push
methods, then operates as a conventional fixed-piston sampler until it is about to be withdrawn from the
ground. Prior to withdrawal a very brief “shot” of pressurized nitrogen is injected horizontally at the
base of the sample, just above the cutting edge, to cut the soil. Then, during withdrawal, low pressure
air or water is injected into the void that develops below the sampler to overcome the suction that
otherwise would develop as it is pulled out of the ground. Sample quality is investigated in this paper,
using CAT scans performed on each of the samples prior to extrusion, constant rate of strain
compression and triaxial tests
1 INTRODUCTION
This paper describes the performance of an innovative direct-push piston sampler specifically designed
to reduce sample disturbance and maximize sample retention. The sampler’s performance for testing soft
clays is described. Laboratory tests as well as CAT scans have been used to evaluate the reliability of
the sampler and also to estimate sample disturbance.
2 SAMPLER DESCRIPTION AND OPERATION PRINCIPLE
The device is a piston-pneumatic-injection (PPI) sampler specifically designed to maximize sample retention and reduce sample disturbance. The stainless steel sampling tube has an outer diameter of 63mm,
length of 880mm a wall thickness of 1.6mm and a 5 degree cutting edge. The area ratio is 11% with no
inside clearance. The operation principle is schematically shown in Figure 1. The tube is closed using a
conical fixed piston inside of the tube during advancement into the soil to the top level of the sampling
depth. Advancement to sampling depth is made by direct pushing using a CPT rig in a similar fashion to
pushing a CPT. The piston is then held stationary as the tube is advanced 880mm into the soil to capture
the sample. The sampling tube is advanced over the stationary fixed piston using a specially-designed
cylinder behind the tube, actuated by water pressure of approximately 100 bar. The sample in the tube is
released from the soil mass below by “cutting” it free with a very brief injection (a “shot”) of high pressure (70 bar) nitrogen at the sample tube cutting face, before it is extracted. Two stainless steel tubes
(6mm in diameter) externally welded to the sampling tube are used to apply the nitrogen directly below
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the cutting face. As the sample tube is extracted, low pressure air or water is injected into the void below
the sampler, to eliminate suction while pulling out. The objectives of this procedure are to reduce tension in the sample and to avoid sample loss due to suction. The tube is then unscrewed and pulled off
the piston. However, this version of the sampler does not have a pressure release grub screw in the piston and suctions are generated between the sample and the piston when removing the tube from the piston.

Figure 1 (a) Operation of the piston sampler. (b) CPTu profile at Ballina site

3 SITE DESCRIPTION AND SAMPLING PROGRAM
The new PPI sampler has been recently employed for sampling soft estuarine deposits from the Richmond River valley in northern New South Wales (Australia). The sampling program was carried out at
the recently established national field testing facility for soft soils, near Ballina (NSW) (Kelly, 2013).
The soil sampled, hereafter Ballina clay, represent these complex Holocene age estuarine deposits frequently related to local settlement and stability problems. In general terms, the soil profile comprises an
upper alluvium layer (≈1.5m thick) overlying a 10m thick soft estuarine clay layer. The water table is
located close to the ground surface (near sea level). The clay fraction is mainly composed of smectite,
kaolinite and mica/illite with variable percentages and has an organic content of 5% (Bishop, 2010).
The sampling program was carried out at two locations in close proximity, IGS-S1 and IGS-S2. PPI
samples were retrieved at intervals of 1m until a maximum depth of 10m. The PPI sampler used at IGSS2 was coated internally with a non-stick coating, to assess if that enhanced sampler performance. The
performance of both versions of the new sampler is evaluated here by comparing the preliminary results
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from laboratory tests and CAT-scans, for a representative depth defined at -7.5 < z < -8.4m. Figure 1b
shows a CPTu profile traced before sampling close to the locations where the PPI samples were taken.
4 TESTING PROGRAM
The laboratory testing program combined Computerized Axial Tomography (CAT), used as a nondestructive technique to examine the soil quality prior to testing, and a laboratory program that included:
(i) characterization tests: Atterberg limits, natural water content and density of solid particles, (ii) onedimensional consolidation tests with shear wave velocity measurements, Vs, using bender elements
transducers (CRS+BE), and (iii) triaxial compression tests (CKoU).
Each tube was sliced horizontally before sample trimming with the aim to minimize the adhesion
force at the clay-tube interface during soil extrusion. An angle grinder was used to slice the stainless
steel tube and afterwards a wire saw was used to cut the clay. Specimens for oedometer and triaxial testing were trimmed from 45mm-thick and 140mm-thick slices, respectively. For each tube, the location of
tested specimens is shown in Figure 2. The experimental tests reported in this paper were carried out by
keeping constant the natural electrical conductivity of the soil pore fluid due to their important influence
on the clay behaviour (e.g., Pineda et al, 2013). The electrical conductivity (EC) of the natural pore water was determined by squeezing out the soil pore water using a stainless steel compaction mold. The
upper 50mm-thick slice of soil, commonly highly disturbed by the sampling process, was used for this
purpose. Then, a synthetic salt solution was prepared by mixing deionized water with the required mass
of sodium chloride. Natural EC ranged around 35-37mS/cm. Based on this, a synthetic salt solution, EC
≈ 37.1mS/cm, was prepared and used in laboratory tests (both CRS and TXR tests).
5 CAT SCANS
CAT scans were used to examine the internal structure of the tube samples. Particular emphasis focused
on the detection of possible heterogeneities (e.g., shells, fissures, cavities, etc), and their potential influence on laboratory testing, due to the complex geological environment in which Ballina clay was
formed. The CAT analysis was performed in collaboration with the Radiology Section of the Mater
Hospital in Newcastle (NSW). A CAT scanner (Toshiba Aquilion®) with 135keV maximum energy was
used. Image post processing used the free software Gimias® (Gimias, 2011).
Figure 2 shows the vertical sections of the tube samples IGS-S1 and IGS-S2, retrieved using the new
sampler. The attenuation scale varies from white (maximum attenuation or high material density) to
black (minimum attenuation or low density). CAT images obtained on a tube sample retrieved at the
same depth using a standard U75 Shelby tube sampler (75mm diameter, 1.6mm wall thickness) has been
also included for comparison. The inspection of Figure 2 clearly shows a loss of resolution for the CAT
profiles from IGS-S1 and IGS-S2 due to the interference of the two external stainless steel tubing –high
attenuation- used to cut the soil base. Some sub-horizontal cracks were observed in the IGS samples at
the upper part of the tube. It was clearer for IGS-S1 and may be attributed to the suction created during
pulling out the piston. A larger area of sub-horizontal cracking was observed in the U75 sample. The
presence of shells, indicated as white inclusions, is also evident in all cases. From a qualitative viewpoint, the upper half of the IGS samples shows a quite homogeneous soil layer. However, the changes in
the grey intensity observed at the upper zone of the bottom half of both IGS samples (clearer in IGS-S1)
suggest a reduction in soil density. The profile of the U75 sample shows that cracks are distributed along
the whole tube. Only the upper part of the IGS tubes can be compared against U75 tube due to their
shorter length.
Figure 2 also shows cross-section images obtained at different depths along the tube for all the three
samples scanned. There, capital letters F, C and S stands respectively for fissure/heterogeneity, cavity/channel and shell. The influence of the two external tubes on the quality of the CAT images from IGS
sampler is clearly identified by the narrow and distorted zone crossing the sample in all the images. In
general, fissures of variable thickness are observed along the tubes that suggest some vertical connec281

tivity between them. This behaviour is even more evident in the U75 sample where, open-wide fissures
and cavities can be detected at different levels. For IGS samples, the presence of fissures reduced at the
central part of the tube that is also consistent with the reduction of the fissuring pattern observed in the
U75 sample. Shells of variable size are observed in all the three tubes. In the case of IGS-S1, the trimming process for specimen CRS 2 was not possible due to the presence of shells (see Figure 2). Based
on the visual qualitative evidence obtained from CAT-scans it seems that the new sampler induces lower
sampler disturbance, at least in terms of the fissuring pattern, than the standard U75 open sampler despite its smaller diameter.
6 MATERIAL CHARACTERIZATION
Material characterization was performed on representative samples from both IGS-S1 and IGS-S2. Liquid limit Fall Cone test (LL) and plasticity index (PI) were determined according to AS1289.3.9.1and
AS1289.3.2.1, respectively. Density of the solid particles, s, was obtained from gas pycnometer tests.
Results are summarized in Table 1 where the initial conditions of specimens used for CRS and TXR
testing are also included for comparison.
Average values for liquid limit and plasticity index were around 125% and 40%, respectively. The fine fraction classified (USCS) as a high plasticity clay (CH). The density of solids, s, ranged around
2.70Mg/m3. The natural water content (w) along the upper half tubes reduced consistently with depth.
Some scatter was observed in the maximum water content (112% for IGS-S1 and 106% for IGS-S2)
whereas small scatter was observed for specimens located at the middle part of the tube in both cases (≈
93%). Initial void ratio (e) (and dry density, d) varied in agreement with the water content from 3.03 to
2.48. In all cases, full saturation of the specimens was inferred (Sr).
Table 1.Index properties and initial conditions of samples tested
s
(Mg/m3)

w
d
e
Sr
(Mg/m3)
(%)
CRS 1
112.72
0.67
3.03
1.00
S1
CRS 2
35.1
125.4
30.2
2.70
103.05
0.71
2.82
0.99
TXR 2
92.23
0.78
2.48
1.00
CRS 1
102.9
0.71
2.78
1.00
S2
CRS 2
37.1
136.7
35.4
2.70
105.6
0.70
2.85
1.00
TXR 2
93.22
0.76
2.54
0.99
* Tests performed on the clay fraction (<425m) by using a synthetic solution at the same EC as the natural clay

Tube

Reference

EC
(mS/cm)

Atterberg limits*
LL (%)
PI (%)

7 OEDOMETER TESTS
The compressibility of Ballina clay was studied by means of Constant Rate of Strain (CRS) tests
equipped with bender elements. The CRS equipment used a thin stainless steel oedometric ring (int =
48mm, h = 20mm, t = 1mm, corresponding to an area ratio of 9%) to retrieve samples following the experimental procedure described by Pineda et al. (2012). Excess pore-water pressure is measured at the
sample bottom whereas the upper drainage outlet is maintained at atmospheric conditions during loading. The shear wave velocity was determined using the method of Viggiani & Atkinson (1995)
CRS tests were performed on four specimens, two from each tube, as indicated in Figure 2. The main
properties of samples tested are summarized in Table 1. CRS tests consisted of three stages: (i) saturation, (ii) loading, and (iii) unloading. Despite the initial saturation of the samples, they were subjected to
a 48 hr saturation stage under constant vertical total stress (v ≈ 19kPa) and water-back pressure (uw ≈
10kPa). After that, the specimens were loaded under a constant rate of strain equal to 0.004%/min. The
same strain rate was applied during unloading. The maximum vertical effective stress was around 500550kPa.
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Figure 2.Cross-section CT images. (a) IGS S1. (b) IGS S2. (c) U75: VPW_GR. (F: fissure/heterogeneity; S:
shell; C: cavity/channel)
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Figure 3(a) shows the evolution of volumetric strain and pore-water pressure during the loadingunloading path for the four samples tested. Similar stress-strain behaviour was obtained for all samples
tested. The in-situ vertical effective stress at sample depth was estimated from bulk densities and the
position of the water table (’v(in-situ) ≈ 50kPa) indicated as a vertical dashed line in Figure 3. The volumetric strain at ’v(in-situ) ranged between 2.6-3.0% and 1.6-2.5% for specimens from IGS-S1 and IGSS2, respectively.
Figure 3(b) shows the compressibility curves obtained from the CRS tests. The non-linear nature of
the compressibility curve of Ballina clay can been seen in Figure 3. Compressibility parameters Cc and
Cs were used to determine the Cam-Clay parameters and  as shown in Table 2. Preconsolidation
pressure, ’prec, was determined using the strain-energy method (Becker et al, 1987) and ranged between
65-76kPa to 67-71kPa for specimens from IGS-S1 and IGS-S2, respectively. Values of ’prec are indicated in Figure 3(b) by grey squares. The estimated OCR ranged between 1.3-1.52 and 1.34-1.42, respectively. The evolution of the shear wave velocity, Vs, during loading showed a bi-linear response. A
small increase was observed at values of effective stress around ’v(in-situ). There, Vs ranged from 59-62
to 62-66m/s. These values are in agreement with results from a nearby SMDT test. At that depth, the
shear wave velocity from SDMT was Vs(SDMT) ≈ 60m/s. Vs increased almost linearly with ’v for values
higher than 65-75kPa. That range of stress is similar to the estimated preconsolidation stresses described
above and also seems to be consistent with the observed inflection point in the pore water pressure response during loading (see Figure 3(a)). Table 2 summarizes the results obtained from CRS tests.
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Figure 3.CRS tests. (a) evolution of volumetric strain and pore water pressure during loading. (b) oedometric
curves and evolution of the shear wave velocity.
Table 2.Results from CRS tests
Tube
S1
S2

Test
CRS 1
CRS 2
CRS 1
CRS 2

’prec < ’v <
150 kPa
Cc

2.18
0.95
1.83
0.80
1.57
0.68
1.67
0.72

’v > 200 kPa
Cc
1.24
1.23
1.10
1.16


0.54
0.53
0.48
0.50

Cs
0.19
0.18
0.17



’prec
(kPa)

OCR

Vs at 'v(in-situ)
(m/s)

0.08
0.08
0.07

76
65
71
67

1.52
1.30
1.42
1.34

59
62
66
62

8 STRENGTH TESTS
Anisotropic triaxial compression tests (CKoU) were performed to study the stress-strain behaviour of
Ballina clay. The results of two triaxial tests –TXR2-, one from each tube and both located at similar
depths, are presented here (see Table 2 and Figure 2). Tested specimens (50mm in diameter and 100mm
height) were trimmed using a soil lathe. The tests were performed in a stress-path triaxial system (Imperial College, London) and consisted of three stages: (i) saturation, (ii) anisotropic consolidation, and (iii)
shearing under undrained conditions. A stress-controlled saturation ramp was applied until achieve values of cell pressure and back water-pressure equals to 510 and 505kPa, respectively (r = 5kPa). After
48hrs of equalization, Skempton’s parameter B was around 0.98. Anisotropic consolidation followed the
corresponding value of K0 for depths between 7.5-8.0 m. Values of K0 ranging between 0.44 and 0.48
were estimated from the SDMT test. Specimens from IGS-S1 and IGS-S2 followed, respectively, K0
values of 0.46 and 0.43. An axial stress rate of 6 kPa/day, equivalent to an axial strain rate of
  0.5% / day , was adopted during consolidation. At the end of the consolidation stage, the specimen
from IGS-S1 reached an axial stress similar to the in-situ vertical effective stress (a(S1) ≈ v(in-situ) =
51.5kPa). The specimen from IGS-S2, on the other hand, was allowed to exceed the estimated in-situ
vertical stress by 8kPa (a(S2) = 58.5kPa) but without surpassing the preconsolidation stress reported in
Figure 4(b). Finally, each sample was subjected to axial compression under undrained conditions until
reach a maximum axial strain around 20%. An axial strain rate equal to 5%/day was used.
Figure 4(a) shows the evolution of void ratio, e, with the mean effective stress, p, during the anisotropic consolidation stage. Specimen from IGS-S2 experienced a higher reduction in void ratio before
reaching the strain criterion adopted here for ending the consolidation process, that was due to the higher
initial void ratio and the slight increase in the maximum stress applied despite the preconsolidation
stress not being exceeded. Figure 4(b) shows the stress-strain curves obtained during the shearing stage.
The excess of the pore water pressure during shearing is also included. Pore water pressure showed positive values along the whole shearing stage. Similar values were recorded in both samples with a maximum around 17kPa. The peak deviatoric stress was achieved at axial strains lower than 1% in both specimens. The maximum deviatoric stress, qpeak, was similar in both specimens (42.3 and 44.8kPa for
specimens from IGS-S1 and IGS-S2, respectively). The undrained shear strength obtained from the triaxial tests (su = qpeak/2) was in agreement with the results obtained from CPTU tests at depths between
7.5 - 8.0m “calibrated” to shear vane data using Nkt = 13 (su(CPTU) ≈ 20kPa). Sample buckling was observed in specimen from IGS-S1 at an axial strain around 1.5%. The presence of shells, as observed in
Figure 3, seemed to be the main reason for sample buckling that affected the failure mode.
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Figure 4.Triaxial tests. (a) Consolidation stage. (b) Shearing stage.

9 SAMPLE DISTURBANCE
Sample disturbance is a concern when testing soft soils. Lunne et al (1997) proposed a method where the
change in void ratio (e) at in-situ stress (`in-situ) is normalized by the initial void ratio value (e/e0).
Four levels of sample quality are specified from very good to excellent (e/e0 < 0.04), good to fair (0.04
< e/e0 < 0.07), poor (0.07 < e/e0 < 0.14) and very poor (e/e0 > 0.14). Table 3 summarizes the analysis of sample disturbance according to the Lunne et al (1997) criterion by using the results from both
CRS and triaxial tests described above.
Following the Lunne et al (1997) criteria, the quality of triaxial specimens classified as good to fair
irrespective from their origin (IGS-S1 or IGS-S2). Specimens used for CRS tests showed a quality very
good to excellent in all cases. A close inspection of values presented in Table 3 indicates that CRS specimens from IGS-S2 developed smaller volumetric compression in order to reach to the in-situ stress. The
influence of shells on the compressibility of the triaxial specimen from IGS-S1 is not straightforward to
evaluate at this stage. Further experimental data are required to clarify this aspect.
The comparison of the shear wave velocity from laboratory tests against values obtained in-situ indicates a small change in the soil structure induced by sampling. From these preliminary results the velocity ratio, Vs(lab)/Vs(SDMT), suggest that specimens from IGS-S2 were subjected to some additional compression (overconsolidation) during sampling. For these samples, Vs(lab) increased between 3 to 9%. The
reduction in Vs(lab) in specimens from IGS-S1 was around 3%. The apparent increase in overconsolidation may be due to the nitrogen cutting pressure and suction on tube removal from the piston being
transferred to the soil better due to the low adhesion coating. Subsequent consolidation within the sample would lead to a local increase in overconsolidation. For this to occur there must be areas within the
tube associated with swelling and the CT scans suggest that swelling may have occurred in the lower
portion of the tubes leading to a reduction in density.
ISSMFE (1981) suggested that the shear strain at peak deviator stress could be used as an indicator of
soil disturbance. Typically high quality samples have a small strain to failure and a well defined peak
shear stress. As the sample becomes more disturbed the strain to failure increases and the peak shear
stress becomes less well defined. The data showed in Figure 4b indicates that the strain to failure is less
than 1% and that there is a well defined peak shear stress. Qualitatively this indicates that there is not a
great deal of disturbance affecting these samples. Further strength tests are being planned on samples
taken from a variety of tube and piston samplers to enable quantitative comparisons of strain to failure
and peak shear strength to be made.
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Table 3.Evaluaton of sample disturbance.
Tube

IGS-S1

IGS-S2

e/e0

vol at
’v (insitu) (%)

e at
’v (in-

CRS 1

2.60

2.92

0.035

CRS 2

3.00

2.71

TXR 2

2.95

CRS 1

s at
qpeak
(%)

Vs(lab) at
’v(in-situ)
(m/s)

Vs(lab)/Vs(

Very good to
excellent

58

0.97

N/A

0.040

Excellent /
Good to fair

62

1.03

N/A

2.38

0.041

Good to fair*

N/A

N/A

0.81

1.60

2.72

0.022

Very good to
excellent

66

1.09

N/A

CRS 2

2.50

2.76

0.032

Very good to
excellent

62

1.03

N/A

TXR 2

3.23

2.42

0.045

Good to fair*

N/A

N/A

0.52

Test

Sample quality*

situ)

SMDT)

*According to Lunne et al (1997)

10 CONCLUDING REMARKS
Laboratory investigations have been performed to assess the quality of samples obtained using an innovative CPT rig mounted direct-push piston sampler (designated a PPI sampler). The results of CAT
scanning suggest that the level of physically observable disturbance in the PPI samplers is less than in a
standard U75 Shelby tube. CRS tests indicate that the PPI sample quality is very good to excellent in
compression while triaxial tests consolidation phases suggest the sample quality is good to fair. The reduction in quality for triaxial tests might be associated with the trimming process rather than the sampling process. Shear wave velocity measurements show that the small strain stiffness of the PPI samples
was within 10% of field measurements that were interpreted as being good quality. There is little difference in laboratory test results between the PPI sample tubes with and without the low adhesion silicone
coating. A future development to the system will be inclusion of a grub screw on the piston to relieve
suction pressures as the tube is being removed from the piston.
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ABSTRACT: The paper describes a new CPT system that consists of a digital data logger “Icontrol” and
a digital cone “Icone”. The Icone is easily extendable by click-on modules to measure additional
parameters and any module is automatically recognized by the Icontrol, thus creating a true plug & play
system. This paper describes how, by moving to smart digital communication, sufficient bandwidth over
a thin flexible measuring cable was created to accommodate additional parameters, without the need for
changing cones, cables or data loggers. The following modules are described: seismic, conductivity,
magneto and vane. Feedback from fieldwork with the Icone and a selection of click-on modules
highlights the user experience with this new approach.
1

INTRODUCTION

Due to its benefits, digital technology is used in many applications and is now also available to support
efficient soil investigation. The possibilities of this technology have led to the development of a digital
cone, digital data logger and digital click-on modules. These new developments are described after a short
historical review of CPT-techniques.
2

HISTORICAL PERSPECTIVE

Since the introduction of Cone Penetration Testing (CPT) for soil investigation, tremendous development
has occurred in techniques to measure soil parameters. After CPT with the mechanical cone had proven to
be very useful, the development of the electrical cone brought a big step forward in ease of use and
accuracy. Nowadays the advantages of digital technology are the basis for further improvements and
applications.
The electrical cone has been developed during the 1950s and has been commercially used since the
1960s. Besides cone resistance and local friction, the inclination was also measured. In the 1970s the
measurement of the pore water pressure was added which made soil investigation even more accurate and
reliable.
In general the electrical cone is available with a 5, 10 or 15 cm2 cone tip area, but the 10 cm2 cone is
most commonly used. The electrical cone is connected with a data logger at surface level. Also the depth
signal is recorded by the data logger and synchronized with the cone parameters
In comparison to the mechanical cone, the greatest advantage is that more soil parameters can be
measured with a higher accuracy. A CPT performed with a pore water pressure measurement (U) enables
a more reliable determination of stratification and soil type than a standard CPT. In addition, the CPTU
provides a better basis for interpreting the results in terms of mechanical soil properties.
The electrical cone is continuously pushed into the soil with a constant rate and is therefore a more
straightforward and faster way of soil investigation in comparison with the mechanical cone. Furthermore
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the real time processing and visualizing of the data obtained, facilitates a better control over the CPTprocess.
The analog cone signals are however subject to various disturbances especially during transfer via the
cable and at connector transitions. The accuracy of an analog data acquisition system is therefore
determined by the combined accuracy of individual components such as the cone, cables, connectors and
the data logger. The calibration settings are essential for a good data processing. On the other hand, the
electrical cone is more expensive compared to the mechanical cone, so financial loss is higher in case a
cone breaks off.
2.1

Digital cone

A new digital cone, called the Icone, has been available since 2006 and is shown in Figure 1. The
integration of intelligent electronics provides a range of possibilities in order to make further
improvements to the electrical cone and to simplify its use. In addition, the Icone is stronger due to
mechanical adjustments.
The Icone basically uses the same measuring sensors as applied in the analog cone. The difference
however is that the analog signals are digitized and multiplexed inside the cone.
Digitizing means that the analog signals are being sampled with a high frequency and converted into a
digital data stream. This digital data stream is more robust, and therefore less sensitive to distortion and
loss of accuracy in comparison with the analog signals. Another advantage of digital data transfer is the
checking of signals on entry according to an established protocol. Missed or distorted data can thus be
retransmitted.
By multiplexing, the various digital data streams are combined to one signal. This offers the great
possibility of combining an almost unlimited amount of sensor signals and transmitting these through a
simple 4-wired cable. Also, specific sensors incorporated in customized modules can easily be added
without changing cables and data loggers.

Figure 1. Digital Icone 10 cm2 and 15 cm2 area with Icontrol data logger and results of a CPT test.

A built-in memory capacity gives the Icone several opportunities to increase the user friendliness. For
example:
• the Icone number and calibration data are stored inside and are exchanged automatically when the
Icone is connected to the Icontrol data logger.
• Extreme sensor values are stored in memory and can be read during service to explain possible
calibration drift or damage to the Icone.
• The inside memory capacity allows the data storage of a full working day.
The Icontrol data logger provides power to the Icone and synchronizes the Icone signals with the depth
signal, recorded from the pushing device. The Icontrol transmits the signals to a computer system, where
the CPT-parameters are shown in real time graphs, see Figure 1.
The use of smart electronics inside the Icone has provided the following benefits:
• The accuracy of the total data acquisition system is determined only by the accuracy of Icone
calibration.
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• Interchangeable click-on modules with specific sensors can be easily added to the Icone without the
need of changing cables and data loggers.
• Specific sensors, added to the data acquisition system, are automatically recognized by the Icontrol and
the corresponding display is automatically shown on the screen.
• Calibration data and Icone or module numbers are automatically transferred and are therefore no
longer cause for errors.
• The Icone is able to monitor extreme measuring situations and overrule system control if needed.
• Several mechanical improvements have led to a stronger design.
• Same technology allowed for the development of a pressure compensated Icone for water depths up to
4000 m.
3

ICONE AND CLICK-ON MODULES

In the past five years several click-on modules for the Icone have been developed. In this section the
following are described: the seismic module, the conductivity module and the magneto module. All
modules can be used with a 10 cm2 and a 15 cm2 Icone. When CPT-data are not required, the click-on
modules can also be used with a dummy tip instead.
3.1

Seismic module

Elastic soil properties are essential input for among others the prediction of ground-surface motions
related to earthquake excitation and for the assessment of:
• Foundation design for vibrating equipment.
• Offshore structure behavior during wave loading.
• Deformations around excavations.

Figure 2. Seismic module with 10 cm2 Icone and results of a seismic test.

Elastic soil parameters are determined by measuring the propagation speed of an applied seismic
wave between two known depths. Mostly this is executed by pushing the seismic module into the soil and
stopping at 1 m intervals. During the pause in penetration, a shear (S) or compression wave (P) is
generated at surface level and the time required for the wave to reach the seismic sensors is recorded. The
time difference between two consecutive seismic tests is a measure of the elastic properties of the soil. An
even faster and more accurate way is to use two seismic modules which are mounted at a fixed distance.
The seismic module is shown in Figure 2.
Since the time difference between two consecutive measurements is approximately 2 ms, a very
consistent measurement of the trigger signal is required. This requirement is met by using the same high
sensitive sensors for the trigger module and by placing this module in the immediate vicinity of the
hammer. The technical specifications of the seismic module are shown in table 1.
The output signals from the seismic sensors are digitized inside the seismic module and transferred to
the Icontrol data logger at surface level. From the Icontrol the signals are sent to a computer system where
they are processed and recorded by the processing software GOnsite. After all tests have been performed,
the data obtained are analyzed off line by processing software, determining the propagation speed and
corresponding elastic soil parameters for all investigated depth ranges. An example of how such
processing can be visualized in given in Figure 2.
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Table 1. Seismic module technical specifications
Item
Length
Diameter
Weight
Sensors

Data transfer
Connectors
Operating
temperature

3.2

Specification
500 mm without Icone
44 mm
4.8 kg without Icone
- Accelerometers X, Y and Z direction
- g-range: 2g – 50g
- accuracy: 0.5% (FRO)
4-wire Icone cable inside CPT-rods
Quadrax swivel connector to Icone
Lemo 4-pins connector to Icontrol
0° to 60°C

Conductivity module

The measurement of electrical conductivity in the subsoil, can facilitate separation of zones with
differentiated water content, including determining the water table depth and the thickness of the zone of
capillary ascent. Measurement of soil electrical conductivity is a function of both the conductivity of the
pore fluid and the soil particles and how they are arranged. The dominant factor is electrical conductivity
through the pore water. However, the most important application of the conductivity module is related to
evaluating the degree of contamination of a soil medium containing electrolytes.
Determination of soil conductivity is not an absolute measurement, but indicates a change in soil
condition. It is demonstrated to what extent electrolytes are dissolved, without determination of these
electrolytes. In other words, only changes in the concentration of electrolytes dissolved in pore water are
determined with the conductivity module.
Electrical conductivity of soils is not measured directly, but is derived from the measured voltage (V)
across an electrode pair at a constant supplied current (I). According to Ohm’s law, soil conductance (G)
can be calculated as:
G=I/V

(1)

The electrical conductivity kappa (K) can be calculated with next formula:
K=C•I/V

(2)

K is measured in milliSiemens per meter (mS/m) and C is a calibration factor that is found from direct
calibration of the measurement module, whilst totally submerged in a solution of known conductivity.

Figure 3. Conductivity module with 10 cm2 Icone and results of a conductivity test.
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The conductivity module, as shown in Figure 3, is equipped with four electrode rings that are isolated
from each other by ceramic insulators. With a controlled voltage source inside the module, a known
current (I) is induced through the soil between the outer electrodes. This current causes a voltage
difference (V) across the inner electrodes, which voltage is held on a constant value of 50 mV by
continuously adjusting the current. When pushing the conductivity module into the soil with a constant
rate, the conductivity is measured at depth using equation (2). To prevent polarization of the soil and
precipitation of electrolytes on the electrodes, the voltage source operates with an alternating current at a
frequency of 650 Hz.
The soil temperature is measured simultaneously with conductivity, because the solubility of an
electrolyte is to a large extent dependent on temperature, and conductivity is mainly determined by the
concentration of a dissolved electrolyte. The technical specifications of the conductivity module are
shown in table 2 below.
Table 2. Conductivity module technical specifications
Item
Length
Diameter
Weight
Sensors

Data transfer
Connector
Operating
temperature

Specification
550 mm without Icone
44 mm
3.7 kg without Icone
Conductivity:
- measuring range 50 - 1500 mS/m
- accuracy: 0.5% (FRO)
Temperature:
- measuring range 0° - 50°C
- accuracy: 2% (FRO)
- 4-wire Icone cable inside CPT-rods
- Wireless Optical data transfer
Quadrax swivel connector to Icone
Lemo 4-pins connector to Icontrol
0° to 60°C

In Figure 3 an example is shown of a conductivity module, measuring the saltwater ingresses into the
main land. The graph clearly shows that the transition of fresh to salt water is located at a depth of 15 m.
3.3

Magneto module

Unknown structures and obstacles like unexploded ordnance (UXO) are risk factors in the execution of
earthworks. To avoid risks of damage and interruptions of work, these underground elements must be
identified and mapped. Most underground structures are built out of metal such as sheet-piles, ground
anchors and pipe-lines or a combination of metal and concrete, such as reinforced foundation piles. Power
supply cables and above structures have in common that they affect the earth’s magnetic field.

Figure 4. Magneto module with 10 cm2 Icone and results of a magneto test.
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Using the magneto module, metal objects in the underground can be detected by interpreting
anomalies of the earth’s magnetic field. In addition, the standard CPT-parameters can also be measured if
the Icone is mounted in front of the magneto module.
The earth’s magnetic field consists of power lines that run from North to South. Ferro metallic objects
have the property to be influenced by the earth’s magnetic field, causing them to act as a magnet
themselves. This local magnetic field disturbs the earth’s magnetic field in such a way, that the object can
be detected and localized with a magnetometer.
The magnetometer sensor used is able to measure magnetic field anomalies in three orthogonal
directions with an accuracy of 0.005 µT. Anomalies can be detected at a distance of 2 meter depending on
the size of the object. In practice it is not interesting to know the exact value of the magnetic field, but
rather the difference in value between locations. The magneto module is shown in Figure 4.
When the magneto module is used without the CPT-functionality of the Icone, the pushing rate can be
increased from 2 cm/s to 20 cm/s. To accurately respond to changes in the measured value, in particular
when detecting UXO’s, also the gradients of the orthogonal measured anomalies are determined. With the
GOnsite processing software, alarm values can be set to stop pushing when one of these gradients is
exceeded. The technical specifications of the magneto module are shown in table 3.
Table 3. Magneto module technical specifications.
Item
Length
Diameter
Weight
Sensors

Data transfer
Connector
Operating
temperature

Specification
600 mm without Icone
44 mm
4.8 kg without Icone
Magneto:
- measuring range 0 – 100 µT
- accuracy: 0.005 µT
Inclination:
- measuring range 0° - 20°
- accuracy: 0.5° (FRO)
- 4-wire Icone cable inside CPT-rods
- Wireless Optical data transfer
Quadrax swivel connector to Icone
Lemo 4-pins connector to Icontrol
0° to 60°C

The parameters measured by the magneto module are the anomaly of the earth’s magnetic field in
three orthogonal directions and the inclination relative to the vertical Z-axis. The gradients of the
anomalies are determined for analysis and assessment purposes during measurement. The position of the
magneto module in the Z-plane at the actual depth is calculated in order to know more precisely the
position of the measured object. The above mentioned parameters and gradients are shown in real time
graphs.
4

ICONE VANE

The vane test is primarily used to determine the undrained shear strength su of saturated clay layers. The
test can also be used in fine-grained soils such as silts, organic peat, tailings and other geomaterials where
a prediction of the undrained shear strength is required.
The field vane test consists of four rectangular blades fixed at 90° angels to each other, that are
pushed into the ground to the desired depth. Then follows a measurement of the torque required for
rotation of the blades and hence the shearing of the soil. The chosen blade size depends on the stiffness of
the soil in order to perform an accurate measurement; the stiffer the soil, the smaller the blades of the
vane.
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Figure 5. Icone vane (without protection tube) and results of an Icone Vane test.

The new Icone vane has many features that facilitate an accurate vane test. The actuator is integrated in
the same compact housing, enabling easier, faster and more accurate operation. The vane is pushed out of
its protection tube and retracted again after the test. This allows to perform more vane tests at different
depths without the need of retrieving the tool to surface level. The vane rotation speed is adjustable from
0.1 °/s for performing very accurate shear tests, up to 12 °/s for fast remoulding.
The vane tool is pushed into the soil by means of standard casing tubes and CPT-rods. Depth is
measured on the pushing device and added to the field data by the Icontrol data logger. The vane field
data is digitized and multiplexed using the same protocol of all other Icone applications, so no changes of
data logger and cables are needed. The Icone vane tester can be used for onshore as well as offshore
applications. The technical specifications of the Icone vane tester are shown in table 4.
Table 4. Icone vane technical specifications.
Item
Length
Diameter
Weight
Sensors

Data transfer

Specification
1500 mm (incl. protection tube)
90 mm (incl. protection tube)
14.6 kg (complete tool)
Torque:
- measuring range 0 – 100 Nm
- accuracy: 0.5% FRO
Inclination:
- measuring range 0° - 20°
- accuracy: 0.5°
4-wire Icone cable inside CPT-rods

Connector
Operating temperature

Lemo 4-pins connector to Icontrol
0° to 60°C

During a vane test, the vane is being rotated with a very low constant speed, while the required torque
is measured with respect to the angel of rotation. This measured torque is analytically converted to the
shearing resistance of the cylindrical failure surface of the applied vane, and expressed in kPa. The
highest value of this curve is a measure for the undrained shear strength of the soil material that is being
investigated. A repetition of this test, after thorough remoulding of the soil, provides a similar curve of
which the highest value is a measure of the remoulded shear strength.
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5

PRACTICAL EXPERIENCES

5.1

Seismic module

The seismic module for the Icone was successfully used in two different projects in Costa Rica. The first
exploration was conducted for the geotechnical investigation, required for the design of a rural bridge
located in Cartago, Costa Rica. The second exploration was performed for the design of a steel storage
tank foundation with a diameter of 20 meters, located in Puerto Corinto, Nicaragua.
5.1.1

Rural bridge, Cartago

The main purposes in using the CPT Icone and the seismic module at this site, were to:
• Determine the soil stratification.
• Estimate the bearing capacity of shallow foundations.
• Estimate the capacity of driven piles and select a foundation alternative.
• Classify the site for seismic design using VS30 methodology.
VS30 is a methodology used for mapping and classification for the purpose of seismic site effect
evaluation.
For this investigation, a 23 ton CPT truck was used. As exploration tool, a 15 cm2 piezocone was used
along with the seismic module. To generate the shear wave, a Campanella pendulum hammer, like the
one shown in the picture of Figure 6, worked as the dynamic source.

Figure 6. 23 ton CPT truck.

Refusal was found at 18 meters depth due to the presence of boulders. In this respect, a complementary
SASW-profile (Spectral Analysis of Surface Waves) was carried out to acquire Vs data from 18 meters
down to 30 meters. Figure 7 shows shear wave velocity profiles obtained with different methods at the
project site.
The VS30 value obtained was 169 m/s, and based upon the Costa Rican Seismic Code, the soils
classified as Site Class S4 (VS30 less than 180 m/s). As observed in Figure 7, from the surface down to 8
meters depth, there is a good agreement between the Vs profiles obtained by both tests (SASW and
SCPTu). From 8 meters down, Vs from SASW tends to be higher in average than the Vs from SCPTu.
For the estimation of VS30, the results from direct measurements (SCPTu) were considered more reliable
in comparison to SASW which is an indirect measuring method.
As a result of the soil investigation, the foundation for the abutments of the bridge was designed using
driven pile foundations.
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Figure 7. Comparison between Vs from SCPTu and Vs from SASW.

5.1.2 Steel storage tank, Puerto Corinto
The main purpose of the geotechnical investigation in Puerto Corinto, Nicaragua, was to obtain good
quality soil data to design the foundation of the storage tank. Previous soil explorations with SPT
classified the soil deposit as prone to liquefaction from the surface down to 19 meters depth. A second
opinion and reassessment of the liquefaction potential was required by the owners to optimize the
foundations design. For this site, the geotechnical campaign included SDMT soundings as well as SCPTu
soundings. As part of the scope, soil samples were retrieved with a MOSTAP Sampler in order to tune up
the liquefaction model. The heavy CPT truck was also used for this site.
According to the CPT tests, from the surface down to 4 meters depth, an old manually built fill layer
was encountered. Based on some accounts, this fill was placed by the Nicaraguan government during the
construction of Corinto Port. From 4 meters down to 19 meters depth, a medium dense sand deposit was
found. Refusal was encountered at 19 meters depth that, according to previous soil reports, corresponds to
the bedrock. Figure 8 shows a typical CPT profile at the site.

Figure 8. Layer stratigraphy of the site.
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Three different methods were used to estimate the liquefaction potential of the sand deposit: CPT-based
method (Robertson 2009), DMT-based method (Monaco and Marchetti, 2007), and Vs-based method
(Kayen et al, 2012). Based on the results from the above methodologies, the liquefaction prone layers
were located from the surface to 13 meters depth. This finding was considered to be most beneficial in the
foundation design of the tank. Figure 9 shows the record of one of the seismic tests carried out with the
seismic module.

Figure 9. Data output of the Seismic module.

Figure 10. Comparison of the shear velocity between two different sets of equipment.

Given that 2 seismic dilatometer and 2 seismic CPT’s were carried out, a comparison among the different
shear velocity profiles was possible. The results of this comparison are shown in figure 10. As shown in
the figure, the agreement between the different Vs profiles is rather good.
6

CONCLUSIONS

Cone Penetration Testing (CPT) as a technique for in-situ soil investigation, is a recognized and
widespread method for efficiently performing soil surveys. In the course of time CPT has continuously
been improved to reflect the latest state of the art technologies. Recent developments, concerning the
application of digital electronics inside the cone, offer a range of new features and benefits. The most
prominant is the ability to easily extend the digital Icone by click-on modules to measure additional
parameters. Any module is automatically recognized by the Icontrol data logger, creating a true plug &
play system.
The Seismic module has proven to be an accurate and reliable measuring device, which can be used for
enhanced soil analysis.
7
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ABSTRACT: Early chlorinated DNAPL investigators adapted a visual dye staining technique to detect
chlorinated DNAPLs in field samples in a quest to identify “source term” DNAPL responsible for dissolved phase plumes. The technique involves the addition of a small quantity of black powdered dye and
water to soil sample jars. If present, the chlorinated solvents rapidly solvate the dye converting the dye’s
appearance from black to a bright red, thus staining the chlorinated solvents and aiding investigators’
ability to detect any existing DNAPL. A laser-induced fluorescence (LIF) system which employs a similar dye-staining approach utilizing fluorescent changes in the dye (rather than chromatic) in the presence
of NAPL has been designed, built and recently field-tested. The Dye-LIF technique combines mature
LIF technology with delivery of a dye ahead of the LIF sensor. The result is a continuously-advanced
chlorinated solvent NAPL sensing system compatible with CPT and other direct push systems.

1 INTRODUCTION
Chlorinated solvents are a common organic contaminant class responsible for many of the largest
groundwater contamination sites. The sources of these contaminants are often historical releases of
dense non-aqueous phase liquids (DNAPLs) during storage or use of chlorinated solvents for metals degreasing, dry cleaning, and other uses (Pankow and Cherry 1996). These contaminants are denser than
water and once spilled, the solvent often cascades down the soil profile driven by gravity, moving laterally along soil interfaces with lower permeability, eventually creating a complex waterfall-like structure
of “ganglia” and “pools”. Below the water table, DNAPL constantly releases contamination by dissolution, so locating and remediating these hard to locate “source term” remnant globules of DNAPL is key
to efficient and cost-effective remediation.
Direct push compatible laser-induced fluorescence (LIF) tools are currently available for real-time,
high-resolution mapping of petroleum hydrocarbon and coal tar based NAPL source zones due to polycyclic aromatic hydrocarbon (PAH) content of these contaminants (Aldstadt et al. 2002). Unfortunately
these LIF tools do not work with chlorinated solvent DNAPLs because chlorinated solvent molecules
lack the aromatic structure required for efficient LIF response. While direct push tools exist for chlorinated solvents (USEPA 2004, 2005) they respond to both the aqueous and non-aqueous phases and struggle to differentiate the NAPL from high dissolved phase concentrations (McAndrews et al. 2003).
The most effective technique for specifically targeting and characterizing the DNAPL phase is to
employ high-resolution vertical sampling where soil cores are obtained and carefully sampled and ana299

lyzed at small scales to try and locate any “needle in the haystack” ganglia (e.g. Parker et al. 2003).
Small plugs of soil are removed from the cores at discrete horizons using a soil subsampler and extruded
into a vial containing a small amount of Sudan IV or Oil Red O (ORO) hydrophobic dye are added to
the soil along with water to create slurry. Any DNAPL in the soil rapidly solvates the ORO dye, converting it from a black powder to a bright red color, making DNAPL readily identifiable (Cohen et al.
1992; Parker et al. 2003). In this way the true source term at the site is located; giving engineers the information they need to determine how to best remediate the site. Unfortunately, sampling and testing
with ORO is greatly dependent on good core recovery and quality, is labor intensive and significant hazardous waste is generated.
The authors recently demonstrated a direct push delivered sensor that is capable of accomplishing
the ORO-like DNAPL-specific screening capability “on the fly” and in-situ. The new tool, the dyeenhanced laser induced fluorescence system or Dye-LIF, is based on combining time-resolved LIF technology with the injection of a fluorescent dye ahead of the window to render non-fluorescent NAPLs
fluorescent in-situ. It has potential to rapidly delineate DNAPL source zones in 3-D at sites where direct
push is feasible, significantly improving prospects for targeted remediation.
2 TECHNOLOGY DESCRIPTION
Laser induced fluorescence (LIF) technologies such as the Ultra-Violet Optical Screening Tool
(UVOST®) and the tar-specific green optical screening tool (TarGOST®) are popular tools for realtime, high-resolution mapping of petroleum hydrocarbons, creosotes, and coal tar based non-aqueous
phase liquids (NAPLs). They are delivered using cone penetrometer test (CPT) and percussion direct
push systems. They consist of a light source (laser), fiber optics strung through the rod string, optical detection and processing equipment. As the probe rods are advanced into the subsurface, pulses of excitation light are emitted from a sapphire window present near the base of the probe tip (or behind the tip
and sleeve in the case of CPT). The emitted light, which is otherwise reflected (or scattered) by soil, is
absorbed by any PAHs found in petroleum hydrocarbon and coal tar based NAPLs. These excited state
PAHs quickly yield fluorescence which is transmitted back up to the ground surface via an optical fiber,
where it is analyzed in real-time using data processing equipment located at the surface.
A schematic of the downhole function is shown in Figure 1. The probe functions by injecting an
aqueous delivery fluid containing a proprietary hydrophobic dye through a small injection port that is
situated 22 cm below the LIF window. As the probe is advanced through the subsurface the injected dye
contacts the soil and quickly partitions into any DNAPL (if present). Standard LIF tooling is used to detect the dye-labeled chlorinated solvent DNAPLs. The dye is injected at a modest 1 mL/sec target rate in
a controlled manner in order to lay down a “snails trail” of indicator dye along the side of the probe.
Low dye injection rates avoid the risk of flushing DNAPL ganglia back into the soil grains and therefore
outside LIF’s zone of optical interrogation. Automated recording of the flow rate of the dye solution and
injection back-pressure yields useful information about the hydraulic conductivity, in a fashion similar
to other direct push hydraulic profiling tools, such as the Geoprobe HPT™ (Hydraulic Profiling Tool)
and Waterloo APS™ (Advanced Profiling System).
Testing to date has been conducted with percussion-advanced direct push systems. Hand-controlled
push rates of 1.0 cm/sec (below the standard CPT minimum of 2 cm/sec) have been used to maximize
the chance of small ganglia detection because the Dye-LIF system acquires data at a fixed rate. At 1.0
cm/sec advance rate the average data spacing is 0.5 cm. We do not expect a significant change of performance at higher speeds other than an equivalent increase in data spacing and an accompanying “averaging out” of small but potentially important ganglia. At the time of this paper the system has not been
deployed using CPT, but the hardware with the same basic design of current optical screening tool
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(OST) subs has been built. A trial with CPT advancement is expected to have occurred by the time the
CPT14 conference takes place.

Figure 1. DYE-LIF probe schematic (left) and field photo (right).

With Dye-LIF virtually any NAPL can be detected, regardless of whether or not it contains innate
fluorophores as is the case with petroleum, coal tar, and creosote. It is anticipated that the new LIF tool
will also be very useful for detecting other PAH-starved petroleum hydrocarbons such as aviation gasoline and NAPLs of mono-aromatic compounds like benzene, toluene, ethyl-benzene, and xylenes
(BTEX) that cannot be detected with conventional LIF technologies. Through extensive laboratory tests,
a dye was identified that fluoresces well when the dye is solvated in common chlorinated solvents (e.g.
trichloroethylene), but is otherwise a poor fluorophore when in particle form. This dye also undergoes a
dramatic increase in fluorescence lifetime (decay time required for all the excited state dye molecules to
return to the ground state after excitation) when solvated in ganglia. The dye is also relatively non-toxic
(Rat LD50 (intraperitoneal) 4170 mg/kg) and not a known or suspected carcinogen. Extensive analytical
testing on water left in contact with the dye for several days yielded no detectable levels of any listed
VOCs or semi-VOCs, so the dye itself should not face excessive regulatory hurdles. The current injection rate of 1mL/sec results in approximately 0.11 g of dye injected with each meter of penetration (assuming 1 cm/sec advancement rate).
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3 FIELD TESTING
3.1 Test Plan
The capability of the Dye-LIF was recently demonstrated at a small footprint chlorinated spill site in
Massachusetts. Tests of chlorinated solvent DNAPL recovered from the site revealed a mixture of 59%
trichloroethylene, 34% 1,1,1-trichloroethane with various solvents and petroleum hydrocarbons making
up the balance. Local geology in the demonstration area can be generally classified as fine sand and silt
with intermittent silt and clay layers. A continuous silt layer is observed at 14 m below ground surface
(bgs), which is consistent with other areas of the larger site. Previous investigations show the DNAPL
impacted area is rather small, heterogeneously occupying an approximately 30 m x 30 m area, with
DNAPL penetrating down to bedrock at about 27 m bgs. Figure 2 illustrates the limited footprint of the
source term DNAPL.

ca 30m

Figure 2. Aerial photo of Dye-LIF demonstration site.

The purpose of this demonstration was to validate the field performance of Dye-LIF’s DNAPL sensing
abilities in an exhaustive fashion. The two-week demonstration was designed to assess both the reliability of the tooling in normal production and to determine the sensing capabilities of the probe including
limits of detection (LOD), susceptibility to false positives, and NAPL-specific responsivity. Our team
developed the testing approach in order to account for (and attempt to control) the influence of extreme
DNAPL distribution heterogeneity within a reasonable scope and budget:


Week 1: Probe with Dye-LIF in “full production mode” in an attempt to fully determine the architecture or nature and extent of the DNAPL distribution.
o Fully bound the DNAPL source zone, if possible
o Achieve a number of co-located duplicate borings to assess small scale heterogeneity
o Achieve “even coverage” of locations within the DNAPL affected zone



Week 2: Use the Dye-LIF data generated in week one to determine optimal locations for confirmatory testing, involving collection of continuous cores and application of high resolution
core subsampling methods, with a focus on (a) comparison of the “in-situ” DNAPL distribution
inferred from Dye-LIF probing with that from core subsampling applying both screening techniques and quantitative analyses of the soil subsamples, and (b) obtaining a wide range of
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DNAPL pore saturation soils for uphole analysis, ranging from clean to the most highly DNAPL
saturated soil zones at the site.
o Photograph open cores, immediately cover in foil to avoid loss of VOCs, and sub-sample
at high resolution (2-10 cm spacing) with four small sub-samples collected at each depth
horizon using a plunger tool and placed in small sample vials (three 20 mL VOA vials,
one containing Oil Red O and water for visual screening, one for Dye-LIF screening, and
one for moisture content and organic carbon analyses; and one in a 40 mL VOA containing methanol for quantitative analyses).
o Subject the four sub-samples to different tests including Oil Red O visual screening for
DNAPL, bench-top Dye-LIF, and analytical laboratory. The visual screening and quantitative analyses provide a means to compare Dye-LIF with traditional methods (Griffin &
Watson, 2002).
o Immediately after subsampling at each depth, scan with handheld photo ionization detector (PID) each sample horizon by inserting the probe in the “holes” left after sub-coring
3.2 Results
The first week of Dye-LIF characterization had daily production ranging from 86 m to 151 m for an average of 120 m/day (395 ft/day). A total of 25 locations were advanced to an average depth of 21.3 m
(70 ft) bgs. Nine additional probes were advanced the following week while the soil coring and subsampling took place (two percussion soil sampling machines were available). The majority of the DyeLIF probing was done with a 5400 Geoprobe™ while a larger Geoprobe 7720 was used mostly for difficult pre-clearing duties (to 4.5 m bgs for utilities) and for the week 2 soil coring. The same tooling string
performed without failure for the duration with just one internal mirror realignment necessary. The site’s
DNAPL zone was fully bounded with the exception of one or two locations where infrastructure prohibited access to “move out” (and any DNAPL occurring at depths greater than 21.3m (70 ft) bgs, which
was the maximum depth of the Dye-LIF testing).
Week two’s soil sampling proved much more challenging. High core recovery was very difficult to
achieve in the fine sands and silts occurring at this site, even with a crew that was experienced at this
site and using the latest methods and tooling. Different coring methods, run lengths and operating variables were tried and eventually a sub-optimal but satisfactory approach was found. This involved use of
the Geoprobe Macro-Core MC7™ sampler, which provides 75 mm (3-in) diameter cores in plastic
tubes, with the larger size needed for the intensive subsampling. The MC7 tool was adapted to include a
sealed piston above the soil core which was tied off in a fixed position while the core barrel was advanced through the target core interval (method adapted from Zapico et al., 1987). Run lengths of 0.91
m (3 ft) were used based on initial trials to maximize recovery. However recovery still only ranged
from about 50 to 85% with an average of 65%. A correction factor was applied to convert sub-sample
positions in the core tubes to inferred “in-situ” depths.
Lateral heterogeneity also made encountering Dye-LIF indicated DNAPL a “hit or miss proposition”. In a few cases immediately adjacent ‘duplicate’ Dye-LIF pushes (<1 m apart) showed DNAPL at
one location but not at similar depths in the adjacent location. Similarly in a few cases cores collected
immediately adjacent to Dye-LIF logs that indicated multiple DNAPL-impacts resulted in no DNAPL
from the core subsampling at similar depth intervals. This is not unexpected given the complex and spatially variable DNAPL distributions expected at “aged” DNAPL sites (e.g. Parker et al., 2003). Persistence eventually yielded a sufficient number of cores that contained DNAPL affected soils and a total of
260 depth discrete horizons were sub-sampled from cores collected at five locations. Core depths were
targeted to span the depth intervals where DNAPL was inferred from Dye-LIF probing. All subsample
303

depths were field tested with the PID, subjected to ORO visual DNAPL screening and Dye-LIF testing,
and over 50% (133) were subjected to quantitative VOC analyses. Figure 3 (top) illustrates one of the
“raw” Dye-LIF logs obtained in week one (DyeLIF 009). The light blue color of the upper 3m (10 ft)
fluorescence is from loose sand that was placed in the hole after pre-clearing for utilities. Notice the
unique waveform in callout one, showing the waveform from the sand. The yellow-filled “baseline” response is the weak fluorescence emitted by un-solvated dye particles injected into the formation. The
other more intense blue-filled “spikes” at various depths are narrow responses of DNAPL. Notice the
longer lifetimes and blue-shifted waveforms in callouts two, three, and four. This waveform shape is
unique to DNAPL-solvated dye, establishing with high confidence the origin of the fluorescence response at those depths. The bottom callout shows the red-shifted waveform with very short lifetimes.
The log is typical of logs in which modest DNAPL detections were made, but the pore saturation was
low enough that the DNAPL response is obscured to some degree by un-solvated dye and other background fluorescence. Two other logs less than one meter away from DyeLIF 009 exhibited very large
responses (150-200% Reference Emitter (RE) at 34 ft (10.3 m) bgs, while this log topped out at just 15%
RE at that same depth. This high degree of lateral heterogeneity is not unusual when dealing with
DNAPLs. For this reason the uphole comparisons (apples to apples) were also incorporated into the
demonstration design, to account for the inevitably high variation between Dye-LIF logs and co-located
soil cores.
LIF waveforms are stored with each and every depth analyzed, allowing for post-processing using a
non-negative least squares (NNLS) fitting process. The process uses a basis set of waveforms (nonsolvated dye, DNAPL-solvated dye, sand, etc.) to determine the origins of and then appropriate the fluorescence response. As discussed, there are dramatic spectral and temporal differences in the waveforms
for DNAPL solvated dye vs. un-solvated dye. This allows us to mathematically “strip away” all but the
DNAPL-specific responses, yielding high-confidence DNAPL-specific logs of DNAPL detections. Figure 3 (bottom) shows the same log after such post-processing. So that even small (but critical) DNAPL
ganglia are readily recognized, the NNLS data is plotted in many columns, each five feet (1.5 m) in
height. The fluorescence scaling of the processed log is held to 0-5 %RE so that even the lowest of pore
saturations are obvious. The tiny response at 67.7 ft bgs is an example detection of a very small DNAPL
ganglion. This post-processing requires about 5 minutes to conduct and was done on site immediately
after the Dye-LIF log was collected.
Notice also that in the raw Dye-LIF log in Figure 3 (top) the back pressure and flow of injected dye
solution are plotted vs. depth (two right-most data columns). The majority of logs show an increase in
back pressure at or just below DNAPL responses, suggesting that the DNAPL distributed itself laterally
to some degree when it encountered horizons of transition from higher to lower hydraulic conductivity.
This was consistent with examination of soil cores showing DNAPL perched at interfaces transitioning
to more silt content.
Figure 4 illustrates one example core containing DNAPL after high resolution subsampling. Notice
that some of the ORO jars contain a “blood red” color, a positive indication of DNAPL presence with
very abrupt transitions into and out of DNAPL. The ORO results were used as a guide in deciding which
samples should be subjected to quantitative VOC analyses, from which DNAPL pore saturations were
estimated using NAPLANAL software (Mariner et al., 1997; McCray and Cohen, 2003). Up-hole DyeLIF analysis of the 133 co-located soil sub-samples subjected to quantitative analyses showed excellent
correlation with both the ORO screening and subsequent analytical lab results: 100% consistency between the three methods was achieved in samples found to contain > 2.5% DNAPL pore saturation and
98% consistency was found in soil with DNAPL pore saturations of > 0.7%. While the final results have
yet to be assessed in detail, it appears that (for this site) the practical field limit of detection (LoD) for
Dye-LIF falls somewhere between 1.0% and 0.1 % DNAPL pore saturation. The PID screening results,
while in general agreement that chlorinated solvent VOCs were present in the cores, showed little ability
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to discern DNAPL zones from the more diffusely distributed non-NAPL phase zones, due to very high
responses and ‘pegging out’ in these high concentration zones.

Figure 3. Raw Dye-LIF log (top) and post-processed version (bottom) showing only DNAPL fluorescence.
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Figure 4. Cores sub-sampled at high resolution with ORO jars aligned with their content’s origins.

The image in Figure 5 (left) shows the heterogeneous distribution of the DNAPL in 3-dimensional
space with the Dye-LIF response represented as heat-diagram colorized disks attached to gray “posts”
where the logs were conducted. The larger the disk and the “hotter” the color the larger the Dye-LIF response. The image at right contains the processed in-situ Dye-LIF DNAPL-only logs from week one that
were chosen for soil core co-sampling, alongside their confirmation core results. The tan-colored areas
of the cores represent no ORO response and red indicates a positive ORO response while green, yellow,
and red in the Dye-LIF logs denotes positive responses (gray represents no DNAPL). Notice the red PID
line plotted alongside, that remains high along much of the sampling length, regardless of DNAPL presence or absence.

Figure 5. 3D visualization of the Dye-LIF DNAPL response (left) and co-located coring, ORO, and PID responses
(right) from same perspective.

4 CONCLUSIONS
Chlorinated solvent sites, which formerly were not candidates for subsurface NAPL mapping using LIF,
are now viable candidates for high-resolution LIF soil screening. The Dye-LIF system’s ability to detect
DNAPL is roughly equivalent to that of ORO soil screening of discrete samples, with the added benefit
of very high production, higher data densities, automated electronic records of results, and no generation
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of waste. Also this direct push technique provides in-situ characterization and not subjected to uncertainty due to lower core recovery, fluids loss or redistribution in cores, etc. Plotting multiple Dye-LIF logs
in relation to their geospatial position is useful for visualizing the DNAPL body for engineering and remediation purposes allowing much more targeted remediation efforts. CPT advancement is planned for
the next round of testing and the Dye-LIF is scheduled for full commercialization in the spring of 2014.
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Properties of genetically different Russian soils derived from CPT
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GrandGEO Ltd, Moscow, Russian Federation

ABSTRACT: The paper reviews some specific features of testing quaternary and pre-quaternary sandclay deposits within the area of the city of Moscow and the Moscow Region. It results from revising
the current Russian regulations in order to harmonize them with their respective international counterparts. The paper presents correlations between cone penetration test parameters (Rf, qc, fs) and soil
composition and properties, including strength and stiffness parameters (C, φ, E) of sand loams. The
investigations showed considerable scatter of physical-mechanical parameters of quaternary and prequaternary genetically different soils.
1 INTRODUCTION
When processing sand-clay test data geotechnical engineers in Russia must face the fact that current
regulations in Russia do not take into account some regional soil properties (Ziangirov, et al. 2005).
The authors have repeatedly stressed the fact that Table 6 in the Moscow City Construction Regulations (MGSN 2.07-97. 1998) that were included unchanged into later version (MGSN 2.07-01. 2003)
for determining soil stiffness modulus (E, МPа) of upper lacustrine-boggy and lacustrine- glacial soils
(clays, clay and sand loams), offers only one equation:
E = 5 + 7.5qс

(MPa) (1)

that describes composition and properties of soil, related to Moscow, Oka and Dniper glaciation period.
There is no doubt that extra research, updating and better accuracy of the above-mentioned and other regional features is required.
The processing of parallel cone penetration test (CPT) and plate load test (PLT) data in moraine
clays and clay loams enabled establishment of correlation for Epl = f(qс) (with Epl, MPa as soil stiffness
modulus from plate load test data (Table 1)) (Ziangirov & Kashirsky, 2004, Kashirsky, 2005,
Kashirsky, et al. 2012).
The best relationship (Kashirsky et al., 2012) for clays and clay loams is:
Epl = 7.0 + 6.4qc

(MPa) (2)

The following equation is usually applied for high-plastic and low-plastic moraine clays:
Epl = 3.0 + 6.8qc

(MPa) (3)
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Table 1. Dependencies of soil stiffness modulus and plate load test data (Epl, MPa) on specific CPT (qc ,
MPa) for moraine sand clays in Moscow city.
Soils

Epl versus qc , (МPа)

qc range (MPa)

Rf*, %

Clays and sand loams, medium hard
Clays and clay loams, low-plastic and high-plastic
Rf =fs / qc × 100%

Epl = 7.0 + 6.4qc
Epl = 3.0 + 6.8qc

0.5−4.8
<2

4−7
4−5

Table 1 relates to soils in aeration or technogeneous moistening zone. As a result of comparative
CPT and plate load tests (Kashirsky et al., 2012), calculation of stiffness modulus values, using equation (3), proposed for hard-soft plastic moraine clays and clay loams, helps avoid exaggeration of deformation parameters more than 1.5 times.
The techniques, applied by Russian and international geotechnical engineers, feature some differences, e.g., there are two approaches for assessing physical-mechanical parameters of sands from CPT
data. The first approach, used internationally, is based on correlations between cone resistance, stiffness modulus from compression tests and relative density of sands, obtained from calibration chambers. Russian engineers test soil simultaneously to establish correlation between cone penetration resistance and plate load test stiffness modulus (Epl) by testing soils in boreholes using plate load tests.
Because soils are classified by their genetic types, determination of properties of pre-quaternary deposits has become a challenge for geotechnical survey, e.g., Table В1 alone in the current regulations
(MGSN 2.07-01. 2003) permits to use a scale factor (mk, defined as Eplt/Ecpt) for “pre-quaternary heavy
clays”, having void ratio е, equal to 1.2 to 1.4 (respectively, mk =2.5 or 2.0).
Ignatova (Ignatova, 2009) applied correlation-regression analysis to process numerous survey data
from the area of the city of Moscow and Moscow region. Correlations were obtained of soil stiffness
and strength parameters with physical parameters of Jurassic clay soils from field survey and laboratory test data.
Similar investigations were earlier carried out by Ziangirov and Kashirsky (Ziangirov, et al. 2007,
Ziangirov & Kashirsky, 2005), also based on comparative tests of Jurassic soils by CPT and PLT of
analogue soils that gave the following relationship:
E = 8qc

(MPa) (4)

Ignatova (Ignatova, 2009) improved this relationship on the basis of extensive statistical data, and
proposed it in the following form:
E = 8.5 + 5qc

(MPa) (5)

The obtained relationships for deformation and strength parameters on plasticity index (Ip), liquidity
index (IL) and void ratio (e) enabled creation of soils parameters tables that could be included into prospective regulations and to become a database to be included into prospective regulations and to further become a normalized data base for pre-quaternary deposits of the Moscow Region (STO
36554501-020-2010. 2010, Ignatova, 2009, Ziangirov, & Kashirsky, 2005, Ziangirov, et al. 2007).

2 RECENT EXPERIENCE IN MOSCOW REGION
Rapid Moscow development with area expansion times 2.5 demonstrated inadequacy of regulations,
elaborated in Moscow, for Federal Standards, because in practice engineers encounter considerable
scatter of the measured physico-mechanical soil properties. As indicated by Kashirsky, et al. (2012)
there is an urgent need to develop geological service in Moscow region and the integrated regional set
of regulations (based on federal regulations). The authors have come to this conclusion during the integrated geological and eco-geological survey prior to the development of the “Yuzhny” neighborhood
of Domodedovo town in Moscow Region in 2011-2013.
Table 2 gives main soil physical properties, stiffness and strength parameters of Upper Jurassic (J3)
hard and medium-hard clays for the first stage of “Yuzhny” neighborhood development, obtained from
laboratory tests.
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Liquidity index IL, fr. unit.

Humid soil density
ρ, g/cm3

Void ratio e, fr. unit.

Angle of internal friction
φ, ° (deg.)

Cohesion in situ c, kPa

40
-0.57
0.24
-0.11
-1.81
-0.19
-0.22

40
1.64
1.81
1.71
0.02
1.71
1.70

40
1.08
1.52
1.33
0.09
1.31
1.30

13
9
16
12
0.21
11
11

13
26
49
37
0.21
34
33

At pressure
Р=0.1- 0.2
МPа
Reduced pressure

Form
triaxial tests.

Number of probes
40
40
40
min
0.38 0.71 0.26
Value of
max
0.55 1.00 0.48
parameter
aver
0.46 0.83 0.34
Variation coefficient 0.10 0.07 0.17
While α* is 0.85
0.45 0.80 0.30
0.95
0.44 0.79 0.30
α −confidence level of design values

Stiffness modulus, МPa
for soils in situ.
Compression Total
Еc
Еtot
At overburden pressure

Plasicity index IP, fr. unit.

Moisture content at
liquid limit WL, fr. unit.

Parameter

Natural moisture content
W, fr. unit.

Table 2. Main physico-mechanical parameters of Upper Jurassic clays (layer 12) within the area of the
1st stage neighborhood “Yuzhny” development in the town of Domodedovo

12
4
10
6
0.18
6
6

12
3
9
6
0.35
5
5

4
27
37
31
0.16
29
27

12
14
46
29
0.18
28
26

Increase factors (mk), obtained from compression test stiffness modulus in laboratory (Ec) and by
vertical static PLT of analogue soils within 11.7 to 22 m range (Epl) are given in Table 3 and exceed
times 1.5−2.0 those recommended in (3.2−3.3 Table. 3, 4, STO 36554501-020-2010. 2010).
Table 3. Results of increasing mk factor check-up for Jurassic clays (Layer12)
Parameter Values
Average
Ec *
6.2 5.1 6.6 5.4 5.0 4.6 4.9 4.5 8.8 5.2 4.9 7.2 4.8 6.1 8.8 5.3 5.8
Epl
23 32 28 30 31 30 31 28 29 27 29 30 27 30 28 30 28.9
mk**
3.7 6.3 4.2 5.6 6.2 6.5 6.3 6.2 3.3 5.2 5.9 4.2 5.6 4.9 3.2 5.7 5.2
* Accounting for factor mk=3.2÷3.3 from Table. 3, 4 (STO 36554501-020-2010. 2010) and value Е = 18 to (?) 19 MPa.
** Per Code of practice 22.13330.2011.

Table 4 gives values of stiffness modulus, obtained by field and laboratory methods as well as scale
factors for transformation of cone penetration resistance into stiffness modulus of Upper Jurassic clay
soils and lower Cretaceous sands.
Analysis of Table 4 data shows that the mean scale factor from Upper Jurassic clays and clay loams
of the test site is 7.14 while for lower Cretaceous sands of various grain sizes from 2.96 to 3.03 with
mean value 3.0.
Simultaneous survey on the neighboring construction site of the 2nd neighborhood in Domodedovo
yielded the following stiffness parameters of Upper Jurassic deposits.
Table 4. Comparison of stiffness modulus, determined by different methods, and calibration factors for cone resistance of
Upper Jurassic soils in lower Cretaceous sediments of site 1, Yuzhny neighborhood in Domodedovo.
Layer
№

Soil name and its
geological index

Stiffness modulus, Е, MPa
Oedometer
tests

Upper Jurassic deposits (J3)
Layer Clay loams medi22
11
um-hard and stiff
plastic
Layer- Hard and medium
29
12
hard clays
lower Cretaceous sediments (K1)

Values and factors

Triaxial
tests

CPT

PLT

CP 22. Recom13330. mended
2011
values

CPT resistance qc

Scale factor
from CPT to
PLT
Epl / qc

21

24

28
48

-

24

3.35

7.16

31

27

26
46

22

27

3.79

7.12
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Layer
15
Layer
15b
Layer
16
Layer
16b
Layer
17

Dusty sands of medium density
Dusty sands, dense

-

-

25

-

-

40

27
45
37
51
29
51
33
56
38
54

Fine sands of medi- 28
um density
Sands, fine and
43
dense
Sands of medium
38
grain size and medium density
Layer Sands of medium
50
17b
grain size, dense
for cretaceous sands – the values are borrowed from regional tables

15*

27

8.30

3.01

32*

37

13.21

3.03

30*

29

9.46

2.96

43*

33

14.37

2.99

37*

38

12.71

2.99

47*

48

16.72

2.99

Analysis of results in Table 5 for the 2nd neighborhood “Yuzny” in Domodedovo shows that the
transfer factors for Upper Jurassic clays and clay loams on the test site feature greater scatter than
those at the site of the 1st neighborhood and vary between 6.92 and 7.47 with 7.2 mean value, which is
close to the mean value in neighborhood 1.
But the obtained values of the transfer factor are less than the values in relationships (1) and (2) that
could result from the tests being carried out with 0.06 m2 test plates that give, as a rule, diminished
values of stiffness modulus (Epl).
3 SUMMARY
In view of the above statements the following conclusions could be drawn: for high-rise construction
on deep footings, sitting on pre-quaternary deposits, a thorough revision is required for current regulations for soils in construction activity areas, specific for each region (especially so for pre-quaternary
deposits). In our view the future belongs to regional regulations that should be developed on the basis
of strict compliance with mandatory requirements to high-rank regulations.
Table 5. Comparative table of stiffness modulus, measured by various methods, and of conversion coefficients for soil
CPT resistance of Upper Jurassic soils at site 2 of neighborhood “Yuzhny” in Domodedovo
Layer
№

Stiffness modulus, Е, МPа

Soil name,
geological index

Lab
tests
(what
tests?)

Upper Jurassic deposits (J3)
Layer Clay loams medium 21
11
hard, stiff plastic
Layer Clays hard and me- 32
12
dium hard

4

Values and factors

Triaxial
tests

CPT

PLT

CP
Recom22.1333 mended
0.2011 values

CPT resistance qc

Scale factor
from CPT to
PLT
k= Epl / qc

-

20

-

21

2.81

7.47

40

27

17
22
27
37

22

27

3.90

6.92
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ABSTRACT: Interpretation of piezocone dissipation testing data to obtain the best global value of the
coefficient of consolidation requires the time for 50% dissipation of excess pore pressure to be
calculated. In engineering practice, it implies on extracting a single point of the field dissipation curve
(t50) or adjusting the complete curve. This papers gives strainghtfoward recommendations on how to
curve fitting the field dissipation curve and use the first and second derivates to estimate the value of
t50. Major advantages of the proposed approach are: (a) for spreadsheet use, the derivate of the
dissipation response gives the corresponding time t50 and (b) the equilibrium in situ pore pressure is no
longer required to calculate the percentage of dissipation. In addition, the moment of interrupting dissipation tests in the field becomes undisputable.

1 INTRODUCTION
Coefficients of consolidation can be assessed in situ from observations of settlements under embankments
or directly from in situ test results, preferably from piezocone dissipation tests. Analytical and numerical
procedures have been developed to provide an estimate of the coefficient of consolidation ch from piezocone dissipation tests in which the decay of excess pore pressure with time is monitored. Methods rely either on one-dimensional cavity expansion (Torstensson, 1977; Randolph & Wroth, 1979) or twodimensional strain path method (Baligh & Levadoux, 1986; Teh & Houlsby, 1991; Burns & Mayne,
1998). Both monotonic and dilatory soil response can be modeled in this type of approach, being the Teh
& Houlsby method recommended for monotonic pore pressure dissipation response and the Burns &
Mayne method recommended for dilatory response.
The procedure for assessing ch from dissipation tests is based on a series of straightforward recommendations (Lunne et al, 1997):
1) Plot the early part of the dissipation (less than 10% dissipation) at an enlarged scale, either log or
square root time, and evaluate the initial pore pressure ui;
2) Define u0 from avaiable data on ground water level, piezometric readings or even data from
piezocone tests in adjacent sand layers;
3) Plot normalized excess pore pressure (U = (ut– u0)/(ui– u0) against time on a log and/or √t scale,
where ut is the pore pressure at time t and u0 is the in situ equilibrium);
4) Determine the time for 50% dissipation (t50).
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Dissipation test results are usually ploted as the variation of excess pore pressure and the logarithm of
time. Alternatively results can be normalized as a time factor T* (=[ch t /(r2 Ir0.5)]) and pore pressure ratio
U*2 (= u2/u2i). In these plots, dissipation tests should allow for 50% of dissipation of excess pore
pressure to provide sufficient data for interpetation. If dissipation is not sufficiently long to define t50, then
the slope of the straight line from the first part of the u versus t plot may be used to predic ch.
Albeit this set of recommendations is apparently simple to apply, reliable measurements of the equilibrium in situ pore pressure, important in many geotechnical design problems and essential to the interpretation of ch, are not always straightforward to obtain and requires considerable engineering judgment in
many applications. In clays, the pore water pressure generated in a CPTU test can be allowed to dissipate
to the equilibrium value to assess the in situ pore pressure but this can take many hours and makes the use
of the standard CPTU unattractive for this purposes. In addition hydrogeology is often complex and
piezometer measurements have to be interpreted to estimate average equilibirum pressures. Coastal and
nearshore tests are affected by tidal variations. The determination of phreatic surface location for tailings
and tailing-retention structures is influenced by pond location, anisotropic permeabiity of deposits,
boundary flow conditions, including the presence of permeable layers and drains, among other factors
(e.g. Vick, 1983).
Given the uncertainties in defining u0, the time for 50% dissipation of the measured maximum value
(t50) may be in error (and so is the estimated value of ch). To partially overcome this problem, Mayne
(2001) proposed a mathematical approach that instead of matching just a single point (usually 50%) of the
recorded dissipation, the complete curve is adjusted to obtain the best global value of the horizontal coefficient of consolidation, ch. The present paper extends this view by deriving the equation used to curve fitting the measured pore pressure data and, once this is accomplished, the slope of the derivate at the minimum point is zero and corresponds to t50. The time t50 can then be used in the interpretation of the value of
ch adopting standard methods.
2 EMPIRICAL DETERMINATION OF ݐହ

The aproach is based on a method to back fit the field pore pressure measurements to evaluate the time for
50% dissipation of the measured maximum value (t50). The proposed approach lacks of a physical basis
and there is no intention in determining the best-fit parameters that define a model. The curve fitting is
used to generate a standard curve that can be useful in interpolating a set of pore pressure values to define
a curve that is smooth and comes close to the measured data. Once a function is selected and the curve fitting is completed, the function's first derivative is obtained and the minimum point of the function where
the slope is zero is identified. In the second derivate this point is zero. These points (zero slope in the first
derivate and zero in the second) correspond to t50.
In the proposed procedure a polynomial equation is used to curve fitting the data, with the actual mathematical expression (degree) defined by the minimum r2.

2.1 Teh & Houlsby (1988)
From the theoretical point of view, applicability of the approach can be illustrated using the strain path
method proposed by Teh & Houlsby (1991). The dissipation curves are not unique since the initial pore
pressure distribution is dependent on the value of Ir. Unifying results requires empirical normalization of
test data by means of a dimensionless time factor T*, expressed as:
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ܶ∗ =

ܿ ݐ

(1)

ݎଶඥܫ

where r is the probe radius, t the dissipation time (normally adopted as t50%), Ir the rigidity index (=
G/Su) and G the shear modulus. A constant Ir is used in the solution although in fact the value of the shear
modulus will depend on the shear strain amplitude, which is shown by strain path calculations to vary in a
complex manner around a 60o penetrometer.
Predicted dissipation curves shown in Figure 1 can be conveniently represented using approximate numerical algorithms, thus offering a means of implementing data on a spread-sheet. Mayne (2001) proposed a logarithm equation for matching the data. In the present work a polynomial equation was chosen
due to the fact that it is easy to derive and provides means of fitting both monotonic and dilatory soil response.

Figure 1 Teh & Houlsby solution (1988).

The equation proposed by Mayne (2001) to fit the data is:
ܷଶ∗ ≅ (0.85 + 10ܶ)ି,ସହ − 0.08

(2)

In order to get sufficient amount of data to represent the initial part of the curve in a logarithmic time
scale the variable T* is replaced by 10 (x-3):
ି,ସହ

ܷଶ∗ ≅ ൫0.85 + 10 ∙ 10(௫ିଷ) ൯

− 0.08

(3)

The derivative of the function with respect to the variable x can now be expressed as:

ܷ݀ଶ∗
−4.5
≅
∙ 10(௫ିଷ) ∙ ln(10)
(௫ିଶ)
ଵ.ସହ
[0.85
]
݀ݔ
+ 10

(4)

Alternatively a polynomial expression can be used to facilitate the mathematical treatment of the differentiation. Expression (5) could be accurately represented by an xth degree polynomial as:
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ܷଶ∗ = ܽ + ܽଵ ݔ+ ܽଶݔଶ + ܽଷݔଷ + … … … + ܽ ݔ

(5)

Table 1 lists a suitable set of coefficients that best fit the Teh & Houlsby´s equation.
Table 1: Polynomial coefficients for the solution proposed by Teh & Houlsby (1998).
a0
0.26384

a1
-0.34277

a2
0.11916

a3
0.03866

a4
-0.03729

a5
0.00329

a6
0.00860

a7
0.00076

a8
-0.00103

a9
-0.00021

Once the coefficients are determined, the first and the second derivate can be easily obtained as:
ܷ݀ଶ∗
= ܽଵ + 2 ∙ ܽଶ ∙ ݔଵ + 3 ∙ ܽଷݔଶ + 4 ∙ ܽସݔଷ + … … + ݊ ∙ ܽ ∙ (ݔିଵ)
݀ݔ

݀ଶܷଶ∗
= 2 ∙ ܽଶ + 6 ∙ ܽଷݔଵ + 12 ∙ ܽସݔଶ + … … + ݊ ∙ (݊ − 1) ∙ ܽ ∙ (ݔିଶ)
݀ݔଶ

(6)

(7)

Equation 6 represents the slope of pore pressure dissipation in log scale and can be differentiated to obtain the inflection point of the U x T(log) curve (see Figure 2).

Figure 2 1st and 2ndderivates of Teh and Houlsby solution.

In the analysis the program is instructed to graph the curve to check the compatibility of the measured data
with the superimposed curve, as well to plot the first and second derivates to calculate t50. The minimum
value of the polynomial first derivate corresponds to a time factor T equal to 0.245 (the theoretical value
calculated by Teh & Houlsby, 1998).
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2.2 Burns & Mayne (1998)
The mathematical solution proposed by Burns & Mayne (1998) is based on the cavity expansion-critical
state for the monotonic and dilatory response with regard to time. The excess pore water pressures, ut, at
any time (t) can be compared with the initial values during penetration, ui=u2-u0 and are represented as:
∆ݑ௧ = (Δݑ௧)[1 + 50ܶ∗ ]ିଵ + (Δݑ௦)[1 + 5000ܶ∗ ]ିଵ

(8)

ஃ
ᇱ 2
where: (∆ܷ௧) = ߪ௩
൫ ൗ3  ܯ൯൫ܱܴܥൗ2൯ ln(ܫ)is the octahedral component during penetration and
ஃ
ᇱ
(∆ݑ௦) = ߪ௩
ൣ1 − ܱܴܥൗ2൧ is the shear-induced component during penetration, being ’ the effective
friction angle, M=(6sin’)/(3-sin’),  the compression index and T* the modified time factor T*=[ch t
/(r2 Ir0.5)].

Figure 3 shows the normalized dissipation curves estimated for values of ' equal to 25o,  = 0.8, Ir = 50
and OCRs ranging from 1 to 100 (Burns &Mayne 1991).

Figure 3 Solutions for Type 2 dilatory dissipation curves for various OCRs (after Burns & Mayne, 1998).

Pore pressures are represented according:
Δݑ௧ = (Δݑ௧)[1 + 50 ∙ ܶ∗ ]ିଵ + (Δݑ௦)[1 + 5000 ∙ ܶ∗ ]ିଵ

(9)

Equation 9 can by divided by the initial effective vertical stress (’vo) and knowing that
ߙ = (2 ܯ⁄3) ∙ ln(I୰), the first derivative of Equation 9 is:
ܱ ܴܥஃ
ܱ ܴܥஃ
−50 ∙ ߙ ∙ ቂ 2 ቃ
1+ቂ 2 ቃ
௩
=
− 5000 ∙
߲ܶ∗
(1 + 50ܶ∗ )ଶ
(1 + 5000 ∙ ܶ∗ )ଶ

∆ݑ
߲ ߪᇱ௧

(10)

Conversion of decimal scale T to logarithmic scale is done by substitution: T = 10x. For mathematical
convenience, T* is expressed as 10x with x ranging from -4 to +1. Equation 9 can then be re-written as:
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ܱ ܴܥஃ
ܱ ܴܥஃ
−50 ∙ ߙ ∙ ቂ 2 ቃ
1+ቂ 2 ቃ
௩
=
− 5000 ∙
߲ݔ
(1 + 50 ∙ 10௫)ଶ
(1 + 5000 ∙ 10௫)ଶ

∆ݑ
߲ ߪᇱ௧

(11)

The second derivative is then expressed as:

∆ݑ௧
ܱ ܴܥஃ
ܱ ܴܥஃ
ᇱ
ቂ
ቂ
ቃ
ቃ
ߪ௩
2
2
(10௫)ଶ − 50 ∙ ߙ
= 5000 ∙ ߙ
∙ 10 ௫ ∙ ݈݊(10)ଶ
ଶ
௫
(1
)
(1
+ 50 ∙ 10
+ 50 ∙ 10௫)ଶ
߲ݔ
ܱ ܴܥଶ
ܱ ܴܥஃ
ቈ1 − ቀ
ቈ1 − ቀ
ቁ
ቁ
2
2
௫)ଶ ∙ ݈݊()ݔଶ − 5000
(10
+ 50000000
∙ 10 ௫݈݊(10)ଶ
(1 + 5000 ∙ 10 ௫)ଷ
(1 + 5000 ∙ 10௫)ଶ

߲ଶ

(12)

Applications of the proposed methodology for OCR = 3 and OCR= 10 are shown in Figures 4 and 5,
respectively. In both cases and first and second derivatives correspond to the point of inflection of the
normalized dissipation curve and define the theoretical value of t50.

Figure 4 – 1st and 2ndderivatives of Burns and Mayne solution for OCR = 3.

Figure 5 – 1st and 2ndderivatives of Burns and Mayne solution for OCR = 10.
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This simple analysis indicates that a mathematical approach used to adjust the complete dissipation curve,
followed by the determination of t50 from the first and second derivatives is a consistent approach to obtain the best global value of the coefficient of consolidation, ch.
3 CASE STUDY
Piezocone tests carried out according to ASTM D5778 (2000) standards are used to illustrate the proposed
approach. Figure 6 (a) presents a typical CPTU log in a soft clay deposit which plots the following data:
tip resistance (corrected for unequal cone ends qt, pore pressures using a type 2 pore pressure measurement (u2) and hydrostatic equilibrium pressure (u0), as well as the calculated Bq and OCR variation with
depth. The dissipation test carried out at 11m depth shows an initial dilatant response that gradually reduces towards the hydrostatic pressure of 110 kPa (Figure 6 (b)). The maximum excess pore pressure of
330kPa yields u50 of 221 kPa which is exactly the value given by the 1st and 2ndderivatives.
The second example discusses results of a site investigation carried out in bauxite tailing deposit from
northern Brazil. The material is saturated and recently deposited, undergoing consolidation. The equilibrium pore pressure is non-linear as indicated in Figure 7(a). The dissipation test at 8m shows a monotonic
reduction in pore pressure from a maximum value of 195 kPa to an equilibrium value estimated as 45 kPa
leading to u50 of 118 kPa (Figure 7 (b)). The 1st and 2ndderivatives are shown to give the same result directly from a spreadsheet calculation.

(a)

(b)

Figure 6 (a) Piezocone data from a soft clay deposit (b) Dissipation test interpretation at 11m depth.

4 CONCLUSIONS
This paper describes a procedure conceived to determine the value of 50% dissipation of excess pore
pressure from piezocone dissipation tests. It consists in curve fitting the field dissipation curve and use the
first and second derivates to estimate the value of t50 without any consideration regarding the equilibrium
in situ pore pressure.
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(a)

(b)

Figure 7 (a) Piezocone results from bauxite tailings (b) Dissipation test interpretation at 8m depth.

The accuracy of the proposed solution depends mainly on how well the theoretical idealization describes the pore pressure distribution around the cone. Experience tends to suggest that in normally to
lightly overconsolidated soils the background theory (cavity expansion or stain path) is able to reproduce
essential features of initial pore pressure distribution and subsequent dissipation. In these cases, the proposed approach can be used to derive the consolidation data of soft soils.
5 REFERENCE
Baligh, M.M. & Levadox, J.N. 1986. Consolidation after undrained piezocone penetration. II: Interpretation. J. Soil
Mech. Found. Engng. Div., ASCE. 11(7), 727-745.
Burns, S.E. & Mayne, P.W. 1998. Monotonic and dilatory pore-pressure decay during piezocone tests in clay. Can.
Geotech. J., 35(6): 1063-1073.
Mayne, P.W. (2001) Stress-Strain-Strength-Flow Parameters from Enhanced In-Situ Tests,” Proceedings, International Conference on In-Situ Measurement of Soil Properties and Case Histories, Bali, Indonesia, 2001, pp. 27–
48.
Baligh, M. M. & Levadoux, J.N. 1986. Consolidation after undraned piezocone penetration. II: Interpretation J. Soil
Mech. Found. Engng. Div., ASCE, 112(7): 727-745.
Lunne, T.; Robertson, P.K. & Powell, J.J.M. (1997). Cone penetration testing in geotechnical practice, Blackie Academic & Professional, 312p.
Randolph, M.F., & Wroth, C.P. 1979. An analytical solution for the consolidation around a driven pile. International Journal for Numerical and Analytical Methods in Geomechanics, 3: 217- 229.
Teh, C.I. & Houlsby, G.T. 1991. An analytical study of the cone penetration test in clay. Géotechnique, 41(1): 1734.
Teh, C.I. & Houlsby, G.T. 1988. An Analysis of the Cone Penetration Test by the Stain Path Method. Numerical
Methods in Geomechanics, Vol, 1, Proc. 6th NUMOG, Innsbruck) Balkema, Rotterdam, 397-402.
Torstensson, B.A. 1977. Time-dependent effects in the field vane test. Int. Symp. Soft Clay, Bangkok, 387-397.
Vick, S.G. 1983. Planning, Design and analysis of Tailings Dams. John Wiley & Sons, Inc., 369p.

322

3rd International Symposium on Cone Penetration Testing, Las Vegas, Nevada, USA - 2014

Using piezocone dissipation test to estimate the undrained shear
strength in cohesive soil
F.M. Mantaras
Geoforma Engenhaira Ltda, Joinville, Brazil

E. Odebrecht
Geoforma Engeharia Ltda- State Univ. of Santa Catarina – UDESC, Joinville, Brazil

F. Schnaid
Federal University of Rio Grande do Sul – UFRGS, Porto Alegre, Brazil

ABSTRACT: A method is developed to link the measured piezocone dissipation excess pore-water
pressure (Δu) to the soil undrained shear strength (Su). In cohesive soils both Δu and Su are dependent
on the same variables (stress state, stress history, soil stiffness), which allows them to be related by
the theoretical cavity expansion-critical state framework. A mathematical derivation is presented to
demonstrate that the ratio of normalized maximum excess pore pressure measured during a dissipation test and the normalized undrained shear strength fluctuates around a mean value, being affected
by soil stiffness and independent on stress history and soil friction angle. The predicted Su values obtained from the proposed approach are calibrated against field vane shear strength in both normally
consolidated (monotonic dissipation tests) and overconsolidated soils (dilatory dissipation tests). Reported results are consistent and encourage the use of the method in engineering practice.

1 INTRODUCTION
Prediction of soil properties from piezocone test (CPTU) data in cohesive soils is routinely carried out in
geotechnical design. This is possible because there is a general recognition that analytical and numerical
analysis techniques and constitutive models of soil behaviour are now sufficiently developed to produce
good agreement between cone parameters and independently measured soil properties (e.g. Lunne et al,
1997; Yu, 2004; Schnaid, 2009). A theoretical frame is essential, because the CPTU cannot measure the
undrained shear strength directly and therefore CPTU assessment of Su rely on a combination of theory
and empirical correlations.
Since penetration tests in clay are generally undrained, and therefore excess pore pressures are generated, the cone tip resistance qc can be related to Su as follows:
𝑞! = 𝑁!" ∙ 𝑆! + 𝜎!

(1)

where Nkt is a theoretical cone factor and σo is the in situ total stress. The cone factor may be determined using simple bearing capacity formulations, cavity expansion or strain path method (e.g. Terzaghi,
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1943; Meyerhof, 1956; Caquot & Kerisel, 1953; Baligh, 1985; Teh & Houlsby, 1991; Yu & Whittle,
1999; Abu-Farsakh et al, 2003). Yu (2004) pointed out that while each theory may be used alone for cone
penetration analysis, better predictions of cone penetration mechanisms may be achieved if some of the
methods are used in combination. A combination of strain path analysis and finite element calculations
was used by Teh & Houlsby (1991) to model cone penetration in a Von Mises soil. Yu & Whittle (1999)
proposed a cone factor estimated from both strain path analysis and cavity expansion methods. In this
approach, the strain path solution developed by Baligh (1986) was used to estimate the size of the plastic
zone produced by penetration. Once the plastic zone is established, spherical cavity expansion was used to
determine the stress distribution and therefore cone resistance. Burns & Mayne (1998) use cavity expansion-critical state framework to model monotonic and dilatory response with regard to time.
Whereas theoretical solutions have been contributing in the understanding of the fundamental mechanics of cone penetration, empirical correlations are still widely used in practice to estimate Su from cone resistance. Values of cone factor (Nkt) often fall in the range from 10 to 20 and are influenced by soil plasticity, overconsolidation ratio, sample disturbance, strain rate and scale effects, as well as the reference test
from which Su has been established (e.g. Aas et al, 1986; Mesri, 1975; 2001; Lunne et al, 1997). However
in overconsolidated clays the values of Nkt often fall outside the predicted range and there are no constitutive modes to support empirical evidences.
A potential alternative to overcome the existing uncertainty related to Nkt is to use the excess pore pressure to estimate Su. Several relationships have been proposed based on theoretical or semi-theoretical approaches using cavity expansion theory (Battaglio et al. 1986; Campanella et al. 1985; Massarsch and
Broms 1981; Randolph and Wroth 1979; Vesic 1972):
𝑆! =

𝑢! − 𝑢!
𝑁∆!

(2)

where N u is shown from cavity expansion to vary in the range of 2 to 20. Lunne et al. (1997) recommend using a value of NΔu of between 7 and 10. It has been advocated that these methods have the advantage of increased accuracy in the measurement of Δu, mainly in soft clays where Δu can be very large
(e.g. Campanella et al, 1985).
Δ

The rationality in using equation (2) is that cone resistance and excess pore pressures generated during
cone penetration into fine grained soils will be dependent on the same parameters - stress state, stress history, soil stiffness - and can therefore be associated in CPTU predictions. Proposed semi-empirical solutions (Massarch & Broms, 1981; Campanella et al., 1985) attempt to capture the reduction in excess pore
pressures with increasing overconsolidation ratio. We recall that by definition N u = Bq Nkt, but no global
correlation has been identified between these quantities given opposite trend between Bq and Su in respect
to the increase in OCR.
Δ

The present analysis advocates a different approach using dissipation tests linking the measured piezocone maximum excess pore-water pressure measured during dissipation test (Δumax) to the undrained shear
strength (Su). The mathematical solution proposed by Burns & Mayne (1998) is used as reference given
the fact that excess pore water pressures are computed through a combination of the octahedral and the
shear-induced components, allowing both normally and overconsolidated clays to be modeled from pore
pressures measured immediately behind the cone shoulder (u2).
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The magnitude of the generated pore water pressure during penetration and subsequent dissipation is
influenced by pore pressure filter location and rate of penetration. The method discussed here is valid
strictly for filter elements positioned at the cone shoulder (u2 measurements) for tests carried out at the
standardized penetration of 20 mm/s.

2

MATHEMATICAL FORMULATION

The mathematical solution proposed by Burns & Mayne (1998) is based on the cavity expansion-critical
state framework for the monotonic and dilatory response with regard to time. The excess pore water pressures, Δu, at any time can be compared with the initial values during penetration, Δui =u2 - u0, represented
as:
Δui = (Δuoc)i + (Δu )i
τ

where: (Δuoc)i =(2/3)Mσ’vo(OCR/2) ln(Ir) is the octahedral component during penetration and (Δu )I =
σ’vo[1-(OCR/2)] is the shear-induced component during penetration, with OCR the overconsolidation ratio, φ’ the effective friction angle, M=(6sinφ’)/(3-sinφ’) and Λ the compressibility ratio (1-CC/CR). This
concept has been used by Burns & Mayne (1998) to derive the following equation for the normalized excess pore pressure:
Λ

τ

Λ

𝑂𝐶𝑅
2
Δ𝑢 3 𝑀 ∙ 𝑙𝑛 𝐼!
2
=
𝜎!!
1 + 50 ∙ 𝑇 ∗

!

𝑂𝐶𝑅 !
2
+
1 + 5000 ∙ 𝑇 ∗
1−

(3)

where; Ir is the rigidity index and T* the modified time factor T*=[ch t /(r2 Ir0.5)] a dimensionless time factor. For monotonic dissipation, Δumax is the same as Δu2, where Δu2 is the difference between the measured pore pressure and equilibrium pore pressure during the cone penetration. For non-monotonic dissipation tests (e.g. overconsolidated clays) Δumax is the difference between the maximum value of pore
pressure measured during dissipation test and the equilibrium pore pressure.
By taking the first derivative of equation (3) in respect to T* and setting the gradient of the objective
function equal to zero, it is possible to determine the maximum value of the normalized excess pore pressure. Figure 1 shows values of Δu/σ’vo versus T* and typical values T*max form Burns & Mayne’s (1998)
for Λ =0.75; φ’ = 25o ; Ir = 100 and 1< OCR < 15.
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Figure 1 – Δu/σ’vo versus T* derived from Burns & Mayne’s (1998).

The maximum value of T* combined to Δumax and related to the normalized undrained shear strength
from DSS undrained test (Wroth, 1984) yields the maximum undrained pore pressure ratio (Δumax/Su) defined as the ratio of the maximum excess pore pressure measured during dissipation test and the undrained
shear strength:

Δ𝑢!"#
𝑆!

2
𝑂𝐶𝑅 !
𝑂𝐶𝑅 !
𝑀 ∙ ln  (𝐼! ) 2
1− 2
3
1 + 50 ∙ 𝑇 ∗ !"# + 1 + 5000 ∙ 𝑇 ∗ !"#
=
1
!
2 𝑠𝑖𝑛 𝜙 ∙ 𝑂𝐶𝑅

(4)

To narrowing the band of predicted data, a log(Ir) term was introduced in equation 4 and, for simplicity
2/3⋅M⋅ln(Ir) was defined as α.

Δ𝑢!"#
𝑆! ∙ log   𝐼!

𝑂𝐶𝑅 !
𝑂𝐶𝑅 !
𝛼 2
1− 2
1 + 50 ∙ 𝑇 ∗ !"# + 1 + 5000 ∙ 𝑇 ∗ !"#
=
1
!
2 𝑠𝑖𝑛 𝜙 ∙ 𝑂𝐶𝑅 ∙ 𝑙𝑜𝑔 𝐼!

(5)

Because the procedure of using the derivate of Burns & Mayne (1998) model to find T*max exhibits a
nonphysical meaning for OCR < 2, in present work it has been assumed that T*max must be set as equal to
zero for OCR = 1 (e.g. monotonic decay of pore pressure readings in a pore-pressure dissipation test).
Within this hypothesis, the calculated (Δumax/Su⋅log(Ir)) values range from 5.39 (for Λ=0,75; φ=24o; Ir =
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50) to 4.98 (for Λ=0,75; φ=30o; Ir = 500). For OCRs greater than 2 the procedure is rigorously consistent
with Burns & Mayne (1998) model.
Based on equation 5 the derived formulation shows some sensitivity to variations on OCR and φ’, and
for typical soil parameters can be reduced to a relatively simple expression (as illustrated on Figure 2).
Advantages of interpreting pore pressures measurements compared to the more conventional piezocone
penetration data are: (a) maximum undrained pore pressure ratio (Δumax/Su) is less affected by soil rigidity
and stress history because measurements result from pore pressure flow around the probe rather than of
complete soil displacement caused by the cone penetration test and (b) well-defined failure mechanisms of
flow around the probe allow for sound theoretical analysis of pore pressure dissipation and shear strength.
From the mathematical viewpoint the above expression is rigorously consistent, expressing the ratio between a value of pore pressure measured during piezocone dissipation and the undrained shear strength in
DSS conditions.

Figure 2 – (Δumax/Su⋅log(Ir)) against OCR.

3 CASE STUDIES
Two case studies are reported to exemplify the possibilities offered by the new approach. The first example illustrated in Figure 2 is from the Barra da Tijuca soft clay deposit in Rio de Janeiro (Teixeira, 2012;
Teixeira et al, 2012). Undrained shear strength values predicted from umax (φ’ = 26o and Ir = 50) are approximately the same as those obtained from qt (Nkt = 11) and are consistent with the geological history of
the site.
It interesting to note that piezocone predictions are useful for non-textbook materials such as bauxite
tailings (Bedin, 2010; Nierwinski, 2013; Klahold, 2013). Monotonic dissipation test results shown in Fig327

ure 4 yielded Su values of the same order of magnitude as those calculated from other methods
((Δumax/Su⋅log(Ir)) ≅ 5, with Ir equal to 100).

	
  
a)Geotechnical profile.

b) Dissipation tests.	
  

	
  

Figure 3 – Barra da Tijuca soft clay deposit in Rio de Janeiro, Brazil.

	
  

a)Geotechnical profile.
Figure 4 – Bauxite tailings in Northern Brazil
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b) Dissipation tests.

	
  

4 CLOSING REMARKS
The paper describes a new method that is easily applicable to estimate the undrained shear strength from
piezocone dissipation tests. Stress history, shear strength and compressibility are the critical factors affecting the accuracy of predictions and are properly taken into account. The core of the method is a mathematical expression derived from the principles of cavity expansion and critical state framework that can be
simplified to the following equation:
𝑆! =

∆𝑢!"#
4.2(±0.2) ∙ log  (𝐼! )

(6)

For low OCR (<2) values the maximum undrained pore pressure ratio ranges from about 4.0⋅log(Ir) to
5.0⋅log(Ir), but with a slight increasese in OCR the ratio approaches a constant value about 4.2⋅log(Ir) (8.4
≅ 4.2⋅log(100)) which is within the range of early recommended values (e.g. Massarch & Broms, 1981).
Reported case studies encourage the use of the method in engineering practice.

5
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ABSTRACT: The application of analytical cavity expansion solutions to the interpretation of CPT results
in layered soils is provided in this paper. An analytical prediction of tip resistance in two-layered soils is
provided, with an accompanying parametric study to highlight the effect of respective soil properties
(strength, stiffness) on CPT measurements within the influence zones adjacent to the soil interfaces. A
method for prediction of penetration response in multi-layered soils is also presented by superposition of
layered effects, followed by a discussion of thin-layer effects. The results of this approach are compared
against experimental data and numerical simulations.
1 INTRODUCTION
The cone penetration test (CPT) has been widely used in geotechnical engineering practice to obtain soil
profiles and measure in-situ soil properties because of the reliability and repeatability of the CPT measurements. Many correlations between CPT data and soil properties have been proposed for interpretation
of measurements and application to geotechnical problems (i.e. foundation design). Although most of the
interpretation still relies very heavily on empirical or semi-empirical correlations with inherent limitations
(e.g. Robertson 1990), some theoretical and analytical solutions have been developed for analysis of cone
resistance, as reviewed by Yu & Mitchell (1998).
Natural soil deposits consist of layers with varying thickness and mechanical properties. An objective
of CPT data interpretation is the delineation of interfaces between soil layers in order to produce an accurate profile of subsurface soil features. The interpretation of CPT data in layered soils is complicated by
the fact that readings are influenced not only by the soil at the location of the cone tip but also by layers
of soil at some distance beneath and above it.
There has been relatively little research done on the effect of soil layering on CPT measurements. A
small number of experiments (e.g. Treadwell 1976, Silva & Bolton 2004, Mo et al. 2013) have been carried out that provide observations of the transition through soil layers. Numerical simulations (van den
Berg et al. 1996, Ahmadi & Robertson 2005, Xu & Lehane 2008, Walker & Yu 2010) have been conducted for the analysis of layered effects and influence zones around soil interfaces. The first analytical
solution for penetration in layered soils was proposed by Vreugdenhil et al. (1994), which is an approximate solution for simple linear-elastic media.
In this paper, analytical cavity expansion solutions in two concentric zones are applied for the interpretation of CPT data in layered soils. The transition of cone tip resistance in layered soils is estimated using
a proposed method for combining the cavity pressures in the two-layer soil system. The analysis of cone
tip resistance transition is provided to investigate the effects of respective soil properties. The penetration
in multi-layered soils is also presented by the superposition of layered effects in a two-layer system.
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2 CAVITY EXPANSION SOLUTIONS IN TWO LAYERED SOILS
2.1 Cavity expansion method and its application to geotechnical engineering
The cavity expansion theory, as reviewed by Yu (2000), is concerned with the stress and displacement
fields around cavities and has been extensively developed and used for the study of a wide range of engineering problems. Many analytical cavity expansion solutions have been proposed using various constitutive soil models (Vesic 1972, Carter et al. 1986, Yu & Houlsby 1991, Salgado et al. 1997). The application to geotechnical engineering is mainly in the areas of in-situ soil testing, deep foundation, tunnels and
underground excavations (e.g. Randolph et al. 1994, Yu & Rowe 1999, Salgado & Prezzi 2007, Marshall
2012, Mo et al. 2014).
Since the analogy between cavity expansion and cone penetration was suggested by Bishop et al.
(1945), many correlations have been proposed to relate the cone resistance (qc) to cavity pressure (Pa)
(Vesic 1972, Ladanyi & Johnston 1974, Yu 1993, Yasufuku & Hyde 1995, Salgado et al. 1997). The correlations used in this paper were proposed by Yasufuku & Hyde (1995) and Ladanyi & Johnston (1974)
for cohesionless and cohesive soils, respectively, as shown in Equation 1.
(

{

)

√

(
(

)

(1)

)

where  is the friction angle and su is the undrained shear strength.
The cavity expansion analysis was used by Bernard & Hanagud (1975) for the study of projectile
penetration in layered media and later applied to the field of geomechanics by Sayed & Hamed (1987) for
purely elastic conditions. Mo et al. (2014) were the first to provide a complete large-strain expansion
analysis for non-associated Mohr-Coulomb materials in layered media.
2.2 Solutions in two layered soils
Mo et al. (2014) developed analytical solutions (based on Yu & Houlsby, 1991) to consider a profile of
two concentrically layered soils. The soil was treated as an isotropic dilatant elastic-perfectly plastic material with a Mohr-Coulomb yield criterion and a non-associated flow rule. Large-strain quasi-static expansion of both spherical and cylindrical cavities was considered. Figure 1 shows the model of cavity expansion in two concentrically layered soils. Mo et al. (2014) presented the complete large strain
expansion solutions, with expressions for stresses, strains, and displacements within the elastic and plastic
regions. The analytical results were validated against numerical solutions and a simple approach for applying the method to the interpretation of CPT data in two-layered soils was provided.
Elastic-B
Plastic-B

Soil B

Elastic-A

Soil A

Plastic-A

0
0

a

0

A
B

(a)

(b)

Figure 1. Illustration of cavity expansion in two concentrically layered soils: (a) prior to expansion, (b) at specific stage of expansion.
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3 INTERPRETATION OF CPT DATA IN LAYERED SOILS
3.1 Analysis for two-layered soils
The cone penetration process at a given depth is modeled as a spherical cavity which is expanded slowly
from an initial diameter close in size to the average grain size of the soil to a final size corresponding to
the diameter of the penetrometer (B). The cone tip resistance is then related to the corresponding cavity
pressure that is calculated. For penetration in two layered soils, the analogy between the cone penetration
test and cavity expansion is shown in Figure 2a. The distance from the penetrometer to soil interface (H)
corresponds to the radius of the Soil A/B interface in the analytical solution. The cavity pressures at all
locations within both soil layers can be calculated, as shown by the dashed lines in Figure 2b. Figure 2b
also illustrates the simple approach to obtain the interpolated cavity pressure curve (Pa,int) based on the resistance ratio at a distance of probe diameter B above and beneath the interface. The situation of penetration from a weaker soil into a stronger soil is considered in this paper.
Cone penetration

Pa

Cavity expansion
Pa,s

θ1

Pa,interface

B
a = B/2

interpolated
transition line: Pa,int

b0 = H
H

calculated from cavity
expansion analysis
θ2

Upper soil

Soil A
H

Lower soil

Pa,w
weak soil

Soil B

(a)

H
B

B

strong soil

(b)

Figure 2. (a) Schematic of cone penetration and cavity expansion in two layered soils and (b) the combination approach.

The cavity pressure ratio (η’0) (Figure 3a), defined in Equation 2, gives the trend of interpolated cavity
pressure (Pa,int) from the analytical solution in a two-layered system. This curve is also used to smooth the
transition of soil properties applied to estimate cone tip resistance based on the employed correlations
(Equation 1). The cone tip resistance ratio (η’) (Figure 3b), defined in Equation 3, represents the transition of tip resistance (qc) from the weak to the strong soil (varies from 0 to 1). The influence zones in the
weak and strong soils, referred as Zw and Zs, respectively, are defined as areas where 0.05 < η’ < 0.95 (Xu
& Lehane 2008). Some unpublished work by the authors showed that this method for determining resistance ratio compares well against results from numerical simulations presented in Ahmadi & Robertson (2005) and Xu & Lehane (2008).
(
(

) (
) (

)
)

(2)
(3)

3.2 Analysis for multi-layered soils
For cone penetration in multi-layered soils in which a soil layer is very thin, the cone tip resistance within
the ‘sandwich’ layer will be affected by both the preceding and subsequent soil layers. As a result, interpretation of CPT data in thin layers may over-predict or under-predict soil properties. To investigate thin
layer effects on CPT measurements using the developed analytical method, a superposition technique is
adopted in which the transition behavior from the two-layered system is used to estimate the resistance ratio in multi-layered soils, as shown in Figure 4. The superposition approach is a simple multiplication of
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resistance ratios (η’) from the two-layered systems. The situation of a strong soil sandwiched by weak
soils is considered here. The strong soil layer has a thickness of h, and the maximum cone tip resistance
(qc,max) is reached when the cone tip is near the centerline of the thin layer. Figure 4b illustrates the curve
of resistance ratio, with the maximum value of resistance ratio (η’max) determined based on qc,max. The
value of η’max ranges from 0 to 1 and indicates the magnitude of the soil layering effect; a low value of
η’max indicates a stronger layering effect.
η' = (qc - qc,w ) / (qc,s - qc,w )

η'0 = (Pa - Pa,w ) / (Pa,s - Pa,w )

1

1
0.95

Zw
H
0

weak soil

Zs

strong soil

0

weak soil

(a)

Figure 3. Definitions of (a) cavity pressure ratio and (b) cone tip resistance ratio.
Cone penetration
B

H

0.05
strong soil

(b)

η' = (qc - qc,w ) / (qc,s - qc,w )

qc,w
1

weak soil

qc

H=0

η'max

h2
h

qc,max

strong soil

qc,s

h1
H=h
weak soil

H

h
qc,w

weak soil

(a)

0

H

strong soil

weak soil

(b)

Figure 4. (a) Schematic of cone penetration in multi-layered soils with strong soil sandwiched by weak soils; (b) calculation of
η’max.

4 RESULTS
4.1 Results of CPT in two-layered soils
The properties of soils adopted in this paper were determined using the method suggested by Ahmadi &
Robertson (2005) using the Mohr-Coulomb soil model for both sand and clay. The elastic-plastic parameters of sand with different relative densities (DR) are provide in Table 1, along with estimated values of
cone resistance in a uniform soil (confining stress P0 = 46.7 kPa) for a penetrometer with a diameter of
35.7 mm. For clay, the Mohr-Coulomb model is reduced to a Tresca model by using friction/dilation angles equal to 0, a Poisson’s ratio of 0.5, and a yield surface defined by the undrained shear strength (su).
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Table 1. Soil model parameters and estimated cone resistance in uniform soil layer.
Soil parameters
Cone tip resistance
qc (MPa)
G (MPa)
ν
C (kPa)
(⁰)
(⁰)
10
6.794
0.25
0
34.2
0.0
2.026
30
9.911
0.25
0
36.5
1.4
3.147
50
12.799
0.25
0
38.7
3.1
4.648
70
15.390
0.25
0
40.9
4.8
6.638
90
18.845
0.25
0
43.6
6.8
10.304
Note: G - shear modulus; ν - Poisson’s ratio; C - cohesion;  - friction angle;  - dilation angle.
DR (%)

Figure 5 shows analytical results of the CPT in two-layered sands with varying values of relative density for a weaker soil (DR = 10% to 70%) overlying a stronger soil (DR = 90%). The curves of cone tip resistance (Figure 5a) represent the transitions from the weak soil to the strong soil. Figure 5b shows the
curves of calculated resistance ratio and illustrates the effect of the weak soil relative density on the size
of the influence zones. Figure 5b shows that Zw varies from 2B to 4B and increases with an increase in
relative density of the weak soil; Zs varies from 5B to 8B and increases when the relative density of the
weak soil is decreased. The effect varying the relative density of the strong soil was also considered (but
not shown here) and it was found that with increasing the DR of the strong soil, the influence zone in the
strong soil increases and the influence zone in weak soil decreases. The sizes and trends of the influence
zones agree well with experimental observations and numerical simulations from Xu & Lehane (2008). In
general, the influence zone in the weak soil is smaller than that in the strong soil, and both Zw and Zs are
related to the properties of the two soil layers and relative cone tip resistance.
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Figure 5. (a) Cone tip resistance and (b) resistance ratio in two-layered soils.
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4.2 Results of CPT in multi-layered soils
A series of analyses of CPTs in multi-layered soils was carried out in order to study thin layer effects. The
situation of a stronger sand layer sandwiched within weaker clay is studied. The effect of varying the
properties and thickness of the sandwiched sand layer is considered; a constant undrained shear strength
of 20 kPa is assumed for the weaker clay. Figure 6 shows the results of penetration ratio in a three-layer
system. The effect of the thickness of the thin layer (varied from 10B to 40B) is shown in Figure 6a for a
dense sand (DR = 90%) within clay. As the thickness of the sandwiched sand layer increases from 10B to
40B, the maximum value of resistance ratio increases from 0.19 to 1 (note that η’max = 1 means no layer
effect). Figure 6a shows that for the soil considered in this analysis, when the thin layer thickness is
smaller than about 40B, the thin layer effects occur and can be significant.
The properties of the thin layer also influences the thin-layer effects, as shown in Figure 6b, in which
the relative density of the thin sand layer is varied from 30% to 90% and the layer thickness is kept constant (20B). The maximum resistance ratio decreases with an increase in relative density of the thin layer.
For stronger soil with higher relative resistance, the influence zone in the strong soil (Zs) is larger, and the
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thin-layer effects are more obvious. The strength and stiffness of the weak soil can also influence the thinlayer effects (not shown here), but this was found to have a lesser effect than the strong soil.
2-layered soil

1

0.8

0.8

0.6

0.6
Clay:
su=20kPa

0.4

Sand:
DR=90%

η'

η'

1

0.2

0

0

-0.2
-20

-10

20B

30B

40B

0
10
20
30
Distance to interface (H/B)
(a)

-0.2
-20

40

increasing
DR

0.4

0.2
10B

DR=30%
DR=50%
DR=70%
DR=90%

20B
clay
-10

sand

clay

0
10
20
30
Distance to interface (H/B)
(b)

40

Figure 6. Thin-layer effects of strong soil within weak soils: (a) varying thickness of strong soil; (b) varying DR of strong soil.

To evaluate the thin layer effects, a correction factor KH was defined by Robertson & Fear (1995) in
order to modify the measured cone tip resistance for interpretation. The definition, as shown in Equation
4, presents the ratio of measured maximum resistance (qc,max) and the true resistance of the strong soil
(qc,s).
(4)

KH

Figure 7 presents results obtained using the thin-layer correction factor. The value of KH decreases to 1
when the layer thickness is increased (i.e. KH = 1 implies no thin-layer effects). Field data provided by
Gonzalo Castro and Peter Robertson for a stronger soil layer sandwiched between weaker zones in the
NCEER workshop are shown as the shaded area in Figure 7. Comparing with the field data, the analytical
results show similar trends of KH, and illustrate the effect of the relative soil properties. The results from
this analysis indicate that for a given thin layer thickness, a stronger thin layer soil has a larger correction
factor KH. Unfortunately, details of the soil from the field data are not available so it isn’t possible to
make a direct quantitative comparison. The analytical results also agree reasonably well with results of
numerical simulations from Ahmadi & Robertson (2005) (also shown in Figure 7), for the same assumed
ground conditions.
2
1.9
1.8
1.7
1.6
1.5
1.4
1.3
1.2
1.1
1

Field data based on Castro &
Robertson for the NCEER workshop
Data from Ahmadi
& Robertson (2005)

DR=30%
DR=50%
DR=90%
DR=30%
DR=50%
DR=70%
DR=90%

0

5

10 15 20 25 30
Layer thickness (h/B)

35

40

Figure 7. Thin-layer correction factor, KH .

It should be noted that the values of influence zones and thin-layer correction factors in this paper were
calculated for specific situations and should not be taken as generally applicable. The influence zones depend not only on the soil properties and profiles, but also on the stress state and probe diameter, which are
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included in the analytical calculations. The magnitude of in situ confining stress has an impact on the size
of the influence zones. A higher stress condition is found to result in smaller values of Zs and Zw, though
the impact was found to be relatively small. In figures 5 and 6, the distance to the interface (H) has been
normalized by the probe diameter. The size of influence zones are proportional to the probe diameter, and
thus a smaller penetrometer has a less significant layer effect and is more effective at detecting thin layers, as mentioned in Ahmadi & Robertson (2005) and Xu and Lehane (2008). Similarly, the thin-layer effects are also influenced by stress condition and probe diameter. The analytical solutions presented here
used the mean stress as the in-situ hydrostatic stress. The effect of the coefficient of at-rest earth pressure
(K0) was not considered. The effects related to the cone surface friction and shaft friction on the influence
zones were also not included in this study.
5 CONCLUSIONS
Analytical cavity expansion solutions in two concentrically layered soils were applied to the interpretation of CPT results, with specific focus on layered effects during penetration. The analogy between the
CPT and cavity expansion in two layered soils was described, and the combination approach for predicting tip resistance in two-layered soils was applied. The analyses of CPT in two layered soils highlighted
the effect of respective soil properties (strength, stiffness) on CPT measurements within the influence
zones around the two-soil interface. The resistance ratios and influence zones in the weak and strong soils
were found to be affected by the soil properties of both layers. A simple superposition method of the twolayered analytical results was applied for the analysis of penetration in multi-layered soils. The thin-layer
effects were investigated by analyzing a strong thin layer of soil sandwiched within a weak soil. The correction factor calculated from analytical results showed a good comparison with field data and numerical
results.
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Experimental study of sand deformations during a CPT
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ABSTRACT: Cone penetration test (CPT) was simulated in a plane strain test-box and registered by
means of particle image velocimetry (PIV) technique. There were measured displacements of sand particles along the cone surface during cone penetration that showed localized shear bands with distinct trends
and the deformed zone dimensions.
1 INTRODUCTION
The CPT causes soil deformations that grow from minimal to maximal values, depending on soil strength.
Earlier studies showed complicated soil behavior near the cone surface (Allersma, 1987; Chong, 1988; Yu
& Mitchell, 1998; Kobayashi & Fukagawa, 2003;Van Nes, 2004; Mo et al. 2012; Salgado 2013).
Allersma (1987) applied optical polarization techniques with photo-elastic elements and discovered a
zone of small deformations right below the cone. Chong (1988) showed that several zones rather than one,
having different densities, are formed in the course of cone penetration. Later Broere (2001) discovered a
shear zone along the cone surface, having used colored horizontal strips in sand. Chong (1988) showed
that localized shear strips of different shapes are formed in loose and in dense sand. The zone below the
cone, formed by compaction, was caused by low density soil contraction and by compacted soil dilatancy.
Kobayashi & Fukagawa (2003) conducted tests in a calibration chamber to investigate the impact of cone
tip angle value on the shape of sand deformations during penetration. They concluded that sand deformation behavior is rather insensitive to the value of cone tip angle within the range from 30o to flat (180o).
In one of his latest studies Salgado (2013) investigated distribution of deformations of dense and loose
layers, caused by cone penetration and showed that the width of the deformed zone around the cone is less
than 10% of its diameter. General conclusions based on the results by different authors, is that cone penetration destroys soil within a zone adjacent to the cone and to the lower part of the side surface.
Most studies were dedicated to static loading of cone models, and the type of deformations were evaluated by means of soil density measurements (Chong, 1988; Kobayashi & Fukagawa, 2003; Van Nes,
2004; Mo et al. 2012), and to a lesser degree the deformation fields or stresses were measured (Allersma,
1987; Salgado, 2013).
The purpose of this study was to evaluate the type of sand deformations, caused by continuous cone
penetration in sand at a fixed rate.
2 TEST TECHNIQUES
Sand deformations, caused by cone model penetration, were measured by means of particle image velocimetry (PIV) technique (White, 2002). The obtained data were processed by the PIVview software code.
339

The tests were conducted in plain strain configuration, using an automated test set-up (Fig. 1) that included a 720 × 480 × 155 mm test-box and a data-measurement system. The walls of the test-box were
made of transparent tampered glass, joined together in one triplex package. In order to resist the soil outthrust the walls were reinforced with metal ribs.

Figure 1. Set-up for plain strain tests

The tested soil was air-dry fine sand. Its physical-mechanical properties are given in Table 1. The soil
strength and deformation parameters were determined in plain strain direct shear and 3D compression
with standard compression stress path. The sand was poured into the test box from 10 cm height. The density of the sand mass was ρ = 1520 kg/m3, and its void ratio was e = 0.750. The max void ratio of the sand
mass was e = 0.850, and min void ratio was e = 0.563. Max and min void ratio were obtained by the flow
rate and the drop height variation.
Table 1. Sand physico-mechanical parameters
Density
kg/m3
1520

Drained friction angle
degrees
35.0

Elastic modulus
MPa
9.7

Maximum shear strain at failure
%
4.0

The strain for ‘elastic modulus’ in Table 1 was 0.6 %. The probe model was a flat plate (278 × 155
mm) 28 mm thick with 60o cone angle. The model was made of steel with a roughness ratio 0.44. The
model was vertically loaded kinematically at fixed displacement rate with the help of a servo-drive. There
was an investigation into loading rate effects that are not covered here. All tests were conducted at 0.42
mm/s probe rate. This rate was a full drive speed. Vertical load was measured by a force sensor, having 010 kN range with 0.5 % error. Vertical displacement rate and model position were initiated by stepwise
motor at a fixed rate, the number of steps was counted.
The measurement system included a load cell with a data acquisition system, a stepped motor control
unit for measuring the number of steps and velocity with RS-232 interface. Loading and penetration processes were automatically controlled by a computer.
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PIV was done with a photo-camera (16 Mpix), installed 2.3 m away from the test box and complanar to
its transparent wall. The photos were shot automatically each 3 s (i.e. each 1.25 mm of cone penetration)
with 1/500 s exposure. Conversion of image pixels coordinates into real physical coordinates with the allowance for image sphericity was achieved with the help of markers, attached on the internal side of the
glass. Displacements of soil particles were measured with 0.01 mm accuracy.
3 TEST RESULTS
Test results are shown on Figures 2 to 5. Figure 2 shows the cone model vertical displacements versus total push load. The model loading up to 800 N was followed by intensive sand deformations and penetration resistance growth. Loading up to 800 N caused 129 mm model displacement. Further moderate load
increase from 800 to just 900 N resulted in a large displacement increment of 131 mm. Continuous penetration was registered by a sequence of photo snapshots. Figures 3 to 5 show PIV displacements and strain
fields at the end of penetration, corresponding to point А on Figure 2.

Figure 2. Vertical load versus displacement diagram for model cone in loose sand

Figure 3 shows that the measured deformation zone below the cone was 125 mm (i.e. 2.5 probe diameters), while the measured deformation zone width was maximum 240 mm (i.e. 8.6 probe diameters).
Measurement precision was 0.05 mm.
Along with sand movements away from the cone surface there was observed soil movement up toward
the surface. Two zones were formed: one of compression (down - D) and the other one of upthrust (upward - E): the first zone moving down while the other one moving up. The boundary between the two
zones passed through the cone base of the probe model and can be represented with a direct line (1-2), inclined to the horizon at 35-36o angle. Notably, this angle practically coincides with the angle of soil internal friction equal to 350.
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Figure 3. Isolines of horizontal (to the left from the symmetry axis) and vertical (to the right from the symmetry axis)
displacements of sand particles.

Figure 4 shows isolines of shear and volume deformations, plotted as per sand particles displacements.
Three deformation intensity zones can be delineated in the sand volume, which are separated with straight
lines AB and CD (Fig. 4).
1. Zone of stabilized deformations. In this zone, located above line АВ, stabilized deformations are observed after sand destruction, caused by the probe penetration. This zone can be represented as a cylinder
with its base diameter equal to 8.6 diameters of the probe model. Sand within this zone is in limit and super-limit state similar to that below line АВ.
2. Zone of active deformations. In this zone i.e. below line АВ and above line CD, the sand has different strength conditions. As was noted before, 3D compression test yielded ultimate shear deformation of 4
%. Shear deformations values in this zone varied from zero at the zone boundary to 100 % near the cone
surface. Also shear strips could be delineated in this zone, in which shear deformation was equal to the
limit value. Shear occurred along a series of strips, emerging from the cone tip. As is seen on Figure 4, the
family of shear strips looks like “tree roots”.
The test shows there are zones of sub-limit (less than 4 % of shear deformation), limit (4 %) and extralimit (more than 4 %) condition as to the strength. These phenomena suggests that sand failure is progressive. Initially sand fails at the contact and in the vicinity of the cone side surface, then shear deformations
increase by 25 times (100 %), and sand starts simultaneously shearing within narrow strips, emerging
from the base and tip of the cone.
3. Small deformation zone. Figure 4 shows the active deformation zone that can be limited by CD lines,
which emerge just below the cone tip and pass practically parallel to its sides downward. Shear and volume deformations in this zone are small (within the measurement limits) or zero.
Shear deformations are localized in a strip along the model side, whose width does not exceed 1/5 of
the probe diameter. A shear strip does not have uniform thickness: closer to the cone base they are wider
with shear deformations intensity being greater or equal to the limit one. Maximum values of shear deformations of 4% were observed within 40 mm segment along the probe length (about 1.4 probe diameter)
above the cone base. Then they reduced to 0.5 - 2 % to remain practically constant along the probe length.
342

Figure 4. Isolines of compression (to the left of the symmetry axis) and shear deformations (to the right of the symmetry axis:
(+) - compression, (-) – expansion, 1 – stabilized deformations zone, 2 – active deformations zone, 3 – deformations absence
zone (within the accuracy of measurements)

In spite of low initial sand density (e = 0.75) volume deformations mostly occurred in expansion zones,
repeating shear strip shapes. Compression zones were small as compared to expansion ones due to small
value of the probe displacement. The volume of sand in the expansion zones was not proportional to the
volume in the shear zones. This could be explained by compaction of sand under the cone that resulted in
failure of sand not in the whole volume but rather within the strips that intersect the compression zone.
Sand particles were squeezed out of expansion zones that led to extra compression of adjacent zones.
The shown deformation images are practically instantaneous snapshots. As different from it, expansion
and compression at each fixed point of the sand volume alternated. Maximum deformations reached 20 %
and concentrated along the cone oblique surface. Maximum 2 % compression deformations were observed
close to the cone tip and a bit below. Along the probe surface at 30 mm distance (one probe diameter)
there were observed expansion deformations up to 2 %, reducing at two diameters distance to about 0.5 %.
The test results suggested the following picture of deformations evolution in the sand mass, caused by
the probe model penetration, as is shown on Figure 5.
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Figure 5. Schematic view of sand deformations around the probe; 1 – stabilized deformations zone; 2a – plastic shear
deformations zone; 2b – elastic shear deformations zone; 2c – compaction zone; 3 – small deformations zone.

Figure 5 shows strips, having different shear deformations rates. Their shape was obtained by connecting points in direction of shear deformations reduction from 100 % to 0.5 %. The deformations are less
than the limit ones at a certain distance from the cone (about 4 diameters). These strips divided the zone of
active deformations into two zones (2а, 2b). Vectors on Figure 5 show sand movement directions in each
zone while their values correspond to the scale, given at the bottom of the picture on the right. Shear strips
form up two families, emerging from the cone tip (point A) and from its base (point B). The wedge-like
zone ABC has greatest displacements, and the vector of its displacement is practically normal to the inclined side of cone AB. This zone features maximum shear deformations: 8 % on sides AC and BC and
100 % along cone surface (AB). The plastic deformations zone is comparable with the probe diameter.
In zone 2b shear deformations did not exceed 0.5 % i.e. times 10 less than the ultimate one, therefore, it
prompts elastic deformation of the soil.
4 CONCLUSIONS
Based on the limited testing, the following observations can be made:
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1. The study and its results demonstrate high effectiveness of the PIV method for assessing sand behavior, caused by probe penetration.
2. The sand mass around the probe can be divided into three zones, having different deformation behavior: a zone of small or zero deformations, a zone of active deformations and a zone of stabilized deformations. The zone of active deformations features localized narrow strips, in which shear deformations
exceed sand strength.
3. The study gave rise to an analytical model of sand mass deformations, caused by conic probe penetration. The model has two families of shear (slide) strips, emerging from the cone tip and its base, and divide the soil into zones, in which shear deformations are below limit ones, corresponding to sand strength.
4. Shear deformations are localized within a strip maximum 0.2 probe diameter wide. Shear deformations intensity increases to 100 % close to the cone base.
5. The optimal location of the pore pressure gauge, based on the observed deformation in a loose sand,
is behind the friction sleeve, because uniform deformations are observed, as compared with those in the
zone around the probe tip, having maximum shear deformations concentration.
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ABSTRACT: Many of the parameters derived from measured CPT data for soil classification or estimating engineering parameters require an assessment of overburden pressure. This in turn requires an assessment of unit
weight of the soils encountered which generally takes time to obtain in offshore or onshore laboratories. An immediate assessment of unit weight, simultaneously with the performance of CPT, can allow immediate interpretation
of CPT data using computer software. Hence, a number of correlations have been proposed by researchers for this
purpose. This paper presents the result of an evaluation of four published correlations based on basic CPT parameters on calcareous clayey/silty soils from western Indian offshore. Results of attempts to refine the correlations for
application on calcareous soils of western Indian offshore are also presented. It is concluded that the depth of the
soil under consideration is an important factor and also that layered soil profiles affect the strength of the relationships.

1 INTRODUCTION
An estimation of total and effective overburden pressure is required for deriving most of the engineering parameters
using correlations with CPT/CPTU measurements. This in turn requires an assessment of unit weight of the soils
encountered which generally is measured on retrieved samples and takes some time to obtain in offshore or onshore
laboratories. An assessment of unit weight directly from measured CPT parameters can be of great advantage for estimating engineering parameters soon after conduct of CPT/ CPTU test. Attempts in this direction have been reported in the literature and can be categorized in the following two categories:
1. Direct correlations with measured CPT/CPTU parameters
2. Correlations using measurements from additional sensors with CPT
Some of these correlations involve total or effective overburden pressure and require an iterative approach. Measurements from CPT with additional sensors (e.g. Seismic Cone, CPT with nuclear density probe) are generally not
available in routine soil investigation jobs. The most desirable option for on-site assessment of engineering parameters is to make reasonable estimates of soil unit weight from direct correlations with measured CPT parameters using simple worksheets without the need of iterative procedure. To investigate this option for application on western
Indian Offshore calcareous clayey/silty soils, four published correlations were selected which employ direct correlations with measured CPT/CPTU parameters. The following sections present details of selected correlations, data
used, results of direct application of the selected correlations and attempts to refine the correlation and to develop
alternative relationships for application on calcareous clayey/silty soils of western Indian offshore.
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2 SELECTED CORRELATIONS
Mayne (2007) proposed a relationship between sleeve friction (fs) and the total unit weight (t) indirectly derived
from relationships between t and shear wave velocity (Vs), and, Vs and fs. Using a database which contained data
for soft to stiff clays and silts; loose to dense sands and gravels the relationship proposed is:
t = 2.6 log(fs) + 15 Gs - 26.5

(1)

where Gs is the specific gravity of soil solids. The units of t and fs are kN/m3and kPa respectively.
Mayne et al. (2010) using data from 44 sites covering a wide range of soil type (sands, silts, clays, calcareous
soils, tills etc.) proposed the following relationship involving fs, depth (z) and cone resistance (qt):
t = 11.46 + 0.33 log(z) + 3.1 log(fs) + 0.7 log(qt)

(2)

with the number of data points, n = 215, coefficient of determination, R2 = 0.72 and standard error, S.E. = 1.31. The
unit of t is kN/m3, fs and qt are in kPa and z is in m.
Robertson & Cabal (2010) proposed a general relationship for unit weight based on measured CPT parameters
for soils from clays to sand based on DMT and shear wave velocity correlations and published data worldwide:
t/w = [0.27 log(Rf) + 0.36 log(qt/Pa) + 1.236] Gs/2.65

(3)

where w is the unit weight of pore water, Pa is the atmospheric pressure and Rf is the friction ratio (fs/qt) in percent.
The maximum depth of the data is 37.0 m with most of the data from up to 20 m depth. The relationship accounts
for variation in Gs of the soils.
Mayne & Peuchen (2013) proposed the following relationship for soft to firm normally to lightly overconsolidated clays (OCR generally less than 2):
t = w + 0.056 (mq)1.21

(4)

with n = 34, R2 = 0.623 and S.E. = 1.21. The resistance-depth ratio, mq is defined as the ratio of qt and z. The unit of
t and w is kN/m3, qt is in kPa and z is in m. The relationship is applicable for soils falling in SBT zones 3 (clays to
silty clays) and 4 (silt mixtures – silty clays to clayey silts) of Robertson (1990). The database contained data from
19 offshore and 15 onshore sites with depth in the range 1.5 m to 173 m and overall mean depth 24.2 m (± 29.8 m).

3 THE DATA
The data used for this study was taken from recent ONGC files containing regular soil investigation data for 13
fixed offshore platform locations from Western Indian Offshore. The offshore fields are located in WGS 84 - UTM
Zones 42 and 43 off the coast of Mumbai region. Most of the ONGC oil fields from western Indian offshore are represented. The bulk of the data are from measurements made on-board the geotechnical vessel. Additional data
measured during testing on “undisturbed” samples forwarded to onshore laboratory are also included. The clays in
western Indian offshore generally contain significant amount of carbonate and on an average the specific gravity of
soil solids is 2.8.
General practice in Indian offshore is to perform a near continuous CPTU (standard 10 cm2 A.P. van den Berg
cone) generally up to a depth between 30 to 50 m and perform alternate sampling and CPTU in a borehole 5.0 m
away up to a depth of 120.0 to 130.0 m. Hence, for different investigated platform locations, up to about 30.0 to
50.0 m, CPTU data and soil unit weight measurements at corresponding depths are available. Data analysis assumes
that uniform conditions exist at this distance. These data are referred to hereafter as shallow data. Although meas348

ured OCR data from oedometer tests are not available, using an average relationship proposed by Mayne (2007) for
OCR (equal to 0.33 times the normalized cone resistance, Qt), it is observed that most of the data indicate OCR between 2 and 3. Figure 1 shows Soil Behaviour Type (SBT) Index, Ic (Robertson & Wride, 1998) values plotted with
depth for this data and shows that the soils are either clays or silt mixtures. The terms Qt and Ic are defined as follows:
;

3.47

log

1.22

and

where v0 and ’v0 are total and effective overburden pressures respectively and Fr is normalized sleeve friction.
In deeper depths where CPTU and sampling have been performed intermittently, the data, hereinafter called the
deep data, are selected from highly plastic calcareous silty clay layers in which CPTU and sampling both are performed. This has necessitated interpolation of CPTU data, and, the amount of data is much less compared to the
shallow data. Measured unit weight data used are from depths between two CPTU strokes and care has been taken
to see that the CPTU data does indicate continuation of the same layer. OCRs derived using the Mayne (2007) relationship indicate that the soils are generally normally to lightly overconsolodated (1 < OCR < 2).
The distribution of depth in combined shallow and deep data (hereinafter called combined data) is shown in Figure 2. Most of the data are from depth up to 40 m below seabed and pertain to shallow data. Carbonate contents
generally are above 10% and reach up to about 90% in some layers. In all cases, the cone resistance has been corrected for unequal end area and also brought to a common seabed reference. The pore pressure u2 is also referenced
to the seabed. No correction has been applied to sleeve friction values.

Figure 2. Histogram of depth for combined data

Figure 1. SBT Index vs. depth for shallow data

4 DATA ANALYSIS
4.1 Direct application of the selected relationships
Figures 3 and 4 present measured t against the values predicted by relations proposed by Mayne (2007) and Mayne
& Peuchen (2013) respectively, for shallow data. The range of ± 10% is also indicated on the figures. The figures
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show that the predictions are not very good. Figure 5 presents the measured unit weights against the unit weights
predicted using Robertson & Cabal (2010) relationship for shallow data. It can be seen that the predictions generally
are within 10 % of the measured values. Mayne et al. (2010) relation, not shown here, also predicts similar results.
For deep data (Figure 6), it is observed that Mayne & Peuchen (2013) relationship predicts within 10% of the
measured values while all the other relationships predict generally much higher than the measured values. It is observed that the scatter is quite high even in case of Mayne & Peuchen (2013) relationship.
4.2 Regression analysis using parameters from selected relationships on shallow data
In an attempt to further refine the correlations, single and multi-variable regression analyses were performed on the
data first using the same parameters as those used in the selected relationships from literature. The results of such
analyses are presented in Table 1 along with other attempts. Strength of the relationship between t and fs is only
moderate (Equation A) but the result is reasonably close to that reported by Mayne (2007). Relationships involving
qt in combination with fs and / or z show reasonably good strength (Equations B to D). From the coefficients, it is
seen that contribution from fs is the minimum.

Figure 4. Shallow data - Mayne & Peuchen (2013) predictions

Figure 3. Shallow data - Mayne (2007) predictions
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Figure 5. Shallow data - Robertson & Cabal (2010) predictions. Figure 6. Deep data - predictions from selected relations
Equally strong relationship (Equation F) is shown by the regression involving parameters used in Robertson & Cabal (2010) relationship. The intercept and the coefficient of term qt/Pa are comparable but the coefficient of term Rf
is much smaller and has a negative sign. Figure 7 presents the predictions from equations D & F against the measured shallow data. Both the relationships predict similarly.
Interestingly, relationship involving qt alone too shows equally good strength (Equation E). Another interesting
observation is that the terms involving sleeve friction and z always are negative unlike the selected correlations. The
reason for this is not very clear. Lunne (2012) showed that sleeve friction readings in soft soils are associated with
significantly larger uncertainty compared to measured cone resistance and pore pressure, and, vary significantly depending on the cone type used. A possible reason for negative terms involving fs can hence be the difference in
measured fs due to the use of different cone types in obtaining data for the selected papers and the present study.
Relationship involving resistance-depth ratio, m (= qt/z) as proposed by Mayne & Peuchen (2013) was found to
be poor (Equation G). Varying the exponent of “m” or involving additional terms e.g. fs/z or u2/z showed only
slight improvement in the strength of the relationship.
A number of analyses were performed to see if the relationships can be improved by bringing in other parameters such as measured pore pressure u2 through the terms u2/u0, u2/z and u2/qt. Involvement of these terms did
not improve the results of regression analysis. However, relationship involving “effective” cone resistance, qE (qtu2) did show almost equal strength (Equation H).
To apply the relationships in practice will require identification of soils as silty clays/ clayey silts without the use
of classification systems which require estimate of overburden pressure. This can either be done by simply observing the measured parameters and their variation with depth or by using classification system proposed by Eslami &
Fellenius (1997) or updated non-normalized SBT chart proposed by Robertson (2010). To check if these classification systems identify the soils in a similar way as Robertson & Wride (1998) system, shallow data were plotted on
Eslami & Fellenius chart (Figure 8) and Robertson (2010) non-normalized SBT chart. It can be seen from Figure 8
that most of the data are identified as clay, silty clay or clayey silt. Only a few data points fall in the range of siltsand mixtures. Although not shown here, the data plot similarly on Robertson (2010) non-normalized chart also.
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Table 1. Results of regression analyses on shallow data
Equation

Results of regression analyses

n

R2

S.E.



t = 14.23 + 2.574 log(fs)

410

0.51

1.47



t = 2.213 - 0.665 log(fs) + 5.237 log(qt)

410

0.76

1.04

C

t = 3.703 - 1.489 log(z) + 5.104 log(qt)

449

0.78

1.02

D

t = 0.847 - 0.914 log(fs) + 6.556 log(qt) - 1.882 log(z)

410

0.77

1

E

t = 4.603 + 4.199 log(qt)

449

0.76

1.05

F

t/w = 1.269 - 0.0665 log(Rf) + 0.457 log(qt/Pa)

410

0.76

0.104

G

t= 15.754 + 0.006 (qt/z)1.21

447

0.25

1.87

H

t = 7.679 + 3.557 log(qE)

448

0.75

1.09

Note: qt, qE and fs are in kPa, z in m and t in kN/m3

Mayne & Peuchen (2013) observe that clays can be considered normally or lightly overconsolidated if the normalized cone resistance (Qt) is less than 6. Although Qt requires estimate of overburden stress, regression analyses
were attempted by dividing the data such that for one dataset Qt values were less than or equal to 6 and for the other
they were greater than 6. The results did not improve, rather they deteriorated. The data were also divided based on
the undrained shear strength value i.e. less than 50 kPa and greater than 50 kPa, corresponding to very soft to firm
and stiff to hard consistency respectively. Again, the regression results deteriorated.

Figure 7. Shallow data - prediction from regression results
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Figure 8. Shallow data - Eslami & Fellenius classification

4.3 Regression analyses on deep data
Despite limitation of quantity of deep data, regression analyses were performed following the best results obtained
from shallow data. The results are shown in Table 2. Regression involving fs, qt and z (Equation I) gives the best result but the relationship is not as strong as that for shallow data. Figure 9 presents the predicted values against the
measured values. It is interesting to note that the regression using parameters proposed by Robertson & Cabal
(2010) does not show a strong relationship (Equation J) and replacing the term qt/Pa by qt/z improves the relationship to a significant extent (Equation K). This appears to confirm that the depth, z is an important parameter in relations involving the unit weight. Relationship involving resistance-depth ratio (Equation L) only shows moderate
strength and varying exponent or involving other terms does not improve the strength.
Table 2. Results of regression analyses on deep data
Equation

Results of regression analyses

n

R2

SE

I

t = - 7.588 - 3.685 log(fs) + 12.17 log(qt) - 6.375 log(z)

24

0.69

0.32

J

t/w = 1.47 - 0.317 log(Rf) + 0.238 log(qt/Pa)

24

0.41

0.04

K

t = 5.608 - 2.812 log(Rf) + 7.398 log(qt/z)

26

0.56

0.38

L

t = 15.757 + 0.0167 m1.21

23

0.42

0.4

Note: qt, qE and fs are in kPa, z in m and t in kN/m3

Figure 9. Deep data - prediction from regression results
4.4 Regression analyses on combined data
Regression analyses were also performed on the combined shallow and deep data and the best results are presented
in Table 3. Relationships similar to those proposed by Mayne et al. (2010) and Robertson & Cabal (2010) are reasonably good (Equations M and N) however scatter has increased (Figure 10) compared to shallow data. Replacing
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qt/Pa by qt/z showed an inferior relationship (Equation O). Regression using resistance-depth ratio showed a poor relationship and is not reported here. It needs mention that the amount of deep data compared to shallow data is meagre and these relations will have to be re-evaluated as more data from deeper depths become available.
However, Equation M was tested on data from a recently investigated location not included in the data base
which showed predictions to be generally within 5% of the measured values. The results are presented on Figure 11.
Due to dearth of new data the relationship could not be tested on more locations.
Table 3. Results of regression analyses on combined data
Equation

Results of regression analyses

n

R2

SE

M

t = 0.944 - 1.036 log(fs) + 6.979 log(qt) - 2.958 log(z)

437

0.74

1.04

N

t/w = 1.302 - 0.063 log(Rf) + 0.408 log(qt/Pa)

435

0.7

0.112

O

t = 5.594 - 0.67 log(Rf) + 6.582 log(qt/z)

437

0.54

1.38

Note: qt, qE and fs are in kPa, z in m and t in kN/m3

The soil profiles at the considered locations have continuous soft to firm clay profile generally for about 10 to 25
m depth below seabed. In three locations small top sand layer exists. The number of distinct layers of sand, very
soft to firm clay and stiff clay are on average 4 in the top 30 m of the profiles and 8 to 13 in the top 50 to 60 m. To
check if layered profile has any influence on the regression results, regression analyses were performed on shallow
data for top 10, 20 and 30 m depth (Table 4). Results are very good for the first case and deteriorate as the depth increases but the results still are better than the full shallow database. Corresponding regression analyses for data from
depth greater than 10, 20 and 30 m indicated that the results deteriorate in the same order and are not good.
From these results it appears that very good correlations are possible for uniform soil profiles while layered profiles weaken the results. This appears logical considering the effect depositional history may have on the structure
of the soils. However, considering the earlier reported results, this influence appears to get masked when data for all
the depths are considered together.
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Figure 10. Combined data, prediction from regression results. Figure 11. Regression result on new location

Table 4. Results of regression analyses on shallow data by limiting the depth
Data for Depth ≤ 10 m:
Equation

Results of regression analyses

n

R2

SE

P

t = - 4.821 - 0.0294 log(fs) + 5.212 log(qt) - 3.356 log(z)

79

0.91

0.46

Q

t/w = 1.298 + 0.0219 log(Rf) + 0.432 log(qt/Pa)

79

0.8

0.068

Data for Depth ≤ 20 m:
R

t = - 1.497 - 0.471 log(fs) + 6.615 log(qt) - 3.1 log(z)

241

0.84

0.78

S

t/w = 1.243 - 0.0233 log(Rf) + 0.486 log(qt/Pa)

240

0.79

0.089

Data for Depth ≤ 30 m:
T

t = 0.914 - 0.782 log(fs) + 6.51 log(qt) - 1.931 log(z)

348

0.79

0.96

U

t/w = 1.254 - 0.0585 log(Rf) + 0.477 log(qt/Pa)

347

0.78

0.098

Note: qt, qE and fs are in kPa, z in m and t in kN/m3

Regression analysis using resistance-depth ratio (Mayne & Peuchen, 2013) surprisingly did not give good results
and are not reported here.
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5 CONCLUSIONS
The data from calcareous fine grained soils from western Indian offshore have been used to evaluate the applicability of four published relationships between CPT measured parameters and soil unit weight. It is observed that two
of the relationships i.e. by Mayne et al. (2010) and Robertson & Cabal (2010) predict within 10% of the measured
total unit weights for the shallower data (z < 30 m) while for deeper data (z > 30 m), the relationship proposed by
Mayne (2013) generally predicts within 10% of the measured data.
The attempts to refine the relations further by using multivariable regression analyses show that the best correlations for application to western Indian offshore calcareous fine grained soils are obtained involving the same parameters as those used by Mayne et al. (2010) and Robertson & Cabal (2010) for relatively shallower depths. It appears that depth of the soil is an important parameter and for deeper depths relationships similar to Mayne et al.
(2010) appear to be more appropriate. However, considering that regression on combined data also provides reasonably good result using relationship similar to that proposed by Mayne et al. (2010), it is proposed to use the derived
relationship (equation M) irrespective of the depth of the data. The relevant soil types can be identified by either observing the measured CPTU parameters or through use of classification systems which do not require estimate of
overburden pressure. As more and more data from deeper depths become available from future investigations in
western Indian offshore, the relationships will have to be further examined and refined.
It is suggested that better correlation can be obtained in uniform soil profiles while layered profiles weaken the
relationships. It is also suggested that cone type used to gather CPT data should be identified and accounted for
when proposing new correlations or applying existing ones involving sleeve friction.
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Identifying critical layers using SCPT and seismic source moveout
Erick Baziw and Gerald Verbeek
Baziw Consulting Engineers Ltd., Vancouver, Canada

ABSTRACT: In Seismic Cone Penetration Testing (SCPT) the investigator typically attempts to minimize the source-sensor radial offset so that the Straight Ray Assumption (SRA) methodology can be utilized to calculate interval velocities. The basic assumption behind the SRA methodology is that the
source raypath follows a trajectory with no or minimal refraction. However, a small sensor-source offset
makes it very difficult to identify thin soil layers with significant impedance contrast. The probability of
identifying and quantifying such layers utilizing SCPT can be dramatically increased by applying large
sensor-source offsets and analysis techniques that incorporate Fermat’s principle. This paper shows that
by implementing larger sensor-source offsets the source wave can refract and travel within relatively high
velocity critical layers for an extended time, which dramatically increases the characterization of the layer or depth under analysis. In addition, this set-up allows for greater SCPT vertical resolution because
small depth increments are feasible.

1 INTRODUCTION
Seismic Cone Penetration Testing (SCPT) is an important geotechnical testing technique which provides
for low strain (<10-5) in-situ compression (VP) and shear (VS) wave velocity estimates. The VS and VP
interval velocities form the core of mathematical theorems to describe the elasticity/plasticity of soils
and they can be used to predict soil response (settlement, liquefaction or failure) to imposed loads
(whether from foundations, heavy equipment, earthquakes or explosions) (Finn, 1984; Andrus et al.
1999; Ishihara, 1982). Accuracy in the estimation of shear and compression waves velocities is of paramount importance, because these values are squared during the calculation of various geotechnical parameters such as the Shear Modulus (G), Poisson’s Ratio (  ) and Young’s modulus (E). For example,
from elasticity theory we know that the formula for the maximum shear modulus is G0 = ρVS2, where ρ
is the soil density and VS is the shear wave velocity.
In SCPT the source wave travels through the stratigraphic profile being refracted at layer boundaries
as illustrated in Figure 1. In this figure the angle θ2 is called the angle of refraction and θ1 the angle of
incidence. Equation (1) defines the relation between 1 ,  2 , v1 and v2. This equation is referred to as
Snell’s Law and is derived from Fermat’s principle, which states that a wave will take that raypath for
which the travel time is stationary with respect to minor variations of the raypath.
Sin θ1 / v1 = Sin θ2 / v2 = p

(1)

In eq. (1) the quantity p is called the raypath parameter. In Figure 1, V1 to Vn+1 represent the consecutive
vertices of the seismic ray as it travels from source to the receiver. In eq. (1), if v2 is less than v1, then
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 2 is less than 1 . However, when v2 is greater than v1,  2 increases to 90  when 1 reaches the critical angle. The critical angle,  , is defined as the angle where  2  90  and the refracted wave (head
wave) is travelling along the interface.

v 
  Sin 1  Sin 1  1 
 v2 

(2)

When a P-wave or SV-wave strikes a boundary both SV-waves and P-waves are reflected and refracted. A SH-wave will only generate refracted and reflected SH-waves at boundaries. The general form of
Snell’s Law for a P-wave impacting an interface is given as (Shearer, 1999; Sheriff and Geldart, 1982)

Sin 1 Sin 1/ Sin  2 Sin  1 Sin  2




p
v P1
v P1
vP2
v SV 1
v SV 2

(3)

where 1 = the P-wave angle of incidence, 1 = the P-wave angle of reflection,  2 = the P-wave angle of refraction,  1 = the S-wave angle of reflection,
 2 = the S-wave angle of refraction, ݒଵ
and ݒௌଵ = the P-wave and S-wave velocities in medium 1, respectively, and
ݒଶ and ݒௌଶ = the P-wave and S-wave
velocities in medium 2, respectively.
In SCPT the ݒௌ and ݒ interval velocities are determined by initially obtaining
relative arrival times of source waves as
they travel through the stratigraphy and
are recorded by one or more offset receivers. The relative arrival times are
typically obtained by cross-correlating
the recorded source waves or identifying
reference features within the seismic
Figure 1. Refraction of a source wave as it travels from
trace such as a peak, trough, cross-over
source to receiver
point, or first break.
Currently the industry standard in obtaining ݒௌ and ݒ interval velocities from the relative arrival
times is to assume a vertical straight ray travel path from source to receiver. Figure 2 shows a schematic
of a typical SCPT configuration. In Figure 2 the interval velocity, vi, between depth increments zi and zi-1
is given as
/

ݒ = (݀ − ݀ିଵ)⁄(ݐ − ݐିଵ)

(4)

where ti and ti-1 = the arrival times of the source wave at depths zi and zi-1, respectively. The calculation
of the ݒௌ and ݒ interval velocities by eq. (4) is typically referred to as the Straight Ray Assumption
(SRA) methodology. The main assumptions behind this methodology are that the source raypath follows
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a nearly straight path with no or minimal refraction, and that the down going rays spend an equal
amount of time or have the same travel path within each previous interval layer. Investigators typically
structure the SCPT configuration so that source radial offset (parameter l in Figure 2) is minimized so
that the acquired seismic data adheres to the SRA assumptions. However, this approach has distinct disadvantages:
 the source wave travels predominantly within the zone that has been disturbed by pushing the receiver(s) into the ground;
 the source wave spends minimal time within each layer resulting in nominal strata layer characterization;
l
 estimating interval velocities for
small interval measurements is very
challenging;
 characterizing thin critical layers with
(relatively) high wave speed velocities is very difficult;
zi-1
In addition to these disadvantages there is the
di-1
issue of Rod Noise (RN), which refers to
zi
seismic responses dominated by high impact
amplitudes and high bandwidth signals traveling (at approximately the speed of steel
di
(5960m/s)) down the rods used to push the
receiver into the ground. This phenomenon
typically occurs if the seismic source is in
Seismic receiver package:
close proximity to the SCPT rods. Figure 3
illustrates the rod noise phenomenon where
Seismic source:
there is high bandwidth energy at the start of
the X, Y and Z axes recordings for a SH Figure 2. Schematic of a typical SCPT configuration.
wave investigation.
In contrast to the commonly held view
that it is desirable to apply minimal sensorsource radial offsets (SSROs), and to overcome the disadvantages listed above it is in
fact preferable to maximize this parameter,
as long as the proper analytical algorithms
for estimating the interval velocities (i.e.
algorithms that allow for the incorporation
of Snell’s Law) are implemented (e.g., Baziw (2002 and 2004) and Baziw & Verbeek
(2012))
By implementing large sensor-source radial offsets the source wave can refract and
travel within high velocity critical layers
for an extended time, which significantly
increases the characterization of these
types of layers. In addition, this set-up allows for greater SCPT vertical resolution
because small depth increments are feasible.
Figure 3. Illustration of high impact amplitudes and high
bandwidth signals due to rod noise during a SCPT
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2 TEST CASES
In the following two test cases the advantages of implementing relatively large SSROs in conjunction
with raypath refraction is demonstrated. In the first test case a simulated P-wave investigation is outlined where the investigator desires to have an indication of the depth of the ground water table. Test
Case 2 outlines a simulated S-wave SCPT carried out in diluvial sands where a relatively high S-wave
interval velocity layer is embedded within lower S-wave interval velocity layers.
2.1 Test Case 1

Table 1. P-wave test SCPT interval depths and

associated arrival times and interval velocities.
Test Case 1 outlines a simulated P-wave SCPT
where the investigator is interested in obtaining an
Interval
Arrival Time
Interval
accurate depth of the ground water table. This PDepth
[m]
[ms]
Velocity
[m/s]
wave SCPT has variable increment depths where
very small increments were incorporated into the
0-1.5
7.12
600
test, and a SSRO of 4 m. The soil profile is de1.5-2.0
7.45
601
scribed as follows:
2.0-2.5
7.86
599
 depth interval 0 m to 3.8 m: unsaturated
2.5-3.0
8.33
601
sand
3.0-3.5
8.86
598
 the water table occurs just beyond 3.8 m
3.5-3.8
9.20
597
 depth interval 3.8 m to 5.0 m: saturated sand
 depth interval 5.0 m to 6.0 m: stiff imperme3.8-4.1
8.85
1517
able clay layer
4.1-4.4
8.85
1469
 depth interval 6.0 m to 7.0 m: low velocity
4.4-4.7
8.87
1532
unsaturated sand layer.
4.7-5.0
8.91
1578
Table 1 outlines the associated arrival times for
5.0-6.0
8.93
2216
each depth increment of this P-wave SCPT, from
6.0-7.0
11
443
which the interval velocities were obtained by applying the Forward Modeling Downhill Simplex
Method (FMDSM) (Baziw (2002 and 2004) and
Baziw & Verbeek (2012)), which incorporates Snell’s Law. These interval velocities shown in Table 1
coincide very well with the typical P-wave velocities given in Table 2.
Figure 4 illustrates the associated source wave raypaths for the arrival times and interval velocities
outlined in Table 1. It is obvious that there is significant refraction and that the source waves travel
within each layer (e.g., the saturated critical layer) for an extended time, which dramatically increases
the stratigraphic profile characterization.
From the arrival times outlined in Table 1 it is clear that it would not be possible to implement the
SRA methodology on the measured arrival times. In this case the relative arrival times at certain depth
increments are negligible or negative making the application of eq. (4) not possible. If a SSRO = 1m had
been implemented in this test case there would have been a theoretical relative arrival between 3.8m and
4.1m of 0.191ms. This assumes that there is a vertical straight ray travel path with slant distances of
3.93m and 4.22m (note: ∆ݐ = (݀ − ݀ିଵ)⁄ݒ = (4.22-3.93) / 1517). Given the short travel time (and
consequently travel path) of the source wave within this layer, any minor measurement error in the relative arrival time will result in a very large error in the corresponding interval velocity. For example, a 0.05 ms error in the relative arrival time (0.141 instead of 0.191 ms) would generate a SRA interval velocity of (.29*1000/0.141) or 2057 m/s for a corresponding error of 26 %. If on the other hand we incorporate the same error in the arrival time at 4.1 m listed in Table 2 (8.85 ms) the FMSDM estimated
interval velocity between 3.8m and 4.1m would be 1623 m/s for a corresponding error of only 7%,
which is significantly lower

360

Table 2. Typical P-wave Velocities (after Press (1966))
Unconsolidated Materials [m/s]
Weathered layer
300-900
Soil
250-600
Alluvium
500-2000
Clay
1100-2500
Sand
Unsaturated
200-1000
Saturated
800-2200
Sand and Gravel
Unsaturated
400-500
Saturated
500-1500
Glacial till
Unsaturated
400-1000
Saturated
1700
Compacted
1200-2100

Consolidated Materials [m/s
Granite
Basalt
Metamorphic rocks
Sandstone and shale
Limestone

5000-6000
5400-6400
3500-7000
2000-4500
2000-6000

Other [m/s]
Water
Air
Steel

1400-1600
331.5
5960

Figure 4. Source wave raypaths taking into account Snell’s Law for the P-wave SCPT data outlined in Table 1.
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2.2 Test Case 2
Test Case 2 outlines a simulated S-wave SCPT carried out in diluvial sands where a relatively higher Swave interval velocity layer is embedded within lower SH interval velocity layers. In this SH-wave test
it is assumed that S-wave velocities vary between 230 ms and 310 m/s. A relatively high velocity layer
resides between depths 3.5m to 4m. The SCPT data acquisition depth interval is set at 0.5m, and the
SSRO for this test case was again set to 4.0 m.
Table 3 outlines the associated arrival times for each depth inTable 3. S-wave test SCPT intercrement of this S-wave SCPT. Applying the FMSDM gives the
val depths and associated arrival
interval velocities that are also shown in Table 3. From the arrival
times and interval velocities
times it is again clear that it would not be possible to implement
the SRA methodology on the measured arrival times for a SSRO =
Interval
Arrival
Interval
4m. For example, there is a negative relative arrival time between
Velocity
Time
Depth
the depths of 3.5m and 4m.
[m]
Figure 5 illustrates the associated source wave raypaths for the
[m/s]
[ms]
arrival times and interval velocities outlined in Table 3, showing
significant refraction for the interval velocity between 3.5m and
0-1.0
13.9
297
4.0m. This significantly increases the stratigraphic profile characterization.
1.0-1.5
14.5
290
If a SSRO = 1m had been implemented in this test case there
would have been a theoretical relative arrival between 3.5m and
1.5-2.0
15.9
236
4.0m of 0.820ms. This assumes that there is a vertical straight ray
2.0-2.5
16.7
293
travel path with slant distances of 3.64m and 4.12m (note:
∆ݐ = (݀ − ݀ିଵ)⁄ݒ = (4.12-3.64) / 589). This small relative
2.5-3.0
17.7
285
arrival time would again result in the same significant error in the
interval velocity in case of a minor measurement error. For exam3.0-3.5
18.6
309
ple, a -0.2 ms error in the relative arrival time (0.62 instead of 0.82
ms) would generate a SRA interval velocity of (.483*1000/0.62)
3.5-4.0
18.0
589
or 779 m/s for a corresponding error of 32 %. The error of 0.2ms
was incorporated into the S-wave test due to the fact that S-wave
4.0-4.5
19.4
285
have much lower rise times and bandwidths than P-waves resulting in a lower signal definition. If on the other hand we incorporate the same error in the arrival time at 4.0 m listed in Table 3 (18.0 ms) the FMSDM estimated interval
velocity between 3.5 m and 4.0 m would be 638 m/s for a corresponding error of approx. 8 %, which is
again significantly lower
3 CONCLUSIONS
To address the SRA requirements, many contractors typically attempt to minimize the sensor-source radial offset (SSRO) in a SCPT. Small SSROs have inherent disadvantages: rod noise is a concern, the
source wave travels predominantly within the disturbed zone near the push rods; the source wave spends
minimal time within each layer resulting in nominal strata layer characterization; estimating interval velocities for small interval measurements is very challenging; and characterizing thin high velocity sensitive layers is very difficult. In addition, soft surface layers require high SH-wave hammer impacts to ensure that sufficient source energy is generated for deeper depths, but these higher hammer impacts
dramatically compound rod noise for small SSROs, which may very well result in unusable seismic data.
It has been shown that by applying relatively larger SSROs the source wave can refract and travel
within high velocity critical layers for an extended time, which significantly increases the characterization of these types of layers. In addition, the application of relatively larger SSROs mitigates the previously outlined small SSRO disadvantages.
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Figure 5. Source wave raypaths taking into account Snell’s Law for the S-wave SCPT data outlined in Table 3.

The selection of the SSRO is dependent on several factors such as surface material, source-soil coupling for a SH hammer beam type source, and variability of the soil profile under investigation. The last
factor is difficult to ascertain as the variability of the soil profile is only known after the SCPT test is
complete. However, based upon our experience a minimal SSRO of 2 m should be applied.
Obviously when applying a larger SSRO the implementation of Snell’s Law of refraction must be
taken into account when deriving interval velocities from SCPT data, especially for depths less than 5
times the SSRO.
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Total internal reflections in the analysis of downhole seismic testing
data
Erick Baziw and Gerald Verbeek
Baziw Consulting Engineers Ltd., Vancouver, Canada

ABSTRACT: When performing seismic cone penetration testing near deep foundation elements or
stone columns the incident angle of the source wave is likely to exceed the so-called critical angle.
Whenever this occurs it is impossible to satisfy Snell’s law (using real angles) and Total Internal Reflection (TIR) occurs, whereby the source wave is largely reflected from the boundary instead of being refracted. The analysis of downhole seismic testing data that contain TIRs is complicated by the fact that
the presence of TIRs causes a seismogram to be recorded which contains the direct wave and several
high amplitude and phase shifted reflections superimposed. In this paper the concept of TIRs and the
associated source wave phase shift will be discussed and a proposed procedure will be given to allow the
proper analysis of seismic data that contain TIRs
1 INTRODUCTION
Downhole Seismic Testing (DST) techniques such as the Seismic Cone Penetration Test (SCPT) are geotechnical in-situ site characterization tools, which enable direct shear (VS) and compression wave (VP)
velocities to be accurately estimated. In DST the in-situ VS and VP velocities are determined by obtaining the corresponding source wave relative arrival times as the source wave travels within the stratigraphic profile. This is typically done by identifying reference points or markers within the seismograms (e.g., maximum peaks/troughs or crossovers) (Amini, 2006) or through techniques that implement
the cross-correlation function or cross-power spectrum (Baziw, 1993, 2000; Baziw & Verbeek, 2013).
For these approaches it is of paramount importance to have high quality first arriving source waves from
each recorded trace so that meaningful relative arrival times are obtained.
Once the relative arrival times are derived the standard industry practice is then to assume straight ray
travel paths between seismic source and receiver. In this case, the in-situ velocities are calculated as the
ratio between the relative arrival time differences and the corresponding relative travel path differences
between successive depths: V = ∆d/∆T, where ∆T is the relative arrival time difference, ∆d is the relative
travel path difference and V is the corresponding interval velocity. Baziw (2002) and Baziw and Verbeek (2012) outline a more sophisticated DST approach in obtaining in-situ VS and VP velocities from
relative arrival times. In this technique an Iterative Forward Modeling (IFM) method is utilized which
takes into account source wave refraction as the source travels within the stratigraphic profile.
However, in DST investigations there are site conditions that result in wave multiples referred to as
Total Internal Reflections (TIRs) that make the estimation of interval relative arrival times a very difficult task. TIRs are typically encountered whenever there are significant man-made structures nearby the
test location (e.g. foundation piles, stone columns, or deep underground structures such as deep basements, parking garages, and dam structures).
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This paper outlines the phenomenon of TIRs which are encountered within DST. In addition, a seismic signal processing technique is presented, which allows for processing seismograms which contains
TIRs so that accurate relative and true interval arrival times can be obtained and subsequently interval
velocities can be determined. This technique incorporates time variant Blind Seismic Deconvolution
(BSDtv) where the direct source wave is separated from the overlapping/reflected waves. The relative
and true interval velocities are then derived from the estimated direct source waves. The BSDtv filter
formulation is referred to as BSDSolver-tv™.
2 BACKGROUND
2.1 Total Internal Reflections
The physics and governing mathematical equations of TIRs (Baziw & Verbeek, 2013; Aki & Richards,
2002) are outlined by considering a horizontally polarized (SH-wave) SCPT investigation within nearby
concrete piles or stone columns. In this case the SH-wave velocity of the piles/stone columns (V2) is
much greater than that of the surrounding soil (V1). The precritical reflection coefficient (reflections at
angles less than the critical angle) is:
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while the post-critical reflection coefficient can be given as
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where R = the reflection coefficient, A0 = the amplitude of incident, A1 = the amplitude of reflected
wave, ߩ = the medium density, θ1 = the incident and reflecting angles, θ2 = the refraction angle, G1and
G2 = the shear modulus of mediums 1 and 2, respectively, i = the imaginary number, and ἡ1 and ἡ2 = the
post-critical vertical slowness within mediums 1 and 2, respectively, which can be given as:
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where p = the ray parameter.
The seismogram for TIRs is generated by convolving the source waves by the reflection coefficients
given in eq. (2) for various incident angles that exceed the critical angle. In the frequency domain this is
equivalent to multiplying the source wave by the reflection coefficients given by eq. (2) producing a frequency-independent phase shift as shown below:
ܷ= ܴܣ݁(௫ିఠ ௧) = ܣ݁ିଶఈ ݁(௫ିఠ ௧) = ܣ݁൫௫ିఠ (௧ାଶఈ⁄ఠ )൯

(5)

where k = the wave number, x = the distance, ω = the angular frequency and t = the time. As is evident
from eq. (5), the reflected wave has a phase shift of 2α/ω or 2α/2πfd where fd is the dominant frequency
of the source wave.
A commonly utilized analytical source waves in seismic signal processing is the Berlage source wave.
This wave is defined as (Baziw & Verbeek, 2013; Baziw, 2006, and 2011)
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where H(t) = the Heaviside unit step function [H(t) = 0 for t ≤ 0 and H(t) = 1 for t >0]. The amplitude
modulation component is controlled by two factors: the exponential decay term α and the time exponent
n. These parameters are considered to be nonnegative real constants.
To provide illustrative examples of the phase shifting of seismic source waves due to TIRs eq. (5) was
applied on a 55 Hz Berlage source wave. In Figures 1(a) and 1(b), the solid lines are the Berlage source
wave, while the dotted lines the inputted Berlage source wave phase shifted by 70° and 230°, respectively. As is demonstrated in these figures, the phase shift does not impact the dominant frequency or the arrival time, but it does affect the minimum and maximum peaks, resulting in source wave distortion.

Figure 1(a): Berlage source wave - 70° phase shift.

Figure 1(b): Berlage source wave - 230° phase shift.

DST seismograms that contain TIRs result in considerable challenges when obtaining relative or true arrival times for interval velocity calculations. The application of the standard relative arrival time
techniques such as identifying reference points or
markers within the seismograms or techniques that implement the cross-correlation function or cross-power
spectrum are not feasible.
Figure 2 illustrates a vertical seismic profile (VSP)
from simulated DST seismograms where stone columns are present nearby (Amini, 2006). The simulated
seismograms are the responses of imaginary horizontal
accelerometers, and the simulated trace at each depth
is plotted along with its mirror image in order to mimic
left and right SH-wave hammer beam impacts. The
identified time markers (B to F) are not suitable as the
basis for analyzing the seismograms due to the fact
that their corresponding time location are dependent
upon the constructive and destructive interference of
the generated source waves, which in turn depend on
the geometry of the higher velocity stone columns, loFigure 2. DST time markers for SCPT carried
cation of the source, and depth of the seismic adapter.
out in stratigraphy containing stone columns
These parameters will be unique for each DST test and
(Amini (2006)).
therefore a standardized analysis method cannot build
on these markers.
It should also be noted that the testing configuration implemented to generate Figure 2 relied upon exciting both the stone columns and the soil profile under analysis, which further increases the complexity
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of the generated source waves. It is therefore highly recommended that in DST only “point sources” are
utilized (with beams of short length in case of SH-wave analysis). In doing so only the soil under analysis is excited and not the stone columns, and consequently only the direct SH-wave and corresponding
reflection will be recorded.
2.2 Time Variant Blind Seismic Deconvolution
Seismic deconvolution is one of the most widely researched and implemented seismic signal processing
tools (Ulrych & Sacchi, 2005; Gholami & Sacchi, 2012). In seismology, the recorded time series, z(t),
is defined as the linear convolution of the source wave, S(t), with the earth’s reflection coefficients, μ(t),
with additive measurement noise, v(t). The mathematical representation of this relationship is given as
௧
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The discrete representation of (7) is given as

Blind seismic deconvolution (BSD) has to be used where both S(t), and μ(t) are unknown, but whenever
the source wave is not stationary (as is the case when TIRs are present) simple BSD is a not adequate.
In that case a more advanced version of this technique has to be applied: Time Variant BSD (BSDtv).
The BSDtv filter formulation outlined in this paper is referred to as BSDSolver-tv™.
3 BSDSOLVER-TV™ FILTER FORMULATION
3.1 PPD algorithm
Baziw (2006 and 2011) outlines a powerful BSD algorithm referred to as Principle Phase Decomposition (PPD™). In the PPD™ algorithm the source wave is modeled as an Amplitude Modulated Sinusoid
(AMS): a sinusoid with a dominant frequency and phase modulated by an Amplitude Modulating Term
(AMT). The discrete representation of the AMS source wave is given as
ܵ ܯܣ = ܶ ܯܣ sin[2ߨ݂∆݇ + ߮]

(9)

where k = the time index, f = the dominant frequency, ∆ = the sampling rate, and φ = the phase of the
AMS source wave.
A variant of the PPD™ algorithm which incorporates iterative forward modeling (PPD™ -IFM) has
been demonstrated (Baziw, 2011) to provide very accurate estimations of the source wave and corresponding reflection coefficients when processing noisy seismograms with stationary reflected source
waves (standard BSD). The PPD™-IFM algorithm is reformulated for the time variant BSD case (TIRs)
by taking into account additional a prior information for TIRs. As in the case with all optimal estimation solutions, the greater the a priori knowledge specified directly results in more accurate estimates.
In this case the following a priori information for TIRs is incorporated:
 although the phase of the source wave changes for each reflection, the dominant frequency remains the same;
 the time width of the source wave remains constant;
 the reflected source waves are modeled as AMSs;
 the AMTs of the direct and reflected source waves remain constant.
The BSDtv filter formulation which applies a variation of the PPD™ -IFM algorithm is referred to as
BSDSolver-tv™. The BSDSolver-tv algorithm processes 2 to 3 seismic traces simultaneously utilizing
dual-core and quad-core CPU technology. In case of DST this means that two to three adjacent depth
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traces within the vertical profile (e.g., traces recorded at depths 7, 8 and 9 meters) are processed simultaneously. This is due to the fact that there will be minimal variation between the recorded source
waves recorded at adjacent depths.
The first arriving or direct source waves for the seismic traces under analysis are estimated where a
cost function defined at the weighted Root Mean Square Difference (RMSD) between the measured
seismograms and the synthesized seismograms is minimized. The weight of the cost function is defined
as the RMSD between the source wave parameters of dominant frequency (f), tmax (the time location of
the maximum value of the AMT), and twidth (the time duration of the estimated source wave). Relative
or true arrival times are then estimated from the extract first arriving or direct source waves utilizing the
standard DST techniques of identifying reference points or markers or implementation of the crosscorrelation function.
3.2 BSDSolver-tv™ Simulation Results
The implementation and performance of the BSDSolver-tv™ algorithm is demonstrated by considering
the analysis of three challenging DST synthetic seismograms. The seismograms were outlined by Baziw
and Verbeek (2013) and represent a simulated SCPT containing TIRs. This data set is challenging due
to the fact that the direct and reflected source waves are time variant and there are five closely spaced
equivalent reflection coefficients with dipoles.
In this DST dataset Berlage source waves were generated and superimposed at depths of 5m, 6m, and
7m. All simulated waves had the common values of f = 70 Hz, n = 2, and α = 270 specified. The phase
values were set at ∅ = 20°, 40°, 140°, ܽ݊݀250°, respectively. The arrival times and maximum amplitudes were set as follows for the five Berlage source waves:
 at a depth of 5 m: (5 ms, 1), (8 ms, 0.75), (11 ms, 0.625), (17 ms, 0.8), and (22 ms, 0.65), respectively (see Figure 3).
 at a depth of 6 m: (9 ms, 1), (14 ms, 0.75), (17 ms, 0.625), (21 ms, 0.8), and (24 ms, 0.65), respectively (see Figure 5).
 at a depth of 7 m: (14 ms, 1), (17 ms, 0.75), (21 ms, 0.625), (24 ms, 0.8), and (29 ms, 0.65) respectively (see Figure 7)
For each depth superposition of the source waves is shown with the reflection coefficients to allow for
the visualization of the arrival time and maximum amplitude values (Fig. 4 –“Seismogram 1” (S1), Fig.
6 –“Seismogram 2” (S2), and Fig. 8 –“Seismogram 3” (S3), for the depth of 5 m, 6 m and 7 m respectively). For this VSP simulation a source-sensor radial offset of 1.5m was assumed; therefore the slant
distances, di, for the simulation depth of 5 m, 6 m and 7 m are 5.22 m, 6.18 m and 7.16 m, respectively.
Assuming a straight ray travel path (i.e., no refraction) the first arriving direct source wave interval velocities can be calculated as ܸହି = (6.18 − 5.22)⁄(9 − 5) = 241݉ / ݏfor depth interval 5m to 6m
and ܸି = (7.16 − 6.18)⁄(14 − 9) = 196݉ / ݏfor depth interval 6m to 7m.
Figure 9 illustrates the BSDSolver-tv™ estimated Berlage Wavelet 1 for seismograms S1, S2 and S3
and the corresponding averaged seismogram superimposed upon the true Berlage Wavelet 1. As is
shown in Figure 9, there is very close agreement between the estimated, averaged and true Berlgae
Wavelet 1. Figure 10 illustrates the VSP of the estimated Berlage Wavelets shown in Figure 9. The
seismic trace displayed at 4m is the averaged Berlage Wavelet 1 illustrated in Figure. 9.
As mentioned previously, the Cross-Correlation Technique (CCT) is a standard methodology in obtaining DST interval velocities. The CCT is based upon cross-correlating the waves recorded at consecutive
depth increments. The value of the time shift at the maximum cross-correlation value is assumed to be
the relative travel time difference for the wave to travel the depth increment. Cross-correlating the estimated Berlage Wavelet 1 for seismograms S1, S2 and S3 results in the relative arrivals times of 3.95 ms
(true value = 4ms) and 5.08 ms (true value = 5 ms) for depth increments 5 m to 6 m and 6 m to 7 m, respectively. The corresponding interval velocities assuming a straight ray travel path are calculated as
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Figure 3: Simulation 1 - Berlage source waves with
varying phases waves (Baziw & Verbeek, 2013).

Figure 4: Superposition of Berlage source waves illustrated in Fig. 3 waves (Baziw & Verbeek, 2013).

Figure 5: Simulation 2 - Berlage source waves with
varying phases waves (Baziw & Verbeek, 2013).

Figure 6: Superposition of Berlage source waves illustrated in Fig. 5 waves (Baziw &Verbeek, 2013).

Figure 7: Simulation 3 - Berlage source waves with vary- Figure 8: Superposition of Berlage source waves illustrated in Fig. 7 waves (Baziw & Verbeek, 2013).
ing phases waves (Baziw & Verbeek, 2013).

Figure 9: Estimated Berlage Wavelet 1 for seismograms
S1, S2 and S3 and the corresponding averaged seismogram
superimposed upon the true Berlage Wavelet 1.
Figure 10. VSP of estimated Berlage Wavelets shown
in Figure 9. The seismic trace displayed at 4m is the
averaged Berlage Wavelet 1 illustrated in Figure 9.
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ܸହି = (6.18 − 5.22)⁄(3.95) = 243݉ /ݏ
for
depth
interval
5m
to
6m
and
ܸି = (7.16 − 6.18)⁄(5.1) = 192݉ / ݏfor depth interval 6 m to 7 m. This compares very close to the
true values of ܸହି = 241݉ /ݏand ܸି = 196݉ /ݏ
As outlined by Baziw & Verbeek (2013), it is not possible to accurately obtain relative arrival times
utilizing time markers or the CCT when processing undeconvolved seismograms containing TIRs. For
example, cross-correlating seismograms S1, S2 and S3 results in the relative arrivals times of 3.1 ms
(true value = 4 ms) and 3.8 ms (true value = 5 ms) for depth increments 5 m to 6 m and 6 m to 7 m, respectively. The corresponding interval velocities assuming a straight ray travel path are calculated as
ܸହି = (6.18 − 5.22)⁄(3.1) = 310݉ / ݏfor
depth
interval
5
m
to
6
m
and
ܸି = (7.16 − 6.18)⁄(3.8) = 258݉ / ݏfor depth interval 6 m to 7 m. These values for the interval
velocities have corresponding percent errors of 29% and 32%, respectively.
4 CONCLUSION
As outlined in this paper, a very common and important problem encountered in DST is the recording of
seismograms which contain Total Internal Reflections (TIRs). TIRs arise when the incident angle exceeds the critical angle, and they are associated with reflected source wave distortions due to the fact
that the reflection coefficients become complex. In DST investigations TIRs are encountered whenever
there are significant adjacent man-made structures (piles, stone columns, and deep underground structures such as deep basements, parking garages, and dam structures). Typical DST interval velocity estimation techniques which rely upon the implementation of the cross-correlation function, cross-power
spectrum and/or time markers are unlikely to provide acceptable estimates when TIRs are present within
the seismograms.
The processing of seismograms which contain TIRs requires time variant Blind Seismic Deconvolution (BSDtv). BSDtv refers to the case where there is an unknown direct source wave and time variant
overlapping (reflected) source waves recorded by the seismogram. The goal of BSDtv is to separate the
overlapping source waves. This paper outlined a BSDtv algorithm referred to as BSDSolver-tv™. And
the implementation and performance of this algorithm was demonstrated by considering synthetic seismograms consisting of five closely spaced overlapping source waves with equivalent reflection coefficient dipoles, making them very challenging. It was shown that the BSDSolver-tv™ algorithm was able
to obtain accurate estimates of the direct source wave and corresponding interval velocities for a VSP
investigation.
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ABSTRACT: Many correlations have been established between CPT, SPT and other soil parameters that relate to
direct applications in engineering practice. In this research, four pairs of CPT and SPT tests were performed in order to examine the applicability of various existing CPT-SPT correlations to the studied soils. The recovered samples from SPT tests contain appreciable amount of fines (fc) ranging from 3.5 to 39.2 percent and mean grain size
(D50) ranging from 0.09 to 0.23 mm. Study results indicated that qc/N ratio as a function of D50 and fc based correlations are poorly applicable to the local soils. This paper suggests that qt1/(N1)60 ratio as a function of multiplying
constant can be better correlated in local soils instead of laboratory based D50 or fc correlations. An effort has also
been made to perform a comparative analysis for the effective angle of internal friction obtained from CPT, SPT,
direct shear and triaxial tests.

1 INTRODUCTION
At the present time, the cone penetration test (CPT) is becoming increasingly popular in subsoil investigation for
its rapid and convenient way to measure continuous soil stratigraphy. On the other hand, the standard penetration
test (SPT) is one of the most commonly used in-situ test procedure for subsoil investigation in many places
around the world. However, application of the CPT has started in Bangladesh since last decade for soil exploration and engineering design purpose, but SPT is still the most widespread and economic mean for subsoil investigation than any other test.
Due to the lack of soil sampling during CPT, in many engineering projects it is most common to use both CPT
and SPT together for subsoil investigation and a combination of obtained soil parameters from these tests are being used for design purpose. From that point of view, many empirical correlations have been established between
CPT cone tip resistance (qc), SPT N-value and other engineering soil properties that relate to direct applications in
engineering practice. Most of the currently available correlations apply only to ideal soils. Sometimes where the
soils are not ideal the usual correlations are inadequate or lead to inconsistent conclusions. Although designers use
these correlations in practice, it is necessary to examine the applicability of various existing correlations prior to
direct application in local soils.
The primary objective of this research is to examine the applicability of various existing CPT-SPT correlations
for local soils and to propose possible new correlations. The study included field explorations, laboratory testing,
comparative analyses of resulting data. For this study purpose, four pairs of high quality CPT and SPT tests were
carried out up to 25 m at the bank of the JamunaRiver, Bangladesh. Although, this is a small-scale research work,
it is hoped that this work will provide useful contribution for further improvement of region specific CPT-SPT
correlations.
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2 LITERATURE REVIEW
Since last few decades, much research have taken place to properly utilize abundant experiences and available database on SPT to more reliable CPT. As a result, a considerable number of correlations have been proposed by
several researcher between CPT cone tip resistance (qc), SPT N-values and other engineering soil properties.
These correlations can be considered in three major groups. Most of the primary correlations considered qc/N as a
function of grain characteristics, such as mean grain size (D50) and/or fines content (fc). Some other researchers
proposed a constant value of qc/N for different soil types in a chart of corrected cone tip resistance (qt) versus friction ratio (Rf).
Compiling a number of studies, Robertson et.al (1983) accumulated several research outputs and presented a
relationship of qc/N60 as a function of mean grain size (D50). Similar effort has been made by Kasim et al. (1986)
and, KulhawyandMayne (1990), where they have presented more updated databases to correlate qc/N as a function of mean grain size (D50) compared to the proposed relationship by Robertson et.al (1983). These correlations
provide a very useful guideline to convert the CPT tip resistance to the equivalent SPT N-value for soils with D50
varying between 0.001 mm to 10 mm. From these correlations it is observed that the qc/N ratio increases with increasing mean grain size. They have also noted that the scatter in qc/N ratio appears to increase with increasing
mean grain size. Unfortunately, correction factors for qc or N-value have not been applied to most of their original
data. It should be noted that, energy measurements on SPT data indicate that the average energy ratio of about 55
to 60 % may represent the average energy level associated with the qc/N correlation (Robertson et.al 1983). Robertson andCampanella (1985) suggested a representative value of qc/N60 ratio of 4.5-5.0 and 4.0 for medium and
silty soils, respectively.
In other studies, Chin et al. (1988) have presented correlation between qc/N as a function of percentage fines
(smaller than 0.074 mm). In their study measured N-values were corrected corresponding to 55 % of the maximum energy. They showed that, for sands qc/N decreases significantly with increasing fine content. In addition to
these data, KulhawyandMayne (1990) summarized several research results (Muromachi 1981, Jamiolkowski et al.
1985, Kasim et al. 1985, Chin et al. 1988) which display a similar trend between qc/N and fines content as proposed by Chin et al. (1988).McNulty and Harney (2010) have compared effective angle of internal friction (∅) estimated from the CPT with those determined from SPT N-values and laboratory triaxial tests. Their study revealed
that effective angle of internal friction (∅) obtained from triaxial tests correlated well with those obtained from the
CPT and SPT below the water table, but above the ground water obtained ∅ values from the CPT and SPT were
significantly high compared to laboratory measurement.
Research by Elbanna et al. (2011) suggested that, in the absence of site specific CPT-SPT correlations, it is
suitable to use the general correlation proposed by Robertson, et al (1983). In the absence of grain size data, they
have also proposed a new correlation using the qt1/(N1)60 ratio of 0.45. However, some of the existing correlations
provide best estimated relationship between qc and N-value, but region specific study result presented by Elkateb
and Ali (2010) represents quite inapplicability of existing correlations. Therefore, direct application of the average
relationship presented in several correlations may lead to significant deviation from exact result.

3 FIELD INVESTIGATIONS
Field investigations were carried out mainly through the application of cone penetration testing (CPT) and standard penetration testing (SPT). A total of four pairs of CPT and SPT were performed in different locations within
the study area and each pair of CPT and SPT were carried out as close as possible, maximum horizontal distance
was not greater than 10 m. In this research, field investigations were carried out along the riverbank of the Jamuna
River, Bangladesh. The geologic formations of the research site are mainly consisting of alluvial sand and silt deposits of Holocene age. The alluvial sands are light to brown-grey colored, coarse to fine silty sand of subrounded
in shape. The sand contains mostly quartz, feldspar, mica and significant amount of heavy minerals. The alluvial
silts have the same color as the sands, but arefine sandy to clayey silt and arepoorly stratified(Alam et al. 1990).
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3.1 Cone Penetration Test (CPT)
CPT soundings were advanced using a Hogentoglar type piezoconepenetrometer with a cross sectional area of 10
cm2 and which can measures the pore water pressure (u2), as well as the cone tip resistance (qc) and sleeve friction
(fs). To perform the test, the cone was pushed vertically into the ground at a constant rate of approximately 20
mm/sec. During the advancement, measurements of dynamic pore water pressure, tip resistance and sleeve friction were recorded continuously at 10 mm depth increments. The typical penetration depth for this study was approximately 25 m below from ground surface.
3.2 Standard Penetration Test (SPT)
SPT were conducted according to ASTM D1586. Boreholes for the SPT were advanced by percussion (chopping)
method with Bentonite clay. The split spoon sampling method was used to obtain soil samples from boreholes and
disturbed representative samples were collected. Samples recovered from boreholes were stored in plastic bags
that were used for laboratory testing. An automatic type SPT hammer-release was used for the SPT. Potential
source of uncertainty that may affect SPT N-values have been carefully taken into account. Borehole drilling, soil
sampling and SPT N-value recording procedures were observed by experienced geologist during the entire test
program and this individual provided visual descriptions of the collected samples. The SPT N-value and samples
were collected every 1.52 m intervals. The corrected cone tip resistance (qt)in MPa(top scale), measured SPT N,
N60 and (N1)60 values (bottom scale) are presented in
Figure 1.
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Figure 1. Depth versus corrected cone tip resistance (qt), SPT N, N60 and (N1)60 values for all boreholes.
Based on the results of the subsurface explorations, the subsoil profile at the study area can be divided into two
strata. The soil within the test area is primarily comprised of clay, silt, fine and medium sand particles. As such,
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the combination of fines and sand are generally non-plastic and the combination of fines and clay are low-plastic.
The top layer consists of silt and clay mixture with a total thickness approximately varied from 3 m to 7.3 m. Immediately below this layer a combination of fine to medium sand and with some silt layer extended to a depth of
25 m. Soil layers are moist from ground surface to ground water table and ground water table is located at 3 m below from ground surface. Note that, there was considerable variability in the measured SPT N-value in different
boreholes at different depths ranging from 1 to 52 and maximum cone tip resistance (qc) was close to 20MPa.
Consistency of the soils at different depth varies from stiff to loose.

4 LABORATORY INVESTIGATIONS
Laboratory investigations included sieve analysis, direct shear tests and triaxial tests. The main objectives of the
laboratory investigations are to classify the soil samples recovered from SPT tests and to estimate effective angle
of internal friction. Details of the laboratory investigations are described in the following sections.
4.1 Sieve analysis
Soil samples recovered from various depths were individually assessed and classified based on dry sieve analysis.
Sieve analysis was performed on each soil sample according to ASTM C136. Among the 64 recovered samples
only 51 of the sandy samples were used both forsieve analysis (excluding silty clay samples) and to examine existing correlations. Note that these soils are containing appreciable amount of finesranging from 3.5 to 39.2 percent, fineness modulus(defined as cumulative percent retained on standard sieve divided by 100) ranging from
0.18 to 1.11 and mean grain size (D50) ranging from 0.09to 0.23 mm. Based on the sieve analysis results, the soils
are generally classified into two groups; either well graded sands with little silt or poorly graded sands with silt.
According to the unified soil classification system, the soils can be symbolized as SW and SP-SM respectively.
The mean grain size (D50), percent finer than 0.074 mm (fc) and fineness modulus (F.M.)for each borehole are
presented inTable 1.
Table 1. Sieve analysis results.
Depth

Borehole-01

Borehole-02

Borehole-03

m

D50

fc

F.M.

D50

fc

F.M.

D50

fc

F.M.

D50

fc

F.M.

3.05

0.1

26.8

0.21

ND*

ND*

ND*

0.16

17.96

0.51

ND*

ND*

ND*

4.57

0.09

32.5

0.16

0.16

32.44

0.64

0.15

16.89

0.51

ND*

ND*

ND*

6.10

0.095

32.5

0.16

0.175

26.39

0.62

0.175

19.8

0.55

ND*

ND*

ND*

7.62

0.09

38.4

0.39

0.095

36.35

0.28

0.16

20.7

0.51

0.185

5.85

0.66

9.14

0.23

11.3

1.11

0.1

39.2

0.33

0.195

16.95

0.83

0.18

6.25

0.67

10.67

0.2

12.4

0.87

0.095

38.1

0.3

0.17

17.8

0.57

0.18

5.5

0.68

12.19

0.2

8

0.92

0.095

38

0.31

0.2

7.44

0.9

0.18

5.5

0.68

13.72

0.18

17.3

0.71

0.09

22

0.48

0.2

5.5

0.92

0.185

5.39

0.71

15.24

0.2

12.5

0.88

0.14

24.4

0.44

0.2

4.15

0.94

0.185

5.4

0.71

16.76

0.2

7.68

0.96

0.195

5.85

0.81

0.2

5.05

0.93

0.185

5.15

0.71

18.29

0.09

32.03

0.18

0.195

7.5

0.79

0.2

4.95

0.93

0.18

6.75

0.67

19.81

0.1

22.7

0.23

0.195

6.85

0.78

0.2

3.7

0.95

0.18

6

0.67

21.33

ND*

ND*

ND*

0.195

6.95

0.77

0.2

3.5

0.95

0.18

4.7

0.7

22.86

ND*

ND*

ND*

0.195

6.8

0.77

0.2

5.2

0.95

ND*

ND*

ND*

24.38

ND*

ND*

ND*

0.18

8.55

0.73

0.2

7

0.94

ND*

ND*

ND*
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Borehole-04

* Not determined andD50 in mm

4.2 Preparation of reconstituted laboratory sample
To acquire sufficient amount of soils for direct shear and triaxial tests, samples with similar grain size distribution
curve, mean grain size (D50) and fines content (fc) were selected to be mixed together to prepare reconstituted
samples for direct shear and triaxial tests. Mixing was carried out by carefully stirring small portions of the selected samples together until all soil was mixed homogeneously. After mixing the sample was stored in an air-tight
plastic box and handled carefully to avoid any significant loss of sample.
4.3 Direct shear test
A total of 36 direct shear (DS) tests, with three tests at each stress level, were carried out on reconstituted specimens at different relative densities varying from 42% to 70% and different effective stresses varying from 25 kPa
to 200 kPa. The selected test stresses and relative densities were considered equivalent to field conditions at
depths of 6 m, 12 m and 18 m. Specimen relative densities were back calculated from SPT N-values in different
boreholes at that depth by using N-value versus relative density relationship proposed by Meyerhof (1956). First,
the amount of dry samples required to prepare the specimens at desired density were calculated. After taking required amount of dry sample in a container, a measured amount of de-aired water was added to the soil to bring
the soil moisture content of approximately 10 percent. Specimens were prepared in a shear mold with inside diameter of 63.5 mm and height of 25.4 mm by hand tamping method. All tests were performed on saturated samples. During the test, vertical displacement gage, shear load gage and horizontal displacement gage reading were
recorded until the horizontal shear load peaks and then falls. Angle of internal friction was calculated in a plot of
maximum shear stress versus corresponding normal stress.
4.4 Triaxial test
A total of 36 consolidated undrained triaxial tests (TX), with three tests at each stress level, were carried out on
reconstituted specimens. The effective stresses and relative densities for triaxial tests were the same as the direct
shear tests. Cylindrical soil specimens of 142 mm height and 71 mm diameter were used and prepared using wet
tamping technique. The specimens were first saturated with back-pressure saturation until the pore pressure parameter reaches a value equal to 0.90. Following saturation, the specimens were then isotropically consolidated at
the desired effective stress. To cause shear failure in the specimen, deviator stress was applied to the specimen until the maximum axial deformation reaches to a value of 15%. The deviator stress was applied at a rate of 0.08
percent/min. During the test, deviator stress, shear stress, normal stress and pore water pressure was recorded at
every 10 sec interval. Angle of internal friction was calculated by plotting effective-stress Mohr’s circles for various tests (three tests at each depth) and drawing a common tangent to these Mohr’s circles passing through the
origin. The effective angle of internal friction obtained from direct shear and triaxial tests are given in Table 2.
Table 2. Effective angle of internal friction calculated from direct shear and triaxial tests.
Direct shear tests

Triaxial tests

Depth
Borehole-01 Borehole-02 Borehole-03 Borehole-04 Borehole-01 Borehole-02 Borehole-03 Borehole-04
m

∅

∅

∅

∅

∅

∅

∅

∅

6

31.8

28.81

28.81

31.38

32.5

31.8

31.5

33.5

12

33.82

32.21

34.22

33.02

37

35

35.5

35

18

40.03

34.21

36.87

35

38.5

37

36.5

36
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5 RESULTS AND DISCUSSIONS
Based on the most commonly used CPT, SPT and soil parameter relationships, several calculated and correlated
soil parameters were determined as part of the data interpretation and to check the applicability of existing correlations to the local soils. A total of 51 data points for the sand deposits from the 4 boreholes presented in Table 1
were selected for this study to perform comparative analysis with mean grain size (D50) and percent finer (fc)
based CPT-SPT correlations. Calibrations were performed on recorded cone tip resistance data to eliminate pore
pressure effect on tip resistance by a calibration factor of 0.32, as provided by the cone manufacturer. Furthermore, the normalized cone tip resistance (qt1) was calculated foreffective overburden stress level as proposed byJamiolkowski et al. (2001) and Kulhawy and Mayne (1990). The SPT energy corrections and overburden pressure
corrections were applied to the recorded field N-values to calculate (N1)60. The assumed energy level was 60 %
for energy correction and soil unit weight was calculated from the SPTN-value versus soil unit weight correlation
proposed by Bowles (1982)to normalize N-value. Both the CPT and SPT data presented in this study are normalized for overburden stress. If overburden corrections on cone tip resistance (qc) and N-values would not have been
made, the ratio of qc/N is more deviated from the average line presented in correlations. It should be noted that, in
this study the same CPT equipment and SPT rig were used in all tests to minimize inherent test variability.
Mean grain size (D50) based correlations illustrated by Robertson et al. (1983) and KulhawyandMayne (1990)
are presented in Figure 2. The data sets selected for this study are than plotted on the same figure to evaluate the
applicability of these correlations to the local soils. A significant scatter in the data can be seen around the average
correlation curves of these two correlations. It can also be observed that with a small change in D50 can cause significant change in qt1/(N1)60 ratio and most of the cases qt1/(N1)60 ratio deceases with increasing D50,whichis
somewhat contradictory to the existing correlations. Furthermore, no general trend can be observed in the plotted
data with the change in D50suggesting poor applicability of these correlations to the local soils.
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Figure 3 along with collected data sets of this study. The collected data sets showed a poor fit to the fines content based correlations and cannot substantiate a general trend between fines content and qt1/(N1)60ratio. From the
plotted data it can also be noted that the qt1/(N1)60ratio increased with increasing fines content, which is quite contradictory to the existing correlations.In a similar fashion, fines content based correlations also indicate poor applicability to the study soils.
The data scatter in compared results may be due to the inherent variability of the two penetration tests and inaccuracy of overburden calculation during N-value correction. Besides soil structure, site geology or changes in
subsurface conditions some of the inconsistency may be due to the somewhat large distance between the SPT and
CPT locations.

Figure 4 compares the measured data from Jamuna with the single value of qt1/(N1)60 ratio of 0.45 suggested by
Elbanna et al. (2011) for sands. The data set from this study shows good agreement and clusters together around
the average relationship. However, the plotted data shows a slightly higher value than the average value of 0.45,
but it is surprising that this relationship shows a general trend and less scatter plot relative to previous comparisons. It is believed that the correlation between normalized cone tip resistance (qt1) and normalized SPT (N1)60can
serve as a better relationship for these sandy soils. The main advantage of this relationship is that it can be used in
the absence gradation results. Therefore, it is a need to collect additional high quality CPT and SPT data to develop a better relationship.
The fundamental shear strength parameter of sands is the effective angle of internal friction. Therefore, an effort has been made to perform a comparative analysis between the angle of internal friction estimated from CPT,
SPT, and those measured in direct shear (DS) and triaxial (TX) tests. In-situ effective angle of internal friction
were calculated from established correlations given by Robertson and Campanella (1983) and Meyerhof (1956)
for CPT and SPT tests. Laboratory friction angles were estimated from consolidated undrained triaxial and direct
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shear tests on reconstituted soil specimens at the estimated in-situ relative densities. The effective angle of internal friction values estimated from CPT and SPT tests and those obtained from laboratory triaxial and direct shear
tests are presented in Figure 5. From Figure 5 it can be seen that ∅ value obtained from laboratory triaxial and direct shear test place within a narrow rage and compared well with each other and increased with increasing depth.
The ∅ value calculated from CPT and SPT data shows no general trend and represents higher value at smaller
depth and lower value at greater depth than those obtained from direct shear and triaxial tests.

6 SUMMARY AND CONCLUSIONS
This paper presents the applicability of various existing correlations between CPT and SPT for local soils. It was
observed that the CPT and SPT data used for this study better suit with (qt1/N1)60 ratio of 0.45. Except that, results
of this study considerably vary from existing laboratory dependent CPT-SPT correlations and indicating that most
of these existing correlations are poorly applicable to the local soils. Therefore, it would be significant value to established reliable correlations based on locally available soils.General speaking, available established correlations
provide a good framework to start with, but the direct application of the average curve in engineering practice
may lead to significant deviation. Unfortunately it is true that, only selected data sets were used which place relatively narrow range to develop most of the prominent correlations. Thus, it is need to further investigation by accumulating large amount of high quality data from various soils types, ranging from clay to gravelly sand.
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7 SUMMARY AND CONCLUSIONS
This paper presents the applicability of various existing correlations between CPT and SPT for local soils. It was
observed that the CPT and SPT data used for this study better suit with (qt1/N1)60 ratio of 0.45. Except that, results
of this study considerably vary from existing laboratory dependent CPT-SPT correlations and indicating that most
of these existing correlations are poorly applicable to the local soils. Therefore, it would be significant value to established reliable correlations based on locally available soils.General speaking, available established correlations
provide a good framework to start with, but the direct application of the average curve in engineering practice
may lead to significant deviation. Unfortunately it is true that, only selected data sets were used which place relatively narrow range to develop most of the prominent correlations. Thus, it is need to further investigation by accumulating large amount of high quality data from various soils types, ranging from clay to gravelly sand.
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ABSTRACT: This paper presents Bayesian approaches for proper characterization and quantification of
uncertainties in the interpretation of cone penetration test (CPT) data. The interpretation of CPT data is
treated as an inverse analysis problem, in which the CPT data (e.g. cone tip resistances and sleeve
frictions observed during CPT) are used as input of the inverse analysis for identifying the underground
stratigraphy and soil properties in each soil layer. The Bayesian approaches contain a Bayesian model
class selection method to determine the number of underground strata and a Bayesian system
identification method to identify thickness of each layer and their associated soil properties. This paper
focuses on the underground soil stratum identification and soil classification using the proposed Bayesian
approaches. The proposed methods are illustrated using a set of simulated CPT data. They are shown to
properly identify the underground stratification and classify the soil types with quantitative uncertainty
characterization.
1 INTRODUCTION
Geotechnical site characterization aims to delineate underground stratigraphy (i.e. the number and thicknesses/boundaries of soil layers underground and their classifications) and to estimate soil properties for
geotechnical designs and analysis, during which cone penetration tests (CPTs) are widely used around
the world. CPT provides nearly continuous test data (e.g., Mayne 2007, Zhang & Tumay 1999) and improves substantially the resolution along the depth in the geotechnical site characterization. However,
since, in general, no soil sample is obtained during CPT tests, visual inspection of the soil sample is infeasible. The underground stratigraphy and soil properties are therefore determined only from the interpretation of CPT data (e.g. cone tip resistances and sleeve frictions observed during CPT).
Interpretation of CPT data for site characterization has been mainly deterministic. Various uncertainties associated with the CPT tests, such as inherent spatial variability, measurement error, and transformation uncertainty during interpretation, have generally not been explicitly taken into consideration. On
the other hand, with the recent development and implementation of reliability (or probability)-based design (RBD) methodologies/codes around the world, there exists a need of interpreting the site characterization results probabilistically and quantifying these uncertainties in a rational and transparent manner.
This paper presents Bayesian approaches for characterization and quantification of uncertainties in
the CPT data interpretation. The interpretation of CPT data is treated as an inverse analysis problem, in
which the CPT data are used as input of the inverse analysis for identifying the underground stratigraphy
and soil properties in each soil layer. Bayesian system identification and model class selection methods
are developed to identify the most probable thickness of each layer and their associated soil properties
and the number of soil layers. The paper starts with a brief review of the interpretation of CPT data, followed by an inverse analysis framework for soil stratum identification and probabilistic soil classifica383

tion based on the Robertson’s normalized soil behavior type (SBT) chart (Robertson, 1990). Then, the
Bayesian system identification and model class selection methods are developed and illustrated using a
set of simulated CPT data.
2 INTERPRETATION OF CPT DATA
CPT consists of pushing a cylindrical probe into the ground at a controlled rate and measuring both the
tip resistance and sleeve friction to the penetration. Based on the measured tip resistance and sleeve
friction, the SBT of the tested soil is determined using soil classification charts (e.g. Robertson 1990,
Jefferies & Davies 1993). Consider, for example, the soil classification chart that is shown in Figure 1
and frequently referred to as the Robertson chart (Robertson 1990). The soil type is determined based on
two parameters (i.e. two axes in Fig. 1): the normalized friction ratio, FR =100fs/(qt-σv0), and the normalized tip resistance, Qt =(qt-σv0)/σ´v0, where fs, qt, σv0, σ´v0 are the sleeve friction, corrected tip resistance,
vertical total stress, and vertical effective stress, respectively. The nine areas in the chart correspond to
nine different soil behavior types, as described in Table 1. Based on which area the measured (FR,Qt)
combination is located in, the SBT is determined accordingly. This procedure is repeated for each CPT
test data point to determine the SBT corresponding to each data point. Engineering judgment is then
used to stratify the underground soil profile from a large number of nearly continuous CPT data points.
Since different engineers have different judgment, inconsistencies may arise among different engineers.
This calls for an objective method for soil stratum identification from CPT data.
Note that the interpretation of CPT data described above can be treated as an inverse analysis process,
in which some responses from an unknown system are collected and analyzed for estimating some characteristics of the unknown system. From an inverse analysis point of view, Bayesian Theorem provides
a powerful tool to account for uncertainties from various sources and to effectively extract useful information from the measurement data. Rather than vaguely relying on engineering judgment, the Bayesian
approaches can explicitly consider the uncertainty in the CPT-based soil classification and the spatial
distribution of the CPT data (Wang et al. 2010&2013). An inverse analysis framework for soil stratum
identification using CPT data is presented in the following section.
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Figure 1. The Robertson soil classification chart based on CPT data (After Robertson (1990))
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Table 1. Description of soil behavior types in the Robertson’s soil classification chart (After Robertson (1990))
Soil type
1
2
3
4
5
6
7
8
9

Soil Behavior Type (SBT)
Sensitive, fine-grained
Organic soils (peats)
Clays (clay to silty clay)
Silt mixtures (clayey silt to silty clay)
Sand mixtures (silty sand to sandy silt)
Sands (clean sand to silty sand)
Gravelly sand to sand
Very stiff sand to clayey sand
Very stiff, fine-grained

3 INVERSE ANALYSIS FRAMEWORK FOR SOIL STRATUM IDENTIFICATION
As shown in Figure 2, identifying the underground soil strata based on CPT data is to determine the layer thickness h=[h1,h2,…,hn…,hN] in a soil profile containing N soil layers, where hn is the thickness of the
n-th layer. The number N in the first part of this paper (i.e. before Section 6 “The Most Probable Number of Soil Strata”) is treated deterministic but unknown. It is then determined by a Bayesian model class
selection method presented in Section 6.
Let ξ = [ξ 1 , ξ 2 ,...,ξ N ] be a set of ln(FR) and ln(Qt) data obtained from a CPT test in a soil profile with
N soil layers, in which ξ n = [ξ n1 (d n,1 ),ξ n 2 (d n, 2 ),..., ξ nk (d n,kn )], n = 1,2,..., N , is a set of ln(FR) and
n

ln(Qt) measured at the kn depths d n ,1 , d n , 2 ,..., d n ,kn within the n-th soil layer. For a given layer number N
of soil layers, the probability P(ξn|N) that all data points in the n-th layer belong to the same SBT can be
calculated as:
Normalized Tip Resistance
Layer 1 : σ 1 = [σ FR,1 , σ Qt ,1 ]

h1

Layer 2 : σ 2 = [σ FR, 2 , σ Qt , 2 ]

h2

.	
  	
  	
  .	
  	
  	
  	
  .

Layer n : σ n = [σ FR,n , σ Qt ,n ]

hn

.	
  	
  	
  .	
  	
  	
  	
  .
Tip Resistance

Layer N : σ N = [σ FR, N , σ Qt , N ]

Friction Ratio

hN

Normalized Friction Ratio

Figure 2. An illustration of the underground soil stratigraphy with CPT data
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9

P(ξ n N ) = ∑ PSTJ (ξ n N )

n = 1,2,..., N

(1)

J =1

where PSTJ (ξ n N ) is the probability that all data points in the n-th layer belong to the same given soil
type J. The PSTJ (ξ n N ) can be expressed as:
kn

PSTJ (ξ n N ) = ∏ PSTJ (ξ n,i N )

for J = 1,2,...,9

(2)

i =1

where PSTJ (ξ N ) is the probability that a data point i in the n-th layer belongs to the soil type J. The
n ,i
value of PSTJ (ξ n N ) is calculated repeatedly for J varying from 1 to 9. Then, the probability P(ξ n N ) is
calculated using Equation 1, and the soil type J with the maximum value of PSTJ (ξ n N ) among the nine
soil types is taken as the soil type for the n-th soil layer. The layer thickness h=[h1,h2,…,hn…,hN] is subsequently determined. The probability PSTJ (ξ N ) is the key input variable in Equations 1-2, and a
n ,i

probabilistic model is developed in the next section to estimate the PSTJ (ξ N ) value.
n ,i
4 PROBABILISTIC SOIL CLASSIFICATION BASED ON THE ROBERTSON CHART
Consider, for example, a CPT data point i with a combination of [ln( FRi ), ln(Qti )] value measured at a
given depth during the test. Because the Robertson chart and [ln( FRi ), ln(Qti )] are not perfect knowledge
or information, there exists an occurrence probability that the soil at this given depth, in fact, should be
classified as any of the nine types of soil. Such a probability can be quantified through a probability density function (PDF) (Wang et al. 2013), as shown in Figure 3, and be expressed as:

P(ln( FR ), ln(Qt ) σ ) =

1
2πσ FRσ Qt

× exp{−

[ln(FR ) − ln( FRi )]2
2σ FR

2

−

[ln(Qt ) − ln(Qti )]2
2σ Qt

2

}

(3)

where σ = [σFR,σQt], σFR and σQt are the standard deviation of the joint Gaussian distribution along the
ln(FR) and ln(Qt) axes, respectively.
Then, the probability PST J that the data point i with the measured values belongs to the soil type J is
expressed as:

PSTJ = ∫∫ P(ln(FR ),ln(Qt ) σ )d ln( FR )d ln(Qt )

for J = 1, 2,...,9

(4)

J

The two dimensional integration in Equation 4 is performed repeatedly for each soil type and each data
point to obtain the PSTJ (ξ n,i N ) . As illustrated in Figure 2, for a soil profile containing N soil layers, the N
sets of model parameters are defined as ΩN=[σ ,σ ,...,σ ], in which σn=[σFR,n,σQt,n], n=1,2,…,N.
The parameters of real interest in the identification of underground stratification are the thickness
vector h=[h1,h2,…,hn…,hN]. It is worthwhile to point out that dividing CPT data ξ into different soil layers requires information on the boundaries that separate various soil layers. Such information is unknown and needs to be determined in site characterization. In the next section, a Bayesian system identification method is used to infer the thicknesses and soil types of various soil layers for a given layer
number N.
1

2

Ν
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Figure 3. Probability contour and two-dimensional joint PDF for soil classification based on a given CPT data
point

5 BAYESIAN SYSTEM IDENTIFICATION OF THICKNESSES/BOUNDARIES OF SOIL STRATA
Within the Bayesian framework, the updated information on the estimation of the model parameters ΩN
based on the observation data is given by (Cao & Wang 2013):

P(Ω N ξ , N ) = K N P(ξ Ω N , N ) P(Ω N N )

(5)

where KN=1/P(ξ|N) is a constant; P(ξ|ΩN,N) is the likelihood function; P(ΩN|N) is the prior distribution.
The P(ξ|ΩN,N) is expressed as (Wang et al. 2013):
N

P(ξ Ω N , N ) = ∏ P(ξ n σ n , N )

(6)

n =1

where P(ξn|σn,N) is the likelihood function for the n-th layer and calculated using Equations 1-4. Note
that, as the boundaries of soil layers (layer thicknesses) change, the division of CPT data also changes.
Therefore, ξn is a function of layer thicknesses and P(ξn|σn,N) is also a function of layer thicknesses.
Similar to the likelihood function, the prior distribution in Equation 5 is expressed as:
N

P(Ω N N ) = ∏ P(σ n N )

(7)

n =1

where P(σn|N) is the prior distribution of the model parameters σn for the n-th soil layer, which is calculated using Equation 8.

1
⎧ 1
for σ FR ∈ [0,1.33], σ Qt ∈ [0,1.99]
×
⎪
P(σ n N ) = ⎨1.33 1.99
⎪⎩0
for others
387

(8)

Interested readers are referred to Wang et al. (2013) for detailed discussions on the prior distribution in
Equation 8. Then, the most probable thicknesses of the soil layers are identified using an asymptotic
technique to approximate the posterior PDF of the model parameters in Equation 5. The asymptotic
technique involves approximating the posterior PDF as a Gaussian PDF (Cao & Wang 2013, Wang et al.
2013). The posterior PDF for the model parameters is a joint Gaussian PDF with the mean value equal
to the most probable value (MPV) of the posterior PDF. The MPV, denoted by Ω *N , maximizes the posterior PDF. With the above approximations, maximizing P(ΩN|ξ,N), or for numerical convenience, minimizing an objective function f=-ln[P(ΩN|ξ,N)], leads to the posterior mean for the model parameters.
Note that, because the likelihood function in Equation 6 is a function of thicknesses of soil layers,
both the posterior PDF and the objective function are functions of soil layer thicknesses. Maximizing the
posterior distribution, i.e. minimizing the objective function, provides not only the MPV of ΩN but also
the MPV of layer thicknesses.
6 THE MOST PROBABLE NUMBER OF SOIL STRATA
The number N of soil layers is considered deterministic but unknown in the previous sections. Starting
from this section, it is considered as a variable k, and a Bayesian model class selection method (Beck &
Yuen 2004, Cao & Wang 2013) is used to determine the most probable value k* among a pool of candidate model classes. A model class herein is referred to a family of stratification models that share the
same number (e.g. k) of soil layers but have different model parameters (e.g. layer thickness hN and
model parameters ΩN). Let Nmax denote the maximum possible number of soil layers within the depth of
which CPT is performed. Then, the model class number k is a positive integer varying from 1 to Nmax.
The most probable model class M k* is the model class with the maximum occurrence probability among
all candidate model classes, given that a set of CPT data ξ is observed. The most probable layer number
k*, therefore, can be determined by comparing the conditional probabilities P(Mk|ξ) for all candidate
model classes and selecting the one with the maximum value of P(Mk|ξ).
According to Bayes’ Theorem (Beck & Yuen 2004, Cao & Wang 2013), P(Mk|ξ) is written as:

P(M k ξ ) = P(ξ M k ) P(M k ) / P(ξ ), k = 1,2,..., N max

(9)

where P(ξ) is a normalizing constant; P(ξ|Mk) is frequently referred to as the ‘evidence’ for the model
class Mk provided by the CPT data ξ; P(Mk) is the prior probability of the model class Mk. If no prevailing prior knowledge on the number of soil layers is available, the prior probability for each of the Nmax
candidate model classes is the same, and therefore, P( M k ) can be taken as 1/Nmax. Then, according to
Equation 9, P(Mk|ξ) is proportional to P(ξ|Mk), and the most probable number of soil layer can be selected by comparing the value of P(ξ|Mk) among the Nmax candidate model classes. Detailed discussions
on the Bayesian model class selection method and formulas for calculating the evidence P(ξ|Mk) are referred to Wang et al. (2013).
The P(ξ|Mk) is calculated repeatedly for k=1,2,…,Nmax, and the most probable number k* of soil layers are determined by selecting the model class with the maximum P(ξ|Mk) value. Note that the most
*
probable thicknesses h k have been determined in the previous section. Therefore, the determination of
the most probable number k* of soil layers simultaneously leads to the determination of the most proba*
ble thicknesses h k * .
The proposed Bayesian approaches have been shown to perform well for some real-life examples, in
which the boundaries of the soil layers are inferred from other field test results (Wang et al. 2013). Interested readers are referred to Wang et al. (2013) for details. In the next section, the proposed approaches
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will be further validated using a set of simulated CPT data, for which the true boundaries of the soil layers are known and available for validating directly the Bayesian approaches.
7 SIMULATED EXAMPLE
The CPT data is simulated from a three-layer soil profile, with respective thicknesses of 3 m, 4 m, and 5
m and a depth interval of 0.1 m. The ln(FR) and ln(Qt) data points are generated from three statistically
independent populations with different means and standard deviations for three layers, respectively. The
distribution of the ln(FR) and ln(Qt) of the simulated CPT data is shown in Figure 4. Figure 5 plots the
ln(FR) and ln(Qt) data pairs in the Robertson chart. The data points are mainly located within the areas 3,
6 and 7 (see Table 1 for the description of each soil type), with some scattered data points in the areas of
2, 4, 5 and 8. Note that in practice the true boundaries of soil layers are unknown, and they are estimated
from project-specific test results and prior knowledge.
Consider, for example, four candidate model classes. For all model classes, the prior distributions of
model parameters are all estimated using Equations 7 and 8. Using the prior knowledge and the CPT data shown in Figure 4, the Bayesian methods described above are used to determine the most probable
number of soil layers and identify the most probable thicknesses and soil types of the layers, as discussed in the following two subsections, respectively.
7.1 The most probable number of soil strata
Table 2 shows the logarithm of evidence (i.e. ln[P(ξ|Mk)]) in the second Column for the four candidate
model classes. It increases from -301.9 to -91.7 as k increases from 1 to 3 and it then decreases from 91.7 to -95.0 as k further increases from 3 to 4. The model class with three soil layers has the largest
value of evidence among all the four model classes. Therefore, the most probable number of soil layers
is three. The true number of soil layers is identified correctly. In addition, the soil types for the three layers are classified as soil type 7, soil type 6 and soil type 3, respectively. They agree well with the true
soil types defined in the original data.
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Logarithm of normalized Logarithm of normalized
Soil Type
Model Class
friction ratio, ln(FR)
tip resistance, ln(Qt)
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-0.3
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sand

Depth (m)

4
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Figure 4. A set of simulated CPT data and the most probable boundaries of soil layers for different model classes
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Figure 5. The distribution of the simulated CPT data points on the Robertson soil classification chart
Table 2. Results of the Bayesian model class selection approach in the simulated example
Model class

M1
M2
M3 *
M4

ln[P(ξ|Mk)

-301.9
-108.7
-91.7
-95.0

The most probable thicknesses hk*
h 1*
h 2*
h 3*
m
m
m
12.0
7.0
5.0
3.0
4.0
5.0
3.0
4.1
1.0

h 4*
m
3.9

7.2 The most probable thicknesses or boundaries
*

The most probable thicknesses (i.e. h k ) of soil layers for the four model classes are also summarized in
Table 2. The most probable boundaries for the four model classes and the true boundaries of the three
soil layers defined in the original data are delineated in Figure 4 by dashed and solid lines, respectively.
*
For the most probable model class M 3 , the most probable thicknesses of these three layers are 3.0 m,
4.0 m and 5.0 m, respectively. They agree well with the true boundaries.
8 SUMMARY AND CONCLUSIONS
This paper developed Bayesian approaches for identifying underground stratigraphy and estimating soil
properties based on CPT data. The uncertainties in the CPT data interpretation are modeled explicitly in
the Bayesian approaches. The interpretation of CPT data is treated as an inverse analysis problem, in
which the CPT data (e.g. cone tip resistances and sleeve frictions observed during CPT) are used as input of the inverse analysis while the output is the underground stratigraphy and soil properties in each
soil layer. The proposed Bayesian approaches were integrated with the Robertson chart for proper characterization and quantification of the uncertainty in the CPT-based soil classification and the spatial dis390

tribution of the CPT data. The Bayesian approaches contain two major components: a Bayesian model
class selection method to identify the most probable number of underground soil layers and a Bayesian
system identification method to estimate the most probable layer thicknesses and classify the soil types
simultaneously. Equations were derived for the Bayesian approaches, and the approaches were illustrated using a set of simulated CPT data. It has been shown that the proposed approaches correctly identify
the underground soil stratification and classify the soil type of each layer for both simulated and real-life
CPT data (see Wang et al. 2013). The uncertainties associated with the Robertson chart and spatial variability of CPT data are quantified directly in the Bayesian approaches. When compared with the fuzzy
logic approach developed by Zhang and Tumay (1999), the proposed Bayesian approaches are not only
fully compatible with the Robertson chart (i.e. no new soil classification index is needed), but also provide stratification of soil layers directly (i.e. no subjective engineering judgment is needed to further determine the soil layers from soil classification of each data point).
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Relationship between CPT parameters and properties of saturated ultrasoft clays in the Pearl River delta
Z.M. Li

Geotechnical Engineering Technology Center，Guangdong University of Technology, Guangzhou, China

ABSTRACT: Theoretical relationships between CPT parameters, elastic parameters and undrained
strength of soil are presented based on an elastic-plastic solution for cylindrical cavity expansion. The relation between CPT parameters and shear strength from vane test is also presented from the theoretical
result. Thus, the CPT parameters can be determined directly by elastic parameters and shear strength or
vane shear parameters; and vice versa. That makes possible to save the high test cost and provides theoretical formulas to avoid some tests limited due to the site and/or other condition. Results are compared
between the theoretical results and in situ data from CPT and VST, at a large-scale ultra-soft ground
treatment project in the Pearl River Delta The results showed consistency of the two kinds of results, as
well as the feasibility and practicality of the theoretical formulas.

1 INTRODUCTION
The Cone Penetration Test (CPT) is usually used to determine the geotechnical engineering properties of
soils and to delineate soil stratigraphy, and is one of the most widely used and accepted method for soil
investigation worldwide, including in China. As large-scale basic construction is conducted in China,
especially in the Pearl River delta, they inevitably encounter a lot of soft soil ground, even ultra-soft soil
whose natural void ratio is greater than 1.5, and water content greater than the liquid limit. The CPT is a
method to determine the basic parameters of soil characteristics, including tip resistance qc, side friction
fs, friction ratio Rf（= fs/qc x 100%）and specific penetration resistance Ps （the quotient of total penetration force and projected area of the probe. These parameters can be utilized to determine the bearing
capacity for foundations, but (according to the Building Code in China (Code DBJ 15-60-2008) the CPT
can not be used to estimated the undrained shear strength Su and soil sensitivity St, which are usually obtained from In-Situ Vane Shear Test (VST). However, both CPT and VST reflect, to some extent, the
soil characteristic of the resistance to shear force, and there is reason to believe that certain corresponding relationship exists between CPT and VST parameters. In fact, many researchers have made the link
(Chui & Ding 2004, Lin 1994, Li 2011, Robertson & Campanella 1988, Robertson & Cabal 2012, Yan
et al. 2009, Yang & Xiong 2010). However, for saturated ultra-soft clays, related work is very rare.
Based on elastic-plastic analysis of the cavity expansion process and the penetration characteristics of
saturated soft clays, this paper is aimed at establishing theoretical relations among VST, CPT and other
often used mechanical parameters, and comparing in site measured data to evaluate the relationships to
provide a basis for further understanding of the nature of ultra soft soil, and also to reduce some tests so
as to save test cost and improve test efficiency in practice.
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2 BASIC EQUATION ESTABLISHMENT FOR PARAMETERS OF SATURATED SOFT CLAY
2.1 Empiric method
A large number of test data were utilized for statistics analysis, to establish certain relations between tip
resistance qc, side friction fs and undrained shear strength of cohesive soils Su. The typical statistical fitting equations are shown in Tab. 2-1 (Li 2011, Robertson & Campanella 1988, Lin 1994).
Table 2-1. Empiric relation between qc or Ps with Su
No
.
1

Practical relation

Su  0.071qc  1.28

Applied conditions

Sources*

qc < 700kPa

Tongji university

qc < 800kPa

Ministry of Railways

3

S u  0.039qc  2.7

3

Su  0.0696Ps  2.7

4

Su  0.0543qc  4.8

5

Su  0.0308PS  4.0

6

Su  0.05PS

7

Su  0.0579PS  1.9

8

Su  0.0564PS  1.8

9

Su  0.057 PS

10

Su  qc   c  / Nc **

------

Lin Zong-yuan

11

qc  Cu N c   v 0 ***
Su  0.063qc  1.91

------

Robertson & Campanella, (1988)

Ps =300～1200
Saturated soft clay
qc =100~800kPa
Soft clay in Shanghai and Guangzhou
Ps =100～1500kPa
Newport soft clay
Newport soft clay
Ps =200～1100kPa
Saturated soft clay in Xuzhou
Ps <700kPa
lake peat and peat soil of Dianchi

Wuhan CPT Union
Sichuan institute of building
Navigation design and research institute
The 3rd Inst. of Ministry of Railways
First industry design institute of Jiangsu
The 4th Inst. of Ministry of Railways
Hydropower survey and design institute of
Hunan

100kPa< qc<800kPa
Zhang-ming Li’s Research group, (2011)
50kPa< qc<600kPa
Su  0.042PS  3.74
* Relations No. 1-10 are from Lin (1994), No.11 and No.12 are from Robertson & Campanella (1988) and Li (2011).
**σc= Gravity stress at the probe; Nc = the empirical coefficient of bearing capacity，Nc＝9~19
*** Nc= cone-tip resistance coefficient; σvo= the overlying pressure
12

The empiric relation in Tab.2-1 can be summed up in a generally linear formula:
Ps  A2 Su  B2
qc  A1Su  B1 ,
or
Where the statistical fitting coefficient A1 and A2 are positive constant, while B1 and B2 could be positive
or negative. These coefficients are regarded as constant in most studies except that by Robertson and
Campanella (1983) the coefficients were thought to be related to the depth of the measuring point. The
two coefficients of the empiric expressions, in short, generally only the fitting coefficient, have no clear
physical-mechanics connotation and cannot be determined by the existing mechanical parameters.
2.2 Formula establishment based on the plastic theory of spatial axil-symmetrical problem
The following assumptions were made according to the properties of saturated soft clay and process
characteristics of CPT: (1) The cone penetration process can be considered as an elastic-plastic problem
in the process of cavity expansion; (2) Use Coulomb strength criterion and assume the value of internal
friction angle of saturated soft clay in undrained CPT process,   0 ; (3) In the cavity expansion process,
elastic volume change of the plastic-zone soil is relatively small and can be ignored.
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Then the radial expansion pressure Pu of the cavity wall (i.e. lateral surface of probe), after a cylindrical cavity expansion, can be obtained upon the above three assumptions (Gong 1999).


E
 1
Pu   xR n  c ln I X  1  c ln
 21   c


Ix 

E
21   c

Where  rRu = the stress at the inside radius of the cylinder after expansion; C = cohesive force; E = the
elastic modulus; and v = Poisson ratio.
Take the equilibrium condition of penetration probe:
D
D
4L
( )2qc  DLcfs  ( )2  z ， namely qc  c fs   z
2
2
D
Where qc= Tip resistance; fs = Side friction; Lc = Effective friction length of penetration probe, D =
Probe diameter.
Then, fs can be got from the radial expansion pressure (multiplied by the friction coefficient):

fs   rRu   c[ln

E

 1]
（2.1）
2(1   )c
Where  = the friction coefficient between the penetration probe and the surrounding soil.
The penetration problem is a spatial axisymmetric problem in mechanics. The side and bottom of
penetration probe (corresponding to the plane, r = Ru and z = h, in the cylindrical coordinates) could
considered as principal plane, and according to the balance equation of the axisymmetric problem, that
is

d z
 z
dz

Solve the equation and obtain the constant according to the boundary conditions, we got

 z  z 2 / 2  h 2 / 2
Then, the formula on qc can be obtained from the equilibrium conditions of penetration probe:
4L
h 2
4L
qc   z  c fs  
 c c(ln I r  1)
（2.2）
D
2
D
where  = natural gravity density of soils; h = the depth of penetration probe.
In Eq. (2.2), the right side is negative, which indicates that the acted directions of qc and σz are opposite.
Both single-bridge (the cone together with the outer sleeve, which can only measure a parameter Ps,
used widely in China) and double-bridge (the cone separate with the friction sleeve, which can measure
two parameters, i.e. the tip resistance and side friction) penetration probe have the same penetration way,
then get the specific penetration resistance Ps
（2.3）
ps  qc  mfs
Where m = the ratio of the effective friction sleeve surface area of single-bridge probe to the doublebridge one. As to the single-bridge and double-bridge probes of the same bottom area, m is the ratio of
side effective contact length. For a standard probe with a bottom area of 10 cm2, m=57/179.
For saturated soft clay, the internal friction angle could be assumed,   0 . According to the Coulomb strength criterion, get VST shear strength Su =  =c, put in the Eq. (2.1) and Eq. (2.2), then the
value of qc and fs could be calculated. These two equations describe the relations between parameters in
CPT and VST of saturated soft clay.
Sensitivity coefficient, St = Su / Su', in which Su is undrained shear strength of undisturbed soil, while
Su' is that of disturbed soil.
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Sensitivity coefficient of undisturbed soil can also be estimated by Friction ratio Rf of double-bridge.
Schmertmann (1978) came up with the relation, St=Ns/Rf , in which Rf= fs/qc×100%, then
（2.4）
St  N s / R f  N sqc /f s
Ns, as a dimensionless coefficient, was obtained by comparing CPT results with laboratory results by
Robertson & Campanella (1988) and the average value is 6. Studies by Rad & Lunne (1986) showed
that the Ns value changed in the range of 5 ~ 10, average 7.5. Lunne et al (1997) argued that the value
depended on the mineral, OCR and other functions, and no unique value was suitable for all the clay.
The relationship between sensitivity St from the VST and the parameters of CPT was described in Eq.
（2.4）.
As to specific penetration resistance Ps, it can get directly from Eq. (2.3) upon qc and fs.
This far, four important parameters, including side friction fs, tip resistance qc, specific penetration resistance Ps and sensitivity coefficient St can be calculated by Eqs.（2.1）~（2.4）respectively. The
three parameters fs, qc and Ps are the theoretical solutions; while St is a semi-empirical solution due to it
is related the semi-empirical relationship of Schmertmann. Note that these formulas are nonlinear in
terms of strength parameters, rather than linear which are expressed by general empirical formulas.
Also, making use of Eq. (2.1) and Eq. (2.2), the elastic modulus E can be calculated by side friction
fs and tip resistance qc, respectively:

E  2(1   )c  e

(

fs
1)
c

D

and

E  2(1   )c  e

4 cLc

(qc 

h
2

1)

（2.5）

Moreover, the difficulty in determining bearing capacity of deep soft soil foundation may be effectively solved when using Eq. (2.5).
3 SITE CONDITIONS
A ground treatment site in the Pearl River delta region of China was used to collect in-situ data. The site
area is 186000 m2, the surface layer is saturated ultra-soft clay of 11 m thick, with an average moisture
content of 75.0% and average void ratio of 2.087.
As shown in Fig. 3-1, the engineering geological condition within the scope of soft ground treatment
was very poor. The site, once artificial-surrounded fishing ponds of different sizes, was disposed with
hydraulic reclamation. The strata distribution and physical indicators are shown in Table 3-1. The static
-dynamic drainage consolidation method (Li 2011) was utilized in improving this ultra-soft soil ground;
according to the site conditions, 3 to 4 times of point-tamping and one general-tamping were required.

Figure 3-1. In situ situation before the ground improvement
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Table 3-1. Strata distributing in the test area
Soil name

Thickness /m

Artificial hydraulic fill

0.0~5.5

Distribution is very uneven with, high water content

muck

3.5~20.5

Average12.0m, plastic flow state (water content is greater than liquid limit). The water content is 45.8% ~ 114%, average 75.0%; void ratio of
1.517 ~ 2.992, average 2.087.

Silt clay

0.7~9.5

Alluvial source, plastic state (water content is greater than plastic
limit).

Sandy clay

1.0~12.7

Completely decomposed
granite
Strongly decomposed
granite

Soil description

Eluvial source, brown, maroon-based, hard plastic, local plastic like, decomposed granite
Gray, maroon-based, with a hard core of soil column, easily disi ntegrating by water

2.1~10.5
0.7~13.2

Purple, gray, soil cores were folder or chunky rock, soft rock

4 TEST METHODS AND EQUIPMENTS
Before the test, according to geologic condition and working condition of the site, choose the penetration equipment in combination with engineering requirements for the test depth. Select thrust tonnage of
the penetration equipment and prepare a reaction system to ensure the thrust force.
Choose probes on the basis of the suggestion given by Yilmaz (1991), as shown in Table 4-1, and
choose different capability of probes according to soil conditions, seen in Table 4-2.
Table 4-1. Probe selection
qc (MPa)

Probe capability (total capacity) (kN)

extra soft

5~12.5

10~25

soft ~ medium soft

12.5~25.0

25~50

medium soft ~ hard

25.0~50.0

50~100

＞75

≥150

Soil conditions

Clay

Dense sand

Table 4-2. Probe dimensions
Projected
area of the
Cone
A/ cm2

Probe
diameter
D/ mm

Apex angle
α/°

10

35.7

60

Single-bridge
probe
Effective friction
side wall length
L1 / mm
57

Double-bridge probe
Friction sleeve
surface area
/cm2
200

Friction sleeve
length
Lc /mm
179

Monitoring instruments and precision:
(1) Instrument for monitoring point layout: Leica TC307 Total Station; precision﹤1/4 s;
(2) Single-bridge probe: DQ-10Y, measuring range 0~30KN, precision 10N;
(3) Double-bridge probe: SQ-10Y, measuring range 0~30KN, precision 10N;
(4) DY - 2000 multi-purpose digital tester: testing accuracy≦±0.5%±1 word.
Calibrations of the probes including strain gauge load cells and pressure transducers were carried out
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at regular intervals according to relative order, all according to the relevant regulations, to verify and ensure the quality of the probes. Initial induce measure and sensibility of sensors was described in Table 43.
Table 4-3. Initial induce measure and sensibility of sensors
Level I
Maximum penetration
resistance
2.5～5.0MPa

Level II
Maximum penetration
resistance
7.0～12.0MPa

Level III
Maximum penetration
resistance
12.0～20.0MPa

ps , qc

10~20

30~50

50~100

fs
u

0.1~0.2

0.3~0.5

0.5~1.0

2

5

10

Initial induce
level
measure /kPa
parameter

Penetration locations were set up roughly-evenly throughout the site, and the penetration test of each
location was conducted three (3) times, that is, before tamping, after the 1st point-tamping and after
tamping, with a test depth of 8～11m. The monitoring points were set up with the use of Total Station,
to make sure the uniformity of these points before and after tamping.
VST were carried out at the same plane position of penetration points. The parameters of vane head:
H—100mm，D—50mm，thickness—3mm; vane shear probe: SB-1Y，measuring range 0~30kN, precision 1Nm. VST were conducted below the surface (the original ground face) with a depth of 2 m or 4
m, 6 m and 8 m.
Quite a few measuring points were difficult to test because of the extra-poor site condition before
tamping, therefore, test data after the 1st pass of point-tamping were utilized in this article.
5 ANALYSIS AND COMPARISON BETWEEN TEST AND THEORETICAL RESULTS
5.1 In-site test results
qc－h curve of CPT
（Orifice No.5，elevation：+7.96m）
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Figure 5-1(a). Relation curve
between qc with h（Deepness）
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Figure 5-1(b). Amplificatory curve
between qc with h in the soft soil
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Figure 5-2(a).Typical relation curve
of VST

Su '-h curve of VST
(Orifice No.12，elevation: +7.50m）
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Figure 5-4. Relation curve of fs

Typical CPT and VST curves are shown in Fig. 5-1 and Fig.5-2 separately.
Fig. 5-1 and Fig. 5-2 displayed the change in mechanical strength characteristics of this ultra-soft clay
before, during and after the improvement. It is clear that the improving effect was obvious in the upper
4m.
5.2 Comparison between test and theoretical value of penetration parameters
According to soil tests, the relevant parameters were: Su = 8.4kPa, E = 1.31MPa, ν = 0.35，γ =
18.5kN/m3, μ= 0.085; Geometric parameters of probes: Lc = 179mm, D = 35.7mm. Took Ns = 6, which
is suggested by Robertson, when calculating sensitivity coefficient St. Calculation depth was 0.5 ~ 8m.
Because of the poor permeability of clay, gravity stress was obtained by calculating water and earth
pressures together, and qc or fs was calculated once per 0.1m respectively.
Results of comparison between theoretical and test data were shown in Fig. 5-3. As shown in Fig. 5-3,
the relative laws of the test parameters of CPT were as follows:
(1) In process of penetrating into saturated soft soil, qc grew slowly with h, the slope of the calculated
curve was not a constant, but changed a little; fs kept essentially unchanged with the depth h.
(2) The critical depth was not obvious when the probe was penetrated in saturated soft soil. The cause
might be ultra-soft clay is different with other soils; on account of the small value of friction angle  in
saturated soft clay, shear strength and friction kept minor changes with the increase of depth.
The figure also indicated that the theoretical values were in good consistency with the test ones.
5.3 Comparison between measured and theoretical values of Su with other parameters
(1) On the relationship between qc with Su
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Figure 5-5. Relation curve between qc with Su

Figure 5-6. Relation curve between fs with Su

Seen from Fig.5-5, the test data shows a positive correlation between qc and Su. However, the curve
deviates from linearity. The results also indicate that the value of elastic parameters have an effect on results from theoretical calculations. In general, it is showed the overall consistency of theoretical and test
value.
（2）On the relationship between fs with Su
From Fig. 5-6, the test data shows a general linear trend of fs ~ Su. The theoretical value has a better
consistency with the test value in a certain range (Su <40kPa) , indicating that the theoretical formula is
suitable for soft clay.
（3）On the relationship between Ps with Su
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Figure 5-7. Relation curve between Ps with Su

Figure 5-8. Relation curve between St with Su

Fig.5-7 shows that the Ps ~ Su curve is a combination of the above two curves, fs ~ Su and qc ~ Su, and
in the same way, the theoretical value has a better consistency with the test value.
(1) On the relationship between St with Su
Fig.5-8 shows that in theory, St is reduced with the increase of Su. However, the test data indicates the
presence of one kind of soil, whose St remains unchanged as soil shear strength increases. It is not hard
to see, semi-empirical formula (2.4) suggested by Schmertmann etc., only shows that St would decrease
with soil shear strength. The relation of St with Su would be further developed.
Seen from the above comparison between the test results and theoretical values, the two kinds of values have good consistency for saturated soft clay. If there is some deviation, the reason is the complex
mechanical properties of soft clay, including: (1) the theory assumptions are simplified, such as the soil
is assumed to be a simple elastic-plastic body; (2) the complex mechanical process in the penetration
process is not taken into account, like the generation of pore water pressure (tip resistance qc can be corrected as pore pressure is included), etc.; (3) the variability of soils properties, like the effect of residual
shells in the soft soil formation, etc.
The theoretical formula built the relationship among these important mechanical quantities of in situ
tests, which not only makes for saving huge amounts of test time and cost for the project design, but also
provides a way for the further development of relative theory.
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6 CONCLUSIONS
(1) The existed empirical relationship between the parameters of CPT and shear strength can be
summed up as a general linear formula, in which the constant coefficient could be positive or negative.
Physical-mechanical connotation of these coefficients is not clear and even conflicting.
(2) As a spatial-axisymmetric problem, with plasticity theory of cylindrical cavity expansion, theoretical relationship between the parameters of CPT (including tip resistance qc, side friction fs and specific
penetration resistance Ps), the elastic parameters and undrained stength of soil were established. Meanwhile, the relationship between CPT parameters and shear strength value of vane test was also obtained.
(3) The above established theoretical relationship is nonlinear in terms of strength parameters, rather
than linear expressed by the general empirical formulae.
(4) Comparing results from theoretical calculation with in situ data of CPT and VST in an actual ultra-soft soil treatment project in the Pearl River Delta, it indicated that the good consistency between
theoretical relations (fs ~ Su, qc ~ Su and Ps ~ Su) and the test data. And semi-empirical formula on St of
VST, only showed that sensitivity coefficient would decrease with soil shear strength, so this relationship on sensitivity coefficient should be further developed.
(5) Seen from these derived theoretical relationships, the penetration parameters can be directly determined by the conventional mechanical parameters (such as elastic parameters and undrained strength)
or vane shear parameters, and vice versa; Elasticity modulus E can also be calculated by tip resistance qc
or side friction fs. All these make for saving the high cost of testing and provide theoretical methods and
formulas to avoid some tests limited due to the site and/or other condition.
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Field observations of CPT penetration rate effects in Burswood clay
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University of Western Australia, Crawley, WA, Australia

ABSTRACT: This paper presents cone penetration test data from a site in Perth (Western Australia) for
tests conducted with different penetrometer velocities in Burswood clay. Burswood clay is a sensitive,
high plasticity silty clay and has been well investigated by previous researchers. The results include piezocone test data performed at rates down to velocities 100,000 times slower than the standard rate of 20
mm/sec. Partial consolidation effects are seen to become progressively more significant as velocities reduce below 0.2 mm/s while viscous rate effects dominate at rates greater than 2 mm/sec. The test performed at the slowest velocity registered excess pore pressures of less than 4% of the fully undrained
pressures and hence the resistance measured in this test could be assumed to be the drained CPT resistance. The paper discusses the ratio of this drained resistance to the undrained resistance and compares the results with those observed in a previous centrifuge study employing reconstituted Burswood
clay.

1 INTRODUCTION
It now well established that penetration resistance varies with penetration velocity due to partial consolidation of soil close to the penetrometer tip and also due to viscosity. Penetration in clay at the standard
penetration rate of 20 mm/sec is commonly expected to be fully undrained with no dissipation of excess
pore pressure. At slower penetration rates, however, excess pore pressure can partially dissipate and
hence penetration occurs under partially drained conditions. A normalized penetration velocity (V), such
as proposed by Finnie & Randolph (1994), is commonly employed to assist with classification of the nature of cone penetration i.e. fully undrained, partially drained and fully drained. Suzuki et al. (2012)
show that the following definition of V may be adopted:
(1)
where v is the cone penetration rate, d is the cone diameter and ch is the horizontal coefficient of consolidation measured in piezocone dissipation test. The use of ch is thought to be the more suitable than the
vertical coefficient of consolidation measured in element tests (cv) as it reflects the nature of consolidation occurring around the penetrometer e.g. the re-loading nature of re-consolidation and the prevalence
of horizontal drainage. Using the velocity normalization with cv, DeJong & Randolph (2012) used data
from kaolin clay to conclude that drained penetration occurs at V less than 0.3 and that undrained penetration occurs at V greater than 30. Suzuki et al. (2012) presented variable rate penetration tests in clayey
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silt deposits and suggested that drained conditions arise at Vh < 0.05 and that undrained conditions occur
at Vh > 5.
Much of the research performed to date into penetrometer rate effects in clay has been performed using centrifuge models (e.g. Randolph & Hope 2004, Schneider et al. 2007, and Suzuki & Lehane 2014
(Submitted)). Variable rate penetration tests in the field have been relatively rare partly because of a lack
of a reliable variable velocity control system by many CPT contractors but also because of the time and
costs associated with testing in the field. One recent example of a field based study is presented by
Schneider et al. (2004), who conducted variable rate penetration tests in Burswood clay, using piezocone
(CPTU), T-bar and ball penetrometer over a velocity range of 0.01 mm/s and 20 mm/s. The authors observed significant viscous rate effects in the undrained region but found the penetration resistance at
0.01 mm/s (i.e. 2,000 times slower than the standard rate) to be almost the same as that at the standard
rate; the lowest penetration resistance was recorded at a velocity of 0.4 mm/s.
This paper extends the database of full scale investigations of penetrometer rate effects and presents
results from variable rate piezocone tests performed at the same Burswood clay site investigated by
Schneider et al. (2004). A notable difference between this investigation and that of Schenider et al. was
that this investigation explored a much wider range of penetrometer velocities - with the lowest velocity
being 100,000 times slower than the standard rate of 20 mm/s. Further insights into penetrometer rate effects are then obtained by comparing these results with the Schneider et al. field data and with the variable rate centrifuge penetration tests conducted by Chung et al. (2006) in reconstituted Burswood clay.
2 BURSWOOD SITE DETAILS AND BURSWOOD CLAY PROPERTIES
The site selected for variable rate penetration tests was at Burswood, which is located on the bank of the
Swan River and only a few kilometers from the center of Perth, Western Australia. The testing area employed for this study is about 500 m away from the area that had previously been investigated extensively by the University of Western Australia (UWA) e.g. see Low et al. (2011). Burswood clay is a very
lightly overconsolidated sensitive silty clay deposit with a high to very high plasticity index. Some of
the soil properties measured in laboratory tests on thin-walled, 70 mm inside diameter tube samples collected from the location close to the current series of piezocone tests are listed in Table 1. The properties
reported in Low et al. (2011) as well as those of reconstituted samples reported in Chung et al. (2006)
are also listed.
Table 1. Soil properties of Burswood clay
Reconstituted
Burswood clay
(Chung et al. 2006)
Sample depth (m)
5.7 - 10.9
5 - 15
~6
Liquid limit, wl (%)
61 - 97
65 - 100
120
Plastic limit, wp (%)
26 - 37
25 - 38
51
Natural water content, w (%)
55 - 89
65 - 120
55 - 86
Compression index, Cc
0.6 - 1.1 (Ccmax)
0.6 - 2.2 (Ccmax)
0.66 - 0.82
Coefficient of consolidation, cv (m2/yr) *
1.7 - 8.8
3.7 - 46
0.35-0.54
Peak friction angle ’ (°) from TXC
33 - 38
30 - 53
29 - 32
* cv at in situ stress levels (’v0); cv for normally consolidated reconstituted samples (’v up to 500 kPa)
Soil property

Burswood clay
(This study)

Burswood clay
(Low et al. 2011)

Table 1 indicated that soil properties obtained in this study are similar as those reported in Low et al.
(2011). The compression index (Ccmax) and the coefficient of consolidation (cv) were obtained from a
constant rate of strain consolidation (CRSC) test on intact samples, whereas Cc and cv for reconstituted
samples were measured in Rowe cell tests. The high maximum values of Cc for the intact soil compared
to those for reconstituted samples highlights the influence of structure and is in keeping with the findings of Burland (1990). The cv values obtained for the intact samples are about 10 times higher than the
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cv of the normally consolidated reconstituted samples. Undrained triaxial compression test results indicate that the inferred peak friction angle (’) of the intact samples (assuming c' = 0) is significantly higher than that of the reconstituted clay.
3 FIELD TEST RESULTS
3.1 Apparatus modification
The field tests reported here used the lightweight CPT rig manufactured by the UWA as detailed in
Schneider et al. (2004). This series of tests, however required a modification involving the replacement
of the gearbox to allow much slower penetration rates than those possible with the original gearbox. The
piezocone employed, which is the same as that described by Suzuki et al. (2012), had a cone diameter
(d) of 35.7mm with a pore pressure filter on the shoulder of the cone to measure u2. The output data
were recorded at 20 Hz and then averaged over 10 mm intervals for presentation purposes.
3.2 CPTU profiles
The profiles (recorded at the standard rate of 20 mm/s) of the corrected tip resistance (qt), the net cone
resistance (qnet = qt - v0) and the pore pressure (u2) are shown in Figure 1. One piezocone test reported
by Schneider et al. (2004) and conducted about 500 m away is also plotted for comparative purposes.
The piezocones were installed via 3m deep pre-drilled boreholes. In general, apart from spikes, potentially due to silty lenses or existence of shell fragments, qnet increases from 220 kPa at 6m depth to 320
kPa at 10 m depth while u2 increases from 160 kPa to 250 kPa over the same depth interval. The qt values measured in this area are about 50 kPa higher than those reported in Schneider et al. (2004) while
the two sets of u2 measurements are in good agreement (noting that these two testing locations are 500 m
away). Experience by the authors at this location suggests that qt can be resolved to ±30 kPa provided
that appropriate temperature corrections are made.
Figure 2 compares one variable rate penetration test conducted between 6 and 7m depth with results
recorded at the standard penetration rate. As indicated on this figure, the penetration rate (v) was reduced
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Figure 1. Standard rate CPTU at Burswood
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Figure 3. Variable penetration rate tests at 10 to 11 m depth in Burswood clay

from 4.0 mm/s to a final velocity of 0.0002mm/s. The penetration distance employed at each rate was 5
cone diameters (5d) apart from for the slowest velocity when a distance of 2d was employed. The sequence of velocities employed in this test (involving progressive halving of velocities) is referred to as a
‘twitch’ test, as originally proposed by House et al. (2001).
It is evident that u2 tends to reduce significantly below the standard u2 values when v reduces to
below 0.2 mm/s; u2 values tend to hydrostatic pressures (u0) when v drops to about 0.002 mm/s. This
pore pressure trend is mirrored by increases in qnet as v reduces below 0.02 mm/s. After the extremely
slow test at v = 0.0002 mm/s, the subsequent rapid acceleration to v = 2 mm/s evidently leads to the
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development of suction (negative Δu2). It is also noted that, for this stage, unlike standard piezocone
tests in clay, virtually no excess pore pressures exist in the soil on completion of the v = 0.0002 mm/s.
Figure 3 shows other variable rate piezocone test results between 10 m and 11 m depth, with
velocities following the ‘twitch’ test format, described earlier. Velocities were held constant over
penetration distances of 2d. For this case, the standard test profile, which was not measured and had to
be estimated, is plotted on the figure using the dashed lines. As the penetration rate reduces from 20
mm/s, it is evident that the qnet reduces by ~20% when v has slowed to 0.4 mm/s. u2 values tend to show
a very small rate dependence over this velocity range.
The data on Figure 2 and Figure 3 required filtering prior to examination of general trends. This
filtering allowed for (i) effects of time delays associated with the addition of a new 1m length of CPT
rod; the stoppage locations are indicated using a dotted circle in the velocity profiles in Figure 2 and
Figure 3, and (ii) unforeseen halting of the penetrometer velocity halfway through the v = 0.002 mm/s
stage; see Figure 2. Only data recorded after a penetration of at least 2d are considered and averaged
values are employed beyond this penetration distance. The averaged values are shown by black circles
on the figures. It is also noted peaks observed between 6.4 m and 6.5 m depth were ignored for
averaging purposes.
3.3 Coefficient of consolidation
The horizontal coefficients of consolidation (ch) were assessed from (standard rate) piezocone
dissipation tests performed at 1 m intervals between 3.8 m and 10.9 m. The solution of Teh & Houlsby
(1991) was employed and the initial maximum pore pressures (upred) were estimated by assuming a
linear reduction in u2 versus the square root time after cone penetration was halted (noting that pore
pressures dropped by on average about 20% when the cone penetration was halted). The predicted initial
pore presssures for each dissipation test compared well with the pore pressure profile obtained at the
standard penetration rate of 20 mm/s. Figure 4 plots the excess pore pressures normalised by the initial
pore pressures predicted versus the Teh & Houlsby (1991) time factor (T*). A rigidity index (Ir) of 150
is assumed here and the ch values derived are summarized in Figure 4.
Once penetration stopped for dissipation tests, the pore pressure dissipation shows a delay to reach a
peak pore pressure about 80 seconds later. The average ch value is 12 m2/year and the standrad deviation
of 6 m2/yr reflects local stratigraphical variations and also well known inaccuracies in the ch derivation
procedure. The ch obtained here is similar to the average ch value of 18 m2/year reported in Schneider et
al. (2004) for an estimated Ir of 170. The mean ch value is slightly higher than the cv value at ’v0
measured in CRSC tests (see Table 1) as re-consolidation around a cone occurs in a re-loading mode. A
larger horizontal permeability is also likely to contribute to the observed difference.
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Figure 4. Normalized dissipation curves (Ir = 150)
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3.4 In situ CPTU rate dependency
Figure 5 summarises the in situ piezocone rate effect on the normalized penetration resisatance (Q =
qnet/’v0) and the pore pressure ratio (u2/’v0). The selected 10 mm interval data points (as mentioned
earlier) are represented by dots and the averaged values are plotted with open circles for data between 6
and 7 m depth. The data at 10 to 11 m are plotted with open triangles. The variable penetration rate
(twitch test) results presented by Schneider et al. (2008) are also shown in Figure 5. The following
observation are made:
 There is a relatively large increase in Q and a sharp drop in u2/’v0 between penetrometer
velocities (v) of 0.2 to 0.002 mm/sec; partial consolidation effects are likely to be most significant
in this range.
 The variation with v of the u2/’v0 ratios suggests that totally undrained conditions operate at
velocities greater than about 1 mm/s.
 As v reduces and u2/’v0 approaches zero, the rate of change in Q gets smaller and conditions
could be considered essentially drained when v < 0.001 mm/s.
 As shown by Schneider et al. (2004), the Q values recorded between 10 and 11m tend to increase
above v = 0.1 mm/s. Such increases are associated with viscosity. Q data from between 6 and 7 m
show more scatter possibly reflecting non-uniform ground conditions.
 The undrained penetration resistance (QUD) taken as the minimum resistance is found to be about
4.5. This ratio implies an undrained strength ratio (su/’v0 ) of 0.375 assuming a Nkt of 12. A value
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Figure 5. In situ CPTU rate dependency in Burswood clay
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of 0.375 is consistent with element test data on intact samples of Burswood clay (Low et al. 2011).
 The drained penetration resistance (QD) of 7.3 and measured at 0.0002 mm/s implies a drained to
undrained ratio QD/QUD of ~1.6. This ratio is considerably lower than expected based on research
into rate effects performed in the centrifuge. For example, DeJong & Randolph (2012) suggest a
QD/QUD value of 2.5 for normally consolidated kaolin clay based on experimental (centrifuge) and
numerical investigations of rate effects.
Based on the ch values obtained from the dissipation tests, the penetration velocity is now normalized
using Equation (1) to generalise the findings. Figure 6 shows the Q and u2/’v0 variations with
normalized velocity (Vh) for this current set of field observations as well as those reported in Schneider
et al. (2008). The inferred ch values of 14 m2/year between 6 and 7m and of 7 m2/year between 10 and
11m were used to derive Vh. Figure 6 shows a transition form undrained to partially drained conditions
occurring at Vh ~30 in the Q profile and at Vh~100 in the u2/’v0 profile. The transition from partially
drained to fully drained condition is estimated to be at about Vh~0.1.
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4 COMPARISONS WITH CENTRIFUGE DATA
The results from variable rate centrifuge CPT results on normally consolidated reconstituted Burswood
clay reported by Chung et al. (2006) are compared on Figure 6 with the results recorded in the field. The
cone diameter (d) employed was 10 mm and the properties of reconstituted Burswood clay are listed in
Table 1. Although no pore pressure dissipations tests were performed, a ch value of 2 m2/year is estimated based on the vertical coefficient of consolidation (cv) of 0.5 m2/year measured in a Rowe cell test (see
Table 1). Chung et al. (2006) conducted the so-called ‘twitch’ test with a travelling distance of one cone
diameter at velocities varying from 1 mm/s to 0.0078 mm/s.
It is evident on Figure 6 that that the centrifuge undrained penetration resistance (QUD) is about 2.5
times lower than QUD in the field. Assuming Nkt of 12, this implies an undrained strength ratio (su/’v0 )
of only about 0.15 in the centrifuge. Such low undrained strength ratios for normally consolidated soils
in centrifuge tests are not uncommon (e.g. Lehane et al. 2009, Jaeger et al. 2010) and it would appear
that one of the major factors contributing to the difference between Q vs. Vh curves is the effect of structure and fabric in the intact soils which are effectively absent in the (unaged) centrifuge samples. The
high undrained strength ratio for the Burswood clay also reflects some degree of overconsolidation, noting that Low et al. (2011) report a yield stress ratio of 1.4 at depths below 6 m.
It is interesting to note that both the centrifuge test and the field tests indicate that the transition from
undrained to partially drained conditions occurs at a Vh value of about 30. In addition, although centrifuge data for Burswood clay at Vh values less than about 1 are not available, it would appear from Figure
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6 that the drained resistance of reconstituted Burswood clay is not likely to be significantly different
from that of the intact material. This inference requires further research but suggests that the drained resistance would provide a better reference condition rather than the undrained values used by Randolph
& Hope (2004) and others.
5 CONCLUSION
The paper presents results from variable rate piezocone tests performed in the field in the high plasticity
Burswood clay. Cone velocities varying from the standard velocity of 20mm/s down to velocities
100,000 times slower than this velocity were employed in the study. It was seen that:
 Fully drained cone penetration was evident at the slowest velocity employed (v = 0.0002 mm/s).
 The observed field value of the drained to undrained resistance ratio (QD/QUD) of 1.6 is lower than
that anticipated from centrifuge studies.
 Drained conditions arise at normalized velocities (Vh) less than 0.1 and conditions are essentially
undrained when Vh is greater than 30.
 The undrained resistance (QUD) measured in the field is almost 2.5 times that recorded in centrifuge tests in reconstituted Burswood clay. Much of this difference is attributed to the effects of
structure and ageing, which give rise to lower QD/QUD ratios.
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ABSTRACT: The degree of drainage occurring during penetration in a CPT is a crucial factor in the derivation of soil properties. Fines content, especially clay fraction, has a significant effect on the degree of
drainage as well as on the soil’s compressibility and strength. This paper presents the results from CPTs
performed in a drum centrifuge at various penetration rates in soil mixtures comprising fine sand and
varying proportions of kaolin clay (10% and 25%). Data from element tests (Rowe cell and simple
shear) on these clayey sands are also presented to assist the CPT interpretation. The results are seen to be
generally consistent with the findings of others, showing that penetration is essentially drained at normalized velocities less than about 0.1 and essentially undrained at normalized velocities greater than 10.
The paper also compares the magnitudes of the undrained and drained resistances with expectations
from the element tests.

1 INTRODUCTION
The CPT end resistance (qc) is well known to vary with the penetration rate because of effects of partial
drainage and viscosity. It is accepted that the penetration at the standard CPT rate of 20 mm/s (with the
standard 10 cm2 cone) generally leads to a drained response in sand and undrained response in clay.
However, for intermediate soils (e.g. clayey sands, silts), varying degrees of partial drainage take place
and, as yet, there is not an acceptable procedure for estimation of corresponding fully drained or undrained resistances.
Previous research investigating the influence of penetration rate in the partially drained range employ
a normalized velocity (V) proposed by Finnie & Randolph (1994), defined as:
(1)
where v is the cone penetration rate, d is the cone diameter and cv is the vertical coefficient of consolidation measured in a 1-D consolidation test at the same overconsolidation ratio. DeJong & Randolph
(2012) collected numerical and experimental data of penetrometer rate dependency in kaolin clay finding that drained penetration generally occurs at V less than 0.3 and that undrained conditions prevail at V
greater than 30. Danziger & Lunne (2012) collated experimental observations in sands and suggest that
conditions may be partially drained in standard CPTs performed in loose saturated fine and silty sands.
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Experimental investigations into penetration rate effects in intermediate soils have been reported at
the CPT10 conference (e.g. Jaeger et al. 2010, Kim et al. 2010). These two studies used a mixture of
sand with 25% kaolin and performed CPTs at various penetration rate in a beam centrifuge (Jaeger et al.
2010) and in a calibration chamber (Kim et al. 2008, Kim et al. 2010). Both of these studies indicated
that conditions were drained at V<0.05 and fully undrained at V>10.
This paper builds upon the research of Jaeger et al. (2010) and Kim et al. (2010) by extending the
experimental scope to look at sands with a relatively small clay content of 10% in addition to conducting
a repeat series of tests involving sand with a clay fraction of 25%. The CPTs were performed in the
drum centrifuge. Data from element tests (Rowe cell and simple shear) on the clayey sands are also presented to assist the CPT interpretation.
2 DRUM CENTRIFUGE STUDY
2.1 Equipment
A series of the CPTs in clayey sands was conducted at the drum centrifuge facility at the University of
Western Australia (UWA). Four small strong boxes with inside dimensions of 80 mm × 250 mm × 157
mm in width, height and depth were located within the drum channel, enabling tests on different samples
to proceed without the need to halt the centrifuge. The miniature cone penetrometer had a diameter of 6
mm and apex angle of 60° but did not include a friction sleeve. The device is fabricated in one piece so
that qc = qt.
2.2 Testing procedure
Sand (with D50 = 0.19mm) and kaolin clay were mixed at a water content of twice the liquid limit of
each mixture and poured into the centrifuge strongboxes. Two boxes contained 25% kaolin & 75% sand
mixtures (by dry weight) and two others comprised 10% kaolin & 90% sand. Samples were preconsolidated at 1g prior to full consolidation in the centrifuge to minimize the possibility of particle segregation. This was achieved by surcharging with dead weights to a maximum of 20 kPa over a period of
8 days for both the 25% and the 10% kaolin mixtures. The boxes were then placed in the drum channel
and consolidated at 100g for period of about 3 days before penetration testing began.
Penetration rates employed for the cone varied from 0.001 to 3 mm/sec. Testing began on the samples
with 10% kaolin to allow additional consolidation time for the less permeable 25% kaolin mixtures. The
penetration tests were located at least six cone diameters (d) from the wall of strongboxes and the minimum distance between penetrometers was 7d. Tube samples of the mixtures were obtained after spinning down the centrifuge on completion of the penetration testing.
3 SOIL PROPERTIES
3.1 Soil properties
Figure 1 shows particle size distribution curves for two clayey sands tested in this study as well as those
for the constituent kaolin clay and fine sand employed. Because of the small silt content of the kaolin,
the mixtures containing 10% and 25% kaolin contain clay fractions (i.e. grain size of less than 0.002mm)
of 7.9% and 20% respectively. Table 1 summarizes liquid and plastic limits determined for these soils,
noting that particle size of >425 m is less than 2% in these clayey sands. Both have relatively low plasticity indices (PI) of 4% for the 10% kaolin mixture and 6% for the 25% kaolin mixture.
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Figure 1. Particle size distribution of clayey sands
Table 1. Soil properties of two clayey sands
Soil property

10%K+90%S*

25%K+75%S

Liquid limit, wl (%)
17.5
Plastic limit, wp (%)
13.7
Plasticity index, PI (%)
3.8
*K and S denote kaolin and fine sand respectively

3.2

20.0
13.7
6.3

Rowe cell consolidation tests

The compressibility and hydraulic characteristics of the soils were examined in Rowe cell consolidation
tests. Samples were prepared in the same manner as the centrifuge samples and consolidated in stages in
the Rowe cell. Figure 2 shows the variation with vertical effective stress (’v) of the coefficient of consolidation (cv) and the permeability (kv) for pure kaolin clay and for the 25% and10% kaolin mixtures.
The vertical coefficient of consolidation (cv) was deduced by comparing the observed pore pressure dissipation at the base of the sample using Terzaghi’s one dimensional consolidation theory (up to 90%
consolidation). Additionally, the permeability (kv) was obtained by directly measuring water flow at the
end of each consolidation stage due to the application of a constant head difference of 10 or 20 kPa.
As anticipated, it can be seen for all samples that cv increases with an increase in ’v whereas kv decreases as ’v increases. The cv value for the mixture with a kaolin content of 25% is about one order
higher than that of pure kaolin clay. However, the cv value for the 10% kaolin mixture is about 1000
times that of the 25% kaolin mixture and 10,000 times the cv of kaolin clay. The direct permeability tests
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Figure 2. Rowe cell consolidation test results for different kaolin clay content mixed with sand
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1E-5

show a similar trend with kv for the 25% kaolin mixture being over 100 times smaller than that of the
10% kaolin mixture. Compression indices (Cc) were 0.153 and 0.033 for the 25% and 10% kaolin mixtures, respectively.
3.3 Undrained simple shear tests
A series of simple shear tests was conducted using the (Berkeley type) UWA apparatus. Soil samples for
10% and 25% kaolin mixtures as well as for 100% kaolin were prepared in a similar manner to that employed for preparation of the centrifuge and Rowe cell samples. Samples were removed from the tubes
in which they were pre-consolidated one-dimensionally and then trimmed and placed within a membrane in the apparatus. After checking the B-value to ensure full saturation, all samples were consolidated to a normally consolidated stress state with a lateral pressure coefficient (K) of 0.5.
The results from undrained tests on three soils consolidated to vertical effective stress (’vc) of 100
kPa are shown on Figure 3. The specimens were sheared at a displacement rate of 0.1 mm/min (equivalent to a shear strain rate of 0.006 to 0.008 %/s). The traditional test interpretation method is adopted
here, namely that the undrained strength (su) is taken as the maximum value of shear stress (xy) applied
on the horizontal plane at a shear strain ( of 20%.
Respective undrained shear strength ratios (su/’vc) of 0.20, 0.16 and 0.26 were measured for the kaolin, the 25% kaolin mixture and the 10% kaolin mixture. The lower undrained strength ratio for the 25%
kaolin mixture cannot be explained in terms of a lower friction angle and is likely due to this sample
having a more compressible structure than that of kaolin itself (e.g. Yamamuro & Lade 1997). This inference is supported by the xy with ’v variation seen on Figure 3 which reveals the sample’s extensive
contraction after the peak shear stress is developed at a shear strain of about 0.5%. The contraction seen
for the 10% kaolin mixture is followed by dilative behavior (i.e. phase transformation) after ~6%, indicating that the structure of this soil is not as compressible and hence less susceptible to static liquefaction; this 10% kaolin mixture can continue to dilate as long as there is capacity to develop suction.
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Figure 3. Undrained simple shear tests at the vertical effective stress of 100 kPa after consolidation (K~0.5)

4 PENETRATION TEST RESISLTS
4.1 Penetration test profiles
The CPT tip resistance (qc) profiles measured at 100g for the 10% and 25% kaolin mixtures are plotted
in Figure 4 and Figure 5. The velocity (v) profiles imposed are given the symbols (a) to (d) in these figures and corresponding qc and normalized tip resistance (Q = (qc-v0)/σ'v0) profiles are annotated accordingly.
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Figure 5. CPT penetration profiles for 25% kaolin and 75% sand (Box6)

In the tests with a 10% kaolin mixture shown in Figure 4, qc sharply increases rapidly with depth (z)
down to about 40 mm and then increases again above z = 70 mm. The trend at shallow depths was expected as the upper 35 mm had been overconsolidated by the 20 kPa preconsolidation pressure applied
prior to placing the sample in the centrifuge. There is no clear penetration rate effect on qc in the velocity
range tested except for the v = 0.006 mm/s case which shows a slightly lower resistance than that recorded at 0.1 and 3 mm/sec. The normalised tip resistances (Q) in the normally consolidated region at
depth vary between about 20 and 25.
The qc values at shallow depths for the 25% kaolin mixture (see Figure 5) are almost 10 times less
than those recorded in the 10% kaolin mixture. The tendency for Q to reduce from the soil surface is
consistent with the reducing OCR of the sample. Below a depth of 50mm, where different penetration
415

rates were imposed, a clear rate effect is in evidence for both qc and Q profiles. For example, in CPT (d)
profile, the qc value recorded at z = 100 mm and v = 0.01 mm/s is about 4 times the qc value recorded at
the corresponding depth at v = 1 mm/s in CPT (c).
To assist further discussion, the penetration test data indicated by the symbols in Figure 4 and Figure
5 were selected for further analysis. These could be considered representative of steady state penetration
in normally consolidated soil. For this purpose, data from similar depths were also obtained from an additional series of tests (Box5) containing a 25% kaolin mixture (i.e. the same composition as Box6).
4.2 Rate dependency of cone resistance
Figure 6 summarizes the rate dependence observed in the centrifuge tests of qc and Q in two normally
consolidated clayey sands. The resistance measured by the 10% kaolin mixture decreases by about 20%
when the penetration rate is reduced from 0.1 mm/s to 0.006 mm/s. Although this trend is somewhat
surprising, a similar trend has been reported for clean saturated silica sand in drum centrifuge tests by
Xu (2007), who found that the peak qc resistance in sand at 0.002 mm/s was 18% lower than that at 1
mm/s.
In contrast, the 25% kaolin mixture shows a dramatic increase in qc when the penetration rate was reduced below 1 mm/s. The value of Q remains constant at about 12 at velocities below 0.01mm/s. This Q
value is about 8.5 times higher than the average Q value recorded at v ≥ 1mm/s.
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Figure 6. Effect of penetration rate on penetration resistance in two clayey sands

The data on Figure 6 are now compared on Figure 7 with results from other experimental studies into the
rate dependence of penetrometer resistance. To facilitate this comparison, the velocities are replaced by
normalized velocities using Equation (1) and the cv values derived from the Rowe cell tests (Figure 2).
The results from Jaeger et al. (2010) and Kim et al. (2010), referred to earlier, are included as are data
for kaolin clay from Randolph & Hope (2004). Observations from these comparisons are as follows:
 It is clear from Figure 7 that, for all data sets, the transition from undrained to partially drained
condition is at about V~10 and from a partially drained to drained condition is at about V~0.1. It is
also encouraging to note that the magnitude of the resistances recorded by Jaeger et al. (2010) are
in relatively good agreement with this study at V<5 (noting that Jaeger et al. (2010) report some Q
values of less than 1 in the undrained region). The corresponding results from Kim et al. (2010)
are also similar except at V>1 (i.e. close to or in the undrained region) where Q values are higher.
 A notable feature of all the measurements obtained for 25% kaolin mixtures is the tendency for
lower undrained Q values than observed for kaolin. This study recorded an average Q value of 1.4
compared to the value of 2.6 reported for kaolin by Randolph & Hope (2004). The ratio of 2.6 to
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1.4 is comparable to the ratio of the undrained strength ratios measured in simple shear (0.20/0.16)
suggesting that, as inferred from the simple shear data, the 25% kaolin mixture has a more contractant fabric than that of 100% kaolin.
 The drained Q values observed for the 25% kaolin mixture of 12 are higher than that maximum Q
value of 6.3 reported for kaolin clay by Randolph and Hope (2004). The higher friction angle and
the low compressibility of the 25 % kaolin mixture compared to pure kaolin are likely to have contributed to the higher drained resistance.
 The average ratio of the drained to undrained resistance, (QD/QUD) of ~8.6 in this study contrasts
with the ratio of ~17 measured by Jaeger et al. (2010) and ratio of ~6 measured by Kim et al.
(2010). Differences in these ratios are largely associated with different QUD values observed.
 Penetration tests at the velocity range conducted in this study for the 10% kaolin mixture appear to
be fully drained. The high drained resistance (QD) for this mixture of ~20 is likely to be associated
with a higher stiffness and friction angle than those of the 25% kaolin mixture.
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Figure 7. Rate dependency of normalized cone resistance versus normalized velocity

This centrifuge study used a miniature cone diameter of 6 mm with a maximum penetration rate of 3
mm/s. Therefore at the maximum velocity, the ratio of vd in the centrifuge to the standard field vd value
(of 20 mm/s times 36 mm) is about 0.025. Assuming that coefficients of consolidation are the same in
the centrifuge and prototype, corresponding V values would be about 600 at field scale (V~15 at v=3
mm/s in the centrifuge) in the 25% kaolin mixtures. Based on the centrifuge data, the onset of partially
drained conditions would arise when the coefficient of consolidation is about sixty times greater than
that of the 25% kaolin mixture. The centrifuge data also indicate that partially drained conditions would
arise in the 10% kaolin mixture in a standard CPT.
5 CONCLUSION
This paper reports the CPT results at variable penetration rates in two clayey sands in the centrifuge facility. These centrifuge tests, when compared to previous physical modeling studies, show the following
conclusions:
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 Using coefficients of consolidation (cv) at normally consolidated measured in 1-D consolidation
tests, undrained conditions are encounter at normalized velocities (V) greater than 10; drained conditions appear at V less than 0.1.
 The undrained resistance (QUD) measured in the 25% kaolin mixture is lower than that of pure
kaolin clay, which is consistent with the undrained simple shear element tests.
 The drained resistance (QD) measured in the 25% kaolin mixtures is higher than that of kaolin
clay, which is associated with the friction angle and compressibility; the QD in the 10% kaolin
mixture is higher than other results.
 Field standard test (a penetration rate of 20 mm/s with 36 mm cone diameter) would fall in partially drained condition in the 10% kaolin mixture.
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ABSTRACT: The soil around a penetrating cone with the standard rate of 2 cm/sec could be fully
drained, partially drained or fully undrained, depending on the permeability of the soil. Cone penetration
tests with variable penetration rates in the same soil can thus provide additional information about the
soil properties like permeability, or alternatively warrant the desired drainage condition when used to interpret the corresponding shear strength of soils with intermediate permeability values. In this paper,
large deformation finite element analysis is used to study the effects of penetration rates on the cone resistance and excess pore pressure development. A rigid cone is pushed into a saturated soil by prescribing different penetration rates. The soil is modeled with the Modified Cam Clay model, and the effective
stress analysis is carried out in terms of displacements and pore pressures. The numerical results are
then used to develop empirical relationships between cone resistance, pore pressure and penetration rate.
1 INTRODUCTION
Cone penetration test (CPT) is widely used to interpret soil strength, deformability and hydraulic properties. The standard penetration rate of 2 cm/sec usually results in a drained condition in coarse grained
soils like sand, but an undrained condition in less permeable soils like clay. The effects of penetration
rates on the test results have been investigated in a number of studies (e.g., Bemben & Myer 1974; Roy
et al. 1982; Powell & Quarterman 1988; Randolph & Hope 2004; Chung et al. 2006; Kim et al. 2008;
Lehane et al. 2009; Yi et al. 2012). The general observation is that the cone resistance decreases and the
excess pore pressure (for example at shoulder position) increases with increasing penetration rate. The
cone resistance and the excess pore pressure also seem to approach constant values in fully drained and
fully undrained soils. Therefore, cone penetration tests with variable penetration rates in the same soil
can thus provide additional information about the soil properties like permeability, or alternatively warrant the desired draining condition when used to interpret the corresponding shear strength of soils with
intermediate permeability values.
Numerical analysis of the CPT can improve the interpretation of test results. In this kind of exercise,
both the soil behaviour and the soil response to a penetrating cone are known, and hence the link between the two can be established, leading to interpretation of test results. However, such an analysis is
extremely complex and challenging, mainly because of (1) the very large deformations and the associated mesh size and mesh distortion problems, (2) the soil-cone interaction and the moving boundary, (3)
the coupled displacement and pore pressure responses in the surrounding soil. Simulation of the full
cone penetration process from the ground surface is important, as it alleviates the difficulty of defining
the complicated stress and strain fields around the penetrating cone or the need of assuming appropriate
strain paths or appropriate moving boundary in the soil. In the literature, however, only a limited number of studies simulate the full penetration process (e.g., Sheng et al. 1997, 2005; Huang et al. 2004;
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Obrzud et al. 2011; Yi et al. 2012). To study the rate effects, it is essential to consider the consolidation
effects in the soil and hence a coupled displacement and pore pressure formulation is preferred. Sheng
et al. (1997) used the commercial software Abaqus to simulate the penetration of a rigid cone into a saturated Modified Cam Clay soil and studied the stress and strain fields around the penetrating cone. They
also studied the effect of soil permeability on the cone resistance, but not the effects of penetration rate
(not at least systematically). Obrzud et al. (2011) more recently conducted similar finite element analyses and studied the partial drainage effects (amongst many other effects) by varying the soil permeability. Yi et al (2012) conducted a more systematical study of the effects of penetration rate in a saturated
Drucker-Prager soil.
In this paper, large deformation finite element analysis is used to study the effects of penetration rate
on the cone resistance and excess pore pressure. This study is very much a continuation of the work of
Sheng et al. (1997), Obzrud et al. (2011) and Yi et al. (2012), but aims to a more systematic analysis of
the effects of penetration rate in saturated soils. The Modified Cam Clay model (Roscoe & Burland
1968) is used to represent the effective-stress soil behavior in a coupled formulation of displacements
and pore pressures, while the soil-cone interaction is represented by the latest contact formulation in
Abaqus. The paper first presents the finite element model, including discussion on the mesh size effect
and the material model and associated parameters. Detailed analysis of the effects of soil permeability
and penetration rate on numerical results will then be discussed. The paper will also propose new relationships between the cone resistance, maximum excess pore pressure, soil permeability and penetration
rate, and these relationships will facilitate the interpretation of CPT results in partially drained soils.
2 FINITE ELEMENT MODEL
The finite element mesh used to obtain all the results in this paper is shown in Figure 1. Eight-noded
quadrilateral elements with 4 integration points are used for the soil volume. The cone is treated as a rigid body, while the soil behavior is represented by the Modified Cam Clay model. The soil-cone interface
is modeled as frictional contact, using the segment to segment contact feature in Abaqus v6.10.1 (2010).
The cone has a standard dimension (60o cone angle, 1.784cm in radius or 10cm2 in cross-section). The
soil domain is 16.82 times the radius in width and 112.17 times radius in depth. The top boundary of the
soil domain is assumed to be fully drained (zero pore water pressure). A constant vertical stress of 50
kPa is also applied at this boundary. The left, right and bottom boundaries are assumed to be undrained
(zero flux). The soil is fully saturated with an initially hydrostatic pore water pressure distribution. The
nonlinear geometry due to large deformation is considered in all analyses.
As discussed in Sheng et al. (2009), the computed cone resistance is affected by the size of the mesh,
but tends to converge to a finite value as the mesh is continuously refined. Finer meshes are however
prone to numerical breakdown due to mesh distortion and convergence problems. The mesh shown in
Figure 1a is possibly the finest one that can result in successful analysis of the penetration process, without any numerical enhancement such as mesh refinement. The finer mesh shown in Figure 1d can also
lead to some successful analyses, but the cone has to be embedded into the soil initially and the Arbitrary Lagrangian-Eulerian (ALE) method has to be applied at certain time steps to avoid mesh distortion.
Even with the ALE method (Nazem et al. 2006; Sheng et al. 2009), the frequency for mesh update can
only be found out by trial and error and the analysis broke down at small penetration depths (~5 shaft
radius for the mesh in Figure 1d). The cone resistance in a Tresca soil computed with the finer mesh is
about 5% lower than the one obtained with the coarse mesh in Figure 1a. The finer mesh does not work
for the Modified Cam Clay soil. Sheng et al. (2013) used the same mesh as in Figure 1a to simulate
cone penetration tests in Tresca (total stress analysis) and Modified Cam Clay (effective stress analysis)
soils. The numerical results they obtained compare reasonably well with a wide range of field and laboratory data.
The material properties in the finite element model are listed in Table 1.
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Cone Resistance (kPa)

(d) Finer mesh with embedded cone

Mesh in Fig 1a

Depth/Radius

Mesh in
Fig 1d

Numerical
breakdown

Tresca Soil: cu=10kPa, E=1000kPa, ν=0.4
(a) Initial mesh

(b) Deformed

(c) Mesh near cone tip

(e) Mesh effect on cone resistance

Figure 1. The finite element mesh used in the analyses (8-noded axi-symmetric quadrilateral elements).
Table 1. Parameters adopted for the MCC model.
e0
γt (kN/m3)
ν
κ
λ
M
2.0

15.5

0.333

0.05

0.3

1.0

K0

k (m/s)

pc (kPa)

φ sc

σ0 (kPa)

0.5

10-3 - 10-10

70

0

50

Note: e0: initial void ratio; ν: Poisson’s ratio; γt: total unit weight; λ: slope of normal compression line in e - lnp′ plot (p′ is
the effective mean stress); κ: slope of unloading-reloading line in e - lnp′ plot; Μ: stress ratio at failure, qf/p′ (qf is the deviator stress at failure); K0: at-rest earth pressure coefficient; k: hydraulic conductivity; pc: the size of the initial yield locus; φsc : soil-cone interfacial friction angle; and σ0: the vertical stress applied at the top boundary.
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3 NUMERICAL RESULTS AND ANALYSIS
3.1 Cone Resistance
The computed cone resistances for various rates and soil permeabilities are shown in Figure 2. Figure 2a
shows the computed cone factor versus depth for k=10-7 m/sec and a standard penetration rate (2
cm/sec). The cone factor is obtained by dividing the computed net cone resistance by the undrained
shear strength. In the MCC model, the undrained shear strength is not a model parameter, rather an outcome of the effective stress path. Wroth (1984) derived the undrained shear strength under triaxial
stress states using critical state parameters and the over-consolidation ratio:
M  OCR 
su =


2  2 

λ −κ

λ

′
σ v0

(1)

where M is the slope of the critical state line and is assumed to be a constant, OCR is the overconsolidation ratio, λ and κ are the slope of the normal compression line and the unloading-reloading
′ is the initial vertical effective stress in the soil and is computed from the effecline respectively, and σ v0
tive unit weight of the soil and the applied vertical stress at the surface. In the soil profile studied here,
the preconsolidation stress is fixed over depth (70 kPa), and so is the lateral earth pressure coefficient
(Ko=0.5). As the initial vertical stress increases, the over-consolidation ratio (OCR) decreases with
depth. As such, the variation of undrained shear strength with depth is not significant (Figure 2a).
Figure 2b, 2c and 2d show the computed cone resistances for soil permeability of 10-5 m/sec, 10-7
m/sec and 10-10 m/sec, respectively. Some general observations can be made from these figures:
- The computed cone resistance seems to reach a steady state value at the depth of about 5 shaft diameters, even though the undrained shear strength and effective vertical stress in the MCC soil change
with depth. Unlike in a Tresca-type material, the steady state cone resistance in the MCC soil increases linearly with depth.
- The computed cone resistance increases with decreasing penetration rate or increasing soil permeability. Unlike the results reported by Yi et al. (2012) for a Drucker-Prager soil, the penetration rate only
affects the steady state cone resistance in the MCC soil. In other words, the computed cone resistance
profiles at two different rates are parallel to each other in the MCC soil. On the other hand, Yi et al.
(2012) reported that the slope of the cone resistance profile (resistance per unit depth) increases with
decreasing penetration rate in Drucker-Prager soil.
- The computed cone resistance seems to vary between two limiting values, one for small rate and the
other for large rate. The specific rates where the limiting cone resistance is reached vary with the soil
permeability.
- Numerical breakdowns have occurred in a number of analyses. The targeted penetration depth is
about 42 shaft diameters. All curves in Figure 2 that are shorter than this depth mean numerical
breakdown. There is no particular rule when and where the numerical breakdown occurs, indicating
the challenges of this type of analysis.
Randolph & Hope (2004) proposed the following normalisation of the penetration rate:
V

vD
cv

(2)

where v is the penetration rate, D is the shaft diameter, cv is the consolidation coefficient. For a MCC
soil, the consolidation coefficient is not a constant, but depends on the stress level in the soil:
cv 

k (1  e)
 v
 w

(3)

where  w is the unit weight of water and  v is the effective vertical stress in the soil (assuming the soil
around the cone is consolidated vertically). Because the change in the vertical stress (  v ) during the cone
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 v0

OCR
Nkt
su

0.2-0.00002cm/s
2cm/s

20cm/s

(a) Computed cone factor (k=10-7m/s, rate: 2cm/s)

(b) Computed net cone resistances (k=10-5 m/s)

0.000002 cm/s

0.00002 cm/s

2-0.002 cm/s

0.02 cm/s

200-2 cm/s

0.0002 cm/s

0.002-0.0002 cm/s

0.2 cm/s

(c) Computed net cone resistances (k=10-7m/s)

(d) Computed net cone resistances (k=10-10 m/s)

Figure 2. Computed net cone resistances at various rates and permeabilities.
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Partially drained

Permeability (k)

Best Fit:

qn  1 

0.68
1  0.0005( v / k )0.9

Figure 3. Normalised cone resistance versus normalised penetration rate.

penetration is not easy to determine, it is difficult to use the exact normalisation method defined by
equation (2). In this paper, the penetration rate is simply normalised against the soil permeability. Such a
normalisation also provides a more direct relationship between the cone resistance and the soil permeability and hence facilitates the direct determination of the soil permeability.
The computed cone resistance is normalised according to (Randolph & Hope 2004):

qn 


qt   v0

qref   v0

(4)

where qt is the cone resistance and qref is the reference cone resistance or the fully undrained cone resistance. In this paper the steady state cone resistances at the depth of 10 shaft diameters is used for
analysis.
The normalised cone resistance is plotted against the normalised penetration rate in Figure 3, for a
wide range of permeability and rate values. The figure shows that the computed cone resistances fall on
the same backbone curve irrespective of the soil permeability values and this curve is bounded by two
limiting values, one for drained condition at small penetration rates and the other for undrained condition at large penetration rates. The drained cone resistance is achieved when the penetration rate is less
than 10 times the soil permeability, while the undrained value is reached when the penetration rate is 106
times the soil permeability or larger. According to this figure, the standard penetration rate of 2 cm/sec
will warrant a fully undrained condition for a soil with a permeability of 2x10-8 m/sec or less, and a fully
drained condition for a soil with a permeability of 2x10-3 m/sec or larger. It would be interesting to
check if these limiting values are affected by other soil properties such as compressibility and strength.
Robertson (2010) suggested that the standard penetration is undrained if t50 is less than 30 seconds.
The coefficient of consolidation (ch) corresponding to this limiting value can be approximated as





ch  1.67 106 101log t50  0.56 106 m 2 /s
The corresponding permeability can be estimated according to Robertson (2009, 2010):
 / ( qt   v0 )2  1.6 108 m/s
k h  ( ch  w ) / M  ( ch  w ) v0
where M is the one-dimensional constrained modulus and is usually in the order of 102-103 kPa. The initial vertical stress is around 50 kPa, and the net cone resistance at 10 shaft diameters is around 130 kPa
(Figure 2c-2d). The permeability estimated from the above equation compares very well with the limiting value for undrained penetration shown in Figure 3.
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Permeability: 10-7 m/s

Best Fit:

qn  1 

1.05
1  0.0005( v / k )0.9

qref  qundrained  240 kPa
qdrained  438 kPa

Figure 4. Effect of soil compressibility and strength on normalised cone resistance.

The pattern of the backbone curve in Figure 3 is consistent with those reported by Randolph & Hope
(2004), Chung et al. (2006), Kim et al. (2008), Lehane et al. (2009) and Yi et al. (2012). In fact, the best
fit curve in Figure 3 is of the same form as suggested by Randolph & Hope (2004):
qn  1 

b
1  c v / k 

m1

(5)

However, the value of b in Figure 3, which indicates the difference between the drained and undrained
net cone resistances, is significantly less than those reported by Randolph & Hope (2004), Kim et al.
(2008) and Lehane et al. (2009). One possible reason for this low b value is the high compressibility of
the soil. Indeed, if the values for λ, κ and M in Table 1 are changed to 0.2, 0.03 and 1.2, respectively,
the undrained and drained cone resistances increase to 240 kPa and 438 kPa respectively. The b value
thus increases to 1.05 from 0.68, while the values of c and m1 do not change, Figure 4. Further studies
are required to confirm if and how variables b, c and m1 in the backbone curve vary with soil compressibility and strength.
3.2 Maximum Pore Pressure
The penetration rate will also affect the excess pore pressure development in the soil. Figure 5 shows
the computed pore pressures at different locations relative to the cone tip for various values of soil permeability and penetration rate. Some general observations can be made from the figure:
- As the cone tip passes the observation point, a peak excess pore pressure develops, particularly at high
penetration rates. The specific location of the peak excess pore pressure is about 2-3 diameter above
the cone tip, or close to the so-called u2 (cone shoulder) position.
- A negative excess pore pressure can occur just below the cone tip for very high penetration rates.
- The pore pressures don’t fully recover the initial values even for fully drained conditions. In the case
of fully drained tests (for example, rates of 2 cm/sec and lower in Figure 5a), the pore pressure increases somewhat as the cone passes through the observation point. This small increase is due to the
vertical displacement of the observation point, namely the observation point is pulled downwards
somewhat by the penetrating cone (see Figure 1c).
- The computed pore pressures experience significant oscillations around the cone shoulder position,
particularly for fast penetration in low permeable soils (Figures 5c-d). In a number of analyses, the
computed pore pressures change from a high positive value to a high negative value, another cause
for numerical breakdown.
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Rate (v)

Rate (v)

35 kPa

(a) Soil permeability of 10-3 m/sec

(b) Soil permeability of 10-5 m/sec
Rate (v)

Rate (v)

-59 kPa

(c) Soil permeability of 10-7 m/sec

(d) Soil permeability of 10-9 m/sec

Figure 5. Maximum pore pressure at various rates and permeabilities.

The observed maximum pore pressures for various permeability and rate values are plotted against
the normalised penetration rate in Figure 6. Again, all computed pore pressure values seem to fall on the
same curve, irrespective of permeability and rate values. The curve has a similar shape as the backbone
curve for the cone resistance (Figure 3). However, because of the oscillation in the computed pore pressures, the data points in Figure 6 are more scattered, particularly for the partially drained and undrained
conditions. The best fit for the curve in Figure 6 is

u  uud 

uud  ud
1  c( v / k )m2

(6)

where u is the maximum pore pressure at u2 position, uud is the maximum pore pressure in fully undrained condition and ud is the maximum pore pressure in fully drained condition.
Parameter c in equations (5) and (6) controls the location of the transition zone (partially drained),
and as such it has the same value in both equations. Parameters m1 and m2 in the two equations control
the slope of the transition zone and can have different values as the two backbone curves are not nomalised to the same values on the vertical axes. The soil compressibility and shear strength parameters
seem only to affect the undrained maximum pore pressure, not the drained pore pressure or the shape of
the backbone curve. Figure 7 compares two backbone curves obtained with different λ, κ and M values.
More detailed studies of the effect of soil compressibility and shear strength parameters are required.
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Figure 6. Maximum pore pressure versus normalised penetration rate.

Permeability: 10-7 m/s

Best Fit:
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Figure 7. Effects of soil compressibility and shear strength on maximum pore pressure.

The application of the backbone curves given by equations (5) and (6) is at least two-fold: to warrant
a desired drainage conditions and to facilitate the estimation of the soil permeability. There are 9 pa , uud, ud, b, c, m1, m2 and k. The initial vertical effective
rameters involved in the two equations: qref,  v0

stress (  v0 ) is relative easy to estimate and can be eliminated, leaving four unknowns. The maximum
pore pressure for a fully undrained condition can also be estimated from cavity expansion theory (Chen
& Abousleiman 2012) or empirical relationship (Mayne 2001). Each piezocone test will generate both
pore pressure (at u2 position) and cone resistance data. Therefore, we need four tests with four different
penetration rates to fully determine the two backbone curves and the soil permeability (k). Once these
backbone curves are determined, we also know the cone resistances and the maximum pore pressure for
fully drained and fully undrained conditions (b and qref, uud and ud).
4 CONCLUSIONS
This paper presents a numerical study on the rate effects of cone penetration tests in a Modified Cam
Clay soil. Some conclusions can be drawn from the study:
(1) A simple normalisation method where the penetration rate is divided by the soil permeability
seems to be able to capture the rate effects.
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(2) The normalised cone resistance seems to fall on a unique backbone curve when plotted against the
normalised penetration rate. The equation for this backbone curve involves two limiting values representing respectively the drained and undrained cone resistances, and two additional fitting parameters.
(3) The maximum pore pressure at u2 position during the penetration process seems to fall on a
unique backbone curve when plotted against the normalised penetration rate. The equation for this
curve takes the same form as that for the normalised cone resistance and involves the limiting values in
fully drained and fully undrained soils as well as two additional fitting parameters.
(4) The numerical data obtained from various penetration rate and permeability values seem to follow
the hyperbolic equation proposed by Randolph and Hope (2004), with the penetration rate normalised
against the soil permeability.
(5) The soil compressibility and shear strength parameters seem to affect only the limiting values of
the backbone curves, not the shape of the curve or the location of the partially drained zone. Further
studies on this aspect are required though.
(6) The equations for the backbone curves can be used to warrant a desired drainage conditions for
CPT in an intermediate soil and to facilitate the estimation of the soil permeability from CPT.
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ABSTRACT: This paper describes the interpretation of CPTu data for use in the design and construction of an onshore natural gas facility in Northern Africa. The site challenges include multiple peat and
clay layers with low overconsolidation ratios and loose sands. The CPTu data were used to make estimates of consolidation characteristics and strength.
1 INTRODUCTION
A site exploration consisting of 114 piezocone penetration tests (CPTu), 68 geotechnical boreholes, two
downhole shear wave velocity measurements, 48 in situ vane shear test holes, and laboratory testing was
performed for the purposes of characterizing subsurface conditions for the design of an onshore natural
gas facility in Northern Africa. The site is relatively flat and the subsurface profile is typical of deltaic
deposits in the area, including alluvial and marine deposits of sands, clays, and peats.
One of the primary geotechnical design challenges involves predicting the magnitude and time rate of
consolidation settlement. A combination of laboratory test results and CPTu data were utilized to select
the inputs for calculating settlements.
The boreholes were typically sampled by standard penetration tests (SPT) in sands and thin-wall,
Shelby, tubes in cohesive materials and peats. The laboratory testing program included index tests such
as moisture content, Atterberg limits, grain size analyses, hydrometer analyses, and unit weight measurements. Additional laboratory testing included consolidation tests, laboratory shear vane tests (VS),
unconfined compression tests (UC), direct simple shear tests (DSS), unconsolidated undrained triaxial
compression tests (UU), and isotropically consolidated undrained triaxial compression tests (CU). The
CPTu program included typical direct push measurements and dissipation tests. A 10 cm2 piezocone
with the porewater element in the u2 position was used. The manufacturer’s calibration certificate reports that the measured cone tip resistance, qc, accuracy is ± 0.125 MPa, the measured sleeve friction resistance, fs, accuracy is ± 0.01 MPa, and the measured porewater pressure accuracy is ± 20 kPa.
An idealized subsurface profile, consisting of interlayered sands, clays, and peats is shown in Figure
1. A typical corrected cone tip resistance, qt, profile is also presented on Figure 1. Note that for the particular sounding shown, penetration through Layer 3a required withdrawing the cone and predrilling.
As seen in Figure 1, Layer 1 consists of a loose silty sand with typical tip resistances of less than
about 10 MPa. Layer 1a is an intermittent very soft fat clay layer within Layer 1. Layer 1a is identified
by low tip resistances and an increased friction ratio. Layer 2 is a soft fat clay with a typical tip resistance of about 0.8 MPa and normalized friction ratio of about 3.5%. Layer 2a is a peat and is identified by the slight increase in tip resistance and normalized friction ratio above Layer 2, of about 1.3 MPa
and 7.2%, respectively. Layer 3 and 3a are silty sand deposits with a medium dense upper portion, Lay429

er 3, and a very dense lower portion, Layer 3a. Layer 4 is a fat clay with a typical tip resistance of about
1.5 MPa and normalized friction ratio of about 4.8%. Layer 5 is a very dense silty sand.
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Figure 1 Typical corrected cone tip resistance, friction ratio, and porewater pressure profiles and stratigraphy.

2 PRECONSOLIDATION STRESS AND OVERCONSOLIDATION RATIO
Initial estimates of preconsolidation stress were determined from laboratory consolidation tests performed on thin-wall tube samples obtained from the boreholes. Interpretation of these data was performed using the Casagrande (1936), Becker et al. (1987), and Wang and Frost (2004) methods. The
Casagrande (1936) method was found to give the most consistent results. Nevertheless, the results indicated a large scatter in the preconsolidation stress and resulting overconsolidation ratio (OCR) for a given layer. In addition, a significant number of the test results indicated underconsolidated materials at
depths up to 35m which is unusual for the site’s geologic environment.
The CPTu data were also evaluated to determine the stress history of the clay and peat materials. The
OCR from CPTu data was interpreted using Equation 1 from Robertson (2009).
(1)
k∗
Where OCR = overconsolidation ratio; Qtn = normalized cone resistance; and k = overconsolidation
parameter taken as 0.33. Based on the CPTu data evaluation, the soils are typically normally to slightly
overconsolidated.
A further evaluation of the laboratory data was undertaken to assess sample quality, using the sample
quality designation (SQD) method of Terzaghi et al. (1997). The evaluation consists of determining the
sample strain at the in situ vertical effective stress from a consolidation test and assigning a sample qual430

ity (“A” through “E”) based on strain, with the best samples receiving an SQD of “A” and the worst
samples receiving an SQD of “E”. An alternative method for determining sample quality from Lunne et
al. (1997) was also considered and showed a similar trend.
Figure 2 presents the OCR, interpreted using the Casagrande (1936) method, versus elevation from
the consolidation test results, with the assigned SQD. A general trend of higher OCR with higher SQD
at a given elevation is observed. This indicates that for the samples obtained from this site, sample disturbance tends to reduce the interpreted OCR from laboratory tests, which is not unusual. Throughout
this paper, the CPTu data are considered more representative than laboratory data, since they are in situ
data and therefore are not associated with sample disturbance. The variation in the interpretations from
the CPTu data can be attributed to the heterogeneity of a given deposit (aleatory or natural variability)
and uncertainty in the correlation between the CPTu data and a given parameter (epistemic or model uncertainty).

Figure 2 Overconsolidation ratio versus elevation coded by SQD

Figure 3a through Figure 3d present OCR interpreted from laboratory tests and CPTu versus elevation for Layers 1a, 2, 2a, and 4, respectively. Note that SQD E samples generally are omitted from the
figures that follow unless otherwise noted and only CPTu data for which the soil behavior index, Ic, is
greater than 2.6 are plotted. These figures also present the selected “best estimate” OCR which is typically a conservative estimate for use in design.
For Layer 1a, the CPTu data indicate an OCR of approximately 1.4 for the upper portion of the layer
and higher OCR for the lower data. The consolidation test data are limited and relate only to the upper
portion of the layer. An OCR of 1.4 was assigned to this layer.
For Layer 2, the SQD A and B data tend to have a good agreement with the CPTu data, with the lower quality SQD samples indicating lower OCR than the CPTu data.
For Layer 2a, the fibrous peat, the CPTu data tend to agree with the only SQD A consolidation test
sample with the lower SQD samples indicating a lower OCR.
For Layer 4, only SQD C and D samples are available. The SQD D samples indicate an OCR of approximately 1 with the SQD C samples and CPTu data indicating a slightly higher OCR.
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Best estimate OCR values were assigned first by selecting the approximate middle of the cloud of
CPTu data then reducing, if necessary, to capture the results of quality laboratory consolidation test data.
(a)

(b)

(c)

(d)

Figure 3 OCR versus elevation for Layers 1a (a), 2 (b), 2a (c), and 4 (d)

The results summarized in Figures 3a through 3d confirm the general trend that the approximate
mean of CPTu interpretation of OCR tends to agree with the better SQD (SQD “C” and better) from the
consolidation test interpretation.
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3 UNDRAINED SHEAR STRENGTH
3.1 Undrained shear strength estimated from consolidation tests
The strength and stress history of the cohesive samples were related using the stress history and normalized soil engineering properties (SHANSEP) method of Ladd and Foote (1974) as shown in Equation 2.
(2)
Where: su = undrained shear strength; σ’v = effective overburden stress; m = soil parameter taken as
8; S = soil parameter calculated using Equation 3; OCR = overconsolidation ratio.
The soil parameter “S” was related to the soil’s plasticity index using Equation 2 from Skempton
(1948).
0.11 0.0037
(3)
Where: S = soil parameter; PI = plasticity index.
Using Equations 2 and 3, the shear strength can be estimated from the results of a consolidation test.
Further, Equations 2 and 3 can be used to calculate a best estimate undrained shear strength profile over
a range of elevations using a best estimate OCR and average plasticity index. Figure 4a through d present undrained shear strength interpreted from the consolidation tests using Equations 2 and 3 for Layers
1a through 4, respectively. The undrained shear strength interpreted from consolidation tests are coded
by SQD (described earlier).
3.2 Undrained shear strength estimated from CPTu data
The undrained shear strength was interpreted from CPTu data using Equation 4.
(4)
Where: su = undrained shear strength; σv = total overburden stress; and Nkt = cone bearing factor.
A cone bearing factor, Nkt, of 14 was initially selected for comparisons to laboratory data following
the suggestion of Robertson (2009). Figure 4a through d present undrained shear strength interpreted
from the CPTu data for Ic greater than 2.6.
3.3 Best Estimate undrained shear strength profile
A best estimate line is constructed for Layers 2, 2a, and 4 using the best estimate OCR from Figure 3
and Equations 2 and 3. As shown in Figure 4a, the undrained shear strength profile using Equations 2
and 3 underestimates the undrained shear strength interpreted from consolidation test data. As shown in
Figure 3a, the best estimate OCR profile significantly underestimates OCR for Layer 1a below Elevation
-5m. Above Elevation -5m the discrepancy may be due to the difficulty in accessing OCR at low effective stresses. For example, a material with a constant preconsolidation stress will have a significant variance in OCR over the top few meters. Therefore, the best estimate profile for Layer 1a is assigned a
constant su=15 kPa. Table 1 presents the construction of the best estimate profiles. Note that the soil
parameter S for the peat layer, Layer 2a, is 0.52 which is on the low side of the range given by Mesri
and Ajlouni (2007) for peat. Figure 4c indicates that, while there are data below the best estimate line,
there is a significant amount of data with a higher undrained shear strength, which would indicate that
the use of a larger soil parameter S may be justified.
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Table 1 Construction of undrained shear strength best estimate
Layer

Average Plasticity
Index (PI)

Best Estimate Overconsolidation Ratio (OCR)

Soil Parameter, S (from
Equation 3)

Best Estimate undrained
shear strength (kPa)

Layer 1a
Layer 2
Layer 2a
Layer 4

32
43
111
63

1.4
1.5
1.5
1.0

0.23
0.27
0.52
0.34

15
-2.61 * (El)
-5.04 * (El)
-2.40 * (El)

2

(a)

(b)

0

Elevation (m)

‐2

‐4

‐6

‐8
CPT
Lab ‐ SQD A
Lab ‐ SQD B
Lab ‐ SQD C
Lab ‐ SQD D
Best Estimate, Su=15 kPa
Profile Using Equations 2 and 3, PI=32, OCR=1.4

‐10

‐12
0

20
40
60
80
Layer 1a Undrained Shear Strength, Su (kPa)

100

(c)

(d)

Figure 4 Undrained shear strength versus elevation for Layer 1a (a), 2 (b), 2a (c), and 4 (d)
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4 COEFFICIENT OF CONSOLIDATION
The coefficient of vertical coefficient consolidation, cv, was determined from consolidation tests. All
other factors being equal, the coefficient of consolidation decreases with decreasing void ratio. For a
consolidation test this trend can be seen as decreasing vertical coefficient consolidation with increasing
mean stress increment. Here, the term “mean stress increment” is defined as the arithmetic average of
the beginning and finishing load over which the coefficient of consolidation was determined in the consolidation test.
The CPTu program included dissipation tests in select layers. The horizontal coefficient of consolidation, ch, was evaluated from these data using the methodology of Houlsby and Teh (1988). Table 2
presents a summary of the time for 50% dissipation, t50.
Table 2 Summary of t50 values by layer
t50 (s)
Layer

Number of Tests

Average

Median

Minimum

Maximum

1a

2

2383

2383

975

3791

2

24

2576

2056

590

9610

2a

12

236

211

64

462

4

13

881

563

120

2482

4a

0

N/A

N/A

N/A

N/A

Chapuis and Gill (1989) showed that hydraulic anisotropy of homogeneous soils was a function of
void ratio as shown in Equation 5
2.81 .
(5)
Where: Rk = ratio of horizontal to vertical hydraulic conductivity; kh and kv = horizontal and vertical
hydraulic conductivity, respectively.
Since the coefficient of consolidation is a function of the hydraulic conductivity, it is assumed that
the ratio of vertical to horizontal hydraulic conductivity is the same as the ratio of vertical to horizontal
coefficient of consolidation. Therefore, the Rk factor from Equation 5 can be used to convert horizontal
to vertical or vertical to horizontal coefficients of consolidation. Equation 5 and the average void ratio
from a given layer from the laboratory tests is used to calculate a horizontal to vertical ratio which is applied to the horizontal coefficient of consolidation from the dissipation tests.
Figure 5a through Figure 5d present the vertical coefficient of consolidation versus mean stress increment for Layers 1a through 4, respectively. Generally lower SQD samples for a given layer were
omitted in favor of higher SQD data. The dissipation test data are plotted at a mean stress increment
equal to the vertical effective stress at which the test was performed.
For Layer 1a and 2, the dissipation test data generally align with the higher quality laboratory test results (SQD “C” and better). Due to the number of data presented in Figure 5b (Layer 2), the data between mean stress increments of 50 to 100 kPa are plotted versus elevation in Figure 6 to show the distribution of data more clearly.
Figure 5c shows a large discrepancy between the CPTu data and the laboratory data for Layer 2a.
This may be due to potential sample bias in which portions of the thin-wall tubes with a higher clay content may have been selected for laboratory testing due to their ease of preparation when compared to
portions with a higher content of the fibrous peat.
Figure 5d shows generally a good agreement between the laboratory test data and the dissipation test
data for Layer 4 with the exception of three outliers for which the dissipation test data suggest a significantly higher coefficient of consolidation when compared to the general trend. The borings encountered
organic clays and peat deposits within Layer 4 which were difficult to identify in the CPTu data. One
possible explanation for these outliers is that these dissipation tests were performed in organic clay and
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peat deposits which have a higher coefficient of consolidation when compared to the typical fat clay of
Layer 4.
It should be noted that for all of the clay and peat layers higher quality samples are generally correlated with higher coefficient of consolidation samples and lower quality samples with lower coefficient
of consolidation. Further, it is observed that while the in-situ dissipation test results only provide a coefficient of consolidation at one stress increment, that of the in situ vertical effective stress, that the in situ
results correlate well with the results high quality samples laboratory samples at that stress increment.
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Figure 5 Mean stress increment versus vertical coefficeint of consolidation
for Layer 1a (a), 2 (b), 2a (c), and 4 (d)

Figure 6 Coefficient of consolidation for Layer 2 between mean stress increments from 50 to 100 kPa
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Figure 7 presents vertical coefficient of consolidation from in situ CPTu dissipation testing versus laboratory consolidation testing from paired CPT-borehole data, where available, coded by SQD. The laboratory test values selected are selected from a loading increment which envelopes the vertical effective stress. From Figure 7 it can be seen that higher quality samples generally trend toward the 1 to 1
line indicating a good match between data while poorer quality samples generally fall below the 1 to 1
line indicating that for a given coefficient of consolidation interpreted from dissipation testing the resulting laboratory result from a poor quality sample is typically lower.
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Figure 7 Layer 2 vertical coefficient of consolidations from in situ dissipation testing versus laboratory
consolidation testing

5 CONCLUSIONS
Initial estimates of stress history, strength, and coefficient of consolidation parameters varied greatly
between CPTu and laboratory tests for the fine grained units at the project site. When the sample quality
of the laboratory tests was evaluated and tests with higher sample quality weighted more heavily, the
CPTu data and laboratory test data come to agreement. For this project site, the lower quality samples
are generally correlated with lower OCR, lower strength, and lower coefficient of consolidation. These
trends substantiate the concept that in situ testing using the CPTu can be very beneficial for evaluating
engineering parameters, particularly in cases where sample disturbance plays a role, however it may not
be the case for all sites and laboratory testing programs.
Standard correlations from CPTu data to stress history, strength, and coefficient of consolidation
were applied to peat samples. The resulting parameters derived from the in situ CPTu data and the laboratory program generally agree with one another, with OCR matching high quality data well, slightly
under estimating undrained shear strength, and over estimating coefficient of consolidation. Although
all or some of these trends may be due to sample bias of the laboratory testing program as relates to peat
materials, it is also due to heterogeneity (natural variability) and uncertainty in the model.
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Generally, the CPTu is superior for stratigraphic interpretation. The results presented herein demonstrate that engineering properties derived from the CPTu closely match laboratory results for paired
borehole data when sample quality is accounted for. Thus the combination of high quality samples accompanied by CPTu testing can provide site specific correlations which can give much more confidence
in the use of the CPTu across the site.
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ABSTRACT: Addition of polymers at the point of slurry deposition is increasing in popularity in the
mining industry. However, polymer addition has been observed to produce a number of changes to the
geotechnical properties of slurries. There is little available information regarding whether the changes
induced by polymers can be quantified by CPTu probing, and penetration testing generally. This is of
importance as penetration testing will undoubtedly form a key tool in the in situ investigation of deposits developed from polymer treat slurries. A series of miniature penetration tests conducted in the
UWA beam centrifuge on two samples of an identical soil, where one sample was treated with a polymer and one was not, are outlined. Significant differences in the results of the penetration test data between the two materials is observed. Some additional considerations related to interpretation of penetration test data in polymer-treated deposits are outlined.

1 INTRODUCTION
The mining and mineral processing industries manage a large, and increasing, amount of slurry waste
every year (Krizek 1999). The regulatory environment for the management of this waste is generally
becoming stricter in most jurisdictions, as public resistance to new mining developments increases.
Therefore, the management of slurry wastes is an increasingly challenging prospect for industry.
A relatively recent technological innovation to improve some of the characteristics of slurry wastes
involves the treatment of the slurry with a rheology modifying polymer shortly prior to the point of deposition (Brumby et al. 2008, Daubermann & Földvári 2009, da Silva 2011, Wells et al. 2011, Mizan et
al. 2013, Yuan et al. 2013) If performed correctly, this can result in a slurry product with improved dewatering characteristics and reduced segregation potential. This technology is currently referred to by a
number of terms, including “in-line flocculation”, “polymer treatment”, “secondary flocculation”, “pipehead flocculation”, and BASF’s trade name for the process “Rheomax® ETD” (Enhanced Tailings Disposal). The term polymer treatment, abbreviated as PT, will be used herein.
While this technology shows significant promise for improving the management of slurry wastes,
there are a number of important outstanding questions regarding the impacts of polymers on the geotechnical performance of earth structures developed from PT slurry. These include shear strength, liquefaction resistance, sensitivity, and consolidation properties.
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The Piezocone Penetration Test (CPTu) is the most common tool for performing in situ investigations
of earth structures developed from slurries. This is owing to its relative accuracy, reliability, speed, cost
effectiveness, and the production of three complementary data channels to aide interpretation (e.g., Been
& Jefferies 2006, Robertson 2009). In addition, for soft cohesive deposits, the vane shear test, and increasingly the T-Bar (Stewart & Randolph 1994), are also utilized depending on project risk. It is therefore clear that as PT technology proliferates, the CPTu, along with other penetration test methods, will
be utilized to provide estimates of geotechnical properties of material that has undergone PT.
The purpose of the work outlined here was to conduct CPTu and other testing on two sets of the same
material, prepared as similarly as practicable, except that one of the samples was PT, and the other untreated (UT). Given that the technology is relatively novel with few large scale examples, combined
with the impracticability of preparing two near-identical sets of material in field conditions, geotechnical
centrifuge testing was utilized in an attempt to assess the performance of penetration testing in this context.
2 PREVIOUS WORK
Existing published laboratory and field testing on the impacts of PT on the geotechnical behavior of
slurries has generally indicated the following:
- The looser settled densities resulting from polymer treatment within thickeners has been known
for decades. However, consolidation testing of PT treated slurries indicates that a looser state
can persist under some vertical effective stress ranges (Mao & Fahey 1999, Jeervipoolvarn 2010,
Chang et al. 2011, Reid & Fourie 2012a).
- Despite the looser state at a given vertical effective stress, peak strengths are in many cases similar to the same material prepared without PT, that is at a denser state (Jeervipoolvarn 2010, Mao
& Fahey 1999)
- A higher cv has been observed when compared in terms of vertical effective stress (Jeervipoolvarn 2010)
- Despite the similar peak strengths, increased sensitivity of PT material has been observed, presumably owing to its looser state and/or different soil fabric (Beier et al. 2013).
In addition to the laboratory testing outlined above, the authors are aware of one example where
comparison CPTu was conducted on similar tailings material with and without PT, described by da Silva
(2011). This data indicated higher tip resistance, and lower excess pore pressure in material that had
undergone PT. However, the PT process also resulted in elimination of segregation and higher levels of
effective stress owing to faster settling and dissipation of pore pressure. Hence, it is difficult to identify
which changes to geotechnical properties and penetration test data were induced by PT, and which are a
result of material and stress differences between the tests.
3 LABORATORY CHARACERIZATION
3.1 Material and Polymer Selection
Early work conducted by the authors focused on kaolin clay (Reid & Fourie 2012a, Reid & Fourie
(2012b). However, while this work was useful in developing material preparation techniques, a material
of lower plasticity, and therefore potentially higher sensitivity, was developed. A composite mixture of
kaolin, non-plastic silica silt, and silica sand was created. The proportion of these components was adjusted in collaboration with BASF to ensure the mixture selected was amenable to PT. BASF then performed polymer-screening tests, which indicated that the polymer DPW-1687 was suitable for treatment
of the synthetic slurry developed. A polymer dosage of 500 g/t was recommended by BASF and used
on all PT tests outlined herein. This is similar to the typical dosage ranges being considered in current
pilot programs (e.g., Mizan et al. 2013, Yuan et al. 2013).
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3.2 Laboratory Testing
Once the slurry and polymer were selected, a comprehensive laboratory program was conducted on the
material both untreated (UT) and PT. The full testing program and results are beyond the scope of this
paper, therefore pertinent results have been summarized below. Polymer treatment can only be conducted on soil within a slurry state. Thus, sample preparation methods involved mixing the soil to a slurry
state, and pouring into moulds to allow 1-D consolidation to produce usable samples for the various
kinds of laboratory tests conducted. More detail on the sample preparation techniques utilized are provided by Reid & Fourie (2012a) and Reid & Fourie (2012b).
Index properties for the synthetic slurry are presented in Table 1.
Table 1. Index properties of the material used for testing.

____________________________________________
% Fines
(<75 µm)

D50
(µm)

Liquid Limit
(%)

Plastic Limit
(%)

____________________________________________
68

11.3

24

16

____________________________________________
Oedometer testing indicated that PT samples exhibited a looser state up to at least 1000 kPa, while cv
values for PT samples were approximately three times larger than UT samples at the same vertical effective stress. Peak (su) and residual (sr) shear strengths measured in laboratory and vane testing, and estimates of sensitivity (su / sr), are outlined in Table 2.
Table 2. Laboratory-based strength and sensitivity estimates.

_____________________________________________________________________
Test Method
UT Material
PT Material
_____________________________________________________________________
CIU Triaxial
su/p’
0.33
0.35
_____________________________________________________________________
Simple Shear
su/σ’v (monotonic, at 20% strain)
~0.30
~0.30
sr/σ’v (post-cyclic, at 20% strain)
0.15 – 0.25
0.10 – 0.28
Implied Sensitivity
1.2 – 2.0
1.1 – 3.0
_____________________________________________________________________
Shear Vane Testing @ 25 kPa σ’v
su/σ’v
0.19
0.68
0.10
0.08
sr/σ’v
Sensitivity
1.9
8.9
_____________________________________________________________________
Shear Vane Testing @ 50 kPa σ’v
su/σ’v
0.18
0.52
sr/σ’v
0.10
0.12
Sensitivity
1.8
4.3
_____________________________________________________________________
Sensitivity predicted at 100 kPa
6
19
from Mitchell & Soga (2005)
_____________________________________________________________________
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The simple shear testing was performed under constant-volume conditions, with a membrane constrained by a stack of Teflon rings. For most tests conducted, contractive-dilative behavior was observed, with the shear stress increasing up to at least 50% strain. However, at these strains it is likely
that sample non-uniformity and the deformed geometry of the rings and membrane are impacting the results. Therefore, peak strengths were selected as those developed at 20% strain. Post-cyclic tests were
impacted by this issue as well – typically, shear stresses equal to the peak values would be attained at
strains of approximately 50%. However, the post-cyclic strength developed at 20% strain was selected
for presentation above consistent with peak value selection. Soft post-cyclic response has been observed
in similar laboratory testing (Wijewickreme et al. 2005, James et al. 2011). While the simple shear tests
conducted thus far on UT and PT materials demonstrate a reduced stiffness as a result of pore pressure
build up, they do not provide conclusive evidence as to the sensitivity of either material, owing to potential inaccuracies with shear stress measurement at such high strains. Further analysis and calibration are
required to assess and potentially correct for measurement issues at large strains. The difficulty in
achieving complete “remoulding” to a residual strength within laboratory tests, as compared to residual
vane strength, has been described previously by Castro (2003) for a low plasticity clayey silt.
Vane shear tests were conducted within a 150 mm diameter consolidation tube at 25 and 50 kPa vertical effective stress. Achieving higher stresses was not possible with the hanger and weights system
used. In the case of the UT material, while the vane shear results are lower than the other laboratory
tests, this is somewhat consistent with previous comparisons (Chandler 1988) of simple shear and vane
strengths for low PI materials. However, the PT material provides strengths far in excess of corresponding laboratory tests. The reasons for this are currently unclear. Regardless, the vane indicates a higher
sensitivity for the looser PT material, consistent with vane testing on other PT treated slurries (Beier et
al. 2013). A similar residual strength is implied for PT and UT material, which is noteworthy as the PT
material is in a looser state.

4 BEAM CENTRIFUGE TEST PROGRAM
4.1 General
The UWA beam centrifuge was utilized for the penetration testing. Centrifuge strong boxes with approximate dimensions of 650 mm (L), 390 mm (W), and 325 mm (H) were used. Two separate tests
were conducted to allow filling the entire strongbox with either UT or PT material, rather than utilizing
an internal divider. Tests were performed at an average acceleration of 100g. Further description of
pertinent issues and methods related to geotechnical centrifuge testing are outlined by Schofield (1980)
and Muir Wood (2004).
Sample preparation for the beam centrifuge tests was performed using the same methods as the laboratory test program, except on a much larger scale, as follows. The bottom of the boxes were covered in
a nominal 20 mm thick layer of coarse sand and filter paper, to promote two-way drainage during consolidation. In the UT test, material was poured into the remainder of the box as a thick slurry, while the
PT material was gently placed by hand. To minimize the potential for air bubbles or macro-pores developing, the material was gently stirred and agitated to produce a uniform sample. Each sample was then
preloaded under a vertical stress of 12 kPa, topped up, then preloaded again. While this preloading process resulted in a thin overconsolidated crust during self-weight consolidation, it allowed a deeper quantity of material to be placed within the boxes prior to spinning. Given that penetration data from the
near-surface region of centrifuge samples are generally unreliable (e.g., Bolton et al. 1999), preloading
did not itself preclude the production of useful data.
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4.2 CPTu Testing
The miniature CPTu system at UWA consists of a 10 mm diameter device, with pore pressure measurement at the u2 position. The friction sleeve has equal-end areas, and an area of 1188 mm2. The CPTu
tests presented herein were conducted at 3 mm/s in both materials, which is the fastest speed possible
with the UWA centrifuge actuator system. This speed represents a normalized velocity V (Finnie &
Randolph 1994) at ~160 mm depth of 201 for UT and 67 for PT materials. These values are within the
range at which it is expected that undrained conditions will prevail (Finnie & Randolph 1994, House et
al. 2001, Randolph & Hope 2004). CPTu data was interpreted based on a measured net area ratio of 0.8.
Dissipation tests were also conducted at 100 and 200 mm depth to confirm later calculations of pore
pressure profile within the box.
4.3 Other Testing
T-Bar testing was conducted at the maximum actuator speed of 3 mm/s – again to ensure undrained
conditions prevailed. T-Bar testing was conducted with the UWA miniature device, which features a
5 mm diameter bar of 20 mm length. Cycling of the T-bar was performed twenty times between depths
of 150 and 170 mm in an attempt to develop remoulded strengths.
At the end of spinning, the boxes were removed from the centrifuge, and measurements of depth and
test locations made. Oedometer samples were taken from the crust material to confirm a similar normal
consolidation line to the laboratory testing program. Finally, a series of moisture content profiles were
taken to estimate in situ void ratios during the test.

5 RESULTS AND DISCUSSION
5.1 Relevant Results from Supporting Testing
Tube samples and oedometer tests on surface samples indicated that the void ratio profile within the centrifuge box was indistinguishable from 1-D consolidated laboratory tests. Settlement data from the consolidation stage of the test, in situ void ratios, and dissipation test results all indicated that penetration
testing was conducted on a normally consolidated stratum of soil with a hydrostatic pore water profile,
where head at the base of the sample was kept consistent with the level of surface water on the sample
while spinning.
The T-Bar data for first and last cycles are shown across the cycling interval from 150-170 mm in
Figure 1 for both samples. Assuming a value of NT-Bar = 10, the peak undrained strength ratio for PT
material was 1.10, which is far in excess of the value of 0.18 observed for UT. The result for UT was
consistent with laboratory vane testing, whereas the PT result was significantly higher.
The final remoulded strength ratios of UT and PT materials are essentially identical at ~0.05-0.06
across much of the cycling interval, except near the bottom of the cycling profile where it appears PT
strengths are being affected by reconsolidation. The similar remoulded strengths observed is an interesting result, as the void ratios measured for the two materials were significantly different across all
depths. Based on the higher peak and similar remoulded strength of PT, a significantly larger sensitivity
was indicated – 3.4 for UT vs. 17.3 for PT material. These values correspond well to those predicted for
the two materials by the method based on Liquidity Index suggested by Mitchell & Soga (2005).
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Figure 1. Cyclic T-Bar Results

The T-Bar derived estimates of sensitivity calculated above assume a constant NT-Bar factor for the
calculation of undrained strengths. It has been demonstrated that, in relation to vane shear strengths,
NT-Bar is not equal for peak and remoulded testing, but instead appears to vary without a consistent trend
across different materials (DeJong et al. 2011). The authors are not yet prepared to suggest specific NTBar values for the materials considered here. However, to allow an independent assessment of sensitivity
to be developed from each testing method, a constant value of 10 was assumed. The potential limitations of this assumption are acknowledged.
5.2 CPTu Results
Profiles of tip resistance, sleeve friction, and dynamic pore pressure are illustrated in Figure 2 for tests
within both UT and PT materials. The values are shown against depth, although it should be noted that
vertical effective stresses were not the same at a given depth. In fact, the values within UT material
were approximately 7% higher on average, owing to higher unit weights. Given the significant differences in the results of the two materials, the non-normalized results have been presented graphically for
comparison.
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Figure 2. CPTu Test Results

As indicated above, significantly higher tip resistances and friction sleeve values were observed in
the PT material. Curiously, the PT material showed a dilative response during CPTu penetration. This
is in contrast to typically contractive behavior observed in most laboratory tests conducted, although appears consistent with the vane and T-Bar testing. While the behavior observed is dilative, the magnitude
of excess pore pressure is consistent with undrained penetration. The impact of a dissipation test conducted at 100 mm depth during both tests is apparent in the results. More variability is evident in the PT
results, presumably a result of sample non-uniformity owing to placement technique. However, sampling of the post-test material did not reveal pockets of anomalous void ratios.
To allow comparison with the cyclic T-Bar testing, a variety of data relevant to the cyclic depth range
of 150-170 mm are presented in Table 3. Undrained shear strength was calculated assuming an Nkt value of 15, although similarly to NT-Bar this value can vary (e.g., Aas et al. 1986, DeJong et al. 2011), and
is typically taken to be lower if the material is of high sensitivity (Robertson 2009).
Table 3. CPT results within the T-Bar cycling depth range

__________________________________________________________________
Parameter

Untreated

Polymer Treated

______________________________________UT_______________PT________
Void Ratio*
0.49
0.57
158
147
σ’v (kPa)*
V
201
67
1.1
14.0
Qtn**
5.3
1.95
Fr – No Cone Bearing Offset (%)**
Fr – 30 mm Offset (%) **
6.5
2.28
9
42
fs (kPa)*
3.9
2.8
Ic,RW**
1.09
-0.08
B q*
0.08
0.96
Implied su/σ’v
0.07
0.29
Implied sr/σ’v
_Implied sensitivity?___ _________________
~1____________________~3________
* value at 160 mm depth ** average value across 150-170 mm depth
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Fr has been calculated both with and without a cone bearing offset. The high gradient of vertical
stresses within a centrifuge, and therefore increase in measured values (assuming constant material),
would likely increase the importance of applying a cone bearing offset when compared to 1g conditions.
Therefore, two calculations of Fr are presented for the target zone: no cone offset, and an offset of
30 mm, which is the distance from the center of the friction sleeve to the tip of the cone. Consistent
with the high gradient of vertical stresses, a significant difference in the two calculated Fr values was
observed.
Significant contrast in the CPTu results between the two materials is apparent. Tip resistances, and
hence implied undrained strength estimates, are dramatically higher in PT material. Indeed, the implied
su/σ’v ratios taking a relatively “typical” Nkt factor of 15 are lower than expected for UT and higher than
expected for PT on the basis of laboratory and shear vane tests. With respect to the low results for UT
material, similar results have been observed in the centrifuge testing of other clay-sand mixtures, with
normalized penetrations less than half those of kaolin (Jaeger et al. 2010). In addition, centrifuge CPT
results often require a lower Nkt factor than typical 1g full scale conditions to correlate to laboratory
strengths even in more “typical” materials such as normally consolidated kaolin (for example, Cao et al.
2002). However, despite these issues, a significant contrast of the two materials is clear. Similarly, the
contrast between contractive and dilative responses is evident, and is presumably related to the undrained strength ratios obtained.
The low tip resistances measured for the UT material impact all the normalized parameters derived
with tip resistance as an input, in particular, Fr and Ic,RW. Indeed, these values for UT material are well
outside those expected from the material characteristics. Thus, it makes it difficult to draw any major
conclusions from the different values obtained from PT and UT tests. However, the CPTu does indicate
a generally higher sensitivity for the PT material. Also, the Ic,RW result for PT material, “Silt mixtures –
clayey silt to silty clay” (Robertson 1990) corresponds well with index properties of the material.
“Standalone” friction sleeve values, in conventional in situ CPTu testing, have been shown to provide
reasonable first-estimates of residual strength in some cases (Robertson 2009, Farrar 2010). The friction
sleeve results for the soils tests here indicate higher predictions of residual strength for the PT material,
which is inconsistent with the T-Bar, shear vane testing, and in situ density data. It is noted that the example site documented as having perhaps the best correlation between residual strength derived from
friction sleeve and that from vane shear testing had a higher clay content and plasticity than the soil tested here (Farrar 2010).
Another important consideration in the use of friction sleeve data, either to estimate remoulded
strength or as an input to various other correlations, is the potential for the viscous pore water within the
PT treated material to influence the results. When the slurry water is treated at 500 g/t, it results in a
higher viscosity pore water. This was still noticeable when the material was loaded into the centrifuge
box. Increased viscosity pore water would have at least two relevant impacts: (i) changes to the rate of
dissipation of excess pore pressure (e.g., Muir Wood 2004) and (ii) possibly a reduction in the friction
sleeve measurements, compared to an identical soil with water as the pore fluid, as observed by Silva &
Bolton (2004).
It is not believed that issue (i) will significantly impact the interpretations made here – consolidation
testing of the PT material used to calculate cv had identical pore water to the centrifuge samples, and
thus the calculation of V for the PT material should be valid. Hence, undrained conditions are still expected.
Issue (ii) is potentially important, particularly with respect to interpretation of CPTu tests in deposits
of PT slurry in large scale deposition. In the work of Silva & Bolton (2004), it was shown that for two
samples of soil prepared in identical methods, material that was flooded with a higher viscosity fluid exhibited significantly lower friction sleeve readings than an identical soil flooded with water. As the soil
tests were in sands, it seems unlikely that the changes were a result of some impact of the pore fluid on
the surface chemistry of the soil particles. Presumably then, the reduction in friction sleeve values was
owing to some form of lubrication from the viscous pore fluid, as noted by Silva & Bolton (2004).
Turning to hypothetical field conditions, in a deposit developed from PT slurry, this effect may also be
evident, although the viscosity of the pore fluid in situ will likely change over time as environmental
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processes result in some “flushing” of the deposit. Therefore, all else remaining equal, the friction
sleeve results of two CPTu probes through identical soil samples could be quite different.
In the case of the tests outlined here, further analysis of the pore fluid viscosity is required, perhaps
with some additional laboratory testing, or performing CPTu tests through the viscous pore water itself,
to confidently state whether pore fluid viscosity has impacted the friction sleeve results obtained. Despite the fact that the values may have been reduced by this effect, it is again noted that the friction
sleeve values obtained in PT material were in all cases higher than those in UT material.
6 CONCLUSIONS
The use of PT is an emerging technology showing promise in assisting the management of waste slurries. An increasing number of studies are indicating that PT can produce significant impacts on the geotechnical properties of placed material within the resultant deposit, including looser states, faster consolidation, and higher sensitivities. Testing on a synthetic slurry developed by the authors with
assistance from BASF, indicated similar impacts on the geotechnical properties from PT to other observed in the literature.
An assessment of the potential for penetration tests, particularly the CPTu, to discern the changes to
geotechnical properties caused by PT was conducted within a beam centrifuge. The results were mixed,
with cyclic T-Bar testing indicating a much higher sensitivity following PT treatment, consistent with
laboratory-scale vane tests. The CPTu, despite the limitations of testing within a centrifuge, indicated a
higher sensitivity for the PT material. However, the peak undrained strengths measured through both
vane and penetration tests in the centrifuge did not correlate well with laboratory values. The residual
undrained strengths derived from CPTu friction sleeve data did not correlate well to values measured
with a vane shear test or those from cyclic T-Bars. The impacts of viscous pore fluid that is associated
with PT on the measured friction sleeve values was deemed of importance for future analysis.
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T-bar tests in soft and sensitive Swedish clays
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ABSTRACT: T-bar tests have become widely used for determination of undrained shear strength in
foremost offshore investigations. Its use on land has so far been more limited. Apart from evaluation of
the undrained shear strength from penetrations at a constant rate, evaluations of remoulded shear
strength from cyclic penetration tests have also been performed. Cyclic tests can also be used to investigate how fast the shear strength is degraded with remoulding. For this purpose, T-bar tests have been
performed in Swedish clays, as part of a larger project concerning the breakdown of shear strength at
cyclic loading and deformations. The results have enabled a check of proposed methods for evaluation
of undrained and remoulded shear strength with regard to Swedish clays, including highly sensitive and
quick clays. The results indicate that the evaluation depends on several factors not taken into account
earlier.

1 INTRODUCTION
The T-bar test is a so-called full-flow penetration test in which the conical tip on a CPT probe has been
replaced by a horizontal cylinder (bar) with normally 40 mm diameter and 250 mm length. The method
has become used fairly widespread in mainly offshore investigations. The area of the probe is enlarged
10 times in relation to the CPT. The influence of errors due to the high water and total overburden pressures at large water depths are in this way reduced to a tenth of those for the CPT. This is particularly
valuable in loose superficial sediments at the sea bottom in deep water.
The T-bar also provides the possibility to successively remould the soil by driving it up and down
within a certain depth interval and thereby observe the gradual degradation from the change in tip resistance. This has been made in a number of investigations, mainly in order to obtain a measure of remoulded shear strength and sensitivity (e.g. Yafrate et al. 2009, Low et al. 2010).
In 2009, a project was started at the Swedish Geotechnical Institute, SGI, to study the degradation of
shear strength in cohesive soils during cyclic loading and large deformations (Åhnberg & Larsson
2012). The project was supported by the Swedish Transport Administration. As a part of the field investigations and sampling for laboratory testing, T-bar tests where preformed to investigate if this method
could indicate a corresponding behavior as shown in the laboratory tests or supplementary information.
The test sites where chosen with an emphasis on highly sensitive and quick clays whose shear strength
could be expected to be easily degraded. A total of 12 locations in the middle part of Sweden have been
included in this study.
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2 T-BAR TESTS AND INTERPRETATION
T-bar tests (both static and cyclic) are performed at the same rate as CPTs, i.e. 20 mm/s. The length of
the depth intervals with cyclic tests have been given as at least 0.3 m but lengths of about 1 m are common. The number of cycles should be at least 10, where a minimum value of tip resistance is normally
assumed to have been reached, (e.g. DeJong et al. 2010). However, more cycles may lower the value
somewhat further (Lunne et al. 2003).
The undrained shear strength is evaluated from T-bar tests as follows:
q
cu = net
NTbar
(1)
where

q net = qc − [σ V 0 − u 2 (1 − a)]

As
Ap
qc = measured T-bar tip resistance
σV0 = total overburden pressure
u2 = pore pressure measured directly above the tip
a = net area factor measured on the probe area (i.e. the same as for the CPT)
As = rod cross-sectional area
Ap= probe cross-sectional area
As/Ap = 0.1 at a normal T-bar and common 36 mm diameter probe (CPT probe)

In similarity to Nkt for CPTs, NTbar depends on what undrained shear strength is referred to (i.e. average, active, passive or direct shear). Early theoretical studies using isotropic shear strength yielded NTbar
–factors around 10-13 (Randolph et al 2000). Further analyses with advanced numerical methods yielded NTbar of about 11-13 for undrained shear strength and NTbar,REM of about 13 for remoulded shear
strength (Randolph and Andersen 2006). Later analyses with FEM-simulations by Zhou & Randolph
(2009) have yielded an ”ideal” NTbar of 9.89-9.95 for ideal plastic material and a normal roughness factor
of 0.2 without regard to rate effects and other factors. NTbar is considered to increase with increasing rate
of penetration whereas deformation softening (sensitivity) makes it decrease. A higher roughness increases NTbar. Normally, except for certain quick clays, this would lead to somewhat higher real NTbar
values than the ”ideal”.
Different investigations have been performed to obtain empirical NTbar values through comparisons
with other tests. The NTbar values have generally been found to be lower than the Nkt for CPTs (e.g. Low
and Randolph 2010, Low et al. 2010). The hitherto most commonly used NTbar value is 10.5, which was
recommended as an average by Randolph (e.g. 2004). A calibration against field vane tests by Veemees
et al (2006) yielded NTbar values between 10 and 12 for clay. A more detailed investigation by Lunne et
al (2005) with calibration against averages of undrained strength from active and passive triaxial tests
and direct simple shear tests showed NTbar between 10 and 13 with an average of 12. In a later study on a
larger data base, Low et al. (2010) recommended to use an NTbar of 10.5 to obtain shear strengths corresponding to active triaxial tests and 12 to obtain values corresponding to the average strength. No relationship was found between NTbar and liquid limit or other properties but the database consisted of results from soils from different parts of the world, and hence local correlations cannot be discerned.
Remoulded shear strength and sensitivity are evaluated from cyclic T-bar tests, The evaluation has
mainly been calibrated against field vane tests, which often yield higher values of remoulded shear
strength than the fall-cone test in the laboratory, but in some cases also against the fall-cone. The results
have shown that higher NTbar,REM values must be employed for the remoulded shear strength as compared
to the NTbar values for the undisturbed undrained shear strength. Low et al (2010) recommended use of
NTbar,REM of 14 and 14.5 to obtain remoulded shear strengths corresponding to what is measured by field
vane tests and fall-cone tests, respectively.
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Investigations have indicated that the NTbar - and NTbar,REM - factors are affected by the sensitivity of
the soil. According to Yafrate et al. (2009), the factor NTbar,REM varies with sensitivity St with the following relationship:

N TbarREM = 12 +

5.5
⎛ S ⎞
1 + ⎜ t ⎟
⎝ 6 ⎠

(2)

−3

which gives NTbar,REM values varying between 12 for non-sensitive clay and 17.5 for high-sensitive clay.
The sensitivity was proposed to be estimated from the net tip resistances in the first penetration, qin, and
in the last cycle, qrem, as follows:
1, 4

S t ,Tbar

⎛ q ⎞
= ⎜⎜ in ⎟⎟
⎝ qrem ⎠

(3)

DeJong et al. (2011) have reported a corresponding expression for the variation of NTbar with sensitivity St, which instead yields NTbar values varying between 12 for non-sensitive clays and 5.5 for highsensitive clays. The basis for these relationships contains only a limited number of data for very high
sensitivities. No study has been found of how fast the clays are broken down (remoulded) during the cycling process.
3 MATERIALS AND METHODS IN PRESENT STUDY
3.1 Type of soils
Twelve different test sites were involved in the investigations. The sites were chosen to cover clays with
different conditions at deposition, with low, medium and high plasticity and with sensitivities varying
from 10 to 253. In all, twenty-two different types of clay were investigated in the study. Details on the
test sites are given by Åhnberg and Larsson (2012).
3.2 Penetration tests
CPTs plus static and cyclic T-bar tests were carried out at each test site. The CPTs were performed according to the international standard (ISO 2012) with higher demands for accuracy corresponding to the
recommendations by the Swedish Geotechnical Society for soft clays (SGF 1993) The T-bar tests were
performed using equipment with the recommended dimensions and according to the recommended practice by DeJong et al. (2010), see above. Since the soils at most sites could be expected to contain shells
and other embedded objects as well as stiffer and sometimes inclined layers, the T-bar tip was attached
to a 5-ton CPT-probe instead of a more sensitive probe adapted for the CPT in soft clay. This somewhat
affected the possibility to study relationships between tip resistance and sensitivity and remoulded shear
strength in the cyclic tests because the tip resistance often approached the inaccuracy that normally must
be accepted for this type of probe.
It was not possible to measure the tip resistance at both penetration and withdrawal with the equipment at hand and only the tip resistances at downward strokes were registered.
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4 RESULTS
4.1 Static tests
The curves for the T-bar penetration test results resembled those obtained in CPTs although the evaluated net tip resistances and generated pore pressures were generally lower than those measured in CPTs
nearby. Another general observation was that the net tip resistance did not increase with depth at the
same rate as the undrained shear strength. This suggested that the factor NTbar decreased with depth. In
the Swedish clays, the overconsolidation ratio and the liquid limit normally vary with depth. Figure 1
shows the results of T-bar tests in two profiles; one with a continuously decreasing liquid limit and one
with an almost constant liquid limit with depth. The reference undrained shear strength has been determined by CPTs evaluated according to SGI Information No. 15 (Larsson 2007) and verified by field
vane tests and direct simple shear tests. The shear strength from the T-bar tests in the figure were calculated with a constant NTbar of 11.5.
A direct comparison between the evaluated net tip resistance in the T-bar tests and the reference
(CPT or FVT) shear strength yielded NTbar-factors varying between 6.5 and 19. Experience from CPTs
(Larsson and Åhnberg 2003, 2005) has shown that the results in Swedish clays need to be corrected for
overconsolidation ratio according to the following:

⎛ OCR ⎞
N kt = N kt ( OCR =1.3) ⎜
⎟
⎝ 1.3 ⎠

0 .2

(4)

where Nkt(OCR=1.3) is the cone factor at a normal overconsolidation ratio of about 1.3 in Swedish clays
classified as normally consolidated to slightly overconsolidated. No correction is made for overconsolidation ratios below 1.3. The principles for CPTs and T-bar tests are similar and judging from the test results a corresponding correction with regard to overconsolidation ratio should be made to the results
from the T-bar tests.
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Figure 1. Example of results from T-bar tests without correction for OCR compared to undrained shear strength
from CPTs.
a) Mellösa with continuously decreasing liquid limit with depth
b) Linköping with almost constant liquid limit with depth
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The spread in NTbar-factors decreased considerably after such a correction. The variation was still
large, between 6.5 and 15.5, but had changed from an apparently random variation to a function that
could be clearly related to the liquid limit, as shown in Figure 2. Some of the spread in NTbar values in
Figure 2 may depend on an uneven quality and a certain spread of the reference shear strengths. No attempts to even out the profiles have been made in this case but the values have been used as measured.
Nevertheless, there is a clear relationship which shows that the results from T-bar tests in Swedish clays
should be corrected (correlated) with regard to the liquid limit (wL) similar to the results from CPTs. According to the results a rough estimate of the NTbar-factor can be made as follows:
N Tbar ( OCR =1.3) ≈ 4.4 + 8.4 wL

(5)

In the literature, the NTbar-factor has been proposed to vary with sensitivity. However, sensitivity
alone is not a good measure of the degradation of the strength that occurs when a T-bar tip passes the
level during a first penetration. Although the remoulding is large, there always remains a shear strength
that can be considerably higher than the completely remoulded shear strength according to the results
from the cyclic T-bar tests, which show that several penetrations are required to reach a fully remoulded
state. Laboratory investigations on how fast the shear strength is broken down during remoulding have
shown that this in principle becomes faster with decreasing liquid limit and increasing sensitivity (Andersen 2009, Larsson and Jansson 1982, Tavenas et al. 1983). However, for the interpretation of the results from the static T-bar tests no corresponding relationship for the NTbar-factor to that with the liquid
limit could be obtained with sensitivity. (There is a correlation between liquidity index and sensitivity
for Swedish clays, but no direct relationship between liquid limit and sensitivity.)
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Figure 2. Evaluated NTbar(OCR=1.3)-factors (after correction of NTbar for overconsolidation based on equation 4) as a
function of liquid limit (wL).

4.2 Cyclic tests
The remoulded shear strength is normally evaluated from the net tip resistance after the tip has been cycled 10 times up and down at the actual level and the net tip resistance is assumed to have reached its
minimum, as shown in Figure 3.
453

200
Kattleberg 8 m

qnet, % of max
qnet, kPa

qnet, kPa or %

150

100

50

0
1

2

3

4

5

6

7

8

9

10

11

Penetration No.

Figure 3. Example of reduction in net tip resistance in a cyclic T-bar test. Penetration No 1 corresponds to the first
penetration (down), i.e. no cycles; and Penetration No 10 to the 10th penetration (down).

The net tip resistances at the 10th penetration, qTbarREM, varied between about 6 and 60 kPa or about 2
to 20% of the original net tip resistance at the first penetration. It should be observed that the lowest values were of approximately the same size as the inaccuracy of the probe, which may be expected to have
contributed to the spread in the results. In spite of this, a clear trend could be found where the net tip resistance increased approximately linearly with the remoulded shear strength determined by fall-cone
tests in the laboratory, as shown in Figure 4.
According to the results from the cyclic T-bar tests, a rough estimate of the remoulded shear strength
cu,REM in soft Swedish clays could be made from the following:
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Figure 4. Measured relationship between remoulded shear strength from fall-cone tests and net tip resistance during the 10th downward penetration in cyclic T-bar tests.
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cu , REM ≈

qTbarREM − 12.8
18.3

(6)

The relationship does not pass through the origin and indicates that a certain net tip resistance would
occur even at zero remoulded shear strength. This in turn suggests that an extra viscous resistance occurs
during penetration of the T-bar in addition to that created by the remoulded shear strength. As a result,
the factor NTbarREM decreases from very high values of several hundred in quick clays with very low remoulded shear strength to values that gradually approach those previously reported in the literature for
clays with higher remoulded shear strengths and lower sensitivities, as shown in Figure 5. The scatter at
high sensitivities depends partly on the measuring accuracy of the probe and partly on the very low remoulded shear strengths at high sensitivities. In the quick clays, the remoulded shear strength is often at
the border of what can be measured with ordinary geotechnical test equipment. The factor NTbarREM
could, based on the T-bar test results for soft Swedish clays, be roughly estimated from the following:

N TbarREM ≈ 14.5 + 0.8S t

(7)

NTbarREM thus increases with increasing sensitivity similar to what has been proposed by Yafrate et al.
(2009), but the values obtained in this investigation are considerably higher. Since the remoulded shear
strength and the sensitivity can be related to the liquidity index and quasi liquidity index wN/wL (e.g. Göta-älv Committee 1962, Larsson and Åhnberg 2003, where wN is the natural water content) it was also
possible to link factor NTbarREM to these parameters.
The sensitivity (St) is the ratio between undisturbed and remoulded undrained shear strength
cu/cu,REM. Early on, it was suggested that St could be evaluated from cyclic T-bar tests as the net cone resistance at the first penetration divided by the net cone resistance after 10 full cycles of remoulding
(Chung and Randolph 2004, DeJong et al. 2004). However, this does not correspond to the correct sensitivity since the factors NTbar and NTbarREM for evaluation of undrained and remoulded shear strength differ. Yafrate et al. (2009) proposed an exponential relationship between this quotient and the sensitivity
(equation 3). None of these methods proved to be applicable to the results in the present investigation.
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Figure 5. Measured relationship between sensitivity from fall-cone tests in the laboratory and factor NTbarREM.
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The sensitivity has been compared to how much of the net tip resistance at the first penetration that
remains after the soil has been remoulded by 1 and 10 cycles (i.e. on the 2nd and 10th penetration down)
in the cyclic tests, respectively. In both cases there is a semi-logarithmic relation, as shown in Figure 6.
However, the scatter is too large for a direct evaluation of the sensitivity.
As pointed out above, the quotient between the net tip resistances in undisturbed and remoulded soil
is not a direct measure of the degradation in shear strength unless the factors NTbar and NTbarREM would
be equal. The relationship becomes further complex when these factors also vary in different ways. According to the relationships found in this investigation, the sensitivity evaluated from the measured net
tip resistances would be, as follows:
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Figure 6. Measured relationship between sensitivity from fall-cone tests in the laboratory and the remaining net
tip resistance after 1 and 10 cycles of remoulding (i.e. on the 2nd and 10th penetration down) in comparison to that at the first penetration.

q net
⎛ OCR ⎞
⎜
⎟
(4.4 + 8.4 wL ) ⎝ 1.3 ⎠
St ≈
(q netREM − 12.8)
18.3

−0.2

(8)

This entails that the degradation in shear strength that is indicated by the decreasing net tip resistance
depends on the absolute size of the net tip resistance in the undisturbed soil, the liquid limit, the overconsolidation ratio and how large the relative decrease is. As an example, a net tip resistance after remoulding of 20% of the initial value at the first penetration in a normally consolidated soil with an initial
net tip resistance of 200 kPa and a liquid limit of 50% would correspond to a remoulded shear strength
of only 6% of the undisturbed. The corresponding remoulded strength at a net tip resistance after remoulding of 10% of that at the first penetration would be less than 2%. This applies to a “completely”
remoulded state at the 10th penetration (down). Since a passage of the T-bar tip at a level corresponds to
about 400% shear deformation (Einav and Randolph 2005, Zhou and Randolph 2009, Yafrate et al.
2009) similar dependencies can be expected to apply already after a single cycle of remoulding.
The aim of the present project was to study the gradual degradation of the shear strength after a
threshold had been passed. However, the remoulding after a single passage of the T-bar tip is so great
that it is doubtful if the tip resistances measured at further cycling can give any indication about the degradation process at relatively limited strains that starts already after some per cent of shear deformation
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5 CONCLUSIONS
T-bar testing was performed in a number of clay deposits in Sweden. The results have led to new interpretation methods for Swedish clays similar to those used for the CPT. New correlations for interpretation of remoulded shear strength and sensitivity have also been suggested. However, the measuring accuracy of the equipment was found to be insufficient for accurate determinations of remoulded shear
strength and sensitivity in the soft sensitive Swedish clays where the remoulded shear strength often is
very low.
A weakness in the design of the T-bar is the greater risk for large bending moments on the probe.
Furthermore predrilling has to be performed through any dry crust with holes of a diameter of about 250
mm. These drawbacks may limit the prospects of developing the test into a more routine method for investigations on land. For ordinary penetration tests aimed at mapping the stratification and strength parameters, both on land and in shallow water, the T-bar test has not shown any clear advantage in comparison with the CPT. A further drawback with the T-bar is the poor resolution regarding stratification.
The evaluation of undrained shear strength has been found to be dependent on overconsolidation ratio
and liquid limit in a similar manner as for the CPT. For soft sea floor sediments in deep waters offshore,
for which there is no Swedish experience, an advantage has been reported with the T-bar test, due to reduced uncertainties in correction for water pressure in the evaluation of shear strength. However, in similar conditions near-shore CPTs have also been used successfully for the evaluation of the shear strength
from the excess pore pressure generated during penetration (Karlsrud et al. 1996, Larsson 2004).
For practical use in regular geotechnical investigations in Swedish clay areas it is therefore recommended to employ the CPT with equipment adapted for that type of soil (i.e. low capacity cones in soft
clay). To evaluate the sensitivity, field vane tests or fall-cone tests in the laboratory, or a combination of
both, are preferred.
The aim of this study was not primarily to calibrate interpretation methods for T-bar tests. Hence, the
preliminary relationships presented for Swedish clays should not be used without site-specific verification.
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Scale effect of cone penetration in sand
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ABSTRACT: In this paper the scale effect of CPT with miniature penetrometers is studied by laboratory tests.
Poorly graded sand with a mean grain diameter of about 0.9 mm is used. Numerous tests are carried out with constant penetration speed. The tests are carried out with five penetrometers of 0.5, 0.8, 1.0, 1.5 and 2.0 mm in diameter. All penetrometers have an apex angle of 60°. The penetration resistance is shown to depend on the penetrometer size. Smaller penetrometers give higher penetration resistance than large penetrometers. We then use the
theory of cavity expansion to explain the scale dependence. Since conventional plasticity theory lacks a characteristic length, a plasticity theory with high order strain gradient is adopted. The numerical results with the strain
gradient model are used to explain the tests.

1

INTRODUCTION

A number of soil testing methods have been developed to determine soil properties in situ. The static cone penetration test (CPT) is one of the most popular techniques used for this purpose. The CPT was first used by the
Swedish State Railways in about 1917 to study the bearing capacity of pile foundation in sand (Meigh, 1987).
Since then, cone penetrometers are widely used especially when further improvements have been incorporated,
e.g. standardized design and size of the probe, measurement procedure and data interpretation (Hignett, 2002).
While in geotechnical engineering mainly large penetrometers are used, small sized penetrometers have been developed for material characterization in agriculture engineering. Miniature cone penetrometers are used to deduce soil properties and their resistance to root growth. These penetrometers often have a diameter ranging from a
few millimetres to about two centimetres.
Numerous correlations linking soil parameters to the measured penetration resistance have been proposed and
they are based on empirical or analytical methods, in which cavity expansion methods are commonly used (Bishop et al. 1945; Salgado et al. 1997; Chang et al. 2001; Cudmani & Osinov, 2001). The relation between cavity expansion theory and cone penetration test is based on the assumption that the movement of a blunt probe (α ≥ 30°)
through the soil creates a spherical cavity around the cone tip. For sharp penetrometers (α ≤ 5°), a cylindrical cavity model is more appropriate, where α is the cone semi-angle (Greace & Sands, 1980, Whiteley & Dexter, 1981).
In conventional plasticity theory, the cavity stress and displacement fields are independent of the penetrometer
geometry. However, experiments with small penetrometers show that the penetrometer pressure depends on the
penetrometer diameter in the way that the smaller the probe diameter, the stronger the soil response (Whiteley &
Dexter, 1981). However, the test data in the literature are rare. Therefore, we decide to carry out own tests to
evaluate our theory.
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This paper presents the results of a series of penetration tests using penetrometer probes with different diameters. The tests were performed on loose and dense sand samples under dry conditions. The aim of this paper is to
investigate the effects of the strain gradient in the penetration of the probes and, to check whether the gradient
plasticity model can capture the size dependence in penetration tests.

2

STRAIN GRADIENT MODEL

In order to account for the scale effect, enhanced constitutive equations are needed by including higher order
terms. The higher order terms give rise to the length scale, which can be correlated to some material properties
like the mean grain diameter of soil. Recently, material models with microstructure characteristics have been extensively discussed in the literature. These models have been developed by the following approaches, namely the
Cosserat models, where rotational degrees of freedom are added to the conventional translational degrees of freedom (Mühlhaus & Vardoulakis, 1987); integral-type nonlocal models, which use spatial weighted averages (Bazant & Pijaudier-Cabot, 1988) and gradient models, which work with differential operators (Vardoulakis & Aifantis, 1991). In this work we make use of the strain gradient theory by Vardoulakis & Aifantis (1991). To this end,
the Drucker-Prager yield criterion can be extended to include higher-order strain gradients.
,

0

(1)

where I1 = ii is the first invariant of stress tensor; J2 = SijSij/2 is the second invariant of the stress deviator Sij
= ij- iiij/3; and µ is the friction coefficient, which is assumed to depend on the higher order strain gradient as
follows:
(2)
where µ0 is the initial internal friction coefficient; and p2 = 2ijij/3 is the effective plastic strain; and c
is a gradient-related coefficient, which is assumed to depend on the mean grain diameter of the soil (d50). The
above formulation represents the simplest version of gradient theory by introducing the higher order term into the
yield function while leaving the other features of plasticity theory unchanged.

3

SPHERICAL CAVITY EXPANSION

Consider a thick walled spherical cavity of inner radius a and outer radius b subjected to a uniform pressure p0 on
external surface and p on the internal surface. Since both the geometry and the load are symmetrical, all field variables depend only on the radial displacement u. The axial and the circumferential displacements are zero. Moreover, by symmetry, we have the non-vanishing stresses (r, =) and strains (r,  = ). In this analysis, the soil
is assumed to be dry or fully drained and, the radius of the region analysed is set to 500 times the initial radius a
of the expanding cavity so that an infinite soil body can be modelled.
If p0 is sufficiently small, the deformation of the soil is purely elastic. Along with increasing p, a plastic zone
around the cavity will develop. The radial distance of the plastic zone around the cavity is denoted by  (see Fig.
1). The soil beyond the plastic zone remains in a state of elastic equilibrium. The property of the soil in the elastic
zone is defined by Young's modulus E and Poisson ratio . The soil is assumed to obey Hookian elasticity until
the onset of yield. Yielding of the soil is described by the Drucker-Prager model.
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Figure 1. Cavity during expansion

The boundary-value problem for determining the stress and strain components in the plastic zone can be
solved analytically by considering the equilibrium equation, the constitutive equations, and the boundary conditions. The radial stress of an element at a distance r is obtained then as

(3)

where y is the yield stress according to the Drucker-Prager yield surface.
4

CONE PENETRATION TESTS

In order to quantify the effect of the penetrometer size on the soil response, some penetration tests were performed on a coarse uniform quartz sand. The mean grain size (d50) is approximately 0.9 mm. The sand is filled into a rigid cylindrical mould (8.3 cm in diameter and 14 cm in height) under both loose and dense conditions. Sand
densities of 1.60 kg/cm3 and 1.75 kg/cm3 were obtained by measuring the volume of the cylinder and the dry
weight of the sand.
The experiments were conducted using a computer-controlled electro mechanical testing machine (Fig.2). The
penetration force was measured with a 50 N load cell. In all experiments five steel penetrometers were used with
diameters of 0.5, 0.8, 1, 1.5 and 2 mm. The tests consist of pushing the penetrometers into the sand samples at a
constant rate of 3 mm/min until the depth of about 8 times penetrometer diameter. The ultimate cone tip resistance
is determined at a penetration depth greater than 5 times of the probe diameter. From this depth the cone tip resistance is found to be approximately constant in all the tests.
In order to check the above gradient plasticity model, numerical simulations of cone penetration tests have been
carried out and compared to the experimental results. The cone tip resistance, qc can be expressed as follows
(Greacen & Sands, 1980):
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1

(4)

where  is the limiting pressure achieved by expanding a cavity of finite radius;  = 30° is the cone semi-angle;
and tan is the friction coefficient between metal and soil, which is assumed to be 0.20 for loose sand and as 0.22
for dense sand (Tejchman, 1989). The material parameters entering the scale dependent constitutive equation are
estimated approximately from triaxial tests conducted by Schöfer (2012) on the same loose sand.

Figure 2.

5

Testing machine with penetrometer attached to the load cell

RESULTS AND ANALYSIS

In Figures 3 and 4 the penetration tip resistance (based on the calculated limit pressure and equation 4) from the
strain gradient theory is compared with the experimental results. The size dependence of the penetrometer resistance can be clearly observed. The penetration resistance for the probe of 1.0 mm diameter is about 25-45%
greater than that of the 2 mm probe. Moreover, as the penetrometer diameter increases, both theoretical and experimental curves converge approximately to one value, which represents the case of large penetrometers and is independent of the penetrometer size. For engineering purpose this value is about 5 times penetrometer diameter.
The effect of bulk density of sand on the cone resistance using the different penetrometers can be seen clearly
in Figure 5. An increase of the bulk density leads to increasing cone pressure for the two sand samples. For exam462

qc

ple, for the 2 mm probe, the cone penetration resistance for dense sand is about 60% higher than loose sand. As
expected, the forces necessary to move or rearrange the soil particles by penetrometer tends to be higher for dense
sand than for loose sand.

qc

Figure 3. Dependence of tip resistance on the penetrometer for loose sand

Figure 4. Dependence of tip resistance on the penetrometer for dense sand
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qc
Figure 5. Dependence of tip resistance on the bulk density.
Sand 5: 1.56 g/cm3. Sand 6: 1.70 g/cm3

6

CONCLUSIONS

Penetration test results in a uniform sand with a d50 of 0.9mm using penetrometers with five different diameters
ranging from 0.5 to 2 mm are presented. The tests were performed on dry sand samples with different bulk densities. The penetration resistance is shown to depend on the penetrometer size. A strain gradient plasticity theory is
used to simulate the penetration process. The theory agrees well with the test results. The smaller the penetrometer the higher the penetration resistance. For large diameter (dc > 5d50), the penetration resistance is expected to
approach a limit value, which is shown to be independent of the penetrometer size.
Our work has also some interesting implication for the ground exploration on Mars, since miniature CPT is a
possible tool for characterisation of Mars ground, where the size effect needs to be considered.
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ABSTRACT: Piezoball tests have proved attractive to Irish geotechnical engineers. This is due to the
very low tip resistance and large corrections required during piezocone (CPTU) tests in soft organic Irish
clays / silts. Details of piezoball tests at a number of Irish sites are presented. The determination of the
undrained shear strength (su) from piezoball data is examined in detail. It was found that the average
bearing capacity factor obtained (Nball) was equal to 12 which is the same as the theoretical value. Pore
pressure measurements have been shown to be particularly useful. However further work is required to
examine whether the mid face or equator of the ball is the best location for such measurements.
1 INTRODUCTION
The very low tip resistance and large corrections required during CPTU tests in Irish soft clays / silts has
resulted in the piezoball test proving attractive to Irish geotechnical engineers. This is mainly due to the
relatively large bearing area compared to that of the CPTU and also to the possibility of measuring pore
water pressure during insertion of the ball. The main applications of piezoball test results in Ireland have
been in the general characterisation of soils and in the determination of the undrained shear strength.
This paper will examine the results of tests from a range of sites and study in detail the usefulness of the
test for determining undrained shear strength.
2 SHORT HISTORY OF USE OF PIEZOBALL TESTS
Research in this area commenced in Australia in the late 1980s when researchers developed a miniature
T-bar for use in the centrifuge. These penetrometers were later scaled up for use in offshore site investigations. The main motivation was to provide estimates of undrained and remoulded shear strength (su
and sur) for very soft soils for both offshore and onshore use. The ball penetrometer (Figure 1) was then
developed to reduce the chance of the load cell being subjected to bending moments and to minimise
risk of buckling of the driving rods. The ball probe is also more compatible with temporary steel casing
used offshore. The reader is referred to Randolph (2004) or to DeJong et al. (2010) for further details on
these devices.
These penetrometers have several advantages over the standard cone (Randolph, 2004):
(1) As the soil is able to flow around these probes, the overburden pressure is equilibrated above and
below the probe except for the area of the shaft. This means that the measured resistance requires minimal adjustment to provide the net resistance compared to a CPTU test.
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Figure 1. Piezoballs developed by (a) In Situ Site Investigations and (b) Lankelma Ltd.

(2) Improved accuracy is obtained in soft soils due to the larger projected area that is typically 100 cm2
compared to the 10 cm2 of the cone. This results in improved resolution and reduced sensitivity to any
load cell drift.
(3) The availability of plasticity solutions based on an ideal perfectly plastic Tresca soil model, which
provide upper and lower bound resistance factors relating to su , see for example Randolph (2004).
A further recent development has been the inclusion of a pore pressure measuring element in the Tbar and ball (piezoball), Long (2008) provides details of some of these different piezoballs. A significant
issue is that there is no standardisation in the design of these instruments, particularly with respect to the
location of the pore water pressure transducer, which has variably been included at the tip, mid plane
and equator of the ball.
3 UNDRAINED SHEAR STRENGTH FROM FULL FLOW PROBE TESTS
The piezoball is pushed into the ground at the same rate at the CPTU (2 cm/sec.) and readings are taken
of the penetration resistance (qc) and the pore pressure generated (u). Net resistance (qball) is then calculated using Equation 1 (Chung and Randolph, 2004):
A
qball  q c   vo  1  a u 0  s
(1)
Ap
where:
v0 = total overburden stress
a = cone factor for correcting out of balance pore pressure effects
u0 = hydrostatic pore pressure (u0 used rather than u2 as the later not always available)
As/Ap is the ratio of the cross sectional area of the shaft to the projected area of the penetrometer.
Often, this correction from qc to qball is so small that there is little need to apply it. In cases where the
pore pressure and overburden effects are large, such as in offshore conditions, it is necessary to apply
the correction. Subsequently undrained shear strength can be determined using either Equation 2 or 3:
q
u  u0
(2) / (3)
s u  ball
su  ball
N ball
N u ball
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where:
uball = penetration pore pressure generated on ball,
Nball and Nu-ball are the bearing capacity factors for the ball,
uball and Nu-ball will depend on the filter location.
Figure 2 shows the range of upper and lower bound theoretical bearing capacity factors for the
CPTU, T-bar and Ball (Randolph, 2004). These N factors are a function of the interface friction ratio
(α). Theoretically, the T-bar and Ball occupy much narrower ranges of N factors than the CPTU. Recent
numerical studies have highlighted factors which would cause deviations from this ‘ideal’ situation for
example the degree of strength anisotropy, strain rate effects and strain softening effects (Randolph and
Andersen, 2006). Sophisticated solutions have been proposed to deal with some of these, for example by
Einav and Randolph (2005)
Much research has been carried out on deriving bearing capacity factors for particular soil conditions
and comparing them to the theoretical values and to results from the CPTU. Work has been carried out
in Norway, Australia, Canada, Ireland, The Netherlands, Japan and Canada. A comprehensive study of
data from the U.S., Canada, Norway and Australia was reported by DeJong et al. (2011) and Low et al.
(2010) provide further data on the Norwegian and Australian work.
The outcome of all this effort has in general been very positive. The technique works well, yields
bearing capacity factors in line with those predicted theoretically and the range of bearing capacity factors determined for the ball is similar to those obtained for the CPTU. Nonetheless it is clear that for
practical engineering purposes the theoretical values cannot be relied upon and for a particular site
should be derived with the benefit of local experience using traditional empirical methods. Boylan et al.
(2011) and Long and Boylan (2012) have suggested that relatively high Nball values can be recorded in
organic and peaty soils due to the effect of partial drainage during penetration. Lunne et al (2011),
Lunne and Andersen (2007) and DeJong et al. (2010) all offer some advice on the recommended test
method and on the interpretation of the resulting data. Some laboratory testing on as high a quality samples as possible should be carried out to supplement the in situ tests.
4 STUDY SITES
In general all of the sites are underlain by very soft organic silt / clay. These materials are characterised
by their low strength and bulk density and high compressibility, water content and plasticity index (see
Figure 6. The location of the sites in Ireland is shown on Figure 3.
The Athlone (Long and O'Riordan, 2001), Belfast (Gallagher, 2006; Lehane, 2003) and Lough Erne
(Colreavy et al., 2012) sites have largely been developed for research purposes and the properties of the
soil are well documented.

Figure 2. Theoretical bearing capacity
factors (Randolph, 2004). Note Ir =
rigidity index and c = in situ stress
ratio

Bearing capacity factor N = q/su
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The Bunratty site is located adjacent to the Bunratty River and the Shannon Estuary. The virgin
ground conditions consist of lightly overconsoldiated soft silts over occasional peat layers over glacial
till. The Bunratty Bypass was constructed in the late 1980s and the design and performance of the embankments were described by Farrell and Davitt (1996). The preconsolidation pressure was estimated to
be about 30kPa greater than the in situ stress. The road has undergone on-going settlement at various locations since it was opened and is presently being improved. The tests in this paper were carried out on
the verge and in the median of low embankments (1.5 m – 2.0m thickness of fill). No ground improvement was used under these sections of the embankment.
The proposed A5 Western Transport Corridor is located in Northern Ireland and is approximately 85
km long. The study site for this paper is located along the floodplain of the River Foyle. The ground
conditions consist of lightly overconsoldiated soft silts over glacial till with occasional thin peat layers.
There is some evidence from index testing to suggest that the soil grains in the silt are weakly bonded
due to the geological history of the Foyle valley.
The M17/M18 site is located near Tuam in Co Galway. The ground conditions consist of a peat over
calcareous silt over grey lake silts over glacial till and limestone bedrock. The peat has high moisture
and voids content and is likely to have partially drained during the piezoball tests. The calcareous silt
was formed by calcium rich water seeping upwards from the underlying limestone through lake muds.
The deposition of the lake muds and the calcareous soils raised the bed of the lake high enough to support reeds, which in turn resulted in the formation of reed or fen peat (Long and Rodgers, 1995). The
soil structure is weakly cemented and a significant loss of strength can occur upon disturbance. The
thickness and organic content of the lake silts is variable. These soils are characterised by their low
strength and permeability.
5 EQUIPMENT USED
Two piezoballs were used in these studies. At five of the sites (Athlone, Belfast, Bunratty, A5 and
Lough Erne) the equipment developed by In Situ Site Investigations Ltd. was used. This probe was constructed from hardened steel with a diameter of 113 mm and a projected area of 100 cm2. The piezoball
design is similar to that employed by DeJong et al. (2008), in that it comprises several modular components that can be interchanged to facilitate pore pressure filter locations at the tip, mid-face and equator
(see Figure 1a). Colreavy et al. (2010) describe the saturation procedure use for the piezoball and outline
full details of the work at the Athlone and Belfast sites. Work at Lough Erne is described by Colreavy et
al. (2012).

Figure 3. Location of site in Ireland

470

At the M17 / N18 site the piezoball developed by Lankelma Ltd. was utilised. This device was the
same as that used at Bothkennar (Boylan et al., 2007) and again had a diameter of 113mm with a lightly
sandblasted surface. It is capable of making pore water pressure readings through two 3.5 mm diameter
porous elements at opposite sides of the ball, a third the way up from the tip (see Figure 1b). Boylan et
al. (2007) provide full details of the saturation process and other procedures used.
6 TYPICAL PIEZOBALL PROFILES
Data for the Athlone, Belfast and Lough Erne sites has previously been published (Colreavy et al., 2012;
Colreavy et al., 2010). Some examples from the Bunratty Bypass, A5 and M17/N18 sites are shown on
Figures 4a to 4c respectively.
Some general comments on the data are as follows:









The values of qt and qball are very low and are characteristic of soft organic Irish deposits.
qball values show a smoother profile than qt possibly due to the ball testing a larger zone of
ground and being less influenced by thin layers.
In general the qt and qball values are similar.
For the A5 site some of the qt values are very low and close to zero. This may be due to temperature effects (and resulting zero load drift) as described by Boylan et al. (2008). In this case the
qball values are more reliable.
There is evidence of poor saturation in the uball values for Bunratty and the A5 site. In particular,
for the A5 site, pore water pressure increases at the rod changes which suggests poor saturation.
At best uball is close to hydrostatic for the Bunratty Bypass and A5 sites. Although DeJong et al
(2010) suggested that the best position for measuring uball may be at the equator, the mid face
seems to have given the best results here. Alternatively the tip could be used. However some operators dislike the tip due to the potential for damage at this location.
CPT friction ratio [Rf = (fs/qt)100%] values are very high. CPTU data plots clearly in Zone 2 of
the Robertson et al. (1986) charts = “organic material”.

7 BEARING CAPACITY FACTORS
Bearing capacity factors can be determined from the qball and uball values and the results of laboratory
tests using Equations 2 and 3. Due to the natural strength anisotropy of soft soils, ideally comparisons
should be made only using the results of the same laboratory test and on samples of the highest quality.
Unfortunately only a mix of data is available here. For Belfast, Athlone and the M17/N18 sites the results of triaxial CIU and CAUC tests are available. However for the A5 site only unconsolidated undrained triaxial test data (UU) are available. Direct simple shear (DSS) results are also available for the
M17/N18 site. All of the samples, except for Athlone, were taken using ELE piston tube equipment.
This uses a 100 mm diameter thin-walled (1.7 mm) sampler with either a 30° (Belfast, A5) or 5°
(M17/N18) cutting edge angle. At Athlone the results of testing on Sherbrooke block samples were also
available.
A plot of the resulting bearing capacity factors versus depth is given on Figure 5 for all of the sites.
The calculated data for Nball are compared with the theoretical value of 12 (Randolph, 2004), see Figure
2 (interface friction factor for equipment used = 0.2). Despite the limitations in the laboratory test data,
as described above, the resulting overall average Nball values compare well with the theoretical value.
Values for Nball vary between 6 and 19 with an average of 12, which is the same as the theoretical, although the range is much larger than predicted by theory.
The values for Athlone are in the range of 6 to 15, with an average of about 10 and are perhaps low
due to the higher quality of the samples at this site.
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Figure 4. CPTU and piezoball data from
(a) Bunratty Bypass, (b) A5 Site and
(c) M17 / N18 site. NB: Scales on the axes
have been altered from site to site for clarity.
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Figure 5. Piezoball bearing capacity factors (a) Nball, (b) Nu-ball mid face filter and (c) Nu-ball equator filter

The M17/N18 CIU Nball data, which have a range of 8 to 18 are particularly scattered probably due to
the relatively poor quality of these tests. The Belfast (Nball range 10 to 15) data show least scatter.
Nu-ball values have been separated into those for the equator and mid face filter positions on Figures
5b and 5c respectively. The lack of equator data is accepted but nonetheless the values appear to be
similar for both positions. Overall the Nu-ball values are particularly promising and show a narrower
range and less scatter than Nball. They vary between 2 and 9 with an average of 5.
Given the organic nature of the material it was expected that Nball values might be greater than the
theoretical value. Boylan et al. (2011) and Long and Boylan (2012) have shown that relatively high Nball
values are obtained for peat largely due to partial drainage effects during ball penetration. A plot of Nball
versus water content and plasticity index is shown on Figure 6. There seems to be no clear trend between Nball and either index parameter.
8

CONCLUSIONS

This paper presents the results of piezoball tests on soft organic Irish soils. Conventional CPTU results
in very low penetration resistance with a relatively high correction factors being required for out of balance pore pressure effects.
The motivation behind the work was therefore to investigate the usefulness of the piezoball in these
deposits. The results presented have demonstrated the effectiveness of the piezoball as a compliment to
the CPTU. The average bearing capacity factor Nball obtained for the 4 sites studied is the same as the
theoretical value of 12, although the scatter is larger than predicted by theory. There seems to be particular promise in the use of the pore pressure readings from the ball. Further work is required to establish
the ideal location of the pore pressure measuring sensor. Some standardisation for the design and use of
this equipment is well warranted.
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Figure 6. Piezoball bearing capacity factor Nball versus (a) water content and (b) plasticity index
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A Critical State framework for seismic soil liquefaction triggering
using CPT
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ABSTRACT: This paper presents a critical state framework for assessing seismic soil liquefaction using the cone
penetration test, where state parameter values (ψ) are calculated from field cone penetration measurements (qc).
The benefits of evaluating liquefaction in state parameter space include; 1) proper correction for mean stress effects, and 2) direct comparison of field and laboratory test results. Three liquefaction case histories from the Loma
Prieta Earthquake are presented in state parameter space against a database of lab-based liquefaction tests, and the
threshold of liquefaction between field and lab is found to be in good agreement. The statistics of the slope and intercept of the state parameter are evaluated based on a lab test dataset from a large number of soils. The uncertainty in the parameters are propagated through the critical state liquefaction calculations to see how much impact this
uncertainty has on assuming a generic state parameter.

1 INTRODUCTION
This paper presents a critical state framework for assessing liquefaction triggering and examines the accuracy of
that framework. The process of evaluating liquefaction field case histories involves calculating state parameter
values (ψ) from field cone penetration measurements (qc). The benefits of evaluating liquefaction in state parameter space include proper correction for mean stress effects, and direct comparison of field and laboratory test results.

Proper stress normalization of in situ index data is essential for getting an accurate representation of the soil resistance. Figure 1 shows how cone tip resistance changes with normal effective stress as measured in previous
calibration chamber studies. The goal of stress correction or stress normalization is to correct for the influence of
stress on the tip resistance, thereby achieving constant tip resistance with depth for constant relative density (or
state). Different approaches to normalizing the penetration resistance have been proposed in the past (Olsen and
Malone, 1988; Robertson 1990; Moss et al. 2006a, Cetin and Isik, 2007), and whereas they generally agree in data
regions where most normalization data lies (“clean” sands and clays) they often disagree in the data regions in between (silty sands, clayey sands, sandy clays, and silty clays). There is also disagreement in the liquefaction
community as to what normalized term should be used and if this should be dimensionless or not (qc1 in MPa vs.
QcN dimensionless). By using the state parameter, a dimensionless stress corrected term is the result, and the
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stress correction accounts for the mean stress, not just the vertical stress, which has been shown to have an influence on liquefaction susceptibility (Schneider and Moss, 2011).
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Figure 1. Influence of normal effective stress on cone tip resistance. Chamber test results for different constant
relative density (Dr) Ticino sands with Ko~0.45 (after Baldi et al., 1981).
Laboratory studies provide useful insight into the general behavior of soil undergoing liquefaction. However
comparing lab studies to field measurements is often difficult because cone penetration measurements cannot be
performed on standard tabletop size lab specimen. The penetration resistance must be estimated based on a correlation of relative density to penetration resistance, or from cavity expansion simulations using void ratio and other
primary variables. By calculating the equivalent state parameter from the cone penetration resistance, and the
equivalent state parameter from the lab results, the general behavior from lab results can be readily extrapolated to
the specific field behavior with less ambiguity.

Laboratory tests, however, cannot provide key field factors that case history data is imbued with. Liquefaction in
the field is a complex interaction between loading from the earthquake time history and resistance factors such as
layering/bedding, small and large-scale permeability affects on pore pressure migration/redistribution, soilstructure-interaction, strain partitioning/redistribution, and other nuances of dynamic soil response. Also liquefaction case histories are, by and large, an observation of the surface manifestation of liquefaction and not liquefaction itself. This is an important point that differentiates field and lab data. Liquefaction tests in the lab are just
that, the soil undergoes cycles of stress (in stress controlled tests), inducing soil strain, leading to excess pore
pressure generation and subsequent deformations. Liquefaction data from the field is gathered by observing some
surface evidence of liquefaction (e.g., ejecta, surface cracking, ground displacements, poor structure/foundation
performance) and then performing subsurface investigations to isolate the critical layer(s) that likely experienced
liquefaction at depth. By combining field and lab observations we get the wealth of field information, particularly
the occurrence of surface effects that are of engineering concern, with well defined trends from lab tests.
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2 STATE PARAMETER ESTIMATION

Void Ratio, e

Regardless of the initial void ratio (eo), a soil when sheared sufficiently will approach a critical void ratio (ecrit); a
void ratio which is constant throughout any further subsequent shearing. When tested at various stress levels
these critical void ratios form the critical state line (CSL) that is unique to a particular soil. Over a defined stress
range, the CSL can be assumed to be a straight line in semi-log space, as shown in Figure 2. The slope of this line
in semi-log10 space is λ10 and the intercept (at po’=1 kPa) is Г1. Log base 10 is typically used when presenting laboratory test results. The state parameter ψ defines the difference between the initial void ratio and the critical
void ratio (Figure 2). A positive state parameter indicates that the soil at the given stress level will contract to
achieve the critical void ratio, whereas a negative state parameter indicates that the soil at the given stress level
will dilate (at large strains). If sheared monotonically in an undrained manner (i.e., no change in void ratio) contractive and dilatant behavior translates to positive and negative excess pore fluid pressures, respectively. The
benefit of defining soil by the state parameter is that it describes the soil behavior, contractive or dilatant for a
given stress level, rather than soil character metrics that are a proxy for behavior like relative density, fines content, plasticity index, etc. And soil behavior is more salient to engineering with soils than the soil character.

e=Γ1‐λ10log10(po’)

ψ=eo‐ecrit

Stress, log10(po’) (kPa)

Figure 2. Plot of stress versus void ratio showing the critical state line (CSL) in semi-log10 space. The slope of
the CSL is λ10 and the intercept Г1. The state parameter ψ is the difference in the initial void ratio eo and the void
ratio at the same stress level on the critical state line ecrit.
The following discussion runs through the process of calculating state parameter from cone penetration measurements. Jefferies and Been (2006) have shown that the state parameter can be calculated as:

ln

1

Where ψ is the state parameter, Qp is the stress normalized cone tip resistance, and k and m are composite parameters that represent the slope (λ10) of the critical state line. The stress normalized cone tip resistance is:
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Here qc is the raw cone tip resistance as measured using a standard (ASTM D5779) cone, po is the mean total
stress, and po’ is the mean effective stress. The mean total and mean effective stress are:
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Equations 3 and 4 show the vertical and horizontal total (σv, σh) and effective stresses (σv’, σh’), in addition to the
at-rest total (K) and effective stress (Ko) coefficients.

′
′

5

Ko is constant for a particular soil layer and is a function of prior stress history, whereas K can vary as a function
of water table fluctuations, therefore the static pore pressure condition must be taken into account when calculating K with depth (Holtz et al., 2010). The k and m parameters in calculating the state parameter are composite
terms that represent the slope of the critical state line (λ10) for a number of soils studied; Monterey, Ticino,
Hokksund, Ottowa, Hilton Mines, Reid Bedford, Erksak 355/3, Syncrude Tailings, Yatesville Silty Sand, Chek
Lab Kok, and West Kowloon (Jefferies and Been, 2006). Jefferies and Been (2006) showed that the mean values
of these parameters can be calculated by:
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If the soil we are testing is well known then we can select the slope of the critical state line from previous lab
tests. For example in this paper we analyze case histories from the 1989 Loma Prieta earthquake where the soil in
question is close to, if not identical to, the well known Monterey sand. For this analysis Ko is assumed to be 0.5.
The three cases shown on Figure 3 are from Sandholdt Road at Moss Landing (Boulanger et al., 1997; Moss et
al., 2006b); case UC2 no-liquefaction, case UC4 liquefaction, and case UC6 no-liquefaction. The curve shown is
from Jeffries and Been (2006) and is the mean trend of 37 cyclic triaxial liquefaction tests at 15 cycles (Mw=7.5
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equivalent). As can be seen, the state parameter allows for the direct comparison between field liquefaction data
and laboratory liquefaction trends.

Figure 3 shows triggering for cyclic liquefaction as well as flow liquefaction. Flow failures have been documented occurring due to static loads alone, or due to seismic loading. A functional definition of flow liquefaction is
where the static shear stress exceeds the liquefied shear strength of the soil (
, ) and the deformations
are controlled by the static shear stress. This is in comparison to cyclic liquefaction where the static shear stress is
less than the liquefied shear strength of the soil (
, ) and the deformations are controlled by the static
plus dynamic shear stresses. The Jefferies and Been (2006) analysis of flow failures indicates that flow liquefaction can occur when the soil in bulk is contractive with a state parameter roughly
0.05; the shaded region
shown in Figure 3.
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Figure 3. Loma Prieta case histories from Moss et al. (2006b) plotted in state parameter versus CSR space against
the mean curve for cyclic triaxial (CTX) liquefaction test results from Jefferies and Been (2006). The threshold
for flow liquefaction is shown as the shaded region on the chart.

3 LIQUEFACTION ASSESSMENT WITHOUT A PRIORI KNOWLEDGE OF THE CRITICAL STATE LINE
In most field liquefaction investigations the slope of the critical state line of the soil layers of interest will not be
known, and in that case some assumptions will need to be made. The question that arises is how valid is the state
parameter calculation if the slope of the critical state line is not known a priori for the particular soil being tested
in the field. Taking the data published in Jefferies and Been (2006) for ‘laboratory standard sands’ and ‘natural
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sands’ we find that the slope can vary a fair amount depending on the specific soil, as shown in the frequency histogram Figure 4. Based on the data for ‘laboratory standard sands’ and ‘natural sands’ the coefficient of variation
(sample standard deviation divided by the sample mean; δ s⁄x) is roughly 87.5%, which is large but similar to
other highly variable engineering soil properties such at compressibility, consolidation, shrinkage, plasticity index, moisture content, etc. (Kulhawy and Mayne, 1990; Baecher and Christian, 2003). To determine how much
influence this uncertainty has on the state parameter calculations in sands the uncertainty is propagated through
the equations in a variance analysis.

Two methods were used to propagate the uncertainty of λ10 through the calculations of the state parameter, first
order second moment (FOSM) and Monte Carlo (MC) simulations (Moss, 2013). FOSM is a rough but simple
method that gives approximate results, whereas MC provides near exact results if enough simulations are run.
The frequency histogram shown in Figure 4 can be modeled as a lognormal distribution. Although a generalized
extreme value distribution provided a slightly better fit (using the MatLab distribution fitting tool, dfittool) the
lognormal distribution provides a reasonable fit for calculation purposes and is numerically easier to work with.

Figure 4. Frequency histogram of the slope values (λ10) of the CSL for “laboratory standard sands” and “natural
sands” from Jefferies and Been (2006), Table 2.1, pg. 44.
The MC simulations were run to 1,000,000 to get a stable solution. The slope of the critical state line (λ10) was
treated as a lognormally distributed random variable with the moments shown in Figure 4 and each simulation
was propagated through equations 6, 7, and 1 to get a realization of the state parameter. Here the tip resistance
and stress conditions were treated as deterministic constants with a fixed
value of 480, typical of a sandy soil
site at mid-depth. The MC results (Figure 5) show that the coefficient of variation (δ) of the state parameter (ψ)
subjected to the uncertainty from the slope of the critical state line (λ10) is 28%. As can be seen the error propagation dampens the variability of the slope of the critical state line.
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First order second moment (FOSM) neglects the lognormal shape of the λ10 distribution but provides an alternative means of propagating the uncertainty. The variance of ψ is the product of the variance of λ10 and the partial
derivative of equation 1 with respect to λ10 evaluated at the mean values (Moss 2013).

8

The partial derivative of equation 8 was evaluated symbolically using MathCad and then solved at the mean values. The FOSM results are similar to the MC results, as would be expected, with a coefficient of variation of
roughly 23%. The MC results are more reliable in this case because in the FOSM method the lognormal distribution is neglected and the nonlinearity of the equation causes the results to drift from the exact answer; nonetheless
having two methods give reasonably close answers provides confidence in the solution.

State Parameter ψ

Figure 5 The frequency histogram of the state parameter generated using Monte Carlo simulations.
In the above variance analysis statistical independence between the CPT measurements and the state parameter
was assumed. This assumption however is not in fact true. Intuitively the material properties of the soil would
affect the CPT measurements of the soil state; the more dilatant a soil the higher would be the expected tip resistance. Plewes et al., (1992) indirectly showed a correlation between the tip resistance ( ) and the slope of the
critical state line (λ10). Here the correlation coefficient ( ) is estimated at roughly 0.5, similar to the correlation
coefficient between friction ratio and the slope of the critical state line. By including this correlation in the above
variance analysis, and treating
as a variable with typical CPT coefficient of variation of ~10%, little change in
the coefficient of variation of the state parameter was found (coefficient of variation ~ 28%). This is mainly due
to the function form of the state parameter equation where the normalized tip resistance is divided by the slope parameters.

With the median slope of the CSL and a coefficient of variation of 28% the field liquefaction triggering curve
from Moss et al., 2006b is presented in state parameter space (Figure 6). The equivalent deterministic curve from
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Moss et al, 2006b is the PL=15% line (where PL equals probability of liquefaction from Bayesian regression
analysis that includes the parameter uncertainty of load and resistance). To convert tip resistance to state parameter, equation 1 was used with 1 atmosphere stress and median ± 1 standard deviation values of λ10 for calculating
k and m and then Qp. It can be seen that there is some agreement between the lab and field curves near the field
case histories, but that the upper and lower bounds of the curves diverge.

The lower bounds of both curves have a similar slope but different intercepts. As discussed in Schneider and
Moss (2011) the lower portion of the field curve is cyclic strain controlled with little or no dilational effects. The
difference in the intercept may be due to how CSR is determined in lab versus the field. The upper bounds of
both curves diverge significantly, with the field curve climbing steeply whereas the lab curve climbs gradually.
Here liquefaction is controlled by cyclic stress and the dilation of the soil has a strong impact on the resulting pore
pressures and deformations. The differences may be due to field data being only identified from surface manifestations and lab data being the controlled advent of soil liquefaction. Grain crushing may also have a significant
impact; whereas CPT measurements can result in grain crushing in dilatant soils, in triaxial tests grain crushing is
typically not achieved.

0.6
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Liquefaction
CTX Liquefaction Curve
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Figure 6. Comparing lab-based liquefaction threshold curve with field-based liquefaction threshold curve for
sands. The threshold curve from Moss et al., 2006b (equivalent deterministic curve of PL=15%) is shown in state
parameter space along with plus/minus one standard deviation bounds.
The framework has been established here but there is more work to be done to routinely present field-based liquefaction case histories in state parameter space. In urban areas it is recommended that geotechnical researchers and
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practitioners accumulate and share lab data for defining the slope and intercept of the critical state line for common soils. Jefferies and Been (2006) provides guidelines on the best approach for determine the state parameter.
Their preferred method is conducting a series of triaxial compression tests on reconstituted loose samples. Consolidated Undrained (CU) tests are the quickest way to arrive at the results, but for higher pressures (p’ > 200 kPa)
it may be necessary to run Consolidated Drained (CD) tests to achieve a constant void ratio during shearing. As
with any lab testing program, and particularly when testing for the state parameter, it is important to ensure consistent sample preparation and consistent testing procedures to clearly characterize critical state behavior. Identifying the critical state in the test results may require some interpretation, and Jefferies and Been (2006) provide
examples and a discussion of the nuances.

4 CONCLUSIONS AND RECOMENDATIONS
This paper explores the use of the state parameter for representing both lab-based and field-based liquefaction
triggering results together. The benefit of presenting liquefaction in state parameters space is that the stress normalization of CPT measurements are accomplished in the process, and field case histories can be compared with
lab derived curves. The drawback is that without knowing the critical state line of a soil deposit a priori there is
additional uncertainty introduced into the analysis. Variance analysis was used to estimate how much impact this
uncertainty has on the resulting state parameter comparison. The uncertainty is reduced when propagated through
the state parameter calculations but still influences the results enough to make interpreting the likelihood of liquefaction somewhat ambiguous in state parameter space. This framework has merit in that it provides a common
platform for comparing field and lab data, but requires an investment in lab testing to determine the slope of the
critical state line. Practitioners and researchers are encouraged to share lab testing results for developing a critical
state parameter catalog of common soils so that more field and lab results can be presented in state parameter
space leading to a better understanding of the liquefaction phenomenon.
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ABSTRACT: The depth resolution of seismic signals recorded during seismic piezocone penetration testing (SCPTu) can be increased by automating the generation and acquisition of the seismic signals. Seismic testing is triggered and signals are acquired while the cone is advancing at the ASTM standard penetration rate. This automation maintains the efficiency, production rate, and economy of SCPTu while collecting much more frequent
seismic signals. One problem is that there is considerable noise interference on the seismic signals due to the penetration of the cone tip in granular soils. Signal stacking is a simple technique often employed during seismic testing to increase the signal to noise ratio. By using a periodic perpetual seismic source we were able to stack six
signals all collected within 250ms at depths in excess of 25m. Signal stacking seismic signals collected during
SCPTu would not be feasible with conventional hammer strike seismic testing.

1 INTRODUCTION
The piezocone penetration test (CPTu) is an efficient tool for most site investigations. An instrumented
probe is advanced at 2cm/sec (ASTM D5778-12) and the sensors are recorded every 2.5 or 5 cm of penetration. This provides a depth profile of measured tip resistance, sleeve friction, and pore pressure. It
can be used to interpret a soil behaviour type profile and to estimate soil properties. The results may be
used in various direct geotechnical design calculations based on measurements made at the in-situ soil
state.
Robertson et al. (1986) described the combination of conventional down-hole seismic testing with the
CPTu to provide seismic piezocone testing (SCPTu). In this test, a shear wave is triggered at the ground
surface and its arrival is measured with a seismic sensor behind the friction sleeve. The shear waves are
generated by striking the ends of a normally loaded beam with a hammer. Seismic signals are typically
collected every metre of cone penetration, coinciding with rod additions. Adjacent down-hole seismic
signals are compared to determine the shear wave velocity (VS) over the interval between measured signals. The shear wave velocity can be used to estimate the very small strain shear stiffness:
.
This adds a fundamental theoretical measurement of an in-situ soil property to the CPTu results. Conventional seismic testing decreases the production rate of the CPTu and results in a coarse step plot of
seismic signal measurements at (typically) 1-m intervals.
It is technically possible to perform conventional seismic testing at more frequent depth intervals.
These additional depths would necessarily not be at the end of the 1m rod strokes. This would significantly decrease the production rate and increase the cost of the SCPTu.
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This problem has been addressed by the development of Continuous Interval Seismic Piezocone Penetration Testing (CiSCPTu). The conventional hammer and beam seismic source is replaced with an
electronically triggered spring-loaded pendulum hammer. Every 10cm of penetration, while the cone is
advancing, an electronic switch activates the seismic data acquisition system and triggers the hammer
impulse shear wave (i.e. approximately every 5s). Casey and Mayne (2002) and McGillivray and
Mayne (2008) describe the development of this automatic seismic source, called a roto-autoseis. The
CiSCPTu approach creates a number of challenges for interpretation of the propagation time that are not
an issue for conventional down-hole seismic testing. For example, many more seismic signals are collected for a single sounding which required the development of automated signal processing routines.
The routines also had to deal with noise on the measured seismic signals from external disturbance, vibrations, stray signals, and seismic noise from the cone shearing the soil. Further details on these challenges and the required post-processing can be found in Ku and Mayne (2012) and Ku et al. (2013). The
CiSCPTu technique improves the seismic depth resolution while increasing the production rate compared to conventional SCPTu. More information is collected at a greater production rate resulting in an
increase in the efficiency of the tool for site investigations.
An alternative solution to the same problem is Perpetual Source Seismic Piezocone Penetration Testing (PS-SCPTu). The perpetual source technique involves advancing a seismic cone through a continuous field of radiating shear waves from the ground surface. A vibrating seismic source is placed on the
ground surface and generates shear waves throughout the SCPTu. At frequent depth intervals (2.5, 5, or
10cm) the seismic data acquisition system is triggered and records data from the down-hole seismic sensors over a finite time window. The measured signals at different depths are compared to determine the
shear wave velocity.
The difference between PS-SCPTu and CiSCPTu is the nature of the source: PS-SCPTu uses a vibrating source; CiSCPTu uses a hammer strike source. The similarities are that both methods involve
the acquisition of down-hole seismic signals while the cone is advancing. This does not adversely affect
the production rate. However, it creates another problem that does not occur in conventional seismic
testing, i.e. the advancing cone tip can generate seismic noise that interferes with the shear wave and obscures the measured seismic signals.
This paper details a method to perform signal stacking with the PS-SCPTu technique. Signal stacking
magnifies the signal to noise ratio by the square root of the number of stacked signals. A seismic test is
repeated n times and the signals are added together. The systematic shear wave features are amplified
more than the random noise. A method was devised to perform signal stacking on PS-SCPTu seismic
signals without pausing the advancing cone.
2 SIGNAL STACKING
Signal stacking is performed by repeating a seismic test and summing the measured signals. Figure 1
demonstrates the results of signal stacking to increase the clarity of the shear wave signal. These data
were collected during a conventional SCPTu performed at a site with ambient seismic noise. It was
speculated that this noise was due to machinery in an adjacent factory. This test included four left hits
and four right hits. Conventional seismic testing can invert the shear wave component by striking opposite ends of the beam with the sledge hammer. A qualitative improvement in the clarity of the shear
wave features is immediately apparent. Quantitatively, the Signal to Noise Ratio (SNR) is increased by
a factor of √
√4 2, where n is the number of stacked signals. Signal stacking magnifies the SNR
by the square root of the number of stacked signals.
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Figure 1. Stacking conventional seismic signals measured at a site with ambient seismic noise

Signal stacking is commonly used to improve bender element signals measured in a laboratory.
Bender elements are used to measure the shear wave velocity across laboratory soil specimens. Lee and
Santamarina (2006) emphasized the use of signal stacking over amplifiers and filters that can alter the
signal spectrum. Brandenberg et al. (2008) developed a fast stacking procedure for bender element testing. This technique avoided the need to wait for residual seismic signals to dissipate before sending the
next pulse. The time between pulses was randomized so that only the primary arrival of the shear wave
was systematic and amplified during signal stacking. They note that this approach magnifies the SNR,
but not as much as √ .
Signal stacking is also used to improve in-situ seismic measurements. Hunter et al. (2002) recommended the use of signal stacking during down-hole seismic testing if interference from tube waves occurs due to poorly grouted borehole casing. They also suggested signal stacking during non-invasive
shear wave refraction investigations as traffic and wind noise may coincide with the frequency range of
interest. If the noise is at the same frequency as the shear wave it cannot be easily filtered.
Meunier et al. (2001) used signal stacking to develop a permanent seismic monitoring technique using
low energy stationary seismic sources. The objective was to monitor gas storage in a deep reservoir.
Permanent seismic sensors were installed in-situ on the casing of three wells. To monitor small changes
they needed permanent stationary seismic sources. This constraint prevented the use of a mobile 30000
lb vibrator. Their solution was a low energy piezoelectric seismic source. After stacking 1280 signals
the results were comparable to the large vibrator results.
Signal stacking is a powerful technique to increase the signal to noise ratio. It is used for seismic testing in the laboratory and in-situ. In the preceding examples the seismic testing was repeated under constant conditions. The challenge in applying signal stacking to PS-SCPTu is that the receiver is moving.
Hence, seismic tests cannot be repeated under identical conditions.
3 PERPETUAL SOURCE SEISMIC TESTING
The perpetual source technique is defined by advancing a seismic receiver from the ground surface
through a continuous field of radiating shear waves. There are no hammer-strike events. The shear
waves are generated at the ground surface using two motor driven offset weights. The plane of rotation
for these weights is parallel to the ground surface. These two weights constructively create a vibration
along one axis and destructively marginalize the motion perpendicular to this direction. During a test,
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this source is placed on the ground surface near the cone rods and this vibration is directed toward the
seismic cone hole. The optimal distance for the source from the cone rods has not yet been systematically investigated. The prototype device depicted in Figure 2 was 2.5m from the cone rods. It operates
at its maximum frequency of approximately 30 Hz. The source used in the development of this technique created periodic signals, but not a clean sinusoidal wave.

Figure 2. Perpetual seismic source aligned with CPTu hole, the source is approximately 0.6m3 with additional
normal weight provided by steel plates

The perpetual source technique was developed using a true interval cone with three geophones. These
sensors were installed 0.3, 0.8, and 1.3m behind the cone tip respectively. All three installed geophones
were aligned to respond to shear waves in the same horizontal direction. Seismic data acquisition was
triggered by a depth wheel proximity sensor at frequent depth increments. When triggered, all three geophones were sampled simultaneously at 20,000 Hz for 250 ms (0.25s). Signals collected at the same
time, but at different true-interval depths, could be compared to determine the propagation time and
shear wave velocity.
Styler et al. (2012) presented results from a test that included concurrent hammer strike tests at 1m intervals. Figure 3 shows the measured signals at a cone tip depth of 6m. The hammer strike tests have a
shear wave arrival event which takes more time to arrive at increased depth. The perpetual source signals do not have a shear wave arrival event. The shear wave is arriving throughout the signal. The perpetual source technique interprets the shear wave propagation time by comparing the signal waveforms.
The interpretation can be automated using the cross correlation technique.
An inconsistency in the true-interval measurements was observed during the development of the PSSCPTu technique. The top to middle geophone pair resulted in a significantly faster velocity than the
middle to bottom geophone pair. This discrepancy was observed with both the concurrent hammer test
results and the perpetual seismic results. However, it was also observed that the hammer strike pseudointerval interpretations were unaffected. In Pseudo-Interval testing, signals from a single geophone at
successive depths are compared to determine the propagation time. With hammer-strike testing these
signals all share a common time axis – the time elapsed since the hammer-strike initiation of the data
acquisition system. The source of the true-interval discrepancy has not yet been determined.
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(a) Hammer strike signals

(b) Perpetual source signals

Figure 3. Measured (a) hammer strike and (b) perpetual source seismic signals at a cone tip depth of 6m from
Styler et al. 2012

Styler et al. (2013) modified the perpetual source technique to add a seismic source event and perform pseudo-interval testing. A proximity sensor was added to respond to a set screw attached to one of
the rotating masses in the perpetual seismic source. The recorded down-hole signals could then be
aligned in time with respect to the position of the seismic source. Figure 4 shows the measured seismic
signal and corresponding proximity sensor source signal. In this test the source was 1.2m from the cone
rods. The first proximity sensor edge was used as time zero, the seismic event, to align all of the measured in-situ perpetual source signals. The results compared very favorably with an adjacent conventional SCPTu test.
True-interval testing requires a long and expensive probe. It can generate significantly more friction
than a single geophone pseudo-interval cone. This can limit the depth of penetration. The PS-SCPTu
technique has been modified for pseudo-interval testing by creating a seismic event at the ground surface using a proximity sensor in the vibration source. This avoids the observed true-interval discrepancy
and permits the use of simpler, shorter, seismic piezocone probes.
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Figure 4. Recorded source proximity sensor and in-situ geophone during PS-SCPTu penetration at a site with ambient noise
491

4 SIGNAL STACKING WITH PERPETUAL SOURCE SEISMIC TESTING
The perpetual source signals are collected while the receiver is advancing. The test cannot be repeated
at a single depth in order to perform signal stacking. However, the measured signals are also periodic.
The perpetual source device repeats the input shear wave motion every 33.8 milliseconds. Therefore,
the measured seismic response should also be periodic every 33.8 milliseconds.
Every period delineated by the proximity sensor on the perpetual seismic source can be stacked. As
shown in Figure 4, the recorded seismic signals were 250ms in duration which includes 7 proximity sensor pulses. The data presented in Figure 4 can be reduced to a short 33.8 ms window of 6 stacked signals. These six short windows have been labelled A through F in Figure 4. Signal stacking can be performed by summing these six signals. This increases the SNR using signal stacking from data collected
while the cone is advancing. The cone moves 0.5cm during the collection of each 250ms signal. This
may limit the achievable depth resolution.
This procedure is only possible because there is no shear wave arrival event. Stacking six signals
from a test performed for a quarter of a second would not be possible if a hammer impulse generated at
the ground surface had to propagate through the soil. For example, it would take 100ms for hammer
strike shear wave to propagate 20m from the ground surface through a medium with a VS of 200 m/s.
5 RESULTS
The PS-SCPTu profile reported in Styler et al. (2013) has been reinterpreted using signal stacking to increase the SNR. Figure 5 shows the effect of signal stacking on the perpetual source signals. In this
figure, a gray-scale is used to represent the amplitude of the signal. The downward propagation of the
shear wave is shown as the peaks (white) and troughs (black) of the measured signals translate in time
with depth. The slope of the shear wave features corresponds to the change in geophone depth over
change in time. This is approximately equal to the shear wave velocity, which requires a correction for
the difference between the ray path and the geophone depth. Figure 5 shows that stacking the signals
reduces the noise and increases the clarity of the shear wave features. The steepening of the slope of the
peaks and troughs indicates that the shear wave velocity is increasing with depth.
Figure 6 depicts the PS-SCPTu profile including the corrected tip resistance, friction ratio, pore water
pressure, and an interpreted shear wave velocity profile. The shear wave velocity was interpreted using
a moving 1m cross-correlation window (red) over the data in Figure 5(f). It is comparable to an adjacent
conventional seismic cone profile (black step plot).
6 DISCUSSION
The shear wave velocity was interpreted over a 1 metre moving cross-correlation window. As shown in
Figure 6, the results agreed with adjacent conventional tests interpreted using the first cross-over point.
There is much more data provided by the perpetual source technique than available from conventional
testing. The PS-SCPTu method still requires an automated objective routine for calculating the shear
wave velocity. This as yet undeveloped method offers the potential for improved depth resolution. This
paper covered the improvement in data quality through signal stacking, not the development of an improved technique to interpret the results.
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Figure 5. Improved signal clarity through signal stacking small windows from perpetual source testing where n is
the number of stacked signals

Another expected challenge facing the perpetual source technique is interference from reflected seismic waves. These waves would be at the same frequency as the input motion and their influence on the
results may not be easily observed. The magnitude of this interference would depend on the ratio of the
amplitude of the downward propagating wave to the reflected upward propagating wave and may be insignificant in most cases. There is faint cross-hatching between 12 and 18m in Figure 5 that may be due
to reflected waves.
The prototype perpetual source device was quickly constructed to test the feasibility of the PS-SCPTu
method. A new more portable source is being developed that can be placed under the CPT rig stabilizers and will provide a cleaner seismic signal with more energy in a narrower frequency band.
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Figure 6. PS-SCPTu profile with VS interpreted using a 1m cross correlation window over a stacked signal (red)
and compared to an adjacent conventional seismic test (black)

7

CONCLUSION

Signal stacking is a simple and powerful technique to increase the signal to noise ratio. In most seismic
applications the implementation of signal stacking is straight forward. This is not the case for seismic
signals collected while the receiver is advancing. A fraction of a second is available before the receiver
has advanced too far to assume a constant depth.
Previous development of the PS-SCPTu method modified the technique for pseudo-interval testing.
This was done as a workaround for an observed, and as yet unexplained, discrepancy in the true interval
results. The pseudo-interval modification involved adding a proximity sensor to monitor the beginning
of the period for each perpetual source seismic wave. This proximity sensor proved key to performing
the signal stacking procedure described in this paper.
In this paper, six seismic signals were stacked at depths in excess of 25m while the seismic cone was
advancing at the ASTM standard rate of 2cm/sec. This would be impossible if a hammer-impact seismic source was used to generate the shear waves. The periodic nature of the perpetual source enabled
the use of signal stacking.
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ABSTRACT: Research to develop a lateral stress module which can be mounted behind a standard seismic piezo cone has been ongoing at the University of British Columbia (UBC) since the late 1980’s. The
latest version of this module incorporates a total lateral stress sensor and a pore pressure transducer and is
15 cm2 in cross-sectional area. The module is mounted behind a standard 10 cm2 seismic piezocone. The
results of laboratory calibrations and field tests at a well-documented research site in the Lower Mainland
of BC, Canada, are presented. It is shown that the configuration of this instrument provides reliable and
repeatable total lateral stress measurements and is less sensitive to temperature and cross-talk effects than
previous designs. The effect of the increased cross-section relative to the standard cone on the measured
values of lateral stress are illustrated and explained.

1 INTRODUCTION
Research to develop a lateral stress module (LSM) which can be mounted behind a standard seismic piezocone has been ongoing at the University of British Columbia (UBC) since the late 1980’s. The latest
version of this type of module (LSM-II) incorporates a lateral stress sensor and a pore pressure transducer, is 15 cm2 in cross-sectional area and is mounted behind a standard 10 cm2 seismic piezocone. The increase in cross-sectional area occurs gradually over a length of 17.5 cm just below the module and results in reloading of the soil adjacent to the shaft of the instrument after the unloading that occurs as the
soil passes the shoulder of the cone. The paper presents the results of a comprehensive laboratory and
field testing program undertaken to assess the performance of the new instrument. The implications of
the probe design for the measured stress and pore pressures are discussed.

2 BACKGROUND AND THEORETICAL FRAMEWORK
The development of cones capable of measuring lateral stress originated from the idea that interpretation
of the sleeve friction measured during penetration in sand should be related to the pre-penetration lateral
stress (Campanella, et al., 1990). The friction sleeve measurement on the cone, fs, is obtained by dividing the load registered on the friction sleeve load cell by the surface area of the friction sleeve (150 cm2
on a standard cone) and represents the average shear stress acting on the sleeve. Then fs, can be related
to the normal effective stress on the friction sleeve, σn, through the relationship:
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(1)

tan

where  is the angle of friction between the friction sleeve and the soil. However, experimental and analytical studies of soil behaviour around a penetrating cone have demonstrated the existence of large gradients of both stresses and pore pressures around the cone tip and so the true stress distribution on the
sleeve is unlikely to be uniform. The gradients are primarily related to the change in geometry at the
cone shoulder which causes a large normal stress reduction as the soil passes it. The amount of this reduction with respect to pore pressures was first experimentally evaluated by Gillespie (1981). He concluded that in saturated fine grained soils, the decrease in pore pressure up the shaft is primarily due to
changes in total stresses. The magnitude of the increments of stress and pore pressure will depend upon
the soil characteristics, probe geometry and penetration rate which will determine whether the penetration process is drained, undrained, or partially drained.
The magnitude of total lateral stress acting on the shaft of an advancing cone (σLS) can be represented by
the equation:
(2)

In Equation 2, σLS is the total lateral stress measured by the cone, ho’ is the initial in situ effective lateral stress, ∆σ΄h is the increase in effective lateral stress, uo is the equilibrium pore pressure and ∆u is the
change in pore pressure caused by undrained or partially drained deformation of the soil. For drained
penetration, ∆σh = ∆σh’, whereas for undrained penetration ∆σh = ∆σ΄+ ∆u. Sully (1991) points out that it
is generally assumed that no change in effective stress occurs but this neglects the effect of shear induced pore pressure. Any stress measured on a sensor behind the cone will thus differ from the in situ
horizontal stress by an amount that depends on the geometry of the instrument and the properties of the
material of manufacture, soil properties, and test procedure.
Campanella & Robertson (1981) showed that the friction sleeve resistance in medium (Dr=60%) to very
dense sand (Dr=80%) varies as a function of the distance behind the cone tip. Their field measurements
using friction sleeves located at varying distances behind the cone tip indicated a significant increase in
fs between 10 and 25 cm behind the tip. However, beyond about 40 cm or about 10 to 11 cone diameters
(D) behind the tip, the magnitude of fs was fairly constant regardless of the density of the sand. They
suggested that the lateral stress on the cone rods in sands remains constant beyond a distance of about
12D behind the tip. This suggests that instrumentation designed to monitor lateral stress during penetration should be placed at least 12D behind the cone tip to avoid the zone of rapidly changing stresses.

3 LATERAL STRESS MODULES
There have been several attempts to estimate the in situ lateral stress by measuring and interpreting the
lateral stress acting on the shaft of an advancing cone (Huntsman, 1985; Bayne & Tjelta, 1987; Tseng,
1989; Masood, 1990; Sully, 1991; Takesue & Isano, 2001). Table 1 outlines the main characteristics of
several well-documented examples. It can be seen that the locations of the lateral stress measuring sections with respect to the tip of the cone have varied considerably.
The different designs of lateral stress cones developed and summarized in Table 1 can be divided into
two categories: (a) instrumented friction sleeves and (b) passive sensing elements. The principle of
measurement of the former (modules developed by Huntsman 1985 and Campanella, et al. 1990) was
measurement of the hoop strain generated in instrumented sections of the cone in direct contact with the
soil. In a passive sensing element, the measuring element consists of a system with an internal load
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transducer and an external pressure receiving plate in direct contact with the soil. Both approaches have
been attempted at UBC.
Table 1 Main characteristics of lateral stress cones reviewed
Cone

Principle of
measurement

Diameter
of probe
(mm)

Location of lateral
stress sensor behind
the cone tip

LSSCP-I

Friction sleeve with
strain gauges

35.7

LSSCP-II

Friction sleeve with
strain gauges

LSSCPIII
LSCPTUI
LSCPTU
J-LSC
J-FLSC

Pore pressure
sensor

Reference

1D and 9D

u2 and uLS at 10D
behind the cone
tip

Huntsman
(1985)

35.7

1D and 9D

u2

Huntsman
(1985)

Double steel ring configuration with strain
gauged diaphragm

35.7

1D and 7.5D

Friction sleeve with
strain gauges

44

15.9D

44

Variable from 31.5D
to 77D

35.7

2.1D

36

8.8D and 14.1D

Internal load cells with
external circular active
faces
Internal load cell with
an external pressure
plate
Internal load cell with
an external pressure
plate

u2 and uLS at 6.3D
behind the cone
tip
u1 or u2 and uLS at
16.7D behind the
cone tip
u1 and uLS – variable from 32.1D
to 77.6D
u2 and uLS at 2.6D
behind the cone
tip
u2 and uLS at 8.3D
and 14.6D behind
the cone tip

Tseng (1989),
Masood (1990)
Campanella, et
al. (1990)
Bayne & Tjelta,
(1987)
Takesue & Isano (2000, 2001)
Takesue (2001)

The information reviewed suggests that lateral stress measuring sections based upon instrumented friction sleeves are more susceptible to physical damage than passive sensing elements. In addition, laboratory and field data have shown that instrumented friction sleeves are more sensitive to both axial loads
on the friction sleeve (cross-talk effect) and to temperature than passive sensing elements. In the new
LSM-II module, built and developed at UBC, the lateral stress sensor consists of a passive sensing element similar to that described by Bayne & Tjelta (1987) and Takesue & Isano (2001).
4 LATEST UBC PROBE
Figure 1 shows the general arrangement of the assembled UBC lateral stress seismic piezocone
(LSSCPTU). The instrumented section was originally designed to be mounted on a standard 15 cm2
UBC seismic piezocone unit. However this unit was not easy to assemble or disassemble and had some
instrumentation problems. Therefore, the new lateral stress module was mounted behind a standard
10 cm2 UBC seismic piezocone. The standard cone provides simultaneous measurements of tip resistance (qc), sleeve friction (fs), pore pressure immediately behind the shoulder of the cone (u2) and
above the friction sleeve (u3). Seismic sensors mounted above the cone allow determination of shear
wave velocity.
A special low angle adaptor located 43.5 cm above the cone tip provides a gradual transition in diameter
from 35.7 mm to 43.5 mm, i.e. the radius expands by 3.9 mm in 17.5 cm length. The LSM-II is 43.5 mm
in diameter and 58.5 cm long and has a pore pressure port at its upper end. The lateral stress sensor is
located 69.5 cm behind the cone shoulder (19.5D) and the pore pressure developed during penetration is
measured by a pore pressure transducer located 58.5 mm above the lateral stress sensor or 21.1D behind
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the cone shoulder, where D is the diameter of the 10 cm2 cone. The LSM-II electronics are housed in the
top section of the LSM which tapers back down from 43.5 mm to 35.7 mm over its 23.5 cm length.
Lateral stress module Model II (LSM-II)
u LS pore pressure
transducer

LSM-II
electronics

Ø3.57 cm

Ø4.30 cm
Ø4.35 cm

5.85 cm
23.5 cm

8.4 cm

Adaptor

Seismic piezocone unit (SCPTU)

17.5 cm

Friction sleeve (150 cm²)
u 3 pore pressure

1.3°

Ø3.57 cm

Lateral stress
¨button¨ sensor

13.5 cm

u2 pore pressure

60° 10 cm² tip

SCPTU electronics

98.8 cm
Scale (cm):
0

5

10

20

Figure 1 UBC lateral stress seismic piezocone cone (LSSCPTU).
Existing body

4.8 mm
O-ring
Load transfer
"button"
Fine thread
setscrew

4.8 mm
Load transfer
"button"

Round machined out of body
for load cell seat Ø 1.02 mm
(Ø 0.040")

Locating pins
12.7 mm
O-ring

Existing adapter

Load "button" details
LSM-II

Figure 2 UBC Lateral stress module Model II (LSM-II) (after Jackson, 2007).

Figure 2 shows a schematic diagram of the UBC LSM-II. The pressure sensor consists of an external
curved pressure receiving plate or load transfer “button”, with a fine setscrew on its centre and a Honeywell Model 13 compression subminiature load cell installed inside the body of the instrumented section. The load transfer “button” is mounted flush on one side of the instrumented section with an O-ring
mounted on it to provide a radial seal that prevents the ingress of both soil and water into the body.
Preliminary calibration and testing in the laboratory showed that the lateral stress measurements remained fairly sensitive to axial loading of the probe and, to a lesser degree, to temperature. It was also
noted that the unload-reload response of the sensor was affected by friction between the radial O-ring
and the body of the module. Detailed results are provided in Rivera-Cruz (2009).
Initial field assessment was carried out at the KIDD2 site located in Richmond, BC. The soil profile
consists primarily of a relatively clean sand deposit underlain by normally consolidated silty clay. This
allowed piezocone (CPTU) and lateral stress data to be collected under drained and undrained conditions
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in the same sounding. The probe was pushed into the ground at a standard rate of 2 cm/sec and qc, fs, u2,
u3, uLS, and lateral stress, σLS, were recorded at intervals of 2.5 cm. At selected depths, penetration was
halted in order to monitor dissipation of pore pressure and to observe time-dependent changes in LS.
The load on the rod string was removed prior to execution of the dissipations.
5 RESULTS
Figure 3 is a profile of field measurements recorded with the lateral stress seismic piezocone (LSSCPTU) at the KIDD 2 site. The data have been corrected for the effects of excess pore pressure on the tip
(qt = qc + (1-a)u2) and the effects of axial load and temperature on LS. The results indicate approximately 3.5 m of silt overlying sand to about 22.5 m depth underlain by a 2.5 m interbedded zone of silt and
sand which overlies soft, sensitive clayey silt. The pore pressure response from 4.5 m to about 22.5 m
indicates drained penetration. Below the sand, excess pore pressures are generated and it is seen that uLS
is consistently less than u3 which is less than u2. Values of qt and fs are much more sensitive to the stratigraphy than is LS. At about 22.5 m depth, both qt and fs drop off dramatically in the fine grained soils
whereas σLS continues to rise with depth. In the soft, sensitive clayey silt, σLS is of the same order of
magnitude as u2 as both are dominated by the excess pore pressure generated during penetration.
Pore pressure
(m of water)
0
0

50
Drilled out

fs (bar)
100 0

0.3
Drilled out

 LS (bar)

qt (bar)
0.6 0

100
Drilled out

200 0

5
Drilled out

Rf (%)
10

0

1

2

Drilled out

u2
u3
uLS

5

Dissipation
test

Depth (m)

10

15

20

25

u0
30

Figure 3 Results of lateral stress piezocone test at KIDD 2 (Test No. LSC-01).

Dissipations were carried out at the depths indicated on Figure 3. In the coarse-grained soil, when penetration was halted, the excess pore pressure dissipated rapidly to the hydrostatic value at all locations,
i.e. u2, u3 and uLS. In the fine-grained soil below about 22.5 m depth, u2 and u3 returned to their prepenetration values very quickly when penetration resumed. The u LS behaved very differently, increasing
gradually over a depth increment of about 3 m.
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Figure 4 compares uLS and LS recorded with LSM-II in two soundings (LSC-01, LSC-02) carried out
within about 3 m of each other. There is excellent agreement between the recorded pore pressures and
reasonable agreement between the σLS profiles recorded at each location. The pore pressure profiles recorded in both tests exhibit similar trends before and after dissipation, suggesting a good degree of repeatability of the uLS data recorded. On the contrary, the lateral stress profile shows significant variations
above 20 m depth but below this depth, both LS profiles exhibit similar trends and even the same response upon completion of dissipation tests.
It was concluded that the difference between LS profiles is caused primarily by soil variability and not
by problems with the LSM-II instrumentation. The soil variability is illustrated in 4b which shows a
comparison of several qt profiles performed in the same area. In summary, the data collected at the
KIDD 2 site demonstrates excellent performance of the LSM-II in terms of repeatability of data recorded.
Interpreted
Profile
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Depth (m)
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0

uLS
(m of water)
40

 LS (bar)
80

Drilled out

0

5

qt (bar)
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LSC-02
*KD9301
*KD9402

LSC-01
LSC-02
Dissipation test
LSC-01
LSC-02

Sand to silty
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occasional lenses
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uLS
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20

25
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stratifications
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*Data from In-situ Testing Group
(1995a)

u0

30

a)
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Figure 4 Comparison of LSM-II and CPTU data collected in both tests, KIDD 2 site.

6 DISCUSSION
The normal effective stress on the friction sleeve can be estimated using Equation 1. At very large relative shear displacements in sands, the friction angle between sand and steel can be assumed to be approximately 90% of the constant volume friction angle (cv’) (Rinne, 1989). The constant volume friction angle for the sand deposit at this site is about 31° (In-Situ Testing Group 1995a). Figure 5 presents
the theoretical distribution of h’/σv0’ and the effective normalized tip resistance ((qt-uo)/σv0) plotted
against the relative distance to the cone tip (z/D).
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The plots in Figure 5 show that in sands where penetration is drained, the effective lateral stress acting
on the LSM increases relative to that acting on the friction sleeve. For the 10 m and 20 m depths shown,
LS increases by about 400% and 700%, respectively. Normalized effective tip resistances, (qt-u0)/σv0’,
are 54 and 88 for 10 and 20 m depths. The values confirm the high degree of unloading that occurs as
the soil passes the shoulder of the cone. The normalized lateral effective stresses estimated from fs values drop to a value somewhere between Kov0’ and v0’. As penetration continues, the diameter of the
probe starts to increase at approximately 13.1D above the cone tip and the sand element is gradually reloaded until a maximum equivalent cavity expansion (r/ro) of about 22% is reached at which point the
lateral effective stress has increased to about 3 to 4v0.

Figure 5 Qualitative evaluation of lateral stress distribution along the shaft of the LSSCPTU, KIDD 2.

In the fine grained soil below the sand, the penetration is undrained and the excess pore pressures generated by cone penetration make up a very large part of the pressures measured on the tip and total stress
sensor. Behind the cone, fs is approximately 5 kPa suggesting an approximate h’ of less than 10 kPa
while the u2 and u3 pore pressures range from 600 to 800 kPa over the same depth range (22.5 m to
30 m). The values of LS range from about 700 to 900 kPa compared to qt values of 1070 to 1796 kPa
(11 to 18 bar).
The loading sequence induced during penetration of the LSSCPTU appears to be similar to that of the
instrumented sharp cone discussed by Ladanyi and Longtin (2005). Their probe consisted of four lateral
stress sensors at four locations on the body of a probe that gradually increased in diameter above the
cone tip. They used the stress measurements at different cavity radii at a given depth to construct an
equivalent pressuremeter curve. Similarly, the LSM-II values of LS represent a positive reloading of the
soil after the passage of the cone. The relationship between LS and standard piezocone parameters such
as qt, fs, and u2 may offer additional information on soil behaviour. This requires further study.
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Figure 6 shows the variation of LS and uLS with log time during a dissipation test carried out with the
cone tip at 25 m depth. The initial value of LS is about 720 kPa and uLS is about 540 kPa resulting in an
estimated initial lateral effective stress of about 180 kPa at 20.3D behind the tip. During dissipation, the
magnitude of the effective lateral stress measured with LSM-II, LS-uLS, drops to almost zero before rising again towards its final value. Similar behaviour was observed during dissipation tests carried out in
fine-grained soils by Baligh et al. (1985), Lehane & Jardine (1994), Takesue & Isano (2000) and
Ladanyi & Longtin (2005).
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Cone tip depth: 25 m
Soil type: Soft NC marine clayey silt
NC= Normally consolidated
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*U= Degree of dissipation
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Figure 6 Variations of pore pressure and lateral stress during dissipation, KIDD 2

7 CONCLUSION
The latest version of a lateral stress module, LSM-II, developed at UBC comprises a 15 cm2 module
which is designed to be mounted behind a standard 10 cm2 cone. The LSM-II is instrumented with a button load sensor and a pore pressure element. Preliminary laboratory and field testing indicated that the
new design resulted in reliable and repeatable data but that the new design had not completely eliminated the effects of axial load and temperature on the stress sensor readings. However, the effects were
much reduced and can be mitigated by careful calibration and correction of the readings. The gradual increase in diameter of the probe below the LSM-II was found to result in reloading of the soil around the
cone shaft after the initial disturbance caused by cone penetration which led to higher measured lateral
stresses than would have been the case for a constant diameter probe. This offers the possibility that the
ratio of LS/qt may provide useful information about soil characteristics. Furthermore, dissipation tests
carried out in fine grained soil resulted in total stress and pore pressure dissipating at different rates resulting in an initial drop of effective stress prior to an increase. This is similar to the findings of other
investigators. Further work is required to fully evaluate the capabilities of LSM-II as a practical tool for
an enhanced site characterization.
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Shaft capacity observed in numerical simulation of multi-sleeve CPT
J. Butlanska, M. Arroyo & A. Gens
Department of Geotechnical Engineering and Geosciences, UPC, Barcelona, Spain

ABSTRACT: This study investigates the shaft capacity of multi-sleeve CPT performed in a virtual calibration chamber (VCC) using a 3D distinct element method (DEM). The cone shaft was modeled using
four rigid cylindrical segments, including three frictional segments. The forces acting on each frictional
segment are integrated to obtain the stresses acting along different positions of the shaft, in an arrangement similar to a multi-sleeve CPT. The shaft’s capacity as the device penetrates a discrete material
(scaled Ticino sand) is analyzed and compared with physical test results. The effects of sleeve size and
position on shaft friction are examined for different chamber boundary conditions. A micromechanical
explanation for the observed differences is put forward based on the analysis of force transmission within
the model.

1 INTRODUCTION
The cone penetration test (CPT) is one of the fastest and more reliable tests used in geotechnical engineering for site characterization, to explore soil profiles and to measure in situ soil properties. During the
CPT continuous or intermittent measurements are taken via electronic readings of cone tip resistance, qc,
and sleeve friction, fs. However, the interpretation of CPT test results, especially in sands, still relies
largely on empirical correlations obtained from calibration chamber testing. These tests are expensive
and, therefore the idea of complementing the physical tests with virtual equivalents (i.e. numerical models) is attractive and has been around for a long time. Numerical models allow internal parameters that
are difficult to measure in-situ to be monitored and the additional insight that they provide into the CPTsoil interaction can improve interpretation techniques.
The discrete element method (DEM) is rapidly gaining acceptance as a major tool for investigating
the behavior of soils (O’Sullivan, 2011). While there is much to be learned from DEM models about the
fundamental nature of soil behavior, it is also increasingly recognized that DEM-based models should
also be applied to solve engineering problems (Cundall, 2001). One essential feature of DEM simulation
results is that they can be examined at various levels of resolution: from micro to macro-level.
	
  Arroyo et al. (2011) showed that a CPT performed in a virtual calibration chamber (VCC) filled with
a discrete analogue of Ticino sand resulted in steady state penetration values that were in close quantitative agreement with predictions based on correlations previously established in physical chambers. In
this paper the focus is on the second CPT measurement, i.e. shaft resistance. This paper will concentrate
on factors influencing the shaft capacity like sleeve size and boundary conditions.
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2 NUMERICAL MODEL
2.1 Numerical approach
The PFC3D code developed by ITASCA was used to perform all simulations mentioned in this paper.
The code follows closely the discrete element method introduced by Cundall & Strack (1979). The model is composed of spherical particles that displace independently of one another, and interact only at the
contact or interfaces between particles. The particles are assumed rigid with no ability to rotate. The
contact law employed is lineal elasto-plastic. The normal and tangential stiffness at any contact, kn and
ks, are described by the following scaling rule:
𝑘! = 2𝐾!"#$$

!! !!

(1)

!! !!!

𝑘! = 𝛼𝑘! 	
  

where Keff and α are parameters to be calibrated. The plastic part of the contact law is given by the interparticle friction angle, Φµ. No cohesion was included in the contact model. The simulations also employed non–viscous damping, δ, to achieve rapid convergence.
The material parameters (Φµ, Keff, α and δ) were determined by trial and error in order to provide a
best fit to a single isotropically compressed drained triaxial test confined at 100 kPa and formed with
sand at DR = 75%. The best fit was found with parameters: Keff = 300 MN, α = 0.25, δ = 0.05 and µ =
0.35 (equivalent to an interparticle friction angle, Φµ=19.3º). The adequacy of these calibration parameters was verified by simulating a variety of triaxial tests at differing confinement and initial density (Arroyo et al. 2011).
2.2 VCC CPT model
A schematic diagram of the virtual calibration chamber (VCC) and cone device used in the investigation
is shown in Figure 1. The virtual calibration chamber walls were modeled as rigid and frictionless. The
axial and radial loads were applied through the top and cylindrical walls respectively, while the bottom
platen remained fixed. The material filling the virtual chamber (approx. 60000 particles) was a scaled
Ticino Sand where the original grain size was multiplied by 50, hence the mean grain size (d50) in the
VCC was xx mm. The grain size curve as well as sand properties are presented in detail in Arroyo et al.
2011.
The standard penetrometer used in the physical reference calibration chamber (CC) (Jamiolkowski et
al, 2003) had a diameter of 35.6 mm and a corresponding cross-sectional area of Ac=10 cm2. The friction sleeve area was As=150 cm2 corresponding to a height of 134 mm. The cone tip and friction sleeve
were separated by a 5 mm cylindrical section (hx).
In the numerical VCC model the cone tip angle is 60° but the cone diameter, dc, is 71.2 mm (twice
size of a typical cone tip). Three frictional sleeves are incorporated in the shaft. Their lengths are noted
hs1, hs2 and hs3, with the number increasing with distance from the tip. Both the tip and the friction shafts
are perfectly rough (i.e. the cone-particle contact has the same friction as a particle-particle contact). A
section of the shaft just behind the cone tip, of length hx, is frictionless and separates cone tip and the
first sleeve.
The length of the second and third sleeves is always equal to 100 mm. The length of the first sleeve
was set to three different values: (a) hs1=100 mm which was the initial simulation default, (b) hs1=134
mm- equal in length to that of a typical cone and (c) hs1=67 mm equal in area to that of typical cone. A
summary of geometrical characteristics of the VCC, CPT and physical model are collected in Table 1.
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(a)
Virtual chamber
Figure 1. (a) Virtual calibration chamber model and (b) cone device.	
  

(b)

Cone device

Table 1. Summary of geometrical characteristics of CC and VCC
Dimensions

D

H

dc

hc

hx

hs1

hs2

hs3

Units

[mm]

[mm]

[mm]

[mm]

[mm]

[mm]

[mm]

[mm]

Physical CC

1200

1500

35.7

30.8

5

134

-

-

Numerical VCC

1200

700

71.2

61.9

0; 10

0;67;134

100

100

2.3 Testing program
Twelve CPT tests are examined here; six for each calibration chamber boundary conditions, i.e. BC1
(σz=const. and σ h=const.) and BC3 (σz=const. and ε h=0). These tests were performed under anisotropic
stress conditions, directly analogous to two physical tests reported by Baldi et al. 1986 (T140e and
T141e). Indeed, after normal consolidation to similar vertical stress as in the physical tests, the numerical tests have a similar initial relative density (93.9%) and horizontal stress (49 kPa) than the physical
tests (~93% and 53-54 kPa). Therefore a direct comparison is possible. The test details are listed in Table 2. The tests are named in the following manner: T_hx_hs1_BC, where hx is a separation length, hs1 is
a height of the first sleeve and BC is a type of boundary conditions. One-dimensional compression tests
of the physical and numerical chambers are compared in Figure 2.
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(a)

T140e

(b)

T141e

Figure 2. Experimental and numerical 1D compression test on CC chambers (a) T140e and (b) T141e.
Table 2. Test program
TEST ID
EXP

T140e
T141e
T_0_67_1
T_0_100_1
T_0_134_1
T_10_67_1
T_10_100_1
T_10_134_1
T_0_67_3
T_0_100_3
T_0_134_3
T_10_67_3
T_10_100_3
T_10_134_3

NUM

BC
1
3
1
1
1
1
1
1
3
3
3
3
3
3

hx
[mm]
5
5
0
0
0
10
10
10
0
0
0
10
10
10

hs1
[mm]
134
134
67
100
134
67
100
134
67
100
134
67
100
134

σz
[kPa]
121.6
122.2
121.6

σh
[kPa]
54.1
53.2
48.69

DR
[%]
92.62
92.52
93.9

3 RESULTS
3.1 Sleeve friction
The shaft resistance was measured at three sleeves (fs1, fs2 and fs3). The measured axial force over the
sleeve (Fs) is divided by the sleeve area (As) to obtain sleeve friction:
𝑓! =

!!
!!

(5)

An example of sleeve responses is shown in Figure 4. The response is noisy, especially for the sleeve
closest to the cone tip. Such noise is a consequence of the scaled-up particle size (i.e. dc/d50 = xx) and
should be filtered (Arroyo et al. 2011). Butlanska et al (2013) show that steady state values of macro responses such as cone tip resistance, can be easily identified by observing steady states of micro responses, such as particle-cone contact number. The same approach was followed here for sleeve friction and a
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steady state depth (hss) was chosen as the depth where sleeve - particle contacts stabilize around constant
values (Nss) (see below, Figure 6). The representative friction was then obtained as the average value
recorded below that depth. These values, as well as the micromechanical based values Nss and hss are
listed in Table 3.
In all the VCC CPT tests performed an important reduction in shaft resistance with sleeve distance
from the tip can be observed. It can be seen that for the shaft section just behind the cone tip (sleeve-1)
the maximum resistance is registered. Except in one case, (T_10_67_3) the fs measured on sleeves 2 and
3 is always well below that measured by sleeve 1. The fs measured by sleeve 3 is always smaller than
that of sleeve 2, but the difference is small, less than 30% in all but one case.
A similar effect was noted by Campanella & Robertson (1981) who observed that shaft friction had a
marked maximum behind the tip before stabilizing farther from the tip. Dejong & Frost 2002 used a
multisleeve friction attachment for CPT to measure shaft resistance at different levels (167-1517 mm
behind the cone tip). The sounding indicated no reduction in shaft friction (smooth shaft) between 435dc behind the cone tip. However, the readings were lower than the sleeve friction measured at the
standard location (i.e. near the cone tip), once again indicating the presence of a high or peak friction
zone just behind the cone tip that decreased and stabilized up above the shaft. This is compatible with
the results of the numerical simulations here presented, since the centroid of the third shaft is still only
between 4 to 5 diameters behind the cone tip.
Table 3. Results
qc,ss
[MPa]
EXP
T140e
1
18.682
T141e
3
22.567
NUM T_0_67_1
1
6.32
T_0_100_1
1
6.59
T_0_134_1
1
6.44
T_10_67_1
1
6.63
T_10_100_1 1
6.44
T_10_134_1 1
6.41
T_0_67_3
3
23.61
T_0_100_3
3
25.53
T_0_134_3
3
23.56
T_10_67_3
3
21.68
T_10_100_3 3
21.22
T_10_134_3 3
22.48
Note: hss is cone penetration depth
TEST ID

BC

fs1
[kPa]
105.6
141.5
195.7
162.6
211.3
47.08
45.54
137.0
1582
1818
2373
769
1215
2823

fs2
[kPa]
33.16
24.63
23.84
33.03
22.57
26.33
1227
1115
1115
1345
1197
1307

fs3
[kPa]
24.32
20.91
21.65
19.26
18.49
25.33
1005
993.4
987.4
1213
988.4
1271

hss1
[mm]
750
750
147
183
216
148
184
223
145
178
216
142
176
225

hss2
[mm]
225
282
323
247
279
328
243
278
366
247
280
328

hss3
[mm]
351
383
430
354
387
425
352
378
410
341
377
428

Nss1
[-]
31
44
57
26
39
59
33
45
56
28
41
60

Nss2
[-]
43
44
45
45
44
43
43
42
42
43
46
43

Nss3
[-]
45
43
44
44
43
44
43
42
42
44
46
45

3.1.1 Effect of sleeve size and position
In the simulations three different first sleeve lengths were used; 67, 100 and 134 mm. An important increase in side response with shaft size is observed under BC3, but the effect of sleeve size is not that
clear for BC1 (Table 3). It can also be observed that the steady state depth (hss), at which the number of
elements in contact with the sleeve stabilizes increases with sleeve size. For example for the sleeve-1 the
average hs1 is reached at 145 mm (2dc), 180 mm (2.5dc) and 220 mm (3dc) above the cone tip for sleeve
height equal to 67 mm, 100 mm and 134 mm, respectively. For the second (and third) sleeve the steady
state is reached at 3.3dc (4.9dc), 3.9dc (5.3dc) and 4.7dc (5.9dc) for 67-, 100- and 134- mm sleeve. In general, the steady state is reached around 19 mm above the depth of completely submerged sleeve.
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Two effects are noted from the inclusion of an intermediate frictionless sleeve just behind the
tip. Figures 4a and 4c show that when the sleeve is located directly behind the cone tip the response of
the first sleeve shows quite large peaks and troughs. The oscillation reduces if we incorporate the separation element between the cone tip and the shaft (Figures 4b and 4d). Apart from this, inspection of Table 3 shows that pushing back sleeve 1 always result in a friction measurement in that sleeve that is
closer to those of sleeves 2 and 3.
3.1.2 Effect of radial boundary condition
This reduction in shaft resistance might be explained by high stress gradient located around the cone tip,
which includes a bulb of radial stresses in the vicinity of the cone, reaching a maximum close to the tip
and decreasing up the shaft. Such a radial stress bulb has been indeed obtained by mesoscopic analysis
of the discrete element simulations (Butlanska et al. 2013). However, we prefer here to take a closer microscopic look at the same phenomenon. To do that, we consider the configuration of the strong force
chains in the VCC. This is illustrated in Figure 5, where contact forces are segregated in three distinct
levels: extreme (5 standard deviations above the mean); large (above average but not extreme); small
(below average). Moreover, the thickness of the lines in the Figure 5 is proportional to the magnitude of
the contact force. Results are presented for the two different boundary conditions applied in the simulations.
Under BC1 (stress control at the radial and top wall) the strong force chains clearly emanate from the
cone tip reaching out towards the bottom, fixed wall. Behind the tip there is an area were force chains
seem inherently unstable causing visible gaps along the shaft. When the radial boundary condition
changes to no-radial displacement (BC3) the situation clearly changes. The strong force network does
not only emanate from the cone tip but also form around the sleeves above. The force chains emanating
from the shaft are mostly radially directed, because the fixed radial boundary is now able to withstand
them. The distance to that wall obviously plays a role. That distance was much larger on the physical
chamber that on the numerical one, which explains why the increase due to the change in BC is more
marked in the numerical experiments. The force-gap that causes the decrease in sleeve friction can be also visualized computing the number of particles carrying strong forces that stay in contact with the different sleeves. Figure 6 shows the number of sleeve-particle contacts developing during penetration tests
performed under BC1 and BC3 boundary conditions. The total number of particles with force (CF≥0)
that stays in a contact with the corresponding side is similar for both boundary conditions (Table 3).
However, the number of particles that carry force 5 standard deviations (STD) above the mean force
(<CF>) changes drastically with the BC. Hence, the average number of contacts that carry large loads
under BC1 (BC3) is 4 (20), 1 (12) and 1 (10) for sleeve-1, sleeve-2 and sleeve-3, respectively.
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T_0_134_1

T_10_134_1

	
  
T_0_134_3

	
  
T_10_134_3

Figure 4. Example of sleeves resistance under (a)-(b) BC1 and (c)-(d) BC3 boundary conditions
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BC1	
  

BC3	
  

	
  

	
  

CF ≥ <CF>+5 STD

CF≥ <CF>+5 STD

<CF>+5 STD ≥ CF ≥ <CF>

<CF>+5 STD ≥ CF ≥ <CF>

CF < <CF>
CF < <CF>
Figure 5 Contact forces developing in the VCC during one penetration stage under (a) BC1 (T_10_134_1) and (b)
BC3 (T_10_134_3) boundary conditions.
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(a) sleeve-1, BC1

	
  
(b) sleeve-1, BC3

	
  
(c) sleeve-2, BC1

	
  
(d) sleeve-2, BC3

	
  

	
  

(e) sleeve-3, BC1
(f) sleeve-3, BC3
Figure 6. Number of contacts with sleeve-1, 2 and 3 during penetration and under (left) BC1: T_10_134_1 and
(right) BC3: T_10_134_3 boundary conditions.
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4 CONCLUSIONS
This paper presents the first results of a study on shaft friction during CPT penetration in granular materials performed on a virtual calibration chamber built using 3D DEM. The effect of sleeve size, boundary conditions and its influence on the sleeve resistance was examined, relating microscopic and macroscopic observations. The results showed that: (a) the sleeve closest to the cone tip generally records a
larger friction than those located above the shaft (b) the mechanism of shaft friction was very much affected by the radial boundary conditions; stress control (BC1) results in force relaxation along the shaft
whereas radial displacement fixity (BC3) favors large forces acting on the shaft. The results obtained are
similar to experimental observations. Further study of the effects of shaft friction and cyclic loading is
ongoing.	
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Numerical modelling of CPT in clay to evaluate bearing capacity for
shallow foundations
T. Boufrina and A. Bouafia
University Saâd Dahleb of Blida, Department of Civil Engineering, Blida, Algeria

ABSTRACT: This paper presents a numerical analysis of the cone penetration test (CPT) in clay using
the finite element method (FEM). The procedure simulates the problem of large displacement of the
cone into an elastic perfectly plastic soil by the means of the numerical finite element code CRISP
using the updated Lagrangian method in order to determine the tip resistance, qc. A parametric study
allows to determine the cone factor Nk and then the bearing capacity factor Kc that is useful for the
evaluation of the bearing capacity of shallow foundations for either strip footings (problem of plane
strain) or square/circular footings (problem of axisymmetry).

1

INTRODUCTION

Cone penetration test is today one of the most widely used and accepted in situ tests methods for soil
investigation worldwide. It provides soil profiling, and has a strong theoretical basis for interpretation.
A large amount of high-quality in situ digital data can be recorded directly by CPT in a relatively short
time in the field. These data can subsequently be post-processed to provide quick delineations of the
subsurface conditions, including layering, soil types, and geotechnical engineering parameters, as well
as both direct and indirect evaluations of foundation systems, including shallow footings, driven
pilings, drilled shafts, and ground modification. It produces also an enormous amount of physical
information based on correlations with other tests such as the pressuremeter test (PMT) and the
standard penetration tests (SPT).
In the context of interpreting the soil response to the process of cone penetration and thus
determining geotechnical parameters, a numerical approach is initially carried out through a theoretical
assimilation by assuming the penetrometer to a rigid steel surface that penetrates the soil. This allows
applying the classical theory of bearing capacity. Many studies have been performed in this field based
in general on physical modeling of CPT or using correlations between the penetrometer tip resistance
qc and soil parameters (Bouafia 2011). In this study, a finite element modeling of the problem of deep
penetration of a conical tip is performed into an ideal elastic-plastic soil.
Over more than 50 years, several approaches have been adopted to deal with the problem of deep
penetration. Among others, bearing capacity theory (Meyerhof 1961; Durgunoglu & Mitchell 1975),
cavity expansion theory (Vesic 1972 and Yu & Houlsby 1991), the Strain Path Method proposed by
Baligh (1985), Calibration Chamber Testing and the finite element analysis (Walker & Yu 2006).
However, each approach presents some disadvantages and none of these methods leads to a rigorous
solution.
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2

NUMERICAL MODELING

The finite element method is one of the methods that can be used to predict the cone factor into clay.
The difficulties lie in the complexity of soil deformation around the cone which comes from pushing
the penetrometer into the ground, as well as the complex behavior of the interface. At present, there are
no rigorous solutions to the problems of penetration (Walker &Yu 2006); the methods used are often
based on simplified theories. Other numerical methods have been used to model cone penetration, but
these do not provide satisfactory correlations. As cone penetration involves large-scale deformations at
the CPT/soil interface so that is difficult to make a rigorous numerical modeling and therefore some
approximations are often adopted.
The commercial code CRISP V.5.3 is used in this study. The cone is simulated as a rigid axially
symmetric surface, which penetrates the soil at a constant rate of 2 cm/s. To allow penetration into the
finite element continuum, a frictional contact element with a virtual diameter d = 1mm is simulated
(Fig.1) that will allow the penetrometer to slide over the soil mass so that the penetration process could
be modeled realistically. During calculation, the cone slides over the interface element such that the
contact between soil and cone could be established. An updated Lagrangian approach proposed by
CRISP is pursued. Lagrangian formulation allows large deformations to be considered using “Update
Lagrangian method” as the cone is advanced into a homogenous elastic perfectly plastic soil obeying
the Drucker-Prager yield criterion until steady state is achieved. The radius (r0) of the cone is about 18
mm with a cross sectional area of approximately 10cm2 and an apex angle of 60°. The geometry of the
considered system is also shown in Figure 1.
CPT

	
  

Slip element
	
  

	
  

Prescribed
	
  
displacement

	
  

Refined
	
   zone

	
  
	
  
Soil meshing
	
  
	
  
	
  

	
  

	
  

(a)
(b)
Figure 1. General view of the meshing with interface element –a. cone at 0.5 m, b. cone at 1.5 m

	
  

Table 1 represents the mechanical and physical characteristics of the clays, these chese characteristics
are the undrained elasticity modulus 𝐸! , the undrained cohesion 𝑐! , the internal angle of friction𝜑, the
compressibility factor of water 𝐾! , the unit weight of the soil 𝛾, the unit weight of water 𝛾! , Poisson
coefficient 𝜈!   and the coefficient of earth at rest 𝑘! .
N.B: Clay 1: dense clay, clay 2: medium clay and clay 3: soft clay
	
  
	
  
	
  
	
  
518

Table 1. Mechanical and physical characteristics of the different types of clays
𝐸!

3

𝐶!

𝐾!

(MPa)

(kPa)

(GPa)

Clay1

40

300

2.61

Clay2

10

200

0.65

Clay3

2

100

𝛾

𝛾!
3

𝜈!

  𝐾!

𝜑!   (°)

0.499

1

0

3

(kN/m )

(kN/m )

20

10

RESULTS AND DISCUSSION

3.1 Soil deformation around the cone
Cone penetration process is, as previously mentioned, a large strain large displacement phenomenon;
small strain finite element analysis is unable to generate the required ultimate tip resistance for deep
penetration.
During the penetration process, the cone pushes the particles downwards and sideways, this means that
the particles lying on the axis of symmetry will move horizontally. These points move a distance equal
to the radius of the cone while particles of soil around the cone also move vertically.

	
  

	
  

	
  

Figure 2. Vertical displacement around the cone

The whole process of penetration can be seen by viewing the displacement field around the
penetrometer, as shown in Figure 2, it can be seen that the vertical displacement increases gradually
from the top to the bottom of the cone and reaches its maximum in the axis of symmetry.

3.2 Cone factor
The cone factor is defined as follows:
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𝑁! =

𝑞! − 𝜎!!
                                                                                                                    (1)
𝑐!

Figure 3 shows the variation of the cone factor depending on the cone penetration depth. It was found
qc exhibits a steady increase in the cone factor until a certain critical depth equal to 5r0.

	
  
	
  
	
  
	
  
	
  
	
  
	
  

	
  
Figure 3. Variation of the cone factor versus the normalized depth z/r0

	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  

	
  

3.3

Effect of rigidity index (𝐼! )  on cone factor

Rigidity index 𝐼!   of soil is defined as the ratio of the shear modulus (G) to its shear strength:
𝐼! = 𝐺 𝜏!"#
𝜏!"# = 𝐶! + 𝜎!! ×𝑡𝑔𝜑  

(2)
  

(3)  

In the case of clays (𝜑 = 0)  :
𝐼! = 𝐺 𝐶!

(4)

Figure 4 shows that the cone factor increases with higher values of rigidity index for the three
categories of clays, so an approximate linear increase of the cone factor is observed.
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Figure 4. Variation of the cone factor versus the rigidity index Ir

3.4

BEARING CAPACITY FACTOR

3.4.1 Indirect approach
The analytical approach presented below allows to derive the bearing capacity of shallow foundations by
calculating the bearing capacity factor.
	
  

3.4.1.1 Clayey soil-Strip foundation
The bearing capacity expression from cone penetration test can be written as follows:
∗
𝑞! =    𝐾!! ×𝑞!"
+ 𝑞!                         
(5)
From laboratory tests, the expression of the ultimate limit pressure in clayey soils is given by:
(6)
𝑞! = 0.5𝛾! 𝐵𝑁! + 𝛾𝐷𝑁! + 𝐶! 𝑁!
For clayey soils, where: 𝑁! = 0, 𝑁! = 1  and  𝑁! = 5.14,  the last expression becomes:
𝑞! = 𝛾𝐷 + 𝑁! ×𝐶!
(7)
As previously mentioned in this work, the undrained cohesion can be calculated from the cone factor as:
𝐶! =    (𝑞! − 𝜎!! ) 𝑁!
(8)
𝑞! = 𝛾𝐷 + (𝑁! /𝑁!   )(𝑞! − 𝜎!! )        
(9)
Analogically, we can determine the bearing capacity factor for a strip footing into a clayey soil by:
!

𝑘!! = !! 1 −
!

!!!
!!

(10)

More simply, as    𝜎!! ≪ 𝑞! , we may write
(11)
𝑘!! ≈ 𝑁! 𝑁!
By replacing 𝑁! = 5.14  and 𝑁! by the values found in this numerical analysis, 𝑘!! values can be
estimated.
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Table 2. Bearing capacity factor values for strip foundations
𝑬𝒖 (MPa)

𝑪𝒖 (kPa)

𝑲𝒘 (GPa)

𝒌𝟎𝒄

Clay1

40

300

2.61

0.42

Clay2

10

200

0.65

0.36

Clay3

2

100

0.13

0.26

	
  

3.4.1.2

Clayey soil-square/circular foundation

𝑞! = 0.5𝛾! 𝐵𝑁! 𝑓! + 𝛾𝐷𝑁! 𝑓! + 𝐶! 𝑁! 𝑓!

(12)

Where: 𝑁! = 0 for clayey soils
𝑓!, 𝑓!   and  𝑓! are shape factors such as for a square footing :
𝑓! = 0.6, 𝑓! = 1 +    tan 𝜑 , (tan 𝜑 = 0) though 𝑓! = 1,  𝑓! = 1 +

!
!!

(𝑁! = 5.14) though  𝑓! = 1.2

∗
+ 𝑞!
𝑞! = 𝛾𝐷 + 6.168×𝐶!   and  𝑞! =    𝐾!! ×𝑞!"

𝑘!! = (𝑁! ×𝑓! ) 𝑁!

(13)
Table 3. Bearing capacity factor values for square/circular foundations
𝑬𝒖 (MPa)

𝑪𝒖 (kPa)

𝑲𝒘 (GPa)

𝒌𝟏𝒄

Clay 1

40

300

2.61

0.51

Clay2

10

200

0.65

0.43

Clay3

2

100

0.13

0.31

3.5 Direct approach
The bearing capacity can be estimated directly from the CPT, based on a bearing capacity factor,
𝐾!   𝑡ℎ𝑎𝑡  can be defined as follows:
           𝐾! = (𝑞! − 𝑞! )/𝑞!
(14)
𝑞!   : Ultimate pressure of the shallow foundation numerically estimated (Hamidi, 2009)
𝑞! : Initial vertical overburden stress
𝑞! : Cone tip resistance
𝐾!   is function of the shape of the foundation and the soil type; it may be given by:
!
𝐾! = 𝐾!! + 𝐾!! 1 − 𝐵/𝐿         
(15)
!

Such as Kc0 andKc1can be estimated by interpolation as follows:
𝐵 𝐿 = 1 → 𝐾!! (For square or circular foundation)
𝐵 𝐿 → 𝐾!   (For rectangular foundation)
𝐵 𝐿 = 0 → 𝐾!!   (Strip foundation)
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Figure 5  𝐾!! and 𝐾!! values for different soil categories and different types of foundations from numerical analysis

Figure 5 plots the bearing capacity factors for different soil categories and different type of foundations
against normalized depth such as D refers to the diameter of the cone.
4 COMPARISON WITH EXPERIMENTAL RESULTS
A comparison study has been undertaken to compare the results found in this work with other published
values such as those proposed by the French standard DTU-13.12. Table 4 shows the comparison with
DTU-13.12 that indicates a slight difference but, in general, the agreement between the two approaches
is good.
Table 4. Comparison between Kc values issued from DTU-13.12 and this study
𝑩

𝑩

Strip footing ( = 𝟎)

Square/circular foundation  (   = 𝟏)

𝐾!!

𝐾!!

𝑳

𝑳

D/B

DTU13.12

Clay1
(Soft)

Clay 2
(Medium)

Clay 3
(Stiff)

DTU13.12

Clay1
(Soft)

Clay2
(Medium)

Clay 3
(Stiff)

0.1
0.5
1
1.5

0.25
0.31
0.33
0.34

0.19
0.22
0.27
0.28

0.22
0.27
0.30
0.31

0.24
0.29
0.31
0.34

0.28
0.38
0.43
0.44

0.20
0.28
0.30
0.32

0.22
0.32
0.38
0.40

0.23
0.38
0.43
0.43
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5 CONCLUSIONS
Many researches have employed numerical methods to model the process of cone penetration in
different soil types. The main problem with some of these methods is the poor correlations they gave
that weaken their reliability. Another problem, as pointed out by Teh & Houlsby (1985) is that smallstrain finite element analysis (Griffiths; 1982; De Brost & Vermeer, 1984) does not provide accurate
solutions for the problem of large deformation and thus is incapable to generate the necessary residual
stress field around the cone and to achieve the correct ultimate cone resistance.
A numerical study of CPT by FEM was undertaken in view of the evaluation of the bearing capacity
of shallow foundations in clay soils.
A cone factor can be determined for each type of soil, this cone factor Nk depends on soil parameters
such as: cohesion, initial vertical overburden stress and penetrometer resistance.
Pursuing some approaches based on cone factor and soil type, the two bearing capacity factors Kc0
and Kc1 useful for the determination of the bearing capacity of shallow foundations were determined and
a good agreement was found with those recommended in the French code of foundation engineering
DTU-13.12. that was based on loading shallow foundations on real scale.
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ABSTRACT: Knowledge about distribution of hydraulic conductivity and its variation in space is a prerequisite
for understanding flow and fluid transport processes in sedimentary aquifers. Often, traditional site investigation
techniques cannot cope with the task of high resolution aquifer characterization due to lack of resolution or high
personnel expenditures. Direct Push sensor probes and tools are promising methods for high resolution site characterization. Among the large variety of available Direct Push probes, the Cone Penetration Test (CPT) is a very versatile and most frequently applied technique. Well established and novel approaches to determine distribution of
hydraulic conductivity based on CPT data were tested in this study. Results show that CPT was capable of reflecting the general aquifer structure. Furthermore, it is possible to describe the hydraulic structure of even complexly
built aquifers on less than a meter scale by combining CPT measurements and supplementary in situ Direct Push
data, although results are site specific and not generally applicable.

1 INTRODUCTION
Characterization of soil behavior based on CPT data has a long history. Aside from application in geotechnics, determination of changes in soil behavior and assessment of associated changes in hydraulic conductivity (K) is of
great importance for geo-environmental site characterizations. Thereby, Direct Push (DP), including CPT, based
site characterization includes several advantages over conventional drilling, e.g. time and monetary efficiency,
advanced data analysis that allows on-site decision making, and limited exposure to contaminated soil as no soil
cuttings are produced (EPA 1997). Among the DP tools, CPT certainly represents one of the most versatile applications. In addition, CPT probes may be coupled with additional sensors, e.g. soil electrical conductivity logging,
seismic CPT. To determine K, different approaches using CPTU data exist (see among others Lunne et al. 1997
and Robertson 2010 for an overview). Most commonly applied are a) deduction of K from soil behavior using different available charts and b) deduction of K by performing dissipation tests. During dissipation testing the probe
advance is stopped at the depth of interest and dissipation of excess pore water pressure is logged. Charts, e.g. Parez & Fauriel (1988), correlate the time span for the 50% dissipation of excess pore water pressure (t50) with K. In
comparison to other available DP tools, the support volume, i.e. the total volume affecting one single measurement, is comparably small. A support volume within the range of only several cubic centimeters provides additional advantage, especially in highly heterogeneous sediments. However, until now evaluation of existing approaches to correlate CPT data and K often rely on laboratory methods or in situ methods with considerably larger
support volumes. In addition, CPT and K correlations often focus on low K formations. However, detection and
quantification of high K layers which may act as preferential flow paths is of great significance for hydrogeological site characterizations. To overcome present limitations, evaluation of different CPT based approaches to determine K is revisited by using high resolution data in sand dominated aquifers.
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In the following, soil behavior and dissipation testing data was used to evaluate applicability of CPTU data to
determine variations in vertical distribution of K at different field sites with varying degree of soil heterogeneity.
In a first step, CPT derived soil behavior type was compared to results from grain size analyses at the highly heterogeneous test site Bitterfeld. In a second step, CPT derived Ic and Rf data from the Bitterfeld test site were correlated with in situ measured K data. Directly measured K values were gathered by performing pneumatic multilevel
slug tests in temporary DP monitoring wells. In a further step, results from dissipation tests in sand dominated
formations were compared to vertical hydraulic profiling data and DP slug tests at the test site Horstwalde. As a
cone with grease saturation was used for the high resolution piezocone (HRP) testing, repeat measurements employing a standard CPTU cone useable with different saturation media was used to evaluate CPTU data reproducibility at the test site Löbnitz.

2 TEST SITES
Fig. 1 gives an overview of the location of the test sites Bitterfeld, Horstwalde, and Löbnitz. Tab. 1 summarizes
the characteristics of each test site and provides additional references.

Bitterfeld
Depositional
regime

Horstwalde

GlacioGlacial deposits
fluviatile deposits

Degree of het- High
erogeneity

Low-medium

Löbnitz
Fluviatile deposits
Medium

Sediments

Sand-gravel,
Sands, clay and Clay, sands,
clayey
silt- peat lenses
gravelly
silty sand
sands, gravel

References

Weiß et al. Niederleithinger Hausmann et
(2001),
et al. (2009), al. (2013)
Vienken
Lindner et al.
(2011)
(2009)

Figure1. Location map of the different test sites (left); Table 1. Characteristics of the test sites and additional references (right)

3 SOIL BEHAVIOR TYPE
A widely applied approach to determine K from CPT data is the characterization of soil behavior type. Soil behavior type can either be estimated from soil behavior type (SBT) diagrams or can be calculated. Various soil behavior type diagrams that are normally based on the measurement of cone resistance (qc) and dynamic pore pressure
measured behind the cone (u2) - or correlated parameters - exist (e.g. Schmertmann 1978; Douglas & Olsen 1981;
Robertson et al. 1986; Robertson 1990; Jefferies & Davis 1991). K values have been assigned to soil classes after
Robertson et al. (1986) and Robertson (1990), see Lunne et al. (1997). Soil behavior can also be calculated using
the SBT Index (Ic) after Jefferies and Davies (1991) that was modified by Robertson and Wride (1998) to be applied to the chart after Robertson (1990) ):
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I C  ((3.47  log Qt1 ) 2  (log Fr  1.22 ) 2 ) 0.5

(1)

where:
Qt1  (qt   vo ) /  ´vo

(2)

Fr  f s /(qt   vo )  100%

(3)

σvo is the total overburden stress, σ´vo is the effective vertical stress, fs is the sleeve friction, and qt is the corrected
cone resistance.
It is important to note that the characterization is based on soil behavior type and not soil types. Lunne et al.
(1997) stress the uncertainty associated with the approach of assigning K values to soil behavior which may range
up to several orders of magnitudes. Fig. 2 provides a qualitative comparison between measured Ic and soil type
determined from grain size analyses. Tests were performed at the Bitterfeld test site that is dominated by heterogeneous sediment distribution with changes in soil specific properties over several orders of magnitudes within
short horizontal and vertical distances. Soil cores were taken using the SONIC technology (see Barrow 1994). In
this approach, the drill rods are set into high frequency vibration, causing the sediments in contact with the rods to
‘‘liquefy’’ allowing high recovery core retrieval. The soil core was sampled at every observable change in lithology, texture and/or color and grain size analyses were performed on the resulting 44 samples. For further information on DP comparison at the Bitterfeld test site see Vienken & Dietrich (2011) and Vienken et al. (2012).
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Figure 2. Qualitative comparison between selected results from grain size analyses and CPT based Ic values at the
test site Bitterfeld; modified after Vienken et al. (2012)
The comparison between the Ic and grain size data (depicted is the d50 diameter, i.e. the diameter of which 50%
of the analyzed sample is larger) reveals a good qualitative agreement in terms of soil classification (see Fig. 2).
While CPTU soil behavior type is of qualitative nature it nevertheless reveals highly valuable information. In addition, when compared to grain size analyses, CPT data is provided in significantly higher resolution while only a
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fraction of time is needed for its acquisition. In this regard DP techniques are advantageous for the characterization under heterogeneous sediment distribution.

4 CORRELATING CPT AND K DATA
To derive absolute K values from CPT data, a correlation between CPT based Rf and Ic values with in situ measured K values was additionally tested at the test site Bitterfeld, with
Rf 

fs
 100%
qt

(4)

CPT data was collected at 3 different probing locations along a 58 m long profile at the test site Bitterfeld. In
situ K values were measured using a pneumatic slug test assembly based on Hinsby et al. (1992), initiating a
change in head by pressurized air. All slug tests were performed as rising-head (slug-out) tests in temporary DP
monitoring wells with a screened interval of 0.57 m length at the end of the rod string. The DP slug test is an established method for estimating horizontal hydraulic conductivity (Hinsby et al. 1992; Butler 2002; Butler et al.
2002). For the correlation between Rf and K, respectively Ic and K, CPT data was averaged over the 0.57 m long
slug test intervals using the geometric mean. Outliers in the averaged DP profiling data, i.e., values deviating
more than two standard deviations from the mean, were removed prior to the analyses. Rf data are influenced by
one and Ic data are influenced by two CPT measured values.
Generally, Fig. 3 reveals a high correlation between Ic and K as well as between Rf and K values at the test site
Bitterfeld where a wide range of K values is represented. This shows that it is possible to describe the hydraulic
structure of this complex aquifer on less than a metre scale by combining DPST data and continuous DP measurements. For more information on the correlation see Vienken et al. (2012). Especially the comparison between
the measured relation of K and Ic at the Bitterfeld test and the suggested variation of soil permeability as a function of SBT Ic as described by Robertson (2010) with
K  10 (0.9523.04 Ic) when 1.0< Ic ≤ 3.27

(5)
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shows the need for further test in high K media (see Fig. 3b).
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Figure 3. Correlation between Rf and K (a) and Ic and K (b) data at the test site Bitterfeld

5 DISSIPATION TESTING UNDER DRAINED CONDITIONS
The most established method to directly derive K values with CPT equipment is CPTU dissipation testing. For
dissipation testing during probing, the advancement of the CPTU cone is halted and the dissipation of the generated excess pore-water pressure is logged. Lunne et al. (1997) describe methods to derive K from dissipation testing. Conventional dissipation tests require fine-grained soils with undrained or partially drained conditions, i.e.,
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this test cannot be performed in clean sands or gravels as the pore water pressure dissipates too rapidly to be
measured with conventional CPTU cones. However, in addition to identifying confining layers special focus of
environmental site characterization is placed on the identification and parameterization of high K formation. Kram
et al. (2008) describe test results of an advanced piezocone that allows dissipation testing even in non-cohesive
coarse-grained sediments. A comparable cone, a high resolution piezocone (HRP), was employed at the test site
Horstwalde with sand dominated deposits to evaluate the capability of HRP testing for K characterization. Similar
to Kram et al. (2008) we compared dissipation data to in situ measured high resolution K values using the DP slug
test. However, to overcome any potential limitation that results from the differences in support volumes between
piezocone and any reference measurement we chose to compare DP slug test results to high resolution discontinuously measured relative K values in the first step and then compared the dissipation test results to the high resolution DP profiling data in the second step. With this approach we are able to compare data of comparable support
volumes. For the high resolution Direct Push relative K profiling we employed the DP Injection Logger (DPIL).
This tool is used to derive discontinuous vertical profiles of the distribution of relative hydraulic conductivity
within an aquifer. At desired depth intervals (here 0.1m), the advancement of the probe is stopped and water is injected through a screen at the probe into the subsurface formation while the water pressure in the injection tubing
is measured at different injection rates, using a pressure transducer and flow meter at the surface. Relative K is
calculated as a function of flow rate and injection pressure. For further information on the DPIL and detailed instructions on calculation of relative K from DPIL data see Dietrich et al. (2008).
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Figure 4. Qualitative comparison of agreement between absolute and relative high resolution K DP profiling data
(left) and DP relative profiling data and HRP T50 results from selected profiles. DPST is Direct Push slug test.

A good agreement between depth oriented measured K values using the DP slug test and high resolution relative K values can be seen in Fig. 4 (left) as proof of applicability. Based on this, a good qualitative correlation is
seen between the HRP and relative K DP profiling data. Translation of t50 into K was not followed as the correlation after Parez & Fauriel (1988) is based on low K values. A generally valid correlation between t50 and high K
must be carefully evaluated based on a larger data set. Also, reproducibility of HRP, considering the sensitivity of
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the pressure transducer and effects of local and small scale heterogeneities in regards of the very small support
volume needs further investigation.

6 CONSIDERING REPRODUCIBILITY OF DISSIPATION TESTING
Reliable CPTU saturation is essential when performing dissipation tests, especially when testing in high K formations. Over the last years, grease has become an often applied alternative to oil as the conventional saturation
medium. Grease saturation appears to be advantageous over oil saturation in preparation and handling, reducing
the risk of insufficient saturation and loss of cone saturation while pushing through the vadose zone. However, effects caused of the different characteristics, e.g. viscosity, of the saturation media must be evaluated carefully under field conditions. Therefore, comparative measurements between silicon oil and grease saturation was performed at the test site Löbnitz. A standard 10 cm2 CPTU cone was used in this comparison. The manufacturer
provides u2 tips for oil as well as grease saturation for this specific cone. Fig. 5a shows qc, Rf, and u2 values
measured under grease saturation, based on 5 pushes; similarly, Fig.5b shows qc, Rf and u2 values measured under
oil saturation based on 4 pushes.
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Figure 5. Qualitative comparison of selected CPTU profiles at the test site Löbnitz using grease (left) and oil
(right) as saturation media
Black lines represent the average, blue lines the standard deviation of the performed measurements. Clear differences can be seen in the u2 measurements using the different saturation media with higher data variability and
larger standard deviation for the measurements under grease saturation. In addition, larger variability of the Rf
measurement under grease saturation is seen. In contrast, low variability of u2 measurements even in the areas of
increased variability of Rf measurements of CPT data under oil saturation indicates a potential loss of oil saturation while the cone is advanced through the vadose zone. In addition, differences in measured qc, especially between 6-7 m depth, need to be critically reviewed, as test were performed at colocated points. These results clear530

ly indicate the need for rigorous field evaluation of CPT tests with different saturation media under different geological settings. Special focus should be placed on potential effects of the filter design on qc and fs values.

7 CONCLUSION
Governing factors for K are grain- and pore size distribution, grain and pore shape, tortuosity, specific surface,
and porosity (see Bear 1972). These properties are determined during sedimentation and diagenesis. In contrast to
many other tools, CPT measurements are influenced by a variety of parameters such as soil behavior, grain size,
and sediment compaction. Results show that CPT is capable of reflecting the general structure and composition of
even complexly build sedimentary aquifers. Furthermore, the comparison revealed a high correlation between hydraulic conductivity and CPT based Rf and Ic. Hence, it is possible to describe the hydraulic structure of complex
aquifers on less than a metre scale by combining DP slug test data and CPT measurements, although results are
site specific and not generally applicable. Novel CPT cones with increased sensitivity and higher resolution are
capable of measuring excess pore water dissipation even in non-cohesive coarse grained sediments providing in
situ K related data on a very high vertical resolution with small support volume. However, presented results are
site specific. Rigorous field testing of reproducibility and critical evaluation of the different approaches under different geological setting is essential.
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ABSTRACT:. This paper shows an example of grouping of CPTU characteristics using functional data analysis
together with the results of clustering in the form of a subsoil rigidity model. The subsoil rigidity model was constructed based on layer separation using the proposed method, as well as the k-means method. In the construction
of the subsoil rigidity model constrained moduli M were applied. These moduli were determined from empirical
relationships for overconsolidated and normally consolidated soils from Poland based on cone tip resistance.

1 INTRODUCTION
When designing foundations for wind farms a decisive role is played by the regime of subsoil deformations. This is
so because foundations for such structures are loaded by considerable torque. In order to ensure foundation stability, despite relatively low stresses found in the subsoil, a key role is played by the magnitude and a lack of uniformity of foundation settlement. Advanced computational methods such as FEM, which may be applied in the
calculation of settlement and non-uniformity of foundation slab settlement in a wind farm, are effective if a model
of subsoil rigidity is constructed. The model is most frequently constructed based on constrained moduli of soils.
This model should show continuous and spatial changes in constrained modulus of subsoil under the entire foundation. The cone penetration test (CPTU), which is frequently supported by DMT, proves to be highly advantageous
for the construction of such a model. The CPTU may also be used to determine the best location for the wind farm
in a specific area. The best location is understood as such a zone in the area, where subsoil will have the greatest
rigidity (stiffness).
The construction of a model of subsoil rigidity, in which zones with homogeneous values of the constrained
modulus are isolated using isolines, is based on grouping of statistically non-different penetration characteristics
recorded using the CPTU. An identical rule is binding for the separation of homogeneous areas in terms of rigidity
of soil layers.
These two tasks may be solved using statistical methods of data clustering (e.g. Młynarek and Lunne 1987;
Młynarek et al. 2007). So far data from CPTU were grouped as discrete values. This article presents a new concept
for grouping of penetration characteristics as linear functions, which represent penetration characteristics. Such
grouped data constituted the basis for the construction of rigidity models for dimensioning of foundations for wind
farms in the area covered by this study.
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2 GEOLOGICAL CHARACTERISTICS OF THE TESTING AREA
Studies were conducted in the northern part of Poland in an area with a characteristic, young glacial geological
structure (Fig. 1). In an area of several hundred square kilometers subsoil to a depth of almost 200 m is composed
of alternating beds of boulder clays from successive Pleistocene glaciations, separated by non-cohesive interglacial
deposits.
Nine testing sites selected for analyses were arranged relatively uniformly over an area of approx. 1 km2. Normally consolidated or slightly overconsolidated clays of the last stage of the youngest Wisła (Vistulian) glaciation
with a variable thickness are found within the depth of analyses, i.e. 16 m from the ground surface. These deposits
are transformed into more consolidated boulder clays of the older stage of the Vistulian glaciation, occasionally
separated from younger clays with sandy interbeddings. In turn, deposits of the last glaciation are lying on strongly
overconsolidated interglacial sands, constituting very good building subsoils, but unfortunately also a barrier for
static penetrations. Figure 2 presents characteristic geotechnical and CPTU profile for the analysed area.

3 THEORETICAL BACKGROUND
3.1 The concept for construction of a subsoil rigidity model
When calculating the volume and non-uniformity of foundation slab settlement of a wind farm in a vast majority of
cases secant constrained moduli are applied, which correspond to the oedometric modulus. Secant moduli and their
changes in subsoil with changes in geostatic stresses are determined based on CPTU penetration characteristics using separate formulas for soils with so-called drained conditions (coarse grained soils) and of undrained soils (fine
grained soils, e.g. clays) and intermediate soils (Lunne et al. 1997, Młynarek 2007, Robertson 2009). The first step
in the construction of a subsoil rigidity model has to consist in the isolation of statistically homogeneous layers in
the context of drainage conditions. A convenient method to perform a preliminary qualification of homogeneous
groups of soils is provided by the classification system proposed by Robertson (2009).

Figure 1. Location of the test site in Poland.

Figure 2. Typical soil and CPTU profile of the test site.
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The soil type was also verified by results of grain size composition of samples, collected from laboratory analyses.
The separation of soil layers in the first stage, according to the criterion of drainage conditions, was based on 2 parameters of penetration characteristics, i.e. qt – cone resistance, fs – sleeve friction and geological data, which enabled the calculations of Qt1, Fr and Ic coefficients, according to Robertson (2009).
Discrete values for the three parameters specified above were grouped using the cluster method (Młynarek et
all. 2007). The results of layer grouping and separation are discussed in section 3. In the second stage of construction of the subsoil rigidity model values of constrained moduli M were calculated using the following formulas;
For soils with drained conditions (Lunne and Christophersen, 1983)
M =  qc

(1)

where  depends on cone resistance.
For soils with undrained conditions (Kulhawy and Mayne, 1990)
M = 8.25(qt - v0)

(2)

A change in these moduli with a change in the vertical component of geostatic stress for each CPTU test was transformed to the curve, which was analogous to characteristic qt = f(v0) ≈ f(z); where z is a depth.
Curves M = f(z) were grouped using the functional data analysis method, as presented on Figure 3. The theoretical foundations for this method are given below. The primary advantage of this method is connected with the fact
that in comparison to clustering of discrete values of the constrained moduli, the curve accurately reflects changes
in rigidity in the isolated subsoil layer, which are connected not only with a change in values of stresses v0, but also with grain size composition, parameters of the state (as liquidity index and density ratio) found in sediments of
subsoil and the overconsolidation ratio OCR. The final effect of the construction of the model of rigidity was to
isolate spatial homogeneous zones for values of the constrained modulus, which were separated by isolines with a
constant value of the modulus. At this stage the Inverse Distance Weight Method (IDW) was applied when constructing this model (Młynarek et all. 2007).

Figure 3. The division of a subsoil according to the idea of functional data analysis.
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3.2 Assumptions for the algorithm using functional data analysis
In view of the indirect relationship of values measured in the CPTU test (e.g. cone resistance) to the constrained
modulus established in the subsoil, first of all the constructed algorithm, the value of modulus M in the function of
depth has to be determined in each testing site (CPTU profile). This stage is based on a procedure for the identification of homogeneous geotechnical layers using cluster analysis, presented by Młynarek et al. (2007). Formulas
(1) and (2) were applied to determine discrete values of moduli in individual layers based on cone resistance. Such
prepared data are then subjected to functional data analysis, in which it is assumed that each of the „i” objects (assumed to be each CPTU) is described using a curve Mi(z), zZ, i = 1,2,...,N (Ramsey and Silverman, 2005). In the
analyzed case z denotes depth, while M denotes the constrained deformation modulus.
In the determination of the scale of similarity between analyzed objects in the first step of the functional data
analysis the following measure of distance between them is assumed:
(3)

It is a distance in space L2(Z) (the space of square-intergrable functions). In practice, data are observed at discrete points z1 ....... zL, usually with some noise. In order to obtain the functional characteristic of data, smoothing
or interpolation methods are used, considering that the true curve belongs to a finite dimensional space spanned by
some basis functions.
Assume that each curve Mi(z) (i = 1,2,...,N) has the following representation:
(4)

where {i} is the basis function.
The most popular basis systems are:
 the Fourier basis system (recommended for periodic functions),
 the splines basis system (recommended for non-periodic functions).
In this study the splines basis system was used in the calculations. The coefficients cij are estimated by the least
squares method.
For each i let ci = (ci1,...,ciK)’, and

(5)
Then we obtain
(6)
The degree of smoothness of the function Mi(z) depends on the values of K (small values of K cause more
smoothing of the curves). The popular criteria for the optimum K selection:
 BIC (the Bayesian Information Criterion) – applied in this analysis,
 AIC (the Akaike Information Criterion),
 GCV (Generalized Cross-Validation).
In the case of N functions Mi(z) one common value of K is chosen, as a modal value of numbers K1,K2,...,KN. After
the smoothing processes we have:
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(7)
where:
(8)
Then we obtain

(9)

Distances between objects are calculated from formula (9). After they have been established the final stage is
initiated in the construction of the data analysis algorithm, again based on the conventional method of hierarchic
cluster analysis (Młynarek et al. 2007). As a result we obtain the hierarchy of object similarity, which may be presented most comprehensibly in the form of a dendrogram.

4 PREPARATION OF DATA FOR THE FUNCTIONAL DATA ANALYSIS
In accordance with assumptions presented in section 3, in the first stage of the analysis a preliminary division of
each analyzed CPTU profile into homogeneous layers was conducted in terms of soil behavior. For this purpose
classification systems were used (Robertson 2009). The analysis of similarity in terms of soil properties was performed based on two CPTU parameters qt and Rf as well as the soil behavior index Ic (Robertson, 2009). Data collected from 9 CPTUs were analyzed in accordance with the assumptions of cluster analysis by the k-means method
(Młynarek et al., 2007). When assessing the effectiveness of separations the applied procedure was conducted using both the statistical criterion according to Caliński-Harabasz (1974) and the criterion minimizing the mean
weighted coefficient of variation in the layer, proposed by Wierzbicki (2007).

a)

b)

Figure 4. Indication of optimal cluster number based on the Caliński-Harabasz criterion (a) and the mean
weighted coefficient of variation for index Ic (b).
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In the case of analyzed data the statistical criterion clearly showed the optimal number of isolated geotechnical
layers to be 9 (Fig. 4a). The coefficient of variation criterion is not as clear-cut, but also in this case at the number
of 8 - 9 layers the first minimum is observed in the coefficient of variation in the layer (Fig. 4b). In further analysis
the division of subsoil into 9 geotechnical layers was adopted and their location in the classification system according to Robertson (2009) is presented in Fig. 5. In the second stage of analysis values of the constrained modulus M
were determined along analyzed CPTU profiles (Fig. 6).

Figure 5. Location of the tested soils the soil behavior chart according to Robertson (2009).

Figure 6. Changes in constrained moduli M with depth along three arbitrarily selected CPTU profiles.
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5 ANALYSIS OF SUBSOIL RIGIDITY BASED ON FUNCTIONAL DATA ANALYSIS
Obtained dependencies of values of the modulus on depth were adopted as a function of a single variable and they
were clustered in accordance with the assumptions presented in section 3. In view of the assumed foundation depth
for wind farms and the depth of the shallowest CPTU the analysis was conducted in the depth range from 2 to 8 m.
Due to the varied thickness of the surface, weak layer, apart from the investigation of the entire profile analyses
were additionally conducted separately in two depth ranges: 2 - 5 m and 5 - 8 m below the surface. In accordance
with the principles of functional data analysis, the first step included smoothing of the function of the modulus depending on depth, in each of the testing point providing the spline function. Calculations were performed for coefficient K = 6 (Fig. 7). Recorded functions did not correspond in all cases to the values of the modulus, which were
determined from the characteristics presented in Fig. 6. Spline functions were also determined along the profile,
thus describing variation of the modulus for coefficient K = 16, providing an almost ideal representation of changes
in modulus values with depth (Fig. 7).

Figure 7. Graphs of the spline function in CPTU profiles 1 and 3, smoothing the course of dependencies of modulus M on depth, assumed for coefficient K=6.

Figure 8. Dendrograms of clustering hierarchy of curves M= f(z) from CPTU testing sites within the range of depth
of 2 - 8 m for the strongly smoothed function (K=6) and weakly smoothed function (K=16).
In the second step of the functional data analysis smoothed spline functions were compared, using a hierarchic
algorithm presented in section 3. As a result dendrograms were obtained, illustrating clustering of individual ob539

jects depending on their similarity. The Ward method was applied in clustering of objects. The shorter the distance,
the more statistically significant similarities between the objects. Results of cluster analysis showed that the value
of the adopted smoothing coefficient K had a limited effect on the composition of clusters and the order in which
they appeared (Fig. 8). In relation with the above, these results of the analysis were considered reliable, which were
indicated by the statistical criterion, defining the value of coefficient K = 6. Based on the obtained dendrograms an
optimal division of the testing sites into homogeneous clusters was provided in accordance with the CalińskiHarabasz criterion (1974). This criterion was supported by information on the geological structure of subsoil. (Fig.
8).
As a result models of subsoil rigidity were obtained, resulting from the division of subsoil into zones characterized by a similarity of function f(z)=M for the three adopted depth ranges, i.e. for the entire subsoil zone (2 - 8 m)
as well as the two depth ranges of 2 - 5 m and 5 - 8 m (Fig. 9).

Figure 9. Division of testing area in view of the subsoil rigidity model for the depth range of 2 - 8 m, 2 - 5 m and 5
- 8 m.
Figures 8 and 9 show that a simultaneous analysis of the entire profile requires adoption of three isolations (A,
B and C), while the a priori adoption of two depth ranges simplifies the solution to two separations (A and B).
However, it needs to be stressed that these isolations are separate for individual depth ranges. In each of the isolations the included testing points are characterized by a statistically significant similarity of values of modulus M
and the trend of its changes with depth. Thus, solutions obtained at this stage of analysis make it possible to categorize the investigated area not only in terms of absolute values of modulus M, but first of all the distribution of
subsoil rigidity with depth. In order to obtain discrete values of modulus M in a given point of the analyzed space,
thus its value needs to be calculated in accordance with the function specified for a given testing point. Another,
more general solution may be to determine the mean course of function f(z)=M in a given area and adoption of this
distribution as a characteristic functional form of changes in modulus M in this region. These functions may replace mean values of parameter M, typically used in designing the foundation as values characteristic of a given
geotechnical layer. In this case, instead of a mean value determined in a given depth range, which is assigned to the
mean value of the vertical component of geostatic stress v0 in the layer, the designer has a notation of the function
of this parameter depending on location in space. Obtained solutions make it possible to compare models of subsoil
rigidity constructed on the basis of deterministic specific and averaged characteristic data for isolated soil layers
and data recorded in the function form. For this purpose Figure 10 presents three models of subsoil rigidity, prepared in a selected section, based on the IDW interpolation technique (Młynarek et al. 2007).
Assuming the reference to be provided by the subsoil rigidity model based on direct values of moduli M determined from formulas 4 and 5 (individualized analysis of values M at every 2 cm of the profile) (Fig. 10a) we may
clearly see differences in the structure of this model in comparison to that of the model based on mean values for
the isolated soil layers (Fig. 10b). The solution based on mean values significantly overestimates subsoil rigidity in
a considerable part of the analyzed area and fails to identify softer subsoil zones. In turn, the reference solution is
of limited practical use due to the high number of data, which need to be included in the analysis of subsoil deformability (analysis at every 2 cm depth). Such drawbacks are not observed for solutions based on means of functions M = f (z), determined for individual isolations separated by functional data analysis. In this case we obtained
both M values noted in the form of means of the functions universal for isolated subsoil areas (Fig. 11) and the distribution of rigidity corresponding to a considerable extent to the reference image (Figs. 10 c, d).
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Means obtained for the functions of changes in constrained moduli with depth for isolated areas divide the entire
testing area into zones with varied rigidity. Such a division has a highly important practical advantage, as it facilitates the selection of the best location for the planned wind farms.

Figure 10. Models of subsoil rigidity composed on the basis of constrained moduli M along a section selected in
the investigated area, determined by IDW based on: values of moduli determined from formulas 4 and 5 (a), mean
values of moduli for isolated soil layers (b), the mean of the function f(z)=M for isolations in the depth range of 2 8 m (c) and the mean of the function f(z)=M for isolations in depth ranges of 2 - 5 m and 5 - 8 m (d).

Figure 11. Graphs of mean of the function f(z)=M for isolations A, B and C assumed in the depth range of 2 - 8 m.
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6 CONCLUSIONS
The proposed new clustering method for CPTU characteristics is a highly effective method to isolate homogeneous
subsoil zones in the context of rigidity or strength. This paper presented the application of the functional data analysis method combined with cluster analysis in the construction of the subsoil rigidity model in a two-dimensional
system of coordinates. This method also makes it possible in the analyzed area to isolate spatial, 3-D areas, which
statistically will be most similar in terms of constrained deformation moduli (Fig. 9). Analysis of rigidity models
for subsoil profiles, which were constructed using functional data analysis based on curves describing functions
M=f(z) showed several highly important advantages of this method in comparison with the structure of the model
based on conventionally isolated layers using discrete, mean values of modulus M. The primary advantage is connected with the fact that the model constructed by the functional data analysis provides a comprehensive area of
changes in modulus M in the isolated layer, at the same time clearly identifying strengthening and weakening
zones. The range of these zones is specified by isolines, separating soil zones in the subsoil differing in rigidity. In
the case of construction of a model based on mean values of modulus M the weakening or strengthening zones are
strictly dampened or they decline (Fig. 10).
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ABSTRACT: Piezocone tests were used to describe the soil stratification and geotechnical characteristics
of structured marine clay and underlying silty sand of the Zahra Formation at Mubarak Al-Kabeer Seaport in Kuwait. The mechanical properties of these soil formations were interpreted from the results of insitu tests, mainly piezocone and field vane tests and laboratory tests. The paper presents the site geology
and the physical and mechanical properties of these formations. The cut-off value for the Soil Behaviour
Type Index (Ic) at the boundary between the clay-like and sand-like materials, was found to be around
2.53. The correlations for yield pressure and undrained soil strength with the SPT blow counts (N60)
yielded results that did not show good agreement with the other in-situ and laboratory test results. The
use of undrained shear strength ratio for normally consolidated soils (SFV) < 0.18, slightly overestimated
the soil yield pressures correlated from the field vane test results.

1 INTRODUCTION
Boubyan Island is situated in the north of the Persian Gulf, off the Kuwaiti, Iraqi, and Iranian coasts as
shown in Figure 1. Phase 1 of Mubarak Al-Kabeer Seaport has been completed on the northeast coast of
the island. The port location is in an intertidal zone, where the drift consists of structured marine clay
that forms part of the Eupherate Delta Formation. The published information about the site geology is
limited, and there is no published information about the island’s soil physical and mechanical properties.
The literature shows the importance of using field vane (FVT) and piezocone tests (CPTu) as part of site
investigations at such sites. However, interpreting the results of these tests require correlating them to
available soil lab test results, and verifying them against the borehole logs, as well as the site geology.
This paper outlines the site investigation works conducted at the port site, the site geology and ground
model, as well as the soil characteristics for each soil formation. The paper shows the importance of
conducting in situ tests as part of the site investigation of the marine formations at such sites, where
weak thin bands can exist in the marine clay formations, and extracting samples with good quality from
this structured clay could be difficult. The paper proposes amending the cut-off of the soil behaviour
type index (IcRW) between the clay-like and sand-like materials for the soil formations in this site.
2 SITE GEOLOGY AND STRATIGRAPHY
The geological sequence recorded beneath the site is likely to be Miocene to Recent in age. The Lower
Miocene to Pleistocene stratigraphy of Kuwait (and southern Iraq) comprises three main formations. The
oldest formation is the Lower Miocene Ghar Formation, overlain by the Middle Miocene Nfayil (Lower
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Figure 1. Location map and layout of the site investigation works.

Fars) Formation overlain by the laterally equivalent Upper Miocene/Pliocene to Pleistocene Dibdibba
and Zahra Formations (Jassim & Al-Jiburi, 2009). During the Pliocene-Pleistocene period, Kuwait and
southern Iraq were uplifted, a marine regression took place and the area became continental (Mukhopadhyay et al., 1996). Rivers flowed across a wide alluvial plain depositing the relatively coarse sediments of the Dibdibba Formation and the relatively fine sediments of the Zahra Formation. The Zahra
Formation is believed to be a lateral equivalent of the Dibdibba Formation (Jassim & Al-Jiburi, 2009).
The fluvial Dibdibba Formation can be up to 350m thick and is exposed between Busaiya and the
Iraq–Kuwait and Iraq-Saudi Arabia borders. At Birjisiya, south of Basrah, the formation is composed of
poorly sorted sand, sandstone and gravels. In south Busaiya, it is composed of consolidated gravelly fine
to coarse-grained sandstone cemented by calcareous and gypsiferous materials in its upper part.
The Zahra Formation in southern Iraq can be up to 30m thick. Generally, it consists of limestone (locally sandy), sandy marls and calcareous sands. In southern Iraq, the Zahra Formation is composed of a
series of sedimentary cycles (up to six); each cycle composed of alternations of claystone and limestone
or alternations of claystone, sandstone, and limestone. The claystone beds are red to reddish brown and
dark brown, occasionally greenish grey in their upper part. The sandstone beds are light brown to yellowish brown, medium to coarse grained, and cemented by calcareous and gypsiferous materials. The
limestone beds are hard to very hard, bedded white to whitish grey and pink, partly sandy and highly recrystallised. The Zahra Formation was deposited in a fresh water riverine environment, possibly in waterlogged marsh areas or lakes at the margins of the alluvial floodplains of the Dibdibba Formation.
During the early Holocene period deposition began from the alluvial fan of the Wadi Al-Batin which
flowed north from Saudi Arabia. Deposits were dominated by sands and gravels derived from the erosion of the Dibdibba Formation. The wadi was capable of transporting cobbles and boulders during
flood events. The sediments become finer to the north from gravelly sand at the apex of the fan to finer
sands at its periphery. At the same time the sea-level was rising and estuarine and marine sediments
were being deposited. The floodplain of the Euphrates River was also delivering sediment into the region. The juxtaposition in time and space of the Wadi Al-Batin alluvial fan deposits, the estuarine and
marine sediments, and the Euphrates floodplain deposits is difficult to ascertain with the data available.
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3 SITE INVESTIGATION AND GROUND MODEL
The site is generally low-lying and inter-tidal, with some areas, particularly in the north and east, below
mean sea level (MSL = 2.73m CD). The ground surface level rises gradually from approximately 1.0m ~
3.0m CD at the quay wall location in Phases 1 & 2, respectively, towards the mean high water spring
(MHWS ≈ 4.26m CD) contour line on the western side of the Phase 2 area as shown in Figure 1. The
site investigation works consisted of 50m deep cable percussion boreholes and piezocone (CPTu) tests
conducted till refusal at depths of 18m ~ 37m. The in situ tests in the boreholes were: field vane tests
(FVT) in the shallow sensitive marine clay formation, and SPT tests in all soil formations. Pressuremeter
tests (PMT) were conducted, at levels -24m, -34m & -44m CD in each of boreholes BH352, 353, 385
and 386 behind the quay wall in Phase 1 area. Undisturbed samples were extracted from the shallow marine clay formation, and deep stiff clay formations using piston samplers & Shelby tubes, respectively.
The factual data show four main soil units (Soil Units 1a, 1b, 2 & 3) below the ground surface. Soil
Unit 1a is marine lightly over-consolidated calcareous silty clay of low to intermediate plasticity (CL to
CI), with fines content (≤ 63 micron) ≥ 55%. In USCS classification terms, this soil is classified as lean
clay to sandy lean clay, locally becoming silty clay with sand to sandy silty clay. The clay is an estuarine
deposit and is likely to be part of the Euphrates’s Delta formation. It contains seams, lenses, and pockets of silty sand and organic silty clay. The clay tends to be very soft to soft and sensitive down to levels
-4.0 m CD ~ -14.0 m CD, and firm to stiff below that with seams and pockets of black organic materials.
Soil Unit 1b underlies Soil Unit 1a, and has similar properties. However, Soil Unit 1b is thinly laminated, in a fashion similar to the varved clay, as shown in Figure 4, and is interlayered with loose to medium dense silty sand and has lenses, seams, and/or interlayers of black peat/peaty soil. It therefore has a
wider range of fines content (15%~100%) than the range of Soil Unit 1a. The black organic and peaty
materials seem to be the remaining parts of a basal peat formation, an early Holocene Formation, which
was eroded before the sedimentation of the overlying materials. The sediments directly below the basal
peat are difficult to interpret with the data available and no conclusion can be drawn as to their age or
depositional environment. It is possible that these sediments are also Holocene (or late Pleistocene) but
freshwater or terrestrial in origin and deposited prior to the marine transgression crossing the area. They
could possibly form the peripheral (distal) deposits of the Wadi Al-Batin alluvial fan.
Soil Unit 2 is loose to medium dense calcareous silty/clayey fine sand to sandy silt becoming medium
dense to very dense below approximate level of -22m CD. In the upper part of the layer, close to the
boundary of Soil Unit 1b, the sand tends to become clayey and frequently interlayered with organic/peaty materials. Close to the soil unit’s lower boundary with Soil Unit 3, the sand also tends to be
clayey in several boreholes. The silty sand is calcareous, non-plastic, and locally becomes highly organic. This sand seems to be part of the Zahra Formation. The loose to medium dense silt and sand mixtures
in Soil Units 1b & 2 above level -22m CD may therefore be a weathered part of the Zahra Formation.
Soil Unit 3 is a heavily overconsolidated hard silty clay to clayey silt with N60 > 50, inter-layered
with dense to very dense silty fine sand. The formation is part of the Zahra Formation.
4 SOIL COMPOSITION & INDEX PROPERTIES
Table 1. Soil properties of the clay formations in soil units 1a, 1b, and 3
Soil
Unit
1a
1b
3

wl
(%)
24~46
24~56
26~61

IP
(%)
7~23
6~34
9~35

wn
(%)
22~44
19~49
13~41

γsat
kN/m3
0.44~1.14 19.5±0.8
0.54~1.18 19.5±0.9
0.35~1.23 20.5±1.0
e0

IL

Organics*
(%)
0.3~2.3 ≤2.1
0.6~1.8 1.6~9**
0.4~1.0 ≤0.6

Φ’
(°)
30±1.0°
30±1.5°
27°

CR***
0.17±0.05
0.19±0.06

cv
(m2/yr)
3.5±2.5
4.6±2.5
20

* all tested samples had pH ≥ 7.8. ** For a single sample from a peat seam, the organic content ≈22%.
*** CR = (Cc/1+e0) & RR/CR ≈ 11 % & 18% in Phases 1 & 2, respectively, where RR, the recompression ratio, is
defined as: RR = (Cs/1+e0). Cc & Cs are the soil compression and swelling indices, respectively. For Soil Unit 3:
RR ≈ 0.016±0.006.
± indicates the mean value ± standard deviation.
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Table 2. Soil properties of the non-cohesive sand like formations in soil units 1b, 2, and 3
Soil Unit
1b & 2 (above -22m CD)
2 (below -22m CD) & 3

Fines Content*
(%)
5~50
5~50

Dr
(%)
5~70
35~95

Φ’
(°)
31°
35°

CaCO3**
(%)
29.3±9.4
38.7±15.1

* finer than 63 micron. ** Calcium Carbonate content.

Figure 2. Profiles for the liquid limit, plasticity index, and liquidity index for Soil Units 1a & 1b

Table 1 shows the following soil properties for the clay formations in Soil Units 1a, 1b & 3: liquid limit
(wl), plasticity index (IP), natural water content (wn), void ratio (e0), saturated unit weight (γsat), liquidity
index (IL); organic content, effective angle of internal friction (φ’), compression ratio (CR) and coefficient of consolidation (cv). Soil Units 1a & 1b are part of the Euphrates’s Delta formation and have similar properties. Soil Unit 1b, however, is thinly laminated, and has interlayers of black peaty soil and
loose sand mixtures (silty sand to sandy silt). The laminated clays/sands are likely to be a transition between areas of mudflats and the underlying sand formations. Figure 2 show profiles of wL, Ip, & IL for
Soil Units 1a & 1b. The angle of internal friction for both soil units were estimated from seven consolidated undrained triaxial tests. Three of the tests were conducted on K0-consolidated samples (CK0UC),
and the rest on isotropically consolidated samples (CIUC). All specimens were consolidated to vertical
pressures of 600kPa & 1000kPa, i.e. well above their yield pressures.
Figure 3 show profiles of the total cone tip resistance (qt), the friction ratio (Rf (%) = fs/qt*100%),
where fs is the measured sleeve friction resistance, as well as the hydrostatic and measured excess pore
water pressures (u0 & u2) for CPT 404 in Phase 2 area. The hydrostatic pore water pressure (u0) is shown
in the figure by the blue line. Figure 4 shows a picture for the thinly laminated clay and sand mixtures in
Soil Unit 1b in phase 1 area, and the profiles of Robertson & Wride’s (1998) soil behaviour type index
(IcRW) for CPTs 401, 403, and 404, where IcRW is defined from the following relation:
I

3.47

log

1.22

log

(1)

Q & F are normalised dimensionless cone tip resistance and friction ratio, respectively (Robertson &
Wride, 1998). Q = {(qt-σz0)/σ’atm}*(σatm/ σ’z0)n, where σz0, σ’z0 & σatm are the total and effective overburden pressures, and atmospheric pressure (≈100kPa), respectively, and n varies from 0.5 for clean
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Figure 3. Profiles of the cone tip resistance (qt), friction ratio (Rf) and excess pore water pressure (u2) for CPT404.

Figure 4. Photo for the laminated clay in Soil Unit 1b, and profiles for the soil behaviour type Index (IcRW).

sands to 1.0 in Clays. F = {fs/(qt-σz0)}*100%. The variations of IcRW between levels -11m CD and -23m
CD in Figure 4 and Rf & u2 between the relevant depths in Figure 3 (13m ~ 25m) indicate the thin interlayered nature of Soil Unit 1b.
Soil Unit 2 underlies Soil Unit 1b and consists of calcareous loose becoming medium dense to dense
calcareous silty sand to sandy silt. The layer’s fines content is generally less than 35%. However, it has
interlayers/seams where the fines content reaches 50%. Table 2 shows the soil unit’s main properties.
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The soil unit is generally non plastic. Occasionally, it becomes clayey, or contains lenses or seams of organic soils and stiff silty clay. The non-plastic silty sand to sandy silt in Soil Unit 1b & Soil Unit 2
above level -22.0m CD tends to be loose to medium dense. Below that level, the sand mixtures tend to
be medium to very dense. Figure 5 shows profiles for the angle of internal friction (φ’) and relative density (Dr), correlated for the sand like materials from the CPTu test results, using Mayne (2007) and Idriss
& Boulanger (2008) correlations, respectively. The characteristic φ’ values in Table 2 are based on this
figure, as well as on correlated φ’ values from the SPT count of blows (N60), and estimated values from
direct shear tests on compacted samples in the lab. These data are not presented in this paper.
Soil Unit 3, underlies Soil Unit 2 and consists of hard calcareous silty clay interlayered with dense to
very dense silty fine sand. The interface between the two soil units generally lies between levels -23m
and -42.0m CD. Frequently, Soil Unit 3 includes thin layers of sand, silt, gypsoferrous clay, gypsum
crystals and lenses/seams of cemented sandstone. Locally the clay includes pockets of organic material.

Figure 5. The angle of internal friction and relative densities for the sand-like materials in Soil Units 1b & 2.

Figure 6. Profiles of the overconsolidation ratio and yield pressure for Soil Units 1a & 1b.
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5 INSITU STRESS STATE AND SENSITIVITY OF THE MARINE CLAY FORMATIONS

Figure 7. Profiles of the overconsolidation ratio and yield pressure for Soil Unit 3.

Figures 6 & 7 show the profiles of the overconsolidation ratio (OCR), and yield pressure (σ’y) for the
clay-like material in Soil Units 1a, 1b & 3, correlated from the in-situ test results. The OCR and σ’y estimated from the Lab consolidation test results for samples from Soil Units 1a & 1b are shown in Figure
6. The Mayne and Kemper (1988) relationship: OCR = 0.193*[N60/σ’z0]0.689, was used to correlate OCR
with N60. The following Mayne et al (2009) relationships were used to correlate the OCR with the CPTu
test results:
For clay-like materials (ICRW ≥ 2.6):

OCR = (qt - σz0)m1/ 3 σ′z0

For sand-like materials (ICRW < 2.6):

0 .22
 sin  ' 0.27

qt

 0 .192 
 atm

OCR  
0 .31



'z0


 
 1  sin  '  

atm






(2)



1

(3)

Where: m1 = 0.85, 0.9, and 1.0 for the silt mixtures, organic clays, and intact clays, respectively. Mayne
et al (2009) proposed using Eq 2, with m1 ≈ 0.72 ~ 0.8, to estimate the OCR for the sand-like materials.
However, in this project, Eq. 3 was used instead, as it was found to yield OCR values for these materials, smaller than the values correlated using this approach.
Figures 8 shows the soil sensitivity estimated from the CPTu & FVT test results and a plot for the
remoulded soil strength in the FVT tests against IL. The figure shows that the remoulded soil strengths in
this site were more than the reported values for clays with the same range of liquidity index in several
countries, as reported by Terzaghi et al (1996), and represented by the curved black line.
Between levels -4.0 m & -11.0 m CD, the correlated OCR values from FVT test results in the clay
with low plasticity (IP ≤ 20%) were relatively higher than the OCR values correlated from the CPTu
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Figure 8. Soil sensitivity and remoulded soil strength for Soil Units 1a & 1b.

test results. This seems to be due to the use of SFV ≈ 0.16 ~ 0.19 to derive OCR from the FVT test results, as proposed by Ladd & DeGroot (2003) for this range of plasticity index, where SFV is the undrained field vane strength ratio for normally consolidated clay. Applying Bjerrum’s empirical correction (μ ≈ 2.5*Ip-0.3 ≤ 1.1) to account for the shear strain rate and soil strength anisotropy would
increase SFV by up to 10%, but it would still remain below 0.22, which is deemed to represent
[cu/σ′z0]NC for this soil. The figures show that the marine clay in Soil Units 1a & 1b is lightly overconsolidated (OCR ≈ 1 to 3) below levels -2 m CD to -5 m CD. Above these levels the clay tends to
be sensitive to extra-sensitive, (St) = 4 to 13. The observed low Ip, as well as the relatively high sensitivity, OCR, and IL indicate that the marine clay formation in Soil Units 1a & 1b is structured clay.
At shallow depths, down to level -6.5m CD, the clay in Soil Unit 1a has Soil Behaviour Type Index, IcRW ≈ 2.5~2.7, as shown in Figure 4. The tested samples from this material were sandy silty
clay to silty clay with sand that has IP ≥ 6%, and fines (silt and clay) content ≥ 55%, except for one
sample in Phase 1 (out of more than 60 tested samples) that had Ip ≈ 4%. This formation is therefore
considered to behave as clay-like materials that locally become close to the cut-off with the sand-like
materials (Ip ≤ 7%). For this formation, the cut-off value for IcRW between the clay-like and sand-like
materials seems to be around 2.53, rather than 2.6. Both values, however, are smaller than the cut-off
value (IcRW = 2.67) proposed by Ku et al (2010), based on their study on formations in Taiwan. Figure 6 show that using the Mayne & Kemper correlation between the OCR and N60, over-estimated the
OCR for the structured marine clay formations in Soil Units 1a & 1b, and that the correlated OCR
from the results of the FVT & CPTu were more consistent and reliable.
The SPT count of blows (N60) and pressuremeter test results were used to assess OCR & the yield
pressure in Soil Unit 3. Most of the SPTs were terminated after reaching refusal within the layer. For
these tests, N60 for a full penetration of 300mm was assessed using linear extrapolation. The results
show that Soil Unit 3 is heavily over-consolidated as it has OCR ≈ 4.0 ~ 15.0, and σ’y ≥ 1400kPa.
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6 SOIL SHEAR STRENGTH FOR THE SHALLOW STRUCTURED MARINE CLAY FORMATIONS

Figure 9. Profiles the undrained soil shear strength for Soil Units 1a & 1b.

Figure 9 shows the profile of the undrained shear strength (cu) for the cohesive materials in Soil Units 1a
& 1b derived from CPTu, FVT, SPT, and unconsolidated undrained triaxial test (UU test). The number
of samples with acceptable quality tested in the UU tests in Phase 2 area was significantly higher than in
the Phase 1 area, despite the site investigation being conducted in both phases by the same crews and using the same rigs and methodology. This may partly be due to the relatively low sensitivity of Soil Units
1a & 1b in the Phase 2 Area compared to Phase 1 area, especially below levels -5.0 m to -8.0m CD. For
these low plasticity clay formations, cu was conservatively correlated from the SPT results assuming:
cu≈ 4.5*N60. It was also estimated from the CPTu results using the SHANSEP relationship: cu/σ′z0=
[cu/σ′z0]NC * OCRm², where: [cu/σ′z0]NC ≈ 0.22, and m2 = 1- Cs/Cc. The correlated cu profiles from the results of the CPTu and FVT in situ tests match each other. The CPTu show weak bands across the site in
Soil Unit 1b at levels -18.5m, -20.0m, and -22m CD. These bands are possibly thin intercalations of
peaty/organic normally consolidated materials at these levels.
The scatter of the estimated cu from the UU tests for this clay with low plasticity seems to have resulted from the contradicting effects of the sample disturbance, and high shear strain rate in these Lab
shear tests on cu values. The high strain rate would overestimate the mobilised undrained shear strength.
On the other hand, the sample disturbance would underestimate the undrained shear strength of these
structured clay formations. The strength profile for the normally consolidated soil (shown in red) in Figure 8, is deemed to represent the lower bound for the possible cu values in this formation.
The correlated cu from the SPT seems to be too low for the shallow soft sensitive clay formations in
Soil Unit 1a, and too high for the relatively firm to stiff part of the formation in Soil Unit 1b below level
-10m CD. The silt and sand intercalations in Soil Unit 1b may have increased N60 values in the clay matrix of the soil unit. Further, the results of the SPT tests did not indicate the existence of the thin weak
organic bands in the formation between levels -18.5m & -22m CD.
The above discussion and the practical difficulty of extracting samples with good-quality from the
soft sensitive marine clay formations, indicate the importance of using in-situ tests such as CPTu and
FVT to investigate the mechanical soil properties of these formations.
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Four undrained triaxial tests were conducted on isotropically consolidated samples from Soil Unit 1a
in the Phase 2 area. These test results show that the soil unit has the following properties: φ′NC ≈ 32° ~
34° & [cu/p′]NC ≈ 0.41~0.46. Where p’ is the effective mean pressure. Three CK0UC triaxial tests were
conducted on the same soil unit in the Phase 1 area, and show that the soil unit has the following properties: φ′NC ≈ 29° ~ 35° & [cucomp/σ′z0]NC ≈ 0.33~0.4. This show that [cucomp/σ′z0]NC estimated using undrained triaxial tests on k0-consolidated specimens was be about 10%~15% less than [cu/p′]NC estimated
using the CIU triaxial tests, as proposed by Terzaghi et al (1996).
7

CONCLUSIONS

The paper outlines the site geology and geological history of the formations encountered on the site of
Mubarak Al-Kabeer seaport in Boubyan Island, Kuwait. The site is in an intertidal zone. The shallow
soil formation is structured sensitive marine silty clay with low plasticity, which is part of the Holocene
Euphrates Delta Formation. The lower part of the formation is thinly laminated, and has interlayers of
loose silty sand and thin bands of weak organic normally consolidated materials. The use of in-situ tests,
such as the field vane and the piezocone tests was important in investigating the soil stratification and
mechanical soil properties for this marine clay formation, given the difficulties in getting undisturbed
samples with acceptable quality from it. The use of piezocone tests enabled identifying locations and horizons of the weak thin interlayers, and the undrained soil strength along them. In this site, the cut-off
value for the Soil Behaviour Type Index (IcRW) at the boundary between the clay-like and sand-like materials was found to be around 2.53. The correlations for yield pressure and undrained soil strength with
the SPT blow counts (N60) yielded results that did not show good agreement with the other in-situ and
laboratory test results. The use of undrained shear strength ratio for normally consolidated soils (SFV) <
0.18, slightly overestimated the soil yield pressures correlated from the field vane test results.
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ABSTRACT: Push-in pressuremeter tests take less time to perform than pre-bored pressuremeter tests
because they eliminate hole drilling preparation time. Push-in tests induce stress in the test zone due to
their insertion, while pre-bored tests relieve stress due to drilling. The stress release is partially countered
by using drilling mud in the borehole. Theoretically, each push-in pressuremeter test disturbs the soil the
same amount, while the amount of disturbance for pre-bored tests depends on the skill of the driller. In
practice, geotechnical engineers use empirical design methods established from large databases of prebored pressuremeter test, lab tests and load test data. This study compares pressuremeter methodology
and seismic cone results. A series of pre-bored and pushed-in pressuremeter tests were performed in a
Miocene-aged fine grained soil on the east coast of the USA. The initial modulus, limit pressure, moduli
from unload-reload loops and creep factors were compared along with adjacent seismic CPT. The interpreted parameters from the pushed-in pressuremeter tests varied more than those values from the prebored tests. The limit pressure from the pre-bored pressuremeter test equaled the tip resistance from the
CPT.

1 INTRODUCTION
The objective of this paper is to compare seismic cone penetration test (SCPT) results with both pushedin (full-displacement) pressuremeter and pre-bored pressuremeter results at a site near Washington,
D.C. composed of Miocene-age fine-grained soils. A series of 12 pushed-in and 12 pre-bored pressuremeter tests were carried out from a depth of 6m to 24m in two locations approximately 1.5m apart. A
SCPT probe was 1 meter below the pushed-in probe and data from both tests were collected from that
same sounding.
2 GEOLOGIC DESCRIPTION OF THE MICOCENE-AGED DEPOSITS
Testing was performed in a relatively thick (30 m [100 ft.]) and relatively uniform coastal plain soil, a
Miocene Age deposit known locally as the Chesapeake Group. At this location the stratum underlies local fills and shallow remnants of Pliocene Age river deposits. Soils in the test stratum classified as poor553

ly graded (fine to very fine) sandy clay, clayey sand, silty sand or sandy silt, soft to loose (N60 = 1 to 7,
typical) group symbols CH, SC, SM, MH, with the variation due to only slight changes in the constituents. Typically, the stratum becomes firmer and sandier with depth, and may contain shell fragments
and occasional cemented layers although none were observed in the tested zones. Soils in-situ are moist
to wet and often have low permeability. Notably, these soils are sensitive: they lose strength when
remolded. The low N-values reflect in part remolding from dynamically driving the sample spoon.
3 FIELD TESTING
3.1 Equipment and Procedures
For the pre-bored pressuremeter tests, an experienced driller prepared the test zones with mud rotary
techniques using a 2-15/16 inch (74 mm) diameter three-winged drag bit. The drill bit was advanced
slowly cutting the fine-grained soil into small pieces, which minimized the disturbance to the borehole
sidewalls. The pressuremeter tests had the classical “S” shape, indicating high quality tests. The tests
used a Roctest monocell “N”-sized (74 mm) probe with the Texam control unit. A digital counter, accurate to the nearest 0.1 cm3, measured the volume and a digital pressure gauge, accurate to the nearest 1
kPa, measured the pressure.
For the pushed-in pressuremeter tests, a direct push rig inserted the pressuremeter into the soil. A
Hogentogler seismic piezocone, exactly 1.00 meter below the center of the pushed-in pressuremeter
probe, was pushed into the soil and measured tip resistance, friction sleeve resistance, pore water pressure at the u2 position, and inclination at 1 cm depth intervals. At 1m depth intervals seismic shear wave
tests were performed. During the pressuremeter testing, pore pressure dissipation tests were performed.
Figure 1 illustrates the pushed-in pressuremeter equipment. A Roctest Pencil pressuremeter was
placed inside a steel pipe [1.5 inch (38 mm) ID and 2.0 inch (51 mm) OD] that had 16 longitudinal slots
with 0.01 inch (0.254 mm) widths. The pushed-in pressuremeter probe served as the friction reducer for
the push system. The steel casing flexed enough to expand laterally yet was strong enough for pushing
into dense sands without damage. The narrow slots prevented sand from migrating into the steel casing.
Both the cone penetrometer and pressuremeter cables were threaded through the push rods, whose inside

Figure 1: Photo of a) expanded pushed-in PMT b) close-up of longitudinal 0.254 mm wide slots c) lowering slotted PMT into thick walled steel calibration pipe d) Texam pressuremeter control unit
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diameter was 1.0 inch (25.4 mm). Swagelok quick-connect fittings conveniently connected the pressuremeter tubing and probe. These fittings were taped together to prevent them from inadvertently disconnecting.
For both tests, the probes were carefully saturated and then calibrated for membrane resistance and
system compressibility. The raw pressuremeter data were corrected for these calibrations to get the true
pressuremeter curves. Both the pre-bored and pushed-in pressuremeter probes had similar system compressibility calibrations. The push-in pressuremeter probe inside its slotted steel casing had a membrane
resistance of 300 kPa when fully expanded, while the pre-bored probe had a membrane resistance of 50
kPa when fully expanded. The smaller pushed-in probe could be inflated to a maximum of 300 cm3,
while the pre-bored probed could be inflated to 1600 cm3.
For both types of pressuremeter tests, the probes were inflated using equal volume increments. The
pushed-in probe used increments of 10 cm3; the
pre-bored probe used increments of 40 cm3. For
unload-reload cycles their volumes were decreased and increased using half of these volume increments. After reaching the top of the
elastic portion of the pressuremeter curve, an
unload-reload stress-strain cycle was performed.
At the next volume increment, the pressure was
held constant for ten minutes. As the pressuremeter volume creeped, it was measured at
elapsed times of 1, 2, 4, 7 and 10 minutes. The
probes were expanded until the limit pressures
could be determined and then deflated, with an
unload-reload stress-strain loop at the beginning
of the deflation. Figure 2 presents example
plots of the corrected pushed-in and pre-bored
pressuremeter tests results.

Figure 2: Example of pre-bored and pushed-in pressuremeter curves

4 TEST RESULTS
4.1 Seismic CPT Results
A Hogentogler seismic CPT was pushed ahead of the pushed-in pressuremeter tests. Figure 3 shows the
results of this sounding. The Miocene Age formation started at a depth of about 6 m and extended the
full length of the sounding. The CPT tip resistance decreased from 6 MPa at 6 m to 0.5 MPa at 10 m
and then gradually increased to 4 MPa at 26 m. The shear wave velocity gradually increased from 200
m/s at 6 m to 300 m/s at 26 m. Excess pore pressure readings were measured at 8.5 m and continued to
increase to the bottom of the sounding. In sandier zones, the pore pressures decreased rapidly. When
the penetration was paused to perform a pressuremeter test, the excess pressures dissipated fairly rapidly
to 50% of their initial value, generally within 2 minutes.
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Figure 3: Results from Seismic CPT Sounding

4.2 Laboratory Test Results
Within the pre-bored pressuremeter
test sounding, standard penetration
tests (SPT) were performed between
pressuremeter tests. General index
tests (gradation, Atterberg limits,
and moisture content) were performed on these samples and Figure
4 presents their results.

Figure 4: Laboratory Test Results

4.3 Pressuremeter Test Results
In two holes separated by 1.5
meters, twelve (12) pre-bored
and pushed-in pressuremeter
tests were performed from 6 to 24 m. From these tests, the initial elastic modulus, reload modulus, unload modulus, creep factor, and limit pressure were interpreted. Figures 5a through 9a show those values plotted versus depth. Figures 5b to 9b present the ratio of the pushed-in/pre-bored pressuremeter
values with increasing depth.
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Figure 5: Initial Modulus from
Pushed-in and Pre-bored Pressuremeter Tests

Figure 6: Reload Modulus from Pushed-in
and Pre-bored Pressuremeter Tests

Figure 7: Unload Modulus from
Pushed-in and Pre-bored Pressuremeter Tests
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Figure 8: Creep Exponent from Pushedin and Pre-bored Pressuremeter Tests

Figure 9: Limit Pressure from
Pushed-in and Pre-bored Pressuremeter Tests

The pressuremeter moduli for the pushed-in tests exceeded the pre-bored values, particularly for the
moduli computed at the lower radial strains. In a few cases the initial modulus of the pushed-in PMT
was more than the reload modulus, which was incorrect. Here, at the end of the elastic portion and beginning of the plastic portion of the pressuremeter curve, the incremental modulus abruptly decreased.
But, for all the pre-bored PMT, the incremental modulus gradually decreased when transitioning from
the elastic to plastic phase.
The limit pressure for the pushed-in PMT exceeded the pre-bored tests by an average of 32%. From
the pre-bored pressure tests below 8 m, the limit pressure approximately equaled the CPT tip resistance.
Briaud (1992) shows much higher correlation values; i.e. PL = 9 qc for sands and PL = 5 qc for clays.

4.4 Borehole wall disturbance
When making the pressuremeter test zone for pre-bored tests, an experienced driller makes all the difference. As he slowly and carefully carved the soil away, Ronald Stidham, our driller, created excellent
holes for these tests, which can be easily observed by the consistency and trending of the data.
For the pushed-in pressuremeter tests, the radial distance disturbing the borehole sidewalls was likely
the same for each test. In these sensitive Miocene-aged soils, the disturbance significantly affected the
initial modulus and reload modulus and to a lesser degree the unload modulus and limit pressure, which
is evident by the scatter in their values. Similar to undisturbed sampling, the radial thickness of the dis558

turbance generally remains constant regardless of the probe diameter. Briaud (2013) For these soils,
perhaps a larger diameter probe, although more difficult to push, would have given better results.
4.5 Comparison of computed Young’s moduli values
From the seismic shear wave tests, the low strain shear modulus can be computed using:
G0 =  (Vs)2,

(1)

where,  = the total mass density, and
Vs = the shear wave velocity. For these comparisons,  = 1.9.
From the shear modulus, the Young’s modulus can be computed using:
E0 = 2G0 (1 + ),

(2)

where  = the Poisson’s ratio. These comparisons use a value of 0.2.
With pressuremeter tests, the Young’s modulus can be computed from the pressuremeter modulus depending on its compression/tension modulus ratio. Briaud (2013) shows this ratio ranges from 5 for clay
to about 20 for sand, making the
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Figures 10: Computed Young’s moduli from pre-bored and pushed-in pressuremeter tests

4.6 Time Rate Effects
At the next volume increment following the unload-reload stress loop at the end of the elastic portion of
the pressuremeter curve, the pressure was held constant and volumes were measured at 1, 2, 4, 7, and 10
minutes. The creep exponent was calculated as the slope of the log of volume increase versus log of
elapsed time. Simultaneously, while performing the pushed-in pressuremeter tests, the CPT data acquisition computer measured the dissipation of the excess pore water pressures. The pore water pressures
dissipated normally during the pressuremeter test until the pressuremeter was expanded into the plastic
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zone following the creep test. The pressure measured at the piezocone transducer (1.0 m below the center of the pressuremeter) abruptly increased as the pressuremeter volume/pressure increased. But when
the pressuremeter was unloaded the pore pressures returned
to the normal dissipation
curve. Figure 11 shows the
pressuremeter creep exponent
for pre-bored and pushed-in
tests, coefficient of consolidation in the horizontal direction
from the dissipation tests and
the percent finer than the #200
sieve from the gradation lab
tests. As expected, as the percent passing the #200 sieve
increased, the pressuremeter
creep exponent increased and
the horizontal coefficient of
consolidation decreased.
Figure 11: Comparison of PMT creep exponent, ch from CPTu
dissipation tests, and percent finer from lab gradation tests

4.7 Comparisons with Jefferies and Davies’ (1993) correlations for N60 and percent finer
Standard penetration tests, using a
CME automatic hammer, were performed adjacent to the SCPT-PMT
sounding. Gradation tests performed
with these samples measured the percent passing the #200 sieve. Figure 12
compares the SPT N60 values and the
percent passing the #200 sieve with
the correlation proposed by Jefferies
and Davies (1993) for those values.
For this site, the CPT correlations for
N60 values were quite good, while they
over-predicted the percent passing the
#200 sieve.

Figure 12: Comparisons with Jefferies and Davies (1993) correlations
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5 CONCLUSIONS
The pushed-in pressuremeter inside 16 narrow longitudinal slotted steel casing was an effective method
to perform pressuremeter tests with direct push equipment. The disturbance to the soil, although likely
consistent, was significant in the sensitive Miocene Aged deposits. The pressuremeter parameters that
are interpreted at the lower radial strains (i.e., initial modulus and first reload modulus) had the most
variability. Perhaps a larger diameter pressuremeter probe would have given better results. While it was
hoped that the pushed-in pressuremeter test data would have had less variability, we can only tentatively
suggest dividing by the average ratios, which follow, to correct pushed-in PMT to pre-bored PMT values.
Initial Modulus = 4.65
Reload Modulus = 1.89
Unload Modulus = 1.47
Creep Exponent = 1.21
Limit Pressure = 1.32
In these sensitive soils, the CPT tip resistance was approximately equal to the limit pressure from the
pre-bored pressuremeter tests.
The Jefferies and Davies (1993) correlation for N60 was quite good while correlation for fines content
over-estimated the measured values.
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ABSTRACT: Under the same conditions of stress state and relative density, low compressibility sands
resist CPT penetration more than high compressibility sands. Despite that awareness, the compressibility
effects on CPT resistances have been primarily quantified for only a limited number of clean sands using
calibration chambers on mostly quartz and silica sands. Recent research efforts have attempted to correlate sand compressibility with the normalized small strain shear modulus obtained from SCPTU tests.
This study investigates the effects and quantifications of sand compressibility on CPT. A general review
is presented for the factors affecting the compressibility of sands and their effects on CPT. The effects of
sand compressibility on CPT correlations are discussed. A quantification approach using the Soil Behavior Type Index (Ic) is also introduced.
1 INTRODUCTION
The compressibility characteristics of cohesionless soils substantially influence the measured CPT resistances. Generally, the more compressible the soil, the lower the tip resistance (qc) and, frequently, the
higher the friction ratio (FR% = 100 fs/qc) and the peak drained secant friction angle (’) (Robertson,
1982). Nearly three decades ago, Schmertmann (1978) identified the following characteristic aspects of
cohesionless soils compressibility:
a. Crushability significantly increases compressibility, particularly in carbonate/calcareous sands.
b. High relative density reduces compressibility and vice versa.
c. Cementation and ageing reduce compressibility.
d. Compressibility decreases with increasing mean particle size and/or decreasing fines content.
In addition to sands with high calcite content, micaceous sands are also considered more compressible
than silica sands. Correspondingly, olivine sands are considered to exhibit low compressibility.
Some geotechnical engineers may think of the sand compressibility as an uncertainty affecting the
CPT interpretations; yet, the substantial effects of soil compressibility on CPT measurements could be
considered advantageous if they are appropriately identified. It is believed that compressibility is one of
the key factors behind many successful CPT behavioral classification systems. These methods identify
soils based on the CPT readings, or equivalently, geomaterials that have distinct differences in their
compressibility behavior.
The soil compressibility characteristics in clay soils depend mainly on void ratio (water content) and
stress history. The elasticity and compression of the clay particles has little to no effect on the overall
soil compressibility. Conversely, the compressibility of sandy soils is more complicated; it depends on
the grain shape, size, angularity and grain mineralogy, as well as the void ratio, state of effective stresses, and petrology. As a consequence, particle crushability and particle shape play paramount roles in the
compressibility of certain granular soils.
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To date, new studies are still needed to improve the current practice in addressing the effect of soil
compressibility on CPT to fully capitalize on the benefits of using CPT in granular soils. In this study,
the different aspects related to sand compressibility on CPT measurements and correlations are presented. An attempt is made to quantify these effects on the CPT-relative density and CPT-drained friction
angle correlations for uncemented cohesionless soils using solely the basic CPT measurements (viz., qc
and fs) that are expressed in terms of the Soil Behavioral Type Index (Ic).
2 COMPRESSIBILITY ASPECTS LINKED WITH GRAIN MINERALOGY
Most sands and cohesionless soils commonly originate from quartz or silica [SiO2] because they contain
hard minerals, do not have cleavage planes, and are resistant to weathering. In addition to quartz and
feldspar, siliceous sands frequently contain small to trace proportions of other minerals, such as chlorite,
muscovite, biotite, mica, and halite, as well as lithic fragments from rocks such basalt, chert, sandstone,
and olivine, as well as dark minerals like ilmenite, hematite, and magnetite. Prior studies considered siliceous and quartzitic clean sands to be of low to moderate compressibility (Robertson and Campanella
1983; Kulhawy and Mayne 1990).
Granular soils from other than siliceous origins may have considerable compressibility, especially if
they originate from weak minerals such calcite, aragonite, dolomite, or gypsum. Compressible cohesionless soils exist in many places in the world. Examples are the gypsum white Sands of New Mexico and
the calcareous sands in many tropical areas formed from coral fragments or from tiny skeletons of
planktonic sea life. Figure 1 visually shows the different features of some selected sands which reflect
on their compressibility. In the following, some compressibility aspects related to the compressible calcareous and micaceous sands are further highlighted.

(a)

(b)

(c)

Figure 1. Sands with different mineralogy (magnification order: x10):
(a) Siliceous sand (Location: Australia, New South Wales);
(b) Calcareous sand (Location: Japan, Okinawa Kondoi beach);
(c) Micaceous sand (Location: Greece, Syros Island) (Source: www.sand-atlas.com)

2.1. Calcareous sands
Calcareous sands exist primarily in coastal areas and on the continental shelves of the tropical and subtropical regions (e.g., Arabian Gulf, Gulf of Mexico, and the North-West Shelf off Australia). The warm
environments of the shelves result in biogenic and biochemical processes that produce calcareous sand
deposits that predominantly consist of skeletal remains of marine organisms with a wide variety of particle types that differ in nature and shape, as demonstrated in Figure 2 (Olgun et al., 2009).

Figure 2. Some grain shapes of calcareous sands (Olgun et al., 2009)

564

Calcareous sands typically have high calcium carbonate content as calcite and aragonite [CaCO3],
and/or dolomite [CaMg(CO3)2] with variable contents in both cemented and uncemented conditions.
Calcareous sands may vary widely in their geotechnical characteristics, depending on their origin, carbonate content, form of constituents and degree of cementation. Generally, the geotechnical properties
of calcareous sands are different from those of silica sands. Although calcareous cohesionless grains
may have a high specific gravity (Gs=2.75 for calcite and 2.95 for aragonite, compared with 2.65 for silica), they have considerably higher angularities and higher void ratios compared to quartzitic sands. The
coupled high void ratios and intergranular voids can make calcareous sands substantially compressible.
There is also possible volume reduction that develops with time in such soils due to the dolomitization
process where the smaller [Mg] atoms replace the larger [Ca] atoms to form dolomite [CaMg(CO3)2];
this process increases porosity. The mineralogy and particle characteristics tend to make them susceptible to crushing under relatively low stresses which affects their compressibility and other engineering
parameters. Calcareous sands have higher friction angles than siliceous soils. Their friction angle decreases with increasing confining pressure; it requires twice the strain to mobilize the peak strength in
calcareous sands due to significant contractive tendencies of their structure (Poulos, 1980; Poulos, 1989;
Jamiolkowski et al. 2001; Olgun et al., 2009).
The crushability of calcareous soils under relatively low stresses justifies the reduction in the CPT tip
resistance compared with siliceous soils having the same relative density under the same state of effective stress. Carbonate sands tend to have finer gradation after CPT testing due to particle crushability
(Almeida et al. 1991; Lunne et al., 1997; Bellotti and Jamiolkowski, 1991). Lunne et al. (1997) stated
that sands with carbonate contents of less than 50% to 70% tend to behave in a similar manner to noncalcareous sands and the carbonate grains play less important role in their engineering behaviors.
Semple (1988) suggested that void ratio and particle angularity govern the behavior significantly
more than the carbonate minerals; i.e., if angular quartzitic sands are tested with the same void ratio as
calcareous sands, the behaviors of the two soils are comparable. Also, Almeida et al. (1991) demonstrated in calibration chambers that calcareous soils exhibit trends similar to that observed for silica sands
having the same void ratios. These conceptions may be considered within a unified compressibility
framework that can describe both the behavior of both siliceous and calcareous sands.
2.2. Micaceous sands
Mica is a weak mineral originating in igneous and metamorphic rocks, and is often present in residual
soils that are formed by weathering of gneiss and schist. Mica crystals have platy shapes with different
sizes that can be easily separated along cleavage planes with application of stress. Gilboy (1928) reported that the compressibility and porosity of silica sands increases with increasing percentages of mica.
Moore (1971) performed a series of tests on micaceous sands and noted that strain increases markedly
for a given stress increase with the presence of a small amount of mica. Lee et al. (2007) demonstrated
that the existence of platy mica particles in sand increases its porosity considerably by introducing the
ordering and bridging mechanisms, as shown in Figure 3. They demonstrated that the presence of micas
increases sand compressibility and decreases strength.

Figure 3. Mechanisms of increased porosity in sands due to the presence of the mica plates
(Lee et al., 2007)
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3 COMPRESSIBILITY ASPECTS LINKED WITH GRAIN CHARACTERISTICS
3.1. Grain shape
Angular particles tend to have higher compressibility than rounded grains. Cho et al. (2006) defined the
following three parameters that should be considered in studying the effect of the grain shape on the
compressibility and strength of sands:
a. Sphericity (s), which equals to the ratio between the diameters of the largest inscribed sphere relative to the diameter of the smallest circumscribed sphere.
b. Roundness (r), which equals to the ratio between the average radius of curvature of surface features to the radius of the maximum sphere that can be inscribed in the particle
c. Smoothness, which describes the particle surface texture relative to the radius of the particle.
Another parameter of the grain geometrical characteristics is called the regularity (), which is defined as the average of the sphericity and roundness (i.e.,  = (s+ r)/2). Cho et al. (2006) linked sand
compressibility parameters to the regularity. They concluded that sand compressibility decreases with
increasing () and the friction angle (') decreases with increasing (r). These findings imply that compressible sands because of their grain characteristics exhibit higher friction angles.
3.2. Mean diameter / Percentage of fines
Increasing the fines content results in decreasing in the mean diameter (D50) and vice versa; therefore,
both quantities (viz., the fines content and the mean diameter D50) are interrelated. Characteristics of
compressibility vary with fines content and/or the mean diameter (D50) of granular soils. The increase in
fines content (or decrease of the mean diameter) tends to reduce the cone tip resistance, increase the friction ratio, and increase the porewater pressure.
Hara et al. (2008) demonstrated that the effect of fines content is pronounced on CPT resistances even
at small fines percentages. Robertson and Wride (1998) presented an equivalent clean sand normalized
tip resistance ratio value (Qtn,cs) for silty sand soils for liquefaction analysis. They indicated that increasing fines (and hence increasing compressibility), will increase the equivalent clean sand normalized tip
resistance value (Qtn,cs). Robertson (2009) correlated the peak drained secant friction angle with (Qtn,cs).
Salgado et al. (2000) observed that the addition of silt to clean sand to form silty sands with nonfloating fabric considerably increases both the peak friction angle (at a given initial relative density) and
the critical-state friction angle. They also noted that increasing the fines content decreases the smallstrains stiffness (i.e., increasing compressibility).
4 COMPRESSIBILITY EFFECTS ON CPT CORRELATIONS
4.1. Relative density (Dr)
Robertson and Campanella (1983) presented the effect of sand compressibility on the relationship between the cone tip resistance (qc) and the relative density (Dr) using three different qualitative compressibility categories (viz., highly compressible sands, normal compressible sands and low compressible
sands), as shown in Figure 4. In later studies, Kulhawy and Mayne (1990) presented expressions for the
relative density of sands using CPT measurements as follows:
ݍଵ
ܦଶ =
(1)
305 ܳ ∙ ܱܴܥ.ଵ଼ ∙ ܥ

where (Qc) is a factor assigned for sand compressibility as follows: 0.91 for highly compressible clean
sands, 1.0 for medium clean compressible sands, and 1.09 for low compressible clean sands.
The effect of compressibility on CPT- Dr trend was further detailed by Jamiolkowski et al. (2001).
The expected range of the correlation was presented by three semi-logarithmic relationships for high
compressible, medium compressible, and low compressible sands, as shown in Figure 5. The pro566

nounced compressibility effects on the CPT-Dr correlation, as shown in Figure 5, implies that the factor
(Qc) may have a wide range (about 0.5 to 1.5).

1-High compressible
2-Medium compressible
3-Low compressible

%

Figure 4. Effect of sand compressibility on the
CPT-relative density correlation
(Robertson and Campanella, 1983)

Figure 5. CPT-relative density correlation for
different sand compressibility categories
(Jamiolkowski et al., 2001)

Recently, pronounced compressibility effects on the CPT-Dr relationships for calcareous soils were
reported in reclamation projects in the Arabian Gulf. A factor, denoted as the Shell Factor (fShell), was introduced (Wehr, 2005); it is defined as the ratio between the cone tip resistance for calcareous soils and
the corresponding tip resistance of siliceous soils at the same relative density and under the same stress
state. Wehr (2005), and Al-Homoud and Wehr (2006) gave the following expression for (fShell) for some
reclamation projects in UAE based on calibration chamber tests:
ݍ, ௦௨௦
݂ௌ =
= 0.0046 ܦ[%] + 1.3629
(2)
ݍ, ௨௦
The Shell factor (fShell) is utilized to attain the equivalent siliceous sand tip resistance (qc, siliceous) from the
measured tip resistance in calcareous sand (qc, calcareous). Accordingly, (qc, siliceous) may be analyzed using
the correlations for siliceous sands (e.g., Equation 1 with Qc =1. or the medium compressible sand line
in Figure 5).
4.2. Drained peak secant friction angle (’)
Using the plasticity limit analysis, Janbu and Senneset (1974) expressed the bearing capacity factor
(Nq=qc/v’≈ Qt) in terms of the extent of the plastic zone, defined by a plastification angle (β) that ranges
from -15o to +15o. Mayne (2006) provided the following simplified form for the peak secant friction angle calculated using the approach of Janbu and Senneset (1974):
ln(0.94 ܳ௧)
(3)
tan f ′ =
4.87 + 0.035 ߚ
Mayne (2006) also correlated the angle (β) to the normalized small strain modulus (Go/v’) and found
that the operational range was slightly larger (- 30o≤ ≤+40o). The correlation between (β) and (Go/v’)
is given by:
ߚ = 222 − 37.6 ln(ܩ/ߪ௩′)

(4)

Vesic (1972) developed a bearing factor (Nq) using Cavity Expansion Theory. Mitchell and Keaveny
(1986) applied the Vesic theory to the results of available chamber tests and concluded that the solution
was applicable to compressible soils; however was limited in use for medium dense to very dense sands
where dilation is significant. Later, Salgado et al. (1997) extended Vesic’s work and presented a solution
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for Cylindrical Cavity Expansion (CCE) based on variable friction and dilation angles, as well as the dependence of shear modulus on strain, stress and void ratio. In a similar approach, Cudmani and Osinov
(2001) linked the cone tip resistance to the Spherical Cavity Expansion (SCE) limit pressure. Mayne
(2006) fitted the SCE solution to data from 15 sands by correlating the shear rigidity (Go/v’) to the operational rigidity index (IRR) of Vesic (1972) as given below:
138 ∙ log൫0.8 ∙ ܳ ܴܴܫ ∙ ݐ−0.25 ൯
(5)
f′ =
3.3 + log(ܫோோ )

where the rigidity index is defined as the ratio of shear modulus to shear strength. The operational value
of the rigidity index (IRR) is given by the following correlation:

(6)
ܫோோ ≈ [(ܩ⁄ߪ௩ᇱ)/85]ଶ.ଶଵ
Most recently, Robertson (2010) proposed the following expression to obtain the effective friction angle considering sand compressibility due to the presence of non-plastic fines:

f ′ = f ′௩ + 14.44 . log ܳ௧,௦ − 22.31

(7)

where 'cv = constant-volume friction angle of the sand (critical state value) that depends primarily on
sand mineralogy and grain shape (Cho et al. 2006). The characteristic values of (’cv) are 32º (quartz),
33º (silica), 38º (feldspar), and 40º (carbonate), as discussed by Jamiolkowski et al. (2001).The Normalized net clean sand tip resistance (Qtn,cs) is equal to (Qtn . Kc), where (Kc) is given as a function of (Ic) by
the following expressions (Robertson and Wride, 1998
ܭ = 1.0

ܭ = −0.403 ܫସ + 5.581ܫଷ − 21.63 ܫଶ + 33.75 ܫ − 17.88

(ܫ ≤ 1.64)

(1.64 < ܫ < 2.6)

(8)
(9)


4.3. Soil Behavior Type Index (Ic) as a compressibility indicator

The Soil Behavior Type Index (Ic), which was originally introduced by Jefferies and Davies (1993), is
considered herein as a convenient parameter to quantify the sand compressibility for the following reasons:
a. It is determined directly from the CPT basic measurements (viz. qc and fs).
b. The likely variations of the measurements of (fs) do not have major impact on (Ic) (Robertson,
2009).
c. It is successfully being used in behavioral classification of soils based on the differential compressibility behavior of different soil types.
d. It is also anticipated that the Soil Behavior Type Index (Ic) is related to the compressibility parameter (IRR) which was presented by Vesic (1972) and the normalized small strain modulus
(Go/’v) which was proposed by Mayne (2006).
In this study, the Soil Behavior Type Index (Ic) as defined by Robertson & Wride (1998) is adopted.
It is calculated using the following equations:
(10)
ܫ = [(3.47 − log ܳ௧ )ଶ + (1.22 + log ܨ)ଶ].ହ
ܳ௧ =

(ݍ − ߪ௩)⁄
(ߪ′௩⁄ )

ܨ = 100

(11)

݂௦
(ݍ − ߪ௩)

(12)

The stress normalization proposed by Robertson (2009) is adopted herein. The exponent of the stress
normalization (n) is defined as follows:
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ߪ′௩
݊ = 0.381 ܫ + 0.05 ቆ ቇ − 0.15 ≤ 1.0


(13)

Robertson (2009) correlated the ratio (Go/(qc-v)) with the Soil Behavior Type Index (Ic). Hence, it is
anticipated that the compressibility parameter (Go/v’) is also related to the factor (Ic). Using the data
presented by Mayne (2006), a regression analysis was carried out as shown in Figure 6. It was found
from the regression analysis that (Ic) and (Go/v’) are correlated with a coefficient of determination (R2)
of 0.77 as follows:
ܩ
≈ 6700 ݁ି ଵ.ସ ூ (ܫ ≤ 2.6)
(14)
ߪ௩ᇱ



Figure 6. The relationship between (Ic) and (Go/v’) using Mayne (2006) data

The proposed correlation in Equation 14 predicts the small strain modulus (Go) with accuracy comparable to the correlation proposed by Robertson (2009). Figure 7 shows the performance of the proposed
correlation and the correlation proposed by Robertson using Mayne (2006) data. The coefficient of determination (R2) was found to be 0.87 and 0.81 for the correlation presented herein (Equation 14) and
the correlation presented by Robertson (2009) for (Go), respectively.

Figure 7. Performance of (Go) correlations using Mayne (2006) data
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Equation 14 may be used in conjunction with Equations 3 & 4 or Equations 5 & 6 to obtain the peak
secant friction angle ('). Both approaches yield the following form: (log (Qt) + 1 +2 Ic)/( 3+ 4 Ic)
for (') or (tan '), where the values of the constants (’s) depend on the adopted approach. A direct correlation of (') with (Qt & Ic), using the abovementioned form, may comprise the benefits of both SCE
and limit plasticity approaches. A regression analysis, utilizing the above form, yields the following correlation:
log ܳ௧ − 2 ܫ + 6
(15)
tan f ′ ≈
(ܫୡ ≤ 2.6)
9.6 − 2.3 ܫ
Using Mayne (2006) data, the performance of the correlation in Equations 15 and correlation of Robertson (2010), Equations 7 through 9, were investigated. Both correlations have similar coefficient of determination (R2) of 0.84 as shown in Figure 8.

Figure 8. Perfomance of CPT-' correlations using Mayne (2006) data,
(excluding two points: LL Dam and Highmont Dam)

5 SUMMARY AND CONCLUSIONS
In this study, a review of the factors and aspects related to sand compressibility are presented. Generally,
increasing sand compressibility decreases the cone tip resistance and, frequently, increases its peak friction angle. The grain mineralogy, shape and mean diameter play significant roles in the compressibility
aspects related to cohesionless soils. Some types of sands, such as carbonate/calcareous and micaceous
sands, are known to have greater compressibility than siliceous/quartzitic sands.
Some studies explored the existence of a general framework that can describe the engineering characteristics of sands with different compressibility using the void ratio, fines content and the normalized
small strain modulus (Semple, 1988; Almeida et al., 1991; Robertson & Wride, 1998, Mayne, 2006;
Robertson, 2010). Other studies incorporated the compressibility aspect in the CPT-relative density and
drained peak secant friction angle correlations in a qualitative way by categorizing the soils into high,
medium and low compressible classes (Robertson and Campanella, 1983; Kulhawy and Mayne, 1990;
Chen and Juang, 1996).
It is foreseen that the success of CPT as an index test in differentiating between different soils using
the behavior classification methods is mainly due to the CPT ability to profile compressibility and hence
determine soil types. An attempt is made in this study to link previous studies utilizing either the small
strain modulus or the behavior index as compressibility indices (Robertson & Wride, 1998; Mayne,
2006). Correlations between the normalized small strain modulus (Go/v’) and peak drained secant friction angle (') with (Ic) are presented; these correlations compared favorably with measurements and
with previous similar correlations.
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8 NOTATIONS AND ABBREVIATIONS
Cage
CCE
CPT
D50
Dr
fs
fShell
Fr
FR%
Go
Kc
Ic
IRR
n
pa
qc
qc1
Qc
Qt
Qtn
Qtn,cs
OCR
R2
SCE
Vs
β
’
’cv
v
v’

= ageing factor in accordance with Kulhawy and Mayne (1990) (dimensionless).
= cylindrical cavity expansion.
= cone penetration test.
= mean soil grain diameter (mm).
= relative density (dimensionless / percentage).
= CPT sleeve friction (kPa).
= Shell factor in accordance with Wehr (2005) (dimensionless).
= normalized friction ratio (dimensionless).
= friction ratio; FR% =100 fs/qc (percentage).
= small strain modulus (kPa).
= equivalent clean sand factor in accordance with Robertson & Wride (1998) (dimensionless).
= Soil Behavior Type Index in accordance with Robertson & Wride (1998) (dimensionless).
= operational rigidity factor in accordance with Vesic (1972) (dimensionless).
= stress normalization exponent in accordance with Robertson (2009) (dimensionless).
= atmospheric pressure ≈100 kPa.
= CPT tip resistance (kPa).
= normalized CPT tip resistance; qc1= (qc/pa)/(v’/pa)0.5 (dimensionless).
= compressibility factor in accordance with Kulhawy and Mayne (1990) (dimensionless).
= net CPT tip resistance ratio; Qt = (qc  v)/(’v) ≈ qc/’v (dimensionless).
= normalized net tip resistance in accordance with Robertson (2009) (dimensionless).
= normalized net clean sand tip resistance; Qtn,cs = Kc Qtn (dimensionless).
= overconsolidation ratio (dimensionless).
= coefficient of determination (dimensionless).
= spherical cavity expansion.
= shear wave velocity (m/sec)
= plastification angle in accordance with Janbu and Senneset (1974) (deg.).
= peak drained secant angle of friction (deg.).
= constant-volume drained angle of friction (deg.).
= total vertical stress (kPa).
= effective vertical stress (kPa).
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Case studies of CPT site specific correlation with normalized soil
behavior type evaluation and fines content
Jonathan. W. Pease
Kleinfelder Inc. Reno, USA

ABSTRACT: The normalized Soil Behavior Type (nSBT) correlation is critical for automated soil profile interpretation and quantitative CPT analyses such as for liquefaction assessment. This paper presents case studies
where nSBT correlation worked well and where it had significant bias resulting in misclassification of soil profiles.
Review of limited case studies suggests that friction ratio response is moderately sensitive to sleeve clearance behind the back of the tip, but additional mechanisms are necessary to explain all the variation in the case study data.
The results of these case studies show the need for site-specific correlation and the need to record tip and sleeve
wear for CPT exploration programs.

1 INTRODUCTION
Soil behavior type correlation for CPT relies on both tip resistance and sleeve friction. Greater uncertainty and
variability is known to occur for CPT sleeve friction than tip resistance, therefore correlations that involve sleeve
friction as well as tip resistance are subject to greater uncertainty. Pease (2010) presented two previous projects
in Carson City, Nevada, and Brawley, California, where the normalized Soil Behavior Type (nSBT) correlations
were strongly biased and underpredicted the soil fines content for liquefaction evaluation and required site specific correlation. The reasons for the nSBT bias could not be determined in that paper.
In 2011, the author was asked to review a fortuitous set of CPT sounding data for a levee project in Alameda
County, California. During the course of the site characterization, six sets of explorations were performed within
5 m of each other consisting of a boring and two adjacent CPT. Data are shown for one exploration location on
Figure 1 which are representative of the other five locations. The two different CPT companies, noted as Operators A and B, showed very close agreement in the tip resistance (Figure 1a), with minor differences in the tip
readings possibly due to natural variability between soundings. However there is very wide disagreement for the
side friction (Figure 1b), with the friction sleeve measurement for Operator B in the range of 100 to 300% higher
than for Operator A.
Furthermore, the adjacent borings were extensively tested in the laboratory including sieve analyses, which allowed a site-specific correlation between the CPT Ic parameter and the fines content for each operator (Figure 2).
For the purposes of determining liquefaction potential using Robertson and Wride (1998); for operator A, potentially liquefiable sands (intended to include up to 35% fines, Ic ≤ 2.60) would include fine-grained soils up to 70%
fines content, and for operator B, Ic ≤ 2.6 would include soils to up to 50% fines content. While the previous
studies (Pease, 2010) had identified bias which might have resulted from either site or equipment characteristics,
the Alameda County levee data strongly suggests that bias is substantially equipment-based.
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Figure 1. Tip Resistance and Side Friction Plots versus Depth, Alameda County Levees, California.

Figure 2. Ic versus Fines Content Plot for a) Operator A, and b) Operator B, Alameda County Levees, California.

574

2 BACKGROUND
The standard nSBT plot (Robertson and Cabal, 2010) is shown on Figure 3. The relative position of the tip resistance and friction ratio on the nSBT for any pair of normalized tip resistance Qt and sleeve friction Fs will determine whether granular correlations of friction angle, relative density, or fine-grained interpretations of undrained strength and overconsolidation will be interpreted. The standard interpretation and default in CPeT-IT
(Geologsmiki, 2012) is that the granular / fine-grained behavior boundary line is at the soil behavior type index,
Ic, of 2.60, where Ic is a parameterization of the data to represent a set of circular boundaries with an origin at the
top left corner of the nSBT plot:
Ic = [(3.47 – log Qtn)2 + (logFr+1.22)2]0.5

(1)

Figure 3 – Normalized Soil Behavior Type Plot with Ic Boundaries and Standard Interpretation Zones

For the purpose of liquefaction evaluation, Robertson and Wride (R&W, 1998) suggested a correlation between Ic
and (apparent) fines content, as follows:
Fc = 1.75 Ic3.25 – 3.7

(2)

Where fines content (Fc) is in percent (numeric value of 100 represents 100% fines content). This equation is the
basis for the Ic-fines content correlation shown in Figure 2. For this equation, Ic = 2.60 equals 35 percent fines
content.
The author has reviewed more than 200 CPT soundings where the nSBT interpretations of fines content were
biased low. Yi (2010) has developed an extensive database of CPT data primarily from southern California apparently with a similar bias. For levee sites, the biased interpretation may lead to overdesign of levee mitigations,
where the levee materials in the soil borings are clays, but the CPT profiles indicate the materials as silty sand to
sandy silt if not corrected. For qualitative use for liquefaction evaluation, the nSBT bias will generally result in
undercorrection of tip resistance for fines content to obtain “equivalent clean sand tip resistance”, and will result
in overprediction (in terms of liquefaction) where additional clay or silt layers may be classified as intermediate
575

silty sands and be evaluated as potentially liquefiable. The Roberson & Wride (1998) fines content correlation is
used as a quantitative measure of the offset in CPT normalized soil behavior, due to the broadness of the nSBT
group descriptions (e.g. categories on Figures 2 and 4) and the difficulty in assessing fit for the two-dimensional
nSBT plot. The nSBT prediction generally should not be relied on in the upper 1.5 m of the soil profile, as it
tends to be strongly biased towards granular predictions.
A literature review was conducted for previous studies which identified potential sources for sleeve friction bias and variability.

2.1 Soil plasticity
Robertson and Wride (1998) notes that the Ic-fines content correlation is variable, and suggested higher curves for
soils with high-plasticity fines and lower curves for soils with non-plastic fines (as shown on Figure 4). However,
case studies (Pease, 2010 and this paper) have included several sites where nSBT bias was comparable in the
same sounding for fine-grained layers ranging from non-plastic silts to highly-plastic clays.

Figure 4 – Suggested Ic versus Fines Relationship plot from Robertson and Wride (1998)
Table 1 – Potential Variation in CPT Readings due to ASTM (D 5778-12) Tolerances
Cone
Size

Tip Diameter (mm)

Sleeve Diameter (mm)

Maximum %
change in Tip
Area

Maximum %
Change in
Sleeve Area

Maximum %
change in Friction
Ratio due to Area

10 cm2

35.3 – 36.0

35.3 - 36.35

3.0%

4.0%

-1.0%

15 cm2

44 - 43.3

43.3 - 44.35

2.8%

3.3%

-0.8%

2.2 Variation in cone areas
Tolerances for both manufacture and wear during operation (ASTM D 5778-12) allow a 0.7 mm variation in CPT
tip diameter. The previous issue, ASTM D 5778-07 also allowed up to 1 mm of wear during operation before the
tip becomes out of specification. Furthermore, the outside diameter of the friction sleeve both as manufactured
and during operation, should meet a tolerance of +0.35 mm to -0.00 mm relative to the tip diameter. Table 1 provides a summary of potential tip and sleeve diameters and changes in tip resistance, sleeve friction, and friction
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ratio, assuming that the pressure calculations are based on the maximum possible diameter and not the actual diameters. The sleeve friction error in the range of 3 to 4 percent is not enough to explain the observed difference
in tip readings in Figure 1.

2.3 Sleeve clearance and cone wear
The author hypothesizes that sleeve to tip clearance (the difference between the tip diameter and the diameter of
the friction sleeve) may have an affect on the sleeve friction. If the sleeve is smaller than or nearly the same as
the diameter as the back of the tip, it would be possible that shadowing of a portion of the sleeve could reduce the
normal stresses, and thereby reduce the measured friction. If the sleeve is significantly larger in diameter than the
tip, higher stresses due to further expansion against the soil might be present. Jekel (1988) performed measurements on a number of cones, and found that the friction ratio in sands dropped from approximately 0.9% to 0.5%
due to wear on the cones for cones with 0 to 300 m of overall penetration, where wear of up to 0.4 mm occurred
at the back/top of the sleeve relative to the bottom. Jekel (1988) also tried oversize sleeves 0.2 mm larger in diameter than the tip. The ultimate solution in his study was to use a harder steel to limit wear. The ASTM specifications (D5778-12) require that the sleeve be between +0.35 mm and -0.00 mm diameter larger than the tip, presumably as there may be an effect if the diameter lies outside of these tolerances. Despite the requirement to do so
by ASTM D 5778, the tip and sleeve measurements are rarely reported. The author has a limited database in
which cone wear was measured, therefore this possibility was analyzed further.

2.4 Sleeve roughness
Dejong et al (2001) considered the influence of surface roughness on CPT sleeve resistance. To do so, they performed field investigations both with a conventional “smooth” friction sleeve, and with specially-machined
sleeves with 0.38 mm ridges at 1.5 to 2.5 mm spacing. Investigations were performed at 3 sites with thick sand
profiles. Sleeve friction in sand increased on average by 80 percent by using the ridged (rough) sleeves. However, as the addition of the ridges increased the maximum sleeve diameter by 0.76 mm relative to the smooth sleeve
and tip diameter, it is possible based on observations by Jekel (1988) that the increase in sleeve friction could be
the result of the increased effective sleeve diameter. The increased sleeve roughness with the ribs also caused an
increase in tip resistance in the soundings by 14 to 23 percent. This tip increase was expected in that changing the
stresses mobilized behind the tip would also change the stress regime in front of the tip.
A review of data from the DC2A site in Savannah Georgia (DeJong et al 2001) showed that the ridged sleeve
average friction ratio was 2.2% compared to an average friction ratio of 1.5% for the smooth friction sleeve. For
the medium dense to dense sands at this site, this resulted in only a slight increase in Ic. The sands are reported to
have 1% fines content and D50 = 0.38 to 0.41 mm. The smooth cone from 1.5 to 6 m depth resulted in Ic between
1.68 and 2.05, and the ribbed cones resulted in Ic between 1.77 and 2.22. Both these data sets plot slightly above
the recommended Robertson and Wride (1998) Ic versus fines relationships in Figures 2 and 4.
A silty sand layer below 6 m depth was present based on the soil behavior type shift only, but this layer was
not sampled or tested in the laboratory. The nSBT fines correlation with the smooth cone suggested this layer had
up to 35% fines content. No obvious shift in Ic-fines content response of ridged versus smooth sleeves could be
observed for the DC2A site data. Unfortunately, fine-grained silty or clay soils were not tested, which could verify whether roughness could influence silt and clay sleeve response as well. The sand response was hypothesized
to result from the increased roughness forcing the sliding out from the steel surface and result primarily in
sand/sand rather than interface sliding. It is unclear whether this same effect would not also occur for clay/steel
sliding versus clay shear surfaces.

2.5 Cone design and mechanical interaction
As summarized in DeJong et al (2001), early research into CPT showed that the position and length of the sleeve
relative to the tip affects the friction sleeve measurement. Sleeve friction increases with distance behind the tip to
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a maximum between 5 to 10 tip diameters behind the cone. However, all cones in this study had roughly similar
proportions based on ASTM and this effect should not be present between cones.
Lastly, there are reported impacts of CPT load cell design, including the effects of load cell arrangement (subtraction cones versus separate load cells for the tip and sleeve) and CPT internal components of different stiffness.
Metallurgy may potentially be a factor, as ASTM D 5778 recommends avoiding sleeves constructed with chromium steel due to different sliding characteristics. Operators A and B used cones with separate strain gauges for tip
and sleeve measurements, Operators C, D, and E used subtraction cones. Minor details of CPT internal geometry
and construction could not be evaluated.

3 SAN FRANCISCO CALIFORNIA LIQUEFACTION SITES 1991 – OPERATOR C
O’Rourke and Pease (1993) performed a site investigation of four liquefaction sites in San Francisco, California
(data shown in Figure 5). The 1991 investigation included four 15 cm2 CPT soundings within approximately 15
m of soil borings with fines content testing. Sleeve clearance for the initial soundings was found to exceed the
ASTM tip/sleeve requirements, so a new tip and sleeve were used for the remaining explorations.
Soils varied between loose to dense clean sands, silty sands, and firm high-plasticity clays. There is an apparent increase in the Ic parameter for the CPT with less wear and tighter tip clearance, however the in-specification
Ic-fines correlation (red data points and line) is questionable due to lacking data above 55 percent fines content.
Both the in-spec sleeve clearance and the out-of-spec sleeve clearance have Ic values for clean sands above the
R&W (1998) correlation, and the finer-grained soils are otherwise very close to the recommended correlation.

Figure 5 – Ic versus Fines Plot for San Francisco, California Data (Operator C, O’Rourke and Pease, 1993)
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Figure 6 – Ic versus Fines Plot for Sacramento River East Levee, California (Operator D)

4 SACRAMENTO RIVER CALIFORNIA EAST LEVEE 2009 – OPERATOR D
Kleinfelder performed site investigation of 12 miles of the Sacramento River east levee in Sutter and Sacramento
Counties in 2009 and 2010 (data shown in Figure 6). This investigation included over 15 10 cm2 CPT soundings
within 30 m of soil borings with fines content testing, and specifically five soundings where the sleeve and cone
dimensions were recorded. Upon review of the initial three CPT with sleeve clearance measurements, it was noted that the cone was worn well outside of the ASTM specification; therefore a new tip and sleeve were requested
with results provided in the remaining two borings.
Soils varied from loose to medium clean sands, very soft to hard non-plastic to low-plasticity silts, and very
stiff moderate plasticity lean clays, with measured plasticity index (for a subset of the samples where fines content
and sleeve ratio were measured) ranging from non-plastic to 8. As with the San Francisco data, the out-of-spec
cone with the larger sleeve clearance has a higher best fit Ic-fines relationship than the in-spec cone. Ic values for
clean sands for the out-of-spec sleeves are slightly above the Robertson and Wride (1998) correlation, where
clean sands potentially would be estimated as having about 15% fines using the recommended correlation. The
finer-grained soils for both in-spec and out-of-spec cones are very close to the recommended correlation.

5 STOCKTON CALIFORNIA LEVEES 2010 – OPERATOR A
Kleinfelder investigated multiple levee sites in the Stockton, California in 2010 using Operator A previously mentioned for the Alameda County site. The investigations included numerous 15 cm2 CPT soundings within 3 m of
soil borings with fines content testing, where eight of these data pairs (2 soundings in each study area) were analyzed below (and shown in Figure 7). Cone wear measurements were not recorded, but it is known that the cone
equipment used were initially fabricated with a sleeve clearance of 0.00 mm relative to the back of tip.
Soils varied between predominantly firm to very hard low to medium plasticity clays, with occasional layers of
medium dense to dense clean sands and silty sands, and some stiff to hard low-plasticity silts. The Ic-fines correlation considerably underestimates the fines content of the soils, where Ic ≤ 2.60 includes soils with up to 75%
fines. The Ic-fines content correlation was not used directly in levee soil property selection. Instead the nSBT
granular/fine-grained boundary was moved from Ic = 2.60 to Ic= 2.24.
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Figure 7 – Ic versus Fines Plot for Stockton California Levees (Operator A)

Figure 8 – Typical Change in Interpretation by Changing the Ic Boundary from 2.60 to 2.24. Shaded zones denote
fine-grained layers interpreted with the indicated Ic criteria, and actual fine-grained layers in the soil boring.
Results of moving the nSBT granular/fines boundary are shown on Figure 8. The adjacent soil boring was
continuously sampled with standard penetration test (SPT) sampler and dry core equipment, and fines content
measurements were run on samples at the depth intervals shown. Ignoring the top 1.5 m, the soil boring log from
1.5 to 9.4 m (7.9 m length) included 6.1 m of low to moderate plasticity clays, with measured fines contents of between 50 and 80 percent. The uncorrected Ic-fines content correlation using Robertson and Wride (1998) is
shown in Figure 8. The standard boundary at Ic = 2.60 interprets only 1.5 m of the profile as fine-grained over the
7.9 m length. By moving the boundary to Ic = 2.24, a much better interpretation of the sounding is adopted, with
6.4 m length of the profile interpreted as fine-grained silt or clay soils.
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Figure 8 – Ic versus Fines Plot for Port of Oakland (Operator A)

Figure 9 – Ic versus Fines Plot for Pleasanton Site (Operator E)

6 PORT OF OAKLAND, CALIFORNIA 2013 – OPERATOR A
Kleinfelder used Operator A in 2013 to perform several 15 cm2 CPT soundings at the Port of Oakland, California
in which actual measurements of cone wear were obtained (data shown in Figure 8). Two CPT soundings were
paired with older borings; fines contents were generally not available at all depths and some fines contents were
estimated based on USCS classification and known consistency of the clay unit (San Antonio formation). The
sleeve was slightly smaller in diameter on average than the back of the tip. As with previous investigations, the
nSBT-fines relationship is biased lower, however a relationship is difficult to establish because no fines contents
measurements were available for clayey sand and silty sand layers under the site.

7 PLEASANTON SITE 2013 – OPERATOR E
A final example is from a site exploration in Pleasanton, California. A 15 cm2 CPT sounding was paired with two
adjacent borings 30 to 45 m away in a very uniform soil deposit (data shown on Figure 9). The Ic-fines content
data is nearly at the same distance below the Robertson and Wride (1998) relationship as are the various data sets
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for Operator A, despite the sleeve clearance is more in line with the measurements for Operator D which do not
require a site-specific correction.

8 CONCLUSIONS
Case studies are presented of both nearly-normal and biased CPT data with respect to the nSBT chart and Robertson and Wride (1998) fines content. The difference in CPT response is strongly suspected to be the result of
equipment-specific conditions, as consistent correlations prevail for days or weeks on the same project site. There
is general consistency for Operator A for the Alameda, Stockton, and Port of Oakland sites; as it is likely that
three different cone trucks and cones were used for each exploration, the bias may be strongly correlated to the
cone manufacture or design rather than issues with a specific instrument. It should be stressed that in the author’s
experience, the low nSBT correlation for Operators A and E is the norm for many other CPT operators in the
Western United States. Site specific correlations are necessary to ensure that CPT provide correct interpretation
for engineering design.
The data for sites both with in-spec cone tolerances and with sleeve clearance in excess of 0.35 mm diameter
greater than the back of tip show that there is a moderate reduction in the Ic-fines relationship when cones wear
excessively. This bias may be on the order of 10 to 20% underprediction of fines content for 0.4 to 0.8 mm of
sleeve clearance in excess of the specified tolerances. This variation of fines content with sleeve clearance does
not appear to be sufficient to explain the observed variations between all sites and operators. The considerable
difference in the CPT response between Pleasanton and Sacramento River site correlations indicates that there
must be another source of the bias, as both CPT datasets used cone sleeves with about 0.2 mm average clearance
between the back of tip and the sleeve.
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Direct estimation of snow density using CPT
A.B. McCallum
University of the Sunshine Coast, Queensland, Australia

ABSTRACT: A recently devised correlation allows for the direct derivation of soil unit weight from CPT data qt
and fs. However, the direct application of this technique to another geomaterial, snow, is not possible; the variable
bonding within snow complicates the correlation. To examine the relationship between CPT data and snow unit
weight, data from almost one hundred CPTs in Antarctica were analyzed. Snow unit weight is seen to vary with
CPT sleeve friction and a significant relationship exists between CPT net sleeve friction data and snow unit
weight. Variations in CPT tip resistance and sleeve friction data for polar snow of the same unit weight may provide insight into the microstructure or level of bonding within the snow pack.

1 INTRODUCTION
Typically, snow density is determined gravimetrically; a snow pit is dug and snow samples are extracted and then
weighed. However, increasingly, the desire for rapid in situ density estimates have resulted in the application of
other technologies including the neutron probe (Morris and Cooper, 2003) where a radioactive source is lowered
down a bore hole or the Mostly Automated Borehole Logging Experiment (MABLE), that performs in situ measurements of borehole wall hardness with cm-scale vertical resolution and near-infrared reflectivity with 5 mm vertical resolution (Breton and Hamilton, 2012). However, neither of these methods provides rapid and reliable highresolution in situ assessment of snow density.
In soils, unit weight, or density multiplied by gravity, is usually determined by obtaining undisturbed samples,
however, this can be a difficult and costly process. Robertson and Cabal (2010) outline numerous existing relationships to derive soil unit weight from in situ testing data and then present a new correlation incorporating the
work of Marchetti (1980) and Mayne (2007) allowing soil unit weight to be estimated directly from CPT tip resistance and sleeve friction data. McCallum (2012) extensively outlined the use of CPT in polar snow and briefly
noted the viability of deriving snow density from CPT data.
In this paper, the Robertson and Cabal (2010) methodology is applied to historical data from CPT in snow, to
ascertain whether the method is applicable to bonded polar snow; then, the relationship between snow density and
CPT data is further examined.
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2 METHODS
Modified CPT equipment was used in the vicinity of Halley Station, Antarctica to conduct almost one hundred
CPTs in dry polar snow, typically to depths of 5 m. A number of tests were conducted in the immediate vicinity of
two snow pits which were excavated to depths of approximately 5 m in order to allow direct comparison between
gravimetrically estimated snow density and CPT data. 36.7 mm diameter scientific cones rated to 20 kN tip resistance were used to measure tip resistance and sleeve friction.
Snow samples for density analysis were retrieved using cylindrical density tubes, one tube of length 247 mm
and diameter 73 mm and the second measuring 250 mm with diameter 35 mm. The large sampling tube was used
when possible, however, limited layer thickness often necessitated the use of the smaller tube. Samples were
weighed using an Acculab ‘Econ’ portable balance, precise to ± 1.0 g and three samples were taken per layer.
Snow data recorded included layer thickness, density, grain size, hardness and snow type.

3 EXISTING RELATIONSHIPS FOR SOIL
(Robertson and Cabal, 2010) developed a correlation allowing estimation of soil unit weight using only direct
CPT measurements for qt (or qc) and fs. The figure from Robertson and Cabal (2010) is shown in Figure 1.

Figure 1. Dimensionless unit weight calculated using representative CPT data for polar snow in Equation 2 plots
within data for soil compiled by Robertson and Cabal (2010), aligning with SBT Zone 6.
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Using Figure 1 along with representative CPT data for polar snow results in a dimensionless unit weight (γ/γw) of
1.6 (see Table 1).
Table 1. Representative CPT data from Halley Research Station for polar snow and resultant unit weight estimated via correlation for soil from Robertson and Cabal (2010).
qc MPa fs MPa pa MPa (estimated) Dimensionless unit weight γ/γw
1.65

0.01

0.1

1.6

This unit weight equals a density of 1830 kg m−3, three to four times the typical density for hard polar snow.
Hence, the Robertson and Cabal (2010) correlation for soil is not directly applicable to snow. However, Robertson
and Cabal (2010) also suggested a modified correlation to account for variations in specific gravity, resulting in
the following:

0.27 log

0.36 log

1.236

2.65

(1)

where Rf is friction ratio, qt is corrected cone resistance, pa is atmospheric pressure (in same units as qt), γ is soil
unit weight, γw is unit weight of water and Gs is average specific gravity.

When this equation is applied to the representative data obtained for snow in Table 1 then a dimensionless unit
weight (γ/γw) of 0.32 is obtained, equivalent to a density of 320 kg m−3. This is a typical density for newly fallen
snow and approximately 75 % of the typical snow densities recorded at Halley; Figure 2 shows gravimetrically
derived density data from a snow pit dug at Halley; measured density is in the right-hand column.
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Figure 2. Snow pit data showing layer hardness, crystal type, grain size and density.

The modified correlation to account for variation in specific gravity (Robertson and Cabal, 2010) generates representative unit weights or densities for snow, another geomaterial, as long as a modifying value of average specific
gravity is used. However, this relationship is general and is not sufficient to accurately estimate snow density using only CPT data. This is consistent with Mayne (2007), noted by Robertson and Cabal (2010), that any correlation between cone resistance and unit weight is complicated by cementation, suggesting that any relationship derived for typically unbonded soils, is probably not directly applicable to a highly-bonded geomaterial, snow.

4 PROPOSED CORRELATION
Colbeck (1998) says that it is the amount of bonding within snow that determines its strength and therefore resistance measured by CPT. McCallum (2013), using data from penetrometer testing in Greenland and Antarctica,
showed that both tip-resistance and sleeve-friction increase with increasing snow density; friction probably increasing because of “increased normal force acting upon the friction sleeve caused by less efficient packing of
fractured particles at the cone shoulder as density of the snow undergoing penetration increases.” McCallum
(2013) showed that the relationship between tip resistance and sleeve-friction may provide an assessment of snow
microstructure or the level of bonding, noted earlier as the primary determinant of snow strength or resistance to
penetration (Colbeck, 1998) and that snow density may be estimated solely by using CPT sleeve-friction data.
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This relationship is now further explored.
When sleeve friction values averaged over friction-sleeve length are compared with snow density, qualitative
correlation is apparent. Figure 3 shows density variation with depth plotted against sleeve friction, normalized for
comparison purposes.
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Figure 3. Comparison of sleeve-friction averaged over friction-sleeve length and normalized for comparison purposes, with snow density.

The cross-correlation function between these data suggests a correlation of 0.6. This suggests that the envisaged relationship may be valid, however, accurate comparison between any CPT data and density is difficult because of the variation in resolution. CPT data were recorded every 5 mm of penetration whilst density variation
was typically observed over a scale of hundreds of millimeters. What is evident from Figure 3 is the increase in
sleeve friction with depth versus the largely depth-independent density data. This suggests that sleeve friction increases with depth.
CPT sleeve friction data for snow is not routinely modified to incorporate the increase in vertical stress with
depth, but this is only because such data has never previously been reported before the work done by McCallum
(2012). In that investigation, McCallum investigated the effect of overburden on sleeve friction data and concluded that mean sleeve friction varied significantly with amount of overburden and thus vertical stress, see Figure 4.
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Figure 4. Significant variation of mean sleeve friction with amount of overburden removed. Line of best fit has
gradient -0.003 ± 0.0004; each point on the graph is the mean of 195 data points.

If estimated values for snow unit weight are used to remove this frictional increase with depth ( 17 % per m)
from the friction data presented in Figure 3, then a much closer fit is qualitatively observed between net sleeve
friction and snow density, see Figure 5.
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Figure 5. Comparison of net sleeve-friction averaged over friction-sleeve length and normalized for comparison
purposes, with snow density.

5 SUMMARY
Higher resolution density data is necessary to enable further quantification of the relationship between snow density and sleeve friction. However, preliminary analysis suggests that there is a significant relationship between net
sleeve friction obtained from CPT and snow density. Because snow is a bonded geomaterial, tip resistance data is
not used in establishing this relationship, indeed, the combination of tip resistance and sleeve friction CPT data
for polar snow may provide insight into the microstructure or level of bonding within the snow pack. This is the
subject of ongoing research.
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Applicability of the resistivity cone to identify capillary fringe
L. G. Campos & A. S. P. Peixoto
Civil and Environmental Engineering. São Paulo State University – UNESP, Brazil

ABSTRACT: The rainy and dry seasons in tropical climate can lead to leaching of the soil surface, creating deep
layers of unsaturated, porous and permeable soils. The piezocone (CPTU) is an excellent tool for soil profiling.
Nevertheless, in tropical soils there can be loss of saturation of the pore pressure sensor. This paper intends to encourage use of the resistivity piezocone by presenting laboratory test results. The moisture content in surface layers
can vary significantly hence the analysis of soil resistivity must involve matric suction. Three typical tropical soils
are analyzed comparing resistivity with soil suction, moisture content and degree of saturation, when controlling
both void index and temperature. The resistivity was closely related to the increase in suction and therefore this is a
possible route for evaluating the first inlet air in the results of in situ tests, which provide important information for
identifying the capillary fringe in geoenvironmental investigations.

1 INTRODUCTION
Many regions in Brazil have very deep water table, and seasons involving rainy summers and dry winters. These
characteristics make it difficult in the interpretation of piezocone tests (CPTU) so it was assumed the measured
cone tip resistance (qc) was equal to correct cone tip resistance (qt), since pore pressure was not measured and
friction ratio (Rf) is assumed to be fs/qc (in %).

The resistivity piezocone (RCPTU) has become a very useful tool in the geoenvironmental investigation of contamination plumes. Using this device, bulk resistivity of soil can be measured in a series of
tests, allowing for the detection of the probable presence of certain substances by comparing them to
reference values. The electrical resistivity technique, including RCPTU, has been widely applied in geotechnical
and geoenvironmental investigations in situ (e.g. Daniel et al. 2003; Mondelli et al. 2006; Bang, et al. 2008;
Campanella 2008; Mondelli et al. 2010;) and in the laboratory (Kalinsky & Kelly 1993; Adli et al, 2010).
This paper shows the potential applicability of the RCPTU to provide information for identifying the capillary
fringe in geoenvironmenal investigations. The moisture content in surface layers can vary significantly hence the
analysis of soil resistivity must involve matric suction. This study evaluated the relationship between electrical resistivity and soil suction for three typical tropical soils: sedimentary clayey sand; residual diabase sandy clay; and
silty sand from fluvial erosion.
For both the clayey sand and the sandy clay, the soil water retention curve (SWRC) was determined using
compacted samples from the standard compaction test procedure. Suction was measured by the filter paper technique, using Whatman No. 42 filter paper on a drying path. The compacted samples provide controlling moisture
content, void ratio, degree of saturation, and salinity of the percolation fluid. The tests of the third soil (erosion)
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were carried out on undisturbed samples in order to study a correlation with the RCPTU of the erosion studied by
Fagundes et al. (2011).

2 THEORETICAL CONCEPTS
2.1 Bulk resistivity
Electrical resistivity is a physical property every material possesses, which indicates the degree of difficulty of an
electric current to pass through it. Resistivity is expressed in units of electrical resistance multiplied by unit length
(.m) (Koefoed, 1979).
Most soils and rock are essentially nonconductive. However, soils as clays or minerals such as magnetite,
hematite, carbon, pyrite and other metallic sulfides, may be present in sufficient concentrations to contribute
measurably to bulk electrical conductivity. Bryson & Bathe (2009) noted that the electrical conduction in clean
sands occurs almost exclusively in the pore fluid, which is called electrolytic conduction, while in clays it occurs
in the pores and at the interface between the soil particles and the pore water, and is called surface conductivity.
Surface conduction also occurs through the grain-to-grain contacts of contiguous soil particles in soils containing
sizable percentages of fines.
Measuring the resistivity of soil requires taking into consideration several intervening variables, including the
geometry of the electrodes, the frequency in which resistivity is measured, and the properties of the soil to be analyzed. In the interpretation of results, soil is considered to consist of solids, liquid and air. Current is conducted
mostly through interstitial fluid, since this medium facilitates charge transport, generating electrolytic current. Air
always works as an insulating body (Campanella et al. 1998; Lunne et al. 1997). Table 1 summarizes the influence of some soil parameters on electrical resistivity, according to Razali & Osman (2011). Other soil properties,
such as, porosity, clay mineral composition, metal content, grains size distribution also affects the current flow.

Table1.Trend of resistivity result with different soil parameters.(Razali & Osman, 2011)
Parameters

Electrical Resistivity, ρ

Moisture Content, ↓

ρ, ↑

Compaction Energy, ↑

ρ, ↓

Bulk Density, ↑

ρ, ↑

Dry Density, ↑

ρ, ↑

Friction Angle, ↑

ρ, ↑

Cohesion, ↑

ρ, ↑

2.2 Suction
According to Oh et al. (2008) and Boszczowski (2008), the electrical resistivity is too high (low conduc-tivity) in
dry soil and decreases rapidly with increasing water content until a moisture content is reached in which the resistivity becomes constant. In tropical soils, the moisture in the surface layers varies significantly and suction analysis is necessary to understand the soil behavior. Hence, electrical resistivity is a parameter which can assist in the
analysis of the variation of suction within the soil layer.
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The capillary fringe of an aquifer is defined as the part of the interface region between the water table and the
unsaturated zone above it. It separates between saturated regions, under positive pressure head and unsaturated
regions containing mostly air, at atmospheric pressure (Ronen et al, 2000). Note that the soil above a water table
can also have all its pores filled with water for some distance. This water was drawn up into the soil by suction
forces. The water is held by suction, and has a pressure that is less than atmospheric pressure.
According to studies by Pozdnyakov et al (2006), an exponential model is appropriate to describe the relationship between electrical resistivity and soil water content at all possible water contents. However, Pozdnykov et al
(2006) point out that different model parameters should be used in the different ranges of water content (such as
the adsorption, film, film-capillary, capillary, and gravitational water ranges) with different mechanisms of water
retention. Theoretically, the relationship between electrical resistivity and the logarithm of the water content
should represent a series of linear segments with consequently decreasing slopes corresponding to different ranges
of the water content, as illustrated in Figure 1.
Muñoz-Castelblanco et al. (2011) studied a loess soil from France and considered that the electrical conduction behavior can be divided into at least two regimes: the first one related to the inter-aggregate pores in which
the water phase is continuous and the second one corresponding to the intra-aggregate pores where the water
phase is disconnected due to the air-filled pore space between the aggregates. In the same way, Aquino et al.
(2011) concluded that soil suction has the tendency to maintain constant or low increase with the decrease of saturation and sharp increase of resistivity.

Figure 1. A piecewise-linear relationship between the natural logarithm of water content and electrical resistivity.
(Pozdnyakov et al., 2006)

3 METHODOLOGY
3.1 Sampling
The soil water retention curves (SWRC) for the clayey sand and sandy clay soils were obtained from compacted
samples using the standard compaction test procedure compacted at the optimum water ratio, as illustrated in Figure 2(a).
In addition, the SWRC was obtained on an undisturbed sample of silty sand from fluvial erosion, as shown on
Figure 2(b), in order to study some correlation with RCPTU data from the same location. Also, samples were collected by direct push technique in order to measure the electrical resistivity in the laboratory and correlate with the
field results.
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3.2 Suction
The soil-water retention curve (SWRC) was obtained with compacted samplers of standard compaction test procedure using the filter paper technique for suction measurement, Figure 2(c), using Whatman No. 42 filter paper
and drying path, as described by Marinho & Oliveira (2006). As Muñoz-Castelblanco et al. (2011) showed that
there is no change in the resistivity value with the drying-wetting circle in the SWRC.

Figure 2. Soil samplers obtained from (a) compaction mold and (b) undisturbed sample; (c) drying procedure (d)
sample weighting

The method consists of placing the soil sample in contact with a porous material (filter paper) that has a known
retention calibration curve (suction versus filter paper water content). The suction is obtained from a calibration
curve, once given the contact between the paper and the soil water migration occurs until there is equilibrium potential. The same procedure was done in the undisturbed sample from erosion.
The suction values were calculated by Chandler et al.(1992) with the filter paper water content, Equations 1
and 2:

10

,

,

47%

(1)

10

,

,

47%

(2)

where s = suction (kPa); wf = water content of filter-paper, (%).
3.3 Bulk resistivity
Electrical resistivity tests were carried out with two copper plates, 40.42mm in diameter, pressed against the specimen (Fig. 3). The compaction mold was built with an electrical insulator. A power supply was used to apply alternating current (AC) with an electrical potential of 5V and frequency of 1000Hz. The temperature was also
measured. The procedure is showed at Figure 3.
Cooper plates were placed on the specimen immediately after accurately weighing the sample. The voltage and
current were obtained and bulk resistivity was calculated by Equation 3.

.

(3)

where  = bulk resistivity (ohm.m); V = voltage, (mV); I = current (mA); A = cross area; l = sample length.
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Figure 3. Bulk resistivity measurements

4 SOIL CHARACTERIZATION
The characterization and compaction test results are summarized in Table 2. The site characterization of the erosion soil is showed in Figure 4 based on RCPTU results. Soil samples were taken by direct push technology at different depths and some portions of the least disturbed samples were used to carried out laboratory tests to obtain
electrical resistivity using the copper plate methodology. The laboratory results are shown in Figure 4 by circle
points. The similarity of the in situ and laboratory results attests the quality of the specimens. The undisturbed
sample at 0.5m depth was used for the SWRC tests.

Table 2.Results of characterization and compaction tests.
Test Sample

Clayey Sand

Sandy Clay

Silty Sand

s (kN/m³)

26.43

28.63

25.87

Natural water content, w (%)

6.9

16.6

10.0

Clay, Ø<0,002 (%)

18.7

60

13.5

Silt, 0,002<Ø<0,060 (%)

10.3

16

7.9

Fine sand, 0,060<Ø<0,20 (%)

70

22

39.7

Medium sand, 0,20<Ø<0,60 (%)

1

2

38.6

Coarse sand, 0,60<Ø<2,00 (%)

0

0

0.3

Liquid Limit, wl (%)

23.2

41.9

NP

Plastic Limit, wp(%)

0

28.4

NP

Ip(%)

NP

13.6

NP

Optimum Water Content, OMC (%)

12.8

23.9

-

Maximum dry density, dmax (kN/m³)

18.9

16.05

-

SC

CL

SM

Limits of
consistency

Proctor

Unified classification
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Figure 4. RCPTU test results at Fluvial erosion site

5 RESULTS AND ANALYSES
5.1 Soil-water retention curve (SWRC)

The SWRC for the clayey sand and for the sandy clay is showed in Figure 5(a) and 6(a). Curve fitting to the
clayey sand is performed using the model of Van Genuchten (1980), Equation 4. The curve for the sandy clay did
not have a good fit by that model, but it is possible to identify the first and second inlet air.
.

(4)

.

Where w = water content;wr = residual soil-water content; ws = saturated soil-water content; s = suction; , m and
n = fitting parameters.

Analyzing Figures 5(a) and 6(a) (compacted samples) and Figure 7(a) (undisturbed sample of erosion), it can
be inferred about suctions of the inlet air. Applying the inlet air suction values in the equations adjusted by Figures 5(b), 6(b) and 7(b), it is possible to estimate the approximate resistivity for the interval between the entry of
air into the macropores and micropores, and shown in Table 3.

596

The SWRC of silty sand (erosion) soil was carried out in an undisturbed sample taken at 0.5m depth. The bulk
resistivity results of Figure 7(b) show high values in that layer according with second inlet air interval. In that
way, the resistivity values could help the interpretation of pore pressure and associated SBT by Robertson et al
(1986), and would also improve the analysis of soil profile in piezocone results.
Table3. Estimated values of resistivity in the first and second inlet air.

Soil

Equation

Interval of
First

Interval of
Second

Estimated
b First

Estimated b
Second

Inlet Air

Inlet Air

Inlet Air

Inlet Air

(kPa)

(kPa)

(ohm.m)

(ohm.m)

b=-0.00004s2+4.88s+8065

6 to10

2000

557 to 576

9250

Sandy clay (compacted)

b=0.0002s2-0.63s +890.79

20 to 35

9000

868 to 878

11439

Medium sand (undisturbed)

b=-0.00004s2+4.44s+532.06

5 to 8

900 to 4000

554 to 568

4495 to 17650

100000

First Inlet air
Macropores

18
16
14
12
10
8
6
4
2
0

Second Inlet air
Micropores

Filter paper
0.1

1

(a)

10 100 1000 10000
Suction (kPa)

Bulk Resistivity ( .m)

Moisture Content (%)

Clayey sand (compacted)

rb = -4E-05s2 + 4.8838s + 8065
R² = 0.9679

80000
60000
40000
20000

Distilled

0
0.1

(b)

1

10 100 1000 10000
Suction(kPa)

30
27
24
21
18
15
12
9
6
3
0

First Inlet air
Macropores

Filter
Paper
0.1

(a)

b = 0.0002s2 - 0.6282s + 890.79
R² = 0.9662

100000
Bulk Resistivity (.m)

Moisture Content (%)

Figure 5. Compacted samples of clayey sand: (a) Soil water retention curve (SWRC); (b) Bulk resistivity versus
suction.
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10
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Figure 6. Compacted samples of sandy clay: (a) Soil water retention curve (SWRC); (b) Bulk resistivity versus
suction.
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R² = 0.9925
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Figure 7. Undisturbed sample of erosion soil: (a) Soil water retention curve (SWRC); (b) Bulk resistivity versus
suction.

6 FINAL REMARKS
The analyzes of resistivity tests on compacted samples with the controlling of physical index showed the
possibility of using electrical resistivity to aid in the interpretation of the changes in soil saturation to
identify the capillary fringe. The identification of the second inlet air in the SWRC can be aided by the
sudden increase in resistivity, as shown in Figures 6 and 7.
The similarity of the in situ and of the laboratory resistivity values attests the quality of the methodology of measurements of resistivity in laboratory.
Finally, the resistivity values obtained for the suction in the second inlet air showed that the RCPTU
as an interesting tool in the geo-environmental site characterization, not only to identify chemical anomalies (contaminant plume delineation), but also changes in moisture content and possible identification
of the capillary fringe.
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ABSTRACT: Shear wave velocity (Vs) and the related small strain shear modulus (Gmax) are essential soil properties for static and dynamic analysis of soil deformations and can also be used to assess sample quality. The paper
describes empirical relationships between Vs or Gmax and piezocone net cone resistance (qnet) for marine clays. Correlations are developed from a database consisting of 14 well characterized marine cohesive soil deposits, including 9 offshore sites. The various relationships investigated show a moderate to high degree of correlation, in particular a strong correlation was found between qnet and Gmax (or Vs). The established correlations can be used for
the estimation of Gmax or Vs from qnet during early stages of projects before advanced laboratory testing is conducted, or in projects with limited Vs and Gmax testing. These correlations can also be used as a reference in new offshore investigations.

1 INTRODUCTION
Various empirical relationships between shear wave velocity (Vs) and piezocone (CPTU) parameters have been
proposed and show moderate to high degrees of correlation. In particular a strong correlation exists between the
cone resistance qc (or corrected cone resistance qt) and Vs (e.g., Mayne and Rix 1995, Mayne 2007, Robertson
2009, Long and Donohue 2010). These established correlations are useful for estimating Vs or the small strain
shear modulus (Gmax) from qc or qt in projects without in situ measurement of Vs or with limited advanced laboratory testing of Vs and Gmax. These correlations can also be used as a quality control check for new offshore marine
clay deposits. However, it is noted that these various correlations were developed mainly for onshore soils. Recent
advance in offshore downhole seismic cone testing has made new data available for further development of such
correlations with emphasis on offshore marine cohesive soils. For such soils, a strong correlation between net
cone resistance (qnet) and undrained shear strength (su) has been established (e.g., Lunne et al. 1997, 1997b, Low
et al. 2010, Lunne et al. 2011). Based upon this framework, the paper introduces new correlations for Vs and Gmax
with qnet.

2 BACKGROUND
2.1 In situ and laboratory measurement of Vs
Vs and Gmax of soils are often measured using several in situ and laboratory methods. The seismic piezocone
(SCPTU) is the most common in situ tool that provides a down hole measurement of Vs. In the laboratory, bender
elements (BE) are used in a consolidation or shear device (e.g., triaxial) to measure Vs (e.g., Dyvik and Madshus
1985) or Gmax can be directly measured in the resonant column (RC) device (e.g., Drnevich et al. 1978).
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2.1.1 Offshore seismic cone testing
For the SCPTU, geophones or accelerometers are added to the CPTU to measure arrival of compression (P) and
shear (S) waves transmitted through the soil from the seabed. An energy source at the ground surface initiates the
waves and sensors in the cone body detect their arrival. Travel times are recorded at different depth intervals,
which enable computation of average wave velocities over each depth interval. Figure 1 shows an example of an
offshore SCPTU setup. The seismic probe has two tri-axial geophone arrays spaced 1 meter apart that allows for
measurement of true-interval S-wave arrival time. The use of the true-interval method (i.e., dual sensors) is more
accurate than the pseudo-interval method which uses only one sensor. Two energy sources (i.e., hammers) are
mounted horizontally in opposite directions on one outrigger footing of the seafloor drilling unit to provide opposite polarity S-wave pulses which facilitates discriminating between P-wave and S-wave arrivals at the seismic
cone.

Figure 1. Schematic setup of SCPTU test offshore (from Nguyen et al. 2013)
Figure 2 shows an example of recorded seismic signals from a typical test at a targeted depth below the seabed
where two opposite hammer strikes were applied. The resulting Vs is calculated from the difference in travel path
lengths and the difference in arrival times of S-waves at the two geophones. Determination of arrival times at the
two geophones (t1 and t2) is made using the first major cross-over of the wave traces (ASTM D7400 and Butcher
et al. 2005). The 1 m depth interval (distance between the geophones in the probe) Vs of the soil is computed as:
(2)
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where L1 and L2 are the assumed travel paths of the S-waves from the source to the two geophones (G1 and G2)
and t1 and t2 are the arrival times at G1 and G2 respectively.

Figure 2. An example of P and S waves recorded by a dual geophone seismic cone using the seabed drilling system shown in Figure 1 (from Nguyen et al. 2013)
While the SCPTU is well utilized in onshore site investigation practice, it has been underutilized offshore in the
past decades in spite of its value for several significant geotechnical analysis and design applications. The first
offshore seismic cone test and its application was reported by Campanella et al. (1986). Peuchen et al. (2002) presents an overview of various aspects of the seismic cone test in offshore geotechnical practice. Nguyen et al.
(2013) reports recent developments and case studies in offshore seismic cone testing.

2.2 Significance of Gmax or Vs
Small strain shear modulus or initial shear modulus (G0) is an important measure of soil stiffness and is an essential input parameter for the analysis and design of foundations subjected to both static and dynamic loading and
that involve elastic and elastoplastic deformations (e.g., Burland 1989, Jardine 1992, Andersen et al. 2008, and
Puzrin, A. 2012). Gmax is directly related to shear wave velocity (Vs) based on the elastic relationship:
(1)
where t is the total soil density.
Vs is widely used in soil liquefaction assessment (e.g., Robertson et al. 1992 and Andrus and Stokoe 2000). More
recently, Vs has been used as a non-destructive method for evaluating sample quality of clays (e.g., Hight et al.
2003, Donohue and Long 2007 and Landon et al. 2007). Direct in situ measurement of Vs can also be used for
calibrating shear wave velocities measured using other geophysical methods, especially in offshore applications
(e.g., Peuchen et al. 2002). Furthermore it provides a fourth measurement for CPTU testing (in addition to qt,
sleeve friction, fs and pore pressure, u2) which allows for enhanced interpretation of CPTU data.

603

3 TEST SITES
A database consisting of 14 well-characterized sites including 9 offshore and 5 onshore locations was developed
for this study. High quality in-situ seismic cone tests were performed at each site. Advanced laboratory measurements of Vs and Gmax were also measured using bender elements and resonant column tests from selected high
quality samples reconsolidated to the estimated in-situ effective stress state.
Table 1 summarizes the site locations and the basic soil properties of the test sites. The majority of offshore clay
sites are from the Caspian Sea with water depth ranging from 73 to 532 meters. Two clayey silt deposits from
Western Australia (TMR and Burswood) are included in the database, of which TMR is offshore Timor Sea at
595 m water depth and Burswood is an onshore estuarine deposit. Four well-characterized onshore marine clay
deposits from Norway (Onsøy and Drammen) and from Northeast North America (Boston Blue Clay – BBC,
USA and Leda clay, Canada) are also included in the database. Generally, the clays are lightly overconsolidated
with most overconsolidation ratios (OCR) being less than 4. In terms of plasticity characteristics, the soils are
primarily low plasticity (CL) and high plasticity (CH) clays with the plasticity index ranging from 20 to 65 percent. The soils are Holocene and late Pleistocene age and the majority are uncemented.

Table 1. Offshore and onshore test site locations and range of soil properties
W.D.1

wn3

PI4

(%)

(%)

CL/CH

40-125

Clay

OH/CH

532

Clay

Caspian Sea

414

CAP5

Caspian Sea

6

CAP6

7

Test
Site

ID

1

CAP1

Caspian Sea

205

Clay

2

CAP2

Caspian Sea

472

3

CAP3

Caspian Sea

4

CAP4

5

Soil Type USCS2

LI5

St6

OCR7

References

26-50

0.6-2.0

2.5-4.0

1.1-4.0

From Benthic and
NGI files

25-180

25-65

0.5-1.9

3.0-5.0

1.1-3.0

-

CL/CH

25-210

24-66

0.4-1.5

2.0-5.0

1.1-3.0

-

Clay

OH/CH

48-173

26-53

0.6-2.2

2.0-6.0

1.1-1.4

-

301

Clay

OH/CH

35-130

35-53

0.5-1.5

3.0-6.0

1.1-3.0

-

Caspian Sea

166

Clay

CL/CH

40-120

22-55

0.6-1.9

3.0-5.0

1.1-4.0

-

CAP7

Caspian Sea

95

Clay

CL

25-40

20-30

0.5-0.6

2.0-3.0

1.2-4.5

-

8

CAP8

Caspian Sea

73

Clay

CH/CL

25-92

20-33

0.2-1.9

3.0-5.0

1.2-6.0

-

9

TMR

Timor Sea

595

Silt

MH

45-100

20-55

0.5-1.6

3.0-20

1.2-10

Nguyen et al. 2012

10

Onsøy

Norway

-

Clay

CH

60-74

35-50

0.9-1.2

4.0-9.0

1.2-1.5

Eidsmoen et al. 1985

11

Drammen

Norway

-

Clay

CH

30-52

27

0.9

4.0-8.0

1.6

Eidsmoen et al. 1985

12

BBC

USA

-

Clay

CL

40-54

19-21

0.6-1.1

3.0-30

2.2-10

Landon 2007, Landon
et al. (2007)

13

Leda

Canada

-

Clay

CH

84-94

27-38

1.8-2.4

15-18

2.8-3.0

-

14

Burswood

Australia

-

Silt

MH

63-105

28-54

0.7-1.4

3.0-14

1.4-1.6

Landon 2007, Low et
al. (2011)

Location
(m)
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Note: 1W.D. = water depth; 2USCS = Unified Soil Classification System, CL = low plasticity clay, CH = high plasticity clay, OH = high
plasticity organic clay/silt, MH = high plasticity silt; 3wn = natural water content; 4PI = plasticity index; 5LI = liquidity index; 6St = undrained
shear strength sensitivity, 7OCR = overconsolidation ratio.

4 CORRELATION RESULTS
4.1 Vs and qnet correlation
Figure 3 plots Vs versus qnet for the sites listed in Table 1; the in-situ Vs data are plotted in open symbols while laboratory data are plotted in filled symbols. The data show a strong trend with Vs increasing as qnet increases to
which a simple power function fit yields:
220.

.

(3)

where Vs is in m/s and qnet in MPa.

Shear wave velocity, Vs (m/s)

The laboratory data generally plot below the best fit line indicating laboratory Vs values are lower than in-situ
values. This could be due to varying degrees of sample disturbance and that some of the data are for samples that
were not re-consolidated to the in situ effective stress state (e.g., bender element tests).

Figure 3. Vs versus qnet data and best fit power function

4.2 Gmax and qnet correlation
Figure 4 plots Gmax versus qnet and similar to Vs, a strong correlation is found between Gmax and qnet for which a
power function fit results in:
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89.1

.

(4)

Small strain shear modulus, Gmax (MPa)

where Gmax and qnet have units of MPa.

Figure 4. Gmax versus qnet data and best fit power function

4.3 Normalized shear modulus correlations
Figure 5 plots shear modulus normalized by in-situ vertical effective stress (Gmax/'v0) versus qnet and shows that
in general Gmax/'v0 increases with increasing qnet. However, the data are quite scattered and the correlation is relatively moderate. Figure 6 plots shear modulus normalized by the DSS undrained shear strength (Gmax/suDSS) versus qnet. Similar to Figure 5, the scatter is quite large and the trend is moderate.
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Figure 5. Gmax/'v0 versus qnet

Figure 6. Gmax/suDSS versus qnet

4.4 Comparison with existing correlations
Robertson (2009) proposed a correlation between Gmax and CPT using soil behavior type index, Ic, and qnet, where
(5)
0.0188 10

.

.

(6)

For comparison, Figure 7 presents the data from Figure 4 with Gmax values predicted using Equations 5 and 6 for
Ic values of 3.0 and 3.4, which represents the range encompassing the vast majority of Ic values for the sites investigated in this study. The predicted values are generally reasonable, while Equation 4, which is independent of Ic,
provides, as expected, some additional refinement for the marine clays studied since it was directly fit to the
measured data.
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Figure 7. Prediction of Gmax values using Robertson (2009)

5 CONCLUSION
Vs (and Gmax) versus qnet correlations were developed from a database consisting of 9 recently investigated offshore sites located in the Caspian Sea and the Timor Sea together with 5 well characterized onshore mostly marine clay deposits in Norway, USA, Canada, and Australia. For the offshore sites, seismic cone testing was deployed in water depths ranging from 73 m to 595 m for measuring the in-situ down-hole shear wave velocity
using a seafloor based drilling system. Laboratory testing consisted of resonant column and bender element tests
performed on selected samples reconsolidated to the estimated in-situ effective stress state. The database of Gmax
and Vs values from the laboratory and in-situ seismic cone tests were used to develop correlations with qnet. In addition, correlations between qnet and Gmax normalized by the in-situ vertical effective stress (Gmax/'v0) and undrained shear strength (Gmax/su) were investigated.
The various relationships investigated show a degree of correlation that ranged from poor to very good, in particular a strong correlation was found between qnet and Gmax or Vs. It is recommended that the qnet correlations can
be used for estimating Gmax or Vs during early stages of projects, i.e., before advanced laboratory testing is conducted, or in projects without in situ measurement of Vs or with limited advanced laboratory testing of Vs and
Gmax. These correlations can also be used as a quality control check for site investigations at new offshore sites
with young, uncemented marine clay deposits. While the relationships between Gmax/'vo or Gmax/su vs qnet show a
large degree of scatter, the general trends in these data can also be used to evaluate data from new site investigations.
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ABSTRACT: Frameworks for estimating soil properties from CPT penetration resistances must account
for the effects of overburden stress on both the penetration resistance and the soil property of interest,
including how such effects vary with soil type. For example, common procedures for estimating the liquefaction resistance of sands include functional terms that account for the effect of overburden stress on
the penetration resistance (i.e., the CN factor) and cyclic resistance ratio (i.e., the Kσ factor). Common
procedures for estimating monotonic and cyclic undrained shear strengths of clays use different notations and functional terms. A single framework for all soil types is a necessary step toward more rational
interpretation of properties for intermediate soils. This paper examines the use of a common framework
for overburden normalizations of penetration resistance and cyclic resistance ratios in clean sand and ordinary sedimentary clay, with the normalizations cast in terms of either a constant state parameter () or
a constant void ratio (e). The examination of these terms for clean sand and ordinary sedimentary clay
provides useful bounds for generalization of these frameworks across intermediate soil types.
1 INTRODUCTION
CPT and SPT penetration resistances vary with overburden stress in all soil types, such that frameworks
for estimating soil properties from penetration resistances have to account for the overburden stress in
some way. The effects of overburden stress on penetration resistance and specific soil properties is different in clays than in sands, such that different approaches have been adopted for different soil types
and problem applications (e.g., Robertson & Campanella 1983, Wroth 1984, Olsen & Malone 1988,
Boulanger & Idriss 2004, Moss et al. 2006).
This paper examines the use of a common framework for overburden normalizations of penetration
resistance and cyclic resistance ratios (CRR) in clean sand and ordinary sedimentary clay. The overburden normalization of penetration resistances conditional on either a constant state parameter () or a
constant void ratio (e) are reviewed first, followed by the development of overburden correction factors
for sand and ordinary clays. The overburden normalization of CRR, similarly conditional on either a
constant  or constant e, is then examined for both soil types. The results provide useful bounds for the
generalization of these frameworks across a range of intermediate soil types.
2 OVERBURDEN NORMALIZATION OF PENETRATION RESISTANCES
The effect of overburden stress on cone penetration resistance has been extensively studied, both experimentally and theoretically, with a number of important features having become well accepted. First, the
measured tip resistance (qc) must be corrected for unequal end area effects (Campanella et al. 1982),
which in CPT literature is commonly expressed as,
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1

1

where qt = the cone tip resistance corrected for unequal end area effects, ar = area ratio for the cone tip,
and u2 = pore pressure measured behind the cone tip. The magnitude of this correction is typically quite
small for sands (as u2 ≈ u0), but can be significant for soft clays (as u2 > u0), especially offshore due to
high hydrostatic water pressures (u0). In literature related to liquefaction of sands, it is not uncommon to
see the terms qc and qt used interchangeably even if the correction for unequal area effects has been performed. Explicit distinction between these terms is, however, advantageous in developing methods intended for a range of soil types.
Soil properties are best related to the net tip resistance (qt,net) which is the tip resistance in excess of
the in-situ total vertical stress (v), rather than to the tip resistance directly (e.g., Robertson 1990). The
net tip resistance can then be divided by the in-situ effective vertical stress (v) to obtain the parameter,
,

2

The term Q has been used extensively in soil behavior type classification schemes and soil property correlations (e.g., Robertson 2009), with a number of different subscripts indicating various assumptions
important to a specific application. Herein subscripts are omitted from Q for clarity.
The net tip resistance varies nonlinearly with v by an amount that depends on soil type. It has therefore been desirable to further normalize the parameter Q to an equivalent reference stress condition, to
produce a normalized parameter that is largely independent of v and which can be more uniquely correlated to various soil properties (e.g., CRR). The form of previous normalization schemes, as reviewed
by Robertson (2009), generally assumes that Q varies in proportion to v raised to an exponent m, with
m ranging from about 0.5 for sands to 1.0 for clays. The fundamental basis for determining the exponent
m has not always been explicitly stated and appears to have been different for sands and clays in many
cases.
One approach to stress-normalization is to target a normalized tip resistance that correlates to the
properties of the same soil at the same void ratio at the specified reference stress (commonly taken as v
= Pa = 1 atm = 101.3 kPa = 2117 psf), with all other variables also remaining constant (e.g., same lateral
earth pressure coefficient, same over-consolidation ratio, same cementation, same age, same stress and
strain history). The normalized tip resistance for this approach may be expressed as,
3

or, in parts as,
4
5

where Q1e = normalized net penetration resistance for the soil at the same void ratio and a v of 1 atm,
CNe = overburden correction factor for normalizing at the same void ratio, and me = the stress exponent
for normalizing at the same void ratio.
Overburden correction factors for sand have, for example, historically been developed for correlating
to the properties of a sand at the same relative density (DR), which is equivalent to targeting the same
void ratio (e.g., Marcuson & Bieganousky 1977, Skempton 1986, Liao & Whitman 1986, Boulanger
2003). For this reason, the CN factors presented in these earlier studies for sands would be better referred
to as CNe factors. In addition, the overburden corrected penetration resistance (qc1) referred to in many
liquefaction analysis procedures for sands (e.g., Robertson & Wride 1998, Idriss & Boulanger 2008)
would be better represented by the parameter Q1e, recognizing that the two are approximately equal in
sands.
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A second approach to stress-normalization is to target a normalized tip resistance that correlates to
the properties of the same soil at the same state parameter (). The state parameter (Wroth & Bassett
1965, Been & Jefferies 1985) is the difference between the void ratio at critical state and the current
void ratio at the same mean effective stress. In this case, the normalized tip resistance represents the tip
resistance that would be obtained in the same soil at the same  at the specified reference stress (again
taken as v = Pa = 1 atm), with all other variables also remaining constant (e.g., same lateral earth pressure coefficient, same over-consolidation ratio, same cementation, same age, same stress and strain history). The normalized tip resistance for this approach may be expressed as (Maki et al. 2013),
6

or, in parts as,
7
8

where Q1 = normalized net penetration resistance for the soil at the same  and a v of 1 atm, CN =
overburden correction factor for normalizing at the same , and m = the stress exponent for normalizing
at the same .
Expected variations of CNe, CNξ, me and m for sands and clays are examined in the following sections
to provide bounds on what might be reasonably expected for intermediate soils.
3 OVERBURDEN CORRECTION FACTORS CNe AND CN FOR SAND
An example of the expected variation of net cone tip resistance with v in a typical sand is illustrated in
Figure 1 based on the relationships proposed by Boulanger & Idriss (2004). These relationships were derived using the numerical model of Salgado et al. (1997) which was calibrated to a database of over 400
cone calibration chamber tests on several sands with 'v up to about 7 atm.

Figure 1. Net cone tip resistance versus overburden stress for a clean sand at: (a) a range of initial void ratios, and
(b) a range of initial state parameters.

Boulanger & Idriss (2004) related DR to the overburden normalized penetration resistance, which using the notation adopted herein and neglecting the small difference between qt,net and qt in sands would
be expressed as,
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0.465

.

1.063

9

The parameter Cdq is a constant that varies with the characteristics of sand; Boulanger & Idriss (2004)
indicated that Cdq values of 0.64 to 1.55 would encompass the relationships derived by Salgado et al.
(1997a) for upper and lower ranges of sand properties. The  was determined from an empirical critical
state line derived from Bolton's (1986) dilatancy relationship as,
10

where Q and R are empirical constants dependent on soil mineralogy (Bolton suggested values of 10 and
1.0, respectively, for quartz sands) and emax and emin are the maximum and minimum void ratios by reference tests, respectively. Boulanger & Idriss' (2004) expressions for CNe corresponds to Equation 5 with
0.784

0.521

11

and their expression for CN corresponds to
∆

.

.

,

12

.

∆

13

,

where Ko is the coefficient of lateral earth pressure at rest.
The relationships in Figure 1a show qt,net versus v for a sand at five different void ratios (0.6, 0.66,
0.77, 0.83, and 0.89) corresponding to DR of 0%, 20%, 40%, 80%, and 100% based on Q = 10, R = 1, Ko
= 0.45, emax = 0.89, and emin = 0.6. The slopes of these qt versus 'v graphs, in this log-log scale, correspond to the stress exponent me. These results illustrate how the stress exponent me increases with increasing DR for sands (i.e., steeper lines in Figure 1a). The corresponding dependence of CNe on DR is
shown in Figure 2.
CNe and CN
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Figure 2. CNe and CNξ relationships for sand as recommended by Boulanger and Idriss (2004).

The relationships in Figure 1b show qt,net versus 'v for the same sand at four different initial values
of ξ (-0.3, -0.2, -0.1, and 0.0). These qt,net versus 'v graphs are slightly curved in this log-log scale.
These results also illustrate how the stress exponent m will increase with increasing denseness for sands
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(i.e., more negative ). The corresponding dependence of CN on denseness is shown in Figure 2 for 
values corresponding to the same DR, at 'v = 1 atm as examined for CNe. Comparing the curves in Figures 1 and 2 show that the m values are greater than me values for similar degrees of denseness.
4 OVERBURDEN CORRECTION FACTORS CNe AND CN FOR CLAY
The expected variation of qt,net with 'v in a saturated deposit of an ordinary sedimentary clay is illustrated in Figure 3 based on established relationships between undrained shear strength (Su), cone penetration resistance, and a set of typical soil properties. The relationships in Figure 3 are based on assuming that the clay's consolidation and shear strength behaviors are described by a Modified Cam Clay
model with M=1.2,  = 0.2,  = 2.76 and  = 0.025. The Su in isotropically consolidated undrained triaxial compression for the Modified Cam Clay model can be expressed as an undrained shear strength ratio,
14

The undrained strength ratio obtained using this expression is,
.

0.327

15

which is the same form incorporated in the SHANSEP procedure by Ladd & Foott (1974). The void ratio can be computed from the consolidation stress and stress history, giving  as,
16

The cone penetration resistance is then computed using the expression,
σ

17

where Nkt is the cone bearing factor, which is assumed to be 14 for this example.

Figure 3. Cone tip resistance versus overburden stress for clay represented by the Modified Cam Clay (MCC)
model at: (a) a range of initial void ratios, and (b) a range of initial state parameters.

The relationships in Figure 3a show qt,net versus 'v for the clay at four different initial void ratios
(0.4, 0.5, 0.6, and 0.7). The values of qt,net are constant versus depth because a constant void ratio means
that Su is also constant versus depth; note that this also requires OCR to progressively decrease with increasing depth. The corresponding stress exponent me is thus equal to 0.0 for ordinary clay, which means
that CNe = 1.0 for all stresses as shown in Figure 4.
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Figure 4. CNe and CNξ relationships derived for ordinary sedimentary clay.

The relationships in Figure 3b show qt,net versus 'v for the clay at four different initial values of 
(-0.3, -0.2, -0.1, and 0.0). The values of qt,net increase linearly with depth because a constant  means
that OCR and Su/'vc are also constant with depth. The corresponding stress exponent mξ is thus equal to
1.0 for ordinary clays. The resulting CNξ relationship, shown in Figure 4, varies more strongly with 'v
than the corresponding CNξ relationships for sand (Figure 2).
5 COMPARING OVERBURDEN CORRECTION FACTORS FOR SAND AND CLAY
The values for Q1e and me derived for sand and clay in the previous sections are compared in Figures 5a
and 5b, respectively. For the same void ratio, the Q1e values are much greater in sand than in clay. The
me values for sand range from about 0.75 at large void ratios (low DR) to about 0.20 for small void ratios
(high DR), while the me values for clay are 0 for all void ratios.

Figure 5. Normalized tip resistances (Q1e) and normalization exponents (me) for a typical sand and clay at constant
void ratio.

The values for Q1 and m derived for sand and clay in the previous sections are compared in Figures
6a and 6b, respectively. For the same , the Q1 values are again much greater in sand than in clay. The
m values for sand range from about 0.75 at loose-of-critical states (positive  to about 0.35 for very
dense-of-critical states (very negative ). The m values for clay are 1.0 for all .
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Q1

Figure 6. Normalized tip resistances (Q1) and normalization exponents (m) for a typical sand and clay at constant state parameter (

The trends and patterns depicted in Figures 5 and 6 provide a valuable reference framework for examining overburden correction factors for intermediate soils. These results illustrate the importance of
clearly defining the purpose of the overburden correction factor (i.e., constant void ratio or constant
state) and provide bounds on what might reasonably be expected for soils with characteristics intermediate to those of sands and clays.
6 CRR OVERBURDEN CORRECTION FACTORS, Ke AND K
The effect of 'v on CRR is similarly represented by an overburden correction factor (K) which was introduced by Seed (1983). The original definition of K was based on CRR values being determined for
the same soil at the same void ratio with all else also being equal (e.g., same OCR, same age, same cementation, same Ko), and thus might be more appropriately referred to as a Ke factor. The Ke factor is
defined as,
18

where CRR'vc is the CRR of a soil under a specific value of 'vc, and CRR'vc=1 atm is the CRR of the
same soil when 'vc = 1 atm. If the two CRR values in the above equation are instead determined for the
same soil at the same  (with all else also still being equal), then the term would instead be a K factor.
The CRR values of sand have been shown to be approximately constant for a constant  (Pillai &
Muhunthan 2001), and this observation was used by Idriss & Boulanger (2008) to derive Ke factors like
those shown in Figure 7a. The Ke curves become steeper as the sand DR increases; this trend reflects the
fact that changing the 'v has a greater effect on the dilatancy of dense sands than of loose sands. The
K factor, on the other hand, is equal to 1.0 regardless of DR (Figure 7b).
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Figure 7. Comparison of K relationships for a typical sand and clay depending on whether penetration resistance
was normalized for (a) constant void ratio (Ke) or (b) constant state parameter (K).

The CRR of ordinary sedimentary clay is also approximately constant for a constant value of , because (1) a constant value of  corresponds to a constant undrained strength ratio and (2) CRRs are approximately proportional to monotonic undrained strength ratios. Thus, the K factor is approximately
1.0 for clays, just like for sands (Figure 7b).
The CRR of ordinary sedimentary clay at a constant void ratio, however, will be almost inversely
proportional to 'vc because (1) a constant void ratio implies a constant undrained strength, Su, (2) cyclic
strength is approximately proportional to Su, and (3) the CRR is the cyclic strength divided by 'vc. Thus,
Ke factor for clay is steeper than the corresponding curves for sand, as shown in Figure 7a.
7 CONCLUDING REMARKS
Common frameworks for overburden normalizations of penetration resistance and cyclic resistance ratios across a range of intermediate soil types were explored by their application to the bounding cases of
clean sand and ordinary sedimentary clay. Relationships for overburden normalization of penetration resistances conditional on either a constant state parameter (Q1, m, and CN) or constant void ratio (Q1e,
me, and CNe) were presented for clean sand and ordinary sedimentary clay. Relationships for overburden
normalization of cyclic resistance ratios conditional on either a constant  (K) or constant e (Ke) were
similarly developed for both soil types, with the results illustrating how these two overburden stress
terms are fundamentally interrelated.
The results presented herein provide useful bounds for further development and generalization of
these frameworks across a range of intermediate soil types. For example, numerical simulations of cone
penetration resistances using the constitutive model MIT-S1 have produced reasonable agreement with
the CNe and CNξ factors presented herein for clean sand and ordinary clay (Jaeger 2012). Ongoing work
examining intermediate soil mixtures has similarly been promising.
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Estimation of soil type behavior based on shear wave velocity and
normalized cone data in the north of Denmark
Sarah Firouzianbandpey, Lars Bo Ibsen and Lars Vabbersgaard Andersen
Department of Civil Engineering, Aalborg University, Aalborg, Denmark

ABSTRACT: As a recent development, the CPTu with added shear wave velocity measurement,
known as Seismic Cone Penetration Test (SCPTu), turned into an inimitable in-situ testing method.
There are different classification charts proposed in the literature to predict the soil behavior type
from cone data. Shear wave velocity measurements from SCPTu tests carried out at a sandy site in
the north of Denmark were used in the classification chart based on small strain shear modulus and
normalized cone resistance to verify the soil classification system in the region. The results are
further compared and verified with the classification test results of samples retrieved from boreholes
on the site. The results seem to be very compatible with the soil classification results of samples from
boreholes.

1 INTRODUCTION
Cone penetration tests (CPT) have been considered as an alternative to conventional laboratory
testing due to economical reasons and their ability to provide continuous data over depth that can be
converted into geotechnical in-situ properties of soil. Numerous classification charts have been
proposed to estimate soil type using cone data (Begemann, 1965; Douglas and Olsen, 1981; Jones
and Rust, 1982; Robertson et al., 1986; Robertson and Campanella, 1983; Robertson, 1990; Jefferies
and Davis, 1991; Zhung and Tumay, (1996); Schneider et al., 2008; Cetin and Ozan, 2009). The
seismic piezocone penetration test (SCPTu) which provides multipoint simultaneous measurement of
tip resistance (qt), sleeve friction (fs), pore pressure (u2), and shear wave velocity (Vs), appears to be
a reliable tool in estimation of geotechnical parameters (Lunne et al., 1997; Mayne and Campanella,
2005; Liu et al., 2008; Cai et al., 2009). During the test, a geophone integrated in the cone measures
the arrival time of a seismic wave generated by a hammer impact on a steel plate on the ground
surface. This can be regarded as a down-hole test. When a polarized shear wave is generated, the
time is measured for the shear wave to travel a known distance to the geophone in the cone.
Determination of shear wave velocity (Vs) can be crucial in obtaining information regarding the
soil properties. Vs is used in geotechnical seismic design methods (e.g., IBC 2000 code), in soil
liquefaction evaluations (e.g. Andrus and Stokoe, 2000), as well as in deriving the small-strain shear
modulus (G
ρV ). In the absence of a direct measure of the shear wave velocity, correlations
have been developed between shear wave velocity and several commonly measured geotechnical
properties (cone resistance and sleeve friction). However, uncertainty remains about the choice of
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empirical correlations to determine the constrained modulus, small strain shear modulus and other
deformation parameters (Cai, 2010) (Firouzianbandpey et al., 2012).
Using the data from SCPTu carried out in a sandy site, the chart by Robertson et al. 1995 based
on small strain shear modulus and normalized cone resistance was employed to classify the soil. The
data from the seismic part were used in two different analysis methods to obtain shear wave velocity
and subsequently small strain shear modulus to be used in the chart. To verify the method, the results
were further compared with the soil classification test results on the samples retrieved from
boreholes.

2 FIELD AND LABORATORY TESTS
The tests performed in the sandy site are located in the east of Aalborg, an industrial part of the city.
A wind turbine blade storage will be constructed at this location. Nine soundings are executed in a
cross-shaped pattern with 10 m between the positions of the individual soundings. Four boreholes
have been located in the corners (Fig. 1). From the boreholes shown in Fig. 2, soil samples were
taken in order to perform soil classification tests. The laboratory testing program included basic soil
characterization tests such as grain size distribution, hydrometer tests, relative density and water
content. Results from laboratory tests in terms of water content and particle density can be observed
in Tables 1 and 2, respectively.
Based on the water content (w), specific gravity of the soil solid (Gs) and a water surface level at
a depth of 0.3 m, the soil is considered saturated and the density of the soil can be calculated. Final
values from laboratory tests are given in Table 2.

2.1 Test set up
For the S-wave generation, one plate is placed on either side of the sounding hole (Fig 3a). A sledge
hammer was used to hit the two plates in turn, thereby providing an impact on the ground leading to
wave propagation into the soil. The sledge hammer and one of the plates can be seen in Fig. 6. These
plates are “L” shaped and the bottom of the plates is equipped with transversal teeth to improve the
contact with the ground. The distance between the sounding hole and the place where the hammer
hits the plates is 1.4 meters (Fig. 3b).

Fig. 1. Position of Boreholes and SCPTu soundings (Sandy site
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Fig. 2. Borehole profile and CPTu results from field test (Borehole 09).

Table 1. Water content results for sand
Borehole No.
100

200

Layer
Topsoil - clay
Gyttia
Fine sand
Topsoil - clay
Gyttia
Fine sand

Table 2. Specific gravity of soils results (Sand)

Water content
(%)
23-38
46-62
17-27
26-55
54-56
20-24

Sample No.
9
14
25
34

Specific
gravity of soil
solid, Gs, [-]
2.66
2.65
2.65
2.66

Density ,  ( kg / m 3 )

1853
1675
2042
2047

Fig. 3. (a) Layout of source-trigger receiver, (b) L plate and sledge hammer for S-wave generation
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The seismic part of the test is performed for each 1 m of penetration. When the cone reaches the
desired depth, the engine of the penetrometer or drill rig is stopped. This is done to give the
possibility to realize the SCPT test with maximum signal-to-noise ratio. Performing the seismic test
during penetration will lead to an inaccurate acceleration measurement, and it will disallow impacts
on the two plates to be performed at the same penetration depth. The shear velocity can be easily
checked on site, for quality assessment. As soon as the seismic part is finished, the CPT can
continue.

3 CORRECTION OF MEASURED DATA FOR THE CPT
Considering that the CPT is accompanied by several possible errors due to halts, soil irregularities
(thin layers of stiff materials and etc.), there is a need for these measurements to be corrected. Also
the cone resistance and the sleeve friction need to be corrected in order to account for the specific
cone design which influences how the pore water pressure alters the measurements. This is in
particular important in soft normally consolidated or lightly overconsolidated soil where the pore
pressure behind the cone may be large. The cone resistance and the sleeve friction are corrected
using Equations (1) and (2) respectively (Lunne et al, 1997):
1

(1)
(2)

is the corrected cone resistance (in MPa), a is the cone area ratio (

Where

) with

and

is the pore pressure
denoting the cross section area of the shaft and the cone, respectively. Further
behind the cone and
is the corrected sleeve friction.
and
are cross section area of the
is the friction sleeve surface area.
sleeve bottom and top, respectively. Also

4 SCPT ANALYSIS
Two different interpretation methods were used to determine the shear wave velocity, Vs, from
SCPTu data. A short description of the methods is given blow.
4.1 Cross-Correlation
Cross-correlation refers to the correlation of two independent series and can be used to measure the
degree to which the two series are related (Liao and Mayne, 2006). The cross-correlation function of
x(t) and y(t) for a time shift “s” is defined as Equation (3) in which x(t) and y(t) are two continuous
signals with respect to time, t.


z ( s )   x(t ) y (t  s )dt


(3)

These series are measured with a geophone located 48 cm behind the friction sleeve. The time
shift “s” providing the maximum value of the cross correlation function z(s) can be interpreted as the
difference in arrival time of the waves at two positions for two signals of the same shape (Liao and
Mayne, 2006).
4.2 Reverse Polarity
Interpolation of the shear wave velocity from SCPTu data consists of dividing an increment in shear
wave travel time into an increment of the travel path. The test procedure involves generating shear
waves with reverse polarity, by impacting opposite sources, for example two ends of a steel beam,
(left and right). Subsequent processing and analysis are then applied on recorded acceleration time
traces for each impact. Actually, in analyzing the data, the true shear waves should have reverse
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polarity, as the most important identifying characteristic (Jendrezejczuk and Wambs, 1987). In some
surveys, the shear waves are readily obvious and identification is not so difficult, while in other cases
there may be numerous other arrivals and noise signals that make identification difficult; hence the
need for a clear reversal signature may arise. It has been found that the reverse polarity of the source
greatly facilitates the identification of the S-wave and the time for the first cross-over point (shear
wave changes sign) is easily identified from the polarized waves (forward and reverse) and provides
the most repeatable reference arrival time, (Campanella et al, 1987). An example, using the traces, is,
given in Fig. 4.

5 SOIL CLASSIFICATION USING SHEAR WAVE VELOCITY MEASUTMENTS
With the addition of shear wave velocity measurements using the seismic CPT (SCPT), Robertson et
al. (1995) suggested a chart based on normalized cone resistance ( ) and the ratio of small strain
shear modulus ( ) to cone resistance ( / ).
Normalized cone resistance can be achieved by considering the effect of overburden pressure
estimated by the density of the soil and cone depth at the measured data:
(4)
is the measured resistance,
Where
respectively.

and ′

are the effective and total overburden pressure,

Fig. 4. Seismic analysis using reverse polarity, (Geotech, 2004).
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Figure 5. Soil classification chart based on normalized cone resistance and small strain shear modulus (Lunne
et al., 1997)

Elasticity theory relates the shear modulus, soil density (ρ) and the shear wave velocity

as

(5)
The chart shown in Figure 5 can be used to identify different soils. The shear strain amplitude in
. To obtain the
seismic test is usually low, which allows finding the low-strain shear modulus,
shear modulus, a seismometer is placed in the horizontal direction and orientated transverse to the
signal source to detect the different components of the soil displacement (horizontal and transversal).
The ideal seismic signal source should generate a large amplitude shear wave with little or no
compressional wave component. The signal can be generated by a hammer hitting a plate. To obtain
the measurements, a rugged velocity seismometer has been incorporated into the cone penetrometer.
It is placed in the horizontal direction and oriented transverse to the signal source to detect the
horizontal component of the shear wave arrivals.

6 RESULTS FROM THE TESTS
After correction of measured data from the CPT and normalizing the cone resistance for the effect of
overburden pressure, the data were used in the chart proposed by Robertson et al. (1995) based on
shear wave velocity measurements. Results are illustrated in Figures 6 and 7 for a representative
SCPT sounding profile. As shown in Figure 6, data points very close to the zone borders may be
misclassified. This is an inherent uncertainty of the soil classification chart that should be considered
in the estimation of soil type by using the method. For this purpose, the chart domain is discretized
into approximately 2000×2000 pixels. For each measured data point, a square “window” is defined
centered on the pixel containing the measurement. The probability that a measurement is classified in
a zone is calculated as the number of pixels belonging to the zone divided by the total number of
pixels in the window. The present study employs a 9×9 window (a heuristic choice that gives good
results). Consequently, a larger window implies that the soil types assigned to measurements near
zone boundaries are less certain. However, it may also identify more candidates for the underlying
soil type (Firouzianbandpey et al., 2012).
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SBT after Robertson et al., 1990

3

Result after Robertson et al., 1995

10

-2

Gravelly Sand

1.Gravelly Sand
2.Sand
3.Sand mixtures
4.Silt mixtures
5.Organics/Clays

-3
-3.5

2

10

Sand

Dep th [m ]

Normalized Cone resistance qt (Mpa)

-2.5

Sand mixtures

-4
-4.5
-5

1

10

-5.5
Silt mixtures

-6
-6.5

Clay

Organics

-7

0

10
0
10

1

10

2

10

0

0.2

0.4

0.6

0.8

1

Certainty

Ratio G0/q t

Figure 6. Results from the data in the soil Figure 7. Certainty of soil type from the chart
classification chart after Robertson et al., 1995- after Robertson et al., 1995 – Sounding No. 3
(Sandy site)
Sounding No. 3 (Sandy site)

From Figures 6 and 7, the chart predicts the soil type of the region using shear wave velocity
measurements as sand and sand mixtures. This is very compatible with the soil classification results
of samples from the laboratory tests. The analysis of measurements from all of soundings reveal that
the chart proposed by Robertson et al. (1995) is well-predictive at this site, and in the lack of
information due to limited soil samples it seems reliable to use the results of SCPTu to predict the
soil type.

7 CONCLUSION
The results of seismic cone penetration tests have been used for a sandy site in the north of Denmark
to study and verify the soil classification system proposed by Robertson et al. (1995). The chart uses
the small strain shear modulus and normalized cone resistance to predict the soil type in the absence
of intact soil samples. As a case study, the outcomes have been compared to the results of soil
classification tests on samples retrieved from boreholes on the site. Two different interpretation
methods were used to determine the shear wave velocity, Vs, from SCPTu data: the reverse polarity
method and the cross-correlation method. The values of velocity multiplied by the density of the soil
provide small strain shear modulus to be used in the classification chart. The results seem to be very
compatible with the soil classification results of samples from boreholes. This leads to the
observation that in the future it is possible to use the Robertson et al. (1995) chart to estimate the soil
type from SCPT data. This can reduce the cost of site investigation considerably.
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ABSTRACT: This study presents a simplified methodology for the estimation of one dimensional field
constrained moduli of soil layers based on CPT data. For this purpose, CPTs were performed at soil
sites before the application of surcharge loads, after the placement of which settlement performance of
the site was monitored through field settlement plates. The resulting database consists of a total of 45
CPT data consisting of cone tip resistance (qc), friction ratio (FR), and 59 settlement plate records where
settlements at the field were recorded under various surcharge conditions. Maximum likelihood framework was utilized to develop a new probabilistic CPT-based soil compressibility model. Fines content
(FC) and plasticity index (PI) along with cone tip resistance were selected as model input parameters. If
soil samples are available, FC and PI values were estimated through laboratory testing, otherwise the
CPT-based estimation procedure recommended by Cetin and Ozan (2009) was used. As the concluding
remark, it is shown that the proposed new probabilistically based assessment scheme can reliably estimate field compressibility response of soils through CPT data.

1 INTRODUCTION
Compressibility characteristics of soils can be expressed by soil modulus: one-dimensional (1-D) constrained modulus, M, undrained Young’s modulus in compression loading, Eu and compression index,
Cc. In practice, the most frequently utilized parameter for soils is the 1-D constrained modulus, M defined as M=1/mv. In which, mv is the coefficient of volume compressibility.
In the past few decades, many correlations have been proposed to predict the 1-D constrained modulus, M, of soils based on the CPT results (e.g. Sanglerat, 1972, Lunne and Christophersen, 1983, Senneset et al., 1982, 1989, Kulhawy and Mayne, 1990, Jones and Rust, 1995, Manas et al., 1995, Formanavicius, 1995, Mahesh et al., 1995, Lunne et al., 1997, Robertson, 2009).
Sanglerat (1972) proposed a relationship for the 1-D constrained modulus expressed in terms of the
cone tip resistance and coefficient, m as given in M = m(qc). The coefficient m in the range of 1 to 8
was proposed for a wide range of the cone tip resistance (qc) and type of the soils.
Another correlation developed by Kulhawy and Mayne (1990) proposed a general relationship of M
= 8.25(qt-0). An alternative correlation for 1-D constrained modulus was proposed by Senneset et al.
(1982, 1989). In this study a linear interpretation model for over consolidated and normally consolidated
clays was proposed, in the form of M = m(qt-0). The coefficient, m ranges from 5 to 15 and 4 to 8 for
over consolidated and normally consolidated clays, respectively.
Most recent correlation by Robertson (2009) suggested following values for m based on normalized
cone resistance (Qtn).
When Ic > 2.2 use
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m = Qtn
when Qtn≤14
m = 14
when Qtn>14
When Ic < 2.2 use
m = 0.03[10(0.55Ic+1.68)]
In this study, a possibly more robust and reliable method covering the different types of the soils, is
proposed by using powerful and flexible probabilistic tools. The proposed correlation to estimate the 1D constrained modulus, M is calibrated, by settlement case histories where consolidation settlements in
the field under various surcharge loads were recorded along with CPT-based soil profile data.
2 DATABASE COMPILATION
To develop a robust and defensible correlation for the assessment of the soil compressibility, a database
consisting of CPT soundings and settlement plate readings was compiled. The database is composed of
59 settlement plate records and 45 CPT boring data consisting of raw cone tip resistance (qc), friction
sleeve resistance (fs). CPT data and settlement plate readings were obtained from two different sites in
Turkey, which are (1) Bursa East Waste Water Treatment Plant Project and, (2) Bursa West Waste Water Treatment Plant Project in Bursa, Turkey. 30 CPT’s were obtained from East Waste Water Treatment
Plant site and the remaining CPT’s were obtained in the West Waste Water Treatment Plant site.
CPT data used to describe the soil profile and the sublayers of the soil up to 20 meters at the location
of the settlement plates. CPT based soil classification indicated that the database mostly consists of layers of silts, clays, silt and clay mixtures. Non-plastic silty sands and well graded sand were also present
in CPT soundings. Roughly, 30% of database is composed of nonplastic soils and remaining 70% are
distributed within the plasticity index (PI) range of 1.0 and 57.7. Overconsolidation ratios (OCR) for the
soils in the database were estimated by CPT-based estimation by Kulhawy and Mayne (1990). Estimates
of OCR showed that soils are generally normally consolidated and slightly overconsolidated with typical
value of 1.5.
Figure 1 shows the typical CPT profile and the characteristics of CPT database with the typical values of, qc, fs, fines content (FC), and plasticity index (PI) are summarized in Table 1. If soil samples are
available, FC and PI values were estimated through laboratory testing, otherwise the CPT-based estimation procedure recommended by Cetin and Ozan (2009) was used.
Table 1. Characteristics values of CPT Database.
qc (MPa)

fs (KPa)

FC (%)

PI (%)

Minimum

0.5

1.0

1.2

1.0

Maximum

35.9

378.0

99.0

57.7

Average

4.1

55.0

67.1

37.7
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Figure 1. Typical CPT Profile

3 DATA PROCESSING
In this study, the general form of the 1-D constrained modulus M = m qc was adopted and a correlation
between coefficient m and fines content (FC) and plasticity index (PI) of soils is proposed. Fines content (FC) and plasticity index (PI) are selected as representative physical parameters defining the compressibility behavior. In the process of establishing a correlation, regression analysis between recorded
settlement plate readings and the predicted settlement values based on the proposed correlation for M
was performed. To perform this regression analysis and develop a relation form, three main steps listed
as below were completed.
 CPT Data Processing: Normalization of CPT data and determination of soil index parameters FC
and PI.
 Calculation of increase in the vertical stress under the sustained loading.
 Prediction of ultimate settlement.
3.1 CPT data processing
Consistent with the available studies (Lunne et al., 1997), raw cone tip resistance (qc) was corrected for
unequal end area effects and net corrected tip resistance, (qt - v), was normalized to an effective vertical
stress, v’ of 1 atm, qt,1,net to eliminate the effects of the variability in vertical stress conditions as given
in Equations (Eqs.) 1 through 3.
Corrected tip cone tip resistance
qt  qc  u  (1  a)
(1)
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Normalized net cone tip resistance
qt ,1,net  qt   v   C N = Qt
c

P 
CN   a 
  v 
Normalized friction ratio
fs
 100 %
FR 
qt   v
Power law stress normalization exponent (Cetin & Isik, 2007)
R  272.38
c
 0.085 ; 272.38  R  275.19
275.19  272.38

(2)

(3)

(4)

q

(log( F R )  243 . 91 ) 2  (log  t ,1 , net   126 . 24 ) 2
(5)
 Pa 
where u is pore pressure behind the cone shoulder; Pa is atmospheric pressure in the units of v’; and c
is power law stress normalization exponent as recommended by Cetin and Isik (2007).
After a couple of iteration rounds, compatible qt,1,net and c pairs were estimated as defined in Eqs 1
through 5. Friction ratio, FR, was calculated as in Eq. 3.
After normalization, soil index parameters FC and PI based on qt,1,net and FR were calculated as recommended by Cetin and Ozan (2009).
Mean Values of FC
R 

 FC 

R  238.50
 100  20.93
240.25  238.50

R  (log(FR )  55.42) 2  (logqt ,1,net   233.52) 2

Mean values of PI

 PI  102.371.33log( F

R )  log( qt ,1, net ) / 2.25



(6)

 9.83

(7)

3.2 Prediction of ultimate settlement
Each settlement plate’s records were used to predict the ultimate settlement at the end of primary consolidation under the applied loading. The settlements in the field were recorded for a period of 120-140
days. Required time to observe the final settlement is too long (theoretically infinite), and it is not practical to wait for this ultimate settlement to occur. Hence, the available methods proposed by Asaoka
(1978) and Horn (1983) were adopted to estimate the ultimate settlement using available field readings.
3.3 Calculation of stress distribution under applied surcharge
The project sites of Bursa East Waste Water Treatment Plant and Bursa West Waste Water Treatment
Plant were preloaded by 4-meter high embankments. The change in the vertical stresses produced in the
subsoil due to the applied external loads was calculated by Flac 3-D finite-difference program.
4 DEVELOPMENT OF CORRELATION
Using the database consisting of normalized CPT data, estimated soil index parameters and ultimate settlements based on settlement plate readings, a correlation to predict the compressibility of the soils was
developed.
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4.1 Bayesian limit-state models
The Bayesian model assessment technique was used to develop limit-state models incorporating the important descriptive variables for the CPT-based soil compressibility problem. The basic framework is the
well-known Bayesian updating rule for the estimation of model parameters, which is given by
f (Θ )  cL (Θ ) p (Θ )

(8)

where Θ is the set of model parameters to be estimated, p(Θ) is the prior distribution representing our
knowledge about Θ before making observations, L(Θ) is the likelihood function representing the new
knowledge contained in the set of observations, c=[∫L(Θ)p(Θ)d(Θ)]-1 is a normalization factor, and f(Θ)
is the posterior distribution representing our updated state of knowledge about Θ (Box and Tiao 1973,
Der Kiureghian 1999). The likelihood function is proportional to the conditional probability of making
the observations for a given value of Θ and requires the selection of a problem-specific probabilistic
model.
4.2 Limit-state models for CPT-based soil compressibility
The first step in developing a limit-state model for the CPT-based soil compressibility is to select a
mathematical model which captures the essential of the problem. Motivated by previous studies, we
adopted the following model for prediction of 1-D constrained modulus, M.
M   m qc

 m  1 Ln ( FC  )   3 Ln ( PI  )   5
2

(9)

4

To evaluate the compressibility behavior of soils, specifically the 1-D constrained modulus coefficient, αm, the values of ultimate observed settlements at the fields were used in the regression analysis
together with the predicted settlement by developed formulation of αm.
i n

S p   S i (q ci , H i ,  i ;  mi )
i 0

  H  
S pi (q ci , H i ,  i ; mi )   1
i
i
 ( mi  qci )

(10)

where Sp is the total predicted settlement; Spi is the predicted settlement at the ith sublayer; i=0, n is the
number of the sublayer for each soil profile; ∆Hi is the thickness of ith sublayer; ∆σi is the increase in
vertical stress for ith sublayer; qci is the average cone tip resistance for the ith sublayer.
By using the proposed correlations for αm in Eqs. 9 and 10, formulation given in Eq. 11 was developed to predict the final settlement of the soil. A representative functional form that was used to develop
the relationship for αm.
i n

 H   i

(11)
g ( S o , q ci , FC i , PI i , H i ,  i ,  )  S o    i
2
4
(( 1 Ln ( FC )   3 Ln( PI )   5 )  q ci )
i 0 
where So is the observed settlement in the field; FCi and PIi the soil index parameters for ith sublayer;
and θ=(θ1,…,θ5) is the set of unknown model parameters.
The limit state function given in equation 11 assumes that the compressibility behavior of soils can be
completely explained by the three descriptive variables qc, FC and PI. Obviously, there may exist additional parameters (such as stress history) that influence the compressibility behavior of soils. To account
for the influences of the missing variables and the possible deficiencies in the functional form, a random
model correction term, ε was introduced and limit state function was modified as
i n

H i   i

  (12)
g ( S o , q ci , FC i , PI i , H i ,  i , )  S o  


i 0




(( 1 Ln( FC 2 )   3 Ln( PI 4 )   5 )  q ci )
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With the aim of producing an unbiased model, the mean of ε is set to zero. The ε was decided be best
represented by normal distribution, a symmetrical distribution with zero mean. The standard deviation of
ε, denoted σε, however is unknown and must be determined. The set of unknown parameters of the proposed model is presented as Θ=(θ,ε).
5 FORMULATION OF THE LIKELIHOOD FUNCTION
Soi and Spi are the observed and predicted settlement values at the ith location in the site, respectively and
εi is the corresponding realization of the model correction term. Assuming the observations compiled
from different locations at the field to be statistically independent, the likelihood function can be written
as the product of the probabilities of the observations:
L( ,  z ) 

 Pg (S
55

oj

, q ci , FC i , PI i , H i ,  i ,  j ,  )  0



(13)

SPno  J 1

Here it is assumed that the measured values each observation Soj, qci, FCi, PIi, Hi, i are exact, i.e.,
no measurement or estimation error
 is present. Then, noting that
g(Soj , qci , FCi , PIi , Hi , i , j ,)  g(Soj , qci , FCi , PIi , Hi , i ,)   j
(14)
has the normal distribution with a mean of g (Soj, qci, FCi, PIi, Hi, I, θ) and standard deviation of σz,
the likelihood function can be written as
55
 g ( S oj , qci , FCi , PI i , H i ,  i ,  j , 
L( ,   )    
(15)


j 1


where φ[ ] is the standard normal probability density function. Note that the above expression is a function of the unknown parameters and θ and σz.
6 PARAMETER ESTIMATION
Having formulated the likelihood function, the values of the unknown model parameters θ = (θ1,…,θ5)
for proposed correlation and standard deviation σz of the model error term ε, which maximize the likelihood function, were computed. Table 2 summarizes model parameters of the CPT-based compressibility
assessment of soil limit state models.
Table 2. Maximum likelihood estimates of proposed model parameters
1
2
3
4
5
Ln (Max. Likelihood value)

0.30
-9.32
0.15
-2.89
3.15
45.99

When the model parameters given in Table 1 are put into the Equation 11, the proposed correlation
for αm, becomes:
(16a)
 m  0.3Ln ( FC 9.32 )  0.15 Ln ( PI 2.89 )  3.15
M  q c (0.3Ln ( FC 9.32 )  0.15 Ln ( PI 2.89 )  3.15)

(16b)

634

The recorded settlement value in the site and the predicted settlement using the proposed correlation
values are presented in Figure 2. The accuracy of estimations was also comparatively illustrated in Figure 2 along with 1V:1H, 1V:2H, and 2V:1H lines. As the figure illustrates, the proposed CPT-based relation for 1-D constrained modulus, M can be judged acceptable under a certain loading. The resulting
correlation is summarized in Table 3 indicating that αm varies with PI and FC. αm values decreases with
increasing PI and FC values and varies from 3 to 13, where the low values apply to clays with high plasticity. The predicted m values in this study are in good agreement with the m values proposed by Senneset et al. (1982, 1989) ranging from 5 to 15 and 4 to 8 for over consolidated and normally consolidated clays, respectively. Good correlation is observed with Mayne (2007), which showed that αm values
are in the range of 1 to 10 where low values apply to soft clay.
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Figure 2. Distribution of observed settlement at field and predicted settlement based on the proposed correlation.

7 SUMMARY AND CONCLUSION
A brief summary is provided that describes the development of a new relationship for the prediction of
soil compressibility M (for clays and silts) in the form of soil index parameters FC and PI values of
soils. For this purpose, a database composed of 45 CPT’s consisting of cone tip resistance (qc), friction
sleeve resistance (fs) along with 59 settlement plate records was compiled from two sites in Turkey. The
resulting database was assessed probabilistically by applying the maximum likelihood (ML) method on
select representative limit state models. A probabilistic CPT-based new correlation was developed and
presented in equation 16 which is a function of plasticity index (PI), fine content (FC) of soils. The proposed correlation is also summarized in Table 3 indicating that αm varies with PI and FC and varies from
3 to 13, where the low values apply to clays with high plasticity.
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Table 3. Proposed CPT-based soil compressibility relationship.
Soil Classification

Soil Definition

αm

15 < FC ≤ 50

Silty or clayey sands
PI ≤ 4.0 Silty sands
PI > 4.0 Clayey sands

13.5 > αm > 7.0
10.8 > αm > 6.3

50 < FC ≤ 65

Silts
PI ≤ 12.0 Low plasticity silts
PI > 12.0 High plasticity silts

10.1 > αm > 5.9
6.6 > αm > 5.1

65 < FC ≤ 80

Silt-Clay Mixtures
PI ≤ 20.0 Clayey silt
PI > 20.0 Silty clay

9.3 > αm > 4.9
5.5 > αm > 3.8

FC > 80

Clays
PI ≤ 50.0 Low plasticity clays (CL)
PI > 50.0 High plasticity clays (CH)

4.9 > αm > 3.6
4.2 > αm > 3.1
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ABSTRACT: Site investigations were undertaken using in-situ testing procedures at two geotechnical research test sites in Ireland. The two sites, contained dense fluvoglacial sands with similar geological origins,
however, at one site, Blessington the material has a relative density close to 100%, whilst at the second site,
Garyhesta the relative density is somewhat lower at 80%. The test sites are currently being used for experimental foundation test programmes by researchers at University College Dublin (UCD) and Cork Institute of
Technology (CIT). In-situ testing methods used at these sites included Cone Penetration Testing (CPT), Seismic Dilatometer Testing (SDMT), sonic core sampling, trial pits (for soil classification testing), tube sampling
for triaxial testing and in-situ geophysical tests. This paper compares the in-situ test results from both sites,
and considers the estimated values for soil properties predicted using various well-established soil property
correlations in order to determine the accuracy of these predictive formulae for dense sand sites. In order to
investigate a wider range of sand densities on the estimation of soil properties the results of in-situ tests performed in an artificially created loose sand deposit are also included.

1. INTRODUCTION
The Geotechnical Research Group (GRG) at University College Dublin (UCD) have developed a field
testing facility at Blessington, County Wicklow to investigate foundation behaviour. The test site was chosen because of the relatively consistent nature of the CPT profiles of the sand deposit and their similarity
to the ground conditions at some proposed North Sea wind farm development sites. The second sand deposit considered in this study is the CIT test site at the Roadstone Wood sandpits (a commercial sand and
gravel quarry) in Garryhesta, County Cork. Comprehensive site investigations using in-situ and laboratory
tests have been conducted at both sites. This paper compiles the CPT, SDMT and MASW data from both
sites and applies several of the most current correlations to determine how applicable the correlations are
at providing an initial estimate of the geotechnical properties at both dense sand sites.
2. SITE LOCATION
The Blessington test (BL) site is located in the Redbog Roadstone quarry approximately 25km south of
Dublin. The Garryhesta test site (GH) is located 15km west of Cork city near the south coast of Ireland.
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The water table at both sites is at a considerable depth (at least 8 m) below the current excavation level of
the quarry. Sonic coring at Blessington to depths of 14 m below ground level (bgl) achieved 100% sample recovery and confirmed the vertical soil profiles visible in the open excavation. In Garryhesta several
trial pits were excavated in the test area that confirmed dense uniform sands with thin seams of gravel.
3. GEOLOGICAL HISTORY
The Geological history of the Blessington area has been investigated by a number of researchers including
Syge, (1977), who described the complex glacial movements that formed the underlying sand deposits.
The sediments of the Bessington Gravel pits represent the deposits of a lacustrine delta complex, with the
envisaged glacial lake impounded by the Midlandian ice sheet to the west and the Wicklow Mountains to
the east. The exact age of these deposits are uncertain but evidence suggests that the deposition was divided into two stages. The earlier stage has been linked to the retreat of the ice sheet, hence was likely bracketed between 20-24ka (the maximum extent of the sheet) and a later re-advance dated at 17ka (Coxon
1993). The complex comprises of dominantly gravelly to coarse to medium grained sand beds and facies
associated with a typical Gilbert type delta. A later, but limited, ice re-advance (associated with the 17 ka
event) was likely to have covered the study area, the final retreat of which resulted in the deposition of a
minimum of 7 m overburden depth above the studied section. Unquantified post-glacial isostatic rebound
during the Holocene period means that it is difficult to constrain the thickness of any sediment removed,
but there is certainly sufficient potential overburden (ice and/or sediment) to account for a degree of overconsolidation at the test site. Recent removal by quarrying of the upper 15 m of overburden material has
also resulted in the sand being in a heavily overconsolidated state.
The Garryhesta sand deposit has a similar glacial origin, being deposited in varying depths by thick ice
marginal glacial deposits which span from the test site to Cork Harbour on the south coast. The deposits
are heterogeneous (i.e. consisting of a number of phases/overburden types) with occasional lower permeability areas of silts and clays inter-bedded with the more permeable beds of course material. The depths of
the sand and gravel deposits across the site vary from approximately 12m at the southern end of the site to
depths greater than 36m at the north of the site. The removal of approximately 10m of overburden and the
previous ice retreat have resulted in the sand deposits being in an overconsolidated state.
4. LABORATORY TESTING
Initial laboratory testing has been conducted at both test sites for characterisation purposes. The particle
grading was conducted on samples taken from both sites which described silty sands with D50 values ranging from 0.10 mm to 0.15 mm. Particle size distribution tests show both sites contain well-graded silty
sands (see Figure 4a). The fines content of the Garryhesta samples ranged from 12-20% while the Bessington samples ranged from 4-18%. The average moisture content of samples taken from both sites was
approximately 12%. Additional petrographic analysis and scanning electronic microscopy (SEM) was
conducted on sonic core samples to investigate the micro structure and the mineralogy and grain morphology of the sample at Blessington. The tests determined that the sand fraction consists of highly angular
fractions of quartz with a pervading matrix of clay minerals (Doherty et al. 2012). Sand replacement tests
at the Blessington test site, reported by Tolooiyan and Gavin 2010, indicated that the relative density of
the in-situ material is close to 100%. The degree of saturation is estimated to be in the region of 71%,
while the unit weight of the material is 20kN/m3. The unit weight of the Garryhesta sand samples was calculated to be approximately 18.6 kN/m3. Oedometer tests determined void ratios at Blesington decreased
from an initial value of 0.17 to a final value of 0.06 under an applied vertical stress of approximately
4MPa (Doherty et al. 2012). The overconsolidation ratio (OCR) was calculated on these samples using the
methods described by Doherty et al. (2012) and had values from 5 to 15. Direct shear box tests were con-
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ducted on disturbed samples from both sites and constant volume friction angles (ɸ’cv) of 33o and 36.5o
were calculated for Garryhesta and Blessington, respectively.
5. IN-SITU TEST RESULTS
A series of cone penetration tests (CPT) and seismic dilatometer tests (SDMT) were conducted at both
sites using a 20 tonne CPT truck mounted testing rig. The tests were performed by In-Situ Investigations
Ltd. Whilst the CPT data recorded at Garryhesta (Figure 1) was quite variable, considering the glacial
origin of the sand the data from Blessington (see Figure 2) is surprisingly uniform. The CPT profile at
Blesisngton includes test data from the naturally deposited dense sand, in which the CPT tip resistance, qc
varies from 10 MPa to 20 MPa, and data from trench containing artificial placed loose sand, in which qc is
typically lower than 1 MPa. The loose sand deposit was formed by excavating a long trench up to 8 m
deep and 2.5m wide in the natural sand deposit and back-filling material using a minimum drop height of
1 m (Igoe et al. 2011). Mayne and Kulhawy (1991), who investigated calibration chamber boundary effects, suggested a chamber to cone diameter ratio of 70 was sufficient to remove boundary effects such as
arching. Ahmadi and Robertson (2008) performed a numerical study to investigate boundary effects on a
CPT cone penetrating into sand and noted that a chamber to cone diameter ratio of 33 was sufficient to
negate boundary effects for loose sands while larger values would be required for denser sand. The trench
width of 2.5m (equal to ≈70 cone diameters) was equal to that of the excavator bucket and was deemed
sufficient. However, the very low qc measurements in the trench suggest that the profile was measured
within the zone of influence of arching at the interface of the dense sand and the backfilled material. The
arching will reduce the vertical stress in the fill and distort the CPT measurements. The effect of aching on
the test data is outside the scope of this paper and is not discussed further.

Figure 1. Recorded and averaged CPT Data for Garryhesta test site
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Figure 2. Recorded and averaged CPT Data for Blessington test site

The test data at each site was averaged to determine design profiles for cone resistance (qc) and friction ratio (Rf). The soil profile was initially classified using the Soil Behaviour Type Index (Ic) as defined
by Robertson and Wride (1998) in equation 1.
Ic =[(3.47-logQt)2 + (logFr+1.22)2] 0.5

(1)

Seismic Dilatometer Tests (SDMT) and Multi-Channel Analysis of Surface Waves (MASW) were also conducted to measure the in-situ shear wave velocity (Vs), DMT limit pressure (pL) and lift off pressure (p0). The recorded profiles are presented in Figure 3.
The initial classification from the CPT on the naturally deposited materials accurately predicts “clean
sands to silty sand”. However, the CPT classification from the trench indicates the presence of “Clayey
silt to silty clay”, despite the fact that this material is geologically identical to the natural sand deposit.
Similar behaviour was noted in using the chart by Robertson (Robertson 2010a).
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Figure 3: Recorded SDMT and MASW data for both test sites

6. SOIL CLASSIFICATION FROM CPT
The soil classification was estimated using the normalised cone penetration resistance (Qt) and the normalised friction ratio (Fr) as proposed by Robertson (1990), where:
Qc = (qt – σvo)/(σ’vo)
Fr = (fs ) / (qt - σvo)

(2)
(3)

The Normalised Soil Behaviour Chart (SBTN) is compared to the soil particle distribution in Figure 4.
The SBTN chart provides a reliable prediction of the presence of silty sands at both test sites and accurately reflects the higher percentage of fines material at Garryhesta. The natural sand deposit is shown to plot
predominantly as over-consolidated sand (zone 6). The loose sand in the trench plots predominantly as
zone 4 and 5 SBT which again suggests that the CPT classification methods exaggerate the fine-grained
content when plotted on the SBTN chart. The state parameter (ψ) was estimated using the CPT correlation
proposed in Robertson (2010b) using the clean sand equivalent normalised cone resistance (Qtn,cs) presented in equation 4. An alternative correlation was proposed by Robertson (2012) where Qtn,cs is substituted for the horizontal stress index (KD) for the SDMT recordings as in equation 5. However the later
method predicts significantly higher values than those estimated using the small strain stiffness G0
(shown as data points) and qc (shown as continuous lines) as described in Schnaid and Yu (2007). This
may be due to the large lift off pressures recorded at both sites resulting in large KD values.
Ψ = 0.56-0.33log(Qtn,cs)
Ψ = 0.56-0.33log(25*KD)

(4)
(5)
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Figure 4: (a) Particle Distribution (b) Normalised CPT Soil Behaviour Chart (c) State Parameter

Robertson (2009) proposed a correlation between the CPT Qt1 and the Ic to estimate the DMT KD
profile of soil, as shown in equation 9. This correlation was found to significantly under predict the KD
values for both sites (see Figure 5a). The over-consolidation ratio was estimated using the in-situ CPT and
DMT data and compared to the results of the oedometer test results in Figure 5b .The OCR was calculated
using equation 6 (Mayne 2001) and equation 7 (Marchetti et al 2012). The CPT data provided a
reasonable fit to the oedometer results however the DMT correlation under predicted the OCR values.

(6)
(7)
(8)
(9)
The relative density (Dr) (see Figure 5c) was calculated using equation 8 (Lunne &Christoffersen,
1983) and is consistent with the findings of the sand replacement tests. The Garryhesta Dr profile is approximately 10-20% lower than the Blessington sands which was anticipated from the results of previous
model tests conducted at both sites. Tanaka and Tanaka, (1998) proposed a KD relationship to estimate Dr
from DMT data however it only applies to sands with KD values up to 6 and is not suitable for the sites
studied. The ratio of elastic stiffness (G0/qc) to normalised cone resistance (qc1) are compared in Figure 5d.
Using the approach proposed by Schnaid and Yu (2007) the sand deposits at both sites appear to be cemented at greater depths. This is reasonable to expect due to their geological history.
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Figure 5: (a) Horizontal Stress Index (b) OCR (c) Relative Density (d) Ratio of elastic stiffness to normalised cone
resistance

7. COMMENTARY
A series of in-situ tests were conducted at two dense silty sand sites in Ireland to characterise the site conditions for experiments using model and full-scale foundation and to calibrate finite element models of the
sites. This paper presents some of the initial findings of the in-situ tests using established correlations. The
tests confirm that the existing CPT correlations can provide a reasonable characterisation of the in-situ
conditions in dense sands. However, many of the existing DMT based correlations adopted in this study
provided unrealistic estimates of the soil properties and are only applicable to sands with KD values below
10. Therefore, for dense silty sands the use of the CPT with additional shear wave velocity Vs, using either MASW or SCPT, currently provides the best range of methods for quickly categorising and providing
an initial estimate of design properties.
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ABSTRCT: The soil stiffness, and in particular the dynamic Young’s modulus (Edyn), is an important design parameter for assessing the suitability of the foundation bearing strata to resist long term cyclic loads
generated by wind turbines. However, there are no well-established design standards or industry guidelines
to specify how the Edyn value should be determined. This paper presents a case study of an Irish wind farm
where the selection of a representative stiffness was critical for the foundation design. A comprehensive
site investigation was conducted that included drilling, in-situ tests and a suite of geophysical tests. The
preliminary Edyn values were correlated from CPTu and Vs measurements, and were compared to the complete load-reload response measured in large scale plate load tests. The sites are characterised by a surface
layer of organic peat that is underlain by glacial till deposits over a limestone formation. The wind turbine
foundations were primarily constructed on the glacial till deposits. Accurate classification of the glacial
soils is challenging due to the material heterogeneity and difficulty in sampling/testing such materials. For
these wind farms, in-situ testing proved to be highly advantageous. The shear wave velocity and CPTu data
allowed the formation level for the foundations to be determined and an estimate of the operational soil
stiffness to be derived. The plate load tests then served as a quality control measure on site, where the Edyn
values measured during a reload loop at the appropriate stress level were compared to the turbine design
requirements. The plate load tests were also seen to provide reasonable agreement with a non-linear stiffness degradation model that utilised the site specific field test data.

1

INTRODUCTION

A comprehensive site investigation was conducted at two sites in the Irish midlands being developed as
onshore wind farms for Bord Na Mona Powergen. The test sites are located at Mount Lucas, Co. Offaly
(approximately 80km west of Dublin) and at Bruckana Co. Kilkenny (approximately 120km south of
Dublin) as shown in Error! Reference source not found.. The Mount Lucas wind farm comprises of
28x3MW turbines spread over an 1100ha site. The Bruckana site has an area of approximately 687ha
and consists of 14x3MW turbines. Both locations are active peat production bogs and have significant
depths of peat overlaying glacial tills. The initial site investigation at each location consisted of trial pits,
window sampling, dynamic probing, rotary core drillholes, geophysical surveys (including multichannel
analysis of waves – MASW and seismic refraction surveys), SPT and CPT field testing. The data from
the initial tests was reviewed and interpreted to determine the soil profile at each turbine location and the
relevant location specific engineering design parameters. The wind turbines are supported on 20m diameter concrete spread foundations or reinforced precast driven concrete piles depending on the suitability
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of local site conditions. The type of foundation adopted was based on the geotechnical properties at each
location. This paper is only concerned with selecting appropriate geotechnical design parameters for the
shallow spread foundations. The shallow foundation design required a high Young’s modulus of the underlying soil to ensure a suitably stiff response to resist the loading generated by the rotating turbine and
the wind loading acting on the superstructure. This paper describes the quality control test methodology
used to assess the stiffness of the foundation soils.

2

SOIL PROFILE

The Mount Lucas wind farm site generally consists of peat with a thickness range of 0.15 to 2.5m at the
turbine locations. The peat is underlain by glacially derived deposits of sandy silt or gravelly sandy clay.
The material is described as being medium dense to dense. Strong to very strong limestone bedrock was
recorded at depths ranging from 4.6m below ground level (bgl) to in excess of 15m bgl (from maximum
depth of rotary cores). At Bruckana, the general soil conditions across the site consist of peat deposits of
variable thickness (1.0m up to 3.4m). The peat is generally underlain by soft, occasionally very soft,
clay or silt layers which extend to between 2.5 m and 4 m below existing ground level. The soft deposits
are underlain by more competent glacially derived stiff clay and dense to very dense sand deposits
which in turn overly bedrock.

Mount Lucas

Bruckana

(a)

(b)

Figure 1: (a) Typical soil profile at an excavated turbine location at Bruckana (b) Test Site Locations

3

DESIGN CHALLENGE

The geotechnical design driver for the foundations supporting the 3 MW turbines was the strict stiffness
criteria with a minimum required dynamic Young’s modulus of 115 MPa for the underlying soils. The
recommended design approach proposed by the DNV/RISOE wind turbine guideline document specifically recommends adopting a small-strain Young’s modulus (E0) and degrading this value to (Edyn) account for the higher strain level generated by wind loading. A degradation factor of 0.35 is recommended at a (shear?) strain level of 10-3. The glacial till present at these sites has a high shear wave velocity
and resulting E0 values that can exceed 1000 MPa. The high E0 values, resulted in Edyn ranging up to 500
MPa when the DNV/RISOE degradation parameter was applied to the soils at most of the turbine locations. While these values exceed the design requirement of 115 MPa, they are significantly higher than
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predicted for “typical” soils of a similar description. For example, the German Construction Manual
(Betonkalender 1978) proposes an upper bound Edyn value of 250 MPa for dense sands and 280 MPa for
dense to strong clays. Lower bound values between 35 and 110 MPa are recommended depending on
soil type. As the predicted values from the geophysical measurements yielded Edyn values greater than
those expected for “typical” soils, it was deemed necessary to apply a more comprehensive method for
determining the operational E value for comparison with the design limit.
The proposed design approach adopted a non-linear settlement model proposed by Gavin et al
(2009) that is based on a parabolic curve fit between an initial tangential stiffness defined by the E0 value and a large strain failure load defined by the CPT tip resistance. Extensive details of this model are
presented by Gavin et al (2009) and are omitted here due to space limitations.
Site specific stiffness assessment was deemed necessary because the degradation of stiffness is a
function of the rigidity index (or ratio of Go/qc). The high G0/qc ratio for the soils considered in this
study is often associated with a brittle material and a sharper rate of stiffness degradation (as shown in
Figure 2 where the degradation curve is defined by the Gavin et al. 2009 model). To derive an appropriate Edyn value for each soil strata underlying every turbine location, the proposed model was employed
in conjunction with the CPT and MASW data to predict the E value at the operational strain limit, which
was then compared to the 115MPa design limit. A quality control procedure based on plate load testing
was also deployed at every turbine location to validate the E values used in design.

Figure 2: Proposed Stiffness Degradation Approach that Accounts for the Soil State (G0/qc)

4

TEST METHODOLOGY

To ensure the foundation soils had sufficient stiffness to support the turbine and could resist the applied
wind loading, a plate load testing procedure was developed to measure the Young’s modulus at the appropriate stress level. The proposed test procedure had to consider the relative zone of influence under
the plate compared to the much larger soil mass that is influenced by the 20m wide raft.
Briaud (2007) performed load tests of shallow foundations with varying widths on sand. He found
that at a given settlement (s), the mobilised bearing pressure reduced as the footing width increased.
Briaud (2007) then introduced the concept of normalised load settlement curves where he argued that if
the bearing pressure is normalised by a measure of the soil strength in the zone of influence and the settlement is normalised by the footing width, then a unique settlement curve can be derived for a given
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site. Having measured the settlement and applied pressure, the average secant stiffness (Es), can be estimated using equation 1 (Atkinson 2000).
∗ ∗

∗

[1]

Where,  is the Poisson’s ratio and Ip is the settlement influence factor that depends on the footing shape
and rigidity, embedment depth and founding layer thickness. Typical ratios of Es/qc used in design practice for sand vary from 2 to 5 and tend to represent relatively large settlements (i.e. for a 20m wide
foundation a settlement level of 300mm). For a turbine, it is worth noting that the strain levels may be
much lower under the dynamic wind loading and these ratios may not apply.
Gavin and Tolooiyan (2012) investigated the zone of influence affecting the behaviour of footings
on sand. They performed finite element analyses of footings on dense sand (relative density, Dr = 100%,
qc = 15-20 MPa). The settlement profiles with depth developed beneath footings with B between 2 m
and 5 m, when the footing settlement reached 10% of the footing width (i.e. between 200 and 500 mm is
shown in Figure a).

(a)

(b)

Figure 3 Numerical prediction of (a) Settlement profiles developed when footing settlement is 10% of the footing
width (b) Normalised Settlement profile developed when footing settlement is 10% of the footing width (Gavin
and Tolooiyan 2012)

When the vertical displacement and depth in Figure a are normalised by the footing width, a unique
normalised settlement profile is derived which suggests that the zone of influence of the footing extends
to approximately 4B below the base. For the plate load tests this suggests a maximum zone of influence
of  3m. In reality the 20 m wide turbine foundation will have a much larger zone of influence. Given
the geological conditions at both Mount Lucas and Bruckana, where the soil strength and stiffness increases significantly with depth, this means that the strength and stiffness data derived from the plate
loading tests will be lower bounds to the actual foundation response. Based on the normalised settlement
approach the following methodology was proposed:
1.
2.

Determine the average qc in the zone of influence of the initial plate load test and average
over a distance of B0.75 below the test plate.
Plot the normalised base settlement (qb/qc versus s/B) for the initial plate load tests for both
sand and clay sites.
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3.
4.
5.

Construct the site specific normalised stiffness plot (Es/qc versus s/B) for the initial plate load
tests in sand and clay.
Determine the average qc in the zone of influence of the foundation (z = B0.75). Divide the
applied stress by the average qc value, to get the qb/qc ratio for the foundation.
Determine the Es/qc ratio using the s/B ratio and multiply it by the average qc to calculate the
Es value for the foundation soils.

(a)

(b)

Figure 4: (a) Proposed zone of influence of wind turbine foundation (b) 760mm plate bearing test apparatus

The plate bearing tests at Bruckana and Mount Lucas were conducted using a 760mm steel plate and
a 500kN hydraulic jack. A 33tonne excavator was used as a reaction to the plate load and the plate settlement was recorded using three dial gauges. The testing apparatus is presented in Figure b.
Two examples are presented below of the plate tests at two separate wind turbine locations.
5

EXAMPLE 1 – CLAY/SILT SOIL PROFILE (T12 MOUNT LUCAS)

The ground investigation at T12 Mount Lucas found that near surface soils comprised of firm clayey silt
to a depth of 0.9m bgl that was underlain by very stiff clayey silt to limestone bedrock at 10.4m bgl. The
preliminary calculations predicted that the shallow foundation could be founded in the clayey silt layer
at 2.75m bgl. The average qc value in the zone of influence of the plate was 5 MPa (as shown on Figure
5). The initial small strain shear stiffness value, Gmax, was calculated to be an average of 518 MPa over
the plate’s zone of influence. The recorded in-situ test data is presented in Figure .
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Figure 5: Summary of CPT Measurements at T12 Mount Lucas

The methodology described above was used to calculate the Es value at the plate load test level. The
initial design assumptions were verified as the average Es value measured on the three plate tests was
125 MPa at 2.75m bgl which compared favourably with the 115 MPa design requirement specified by
the turbine supplier. It is worth noting that in this instance it was not necessary to account for the increase in stiffness at greater depths that would be mobilised by the increased zone of influence of the
foundation.

Figure 6: Plate bearing test data for reload loop for T12 Mount Lucas
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6

EXAMPLE 2 – MIXED SOIL PROFILE (T16 BRUCKANA)

The ground investigation at Turbine 16 found peat soils at depths of up to 2.6m bgl which were underlain by soft silty clays to a depth of 3.2m and a sandy glacial till layer to between 4.9m and 5.5m below.
The preliminary design calculations predicted that the shallow foundation could be constructed in the
sand layer at 3.8m bgl. The average qc value in the zone of influence of the plate was taken to be 8 MPa.
The initial small strain shear stiffness value, Gmax, was calculated to be an average of 512 MPa over the
plate’s zone of influence. The recorded in-situ test data is presented in Figure 7.
The T16 location highlights the difficulties of selecting appropriate design parameters for these glacial soils. The soil matrix contains highly variable particle sizes with the turbine excavations yielding
boulders up to several meters in diameter. As a result, the in-situ glacial tills yield high stiffness values
in the geophysical tests that are not necessarily represented by lab tests on small soil element tests. Furthermore, tests such as the CPT are not always representative of the large-scale soil behaviour as early
refusals are often encountered due to shallow obstructions (eg. boulders/cobbles). This is clearly evident
by CPT B16-2 in Figure 7, which terminates at 2.5m. The CPTs that penetrate to deeper layers are by
definition the in-situ tests that have managed to avoid the large particle sizes and therefore these CPTs
may underestimate the overall soil strength/stiffness. The variability of the glacial till is evident in the
range of qc values from 4 MPa to 30 MPa within a half meter vertical interval.

Figure 7: Summary of in-situ test data T16 Bruckana

Using the same procedure as the previous example, an average normalised settlement (at the design
bearing stress of qb = 160 kPa) of 0.00039 was calculated from the reload loop of the plate load test (see
Figure a). The normalised stiffness (Es/qc) was then calculated and compared to the normalised settlement at each load stage for each plate load test (see Figure b). A second order polynomial was fitted to
the combined data from all three plate load tests to give an experimental mean curve for the foundations
stiffness with varying strain allowing the Es at a normalised settlement of 0.00039 to be calculated. The
plate load test verified the initial design and that the Es value of 184 MPa at 3.8m bgl was above the design stiffness of 115MPa.
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(a)

(b)

Figure 8: Plate bearing test data for reload loop for T16 Bruckana

7

SUMMARY DISCUSSION

The glacial till present at both sites exhibit a strong degree of heterogeneity that complicates the selection of appropriate design parameters for foundation analysis. In particular selection of an appropriate
stiffness value for the dynamic wind turbine design at relatively low strain levels was seen to be challenging. The combination of CPT testing with shear wave velocity measurements were originally employed in conjunction with a non-linear stiffness degradation model proposed by Gavin et al. (2009) to
select appropriate Edyn values. A quality control procedure was adopted in the form of multiple plate
load tests at each turbine location. The plate load test results provided a direct measurement of the soil
stiffness and validated the original design assumptions. The test results are compared to the original design curve in Figure 9. This simple method for determining the non-linear elastic soil model was proposed by Gavin et al. (2009) and uses a parabolic normalised load-settlement model based on (i) the
cone resistance to determine the bearing pressure at 10% of the foundation diameter and (ii) the in-situ
shear wave velocity to determine the tangential stiffness during small strain loading. The stiffness degradation model shows reasonable agreement with the plate test data validating the use of such a model to
derive appropriate site dependent stiffness parameters.
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(a)

(b)

Figure 9: Predicted and recorded normalised stiffness-strain at (a) T16 Bruckana and (b) T12 Mount Lucas
`
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ABSTRACT: Cone penetration resistance in sands with fines contents up to 35% is explored through drained cylindrical cavity expansion simulations with a modified MIT-S1 constitutive model. The constitutive model is calibrated to sands with 0%, 10%, 20%, and 35% low-plasticity fines with data from constant volume direct simple
shear, drained and undrained triaxial compression, shear wave velocity, and 1D-compression experiments.
Drained cylindrical cavity expansion limit pressures in the four materials are determined by numerical analyses.
Cone tip resistances are estimated from the cylindrical cavity expansion limit pressures and the effects of initial
state parameter, initial stress, and fines content on cone tip resistance are explored. Stress-normalizations of cone
tip resistance in terms of the initial state parameter are then presented for each material and the effects of fines
content on stress normalization parameters is evaluated.

1 INTRODUCTION
Cone penetration resistance (qt) in sands is affected by many factors including vertical effective stress
(σ′v0), horizontal effective stress (σ′h0), density (initial void ratio e0, relative density Dr , or initial state
parameter ξ0), dilatancy, stiffness or compressibility, grain crushing, prior stress history, aging, cementation, and fabric (e.g., Mayne 2006, Robertson 2009). The variation of qt in sands with varying fines content and fines plasticity has not been as well studied as for clean sands, including how the fines content
affects the variation of qt with σ′v0 and ξ0.
One form for relating qt to σ′v0 and ξ0 in sands is (Maki et al. 2013)
(1)
where σv0 is the total vertical stress, patm is the atmospheric pressure (taken as 101 kPa), ξ0 = e0 - ecs (the
initial void ratio minus the void ratio on the critical state line at the initial mean effective stress, p′0), and
a, b, and mξ are fitting parameters. The parameters a, b, and mξ attempt to account for soil properties,
σ′h0, and other environmental effects on sand behavior.
The variation of qt with σ′v0 can be isolated from other effects by projecting the tip resistance to a
standard reference stress while all other factors are held constant. Maki et al. (2013) suggested that the qt
for a sand at a given ξ0 and σ′v0 = patm can be written as
(2)
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where Q1ξ is defined as the state normalized cone penetration resistance (i.e. the net cone penetration resistance for σ′v0 = patm and an initial state parameter ξ0). The relationship in Equation (1) can then be rewritten in terms of Q1ξ as
(3a)
(3b)
where CNξ is a state parameter overburden correction factor. The subscript ξ on the Q1, CN, and m terms
indicates that these quantities pertain to a stress normalization procedure in terms of the state parameter.
This paper describes a numerical study of the relationships between qt, σ′v0, and ξ0 in Nevada sand
with 0%, 10%, 20%, and 35% low-plasticity fines (Yolo loam). Calibration of a modified version of the
MIT-S1 constitutive model to laboratory test data for these sand-loam mixtures is presented first. Numerical simulations are then used to compute drained cylindrical cavity expansion limit pressures for a
range of initial stresses and states. The cavity limit pressures are converted to equivalent qt values using
an approximate correlation, and the results are used to examine how the fines content affects the variation of qt with σ′v0 (i.e., mξ and CNξ) and ξ0. Implications for more generalized relationships are discussed.
2 CALIBRATION OF THE MODIFIED MIT-S1 CONSTITUTIVE MODEL
2.1 Overview of the Model
Cylindrical cavity expansion limit pressures are determined using a modified version of the MIT-S1
constitutive model (Jaeger 2012). The modified MIT-S1 model was selected because of its ability to accurately simulate the behavior of materials ranging from sand to clay across a wide range of stresses.
Additionally, the model’s ability to account for the influence of particle crushing on the compressibility
and the critical state line are particularly important for cone penetration testing since particle crushing
can occur in sandy materials. A brief overview of the MIT-S1 compression model is given below. A
more complete explanation of the model can be found in Pestana & Whittle (1999) and Jaeger (2012).
Particle crushing is incorporated through the limiting compression curve (LCC) concept proposed by
Pestana and Whittle (1995) (Fig. 1). The LCC is linear in log(e) - log(p′) with a slope ρc and passes
through a mean effective stress of p′ref at a void ratio of 1.0. Pestana & Whittle (1999) hypothesized

Figure 1. Conceptual framework for the MIT-S1 compression model. After Pestana & Whittle (1999).
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within MIT-S1 that the critical state line at high stresses (p′ > 1 MPa) is directly related to the LCC reference pressure, p′ref, and the LCC slope, ρc. This hypothesis has been shown to be reasonably accurate
for Toyoura sand (Pestana et al. 2002) and Cambria sand (data from Yamamuro & Lade 1996).
2.2 Calibration of the Modified MIT-S1 Model
The modified MIT-S1 model was calibrated to four Nevada sand and Yolo loam mixtures with 2.5%,
11.4%, 22.5%, and 36.4% fines by dry mass, which are herein referred to as the FC0, FC10, FC20, and
FC35 materials, respectively (Table 1). Nevada sand is a poorly graded (SP) fine sand with sub-rounded
particles and approximately 2.5% fine particles by mass (Doygun 2009). Yolo loam classifies as a lean
clay (CL, LL = 30% and PI = 12%), although its fines fraction (finer than the #200 sieve) consists of
70% silt and 30% clay size particles by dry mass (Doygun 2009). The available experimental data in
these materials includes 1D-compression experiments to high stresses and monotonic and cyclic undrained direct simple shear (DSS) experiments (Doygun 2009). Additional laboratory test data was
available for Nevada sand from the Arulmoli et al. (1992, drained constant-pʹ and undrained triaxial
compression), Arulnathan et al. (2000, bender element tests), and Castro (2001, drained and undrained
triaxial compression tests).
Table 1. Classifications and properties of Nevada sand - Yolo loam mixtures. Data from Doygun (2009).
Material
FC0
FC10
FC20
FC35
Yolo Loam

USCS Classification
SP
SP-SM
SM
SM
CL

Plasticity Index, PI (%)
N/A
N/A
N/A
2
12

Liquid Limit, LI (%)
N/A
N/A
N/A
19
30

Fines Content, FC (%)
2.5
11.4
22.5
36.4
64.0

The MIT-S1 material parameters were selected either directly from data, calibrated to experimental
data (fitting simulations to data), or estimated based on previously presented values and trends (Pestana
1994, Salgado et al. 2000, Pestana et al. 2002). The parameters σʹv,ref, ρc, θ, Cb, ωs, ϕ′cs, ϕ′mr, pϕ, m, and
ψp were estimated directly from the available laboratory experiments or by fitting simulations to experiments. The parameters K0NC, h, μ′0, and ω for all of the mixtures were estimated based on previously
published data and calibrations by Pestana et al. (2002), Tom et al. (2012), and Jaeger (2012). The material parameters D and r (parameters defining the unload-reload slope) are set to zero, which is consistent
with previous calibrations to clean sands. The parameter h (controls overconsolidated behaviors) was set
to a value of 2.0 for all materials, but it is noted that this parameter does not affect the results presented
herein. A summary of material parameters selected for the four sand-silt materials is given in Table 2.
Table 2. MIT-S1 material parameters for the Nevada sand - Yolo loam mixtures.
Material

c

FC0
FC10
FC20
FC35

0.397
0.397
0.397
0.370

σ′v,ref
(atm)
70.78
23.0
8.3
8.8

θ

K0NC

Cb

μ′0



s

ϕ′cs

ϕ′mr

p

m

ψp

0.35
0.55
0.55
0.60

0.5
0.5
0.5
0.5

822.0
400.0
300.0
250.0

0.28
0.25
0.35
0.35

1.0a
1.0a
1.0a
1.0a

2.0
4.0
6.0
8.0

32.5°
32.5°
32.0°
33.5°

26.365°
29.41°
31.768°
33.956°

2.359
0.81
0.233
0.225

0.60
0.40
0.62
0.45

50.0
50.0
10.0
5.0

A comparison of simulations of 1D-compression with the modified MIT-S1 model to the experimental data demonstrates that the model is capable of accurately predicting the compression behavior of
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these materials across a wide range of stresses, including the crushing region at high stresses (Fig. 2).
Comparisons of model predictions to drained triaxial compression and constant-p′ for the FC0 material
are presented in Figure 3 and comparisons of simulations to three constant volume, direct simple shear
tests in the FC10, FC20, and FC35 materials are presented in Figure 4. The comparisons demonstrate the
model’s ability to accurately predict the shearing behaviors of the Nevada sand – Yolo loam materials.

Figure 2. Calibration of MIT-S1 to 1D-compression tests on the FC0, FC10, FC20, and FC35 materials.

Figure 3. Comparison of MIT-S1 simulations to results of a drained constant-pʹ triaxial compression test (Arulmoli et al. 1992) and an isotropically-consolidated triaxial compression test (Castro 2001) on the FC0 material.

3 DRAINED CYLINDRICAL CAVITY EXPANSION ANALYSIS
3.1 Cavity Expansion Model
The cylindrical cavity expansion analyses were performed using FLAC 7.0 (Itasca 2011) and the modified version of the MIT-S1 model. The FLAC models consisted of 100 elements in a single row, which
increased in size away from the cavity wall according to the suggestion of Yu (1994)
(4)
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Figure 4. Comparison of MIT-S1 simulations to constant volume direct simple shear tests on the FC10, FC20, and
FC35 Nevada sand - Yolo loam materials. Experimental data from Doygun (2009).

where ri is the radius to the inner node of an element, rj is the radius to the outer node of the same element, r1 is the radius to the node at the cavity wall (also referred to as a0), rn is the radius to the outermost node, and n is the number of nodes in the mesh or grid. This definition of the nodal coordinates results in equal spacing of the nodes in a logarithmic scale, which is optimal for cavity expansion
problems. a0 was specified as the radius of a 15 cm2 cone penetrometer divided by √3, as suggested by
Silva et al. (2006) and the radius to the outer boundary (rn) was set to 250 meters (approximately
19,800a0 or 5700 diameters of a 15 cm2 cone). The outer radius is selected based on sensitivity analyses
in which the outer radius was incrementally increased until the boundary was at a sufficient distance
from the cavity wall (taken as the radius where the change of the limit pressure was negligible as the
outer radius increased further).
The material in the model is initialized with σ′v0 and ξ0. All simulations are initially K0-consolidated
and assumed to be normally consolidated (stress states are on the yield surface). The kinematic659

hardening internal variable tensor b of MIT-S1 is initialized to the value of the stress-ratio tensor η =
s/p′, where s is the deviatoric stress tensor and p′ is the mean effective stress.
3.2 Drained Cavity Expansion Limit Pressures
Drained cylindrical cavity expansion limit pressures σc,l were computed for each of the mixtures as the
values of radial stress at the cavity wall for a normalized cavity radius, a/a0 = 10.0, where a is the cavity
radius. The limit pressures are presented as effective limit pressures σ′c,l (i.e., the total limit pressure at
the cavity wall σc,l minus the initial pore pressure u0). Simulations were generally performed at ξ0 of
−0.3, −0.2, −0.1, 0.0, and 0.1 and σ′v0 of 25, 50, 75, 100, 200, 400, 800, and 1000 kPa, with exceptions
where the selected σ′v0 and ξ0 would have resulted in extremely low void ratios (less than 0.25) and possibly unrealistic increases in shear modulus.
The σ′c,l values in all materials increased as ξ0 decreased (density increased) and stress increased (Fig.
5). The limit pressures at a given σ′v0 and ξ0 are typically the greatest for the FC0 material, followed by
the FC10, FC35, and FC20 materials. The relationship between σ′c,l and σ′v0 is approximately linear in
log(σ′c,l) – log(σ′v0) space. A regression of the form in (Eqn. 3) can be fit to each material for a given ξ0.
The cavity expansion regression parameters σ′c,l(1 atm) (σ′c,l values at σ′v0 = 1 atm) and mξ,CCE can be expressed as functions of ξ0 (Fig. 6). The σ′c,l(1 atm) values at a given ξ0 are the greatest in the FC0 material
and generally decrease as the fines content increases. The σ′c,l(1 atm) values in the FC20 and FC35 materials are approximately equal from ξ0 = 0.1 to −0.1, but the σ′c,l(1 atm) values in the FC35 become slightly
larger than those in the FC20 material as ξ0 decreases further.

Figure 5. The effect of the initial state parameter ξ0 on drained limit cylindrical cavity expansion pressures of the
FC0, FC10, FC20, and FC35 Nevada sand - Yolo loam materials.

660

Figure 6. The effects of initial state parameter on the σ′c,l(1 atm) and fitting parameter mξ,CCE.

4 ESTIMATES OF DRAINED CONE PENETRATION RESISTANCE
Jaeger et al. (2013) presented a framework for estimating the cone penetration resistance of clean sands,
which combines cylindrical cavity expansion simulations with the Yu et al. (1996) cone pressuremeter
relationships. This framework can be expressed as
(5)

,

where qʹt = qt – u0 and F is a function of probe geometry, stress, density, and material-specific properties. Jaeger et al. (2013) presented a median regression of the F function based on calculated F values
for six sands. The regression of the median F curve for ξ0 of −0.30 to 0.10 can be expressed as
,

exp

(6a)

1.472

0.105 exp

3.436

0.188 ln

0.258

⁄

(6b)

⁄

(6c)

where A1 and A2 are stress-dependent regression parameters. The median F function ranges from approximately 23 to 3, and decreases as ξ0 increases (density decreases) and as pʹ0 increases. The curves
for the different stress levels eventually converge to a value near 3.0 at a ξ0 of approximately 0.10,
which suggests that the relationship between qʹt and σʹc,l in sands becomes increasingly independent of
stress as the material becomes loose of critical (i.e., at very low densities or very high stresses).
Drained qt values in the FC0, FC10, FC20, and FC35 materials were estimated using the above approach. Values of qt,net for the FC0 material are generally the greatest, followed by the FC10, FC20, and
FC35 materials, which was also observed in the cavity expansion results. The relationship between qt,net
and σ′v0 is approximately linear in log(qt,net) – log(σ′v0) space. Q1ξ and mξ values were fit to the qt,net values for a given ξ0 (Fig. 7). Similar to the cavity expansion regressions, results from simulations with e0
less than about 0.25 were not included due to the possibly unrealistic increases in shear modulus as void
ratio decreases. The Q1ξ values in all four materials increased as ξ0 decreased. At a given ξ0, the Q1ξ values were the greatest for the FC0 material and generally decreased as the fines content is increased, with
the FC20 and FC35 values being approximately equal. Q1ξ values in the FC0 material are within the
ranges for clean sands presented by Maki et al. (2013) and Jaeger et al. (2013) at a given ξ0, whereas the
Q1ξ values in the FC10, FC20, and FC35 materials generally fall below the range for clean sands. The
observed trend follows a similar trend often applied to clean sand correction factors in liquefaction triggering relationships, where in the present analysis the difference in Q1ξ values between the clean sand
curve and sand with fines curves generally increased as fines content increased at a given ξ0.

661

Figure 7. The effects of initial state parameter ξ0 on Q1ξ and fitting parameter mξ.

The slopes mξ for the four materials vary considerably and follow different trends with ξ0. The mξ
values in the FC0 material are less than 0.6 at dense states and increased to about 0.8 as ξ0 increased to
0.1. This trend is consistent with previously published results for clean sand by Boulanger and Idriss
(2004). The mξ – ξ0 relationships in the FC10 material increased only slightly as ξ0 increased with mξ
values around 0.8. The mξ values in the FC20 and FC35 materials were around 0.9-0.95 at dense states
and decreased to about 0.85 as ξ0 increased to 0.1, which is a reversed trend relative to the FC0 material.
These results suggest that state-parameter-based stress normalization exponents (mξ) in sands will
generally increase with increasing fines content. The computed values for mξ reached about 0.95 for Nevada sand with 35% low-plasticity fines. This observation is particularly interesting given that an mξ
value of 1.0 is predicted with modified Cam clay for undrained penetration resistance in clays (Maki et
al. 2014). Future analyses will further examine the dependencies of these interrelationships on drainage
conditions and fines plasticity across a broader range of soil mixtures.
5 CONCLUSIONS
Drained cone tip resistances in sands with approximately 0%, 10%, 20%, and 35% low-plasticity fines
were evaluated using numerical cylindrical cavity expansion simulations with a modified version of the
MIT-S1 constitutive model and an empirical adjustment of the cavity limit pressures to equivalent cone
penetration resistances. Stress normalizations of cone tip resistance in these materials were evaluated in
terms of vertical effective stress σ′v0 and initial state parameter ξ0.
The state normalized cone tip resistances Q1ξ in these sands at a given ξ0 generally decreased as fines
content increased from 0% to 20%, but was relatively unchanged from 20% and 35% fines. The stateparameter-based stress normalization exponent mξ at a given ξ0 increased significantly as fines content
increased from 0% to 20%, but increased only slightly as fines content increased from 20% to 35%
fines. It is hoped that the results of these, and other ongoing analyses, will contribute to the development
of more generalized state-parameter-based stress normalization procedures for intermediate soils.
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Large deformation finite element analysis of CPT on strain softening,
rate dependent non-homogeneous clay
J. Zheng, M.S. Hossain & D. Wang
Centre for Offshore Foundation Systems, The University of Western Australia, Perth, Australia

ABSTRACT: This paper reports results from large deformation finite element analyses simulating penetration of cone
penetrometers in strain softening, rate dependent non-homogeneous clay deposits. For relating the net cone tip resistance to the intact undrained shear strength, expressions are proposed for the shallow and deep cone factors, accounting for the effect of soil rigidity index. It is shown that the clay strength non-homogeneity has minimal effect on the
cone factors due to the small size of the standard cone penetrometers. The range of deep cone factors considering the effects of strain softening and rate dependency, and parameters of practical interest, are consistent with those back calculated from a worldwide high-quality database of net cone tip resistance and undrained shear strength measured through
laboratory and field (vane shear) tests.

1 INTRODUCTION
Currently, the most commonly adopted in situ test in offshore site investigation is the cone penetration test (CPT).
The size for the cone penetrometer most commonly used in offshore is 10 cm2 (i.e. cone diameter Dc  35.7 mm
and tip angle 60) and the net area ratio () ranges from 0.59 to 0.85. Cone penetrometers with A = 15 cm2 and 5
cm2 (Dc = 43.7 mm and 25.2 mm respectively) are also sometimes used in seabed characterization (Lunne et al.
1997). The penetration tests are carried out at a rate of 20  5 mm/s (ISSMGE IRTP 1999, ASTM 2007).
For clay deposits, the standard CPT velocity of 20 mm/s is considered fast enough to ensure undrained penetration conditions. As such, the cone factor Nkt is used to relate the net cone tip resistance qnet to the intact undrained shear strength su as:

N kt 

q net q t  v0

su
su

(1)

where qt is the total cone tip resistance and v0 is the total overburden stress at the level of the cone shoulder, d.
For this study, the correction for the effect of unequal pore pressure was not necessary as the cone was simulated
as solid shaft (see Figure 1; i.e. qt = measured tip resistance qc).
The theoretical solutions for Nkt factors have been presented by researchers using various methods, including
cavity expansion theory (Vesic 1972), strain path method (Baligh 1985, Teh & Houlsby 1991) and method of
characteristics (Houlsby & Martin 2003). More recently, the results from large deformation finite element (LDFE)
analyses are reported by Lu et al. (2004), Walker & Yu (2006) and Liyanapathirana (2009). In all of these studies,
it was assumed that the soil obeyed the elastic-perfectly plastic yield criterion except Liyanapathirana (2009), who
simulated cone penetration in strain-softening, rate dependent clay, but no expression was proposed for Nkt factor
as a function of the relevant parameters.
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Despite these efforts, the conventional practice is to directly evaluate the in situ undrained shear strength (su)
using a fitted Nkt factor correlating the net cone tip resistance with the shear strength measured from element tests
(e.g. Chan et al. 2008, Ozkul et al. 2013). Correlation with typical laboratory test (such as triaxial tests, simple
shear test) data gives a range of Nkt from 7.2 to 18 (Low et al. 2010, 2011). Additionally, most researchers proposed expressions for Nkt at steady state (colloquially referred to as deep bearing factor), with the exception of
Houlsby & Martin (2003) who tabulated the cone factors as a function of embedment depth (d = 0~2.5Dc), clay
strength non-homogeneity (kDc/sum = 0~5), cone tip angle ( = 30~180) and cone roughness. However, the degree of non-homogeneity considered was out of the range of practical interest for penetration of the standard cone
penetrometers (as the calculations were made for a much bigger object, e.g. ~20 m diameter spudcan foundation).
The objective of this study is to investigate the penetration response of the cone penetrometer in strain softening, rate dependent non-homogeneous clay deposits using an LDFE method. The effects of soil rigidity index Ir,
sensitivity, ductility and strength non-homogeneity; rate parameter; and normalized penetration velocity were explored. Design expressions for the cone factors at shallow and deep penetration depths were proposed based on
the results from the parametric study.

2 NUMERICAL ANALYSIS
2.1 Geometry and Parameters
This study has considered a cone penetrometer of diameter Dc, penetrating into a non-homogeneous clay deposit
as illustrated in Figure 1, where the intact undrained shear strength, su, increases linearly with depth with a gradient k and equals to sum at the mudline. The soil average effective unit weight is . Numerical analyses were undertaken for cones of Dc = 25.2~43.7 mm, with a 60 tip angle, penetrating at velocities of v = 15~25 mm/s under
undrained conditions. These selected parameters, together with the parameters in Equation 2 related to strain softening and rate dependency (defined in Section 2.3), are summarized in Table 1, encompassing the range of practical interest for soft clay sediments.

2.2 Analysis Details
LDFE analyses were performed simulating continuous penetration of a smooth cone from the soil surface. All the
analyses presented were undertaken using the Arbitrary Lagrangian-Eulerian (ALE) approach available in the
commercial finite element (FE) package Abaqus/Explicit (Dassault Systèmes 2010). Details of the ALE approach
and its application in analyzing cone penetration were given by Walker & Yu (2006).

sum
d

su

cone
su0

dtip

1

Dc

k
z

Figure 1. Schematic of cone penetrometer penetrating into non-homogeneous clay.
Table 1. Summary of soil parameters for parametric study.
____________________________________________________________________________________________________
Group kDc/sum
log(v/D ref )
Ir

95
rem
Notes
666

(10-2)
____________________________________________________________________________________________________
I
3.57
67, 150,
0
1.0
Effect of rigidity index Ir on non300 and 500
II
strain

3.57

5.13

softening, rate-independent soil

67, 150,

0.1

12

0.25

300 and 500
III

3.57

5.13

150

Effect of rigidity index Ir on
softening, rate-dependent soil

0.1 and 0.2

12

0.1, 0.25,

Effect of remolded ratio rem

0.5 and 1.0
IV

3.57

5.13

150

0, 0.1

12

0.25 and 1.0

Effect of rate parameter 

and 0.2
V

3.57

5.13

150

0.1 and 0.2

12, 18

0.25

Effect of ductility parameter 95

and 24
VI

3.57

3.8, 4.4, 5.13

150

0.1

12

0.25

velocity log(v/Dc ref )

and 5.55
VII

0, 0.36,

5.13

Effect of normalized penetration

150

0.1

12

1.43, 3.57,

0.25

Effect on non-homogeneity
kDc/sum

5.36 and 10.71
____________________________________________________________________________________________________

The cone penetration problem was simulated using an axisymmetric model. The boundary of the soil domain
along the axis of symmetry was offset by 0.02Dc in radial direction to avoid distortion of the mesh beneath the
advancing cone. A smooth rigid cylindrical surface was then fixed along the offset boundary to prevent inward
movement of the adjacent soil. This technique has been used in investigating various geotechnical problems, with
the details presented by Mahutka et al. (2006) and Yi et al. (2012) among others. The nodes adjacent to the bottom boundary were restrained vertically while the nodes on the external vertical boundary were restrained horizontally. The cone was modeled as a rigid body, penetrating into the soil domain which was discretized using
continuum elements of type CAX4R. The enhanced hourglass control was used to avoid the hourglassing problem, as suggested by Walker & Yu (2006). The axisymmetric soil domain was chosen as 1 m (23~40Dc) in radius
and 1.5 m (34~60 Dc) in depth to avoid boundary effects during the process of penetration. The adaptive mesh
was set for the domain of fine mesh within a radial distance of 1.5Dc from the symmetric axis.

2.3 Constitutive Model and Material Properties
The soil was modeled as an elasto-plastic material obeying a Tresca yield criterion, but modified to allow strain
softening and rate dependency of the shear strength as described later. The rigidity index Ir expressed as the ratio
of the shear modulus G to the intact undrained shear strength su was taken as constant throughout the soil profile.
A Poisson’s ratio of 0.49 was adopted to approximate constant soil volume under undrained conditions while
maintaining the numerical stability. The geostatic stress conditions were modeled with coefficient of lateral earth
pressure of 1, as the stable penetration resistance was found to be almost unaffected by the coefficient.
Following Einav & Randolph (2005) and Zhou & Randolph (2007), the Tresca soil model was extended to
take the combined effects of rate dependency and progressive softening into account. The undrained shear
strength at each Gauss point was modified at the beginning of each time step, based on the average rate of maximum shear strain over the last time step and the current accumulated absolute plastic shear strain, according to
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 Max   , ref   
3ξ /ξ
s u,rem  1  μlog 
   δ rem  1  δ rem  e 95  s u
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16

Steady state
depth, dkt/Dc

14
12
10

Non-softening, rate
indepenent clay

8

Baligh 1985
Teh & Houlsby 1991
Lu et al. 2004
Walker & Yu 2006
Liyanapathirana 2009
This study

6
4
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2
0
1

20

Figure 2. Load‐penetration response of cone in
terms of cone factor (Ir = 150; Group II, Table 1).

10
100
Rigidity index, Ir

1000

Figure 3. Comparison of deep cone factors from vari‐
ous analyses.

The first bracketed term augments the strength according to the maximum strain rate, , relative to a reference value, ref , which was considered as 1~20%/h corresponding to the typical strain rate in laboratory tests (Erbrich 2005, Lunne et al. 2006). The augment of shear strength follows a logarithmic law with rate parameter .
The maximum shear strain rate  was deduced by dividing the difference between the increments of maximum
principal strain and minimum principal strain (Δε1 – Δε3) over a time step Δt. The value of Δt was equal to the ratio of the displacement in the numerical analysis to the selected field penetration velocity. Typical value of the interval of displacement after which the strain softening and strain rate will come into effect is about 0.01~0.03 diameter of the penetrating object.
The second part of Equation 2 models the degradation of strength according to an exponential function of cumulative plastic shear strain, , from the intact condition to a fully remolded ratio, rem (= 1/St). The relative ductility is controlled by the parameter, 95, which represents the cumulative shear strain required for 95% remolding.
Further details can be found in Hossain & Randolph (2009) and Zheng et al. (2013). For the parametric study, the
selected parameters for combined effects of strain rate and strain softening are given in Table 1.

3 RESULTS AND DISCUSSION
A full load-penetration response profile is divided into two parts – shallow penetration response before steady
state penetration and deep penetration response with a stabilized cone factor, as typically illustrated in Figure 2.
The results are presented in terms of shallow cone factor Nkt,s or deep cone factor Nkt, as a function of normalized
cone tip penetration depth, dtip/Dc. The depth at which the stable ultimate value attained is defined as the steady
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state depth dkt (see Figure 2). For cone penetration in non-uniform clay, the values of Nkt,s or Nkt can be calculated
using Equation 1, but reorganizing as:

N kt,s or N kt 

0

q net q t  d

su0
s u0
Cone factor, Nkt,s or Nkt
3
6
9
12
15

(3)

Normalized shallow cone factor, Nkt,s/Nkt
0
0.2
0.4
0.6
0.8
1

18

4

0

Normalized tip penetration depth, dtip/dkt

Normalized tip penetration depth, dtip/Dc

0

Shallow penetration
response, Nkt,s

8

12

16

Steady state
depth, dkt/Dc

Deep penetration
response, Nkt

20

0.2

0.4

0.6
Equation 6
0.8

1

Figure 5. Variation of normalized bearing factor,
Nkt,s/Nkt, with normalized penetration depth,
dtip/dkt.

Figure 4. Cone factors for non‐homogeneous clays
(Group VII, Table 1).

where su0 is the local undrained shear strength at the level of the cone shoulder (see Fig. 1). For convenience, the
area A was taken as the cross-sectional area at cone shoulder level, d, during the whole process of penetration.

3.1 Penetration on Non-Softening, Rate Independent Clay
To explore the effect of soil rigidity index Ir, analyses were undertaken for cone penetration on non-softening, rate
independent non-homogeneous clay with Ir = 67, 150, 300 and 500 (Group I, Table 1). The values for the deep
cone factor, Nkt, obtained in this study are plotted in Figure 3, together with those using the expressions proposed
by Baligh (1985), Teh & Houlsby (1991), Lu et al. (2004), Walker & Yu (2006) and Liyanapathirana (2009). It
can be seen that, the results from this study are very consistent with the ones presented by Baligh (1985) and fall
close to the line proposed by Lu et al. (2004). Based on the results from this study, a correlation between Nkt factor and Ir in non-softening, rate independent clay can be proposed as

N kt  0.33  2.2ln  Ir 

(4)

The close agreement shown in Figure 3 confirms the capability of the numerical model used in this study.
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3.2 Penetration on Strain-Softening, Rate Dependent Clay
Natural clays exhibit strain rate dependency and also soften as they are sheared and remolded. In order to explore
these effects, a parametric study was conducted simulating CPT test on strain softening, rate dependent clay varying related parameters (Groups III~VI, Table 1). Additional analyses were also performed to investigate the effects of rigidity index, Ir (Group II, Table 1) and degree of soil strength non-homogeneity, kDc/sum (Group VII,
Table 1) on the cone factors.

3.2.1 Shallow penetration response
In order to illustrate the effect of the non-homogeneity factor on the form of the penetration resistance profile at
shallow depths (dtip/Dc ≤ dkt/Dc), the results of various non-homogeneity factors kDc/sum = 0~10.71 10-2 (Group
VII, Table 1) are displayed in Figure 4. It is seen that these small values of kDc/sum has insignificant effect on the
shallow cone factor, Nkt,s.
For all the analyses (Table 1) performed, Nkt,s factor increases with increasing penetration depth until a steady
state with the deep cone factor Nkt is achieved. The steady state depth dkt varied only as a function of Ir. For the
range of Ir = 67~500 explored in this study, dkt can be expressed as

dkt / Dc  0.016Ir  7.35

(5)

For developing a convenient solution, the shallow bearing factor, Nkt,s, can be conveniently defined as a proportion of the deep bearing factor, Nkt, which varies with the tip penetration depth, dtip, normalised by the steady
state depth, dkt. Figure 5 shows the variation of the bearing factor ratio, Nkt,s/Nkt, as a function of normalized penetration depth, dtip/dkt. A best fit curve is also included in Figure 5 to represent the profiles with the expression given by

N kt,s
N kt



 1.006 1  0.006

d tip /d kt



(6)
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The undrained shear strength of clay at shallow depths (dtip/Dc ≤ dkt/Dc) can therefore be interpreted using a
combination of Equations 5 and 6 with Nkt given by Equation 7 in the next section.
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Figure 6. Effect of strain softening and rate parameters on deep cone factor: (a) effect of rem (Group III, Table 1);
(b) effect of  (Group IV, Table 1); (c) effect of 95 (Group V, Table 1); (d) effect of log(v/Dref) (Group VI, Table 1).

3.2.2 Deep penetration response
The deep cone factors, Nkt, from the analyses assembled in Table 1 are plotted in Figures 3, 4 and 6. Figure 3
shows that Nkt factors are highly sensitive to rate dependency. The inclined line representing the cone factors in
non-softening and rate independent clay was increased by about 30% when the combined effects of strength degradation and rate dependency were incorporated. In addition, consistent with the finding for Nkt,s, the degree of
non-homogeneity has minimal effect on the profiles for Nkt, as shown in Figure 4.
A simple expression has been derived to fit the data for Nkt factor, from all the analyses tabulated in Table 1,
as


 
N kt  1   log  b
  ref



3b / 95
  rem  1  rem  e
 0.33  2.2 ln  Ir  


(7)

where b = 0.06v/Dc and b = 0.3 are the average maximum shear strain rate and average maximum plastic shear
strain around a deeply embedded cone penetrometer respectively; and the third bracketed term is from Equation 4
representing Nkt factor for a cone penetrating in non-softening, rate independent clay.
Figures 6a~d illustrate Nkt factors from the analyses for Groups III~VI respectively. The deep cone factor
tends to increase with increasing parameters of rem, , 95 and log(v/Dref). As expected, the effect of the rate parameter, , appears to be the most significant. The lines using Equation 7 are also included in these figures. As
can be seen, the proposed expression predicts Nkt factors with an error < 3%.
For soft clay sediments commonly encountered in offshore site investigation, the sensitivity St varies between
2 and 10 (i.e. rem = 0.1~0.5) with typical values of rate parameter  = 0.1 and soil ductility 95 = 12. Considering
a practical range of stiffness ratio of E/su = 200~500 (i.e. Ir = 67~168), standard CPT test (i.e. Dc = 25.2~43.7 mm
and v = 20  5 mm/s) and strain rates of laboratory test (i.e. ref = 1~20%/h), Equation 7 gives deep cone factors
Nkt = 11.3~16. Assembling a worldwide, high-quality database of lightly overconsolidated clays, Low et al.
(2010) reported a range of Nkt factor as 8.61~17.39 correlating net cone tip resistance with undrained shear
strength deduced from laboratory tests (triaxial compression and the average of triaxial compression, simple shear
and triaxial extension). The Nkt factors from this study therefore fall within the range recommended by Low et al.
(2010).

4 CONCLUDING REMARKS
This paper has reported results of numerical analyses for cone penetrometers penetrating in strain-softening, rate
dependent non-homogeneous clays. The analyses were carried out using the Arbitrary Lagrangian-Eulerian ap671

proach coupled with the commercial FE package Abaqus/Explicit. The simple elastic perfectly-plastic Tresca
model was modified to allow strain softening, and to incorporate strain rate dependency. An extensive parametric
study was undertaken to explore the correlation between the net cone tip resistance and the undrained shear
strength of clay. The effects of soil rigidity index, degree of soil strength non-homogeneity and strain rate and softening parameters were investigated.
The effect of soil strength non-homogeneity on the shallow and deep cone factors was found to be negligible.
The depth of attaining the ultimate stable response, dkt, increased with increasing soil rigidity index. For shallow
penetration response, profiles of the normalized cone factor, Nkt,s/Nkt, showed a somewhat unique trend, which increased with the normalized cone tip penetration depth dtip/dkt. Expressions were proposed for estimating the
depth dkt and shallow cone factor, Nkt,s. For deep penetration response, the deep cone factor Nkt increased with increasing strain softening and rate parameters rem, , 95 and log(v/Dref), with the rate parameter  identified as
the most influencing factor. An expression was also proposed for estimating Nkt factors as a function of strain softening and rate parameters.
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ABSTRACT: This paper provides a short summary of a pioneer geotechnical work on saline soils in
Hungary. It describes the very first laboratory, and the CPTu dissipation test results and some
differences between saline and non-saline soils.
1 INTRODUCTION
A statistical study made by Rétháti and Ungár (1978), based on soil physical parameters of 11000 laboratory tests determined from 2600 soil samples taken in the western side of Szeged City in Hungary (Fig
1) revealed that the layering is the same, however, the soil conditions are worse on part C in comparison
with parts A and B.

(b)

(a)

.

Figure 1. (a) Site plan and section for Szeged. Notations: a. fill, b. humus soils, c. or 1 infusion loess, d. or 2 to 4
yellow lake clay, e or 5. bluish-grey freshwater deposit (after Rétháti and Ungár, 1978 and Imre, 1995). (b) CPTu at
ELI-site, Robertson (1990) SBTn plot indicating NC state and local sensitivity.
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In this work it is assumed that the possible reason is as follows. There is a hilly area with a divider between the Duna and the Tisza Rivers where the groundwater moves downwards, in the low areas along
the two large rivers the soil water is moving upwards (Arany, S., 1956; Bakacsi and Kuti, 1998). Szeged
is situated along the Tisza, area C is the lowest point where the groundwater may move upwards, and, as
a result, the soil may be altered in a different degree at various depths and locations.
To investigate this assumption, two subsequent investigations are treated here; results of statistical
analysis are similar to the ones obtained by Rétháti and Ungár (1978) in the frame of the OTKA research
(Imre, 1995). In addition, some results of a recent geotechnical investigation at ELI-site close to part C
(Figs. 1 to 5) are evaluated.
Results concerning the exploration at ELI-site in saline and non-saline soils are presented and results of
the evaluation of pore water pressure dissipation tests are treated. The soil parameters are compared with
the soil data determined by the OTKA research and computed from the compression tests. The results give
some proof concerning the upward flow and some indication on the coefficient of consolidation c determined by various methods.
In the companion paper, results of the OTKA project concerning (i) the statistical evaluation of some
laboratory and in situ soil tests, (ii) results of soil chemistry tests, and (iii) results of the double compression tests (i.e. compression test and oedometric relaxation tests) carried on some saline and non-saline soils
to test the fabric stability are treated. In addition, the evaluation of some multistage compression test carried on saline and non-saline clays and silts are presented on the basis of the ELI expertise.
2 METHODS
2.1 Explorations
In the frame of the OTKA research seven, approximately 15 to 20 m deep borings, and CPT’s with
simple dissipation tests were made at locations indicated in Figure 1 (Imre, 1995). A new investigation was made at ELI-site close to part C which entailed some boreholes to a depth up to 66 m and some
CPTu pore water pressure dissipation test was treated. The dissipation tests were made in two clay layers and the sandy-silty layers using u2 filter position (Fig. 2).
2.2 Evaluation methods
The evaluation of oedometric compression tests was made with a least squares evaluation method based
on the modified Terzaghi and Bjerrum models (model A and AC), a parameter for the immediate compression was added (Imre et al., 2014). The LS evaluation and its model for the oedometric relaxation
test are described by (Imre et al., 2013 and 2014).
Table 1 Mean values  standard deviations for the upper 20 metres (after Imre, 1995)
Symbol for
layer
1
2
3
4
5

Plasticity
index [%]
7.4  2.1
28.9  3.3
19.1  10.4
36.3  6.8
30.0  9.1

UU shear
strength
[kPa]

Preconsolidation pressure
[kPa]

Permeability
[m/s]

Void
ratio

86.2 
92.7 
75.3 
95.0 
60.0 

136.3 
131.6 
124.6 
154.1 
148.3 

6.1.10 -8
3.9.10 -8
3.8.10 -8
2.5.10 -g
6.3.10 -8

0.68 
0.76 
0.76 
0.85 
0.80 

16.0
37.7
21.2
30.1
18.7

30.0
33.5
24.4
29.6
16.4
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0.08
0.06
0.07
0.10
0.09

Liquidity
index
[%]

Degree of
saturation
[%]

0.14  0.37
-.09  0.10
-.02  0.19
-0.04  08
-0.06  0.09

0.95  0.0
0.92  03
0.92  0
0.90  . 04
0.83  .96

(a)
(b)
Figure 2. Profiles. (a) Mean CPTu profile indicating location of the dissipation tests. (b) SBTn index profile, indicating a sand-silt seem (green) between the two clay layers (blue).

Table 2 Model-variants, # of mesh points (i.e. the numerical work) in case of LS global minimisation
Test
Method
model-version
Parameter # (linear)
Parameter # (non-linear)
# of global mesh points

Relaxation test
HCR
5
1
54

Compression test
HC
4
1
54
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AC
4
1
54

A
1
4
200

Dissipation test
II
I
model Ib
model Ia
1
k=1
k
4
1
1
200
54
54

Table 3. First results of the parameter identification without correction factors (c in m2/s)
Site/
depth m

52/22
53/22
52/30
53/30
51/50
52/40
53/40

Test id
Fig 3
/Fig 5
41/42/5
61/62/6
91/92/8
71/72/9
33/1
51/2
82/3

t50[min]

0,62
0,78
27,73
20,05
0,05
1,97
2,37

t90[min]

14,5
22,5
135
122
4
7
8,5

Compression test
model
A
4E-8
4E-8
2E-8
2E-8

AC
5E-8
5E-8
3E-8
3E-8

9E-8

1E-7

III
t50
7E-5
5E-5
1E-6
2E-6
5E-4
1E-5
1E-5

Dissipation test evaluation method
I
model Ib
4E-6
4E-6
3E-8
7E-6
1E-4
1E-4
1E-3

model Ib
6E-5
9E-5
4E-6
1E-5
1E-2
4E-3
3E-3

II

model Ia
6E-4
4E-4
7E-6
2E-5
8E-3
2E-3
3E-3

The dissipation tests were evaluated using three methods (see App. 1). Methods I and II are the least
squares fittings of a one dimensional coupled consolidation model, being related to two initial condition
identification strategies and to global minimisation. Method I is numerically cheaper and method II is
numerically more expensive (Table 2). Method III of Teh and Houlsby (1988) is based on a twodimensional model and a one-point-fitting at the t50 determined according to (Sully et al, 1999).

3 RESULTS, DISCUSSION
3.1 Explorations
The layers in Szeged according to Rétháti and Ungár, 1978 are as follows: fill, humus soils, infusion loess,
yellow lake clay, bluish-grey freshwater deposit. The u2 dissipation tests were made in four sub-layers of
the bluish-grey freshwater deposit. The upper clay layer is situated between depths of 17 m to 25 m with
Ip of 20 to 25 % which was proved as saline since its void ratio was equal to 0.98 to 1.1, being larger
than the typical values in Szeged. The lower clay layer with Ip of 20 to 33 %, between depths of 25 m to
35 m was non-saline, having a void ratio of 0.74 to 0.87, which is normal according to Table 1.
Figure 1(b) shows that the OCR is 1 below the crust. The groundwater levels computed from the
dissipation tests at various depths in the same site were different due to the upward flow that was also
evident from the CPTu records (see the companion paper). The dissipation curves (Fig 3) were computed
both with precise and an approximate groundwater level, the latter was related to the groundwater level of
the deepest dissipation test. The curves were non-monotonic in the NC clays (type III and IV) and were
negative, monotonic in the silty sand (type V). The dissipation was faster in the saline than in the nonsaline clays.
3.2 Identified coefficient of consolidation
The dissipation test data were evaluated using three methods. The first and second methods were least
squares fitting of a coupled consolidation model using two initial conditions (see App. 1, Table 2). The
third method was suggested by Teh and Houlsby (1988) as a one-point-fitting-method based on the t50
determined according to Sully et al. (1999).
The results are shown in Figs. 3 to 6. The least squares method I gave a better fit than did method II.
The solution for method I was not unique (being double) and was unique for method II. The larger c solution of method I was determined using the data related to the precise groundwater level value and was
considered as a physically acceptable solution. The smaller c solution was determined using an approximate groundwater level value.
For clays, the larger c solution of method I was slightly larger than the c identified by method III. The
difference can possibly be attributed to the fact that the applied LS model is related to a different (u3) filter position. If a correction factor of 0.5 is used (see in Imre et al., 2010) then the larger c solution nearly
coincides with the solution of method III in clays (Fig. 5).
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In silts and sands the t50 values seemed to be too large in the light of the measured t90 values (see Table 3) in some cases possibly since the construction method (Sully et al, 1999) has larger error for sands.
The least squares methods I and II imply a value of the displacement domain r1 which is good for clays
only, but the error was not large. This was shown by expressing how r1 depends on the rigidity index Ir
(see App 2). The difference in terms r1 is a factor in of about 0.7 to 0.95, in terms of c a factor of 0.49 to
0.86 for the clays and silts (see e.g. Imre et al, 2010, and App 2). The c values identified from oedometer
tests were considerably smaller than the dissipation test values, as expected (see Table 3).
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-300
-400
0.0

0.1

1.0

10.0

100.0

t [min]

(a)

(b)
Figure 3. Pore water presure dissipation curves at ELI-site (a) sand-silt. (b) all curves.

u [kPa]

100.0

10.0

1.0

1E-2

1E-1

1E+0

t [min]

(b)
(a)
1E+2
1E+1

u [kPa]

u [kPa]

100.0

10.0

1E+0
1E-1
1E-2

1.0

1E-2

1E-3
1E-1

1E+0

1E-1

1E+0

t [min]

t [min]

(d)

(c)

Figure 4. Dissipation test ev. (a) Deepest (or minimal) section of the LS merit function, two solutions for
method I. (b) Measured – fitted data with method I, precise data. (c) Measured – fitted data, non-precise data and
method I. (d) Measured – fitted data with method II, precise data.
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Figure 5. The c values identified from dissipation tests, with correction factors (the largest c out of the double
solution for model Ib is nearly the same as the one-point fitting solution except for sands).
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Figure 6. The relation between c and time (with t50 or t90), with correction factors, method I. Different relation is
valid for saline and non-saline clay.

4 CONCLUSION
The upward flow was proven by the measured dissipation curves which resulted in various groundwater
levels. The dissipation curves were non-monotonic in the NC clays (type III and IV) and are negative,
monotonic in the silty sand (type V). The latter can be explained by the small compressibility of the
particle-materials, the drained penetration around the tip. The former needs some further research.
Concerning the evaluation of the dissipation curves in case of clays, the larger c value out of the double solution of method I was nearly the same as the c identified by the one-point fitting method III. This
verifies the goodness of both methods (and indicates that a factor of 0.5 is needed if u2 fps is applied instead of fps u3). It can be noted that method II - that has unique solution - can numerically be improved
(by applying a pseudo-inverse method instead of the SVD).
Concerning the evaluation of the dissipation curves in case of sands and silts, some scatter was found.
because of the following reasons. According to the measured t50 data, method III can not reliably be used
to estimate the solution of the inverse problem for sands since the t50 construction method has a large error (Sully et al, 1999). Moreover, in case of sands, the methods I and II need a correction factor of about
0.5 due to the fact that the penetration is partly drained. This factor was derived in this work by equating
the theoretically precise time factor with the empirical one suggested by Teh and Houlsby (1988).
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Concerning the identified c with method I (larger value), different relations were found between this c
and the t50 or t90 for saline and non-saline clays. This indicates a significantly different fabric for the saline clays that behaves similarly to the silty soils.
The c values identified from oedometer tests were smaller than the ones identified from dissipation
tests, as expected. The fact that the dissipation is faster in the saline clay than in the non-saline is in accordance with the results of the compression tests.
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APPENDIX 1 DISSIPATION TEST EVALUATION
In the Least Squares fitting algorithms (methods I and II), for the minimisation of the least squares objective function, two complementary techniques were applied (Imre et el, 2013), the minimum was determined by the exploration of noise-free merit function along a mesh. Analytical solutions were used and the reliability of the inverse
problem solution was tested. Two point-symmetric model families were used (Table A-1) which apply constant
radial displacement boundary condition at the inner boundary ro (the shaft-soil interface), the coupled 2 models
use constant volumetric strain at the outer boundary r1, the coupled 1 models have a new boundary condition at the
outer boundary r1, constant displacement boundary condition is applied (Imre et al., 2010). In this work the solution of the coupled 1 model was used in case of embedding space dimensions one (oedometer), two (cylindrical)
or three (spherical). The analytical solution in the cylindrical case for the pore water pressure (u):






u(t, r) =   k C k e- k ch t [ I 0 ( k r )   k Y 0 ( k r )] [ I 0 ( k r1 )   k Y 0 ( k r1 )]
2

(1)

k =0

where Jp and Yp are the Bessel functions of the first and second kind, of order p, λk, μk are the roots of the boundary condition equations; Ck (k=1...) are the Bessel coefficients determinable from the initial condition, and c is
coefficient of consolidation (c= k Eoed /v). This model was used in two different ways. It was applied such that either the parameters Ck were identified directly during the inverse problem solution (model Ia, method II) or they
were determined beforehand for various shape functions, with three additional non-linearly dependent parameters,
and the shape functions were identified (model Ib, method I).
The coefficient of consolidation c is determined by Teh and Houlsby (1988) as follows from their time factor
(method III):
T T H
c  50 r02 I r 1 / 2
t 50

(2)

where r0 is the radius of the rod, t50 is the measured time for 50% dissipation, Ir is the rigidity index. The time
factor is based on the observation that the theoretical dissipation curves can approximately be normalized.
APPENDIX 2 SOME CONSEQUENCES OF THE THEORETICAL TIME FACTOR
The coupled 1 and 2 consolidation models imply the following time factors T, respectively (Imre et al., 2010):
T1 

ct

r1  ro 

2

or T 2 

ct

(3a,b)

4r1  ro 2

where r0 is the radius of the rod, r1 is the radius of the displacement domain. These are approximate in the cylindrical and spherical cases since the asymptotic Bessel formulae are used for the derivation. Compiling Equations
(2) and (3a) for the coupled 1 model:



r1  r0  r0 T T  H / T 1



1/ 2

I r1/ 4

(4)

The approximate value of r1 is 64.75 cm (according to the undrained strain path in Boston Blue Clay, see e.g. in
Baligh, 1986) which is used in the evaluation by the LS methods I and II in case of undrained penetration. The
rigidity index Ir measured in Szeged city for sandy silts is typically 200 to 800, for clays is typically 850 to 1000. It
follows from Eq (4) that r1 - r0 will be less for sands and silts than for clays by a factor of 0.7 to 0.95. It follows that
some information can be collected for the value of r1 in case of partly drained penetration using the rigidity index Ir.
Table A-1. Summary of point-symmetric consolidation models.
V or  boundary condition (Model Family)

Model type
1D
(Oedometric models)

No (uncoupled)
v-v (coupled 1)
v- (coupled 2)
2D
No (uncoupled)
(Cylindrical pile models) v-v (coupled 1)
v- (coupled 2)
3D
No (uncoupled)
(Spherical pile models) v-v (coupled 1)
v- (coupled 2)
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Origin
Terzaghi (1923)
Imre (1998)
Biot (1941)
Soderberg (1962)
Imre & Rózsa (1998)
Randolph at al (1879)
Torstensson (1975)
Imre & Rózsa (2002)
Imre & Rózsa (2005)
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ABSTRACT: The results of some simple (local side friction and cone resistance) dissipation tests data
produced by the CPT (Sz832) is statistically analysed to indicate the difference between the saline or nonsaline soils which co-exist in Szeged City, Hungary. In addition, the results of some multistage
compression test (MCT) and some special multistage oedometric relaxation tests (MRT) results are
presented, the latter is used to by the indication of the fabric instability.
1 INTRODUCTION
1.1 Geological features
Hungary occupies the central part of the intermountain basin of the Alpine belt of Europe - the
Carpathian Basin. Hungary's surface area can be divided into four major geographical units (Fig. 1): (1)
The Hungarian Central Mountains; (2) The Little Plain; (3) The Transdanubian Tableland; and (4) The
Great Hungarian Plain is the largest Neocene Depression of the Carpathian Basin filled up with
Quaternary deposits. There is a divider between the Duna and the Tisza Rivers.
In the low areas along the two large rivers the soil water is moving upwards, in the hilly area between
them downwards (Imre et al., 2014). Szeged is situated on the southern-central part where the surface is
quite flat and the depth of the Holocene deposit is more than 500 m (Figs 2, 3).
Statistical geotechnical studies made at the western part of Szeged city (Rétháti and Ungár, 1978, Fig.
4) revealed that the layering of the soil is the same, however, the soil conditions are worse on part C in
comparison with parts A and B. The possible reason is the effect of upward groundwater movement
which is more pronounced here.
1.2 Aim of paper
According to Norwegian experience in marine clays (Brand and Brenner, 1999), the upward flow may
cause chemical weathering and leaching. It not only results in the reduction in the shear strength but also
in an increase in compressibility and settlement. In addition, it has an effect of changing the water content which decreases by 1-3%. The leached clay represents an unstable fabric, it is possible that shear
stresses are able to produce a partial collapse.
It is assumed here that leaching in freshwater clays, where the salt content is altered and increased,
has basically the same mechanical soil consequences as in the case of marine clays. This assumption is
treated in two papers using the results of two projects (OTKA project, ELI expertise) by investigating the
foregoing aspects. (i) the reduction in the shear strength, (ii) unstable fabric, (iii) increase in the compressibility and settlements are found for saline soils, (iv) chemistry of the soils is tested, (v) the presence of upwards flow is proved, (vi) the coefficient of consolidation c of the soils is analysed.
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In this paper the results concerning aspects (i) to (v) are treated based on - among others - the results of
some continuous and simple dissipation type tests of CPT, some new MRT tests for fabric stability and
some compression tests. In the companion paper (Imre et al., 2014) the evaluation of the u 2 dissipation test ELI-site is presented.

Figure 2. The Duna -Tisza Rivers section A-A

Figure 1. The four Geological units of Hungary

Figure 3. The Szeged environment.

Figure 4. Site plan with explorations of OTKA
(closed symbols) and ELI. Layers 1 to 5 (or a to
e) are shown in Table 1 (or Réthári and Ungár,
1978).

Figure 5. Percentile composition of layers (see
Table 1). The soil behaviour changed at
I P =25%.
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Figure 6. OTKA research, OCR and su/sv0 profiles,
site VI (see Fig 2, after Imre, 1995).
Table 1. Layers in the OTKA research.
Notation
1
2
3
4
5
6

soil
Loess
Upper yellow lacustrine clay
Silty inclusion
Lower yellow lacustrine clay
Blueish fresh-water deposit
Sand

Figure 7. The dissipation test parameters
Table 2. Category limits and notations OTKA research
Notation
a
b
c
d
e
f

Category limits
> 25 Ip [%]
15-25 Ip [%]
10-15 Ip, [%]
5-10 Ip, [%]
d30>0.1mm
d30<0.1mm

Table 3. Soil chemistry tests (Site X is at part C, site VI is at part B.)
1:2.5 water suspension
Sample number, code and
depth

pH(H2O)

Electric conductivity
mS/cm

1) X-12,3m
2) VI-12,5m
3) X-10,0m
4) VI-5,0m
5) VI-6,5m

8.02
8.29
7.96
8.46
8.53

0.66
0.30
0.86
0.36
0.34

ESP exchange- Salt
able cations
%

3.94
1.536
5.142
3.117
1.93

0.15
0.06
0.17
0.06
0.05

1:5 water
suspension
Electric conductivity
mS/cm

Ca++

Mg++

Na+

Mg-equivalent/100 g soil
0.596
0.183
0.841
0.369
0.133
0.259
0.641
0.247
1.089
2.64
0.088
0.626
1.193
0.067
0.546

1.55
0.75
1.55
0.86
0.82

K+

0.034
0.029
0.03
0.012
0.013

Table 4. OTKA research; mean of clay mineral con- Table 5. OTKA research; mean of relative shear
tent.
strength parameters.
Group
4
5
4AB
4C

Layer
Group
4AB
4C
2
5AB
3
5C

Montmorillonite + illite
Sample number
8+4
6+0
8
4

[%]
39,9
41,4
45,5
28,7
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su
[%]
100
88
80
79
58
32

qc
[%l
100
67
68
91
51
31

fs
[%l
100
62
71
91
53
51

(a)
(b)
Figure 8. Average dissipation test records (OTKA research) a. local side friction b. cone resistance
(on the basis of CPTs I to X shown in Fig 2) Area A, B or C is indicated in bracket.
2 METHODS
2.1 OTKA research
2.1.1 Background
The aim of the project was to validate a model for the description of the radial effective normal
stress dissipation made by the static cone penetrometer. The model consists of a coupled consolidation and relaxation model; these may describe some total stress decrease due to consolidation and relaxation, respectively (Imre et al., 2014)
According to the results, the combined model may qualitatively describe the simple dissipation test
but may predict too small total stress decrease. The possible reason for the difference is the very slight
decrease of the penetrometer radius due to the stress release. This assumption was verified by some multistage oedometric relaxation test measurements using the fact that the two tests have similar models.
This project resulted in a similar statistical analysis as the one of Rétháti and Ungár (1978), as a byproduct and, in the invention of the double compression curve method to test the fabric stability.
2.1.2 Statistical treatment
All geotechnical data (classification tests, chemistry tests, continuous or dissipation type CPT) produced
in the OTKA research were separated into horizontal and vertical groups on the basis of soil
classification and site (i.e. area A, B and C). The data sets were statistically compared.
The CPT can be used in a logging and a rheological testing mode. The rheological testing mode
means that the time variation of some stress variables (pore water pressure, radial total stress, in the simple test the local side friction and, cone resistance) was measured at the penetrometer - soil interface, after
when the steady penetration was stopped and the penetrometer rod was clamped.
The 135 simple rheological type CPT (made with the CPT Sz832 with a shaft sensor of 350 cm2)
were divided into 10 groups on the basis of soil classification and site (i.e. area A, B and C). Tests
made in the vicinity of layer boundaries were not included into these groups. Tests made in the eolian
sand layer 6 in Debrecen city were used as a reference with two groups on the basis of the d<0.1 mm
content (Tables 1 and 2).
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2.1.3 Unstable fabric – method of double compression curve
The conventional multistage compression test (MCT) and multistage oedometric relaxation test (MRT)
were made on the same soils. In the MRT the displacement load was increased with rate of average
strain of 1e-3 to 5e-2 %/s in equal steps of 0.1 mm. This rate was slightly greater than the laboratory
testing rates and, generally a slight partial unloading took place at the end of the load imposition due to
the limitations of the equipment control. Plotting the MCT and MRT compression curves together, a difference was found between them as a the function of soil plasticity and texture (Imre and Singh, 2012).
This was explained by the fact that the response of the soil during MRT in case of the slight partial unloading was dependent on the energy stored in the particle bonds, determined by the fabric.
2.2 ELI project
In the case of the ELI expertise, the results were analysed. The OCR was estimated neglecting the
upward flow, from oedometer and from CPTu data. In the case of the CPT it was computed (Lunne et al.,
1987, Józsa 2013) as follows:
q − σ v0
OCR = k ⋅ ( t
)
(1)
σ vʹ′0
where k is the overconsolidation factor, qt is the corrected cone resistance, σ v0 is the vertical geostatic
stress and σv0' is the effective vertical geostatic stress. For the soil strata k = 0.2 and 0.3 was used. The
evaluation of the stages of the compression tests was made with the modified Terzaghi and Bjerrum
model (model A and AC), a parameter for the immediate compression was added (Imre et al, 2014).

3 RESULTS
3.1 OTKA project
3.1.1 Soil profile, chemistry
The basic layering and soil properties are shown in Figures 4 to 6 and Table 1 and in Table 1 of the
companion paper (Imre et al., 2014). Separating the various parts, the bluish-grey deposit had lower
plasticity index IP at C than at A and B. The montmorillonite + illite content of the lower yellow clay
layer was less on unit C than A and B although the soils had the same plasticity (it was 46% and 27% as
a mean on parts A, B and C, respectively). According to the results of the chemistry tests (see Table 1)
some saline soil with high salt content was found at various depths in part C.
3.1.2 CPT and shear strength data
The mean - shear strength related - data are shown in Table 5. According to the results, the lower yellow
clay and the bluish-grey deposit had considerably less undrained shear strength cu, ultimate cone
resistance qcu, on C than on unit AB. The average normalized, rheological type cone penetration test
records for these groups are shown in Figure 8 where letters A, B and C in the case of groups 4a, 5a
and 5b indicate the location of the test (i.e. part of Szeged). According to the results, the stress drop was
larger in the part C than in parts A or B since the normalization unit was less in area C than in area A
and B. The non-zero final tangent at areas C may indicate an unstable fabric of the saline soils that was
verified by the laboratory tests as follows.
3.1.3 Multistage oedometric relaxation tests for fabric stability
According to the results, in the case of a “tiny” partial unloading the MRT compression curve differed
from the standard compression curve as a function of soil plasticity and texture (Imre and Singh, 2012).
No deviation occurred for soft, intact, plastic clays. For small plasticity soils there was an increasing dif-
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ference. For saline silts, zero MRT compression curve was measured (Imre et al., 2013) indicating the
collapse lack of the fabric structure (Fig 9).
3.2 ELI project
The layers and their OCR below were explored up to and about 66 m depth, and the results are shown in
Figures 10 to 13. Neglecting the upward seepage, the OCR was less than one, the upwards seepage
changed the head by 80 to 100 kPa. By evaluating the stages of the compression tests with the modified
Bjerrum (1967) model, the ratio of the primary consolidation settlement was smaller and the creep settlement was larger for saline soils than for non-saline soils (Fig 14, Table 7). The immediate compression was zero for the sand-silt. The void ratio was larger for the saline-like soils than for the non-salinelike soils.

4 DISCUSSION, CONCLUSIONS
(1) The results of the OTKA project can be summarized as follows. The statistical analysis indicated a reduction in the shear strength and a changed chemistry in the part C. The simple dissipation
curves in the part C indicated an unstable fabric. This was supported by the results of the double compression curve method invented in this research.
(2) The results of the ELI project can be summarized as follows. The pre-consolidation stress was
less than the vertical self-weight effective stress computed neglecting the upward seepage, below the crust.
The saline soils had smaller primary consolidation, larger creep settlements and larger void ratio than the
non-saline soils.
(3) It can be concluded that the effect of the upwards groundwater flow causes a change in the chemistry of the soils leading to unstable fabric, larger void ratio, less clay content, a significant reduction in
the shear strength and an increase in the compressibility and creep. It can be noted that similar results
can be found in quick clay deposits.

(b)

(a)

(d)
(c)
Figure 9. OTKA research, the usual and the relaxation test compression curves determined with a slight
partial unloading (MRT: full circle, MCT: open circle). (a) Ip =41% no partial unloading (b) Ip =23%
spontaneous partial unloading (c) Ip =17% spontaneous partial unloading. (d) Ip =10%, saline, spontaneous partial unloading.
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Figure 10. OCR from CPTu computed neglecting the upwards seepage, ELI-site

Figure 11. The pre-consolidation stress is smaller than
the vertical self-weight effective stress computed neglecting the upward seepage by 80 to 100 kPa, ELIsite.

Figure 12. ELI-site (see Fig 2), sampling
depths at the soil profile.

Figure 13. ELI-site, CPTU plot
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(c) Non-saline silt e = 0.87 (2nd stage load 300 kPa)

(d) Saline silt e = 0.98 (2nd stage load 400 kPa)

Figure 14. ELI-site, Compression test evaluation for non-saline and saline Szeged soils (Fig 11), Bjerrum
model, completed by a term for immediate compression.
Table 6. First results of compression test evaluation
Saline clay
Non-saline clay
Saline silt
Non-saline silt

Immediate [-]
0,076
0,034
0,012
0,000

Creep [-]
0,724
0,579
0,826
0,512

Primary consolidation [-]
0,200
0,386
0,161
0,488
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ABSTRACT: This paper reviews previous interpretation methods for estimating soil unit weight for
clayey soils from SCPTu data, and introduces a new method that takes the shear wave velocity into account. SCPTu soundings have been carried out in marine clay deposits of Jiangsu Province of China
and to suggest the relationship between the unit weight and piezocone resistance. The relationship between the normalized cone resistance and unit weight of marine clay significantly differs from that of
other materials, and this relation appears to be affected by the stress level. Comparison of the results reveals the validity of SCPTu tests to interpret the engineering properties of Jiangsu marine clay.

1 INTRODUCTION
The total overburden stress is of critical importance as it determines the effective vertical overburden
stress (  v' 0   v 0  u0 ), as well as the interpretation of many other geotechnical parameters (e.g., Ko,
OCR,  ' , G, D') from CPTu data (Mayne, 2007a, b). In particular, for soundings advanced into soft clays
and silts, a reliable assessment of unit weight is critical for the proper evaluation of the net cone resistance. The best means to obtain the unit weight of soil layers is via undisturbed sampling, such as
thin-walled push-in tubes, piston-type samplers, or special block sampling, in order to minimize issues
of sample disturbance on clays and silts (Tanaka, 2000; Lunne et al., 2006). Undisturbed sampling of
clean sands is now possible using special one-dimensional freezing methods (Mayne, 2006), but at great
expense associated with time and special costly equipment. Measured mass and volume of the undisturbed samples directly provide the unit weight. However undisturbed sampling, especially cohesionless
soil at depth, is considered impractical technically as well as economically. Field methods like sand cone
test are limited to shallow depths, while geophysical methods require special techniques and devices
which make the procedure costly and time consuming for general applications. As a result, like most of
the clay properties, determination of unit weight of the clay depends on in-situ tests such as piezocone
(CPTu) and related empirical relations.
Currently, the CPTu is a widespread and very convenient test method that allows for rapid, continuous soil profiling and provides for design proposes. Obtaining unit weight directly and reliably from
CPTu measurements has obvious advantages and would fit requirements for efficient, safe and sustainable geotechnical practice, when compared to undisturbed sampling and laboratory testing. Meigh (1987)
stated that the two main advantages of CPTu are: (1) providing a continuous, or virtually continuous,
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record of ground conditions and (2) avoiding sample disturbance that is typically associated with drilling
and sampling in a conventional manner.
The objective of this study is to explore direct CPTu methods for assessing soil unit weights of different causes of marine clay in Jiangsu from the basic penetrometer readings (qt, fs, and Vs). The relationships between unit weight of marine clay in Jiangsu and basic penetrometer readings was proposed
for preliminary analyses and on-site post-processing of data.
2 LITERATURE REVIEW
Recent work (Robertson et al. 1986; Lunne et al.1997; Mayne, 2006, 2007a, b, 2010) has identified some
generalized global relationships between soil unit and basic penetrometer readings (qt, fs, and Vs) that include many soil types varying from clays to silts to sands and tills. The following will introduce the existing relationships that have been proposed for estimating the soil unit weight from CPTu data.
In earlier studies, Sully and Eschesuria (1988) found a relationship between γt and qc for one sand
deposit. Larsson and Mulabdic (1991) based on tests in Sweden, Norway and the UK for obtaining a
rough estimate of soil density for clays. Lunne et al. (1997) presented a table of assigned unit weights
for each of the 12 zones or soil behavioral types (SBT) established by Robertson et al. (1986), however
no data are shown in support of those values. Mayne (2010) investigated a direct relationship between
unit weight and CPT readings by conducting a comprehensive series of multiple regression analyses using both arithmetic and logarithmic scaling. In the fitting of the data from the testing results of 215 sites,
a multiple regression analysis of some success was found, as shown in the Figure 1.

Figure 1. Multiple regression relationship for total unit weight with CPT readings (after Mayne 2010)

By adopting a characteristic specific gravity of solids (Gs), the total unit weight of saturated soils can be
directly estimated from CPT fs (kPa), as presented in Figure 2 (after Mayne, 2010). In general, the evaluation appears good for soft to stiff clays of marine origin, fissured clays, silts, and a variety of clean
quartz sands. Note the effect of specific gravity in affecting the relationship for higher unit weights in
the soft freshwater glacial lake clays at the Northwestern University site, as well as the lower unit
weights for soft lacustrine clay of Mexico City (Mayne, 2007b; Mayne and Peuchen, 2012).
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Figure 2. Saturated unit weight evaluation from CPT sleeve friction reading and specific gravity of soils (after
Mayne, 2007b)

For saturated soils, the correlation in Figure 3 was based on a large data set of soils, including soft
to stiff clays and silts, loose to dense sands and gravels, as well as mixed geomaterials (n=727;
R2=0.808). For these soils, the saturated total unit weight depends on both Vs (m/s) and depth z (meters)
and the equation (suggested by Mayne and Peuchen, 2012) is expressed as:

 sat  8.32 log(Vs )  1.61log( z )

(1)

where Vs = shear wave velocity (m/s) and z = depth (m).

Figure 3. Saturated soil unit weight evaluation from shear wave velocity and depth (after Mayne, 2007b)

3 SCPTU DATABASE
3.1 Site Description
Seven sites in Jiangsu (Suzhou, Huzhou, Yancheng, Changzhou, Lianyungang, Yangzhou, and Nanjing
sites) were selected for this study (Cai et al., 2011). Figure 4 shows the location of the 7 test sites. The
marine clay is the most widely deposited clay in this eastern coastal area of China. Lianyungang marine
clay is one of the most typical marine clays, which is accumulated in the seawater over the past 6500
years. The thickness of the marine sediment is usually over 10 m with a crust layer of 1.5 m to 2.0 m.
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The depth of groundwater table is commonly varied at different regions. Sand intermediate layer is usually found below the depth of 9.0 m. Marine shells are scattered through the whole depth. The depositional history indicates that four transgressions and regressions have occurred during the past 6500 years
at least. The average value of the soil engineering properties index is given in Table 1. The soil unit
weight () is in the scope of 13.9~20.4 kN/m3. The value of GS changes little and usually about 2.70.

Lianyungang

N
Yancheng
Yangzhou
Beijing

China

Jiangsu

Yangzi River
Nanjing
Changzhou
Suzhou
Taihu

Huzhou

Figure 4. Map of Jiangsu province, with the locations of the study areas
Table 1 Summary of the soil engineering properties index (w = water content; wL = Liquid limit; Ip = Plasticity index)
Sites
Taihu
Yancheng
Changzhou
Lianyungang
Yangzhou
Nanjing

γ (kN/m3)
15.4-19.6
13.9-19.7
17.9-20.0
15.4-20.4
18.4-20.1
17.0-19.1

w (%)
64-69
56-58
23-25
74-76
64-73
41-43

wL (%)
55-57
23-27
38-39
63-65
58-60
37-39

Ip
17-20
20-24
18-19
23-27
16-18
16-17

Gs
2.73
2.75
2.74
2.75
2.72
2.70

3.2 SCPTU test
The in situ testing included performing piezocone penetration tests (CPTu) and seismic cone penetration
tests (SCPTu). The CPTu system consists of a hydraulic pushing and leveling system, 1-m length segmental rods, cone penetrometers and a data acquisition system. The CPTu were performed using the 10
cm2, 60o subtraction Hogentogler-type, piezocone penetrometers. The 10 cm2 piezocone has a sleeve area of 150 cm2 with a pore pressure transducer located 5 mm behind the base (u2 configuration). In several cases, a pre-bored hole was made in order to minimize desaturation problems that could be caused by
the advance of the probe in soils situated above the water table. All CPTu were conducted at a penetration rate of 20 mm/sec, and the data was collected every 5 cm. An example of the detailed profiling capability is shown in Figure 5 for Lianyungang, Jiangsu, which indicated an 8 m thick silt layer overlaying a marine clay layer. The depth over 12 m is believed to be a loam layer with higher strength. A visual
examination of the individual penetration records is often sufficient for determining stratigraphy and soil
classification. If necessary, the other empirical methods of soil classification were used, such as the
Robertson (1990) soil behavioral charts.
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Figure 5. Illustrative results of SCPTU in Lianyungang, Jiangsu

3.3 Laboratory test
In each of the investigated sites, high quality samples were taken at different depths that corresponded to the depths of SCPTu for comprehensive laboratory testing. Before embankment construction,
soil samples were collected by means of a stationary piston sampler 76 mm in diameter at 1.0 m interval
below ground level. Once the stationary piston sampler was withdrawn from the borehole, the soil sample at the end of the tube was excavated for wax sealing at both ends. The collected samples were stored
at the site temporarily before transporting back to the laboratory for test. Laboratory total unit weights of
Jiangsu marine clay is determined using consolidation test ring had a height of 20.0 mm and an inner diameter of 61.8 mm.
4 ANALYSIS OF TEST RESULTS AND DISCUSSION
This study focuses on searching a direct relationship between soil unit weight and SCPTu readings for
marine clay in Jiangsu. The independent variables chosen for the investigation were: corrected tip resistance qt, sleeve friction fs and shear wave velocity Vs. A direct relationship between unit weight γ and
tip resistance qt was sought by conducting a linear regression analysis using semi-logarithmic scaling.
The results from laboratory test and SCPTu test of all sites are plotted in Figure 6. The soil unit weight
different values for different sites were obtained by laboratory tests. It can be seen that unit weight increases with increasing of tip resistance. In the fitting of the data, there is generally a good linear agreement between the values from the laboratory test and CPTu readings in a semi-logarithmic scaling. The
resulting expression is (R2 = 0.736):

 =2.742+9.549  lg qt

(2)
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For further investigation, the direct relationship between unit weight γ and sleeve friction fs was
discussed as shown in Fig. 7. A similar law was found that unit weight increase with increasing of sleeve
friction. There is a liner trend between values of unit weight obtained laboratory and values of sleeve
friction obtained CPTU test readings. The equation expression is (R2=0.614):

 =14.937+2.152  lg f s

(3)
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Figure 7. Relation between soil unit weight and sleeve friction, fs

A global relationship appears to exist between total soil unit weight and Vs in most soils. This is
because Vs strongly depends upon void ratio and effective stress state (Tatsuoka and Shibuya, 1992;
Stokoe and Santamarina, 2000), as well as other factors, including fabric, structure, cementation, and
ageing. Mayne (2007a) suggested that the best correlation was between soil unit weight and normalized
shear wave velocity (Vs). Related expression has been given in the previous literature review. Although
previous studies have shown that the prediction expression has a good performance, it requires some it696

eration. Therefore, a direct relationship between unit weight and shear wave velocity for marine clay in
Jiangsu is needed to be investigated. Twelve soundings were tested at 7 different sites and measured Vs
were collected every meter. The values of unit weight obtained from laboratory test and the values of
shear wave velocity obtained by SCPTu are shown in Figure 8, in semi-logarithmic scaling. Obviously,
unit weight increases with the increasing of shear wave velocity and the linear fit shows a good performance. The resulting expression is (R2 = 0.831):

 =3.557+6.643 lgVs

(4)

The best correlation is between soil unit weight and shear wave velocity for the marine clay in
Jiangsu, followed by tip resistance, with sleeve friction the worst. The marine clay in Jiangsu is a lighly
structured and sensitive clay. Hence, estimating soil unit weight directly through the value of sleeve friction obtained by CPT test is not reasonable, because the sleeve friction shows significant variability and
a small value when in the very soft clays, such as Lianyungang marine mucky clay. Although there is a
good relation between unit weight and tip resistance, this result is based on a large number of statistics.
When the statistical testing data is of limited quantity, the estimated result is not accurate. Yancheng testing site for example, the proposed correlation shows not good performance for lagoonal mucky clay.
This relation appears to be affected by the stress level. The proposed estimation expression is applicable
to a large number of testing data. Soil unit weight of marine clay in Jiangsu could be approximately estimated from the measured SCPTu shear wave velocity.
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Figure 8. Relation between unit weight and shear wave velocity

5 CONCLUSIONS
In this study, SCPTu have been carried out in a widely explored area in the marine clay deposits of
Jiangsu Province of China to study the relationship between the unit weight and SCPTu readings. Undisturbed soil samples were extracted adjacent to the SCPT and used to obtain the value of unit weight
from the laboratory test. The three independent variables chosen for the investigation were: tip resistance
qt, sleeve friction fs and shear wave velocity Vs. Analysis results shows that a direct relationship between
unit weight and shear wave velocity is the best correlation for the marine clay in Jiangsu, followed by tip
resistance, and sleeve friction is the worst. Sleeve friction resistance shows significant variability as a
result of marine clay in Jiangsu is highly structured and sensitive clay. Although the proposed correction
between unit weight and tip resistance shows a good
697performance, it need a large number of testing data.

When limited data were used, the predicted value of unit weight is unreasonable. This relation appears to
be affected by the stress level. Comparison of the results reveals the validity of SCPTu tests to interpret
the engineering properties of Jiangsu marine clay. Soil unit weight of marine clay in Jiangsu could be
approximately estimated from the measured SCPTU shear wave velocity.
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ABSTRACT: The Standard Penetration Test (SPT) is the most commonly used in-situ test in Egypt,
while the Cone Penetrations Test (CPT) becomes more popular each day. Since geotechnical engineers
are more familiar with design procedures based on SPT results, it is crucial to identify a correlation between the results of SPT (N) value and CPT test results based on field measurements in the local delta region. This paper reviews existing correlations between the results of both SPT and CPT in the literature
starting from Meyerhof (1956) and Sutherland (1963) until the most recent Robertson (2012). The existing correlations depend on grain size, fines content or the soil behavior type index, Ic. The paper, then,
uses the results of soil investigations in major sites in Egypt where results of both SPT and CPT, together
with grain size distributions, are available for the Nile Delta silty sand deposits. These results are used to
evaluate the existing correlations. At the end, two correlations were proposed for silty sand deposits in
Egypt.
1 INTRODUCTION
The Standard Penetration Test (SPT) is the most commonly used in-situ test in Egypt. The majority of
geotechnical engineers in Egypt are more familiar with geotechnical design procedures and estimation
of geotechnical parameters based on SPT results. Starting from the early nineties, the Cone Penetration
Test (CPT) was introduced to the geotechnical engineering practice in Egypt. In the past15 years, the
CPT has became more popular especially in relatively large projects. In spite of the increase in the
popularity of CPT in Egypt, it is common practice to carry out both SPT and CPT in the same project
especially in large size projects. The accumulation of results of both SPT and CPT at the same site for a
number of projects in the Nile Delta deposits in Egypt inspired the authors to investigate SPT-CPT
correlations.
This paper reviews existing correlations between the SPT and CPT in the literature. The paper, then,
uses the results of soil investigations in major sites in Egypt where results of both SPT and CPT are
available for the Nile Delta silty sand deposits. These results are used to test, verify, confirm, or modify
the existing correlations.
2 STANDARD PENETRATION TESTS (SPT)
Deatils of the SPT are contained ASTM D1586. In spite of the fact that the name of SPT is Standard
Penetration Test with the word ‘Standard’, it is not completelystandard neither equipments wise nor
procedure wise resulting in variability and non-repeatability in the results. The influence of the details
or procedures of carrying out the test and the equipment used during the test was investigated and
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reviewed by many investigators (e.g. Schmartmann and Palacios; 1979, Seed et al., 1985; Skempton,
1986; Kulhawy and Mayne, 1990; Clayton, 1995; Bowels, 1996; Robertson and Wride, 1998; Aggour
and Radding, 2001; and Sabatini et al., 2002).
The SPT N value is influenced by; a) borehole diameter, b) using or not using a liner inside the
borehole, c) level of water or drilling mud in the borehole as compared to level of ground water, d)
diameter of the sampler used in the test, e) type of hammer used in the test, f) means of lifting and
releasing the hammer, g) depth of the test or length of drilling rods, and h) other deficiencies such as
verticality of the hammer and rigidity of rods connections. Some of the factors such as c) and h) can be
taken care of by direct supervision and good practice. Correction factors for other factors are reported in
the literature, as shown below.
The most influencial and variational factors on reported N values are related to type of hammer and
means of lifting and releasing the hammer. These factors that depend on type of hammer and the local
practice in each country result in only a portion of intended applied energy reaching the sampler. The
ratio of delivered energy to the theoretical applied energy is known as the hammer efficiency. Most of
geotechnical engineering practices and correlations are based on N -values corresponding to hammer
efficiency of 60% (N60) as suggested by Seed et al. (1985). Corrections to SPT N for hammer
efficiencies, as well as for other factors listed above, can be found in Seed et al. (1985), Skempton
(1986), Clayton (1995), Bowels (1996) and Robertson and Wride (1998).
3 CONE PENETRATION TESTS (CPT)
Details of the CPT are contained in ASTM D5778. It is possible to classify the soil using CPT results
using classification chart (e.g. Robertson, 1990) based on the normalized tip resistance, Q, and
normalized friction ratio, F, and thus estimate the grain characteristics of soils directly from CPT results.
The boundaries between different soils in Robertson (1990) chart can be approximated as concentric
circles (Jefferies and Davies, 1993). The radius of these circles, termed the Soil Behavior Type Index,
SBT Ic, (Robertson and Wride 1998) is calculated using the following equation:



I c  3.47  log Q   log F  1.22



(1)

2 0.5

2



Q  q c   vo  / Pa Pa /  vo'



(2)

n

(3)
F   f s / q c   vo 100%
where σvo and σ′vo are the total and effective overburden stresses, respectively; Pa is the reference
pressure, equal to 100 kPa and n is exponent that is dependent on type of soil. Originally, Robertson
(1990) used value of n = 1.0. Robertson and Wride (1998) suggested that n = 0.5 in case of sand and n =
1.0 in case of cohesive soils.

4 SPT-CPT EXISTING CORRELATIONS
4.1 Historical Evolution for Purposes of SPT-CPT Correlations
The evolution of the development of and use of the SPT-CPT correlations in the literature started as
early as mid fifties of the last century. At the time, the SPT was the most commonly used field test to
determine the geotechnical parameters of granular materials due to both its simplicity and cost in
addition to presence of several well-established SPT-based geotechnical design techniques in the
literature. Due to its reliability, repeatability and standardization, the CPT, on the other hand, has been
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regarded as an alternative to the SPT. Thus there was need to convert CPT qc to SPT N to use SPT N
based design procedures (e.g. Meyerhof, 1956; and Sutherland, 1963).
Well established correlations between SPT N60 and qc , together with measured N values and qc, can
be used to assess the SPT hammer energy level as suggested by Douglas (1982). Such exercise is carried
out in Egypt by El-Sherbiny and Salem (2013) to assess hammer energy levels of Donut and Safety
hammers used in Egypt. Based on the work by El-Sherbiny and Salem (2013) the average energy for the
hammers used in Egypt are 49% for Donut and 60% for Safety hammers.
4.2 Factors Influence the Correlations
The SPT-CPT correlations were reviewed by several investigators in the literature (e.g. Schmertmann,
1976; Robertson et al., 1983; Jamiolkowski et al., 1985; Seed & DeAlba, 1986; Chin et al., 1988;
Kulhawy and Mayne,1990; Jefferies and Davies, 1993; Stark and Olson, 1995; Lunne et al., 1997;
Suzuki et al., 1998; Baez et al., 2000; and Ozan 2003). The SPT-CPT correlations or relationships
depend on several variables that could be grouped in three categories; 1) SPT related variables, 2) CPT
related variables and 3) material or soil related variables. Not accounting appropriately for the above
mentioned variables contribute significantly to presence of scatter in any developed SPT-CPT
correlations.
4.2.1 SPT related variables
As discussed earlier, SPT N values are dependent on test procedures and equipments. As N values are
dependent on level of energy received by the sampler, the correlation of SPT-CPT is dependent on that
level of energy. Thus, correction of N values for received energy is required (Douglas, 1982; Robertson
et al., 1983; Jamiolkowski et al., 1985; Chin et al., 1988; and Lunne et al., 1997). Most of recent
correlations rely on N-values corrected to hammer efficiency of 60% (N60).
4.2.2 CPT related variables
The CPT should be corrected for penetration induced pore water pressure (Campanella et al., 1982) and
for thin layer effect (Vreugdenhil et al., 1994). Other than the case of cohesive layers, pore water
pressure correction is not significant. Furthermore, correction for thin layer effect is not commonly used
during the development of SPT-CPT correlations as development of such correlations in
nohomogeneous layers with thin layers is difficult.
4.2.3 Soil related variables
The SPT-CPT correlation is dependent on type of soil and thus grain properties (Sutherland, 1963; and
Schmertmann, 1970), presence of gravel (Robertson et al., 1983; and Androus and Youd, 1989),
stratification and non-homogeneity (Robertson et al., 1983), and soil density (Douglass, 1982; Idriss &
Boulanger, 2004; and Souza et al., 2012). The grain properties can be in the form of median particle size
(Muromachi and Kobayashi, 1980; and Robertson et al., 1983). Other form of grain size can be fines
content (Jamiolkowski et al., 1985; and Chin et al., 1988). Soil type or grain size can be expressed by the
SBT index, Ic, (Jefferi es and Davies, 1993; and Robertson and Wride, 1998). Presence of gravel
significantly influences N values, however, percentage of gravel content can not be accurately sampled
during SPT. The stratification and non-homogeneity in cohessionless deposits can cause abrupt changes
in CPT but usually missed by SPT. The ratio of qc/N is dependent on soil density. The ratio is higher in
loose sand as compared to that in dense sand. The SPT is a dynamic test during which penetrationinduced porewater pressure might develop. The excess porewater pressure is positive in case of loose
sand while it is negative in case of dense sand. Thus, the resulting N is reduced in case of loose sand
while N is increased in case of dense sand. The CPT, on the other hand, is a static drained test. Such an
effect is amplified in the presence of silts and fines in the sand.
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4.3 Existing Correlations
The existing correlations could be grouped in four categories as summarised in Table 1. The comments
in the following paragraph are applicable to the correlations in Table 1.
In most of the correlations, with exception of correlations [17] and [18], the independent variable is
the ratio qc/Pa/NEr where qc is the cone tip resistance, Pa is a reference pressure of 100 kPa and NEr is
SPT N values with Er is the energy ratio of the hammer used in the test. If Er is missing, this means that
the energy ratio is not known. The dependent variables could be median grain size (Category A), fines
content (Category B), or SBT index (Category C). In case the correlation has the density of the soil as
influencial variable, then the correlation has dependent variable of either N (e.g. correlations [7], [11]
and [16]) or qc (e.g correlations [15] and [16]). Some of these correlations may require iteration during
applications. In some correlations, the authors of this paper used the data or the graphical relationship in
the original reference and quantified the correlation in the empirical expressions shown in Table 1. In
case of using the correlation for estimating SPT N60 from the CPT results, it is important to estimate the
fines content for the sake of using the results in liquefaction analysis. The correlations used to estimate
FC from CPT results are summarized in Table 2.
Table 1. Summary of Existing SPT-CPT Correlations
No.
Reference
Correlation
[A] Correlations Based on Median Grain Size, D50
[1]
Muromachi and Kobayashi (1982) (qc/Pa)/N = 5.48 +1.36 log10 D50
[2]
Robertson et al. (1983)
(qc/Pa)/N55=7.5(D50)0.26
[3]
Burland and Burbidge (1985)
(qc/Pa)/N=8.0(D50)0.30
[4]
Seed and DeAlba (1986)
(qc/Pa)/N60=6.0(D50)0.24
[5]
Andrus and Youd (1989)
(qc/Pa)/N60=4.95(D50)0.168
[6]
Kulhawy and Mayne (1990)
(qc/Pa)/N=5.44(D50)0.26
[7]
Suzuki et al. (1998)
(qc/Pa)/N=11.1(D50)0.261
(qc/Pa)/N=8.4(D50)0.225
(qc/Pa)/N=6.0(D50)0.165
[B] Correlations Based on Fines Content, FC%
[8]
Jamiolkowski et al. (1985)
(qc/Pa)/N64 = 4.90 – 0.03xFC(%)
[9]
Chin et al. (1988)
(qc/Pa)/N55 = 4.70 – 0.05xFC(%)
[10]
Kulhawy and Mayne (1990)
(qc/Pa)/N = 4.25 –0.024 FC(%)
[11]
Suzuki et al. (1998)
(qc/Pa)/N=0.0026FC2-0.263FC+12.34
(qc/Pa)/N=0.00085FC2-0.120FC+8.733
(qc/Pa)/N=0.001FC2-0.059FC+5.59
[C] Correlations Based on Soil Behavior Type Index, Ic
[12]
Jeffries and Davies (1993)
(qc/Pa)/N60 = 8.5(1-Ic/4.75)
[13]
Lunne et al (1997)
(qc/Pa)/N60 = 8.5(1-Ic/4.6)
(qc/Pa)/N60 = 10(1.1268-0.2817Ic)
(qc/Pa)/N = 31.25exp(-0.68Ic)
(qc/Pa)/N = 18.60exp(-0.54Ic)
(qc/Pa)/N = 10.21exp(-0.35Ic)
[D] Correlations Based on Other Variables or Other Forms
[16]
Idriss and Boulanger (2004)
(qc1/Pa)/(N1)60=(2.092Dr+2.224)3.788/46(Dr)2
Dr=0.478(qc1/Pa)0.264-1.063, (qc1/Pa>21) or
Dr=((N1)60/46)0.5
[17]
Hayati and Andrus (2009)
(N1)60CS=0.356(qc1-CS)0.851
[14]
[15]

[18]

Robertson (2012)
Suzuki et al. (1998)

Souza et al. (2012)

qc/Pa = 10.6 (N60)0.71

Comment

(a)
(a)
(a)
(a)
0≤N<10 (a)
10≤N<30 (a)
30≤N (a)
(a)

0≤N<10 (a)
10≤N<30 (a)
30≤N, FC≤20 (a)

Modified definition of Ic
based on Rbertson and
Wride (1998)

0≤qt<5 (a)
5≤qt<15 (a)
15≤qt (a)
qc1 and (N1)60 are qc and
N60, respectively, corrected for ’vo.
Holocene Sand – FC<20%
Ic<2.25

FC<10%

(a)The authors of this paper interpreted data of original reference to come up with the empirical expression.
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5 INVESTIGATED SITES AND GEOTECHNICAL DATA
Comprehensive geotechnical investigation campaigns were carried out in ten sites of major projects
along the north coast and within the Delta of the Nile River of Egypt. The ten sites provide full coverage
of the Nile Delta deposits starting from Idku at west of the Nile Delta, to Metobus within the Nile Delta,
to Damietta, to El-Gamil and Port Said further east of the Delta. Three of these sites were reported in
Hight et al. (2000), Hamza et al. (2002), (2003) and (2005) and seven of these sites were reported by
Hamza and Shahien (2009) The stratification of the sites consist of silty sand top layer over very soft to
medium stiff clay layer over sand over stiff to hard clay. The thickness of the soft clay layer tends to
thicken as moving from west to east of the Delta (Hamza et al., 2005). The data used in this paper are
concerned with the silty sand top layer and that under the surface soft clay in Damietta III.
Standard Penetration Testing (SPT) was performed on sand layers in accordance with ASTM D 1586.
The tests were carried out in boreholes that were 101 mm in diameter. The boreholes were mechanically
drilled using rotarry drilling machines. No liner/casing was used in the boreholes. The SPT test was
performed using a split-spoon sampler having 50.8-mm outside diameter and 35 mm inside diameter and
about 600 mm in length. The split-spoon sampler was driven into the bottom of the borehole by means
of 63.5-kg automatic trip hammer that was released to fall freely along a guide from a height of 760 mm.
Lifting and releasing the weight was performed mechanically. The automatic trip hammer had a an
average estimated energy of 73% (Table 4). The measured SPT N values were recorded.
The sand samples recovered in the sampler during the tests were used for classifications and
determination of grain size distribution. Thus, both median grain size, D50, and fines content passing
seive No. 200, FC, were determined.
Piezocone Penetration Tests with pore water pressure measurements (CPTU) were performed at the
sites. A l0 cm2 Piezocone was used to carry out the testing. Records were made at 2 cm intervals. At
each tested depth; (qc), pore water pressures behind cone (u2) and (fs) were measured. Typical CPTU
records at some of the sites under study were shown in Hight et al. (2000), Hamza et al. (2003) and
Hamza et al. (2005). The corrected tip resistance, qt, can be calculated as qt = qc + (1-)u2, where
 is the cone net area ratio. For the tested sand layers, qt was almost equal to qc. The average qc
and fs over 30 cm were determined at the same depth where the SPT N value was recorded in the nearest
bore hole. Typical distance between CPTU and SPT was in the range of 2m to 25m. The average qc,
average fs, measured SPT N value, D50 and FC were grouped for each point. Data records were grouped
for a total of 112 points in this study. Summary of the collected data to be used in this study is shown in
Table 3.
The correction procedures by Seed et al. (1985), Skempton (1986), Clayton (1995), and Robertson
and Wride (1998) were used, together with the above mentioned configurations of SPT used in this
study, to correct SPT N values to N60. Table 4 summrises the corrections applicable to measured N
values and the correction factors used to correct N values measured in the Egyptian sites to N60.
6 EVALUATION OF DATA AND EXISTING CORRELATIONS
The SBT index, Ic, is plotted versus D50 and FC in Figures 1 and 2, respectively. In spite of the scatter, the index Ic
decreases with the increase in D50, and increases with the increase in FC. Suzuki et al. (1998) suggested that Ic can
be correlated to D50 and/or FC. Such suggestion is confirmed by the data in Figures 1 and 2. Attempts to correlate
Ic to D50 in empirical expression is rare in the literature. On the other hand, the empirical expressions listed in Table 2 between Ic and FC are shown on Figure 2. In general, there is consistent trend between the empirical correlations and the data; however, the empirical correlations tend to underestimate FC for silty sand deposits in Egypt.
Figure 3 shows a plot of D50 vesrsus FC. For FC< 30%, there is relatively wide scatter with the general trend of
decrease in D50 with the increase in FC. For FC greater than about 35%, D50 tends to be almost constant in the
range between 0.075 mm and 0.15 mm.
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Table 2. Summary of existing fines content-CPT correlations
No.
[1]

Reference
Robertson and wride (1998)

[2]

Idriss and Boulanger (2008)

[3]

Yi (2010)

Correlation
FC(%) =0
FC(%)=1.75(Ic)3.25-3.7
FC(%)=2.8(Ic)2.6

Comment
Ic<1.26
1.26<Ic<3.5
Based on data from
Suzuki et al. (1998)
Ic<1.31

FC(%) =0
FC(%)=43.67Ic-57.2
+10sin(((Ic-2.325)/1.015)π)
FC(%)=63.62Ic-103.59

1.31<Ic<2.325
2.325<Ic<3.2

Table 3. Summary of the statistics of data records collected in this study.
Site
Idku II
El-Gamil
Nobaria
Metobus
Damietta I
Damietta IIa
Damietta IIb
Damietta III
PortSaid II
PortSaid III
Total

q c,
MPa

Sy
m
b.

No.
of
Pts.

a
b
c
f
e
h
j
g
i
d
10

19
5
19
11
9
6
13
10
18
2

Range
1-9
3-12.5
3-11.5
3-17
4-12.5
3-9.5
3-12.5
8-25.5
6.5-17
5-12

Min
0.08
0.08
0.08
0.08
0.08
0.09
0.08
0.19
0.08
0.10

Max
0.20
0.19
0.42
0.22
0.20
0.22
0.24
0.33
0.30
0.11

Avg.
0.15
0.11
0.32
0.02
0.13
0.17
0.15
0.26
0.15
0.11

Min
7.0
4.0
3.7
8.0
6.0
5.0
10.0
10.0
7.0
17.5

Max
48.0
50.0
16.5
47.5
47.5
44.0
46.0
28.0
47.0
18.0

Avg.
25.24
29.60
8.25
21.41
27.39
25.67
24.96
14.30
26.78
17.75

Min
2
7
8
8
18
11
12
12
15
24

Max
19
17
66
38
34
25
44
39
75
25

Avg.
8.70
11.20
25.26
26.27
26.22
18.50
22.93
28.80
30.67
24.50

Min
0.79
0.55
4.30
3.00
4.80
2.00
6.00
4.50
1.50
0.45

Max
8.60
5.50
24.30
17.00
10.50
10.75
10.00
24.00
18.00
10.00

Avg.
3.53
2.72
11.09
9.68
7.70
5.93
7.19
15.46
9.18
5.23

112

1-25.5

0.08

0.42

-

3.7

48

-

2

75

-

0.45

24.3

-

Depth
m

D50,
mm

FC,
%

N

Table 4. Correction factors to convert Nmeasured to N60 used in the sites in this study
Factor

Rod Length
CR

Rod Length
4m
4m to 6m
6m to 10m
>10m

Borehole Diam.
Sampling Method
CB
CS
Skempton (1986)
65 to 115 mm
No Liner

0.75
0.85
0.95
1.00

1.00

1.20

Correction
N60=NCRCBCSCE

1.10
1.24
1.39
1.46

1.22

4.0

4.0

f

a

g

b

3.0

h

c

2.5

i

d

j

e

3.5

3.5

Idriss and Boulanger (2008)
Robertson and Wride (1998)

3.0

Soil Behavior Type Index, Ic

Soil Behavior Type Index, Ic

Energy Ratio
CE
Clayton (1995)
Automatic Trip Hammer
(Energy Ratio = 73%)

2.0
1.5
1.0

2.5
2.0
1.5
Yi (2010)
1.0
Proposed For Silty Sands in Egypt
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a
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Figure 4. SPT-CPT correlations based on D50
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Figure 6. SPT-CPT correlations based on SBT index

The ratio (qc/Pa)/N60 of the data in this study is plotted versus D50, FC and SBT Ic in Figures 4, 5 and
6, respectively. The correlations of categories A, B and C in Table 1 are also shown on Figures 4, 5 and
6, respectively. In general, the ratio (qc/Pa)/N60 of the silty sands of Egypt is in the range of about 0.5 to
8 with the center of gravity of the data in the range of 1 to 5. The general trend of the data is in
agreement of the prediction values by the correlations in Table 1. However, the existing correlations
tend to overestimate the ratio of qc to N for the sites in this study. It should be noted that, in addition to
the natural variability, the influential factors and thus sources of scatter discussed above contributes to
the scatter in the figures. The relatively wide variations among the predictions are believed to be mainly
due to rod energy ratio in each correlation. The data and predictions shown in Figures 4, 5 and 6 suggest
the need to update and/or propose SPT-CPT correlations for the silty sand of Nile river delta deposits in
Egypt.
7 PROPOSED CORRELATIONS
The variables to be considered for SPT-CPT correlation depend on the use of the correlation. If qc is to
be estimated from SPT, then the available data that can be used in the correlation include grain properties (D50 and FC) and N60. On the other hand, if N60 is to be estimated from CPT, then the available data
that can be used include SBT index, Ic, beside qc.
One of the major scatter in the correlation based on D50 is variability in FC for same D50
(Jamiolkowski et al., 1985 and Chin et al., 1988). The data in Figure 3 confirm such fact. For D50 in the
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range 0.1 to 0.2 mm, Figure 3 suggests that FC for such a narrow range of D50 can be in the range of 0
up to 50%. Therefore, the authors believe that the presence of both D50 and FC in the correlation shall
contribute in reducing the scatter. Furthemore, the dependence of the ratio (qc/Pa)/N60 on the density of
the soil is the drive behind considering N60, as an indication to the densness of the soil, to be one of the
variables that can be used to predict the ratio (qc/Pa)/N60. Figure 7 shows the proposed correlation to
predict qc form SPT results for silty sand deposits of the Nile Delta. The correlation depends on D50, FC
and N60 as input variables.
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In similar manner, Figure 8 shows the proposed correlation to predict N60 and FC from CPT results
for silty sand deposits of the Nile Delta. The correlation predicts the ratio of (qc/Pa)/N60 depending on
the SBT index, Ic, and qc. The reason for presence of qc as an input variable in the correlation; is to take
into account the denssness of the soil. The SBT index, Ic, can be predicted based on CPT results using
equations 1, 2 and 3. It should be noted, thought, a value of 1.0 is used for the exponent n in Equation 2
for this study. Because, FC should be available in the prediction package, FC can be predicted based on
Ic using the equation indicated in Figure 8 based on the data in Figure 2.
8 SUMMARY AND CONCLUSIONS
The existing SPT-CPT correlations were reviewed in this paper. The review considered; a) the historical
evolution of the need for SPT-CPT correlations, b) the factors that influence the correlation; c) sources
of scatter in the correlations, and d) the existing correlations.
Comprehensive geotechnical investigation campaigns were carried out in ten sites of major projects
along the north coast and within the Delta of the Nile River of Egypt.Both SPT and CPT tests were
carried out in each site. Each borehole used was paired with the closest CPT profile carried out in the
site within 2 to 25 m from the borehole. Each measured SPT N value of the silty sand deposits corrected
to N60, together with D50 and FC determined using recovered samples, was paired with average CPT
results (qc and fs) over 30 cm at the same depth. Total of 112 set of records was used in this study.
The evaluation of existing correlations using the data of silty sand deposits of Egypt resulted in; a)
general agreement in trend between the data and the predicted values of the correlations; b) the
correlations tend to overestimate the ratio of qc/N for the data considered in this study; and c) the need to
update SPT-CPT correlations for the silty sand deposits of the Nile River Delta.
Two correlations were proposed for silty sand deposits in this study. One correlation was proposed to
estimate qc from SPT results based on D50, FC and N60. The other correlation was proposed to estimate
N60 and FC from CPT results based on qc and SBT index Ic.
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Behaviour of miniature penetrometers in geotechnical centrifuge
J.R.M.S. Oliveira, M.S.S. Almeida & M.C.F. Almeida
Federal University of Rio de Janeiro, Brazil

ABSTRACT: Geotechnical design is based on site investigations that provide a reasonable overview of the soil
profile and a realistic estimate of geotechnical properties for each component layer. As centrifuge modeling is becoming widespread, miniature site investigation tools are being designed to provide proper geotechnical information about model layers. Nevertheless, centrifuge in situ tests become an additional challenge because of limitations of in-flight procedures, and also due to the miniaturization of tools. This paper examines the behaviour of Tbar and Cone penetrometers to assess the strength of clay and granular soils, respectively, during centrifuge tests.
A set of cyclic T-bar penetration tests carried out on an artificial clayey soil is presented, where the generated excess pore pressures are measured at both sides of the bar during the penetration cycles, and compared with values
found in the literature. Additionally, a study of the variation of the T-bar bearing capacity factor is also presented.
A number of CPT centrifuge tests on silty tailings are presented, and compared with in situ conventional tests, triaxial and direct shear laboratory tests showing an overall consistency and reliability of the measured values.

1 INTRODUCTION
Physical modeling plays an important role in modern geotechnics as it aims to create a scaled model able to provide a physical understanding of a phenomenon associated with a real problem.
Within physical modeling, centrifuge modeling has become increasingly important due to its flexibility regarding the simulation of various engineering problems while keeping critical parameters invariable. The basic principle in centrifuge tests consists of submitting a reduced model (N times smaller than the prototype) to an acceleration Ng, thus providing an inertial field similar to the gravitational field experienced by the prototype.
Advances in centrifuge research have led to the need for a reliable resistance profile of the soil models, leading
to the conception of in-flight penetration tests in order to describe the variation in soil properties with depth.
A major difficulty in carrying out in-flight tests is the miniaturization of tools and their actuations. As a result,
routine procedures such as the SPT, for example, can become extremely complex. Early developments in in-flight
site investigation in centrifuge tests made use of the vane test and cone penetration test (CPT) to measure the
strength of soil models. Subsequent developments used the T-bar (Stewart and Randolph, 1991) to assess the undrained strength of clay soils. This paper presents the experience of the development of T-bar and CPT probes to
measure the strength of models used in the mini-drum centrifuge at the Alberto Luiz Coimbra Institute – Graduate
School and Research in Engineering (COPPE) in Rio de Janeiro. Test results and their interpretation are presented
for clay and silty tailings soils.
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2 T-BAR TESTS IN CLAY SOILS
A T-bar with a 15.2 mm diameter adapted to a rigid shaft was used in the present study (Figure 1). The vertical
force was measured using a manufactured 50 N tension and compression load cell, which compensates bending
moments and thermal variations (Figure 1). One pore-pressure transducer was positioned inside the soil layer for
monitoring the consolidation phase.

BAR

Figure 1: Instrumented T-bar.

2.1 Reconstituted clay and sample preparation
The natural clay from Guanabara Bay in Rio de Janeiro/RJ consists of lightly overconsolidated highly compressible soft clay with water content in the range 150–200% and close to the liquid limit. A number of tests were used
to assess the in situ undrained strength of the natural clay and it was found by Almeida et al. (2001) that the undrained strength profile could be well described by Equation (1), in kPa, where z is the depth in m.

Su  0,126  1,373  z

(1)

For the centrifuge tests described below the natural clay was collected in situ and transformed into slurry by increasing the water content up to 1.5 times the liquid limit. The slurry was then placed in-flight inside the strongbox through a specially designed rotating joint. After consolidation, this process produced a smooth and regular
surface, adequate for the shallow tests. During the 10 hours consolidation flight, the clay slurry settled from a 105
mm height into a 71 mm clay layer height.
Each test was divided into two phases: consolidation at 100 g followed by vertical and lateral actuations at 30
g. All samples reached around 90% consolidation during 10 hours flight (Oliveira et al., 2006). Enough time was
allowed for pore-pressure dissipation during the centrifuge deceleration from 100 g to 30 g. After that, the T-bar
was driven into the soil. The vertical penetration of the T-bar allowed the measurement of the undrained strength
and this is described next.
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2.2 Vertical actuation
The following equation is used to obtain Su from T-bar measurements (Stewart and Randolph, 1991):

Su 

V
N b  D * L

(2)

where V is the vertical force measured during penetration, L is the T-bar length, and Nb is the T-bar factor, with
Nb = 10.5 the recommended value (Randolph and Houlsby, 1984; Randolph, 2004) for deep penetration. Shallow
depths require different T-bar factors for each depth. In addition, the contact area increases as the bar is pushed into the soil, also increasing the amount of material involved in the failure process. For deep bar penetration D* is
the bar diameter D. For shallow embedment ratios a modified bar diameter D* is used once the contact area between bar and soil varies with depth, and it has a direct relationship with strength. To take this variation into account, the following relationship was used to express the horizontal projection of the contact area of the bottom
half of the bar with the soil.

D *  2 H  D  H 

(3)

where H is the distance between the soil surface and the bottom of the bar.

When the bar is just touching the soil surface, the cylindrical shape can be assumed to have a flat plate foundation, therefore associating this condition with Terzaghi’s bearing capacity factor Nb = 5.14 for a purely cohesive
material. However, it is important to evaluate the burial depth at which the T-bar factor reaches its full value and
how this variation develops. A numerical approach is proposed below.

2.3 Numerical simulation to evaluate Nb
The T-bar vertical penetration was numerically simulated (Oliveira et al., 2010) in order to evaluate the variation
in the Nb factor with the embedment ratio H/D. In this way, numerical analyses have been carried out with the
embedment ratio H/D varying from 17% to 600%. In each case, the T-bar was pushed into the soil until yield of
the soil was achieved. Barboza-Cruz & Randolph (2005) also presented a numerical analysis with a remeshing
technique for smooth and rough cylinder surfaces of the variation of the Nb factor at shallow depths.
Oliveira et al. (2013) has presented a series of centrifuge tests in order to evaluate the Nb factor variation with
depth. Figure 2 resumes these data (samples 4, 5, 6 and 7) where they are compared with the numerical data. The
Nb values are closer to Barboza-Cruz & Randolph (2005) data than Oliveira et al. (2010), yet they are lower than
expected.

2.4 Undrained strength from T-bar tests
T-bar tests were interpreted using Equation (2), with Nb factors provided by Figure 2, as shown in Figure 3. The
penetration rate used in all tests was 0.50 mm/s. The linear fit through Su data of the five tests with H/D varying
between 17% and 124% is given by the equation below (Oliveira et al., 2006) with a linear coefficient of correlation greater than 0.99.
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Su  0,1002  1,283  z

(4)
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Figure 2: Variation of the T-bar factor (Nb) with burial depth (Oliveira et al., 2013).

Figure 3: T-bar tests data in prototype scale.

with Su in kPa and depth z in m. Values of Su obtained according to Equation (4) compare reasonably well with
the in situ values given by Equation (1), although the penetration depth of the model tests (around 1.0 m) is much
smaller than the penetration depth of the field tests (around 6.0 m). As the sample has been consolidated at 100 g,
and the penetration phase has been done at 30 g, the Su/'v0 ratio of 0.64 is compatible with that of the Rio de
Janeiro clays for an OCR 3.

3 CPT TESTS IN FINE TAILINGS
3.1 Characteristics of the tailings

712

The fine tailings studied in this work came from the exploitation of iron ore by Samarco Mineração S.A., located
in the city of Mariana, State of Minas Gerais, Brazil. The main minerals present are haematite, goethite (limonite),
and magnetite. For the purpose of the tests carried out here the fine tailings were dried in an oven and homogenized to obtain representative samples. The grain size analysis resulted in the following percentages: clay 7%, silt
71%, and fine sand 22%. The X-ray diffraction indicated predominance of haematite Fe2O3 and quartz silica,
confirmed by the chemical analysis, which resulted in 40.9% Fe2O3 and 53.6% silica.
The fine iron tailings were found to be non-plastic. Geotechnical properties of the studied soil are: specific
gravity Gs = 3.22; minimum dry density = 1.36 g/cm3; maximum dry density = 2.16 g/cm3; field density = 1.6 to
2.2 g/cm3 (average 1.97 g/cm3); coefficient of consolidation cv = 0.5–3.0 x 10–6 m2/s (average 1.4 x 10–6 m2/s); coefficient of permeability = 5–8 x 10–6 m/s; and compression ratio CR = Cc/(1 + eo) = 0.05, characteristic of a low
compressibility soil.

3.2 CPT Design and assembly
The design of the mini-CPT penetrometer (Figure 4) had to take into account a number of factors such as the
maximum driving capacity of the radial centrifuge actuator (2000 N), the measuring capacity of the load cells
(125 N), the maximum travel length of the tool (less than 18 cm), and the high resistance of the soil material to be
tested. Also, the tool should be as light as possible, but still capable of measuring the soil resistance.The miniCPT was designed to measure the point load Qb plus the total load Qt which is the sum of Qb and Qs, the lateral
load.

Figure 4: Mini-CPT schematics (measurements in mm)

3.3 Modeling of Models
New centrifuge tests tools are usually verified using the “modeling of models technique”. This procedure is realized by carrying out tests with different accelerations.
The tests were carried out using the tool in the silty tailings materials. The soil layers were moulded inside the
strongbox with the centrifuge fully stopped. After that, the equipment was set to spin and the samples were consolidated at 50 g for 30 minutes, which is enough time to allow full consolidation. The final layers had a total
height of 9 cm and average dry density equal to 1.80 g/cm3 (relative density of 55%).
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These test penetration velocities were standardized with the normalized velocity V = 0.5, defined by the expression V = v x D / cv.
where v is the rate of cone penetration, D is the cone diameter (D = 9mm), and cv is the coefficient of consolidation. This value of V = 0.5 assures a fully undrained behaviour. The maximum penetration in the model was 6
cm, which corresponds to prototype depths of 1.5 m, 3.0 m, and 4.5 m for the 25 g, 50 g, and 75 g accelerations
respectively.
Figure 5(a) shows the model scale point resistance profiles for test accelerations of 25 g, 50 g, and 75g. Figure
5(b) presents the same point resistance profiles in prototype scale. All tests show good agreement, except for a
slight deviation to the right in the 25 g test. This apparent increase in soil resistance is related to the overconsolidation conditions for the 25 g test, once the consolidation phase took place at 50 g. The good agreement observed
in Figure 5 is in accordance with a successful modelling of the model’s procedure.
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Figure 5: Mini-CPT modelling of models tests with silty tailings: (a) point resistance in model scale and (b) qc in
prototype scale

3.4 Direct shear tests on centrifuge samples
The preparation of centrifuge samples was similar to preparation of the samples for the mini-CPT test. After the
consolidation stage and the complete drainage of the water, the centrifuge was halted and placed in a 90° position
so that five test specimens could be extracted. The direct shear test moulds were inserted at a depth corresponding
to twice their height in order to avoid surface interference.
The direct shear tests were carried out at vertical stresses of 100, 200, 300, and 400 kPa on saturated specimens. These data presented negligible dilation and a mean effective friction angle ’ = 31.5 o. However strength
data at low stress levels relevant to the centrifuge tests give ’ = 34.6o and this is the value to be compared with
friction angles obtained from CPT tests performed in the tailings soil.
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3.5 Triaxial Tests
A set of CD triaxial tests were undertaken in silty tailings samples statically compacted at the optimum water content. The mean dry density obtained with this process was  = 2.09 g/cm3. The confining pressures adopted for the
tests were 100, 200, 300 and 400 kPa. The volumetric strain behaviour shows an overconsolidated material with
an initial increase in volume followed by a small decrease. The triaxial CD resultsshowed an internal friction angle of 41o and no cohesion.

3.6 Friction angles from CPT Tests
A number of authors have developed theories or correlations between CPT tests and friction angles for noncohesive soils. According to Chen and Huang (1996), Durgunoglu and Mitchell´s method (1975) is suitable for
low compressibility sands and Robertson and Campanella´s method (1983) is suitable for medium compressibility
sands. Although the above methods have been developed for sands, they were applied to the non-plastic silty soil
studied here. This is a soil with granular behaviour (c´ = 0) and the penetration was undrained, and thus this application appears to be reasonable.
Values of friction angle using the two methods are presented in Table 1. It is observed in Table 1 that values of
´ appear to decrease slightly with depth and the average´ obtained by the two methods are quite close and are
also in agreement with ´ = 34.6o obtained in direct shear tests at low stress levels. Higher values in CPT tests for
loose samples are expected once a relative compaction of the soil ahead of the cone can increase the friction angle.

Table 1. Data for friction angles from CPT tests
Depth (m)

' (º) – D&M

' (º) – R&C

0.5

34.4

35.7

1.0

34.4

35.8

1.5

34.3

35.6

2.0

34.0

35.3

Average

34.3

35.6

Friction angle values associated with the triaxial tests (41o) are higher than those from direct shear and CPT
tests. This result is probably related with the high relative density (91%) obtained with the static compaction procedure, which is much higher than those obtained in the centrifuge tests (55%).
Another issue that might have influence in the results is that the mini cone diameter is 9 mm and the penetration way was only 40 mm ( 4.5D), that is less than the 8 to 10 cone diameters necessary to reach deep penetration mode. Therefore the qc values may still be influenced by the nearby free surface.

4 CONCLUSIONS
The design and development of instrumentation for centrifuge geotechnical purposes requires the best tools to
measure the desired parameter. Also it demands that the variables involved, such as the materials to be tested and
equipment limitations, are very well known and controlled.
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The T-bar penetrometer developed for this research was used in centrifuge tests to measure the undrained
strength of reconstituted samples of Guanabara Bay clay. Numerical analyses were carried out with the aim of obtaining a variation in the factor Nb with normalized depth, which was shown to be consistent with the extreme
values available in the literature for shallow and deep cases. Based on this formulation the undrained strength profile was calculated for a number of tested samples. The T-bar centrifuge test data carried out for high water content values were complemented by measurements of water content values for the clay.
The measured centrifuge Su profile agreed well with the field profile obtained by a vane and triaxial tests. Also
the relationship between water content and Su seemed to be consistent with the in situ measurements.
The mini-CPT apparatus developed for this research was designed for the specific purpose of testing embankments in silty tailings materials. The tests showed the efficiency of the miniature tool, as well as the possibility of
assessing a continuous resistance profile of in-flight layers.
The modeling of the models technique, a highly established procedure to evaluate consistency in centrifuge
modeling simulations, was applied in 3 different g levels leading to coherent results. Strength parameters were also obtained from the mini-CPT tests and compared with strength parameters measured in direct shear tests and
triaxial, leading to consistent results. The strength profile was also compared with other centrifuge mini-CPT tests
in sand soil confirming the expected behaviour.
Finally, both tools developed for in flight strength profile measurements in clayey and sandy soils were tested
and the results compared with conventional tests showing an overall consistency and reliability of the measured
data.
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ABSTRACT: The sedimentary soils of Adapazari, Turkey have originated from fluvial processes of the
Sakarya river. The river deposited all kinds sediments during the recent geological times. Sand and gravel
beds usually indicate high CPT resistances and SPT blow counts. Clays and silty soils on the other hand,
showed a poor performance during the 1999 Kocaeli-Adapazari earthquake. Many buildings collapsed,
sank, tilted, even toppled. This study has been conducted using the rich database obtained from
Adapazari, the site of the catastrophic earthquake in 1999. An investigation program was implemented in
the city of Adapazari where boreholes and CPT soundings were performed simultaneously. The CPT data
has been collected using a 200 kN acoustic CPTu system. In this study, a total of about 500 samples from
135 boreholes were classified and their corresponding CPTu identities were compared. A formulation has
been presented that will contribute to the comparison between the SPT and CPT results.

1 INTRODUCTION
Adapazari (Turkey) soils have the unique properties in terms of the formation of soils. Almost the whole
city is founded on recent alluvial deposits of the Sakarya river, that flows northwards toward the Black
Sea (Fig. 1). Deep sediments representing the soils of the alluvial plain of Adapazari (Akova) show
sudden vertical and lateral changes in very short distances. A borehole drilled at the centre of the city
failed to reach rock at 200 m and it was claimed that the depth of the alluvium here may be as great as
1000 m (Bol 2003). In this study, the results of boreholes and CPT soundings performed simultaneously,
mostly in Adapazari and near vicinity, have been used to compare and present relationships between
these two insitu tests. A total of about 500 samples from 135 boreholes were classified and their
corresponding CPTu identities compared. Disturbed samples of SPT from the sites were taken and
classified according to TS1500/2000. The same drilling team and laboratory personnel have been
employed throughout the research work.
Although there are significantly improved interpretation methods for the Cone Penetration Test
(CPT) data, the Standard Penetration Test (SPT) is still the most commonly used in situ testing in this
part of the world. SPT procedures still have human and equipment based problems. These problems
have reduced the quality of the research done for many years on relationships between SPT and CPT.
In a number of published studies, the relationship between SPT N values and CPT cone resistance
(qc) have been investigated directly. A wide range of published qc/N ratios have lead to much confusion,
so some researchers have been using mean grain size (D50) to rationalize the published qc/N ratios (e.g.,
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Robertson et al. 1983). Also, the qc/N relationship is affected by various factors such as SPT hammer
type, and soil density. Therefore, it is necessary to make some corrections to overcome the variations of
results. In this research, the focus is to make corrections of both test results to establish a relationship
between SPT blow counts (N) and CPT results.
2 THE ORIGIN OF ADAPAZARI SOILS
The city of Adapazari is situated on the western end of the alluvial plain of Adapazari (Akova) formed
by the Sakarya and Mudurnu rivers (Fig. 1). The Sakarya river, that currently flows northwards along
the eastern limits of the city, appears to have dominated the development of the soil profile throughout
the study area during the past few millenia. It originates in the mountains of Anatolia, flowing
northwards to the Black Sea at high gradients, and appears abruptly on the plain exiting the gorge of
Geyve, the southern limit of the plain, laden with sediment. At present, the city of Adapazari is
surrounded by the Sakarya river to the east and the Cark stream to the west. The latter is draining the
nearby lake of Sapanca at relatively low flow rates.
There are different subfacies in a meandering fluvial system like channel lag deposits, levees, pointbar deposits, crevasse splays and floodplain or backswamp deposits. Each subfacies shows variation
with its grain size and geotechnical properties. In a meandering fluvial system, the grain size decreases
upwards. There are gravels or coarse grained sands at the bottom (channel lag deposits), then sands and
fine sands exist above it (point bar deposits) and fine grained soils like clays or silts (flood plain or
backswamp deposits) are found at the top of an idealized meandering cross section. The idealised
section can be corrupted by meandering migration or by crevasse splays that have fine sands and silts
and that were deposited as a result flooding in wet seasons (Sert et al. 2008). The Sakarya river showed
a meandering character until recent times because of the flat topography of the Akova plain (Bol 2003).
The top 50 m of Adapazari soils consist of all types of subfacies that are typical in the floodplains of
large rivers as mentioned above and this has resulted in a complex and unpredictable fluvial and
possibly lacustrine soil system.

Figure 1. Geological map of Adapazari city center and locations of the test sites
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3 STANDARD PENETRATION TEST (SPT) AND CONE PENETRATION TEST (CPT)
The SPT is conducted by dropping a free falling hammer weighing 63.5 kg onto the drill rods from a
height of 0.76 m to achieve the penetration of a standard sample tube 45.7 cm into the soil. The number
of blows required to penetrate every 15 cm increment is recorded and total number of blows required to
penetrate the last 30 cm is taken as the N value. The blows for the first 15 cm of penetration are recorded
but not included in the N value. Although the SPT had been developed almost a hundred years ago to
determine the physical and mechanical properties of clean sands, it has been widely used for all types of
soils with contraversial results, especially for fine grained soils.
In the early 1930’s in the Netherlands, the CPT was developed as a mechanical penetrometer to
determine the capacity of piles in sands. Electrical cones were first developed around the early 1960’s,
but came more common in the 1980’s when pore pressure measurements were included (CPTu). Today,
it has been used increasingly in respect to improving technology to determine some other parameters (ie:
chemical properties of water, electrical resistivity, pH, temperature) in addition to geotechnical
properties of soils and detecting soil stratigraphy. The CPT involves pushing a 3.5 cm diameter cone
with apex angle of 60° through the underlying soil at a rate of 2 cm/sec while recording tip resistance
(qc), side friction (fs), pore pressure (u2) and inclination simultaneously and continuously. A standard
size of cone has a 10 cm2 cross sectional area, and the friction sleeve, located above the conical tip with
the same diameter, has an area of 150 cm2. The CPT has some advantages, such as low cost, a time
saving procedure, continuous recording, high accuracy and repeatability, automatic data logging and
having no human effect. The CPT has been started to be used in more projects in Turkey because of
these attractive properties. In this study, the CPT data has been mostly collected using the 200 kN
acoustic tracked CPTu system owned and operated by Sakarya University.
4 DATA
The database used for this study has been selectively established over the years. The test results
performed only by the Universities of Sakarya (Turkey), California (Berkeley), and İstanbul Kültür were
found to be credible. All other data available to the public, however, have been found to be of
questionable quality, hence excluded. The data has been stored in the “Adapazari Geotechnical
Database” by using Microsoft Access® software. A detailed study of the soils was performed through
818 boreholes and 306 CPT to collect the physical and mechanical properties in the Adapazari database.
In addition to these developments, Adapazari map has been digitized in great detail showing building
blocks and associated with the database after the year 2000. Some information coming from 135
boreholes and their corresponding CPTu tests were then used in this study. The locations of CPTu and
SPT test sites are indicated by red triangles and blue circles, respectively, in Figure 1. One can observe
from Figure 1 that the number and distribution of the sounding locations in forming the thematic maps
are quite satisfactory. The typical distance between adjacent SPT and CPT locations is a few meters in
almost half of the sites in this study. At the other sites, because the tests were mostly done at each corner
of the building, the distance may vary depending on the size of the building.
The usual depth of boreholes was 15 m, with the SPT performed each 1.5 m taking disturbed and
undisturbed samples. In contrast, the CPT provided data every 2 cm and formed voluminous source of
almost all properties for the subsoil.
SPT N values from borings and averages of the tip resistances (qc) within the 1.0-5.0 m depths from
soundings were transferred to the geographical information system (GIS) based software MapInfo (Fig.
2a, 2b). The soil layers at 0.0 to 1.0 m have not been taken into consideration because they are mostly
above the ground water table and had undergone repetitive wetting-drying cycles.
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The nice harmony in both maps can be easily seen in Figure 2a and 2b that high SPT N blow counts
and tip resistances are observed at the center of the city (Ataturk Boulevard) and on the west part of the
city where Cark Stream enters. These high values correspond to dense sand and gravels, representing the
abandoned old river beds. However, the resolution of the SPT map looks better than the CPT map
because the number of SPT sites far exceeds the CPT sites.
The results of A-A' ve B-B' cross sections in Figure 1 are shown in Figure 2c. It is also clear in
Figure 2c that in the areas corresponding to channel facies, both SPT N values and tip resistances show
noticeable increase and both maps show similar increase and decrease patterns.

Figure 2. Adapazari a) SPT N and b) qc maps c) results for sections through the lines A-A' and B-B'

5 ANALYSES AND FINDINGS
It is necessary to make some corrections on SPT N values because the SPT test results may be
influenced by a number of factors. For example, the results for sand layers are especially influenced by
depth because of increasing effective overburden pressure and resistance. Increasing blow counts by
depth may lead to misunderstanding of properties of homogeneous sand. The influencing factors were
summarised by Schmertman (1979) such as: the size of the drill hole, the number of turns of the rope
around the cathead, the length of the drill rods, the use of drilling mud versus casing to support the walls
of the drill hole, the use of non-standard sampling tubes and the depth range over which the penetration
resistance is measured (0-0.30 m or 0.15 m-0.45 m). The standardized corrections are overburden
pressure (CN), energy ratio (CE), borehole diameter (CB), rod length (CR) and type of sampler (CS). SPT
N value corrected for field procedures and apparatus is given as:
SPT N60 = CE.CR.CB.CS.N

(1)

In this study, CE is assumed as 0.75, and CS is taken as 1.2 according to Sivrikaya & Togrol (2007).
Similar to SPT, tip resistance (qc) in CPT is corrected to take into account the pore water pressure
recorded at the cone tip and geometrical property of the cone. According to Lunne et al. (1997), the
corrected cone resistance is calculated with the relationship:
qt = qc + u2(1-a)

(2)
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where a = the ratio between shoulder area (cone base) unaffected by the porewater pressure to total
shoulder area; u2 = pore pressure measured at cone shoulder.
The comparison between SPT blow counts (SPT N) and tip resistances (measured insitu (qc) and
corrected (qt)) are shown in Figure 3. It can be seen from Figure 3 that the correction for tip resistances
doesn’t affect the results much.

Figure 3. Comparison between SPT blow counts and cone tip resistances

The relationship between mean grain size (D50) and (qc/Pa)/N and (qc/Pa)/N60 can be seen in Figure 4.
The reference pressure, Pa, can be taken 100 kPa if the unit of tip resistance (qc) in kPa and 0.1 MPa if
tip resistance (qc) in MPa. Figure 4 looks to be suitable to estimate SPT results from CPTu data, but it is
clearly seen that the use of this chart is not practical because it is necessary to have sampled boreholes
with grain size data in the various strata. This relationship also relies on extreme lateral homogeneity of
soil deposits, a geological condition that is not common. Although the trend of the data used in this
study seems to be in a harmony with previous studies such as Robertson et al. (1983) and Kulhavy &
Mayne (1990), the reliability of these equations is questionable because of the clutter of data.

Figure 4. Relation between mean grain size (D50) and (qc/Pa)/N and (qc/Pa)/N60

There are some direct relationships in the literature between SPT and CPTu based on CPTu data
alone, that would permit estimation of SPT N values without samples. A direct relationship would also
avoid the uncertainty introduced by soil gradation changing between the CPTu data and the supposed
corresponding soil sample.
Jefferies & Davies (1993) and Lunne et al. (1997) proposed to use the soil behaviour index (Ic) in
their relationships instead of mean grain size (D50). In the Jefferies & Davies formula, where qc in MPa,
the best fit was given by the relationship:
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(3)

qc N 60 = 0.85 ⋅ (1 − I c ( JD ) 4.75)

Lunne et al. (1997) also suggested the following correlation that require only CPT data:
(4)

( qc Pa ) N 60 = 8.5 ⋅ (1 − I c ( RW ) 4.60)

where qc is the cone tip resistance and Ic is the soil behaviour type index defined by Robertson & Wride
(1998). Robertson (2012) mentioned that this equation works effectively in a wide range of soils,
although it tends to under predict N60 values in some clays, according to some research in North
America.
Robertson (2012) suggested an updated relationship that can be defined as follows:
(5)

(1.1268−0.2817 I c ( RW ) )

(qt Pa ) N 60 = 10

and indicated that this equation produces slightly larger N60 values in fine-grained soils than the
previous Jefferies & Davies (1993) method. In these formulas, soil behaviour indexes are defined as:
2

I c ( JD ) =

{3 − log Q (1 − B )} + 1.5 + 1.3 ( log F )

I c ( RW ) =

[3.47 − log Q ]2 + [1.22 + log F ]2

2

q

(6)
(7)

where Q and F represent normalised cone resistance and normalised friction ratio, respectively, whereas
Bq is excess pore pressure parameter. These parameters can be calculated using:

Q=

qt − σ v
fs
, F=
σ v′
qt − σ v

, Bq =

u2 − u0
qt − σ v

(8, 9, 10)

where qt = corrected cone resistance, σv = total vertical (overburden) stress, σ’v = effective overburden
stress, fs = sleeve friction, u2 = penetration pore pressure and u0 = hydrostatic pore pressure.
Two of the formulas given above have been analysed with the data used in this study and results are
presented in Figure 5. The determination coefficients (R2) in power equations for Lunne et al. (1997)
and Robertson (2012) are 0.5154 and 0.4931, respectively.

Figure 5. Analyses of the equations of Lunne et al. (1997) and Robertson (2012)
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In this study, soil behaviour type index defined by Bol (2013) which takes into account the change in
water pressure during the pushing of the cone being used. The relationship can be defined by the
following:
(11)

( qc Pa ) N 60 = 8.5 ⋅ (1 − I c ( BOL ) 6.75)

The soil behaviour index used in this study can be written as follows:
I c ( BOL ) =

2

2

{3.47 − 0.9 log Q (1 − 0.01i )} + {1.4 + 2 log F / (1 − 0.01i )}

(12)

The difference in this formula, from those previously used, is the coefficient i that shows dynamic
porewater pressure gradient.
Bol (2013) indicated that during examination of the depth-porewater pressure diagrams, the u2 values
exhibit positive gradients (+i) in clayey soils whereas (-i) gradients were apparent for clays of low
plasticity, silts and dense sands. The gradients also show sharp changes as the cone penetrates different
layers. This change has prompted the author to investigate whether these changes in the gradients were
indications of different physical properties such as consistency and grain size. This would suggest the
use of the values of pore pressure gradients i along a depth corresponding to a laboratory sample, thus
defining the gradient

i=

∆u2 u2 z 2 − u2 z1
=
∆σ 0 σ 0 z 2 − σ 0 z1

(13)

where u2z2 and u2z1 are the porewater pressures corresponding to depths z2 and z1 and σ0z2 and σ0z1 are
the calculated total stresses at depths z2 and z1, respectively.
The relationship for the proposed formula in this study is shown in Figure 6. According to Figure 5
and Figure 6, there is a slight improvement in determination coefficient (R2=0.5193) with respect to
previous studies.
14
(qc/Pa) / N60

12

This study

10

y = 0,0511x2,4383
R² = 0,5193

8
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2
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2
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6
8.5x(1-(Ic(BOL)/6.75))

7

Figure 6. Analyse of proposed equation in this study
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6 CONCLUSION
In this study, SPT and CPT results were compared and the relationships between them were evaluated. It
has been shown that there is not much difference when raw (qc) or corrected cone tip resistances (qt) are
used. In addition to these, the methods take into account the soil behaviour index instead of mean grain
size, have been discussed, and a new relationship has been presented. It can be concluded that, this
relationship contributes a slight improvement to solve the problem and can be used in future studies.
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ABSTRACT: The rigidity index (IR) is defined as the ratio of the shear modulus (G) to the undrained
soil strength (su) and is a critical parameter for estimating the consolidation coefficient (ch) using cone
data. IR has also been shown to influence the stresses and pore pressures that develop around an advancing cone. The most accurate method to determine IR is through the use of advanced laboratory tests on
high quality samples, though simplified methods do exist (such as chart solutions based on stress history
and plasticity). Since cone tests and in-situ correlations are commonly used, a new method is proposed
that only requires use of cone data; no complimentary laboratory tests or field sampling is required. A
database of laboratory and cone tests from several clay sites was used to evaluate existing methods and
to develop a new method for predicting IR using only cone test data.

1 INTRODUCTION
The routine use of cone penetration tests (CPT) as an in-situ site investigation tool has increased due to
the ability to obtain a variety of measurements (qc, fs, u2, and Vs) (Lunne et al. 1997). Significant research
has been devoted to understanding the mechanism of cone penetration and developing theoretical and analytical methods to properly model soil displacement around the advancing cone (e.g. cavity expansion,
strain path, bearing capacity theories, finite element/difference models) (Yu et al. 2000, Lu et al. 2004).
These methods can be used to provide fairly accurate predictions of expected plastic flow mechanisms
during cone penetration. Many researchers have shown that the plastic zone formation during cone penetration has a primary dependence on the soil’s rigidity index (IR) (Vesic 1972, Teh 1987, Teh & Houlsby
1991, Schnaid et al. 1997, Yu et al. 1998), with IR originally defined as the ratio of the soil's shear modulus (G) to the undrained shear strength (su). The plastic failure zone that develops during cone penetration was shown to increase as IR increases (Teh 1987), and consequently influences the generation of excess pore pressure (u) and the coefficient of consolidation (ch).
A simplified and more reliable method for estimating IR is desirable for geotechnical engineering applications. The use of laboratory data to determine IR is complex and expensive while existing empirical
and analytical methods are based on small, specific data sets (not originally intended for CPT interpretation). Chart solutions are available using easily identifiable parameters, overconsolidation ratio (OCR)
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and plasticity index (PI) (Keaveny 1985; updated by Mayne 2007), but even these require acquisition of
soil samples. Since the CPT is commonly used, a method that can estimate IR based solely on CPT
measurements and correlations from a high quality database is desirable and can be used to supplement
laboratory test data. A large database of clay sites (including both advanced laboratory tests and CPT
data) was used to evaluate empirical trends to develop a new method to estimate IR.
2 RIGIDITY DEPENDENCE
The dependency of IR on G and su requires careful evaluation of both parameters. The value selected
for su should represent the average strength mobilized around an advancing cone. The most appropriate
test method is the anisotropic (K0) consolidated undrained triaxial compression test (CAUC) (Keaveny
1985, Schnaid et al. 1997, Yu et al. 2000). The selection of an appropriate shear modulus is a primary
challenge since G is a function of strain level, aging effects, and various other factors (Wroth et al. 1979,
Schnaid et al. 1997). The initial shear modulus, Gmax, typically represents the tangent modulus at low
strains (< 0.01%), while a secant modulus is used for larger strain levels and G decreases with increasing
strain level (Houlsby & Wroth 1991, Mayne 2007).
The shear modulus at 50% mobilized strength (G50) is often selected for use in determining IR. Researchers suggest that use of G50 represents the average response of the engaged soil volume (Konrad &
Law 1987, Schnaid et al. 1997). While there is some evidence that G50 works better for overconsolidated clays than for normally consolidated clays (Schnaid et al. 1997, Jamiolkowski 2003), the
use of G50 remains the best method to provide reasonable estimates of IR for clays.
The coefficient of consolidation (ch) can be estimated through interpretation of CPT pore pressure
dissipation tests (Teh & Houlsby 1991, DeJong & Randolph 2012, Krage et al. 2014). Teh and Houlsby's (1991) analytical solution shows that ch is proportional to IR0.5 and Robertson et al. (1992) also
showed that t50 increases with increasing IR. The possible range of IR (50-500 for clays) creates significant uncertainty in estimating ch.
3 ASSEMBLED DATABASE FOR EVALUATION OF RIGIDITY INDEX
A database of laboratory tests and CPT soundings for a range of clays was assembled in order to
evaluate different methods for estimation of IR. CAUC tests from high quality block (Laval and Sherbrooke samplers) or fixed piston (Osterberg) samples obtained at various sites were used in order to determine IR. All samples are from marine and estuarine deposits, with PI ranging from 20 to 80 and OCR
up to 4. A summary of the test sites and samples is presented in Table 1.
All CPT data used in the database was obtained using a 10 cm2 cone pushed at the standard rate of 2
cm/s. All Gmax values reported by the original studies were either seismic CPT Vs measurements or determined using laboratory bender element measurements. OCR values are based on in-situ estimates, except for cases where the OCR of the lab specimen was reported and was similar to in-situ estimates.
The compiled database was evaluated to identify any apparent trends in G and su. Investigated trends
included OCR, PI, peak undrained strength, ratio of G50 to Gmax, and laboratory measured IR. When appropriate residuals were quantified using:
ln

(1)

where xpredicted is the predicted value and xactual is the reference/measured value. Strength is normalized
using the SHANSEP framework where S [=(su/'vo)NC] can be approximated by 0.32 +/- 0.03 for CAUC
tests and m can range from about 0.8 for low to medium sensitive clays and between 0.9 and 1.0 for
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structured clays (Ladd 1986, Kulhawy & Mayne 1990, El Hakim 2005). As evident in Figure 1, the best
fit for the current database is S and m values of 0.33 and 0.75 respectively. The range of PI used in this
study is consistent with previous work by Ladd (1986) who suggested that S is independent of PI. Data
also indicated that the shear strain required to reach the peak undrained strength increases with OCR
(Broussard 2012). This observation is consistent with Ladd (1986), who also documented that for mechanically OC clays the shear strain to failure increases with OCR for triaxial compression tests.
Table 1. Summary of Clay Database
Clay Site
Boston Blue
Clay

Location

Onsoy

Fredrikstand, Norway

Burswood

Perth, Australia

Deposit
Glacial
Marine
Uniform
Marine
Estuarine

Leda

Gloucester, Canada

Marine

1.2 -1.9

27-38

53-62

Highly Sensitive to
Quick (18 and 15)

Ariake

Hizen-Kashima, Saga
Prefecture, Japan

Marine

1.2-1.6

65-70

110-120

High (20-40)

Bangkok
(NNH)

Non Ngu Hao Site,
Thailand

Marine

1-1.4

46-80

73-120

Low to Medium (3-8)

Bangkok
(AIT)

Asian Institute of
Technology Test Site,
Bangkok, Thailand

Marine

1.1

24-40

91-117

Low to Medium (up
to 8)

Bothkennar

Science and Engineering
Research Council Site, UK

Estuarine
(Post
Glacial)

1.6

30-40

56-76

N/A

Newbury, Mass (US)

OCR

PI

LL

Sensitivity
Low (2-4) and Extra
Quick (16-32)

Reference

2.5-4.1

19-21

45-49

1.2-1.5

22-38

55-71

Low to Medium (4-9)

Landon (2007)

2.8-2.9

32-54

71-99

Low to High (3-14)

Landon (2007)
Landon (2007)

Landon (2007)

Shibuya et al. (2000) &
Tanaka (2000)
Shibuya and Tamrakar
(2003) & Shibuya et al.
(2000)
Shibuya and Tamrakar
(2003) & Shibuya et al.
(2000)
Nash et al. (1992) & Tanaka
(2000)

Figure 1. Normalized undrained shear strength obtained from lab tests

729

The ratio of G50/Gmax was computed by obtaining G50 from the stress-strain behavior of CAUC triaxial test data and using seismic CPT measurements or laboratory bender elements for Gmax. Figure 2 suggests that G50/Gmax is independent of OCR for monotonic tests, resulting in a G50/Gmax ratio of 0.26 for
this database.

Figure 2. Relationship of G50/Gmax vs. OCR for the database soils. Reference line of G50/Gmax = 0.26 is selected for use in empirical relationships.

IR tends to decrease with increasing OCR and PI as shown in Figure 3. This is consistent with observations by previous researchers (Keaveny 1985, Wroth et al. 1979). G50 is dependent on total vertical
stress and G50/Gmax is approximately constant for OCRs 1-5. These empirical observations are useful to
evaluate existing methods and develop new methods for determining IR. More observations of database
trends are available in Broussard (2012).

Figure 3. Relationship between laboratory CAUC triaxial test based rigidity index (IR)
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4 EMPIRICAL METHODS FOR DETERMINING RIGIDITY INDEX
The primary method used to estimate IR currently is based on the work of Keaveny and Mitchell
(1986). In their work analyzing the performance of shallow foundations they suggested that IR decreases
with an increase in both OCR and PI. In order to best fit CAUC data from five test sites, Keaveny
(1985) suggested the following relationship between K and IR.

∗

(2)

∗

Equation 2 assumes the G50/Gmax ratio to be 0.5, since Gmax equals Eu/3. Test results from this database
suggest that G50/Gmax is closer to 0.3. The original data from Keaveny (1985) presented in Figure 4
shows a lack of high OCR data and significant scatter between the data points, which suggests that IR
can range from 75 to 200 for an NC soil with a PI of 30. Mayne (2007) provided an approximated the
Keaveny (1985) chart solution with the following relationship:
.

(3)

.

Various analytical methods also exist for estimating IR. Methods like those developed by Wroth and
Houlsby (1991), Kulhawy and Mayne (1990), and Mayne (2007) incorporate OCR in their development,
but the relationships are omitted from this study due the inability to evaluate these methods with information contained in the assembled database.

Figure 4. Keaveny (1985) chart solution along with original test results and Mayne (2007) approximation of
the chart.
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5 DEVELOPMENT OF NEW METHODS TO PREDICT RIGIDITY INDEX
Due to the difficulty in obtaining high quality samples, cost of performing lab tests, and natural site
variability, it is desirable to predict IR using in-situ methods like the CPT. The undrained strength required for estimating IR is considered using two different approaches. The first approach (Method A)
utilizes the actual laboratory measured values in the database to estimate IR. This method does not circumvent the use of laboratory data, but is used to provide a direct comparison with empirical methods.
The development of new simplified methods for estimating IR is enabled through use of several database
trends and is proposed as follows:
∗

_

′

∗

′

(4)

where Method A assumes G50/Gmax is 0.26 (empirical estimate from Figure 2), Gmax is obtained from
seismic CPT tests, and su is obtained from laboratory tests.
The second approach (Method B) uses only seismic CPT data. A normalized strength relationship is
used (assuming values for S and m) and the preconsolidation stress is estimated using a factor of 0.33
(Mayne 2007). Method B enables estimation of IR solely from CPT data using the following symbolic
and functional equations:

∗

′

∗

∗
∗

′

_

0.26 ∗

′

′

∗
′

∗
.

∗

.

′

(5)

(6)

.

∗

∗ ′

′

If Vs measurements are unavailable for a given site, correlations can be used to estimate Vs from CPT
measurements for use in determining Gmax. Wair et al. (2012) lists several methods to estimate Vs from
CPT measurements. Note that Gmax would then be estimated from Vs and density correlations, increasing
the scatter of estimating Gmax.
6 EVALUATION AND VALIDATION OF METHODS
The Keaveny (1985) chart solution, Method A, and Method B were evaluated against the measured IR
values in the experimental database. Figure 5 presents a comparison between measured and predicted IR
for each method. These results show that Keaveny (1985) consistently under predicts IR while Method
A (which uses the laboratory based su and empirical G50/Gmax relationship) and Method B (which uses
empirical correlations and CPT data) perform well. Residual values (Fig. 6) are not biased toward OCR
or PI and are mostly between +/-0.5.
It is important to note that Methods A and B are both based on fewer data points than the Keaveny
(1985) method. There seems to be less scatter between data points when using Keaveny (1985) than
when using Methods A or B. Keaveny's solution, however, tends to under predict IR, resulting in larger
residual values compared to Methods A or B. Overall Method B performs comparably, if not better,
than Method A and the Keaveny chart solution and only requires the use of CPT data and correlations.
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Figure 5. Comparison of predicted to measured rigidity index values using (left to right): Keaveny (1985),
Empirical G50/Gmax based Method A, and Empirical G50 / Gmax based Method B.

Figure 6. Residuals of the Empirical G50 / Gmax Based Method A (top) and Method B (bottom) as a function of
OCR (left) and PI (right)

7 CONCLUSIONS
A literature review was performed in order to determine the most appropriate shear modulus and undrained strength to determine IR using the CPT (Broussard 2012). Researchers suggest the use of G50 is
appropriate for IR since it most likely represents an average response of the soil around an advancing
cone. CAUC tests also appear to provide the most reasonable values for su mobilized around an advancing cone. An extensive database of lab tests from various clay sites was used to evaluate empirical trends
and develop empirical relationships for estimating IR. The trends in IR as a function of OCR and PI were
then used to develop two different approaches for estimating IR (with and without the use of laboratory
tests).
Several methods for predicting IR were compared to measured values of IR. On average the empirical
methods (A and B) were shown to appropriately predict IR. In order to verify the usefulness of CPT results, OCR correlations derived from the CPT were used to determine su using the SHANSEP frame733

work. The results suggest that application of Method B (Eq. 6) using only seismic CPT data is useful if
the soils follow the stress normalization of undrained strength concept presented in the SHANSEP
methodology.
This paper has shown that the use of only an in-situ CPT can be sufficient for prediction IR to a degree of uncertainty without the need for additional laboratory tests. CAUC tests on high quality samples
are recommended for more precise estimations of IR.
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ABSTRACT: This paper presents the results of a set of piezocone tests (CPTU) recently carried out in the
silty sand-sandy silt deposits forming the subsoil of Mirabello village (Emilia-Romagna, Northern Italy),
where an earthquake sequence took place in May 2012, triggering extensive liquefaction-induced ground
effects. Attention is focused on the analysis of a number of piezocone tests performed at different, nonstandard penetration rates, ranging from 10 to 130 mm/s. The idea is to investigate the rate effects on penetrometer measurements in these intermediate soils, taking into account that in such sediments partial
drainage conditions are very likely to occur during cone penetration at standard penetration rates and that
such effect should be taken in careful consideration in order to properly interpret field data for geotechnical characterization. Results from piezocone tests, including a number of pore pressure dissipation
measurements, are analyzed according to well-established procedures as well as advanced methods recently proposed in the literature.

1 INTRODUCTION
Over the last decades cone penetration testing, with or without pore pressure measurements
(CPTU/CPT), has become the most widely used in-situ testing technique for stratigraphic profiling and
site characterization. The amount of knowledge so far gained on the interpretation of CPT/CPTU in
sands and clays, in terms of fundamental mechanics of cone penetration, soil classification charts and
both theoretical and empirical correlations for the estimate of soil parameters, is undoubtedly wide.
However, a problem may arise when the existing interpretation approaches, developed for “standard”
clays and sands, are evaluated for analysing CPT measurements in silts or other complex natural soil
mixtures, such as sandy silts, silty or clayey sands. Indeed, these intermediate geomaterials are often
characterized by permeability values within the range in which partial drainage is very likely to occur at
the standard penetration rate of 20 mm/s, hence the application of the available and widely-known interpretation procedures, based on a clear distinction between drained and undrained conditions, may result
in invalid estimates of soil parameters.
In recent years, the issue of partial consolidation during cone penetration has been discussed in a
number of contributions (e.g. Schnaid et al., 2004; Randolph, 2004; Schneider et al., 2007), all showing
the importance of a preliminary assessment of drainage conditions in order to properly interpret the in
situ soil response. Following the pioneering work of Randolph & Hope (2004), piezocone tests (CPTU)
carried out at different penetration rates are now widely recognized as a simple and effective way to analyse the effect of partial drainage on penetrometer measurements and to detect the transition point from
undrained to partially drained and drained responses.
In the context of non-standard penetration rate tests, the available experimental studies have mainly
737

a)

b)

Figure 1: a) Satellite view of the Village of Mirabello and location of the test site; b) Shake map for the Emilia
earthquake (Courtesy of L. Martelli, Servizio Geologico, Sismico e dei Suoli, Emilia Romagna Region)

dealt with centrifuge physical models and laboratory reconstituted specimens of normally consolidated
kaolin clay or silty clay (e.g. Randolph & Hope, 2004; Schneider et al., 2007; Lehane et al., 2009;
Oliveira et al., 2011). By contrast, very few contributions (Kim et al., 2008; Tonni & Gottardi, 2010;
Suzuki et al., 2012) are based on results from field scale tests and full size penetrometer.
This paper presents the results of a set of variable rate CPTU recently carried out at Mirabello (Figure
1), a small village located in the eastern part of the Po River alluvial plain, close to the historical city of
Ferrara (Northern Italy). In this area, extensive liquefaction-induced ground effects, including surface
fractures, sand craters and abundant ejection of sands from both fractures and water wells, were observed after the main shock (M = 6.1) of the seismic sequence that struck a wide portion of the EmiliaRomagna Region since mid-May 2012 (Lo Presti et al., 2013).
In this study attention has been strictly focused on the analysis of CPTU measurements collected
within the sandy silts and silty sands forming the upper 10 m of the Mirabello subsoil and the different
soil response in relation to the different penetration rates is discussed. Special emphasis is given to the
interpretation of dissipation tests, using both conventional and recent advanced approaches (DeJong &
Randolph, 2012) for the estimate of the horizontal coefficient of consolidation ch.
2 SITE DETAILS AND PIEZOCONE TESTING PROGRAMME
The subsurface geology of the Emilia earthquake epicentral area is characterized by the presence of
compressional structures of the Apennines that are covered by marine and continental clastic deposits of
the Po Plain. The surficial Holocenic deposits, due to fluvial aggradation of both Po River and its Apennine tributaries, mainly consist of silts and clays, with interbedded sand levels associated with ancient
riverbeds or flooding events. An extensive overview of the geology of this area can be found elsewhere,
e.g. Lo Presti et al. (2013). It is worth observing here that the village of Mirabello was built along an
abandoned reach of a local watercourse (Reno River) that was subjected in late 1700 to an artificial diversion in order to avoid recurrent flooding.
The CPTU presented in this study were carried out in a flat industrial area located just outside the
centre of Mirabello. Here, diffuse liquefaction phenomena, with some local intense effects, occurred and
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a)

b)

Figure 2: a) Ground fractures and associated sand ejection observed at Mirabello industrial area after the 20th
May earthquake; b) damages in the center of the village (Courtesy of Prof. G. Vannucchi, University of Florence,
Italy).

caused major damages to industrial buildings, as shown in Figure 2. The experimental programme included No. 5 adjacent CPTU, performed along verticals located within a 2 m distance so as to minimize
any possible uncertainty in the data interpretation due to horizontal spatial variability. The adopted cone
penetration rates v, held constant in each tests, were equal to 10, 20, 40, 80 and 130 mm/s.
Figure 3 shows the corrected cone resistance qt, the pore pressure u2 and the sleeve friction fs measurements from the first test CPTU-0, performed at standard v = 20 mm/s, taken to 20 m depth. Such profiles detail an alternation of sand and silt mixtures from ground level to approximately 8 m in depth,
with local thin lenses of finer sediments, followed by a predominantly clayey unit.
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Figure 3: CPTU-0 log profiles (2 cm/s) and Soil Behaviour Type (SBTn) profile according to Robertson (2009).
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This stratigraphic condition is clearly described by the well-known and newly revised CPTU-based classification framework proposed by Robertson (2009), aimed at identifying the in situ soil behaviour type
(SBTn). As shown in the last plot of Figure 3, the upper 4 meters of the Mirabello subsoil mainly consist
of an alternation of silty sands/sandy silts (SBTn = 5), silts (SBTn = 4) and silty clay (SBTn = 3); from 4
to 8 m in depth, sediments are somewhat coarser (sands/silty sands), with occasional presence of clay
and organic soils; below 8 meters, sediments are classified as clay-silty clay. Besides, according to the
CPT-based approach proposed by Robertson & Wride (1998) for the assessment of soil liquefaction potential, the factor of safety within the silty sands from 4 to 8 m turns out to be generally below 1.0, thus
confirming the susceptibility of these sediments to cyclic liquefaction. The analysis was carried out by
assuming a magnitude M = 6.14, peak ground acceleration PGA on bedrock = 0.15 and stratigraphic
amplification factor = 1.5.
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Figure 4: Piezocone profiles of adjacent tests at different penetration rates.
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Figure 5: Dissipation curves carried out at a depth of 5.8 m, for different penetration rate tests.
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0.2

The complete set of CPTU measurements obtained from the non-standard penetration rate tests
(CPTU A, B, C, D) are plotted in Figure 4. Data were collected in Spring 2013, after a period of heavy
rainfall causing the water table to rise close to the ground surface (zw  1 m). By contrast, CPTU-0 was
carried out a few months before, when the water table was located at approximately 3 m in depth. The
attention was focused on the shallow sand and silt mixtures, 8 m thick, initially detected by the standard
CPTU-0, hence the non-standard tests were always stopped at a depth of 10 - 11 m.
Finally, dissipation tests were performed in each test at a depth of approximately 5.8 m (Figure 5).
The application of the well-known method proposed by Teh & Houlsby (1991) for the estimate of the
horizontal coefficient of consolidation ch has provided the values reported in Table 1, obtained by assuming a rigidity index Ir equal to 380. As expected, this procedure results in similar values of ch for
tests at v = 80 mm/s and v = 130 mm/s, when fully undrained conditions are very likely to apply in accordance with the assumptions of the method. Further remarks on the determination of ch in relation to
different degrees of drainage during cone penetration will be provided in Section 4.
Table 1: Summary of the horizontal coefficients of consolidation values for silty soils, according to Teh & Houlsby (1991).
Test

Depth
m

v
mm/s

t50
s

ch
m2/s

CPTU4
CPTU8
CPTU13

5.86
5.84
5.82

40
80
130

32
57
71

4.8·10-5
2.7·10-5
2.2·10-5

3 ANALYSIS OF PENETRATION RATE EFFECTS
Despite a certain difficulty in interpreting field data in comparison with other published centrifuge
test results, the accurate analysis of CPTU profiles plotted in Figure 4 reveals a general slight decrease
of qt together with an increase of u when the penetration rate v varies from 10 mm/s to 80 mm/s. By contrast, a gain in cone resistance is observed when the penetration velocity is equal to the maximum value
vmax = 130 mm/s. A similar effect, which is likely to be attributed to viscous phenomena, has been reported by others for field, calibration chamber CPTs or centrifuge testing performed on fine soils under
undrained conditions (e.g. Powell and Quarterman, 1988; Randolph, 2004).
According to such experimental results, it seems reasonable to assume that a penetration rate equal to
80 mm/s, where qt is minimum, corresponds to a fully undrained behaviour with negligible viscous effects. Additional tests, performed at cone velocities within the range 80130 mm/s, could undoubtedly
help in identifying more accurately the transition point to fully undrained conditions.
In order to get a better insight into the rate effects in these intermediate soils, the collected CPTU data
have been plotted in terms of v. Points in Figure 6 have been obtained by calculating the average of the
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Figure 6. Effect of penetration rate on the cone resistance qt, pore pressure u2 and sleeve friction fs measurements.
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measured qt, u2 and fs values within thin homogeneous soil layers, from 5.3 to 6.6 m in depth. As evident
from the graphs, the cone resistance at v = 10 mm/s is approximately 30% higher in comparison with its
minimum value assumed at v = 80 mm/s, whilst the pore pressure u2 shows a peak at v = 80 mm/s and
then decreases when v = 130 mm/s. The trend behaviour of fs is similar to that observed for qt, although
it is well-known that sleeve friction measurements are generally less reliable in comparison to cone resistance and pore pressure measurements.
The way in which different penetration rates may affect the in situ soil response is also illustrated in
Figure 7 with reference to the rather sophisticated classification chart recently developed by Schneider et
al. (2008). The approach, based on the normalized variables Q = (qt - v0)/'v0 and u/'v0, was primarily
derived to aid in separating whether cone penetration is drained, undrained or partially drained, hence it
is recognized as superior to other classification frameworks when evaluating CPTU measurements in
clayey silts, silts, sandy silts and transitional soils. Data points collected from 5.3 to 6.6 m in depth fall
in the domain of transitional soils, with a tendency to move towards the “essentially drained behaviour”
when the adopted cone velocity v corresponds to the minimum value (10 mm/s).
Finally, CPTU measurements have been analysed in terms of the normalized variables ∆u2/∆u2ref and
Q/Qref as functions of the normalized cone velocity V:
V

vd
ch

(1)

where d is the penetrometer diameter (35.7 mm). According to this approach, originally proposed by
Randolph (2004) and recently revised by DeJong & Randolph (2012), normalization of CPTU measurements ∆u2 and Q is performed with respect to the reference values of the excess pore pressure ∆u2ref
and cone resistance Qref measured in fully undrained conditions (i.e. in this study v = 80 mm/s). The experimental data points reported in Figure 8 have been plotted together with the ∆u2/∆u2ref - V and q/qref
– V trend curves obtained using the equations proposed by DeJong & Randolph (2012):

u2
1
1
c
u2 ref
1  V / V50 

(2)

Qdrained / Qref  1
Q
 1
c
Qref
1  V / V50 

(3)
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where the V50 is the normalized velocity corresponding to the penetration velocity at which one-half of
the excess pore pressure for undrained penetration is mobilized, whilst the exponent c is the maximum
rate of change in ∆u2/∆u2ref with V.
A reasonable agreement with the limited number of experimental data has been obtained by assuming
V50, c and Qdrained/Qref equal to 5.11, 0.93 and 1.97 respectively. Besides, the value of ch adopted for determining V has been obtained from the Teh & Houlsby method, mentioned in section 2. It turns out that
drained cone penetration, corresponding to ∆u2/∆u2ref < 0.05, occur at V less than 0.3, hence partial
drainage conditions apply when a standard rate of penetration is adopted. Besides, given the very slow
penetration rate required for fully drained conditions, the ratio Qdrained/Qref is very difficult to determine
in the field.

Figure 8. Effect of normalized penetration rate on cone resistance and excess pore pressures.

4 SOME REMARKS ON THE EVALUATION OF THE COEFFICIENT OF CONSOLIDATION
It is well-known that partial drainage during cone penetration reduces the initial excess pore pressure in
comparison with a fully undrained soil response, hence the application to dissipation tests of the wellknown and widely accepted interpretation methods, based on the assumption of perfectly undrained
conditions, can result in inaccurate estimate of the horizontal coefficient of consolidation, ch.
Following Teh & Houlsby (1991), DeJong and Randolph (2012) have recently developed a procedure
for the evaluation of ch, accounting for different drainage conditions. The approach provides a direct relationship between a modified time factor Tf, associated with a given percentage f of excess pore pressure dissipation referred to an initial u0 in partial drainage conditions, and the normalized velocity V defined in eq. (1). The horizontal coefficient of consolidation ch is then obtained from T50, on the basis of
an assumed value of the rigidity index Ir. The application of the method to the available data provided ch
= 3.0810-5 m2/s, rather close to the value obtained using the Teh & Houlsby approach for v = 80 mm/s,
when undrained conditions are very likely to apply. On the other hand, under partially drained conditions, the well-known Teh & Houlsby (1991) procedure provides slightly smaller ch values.
5 CONCLUSIONS
This paper has presented the results of a set of piezocone (CPTU) tests carried out at different, nonstandard penetration rates in the liquefaction-prone silty sand deposits forming the subsoil of Mirabello
village (Emilia-Romagna, Northern Italy). Attention has been focused on the effect of penetration rate
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on cone resistance and pore pressure measurements, with the aim of identifying drainage conditions
when CPTU are performed at a standard rate. Indeed, in these sediments partial drainage is very likely to
occur during conventional CPTU and this effect should be taken in careful consideration in order to
properly interpret field data in terms of geotechnical parameters. Previous experiences in the context of
variable rate CPTU tests have mainly dealt with centrifuge physical models and predominantly fine sediments, like clays or silty clays. By contrast, this study has provided a preliminary contribution in the
analysis of the rate effects on natural sand and silt mixtures using a full size penetrometer.
Following recent interpretation procedures proposed in the literature, the available data have been analyzed in terms of normalized CPTU measurements and normalized velocity, so as to derive trend
curves of cone resistance and excess pore pressure. Furthermore, estimates of the horizontal coefficient
of consolidation ch have been obtained using the well-established method proposed by Teh and Houlsby
as well as a recent, advanced approach accounting for partial drainage phenomena. Results have shown
that neglecting partial consolidation may introduce possible inaccuracies in the estimate of ch.
Finally, it is worth observing that, despite a substantial lack of contributions on this issue, partial consolidation might probably affect the evaluation of soil liquefaction susceptibility from CPTU. However,
the common use of a correction factor related to fines content, together with a stress normalization of qt
that depends on the soil behavior type index, allows accounting for the intermediate nature of the sediments and therefore implicitly includes in some way the effect of partial drainage on the liquefaction
analysis. Indeed, the results obtained in this study on the Mirabello piezocone data, using the wellknown Robertson & Wride method, are fully consistent with the observed liquefaction phenomena.
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ABSTRACT: This paper explores the capability of cone penetration (CPT/CPTU) as an effective tool to
estimate primary and secondary compression coefficients in silts, silt mixtures and sand mixtures. The
study uses, as a reference database, part of the large amount of CPTU data and subsoil deformation measurements assembled over the last years at the Treporti Test Site (Venice, Italy), within an extensive research project aimed at thoroughly analyzing the stress-strain-time response of the complex assortment of
sandy and silty sediments forming the Venetian lagoon subsoil. The development of CPTU-based empirical correlations, providing reliable estimate of the compressibility characteristics of such intermediate
soils, may be very useful for geotechnical practice in the Venetian lagoon area or similar depositional environments, since undisturbed sampling of these sediments is very difficult to achieve and geotechnical
characterization of this deposits must essentially rely on in situ testing.

1 INTRODUCTION
Application of cone penetration (CPT/CPTU) for estimating time-dependent settlements in fine-grained
soils has traditionally mainly dealt with deformations due to primary consolidation. Attention has been
especially focused on the estimate of the one-dimensional constrained modulus M and various CPTbased methods (e.g. Senneset et al., 1982; Senneset et al., 1988; Kulhawy & Mayne, 1990) have been
proposed in the geotechnical literature in order to derive reliable values of such parameter. In recent
years, rather elegant approaches have been developed, providing a unified framework for the estimate of
M with respect to different grain-sized sediments, ranging from clays to silts and sand mixtures (e.g.
Robertson, 2009). On the other hand, little attention has been given to the use of CPT for the evaluation
of the dimensionless coefficients Ccε and C, describing the 1-D deformation characteristics of fine soils
during primary and secondary compression respectively. Besides, very few information can be generally
found for a proper evaluation of the compressibility parameters in silts and other intermediate soils.
This paper explores the capability of piezocone tests (CPTU) as an effective tool to estimate Ccε and
C in silts as well as in natural silt and sand mixtures, starting from the experimental data collected in
the context of a long-lasting research project carried out at the Treporti Test Site (Venice, Italy) with the
aim of better understanding the mechanical response of the predominantly silty deposits of the Venetian
lagoon area. Empirical, site-specific correlations for estimating primary and secondary compression
characteristics are proposed on the basis of the in-situ soil deformations occurred beneath a full-scale
test bank, from its construction throughout approximately six years. Taking this very well documented
case study as a base, the idea is essentially to emphasize and discuss some key issues on the use of piezocone tests for geotechnical characterization of intermediate soils and provide a useful contribution for
engineers working with these natural silt mixtures or other similar silty soils worldwide.
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Figure 1. Construction history of the test bank and associated settlement measured beneath the loaded area, together with the location of piezocone tests.

2 SITE DETAILS AND PIEZOCONE TESTING PROGRAMME
The Treporti test site (TTS) was set up within a major research project aimed at better understanding the
stress-strain-time response of the heterogeneous, predominantly silty sediments forming the Venetian
lagoon basin. In this area, a full-scale 6.7 m high, 40 m diameter, vertical-walled cylindrical test bank
was progressively built and continuously monitored over approximately 6 years in terms of a number of
relevant parameters (Simonini, 2004). Among the advanced and varied monitoring devices installed
within the loaded area, a crucial role in the analysis of subsoil compressibility was played by four sliding
deformeters, providing soil axial strain measurements at 1m intervals with a precision of ± 30 m.
The extensive in situ testing campaign for the detailed geotechnical characterization of the whole area
was divided into three main different phases, by first performing a large number of CPTU and DMT
tests prior to the loading bank construction, followed by a few tests carried out from the top of the bank
at the end of construction and by some additional final tests carried out after its gradual removal. Details
can be found in Tonni & Gottardi, 2011. Figure 1 shows a scheme of the construction history of the test
bank, together with the curves of surface vertical displacements obtained from the sliding deformeters
and from a GPS receiver located in the centre of the bank. A plan with the location of the CPTU performed within the loaded area in the first phase of the testing campaign, with an emphasis on the four
tests (labelled as 14, 15, 16, 17) adjacent to the sliding deformeters, is also sketched in the figure.
A typical CPTU profile of the highly stratified Venetian subsoil is reported in Figure 2(a), expressed
in terms of the corrected cone resistance qt, the sleeve friction fs and the pore pressure u2 of CPTU 15, in
conjunction with the grading characteristics obtained from the soil samples of an adjacent borehole. The
sounding details a well-defined top layer of fine clean sands, 6-7 m thick, followed by a silty unit from 8
m to 20 m in depth with interbedded sands at approximately 17 m. Another significant sandy layer is located from 20 to 23 m depth, while a complex alternation of silty sands, sandy silts and clayey silts, with
occasional presence of peat, can be identified down to a depth of 40 m.
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Figure 2. (a) CPTU 15 log profiles; (b),(c),(d) corrected cone resistance profiles of CPTU 14, CPTU 16, CPTU17.

By comparing these results with the qt profiles from tests 14, 16, 17 reported in columns (b), (c) and
(d), a certain horizontal spatial variability can be observed, especially with reference to the interbedded
sandy layer within the silty unit, which is not detected in all the CPTU tests.
Over the last years, a significant amount of research has been carried out on the analysis of the wide
TTS database and a large subset of the available field measurements has been interpreted in terms of
stress history and compressibility characteristics of Venetian soils (Tonni and Gottardi, 2010, 2011;
Tonni and Simonini, 2013). On the basis of the settlement trend observed beneath the test-bank as well
as the in situ pore pressure measurements, it was found that in these sediments the rate of consolidation
is quite high and typically described by values of the horizontal coefficient of consolidation ch in the
range 10-5  10-6 m2/s. Hence, secondary compression generally plays an important role in the deformation processes of these soils.
The overall analysis of piezocone data, in conjunction with subsoil strain measurements, has primary
shown that the existing interpretation approaches, developed for standard sands or clays, generally result in invalid estimates of the mechanical parameters and thus require considerable modification to provide the best correlation for these predominantly silty sediments. Difficulties in the interpretation of
CPTU data using conventional methods might undoubtedly arise from consolidation characteristics and
possible partial drainage effects during cone testing. Indeed, as a consequence of the essentially silty nature and the complex macrofabric of Venetian sediments, different degrees of partial drainage are very
likely to occur under a standard rate of penetration, with significant implications on pore water pressure
and cone resistance measurements as well as on the reliability of the design correlations.
From calibration of the available subsoil deformation measurements associated with primary consolidation, site-specific correlations for the estimate of the one-dimensional constrained modulus M, allowing a unified description of Venetian soil compressibility irrespective of the different grain-sized soil
classes, were first developed (e.g. Tonni & Gottardi, 2011). More recently, research has focused on the
use of piezocone measurements for the evaluation of the one-dimensional creep characteristics of these
sediments (Tonni & Simonini, 2013), as an alternative on the classical laboratory tests. In what follows,
further developments will be discussed as regards the dimensionless coefficient Ccε, useful for the estimate of primary consolidation settlements in the virgin compression domain.
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Figure 3. Local vertical displacements recorded at different times by the sliding deformeters S1, S2, S3 and S4.

3 VERTICAL DEFORMATIONS BENEATH THE TEST BANK
Plots of the local vertical displacements measured by the sliding deformeters S1, S2, S3 and S4 are
shown in Figure 3. Curves have been obtained by plotting the subsoil displacements measured immediately after the end of the bank construction (March 2003) and just before starting the gradual removal of
the bank itself (April 2007). As a consequence of the horizontal spatial variability of the Treporti subsoil, the deformation process didn’t develop symmetrically with respect to the bank centreline. Besides,
it must be observed that the maximum horizontal displacements provided by the inclinometers located
just outside the bank turned out to be one order of magnitude smaller than the total vertical displacements recorded by the adjacent sliding deformeters, thus confirming that deformations beneath the test
bank prevalently developed in the vertical direction. The most significant vertical strains occurred in the
shallow silty-clay layer and within the silty unit, whilst contribution of soil layers below 30 m appears
negligible due to the rapid reduction with depth of the induced stress increments.
An effective description of the subsoil deformation can be obtained by plotting the field differential
displacements as curves of vertical strain v versus the logarithm of the effective vertical stress v. A selection of such curves derived from strain measurements along the centreline is shown in Figure 4(a).
All plots approximately exhibit the same shape, similar to typical trend of v - logv observed in oedometer tests, with an evident change in the curve slope that can be interpreted as an approximation of
the preconsolidation pressure p (Simonini, 2004). The latter part of the v - logv curve is due to
strains occurred from the end of the bank construction until its removal.
Field differential displacements have been also analyzed in terms of the logarithm of time logt, as
shown in Figure 4(b) for the sliding deformeter S3. Again, the resulting curves basically recall the plots
of the deformation dial readings versus time for a given load increment in an oedometer test. The latter
part of the curves, derived from deformations occurred after the bank construction, is usually found to be
sloping and approximately linear. Similar trends of subsoil deformations have been provided by the extra-centreline sliding deformeters S1, S2 and S4, although it must be emphasized that only for the central
S3 the assumption of 1D conditions can be reasonably accepted. Besides, from the combined analysis of
pore pressure measurements and vertical settlements with time, it turned out that primary consolidation
took place almost entirely during the bank construction, hence deformations occurred after the bank
completion are most likely to be ascribed to secondary compression.
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3.1 Primary compression
A compression ratio Cc has been obtained from curves of the type depicted in Figure 4(a), by calculating the slope of the approximately straight line describing soil compressibility along the centreline of the
loaded area in the normally-consolidated domain:

Cc 

 v
c
 c
 log  v 1  e0

(1)

By observing all the available v - logv curves, it turns out that a problem may arise in the selection
of representative values of Cc, since the virgin compression curves of some subsoil layers show a slightly concave upward shape and thus a variable slope with effective stress. Besides, in granular soils the
compression trend in the v - logv plane has been generally found non-linear, hence the determination
of Cc may be difficult in practice. The values of Cc adopted in this study have been calculated over the
load increments applied immediately after the estimated preconsolidation stress p.
Despite a certain scatter of results, most likely due to high heterogeneity and chaotic alternation of
different grain-sized sediments within the 1-m interval, it turns out that typical values of Cc for sands
generally fall in the interval 0.04-0.05. In very few cases such parameter turns out to be one order of
magnitude smaller, around 0.005. Higher values of Cc have been found in the silty layers from 8 to 20
m depth, with a mean value equal to 0.18. It is worth observing that compressibility of this soil unit varies within a quite large interval, ranging from 0.09 to 0.34. The highest values (0.23-0.34) have been
computed below 15 m depth, where the clay content of silty sediments become significant. These comments could be extended to the compression ratio values Cc* obtained from the extra-centreline sliding
deformeters S1, S2 and S4, though these are not strictly referable to 1D conditions.
3.2 Secondary compression
Secondary compression of the Treporti sediments has been described in terms of the coefficient C,
determined from the slope of the approximately straight line portion of the v - logt curves depicted in
Figure 4(b). This definition is analogous to the well-known secondary compression parameters C and
C obtained from oedometer testing:
C 

e
C
 v
 

 log t (1  e p )   log t 1  e p

(2)
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where ep is the void ratio at the start of the linear portion of the experimental e- logt curve. In this way, a
set of C has been computed at 1-m intervals, from 5 to 25 m depth.
On the basis of field evidence, Cε seems to slightly change with time, as shown by the straight to
concave-upward shape of the v - logt curves provided by S3. This behaviour essentially confirms that
observed by Leroueil et al. (1985), who reported a general non-linear response in long-term creep tests
and remarked that, similarly to the Treporti field response, normally consolidated specimens show a
continuously decreasing slope with the logarithm of time after primary consolidation.
In this study, C values have been eventually derived from data associated to the early stages of the
secondary compression process. In this way, C in silts turned out to generally vary between 0.0025 and
0.0052, with a mean value of approximately 0.0046. Secondary compression in sands is typically described by C in the range 0.00058-0.00093. It is worth remarking that the in situ secondary compression parameters C, as obtained from the sliding deformeter measurements, generally turn out to be
higher than values obtained from laboratory testing. A modified coefficient of secondary compression
C*, again not strictly referable to 1-D deformation conditions, has been also calculated from the slope
of the v - logt curves associated to the sliding deformeters S1, S2 and S4.
According to the field-based primary and secondary compression coefficient values, both the ratios
C/Cc and C*/Cc* generally fall in the interval 0.020.04, independently of the Venetian soil type.
Only coarse sediments from 20 to 22 m depth significantly exceed such upper limit.
4 CPTU-BASED INTERPRETATION OF PRIMARY AND SECONDARY COMPRESSION
The interpretation of the sliding deformeter-based C in terms of the corrected cone resistance qt has revealed that a general trend between such variables can be observed, as clearly shown in Figure 5a. The
plot includes about 70 paired observations of C and qt, obtained from side-by-side sliding deformeters
and piezocone tests, i.e. S3-CPTU14, S1-CPTU15, S2-CPTU16 and S4-CPTU17. The regression analysis based only on the experimental data recorded along the centreline (i.e. coloured symbols in Figure
5a) has provided the following correlation:

q 
C  0.066 t 
 pa 
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R2 = 0.74

(3)
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On the other hand, correlations expressed in terms of the dimensionless normalized cone resistance
Qtn (Robertson, 2009), based on a nonlinear stress normalization of qt and on variable stress exponents
as function of the soil behaviour type index Icn (Robertson, 2009) have been found to give higher coefficients of determination R2. Indeed, assuming a log-log relationship, the trend shown by centreline experimental points (coloured symbols) reported in Figure 5(b) can be expressed through the equation:

C  0.03  Qtn 

0.89

R2 = 0.83

(4)

It is worth observing that the use of Qtn has provided higher R2 also in comparison to the well-known
dimensionless cone resistance Qt, based on a linear stress normalization scheme (Wroth, 1984). A slightly better fit of the experimental data has been achieved by including the excess pore pressure ratio u/σv
as an additional factor into the Qtn - Cαε relationship, accounting in some way for the different pore pressure response of the heterogeneous Venetian sediments in relation to the drainage conditions around the
advancing cone (Tonni & Gottardi, 2010). Thus, the resulting correlations is given by:

C  0.077  Qtn 

1.14

 u 

 1 


v0 


0.74

R2 = 0.86

(5)

It must be emphasized that the application of eq. (5) is restricted to cases in which u/v0 > -1, thus
potentially excluding highly dilatant soils. However this is not the case of Venetian deposits, since such
sediments generally show a contractive or slightly dilatant behaviour. A possible drawback in the application of eq. (5) is related to the large oscillations at times observed in the pore pressure profiles of the
Venetian subsoil, causing significant uncertainties in the selection of a representative value of the excess
pore pressure ratio at each depth of calculation. Correlations similar to eqs. (4) and (5), though with
slightly lower R2, have been obtained by including in the regression analyses also the extra-centreline
data, thus confirming that Cαε, Qtn and the pore pressure ratio factor can be related in a rational manner.
Similarly, possible correlations between the primary compression coefficient Ccε and piezocone
measurements have been investigated. Following the procedure previously assumed for C, the simple
dependence of Cc on the effective cone resistance qt and the normalized cone resistance Qtn has been
examined, as shown in Figure 6. Compared to correlations described by eqs. (3) and (4), in this case the
regression analyses have provided moderate R2, probably due to the afore-mentioned uncertainties associated with the calculation of a unique, representative value of Cc from the field vertical deformations.
A very slight improvement is generally attained if multiple regression analyses are performed, includ751

ing either the Soil Behaviour Type Index (SBTn) Icn or a factor accounting for the excess-pore pressure
u, such as the ratio u/σv as well as the well-known pore pressure parameter Bq (Lunne et al., 1997).
From the large number of regression analyses, aimed at exploring various combinations of the different
variables, the following correlations have provided the best fit of the experimental data collected along
the centreline:

q 
Cc  1.32 t 
 pa 

1.20

q 
Cc  12.30   t 
 pa 

 I cn 

1.081

1.53


u 

 1 
  'v 0 

R2 = 0.63

(6)

R2 =0.63

(7)

0.33

with identical coefficients of regression R2. Unlike the case of C, the analyses carried out on Cc have
shown that the use of the stress-normalized cone resistance Qtn results in poorer correlations. On the other hand, no evidence of improvement has been observed when the net cone resistance (qt – v0) has been
taken as variable.
5 CONCLUSIONS
This paper has focused on the evaluation of the primary (Ccε) and secondary (Cε) compression parameters in natural sand and silt mixtures from CPTU, taking the experimental data collected in the silty deposits of the Venetian lagoon, which are largely recognized as the most well studied silt materials in the
world, as a base. The regression analyses have indicated a general trend between Cε and the normalized
cone tip resistance, with a significant improvement in the coefficient of determination when the correlation includes a dependence on the normalized excess pore pressure. By contrast, the derived correlations
for the estimate of Ccε from cone penetration measurements are generally characterized by moderate coefficients of regression, even when additional factors, accounting for the different soil classes or the pore
pressure measurements, are included in the statistical analysis. This latter result may be presumably due
to uncertainties associated with the calculation of a representative value of Cc from field deformation
data.
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ABSTRACT: The undrained shear strength of preloaded stabilized dredged sediments increases with curing time. Evaluation of in-situ undrained shear strength using cone penetration test (CPT) data normally
requires calibration of the CPT data with known undrained shear strength from vane shear test to obtain
the cone factor, which is normally utilized in CPT empirical correlation to estimate the undrained shear
strength. In this study, a new CPT empirical correlation for evaluation of in-situ undrained shear strength
is presented. The proposed empirical correlation utilizes the effective vertical stress characteristic ratio to
estimate the CPT induced stress, which was correlated to the in-situ undrained shear stress. The undrained shear strength computed using the proposed empirical correlation agrees reasonably well with the
undrained shear strength estimated using the established empirical correlation at a large-scale field test.

1 INTRODUCTION
Soft soil deposits have normally sufficient strength to support their own weight and other limited loadings.
Shear stresses within the soil deposits, which are also subjected to their own weight, can be regarded as
relatively low compared to the available shear strength to support self-weight and other loadings. It is well
known that failure of soil will occur when the induced shear stress becomes larger than the available shear
strength. According to researchers (e.g. Lunne et al., 1997; Robertson, 2009), the undrained shear strength
su from cone penetration test (CPT) data can be estimated from

su = (qt − σ v 0 ) N kt

(1)

where qt is the total cone resistance, σv0 is the total vertical stress and Nkt is the tip cone factor. The tip
cone factor Nkt is obtained by calibrating the CPT data with known undrained shear strength from vane
shear test (Kulhawy and Mayne, 1990). According to Robertson (2009) the values of Nkt ranges between
10 and 20 with an average value of 14 for insensitive soils. However, in stabilized soft soils and sediments, the undrained shear strength increases as the curing process progresses, which may require repeated calibration of CPT data to obtain the new value for Nkt with curing time. This can be time consuming
and costly.
The present work seeks to address the use of CPT induced stress to evaluate the undrained shear
strength of a preloaded stabilized contaminated dredged material (SCDM) utilized as structural backfill at
a large-scale field test at the Port of Gävle.
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2 LARGE-SCALE FIELD TEST AT PORT OF GÄVLE
Contaminated dredged fine sediments at high initial water contents can be amended with binders for reuse
in structural backfill. In order to assess the mechanical properties of in-situ stabilized dredged sediments, a
large-scale field test was carried out at the Port of Gävle in Sweden (Holm et al., 2012; Makusa et al.,
2012; Makusa, 2013). Mixing and backfill operations at the large-scale field test started at the end of October 2010 and continued through the end of December 2010. The dredged sediments at initial water content between 250% and 1000% were mixed with cement 40%, fly ash 40% and blast furnace slag (also
known as GGBS) 20% using the on-site pugmill to produce stabilized contaminated dredged material
(SCDM). The total amount of binders was 150 kg per cubic meter of freshly dredged sediments. The
SCDM was discharged in a reclaimed area by using underwater tubes connected to the pugmill as shown
in Figure 1. A total of about 8,000 m3 of the SCDM was utilized in a reclaimed area as a structural backfill
material. It is customary required to preload the stabilized mass immediately after mixing and placing in a
designated area for curing. According to Holm et al. (2012), the application of preloading weight was delayed because the immediate strength of the SCDM was too low to support the preloading weight. Thus,
the SCDM was preloaded with selected gravel on February 6, 2011 after gaining enough strength to support the first phase of preloading weight. For quality assurance and classification of soil behavior type,
several cone penetration tests (CPT) were carried out after several days (d) of curing. For the purpose of
this study, CPTs data from 16 test points at the large-scale field test were considered; the cone penetration
tests were as follows: six tests were carried out on February 23, 2011 after about 17d of curing following
the first day of preloading, four tests were carried out on April 15, 2011 after about 67d of curing, four
tests were carried out on June 20, 2011 after about 135d of curing and two tests were carried out on October 4, 2011 after about 250d of curing under preloading weight.
The first phase of preloading utilized selected gravel of about 1.0 m height (equivalent to an average
value of 18 kN/m2) applied in 4 days consecutively, which was approximately equal to 4.5 kN/m2/day.
The second phase of preloading, which was carried out after about 28d (March 7-16, 2011) utilized the
same selected gravel of about 1.5 m height (equivalent to an average value of 27 kN/m2) applied in 9 days
consecutively, which was equivalent to 3.0 kN/m2/day. No significant excess pore pressure was recorded
during the period of preloading (Holm et al., 2012). This study, evaluates the undrained shear strength of
the SCDM utilizing vertical stress characteristic ratio.

Figure 1. Stabilization of contaminated dredged sediments for use as structural backfill material (Makusa, 2013).
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3 INITIAL VERTICAL STRESS AND STRESS CHARACTERISTICS
3.1 Initial vertical stress
Vertical stresses in a soil deposit can be described in terms of total vertical stress and effective vertical
stress. Conventionally, initial effective vertical stress σ´v0 is normally given by

σ v′0 = σ v 0 − u0

(2)

where u0 is the hydrostatic pore water pressure (Terzaghi et al. 1996).
3.2 Initial stress characteristics
According to Lunne et al (1997), the compression index Cc can be given by
Cc =

2.3(1 + e0 )σ v′0
M

(3)

where e0 is the initial void ratio and M is the constrained modulus. By rearranging Eq. (3), the compression ratio Cr can be obtained from
2.3σ v′0
Cc
=
= Cr
1 + e0
M

(4)

Thus, by Eq. (4), the initial effective vertical stress and compression ratio are interrelated by
2.3σ v′0 = MCr

(5)

The expression above was hereby referred to as effective vertical stress-characteristics. The term to the
left side of Eq. (5) contains no void ratio, which means that there is also a link to the total vertical stresscharacteristic (e.g. for soil above the phreatic surface where, the total vertical stress is normally regarded
as equal to the effective vertical stress). As a result, Eq. (5) can also be written in terms of total vertical
stress-characteristic in form of
2.3σ v′0 = k 0σ v 0

(6)

where k0 is the effective vertical stress-characteristic ratio given by k0 = 2.3σ´v0/σv0. The value of k0 depends on the unit weight of the soil and not on the depth of the deposit. For soils below the phreatic surface, the value of k0 can be utilized to estimate the initial effective vertical stress using hydrostatic pore
water pressure as described below.
3.3 Initial effective vertical stress in terms of stress characteristic ratio
By Eq. (2) and Eq. (6) the initial effective vertical stress can be estimated from

σ v′0 = k 0u0 (2.3 − k 0 )

(7)

Consequently, by Eq. (7), the effective vertical stress induced by cone penetration and the undrained shear
strength can be estimated as discussed hereafter.
4 ESTIMATING INDUCED EFFECTIVE VERTICAL STRESS
During a cone penetration test (CPT), shear stress is induced in the soil as the cone advances. The induced
shear stress results in failure of the surrounding soil. The resistance of the soil to the CPT penetration is
755
3

normally recorded at the tip of the cone and reported as total cone resistance qt. Thus, the CPT measures
the total vertical stress. By Eq. (7) the initial effective vertical stress was estimated using hydrostatic pore
water pressure u0 and the effective vertical stress-characteristic ratio k0; it follows by intuition that the increase in effective vertical stress due to applied CPT pressure will also be influenced by k0 in a similar
way as hydrostatic pore pressure u0. Consequently, resistance of CPT to penetration will be affected by k0
as well such that, for the cone to advance, the increased effective vertical stress must overcome the initial
effective vertical stress given by Eq. (7) at a controlled rate of penetration. As a result, the effective vertical stress induced by CPT to overcome the initial effective vertical stress and result in failure of the stabilized mass was empirically given by

′ = k 0 (qt − u 0 ) (2.3 − k 0 )
σ CPT

(8)

The CPT induced stress was found to be proportional to the undrained shear strength of preloaded stabilized contaminated dredged material (SCDM). Consequently, in this study the undrained shear strength su
of the SCDM at the large-scale field test was estimated using
′
su = 0.1σ CPT

(9)

where 0.1 is a proportionality constant. Notice that the value of the constant is equal to the penetration
length. According to Sandven (2010) for sampling interval of 20 mm and 50 mm, the penetration length is
equal to 0.1 m and 0.2 m, respectively. The sampling interval of 20 mm was utilized during the cone penetration tests at the large-scale field test at the Port of Gävle. In this study, the undrained shear strength
from the large-scale field test obtained from Eq. (1) were compared with those obtained using the proposed CPT empirical correlation presented by Eq. (9).
5 RESULTS
Figure 2 presents the effect of curing period on the average effective vertical stress-characteristic ratio k0,
CPT induced vertical stress σ´CPT, tip cone factor Nkt obtained by calibrating the CPT data using estimated
undrained shear strength from Eq. (9) and the undrained shear strength su of the SCDM at the large-scale
field test at Port of Gävle. Figure 3 shows comparison for undrained shear strength evaluated using Eq. (1)
with Nkt of 17 relative to Eq. (9) versus depth.
6 DISCUSSION
The influence of curing period on the strength of stabilized contaminated dredged material (SCDM) was
presented. Results of the study show that the effective vertical stress characteristic ratio k0 increased with
curing time as shown in Figure 2(a). As a result of increase in k0, the CPT induced stress also increased as
it can be seen in Figure 2(b). Calibration of the CPT data to obtain Nkt for Eq. (1) using the undrained
shear strength obtained from Eq. (9) indicated that the value of tip cone factor Nkt decreased from 24.8 at
the time of preloading to 14.5 after about 250 days of curing as presented by Figure 2(c). According to
Göran Holm (personal communication, May 16, 2013), a value of Nkt equal to 17 was utilized to evaluate
the undrained shear strength su at the large-scale field test. Figure 2(d) shows that the undrained shear
strength, which were obtained by Eq. (1) using Nkt = 17, and Eq. (9) were found to be within the same
range and trend of increase except for the values at the time of preloading (0d). Authors postulate the discrepancies between the average values of undrained shear strength obtained by Eq. (1) relative to Eq. (9)
that can be seen in Figure 2(d) could probably be due to the use of a constant value of Nkt of 17 in Eq. (1)
compared to the use of the value of k0 in Eq. (9). Nonetheless, Figure 3 shows reasonable agreement for
evaluated undrained shear strength versus depth beyond 0d of curing.
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Figure 2. Effect of curing period on (a) effective vertical stress-characteristic ratio k0 (b) CPT induced stress σ´CPT
(c) tip cone factor Nkt (d) undrained shear strength su evaluated with Nkt factor of 17 in Eq. (1) relative to Eq.(9).
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Figure 3. Evaluated undrained shear strength versus depth at the large-scale field test (a) at the time of preloading
(b) after 67 days of curing (c) after 135 days of curing (d) after 250 days of curing (Eq.(1) used Nkt = 17).

7 CONCLUSIONS
Evaluation of undrained shear strength of preloaded stabilized contaminated dredged material (SCDM) using cone penetration test (CPT) data was presented. Based on the findings of this study, the following
concluding remarks were drawn:
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• The stress characteristic ratio k0 is indeed a parameter representing in-situ strength.
• The induced shear stress due to CPT can be utilized to estimate the undrained shear strength of preloaded stabilized material with reasonable accuracy during the period of curing without the need for repeated
calibration of the CPT data.
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ABSTRACT: The primary superficial deposit within the greater Dublin region (Ireland) is a stiff
lodgement till, known colloquially as Dublin Bolder Clay (DBC). This material’s high stone content and
strength often make good-quality undisturbed sampling extremely difficult. CPT testing is still rare,
with present site investigation practice in DBC for routine design generally involving standard penetration testing. This paper brings together the body of knowledge and experience gained in the use of piezocone (CPTu) technology in characterising DBC deposits for 3 different sites, including the relationship between CPT cone tip resistance, qc, and peak undisturbed undrained strength. Although the CPT
data were ‘spiky’ on account of the high stone content and possible frequent dense sand/gravel lenses
present, significant features were identifiable including coarse seams present and the transition boundary between the brown DBC and underlying stiffer black DBC.

1 INTRODUCTION
The site investigation facilities of the geotechnical research group at Trinity College Dublin (TCD) include a 20 tonne CPT truck, purchased in 1996, which has been used to characterise many of the soil
deposits in Ireland (Faulkner et al. 1998). Within the greater Dublin region, the primary superficial deposit is a lodgement till, known colloquially as Dublin Bolder Clay (DBC). The genesis of DBC has
been reported by Farrell et al. (1995) and Skipper et al. (2005) and its geotechnical properties by Long &
Menkiti (2007), among others. The DBC deposits comprise a brown layer (BrDBC), typically 2–3 m in
thickness, overlying a black layer (BkDBC), typically 4–12 m thick. BkDBC material is a very stiff,
slightly sandy slightly gravelly silt/clay of low plasticity, which can contain frequent lenses of dense
sands and gravels (Long & Menkiti 2007). BrDBC material arises from the weathering processes affecting the upper levels of the underlying BkDBC (Farrell et al. 1995) and is usually firm/stiff in consistency. DBC material has high unit weight of ~22.5kN/m3 (Long & Menkiti 2007). The DBC deposits are
highly over-consolidated (they were deposited under ice sheets more than 1km thick), with reported
over-consolidation ratios of 15–30 and coefficient of earth pressure at rest values of 1.5 (Kovacevic et
al. 2008) and 3.0 (Lawler et al. 2011). DBC material is significantly stiffer (and stronger) than other
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well-characterised tills documented in literature; e.g. approximately 6–8 times stiffer than typical London Clay and ~5 times stiffer than typical Cowden till from the east coast of the UK, at least at a lower
strain range (Long & Menkiti 2007). Significant mechanical effort is required to excavate DBC material.
Sivakumar et al. (2013) have reported some anchor pullout tests performed in BrDBC along with detailed site investigation, including a CPT sounding. High stone content and strength often make goodquality undisturbed sampling extremely difficult. Triple-tube rotary techniques or block sampling
(where access permits) have been used but these are expensive and time consuming. Hence present site
investigation practice in DBC deposits for routine design generally involves standard penetration tests
(SPTs), with typical SPT N values of 50 ± 30 typical of the uppermost 10m depth of the BkDBC layer
(Lehane & Simpson 2000).
As reported in much literature, use of CPT technology provides the ability to collect larger amounts
of high quality data in order to develop detailed profiles of soil strength, stiffness and other properties
along with detailed cross-sections highlighting thin continuous layers, which ultimately impact on design decisions (Dasenbrock et al. 2010). Since DBC deposits often contain water-bearing sand/gravel
lenses, the CPT would be especially helpful in providing a continuous soil profile, detecting seams of
geomaterials that may otherwise be missed by the SPT, for which the stratigraphic detail (particularly
horizontal variation across a site) is comparatively crude and imprecise. The detection (if present) of
these coarse lenses is important; for instance in relation to slope stability and dewatering considerations
for steep slopes/deep excavations in such deposits.
CPT has been successfully used for investigating glacial till deposits; for instance offshore CPT was
extensively used for investigating heterogeneous glacial till deposits (undrained strength, su, of typically
250kPa to > 1MPa) encountered in connection with the Storebælt Link project, Denmark (Steenfelt &
Sørensen 1995). These till materials included gravels, cobbles, boulders as well as lenses and layers of
sand/gravel. In Ireland, however, use of CPT technology in DBC deposits is still rare and no serious
study has been performed using the CPT in these deposits or of the relationship between CPT cone tip
resistance, qc, and undrained strength, su, for DBC deposits. There is also the issue of what is the laboratory su of DBC material. Reported CPT data for DBC is limited to work performed by the TCD group
and reported by Faulkner (1998), Faulkner et al. (1998) and Sivakumar et al. (2013). The main reasons
given for the lack of use of the CPT include DBC deposits being considered as difficult ground (hard
ground conditions/obstructions; i.e. soil contains many stones/cobbles and occasional boulders), limited
penetration depths achieved and lack of experience with equipment and data interpretation. As reported
by Steenfelt & Sørensen (1995) for Danish tills, cone damage can occur and breakage and complete loss
of cones is a distinct risk for such deposits. There is also the potential risk of invalid data because, unknown to the CPT operator, penetrometers may be damaged slightly or malfunction in such difficult
ground conditions. To minimize the potential for cone damage, methods suggested by Lunne et al.
(2002) are adopted, namely having a presence of mind to realize there may be cobbles/boulders and that
sharp spikes in the qc profile and (or) rapid changes in inclination (> 1o/m push) should terminate the
hole. In instances where the location has a particularly difficult horizon that has been identified beforehand (e.g. from SPT soundings), predrilling/boring to just below this depth may be prudent before commencing CPT testing.
This paper brings together the body of knowledge and experience in the use of piezocone tests in
DBC deposits, including some original data from a highway embankment constructed of DBC material.
The 3 DBC sites investigated by the TCD group to date are Clonee (Faulkner 1998, Faulkner et al.
1998), the TCD Santry Sports Grounds (Sivakumar et al. 2013) and Finglas, Dublin. The study also investigates the value of the cone factor, Nkt, used to deduce undisturbed strength from measured qc values.
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2 EXPERIMENTAL METHOD
The subsurface investigation consisted of CPTu and SPT at the Clonee site and light cable-percussive
drilling and unconsolidated-undrained triaxial compression tests (cell pressure of 100kPa and strain rate
of 2%/min) for the Santry site. The CPT involved using a standard cone (10 cm2 face area) and penetration rate of 20mm/s, with readings logged every 2cm. However for the first testing of this type at the
Clonee site, a reduced cone penetration rate of ~5 mm/s was adopted. This reduction in rate, while having a relatively small influence on qc (Faulkner et al. 1998) gave the CPT operator adequate reaction
time to halt the cone advancement when a cobble/obstruction was encountered (i.e. sudden increase in qc
value), thereby preventing overstressing of the cone load cells. Pore pressure, ubt, was measured at the
shoulder of the cone. The triaxial compression tests were performed on ‘undisturbed’ samples (recovered using open-drive sampling tubes) and reconstituted specimens, 100-mm diameter by 200-mm high.
The reconstituted specimens were prepared by standard Proctor compaction of material retrieved at its
natural water content (close to plastic limit) using the clay-cutter. At the Santry site, the material had
water contents of 8–13% and stone contents (particles > 20 mm in size) of 5–15% over the depth range 0
to 2m. Lightweight dynamic penetrometer testing using the Mackintosh Probe (BS1377: Part 9 (BSI
1990)) was also trialled but the test data were of little value (predicting excessively high su values and
with considerable scatter) and hence are not presented in this paper.
3 EXPERIMENTAL RESULTS AND ANALYSIS
Figures 1, 2 show typical profiles of qc, sleeve resistance, fs, and friction ratio Rf (= qc/fs) obtained from
CPT testing at the Clonee, Santry and Finglas sites. The CPT data were heavily scattered with large dips
and peaks in an inconsistent pattern. Part of these anomalies can be expected to be related to the high
stone content and part may be assumed to originate from seams of sand/gravel present. For instance, at
the Santry site, the drillers log recorded a water-bearing stone/gravel seam at between 0.8 and 0.95m
depth, with the transition boundary between BrDBC and underlying BkDBC noted at 2.0m depth, approximately coincident with the standing groundwater table level. Features of the Santry qc profile are
consistent with these field observations, with a spike in qc values at between 0.8–0.95m depth, and the
transition boundary at 2.0m depth almost unequivocally identified by the CPT as a sudden significant
increase in qc and fs values (Figs. 1a, b). However, without the drillers log, it would generally be difficult
to distinguish between these possibilities, as is the case for the Clonee and Finglas sites (Figs. 1a, 2a).
Nevertheless, despite significant scatter, there is a clear trend of qc (and hence strength) increasing
with depth for both sites, with measured qc values consistent overall with the typical range of 15±5 MPa
reported by Lehane & Simpson (2000) for the uppermost 10m depth of the BkDBC. These high qc values (and N values reported later in the paper) are indicative of very hard or dense over-consolidated deposits. Values of Rf typically ranged 3–5%. Measured CPT pore pressures, ubt, at both sites were negative (typical of heavily over-consolidated clay), presumably on account of the strong tendency of DBC
material to dilate when sheared undrained (Long & Menkiti 2007). For instance, at the Santry site, pore
pressures of as low as –78kPa developed over the 2.5m penetration depth (see Fig. 3). There was a significant reduction in suction pressure at ~0.85m depth, coinciding with the presence of the water bearing
stone/gravel seam reported in the driller’s log. A slight reduction in suction pressure occurred in the vicinity of the BrDBC–BkDBC interface, which was also the location of the standing groundwater table
recorded onsite.
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Figure 1. CPT profiles for DBC deposits at Clonee and Santry sites: (a) tip resistance qc; (b) sleeve resistance fs;
(c) friction ratio Rf .

Faulkner (1998) and Faulkner et al. (1998) reported that normalised DBC data plotted on Robertson’s
(1990) soil behavioural type classification charts suggested a very stiff sand to clayey sand material; i.e.
soil type 8. They pointed out that such a description does not reflect the very low in-situ permeability of
DBC material seen in practice; e.g. coefficient of permeability of 10-9–10-11 m/s for intact BrDBC (Long
& Menkiti 2007). Classification of DBC deposits should improve with increased CPT usage, with increased likelihood of delineating the BrDBC and BkDBC layers from one another and from coarser
seams/features on the basis of CPT tests alone.
Figure 4 presents data from 9 CPTu tests performed in the core of a 3.2m high roadway embankment
at Finglas, Dublin. The fill material, a mixture of BrDBC and BkDBC materials, was relatively homogeneous although some tests still had to be terminated early (indicated by solid circles in Figure 4a). In
this case, the spiky nature of the CPT profiles presumably occurred mainly on account of stones present
and not due to distinct stone/gravel seams or larger cobble/boulder obstructions usually present in intact
DBC deposits. Hence some mathematical smoothing of the data seems reasonable, with the lower bound
for the 9 qc profiles defined by qc (in MPa) = 0.5z + 2; where z (in meters) is the depth below ground
surface level (Fig. 4a).
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Figure 2. CPT profiles for DBC deposits at Finglas site: (a) cone tip resistance qc; (b) sleeve resistance fs; (c) friction ratio Rf .
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Figure 5 shows peak undrained strength against depth profiles inferred from CPTu data for the Clonee
and Santry sites. Also included in this figure are measured undrained triaxial compression (TC)
strengths for the Santry site as well as strength values inferred from limited SPT data reported for the
Clonee site by Faulkner (1998) and Faulkner et al. (1998). The values of SPT N generally increased with
depth, with Faulkner et al. (1998) reporting much of the apparent variability occurring on account of
drilling disturbance and the influence of gravel seams/cobbles. With a typical plasticity index of 13%
(Long & Menkiti 2007), a factor of 6 was inferred between SPT N (blows/300mm) and su for DBC material using Stroud’s (1989) empirical correlation. The CPT su profiles were estimated from measured qc
values, applying a cone factor, Nkt, value of 15 (average value for lodgement tills reported by Lunne et
al. (2002)), which appears to produce a reasonable fit with the SPT su values (Fig. 5). Note CPT su data
are also consistent with TC su values for samples, although the latter generally tend to provide a lower
bound on account of some inevitable specimen disturbance and scale effects. Referring to Figure 1b, the
TC su values measured for the reconstituted specimens generally tend to provide a lower bound for CPT
fs, again on account of scale effects but also because particles larger than 20mm had been removed before compaction to produce the test specimens.
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The Nkt value of 15 deduced in the present study is consistent with values of 15 (Santry site) and 17
(Clonee site) reported for DBC by Sivakumar et al. (2013) and Faulkner (1998) respectively. It is probable that the BrDBC and BkDBC layers have different Nkt values, as suggested by Faulkner et al. (1998).
Given the limited data available in all of these studies, an Nkt value of 20 would provide some conservatism for design. In the case of the DBC embankment at the Finglas site (qc increasing from 2.0 to 3.6,
Figure 4a), an Nkt of 20 would infer a lower bound su range of 100 to 180kPa.
CONCLUSIONS
This study demonstrates that a 20 tonne truck with standard piezocone setup can be successfully used to
characterise Dublin Boulder Clay: a stiff lodgement till. Overall qc and fs increased with depth (Rf range
3–5%) although the CPT data were heavily scattered, with large dips and peaks in an inconsistent pattern on account of high stone content and possible frequent dense sand/gravel lenses present. Limited
penetration depths were sometimes achieved on account of occasional cobble/boulder obstructions encountered. Measured CPT pore pressures, ubt, were negative. Inherent features were identifiable, including:
(i)

Significant increases in qc and fs values occurred at the transition boundary between the brown
and underlying black DBC layers;

(ii)

Coarse seams caused significant reductions in suction pressures.

A tentative cone factor, Nkt, value of 15 was suggested for deducing peak undrained strength from qc
measurements in DBC deposits. The confidence to predict the feasibility of obtaining commercial benefits from relevant and reliable CPT results for a particular project site will increase with greater experience of CPT testing in DBC deposits. However in the interim, a combination of different ground investigation techniques is recommended for reliable site characterisation.
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EXTENDED ABSTRACT: Significant developments have occurred during the past forty years in terms
of the number of in-situ devices available for subsurface characterization in research and practice as
well as the number of measurements that can be made with these devices. While developers and users
of these devices and their associated measurements are cognizant in a general manner of the need to
consider the effects of device induced disturbance on the interpreted properties, a broader framework
for assessment and comparison of both the volume of soil displaced during insertion of a particular
device and the volume of soil sensed during actual measurement of a particular in-situ response could
benefit practice. This extended abstract presents the initial version of such a framework based on
various experimental, analytical and numerical findings presented in the literature. The implications of
the relative magnitude of displaced and sensed volumes for a given device is summarized as a basis for
identifying optimal device and sensor configurations as a function of subsurface investigation
objectives.
Table 1 Sensed volume and displaced volume of different in-situ test devices
Device

Measurement

1
6

16

1
6

16

)

Volume Displaced (
)

Smooth
Textured

MPFA
Self-boring
PMT

1
4
1
4
1
4
1
4

0.1~1

/

Reference
Lunne, Powell et al. 1997,
Schmertmann 1977
Dove and Frost 1999,
DeJong and Frost 2002,
Saussus, Frost et al. 2004

1
4

CPT

MFA /
MPFA

Volume Sensed (

1
4

Burns and Mayne 1998,
Campanella, Robertson et al. 1986

DeJong and Frost 2002
6
Hebeler 2005,
Hebeler and Frost 2006

0.1~1
~ 0 (may be slightly
negative due to minor
overcut effects)
1
4

1
4

Push-in
10

Vesic 1972,
Mayne, 1990, 2001

Yu et al. 1993,
Finno 1993,
Huang 1989,
10 (Finno 1993)
Houlsby and Withers 1988
Where is the diamter of cone or pressuremeter, is the height of porous stone or DMT membrane or length of PMT, and
denote for height of smooth friction sleeve and textured friction sleeve,
denotes for the increment of each
measurement, denotes for the height of dilatometer spade, denotes for the thickness of dilatometer spade, denotes for
denotes for the plastic zone diameter of pressuremeter.
the width of dilatometer spade,
769
(Huang 1989)

Table 1 summarizes the equations and references for volume displaced during insertion and that
sensed during response measurement for each device while Figure 1 contains a plot of typical values of
each device/sensor. The displaced volume calculations are all based on cavity expansion theory. It can
are almost the same because they are controlled by octahedral
be observed in the figure that and
normal stress while the cone shoulder produces a stress relief zone behind it which results in
being
predominantly controlled by shear stress along the sleeve (Burns and Mayne 1998; Campanella et al.
1986; Chen and Mayne 1994). Since the
and
measurements of pore pressure are farther behind
the tip, the influence from octahedral normal stress becomes minor, resulting in a smaller displaced
volume than at the other reading locations. The conventional smooth friction sleeve measurement is
and u CPT
often considered subordinate because it is based on sliding mechanisms whereas the
measurements are primarily dependent on shearing mechanisms (DeJong and Frost 2002; Dove and
Frost 1999). A number of researchers (e.g. DeJong 2000; Dove et al. 1997; Frost and Han 1999;
Houlsby and Withers 1988; Uesugi and Kishida 1986) have found that changes in interface roughness
result in significant variations in interface behavior. To this end, new multi-friction attachment (MFA)
and multi-piezo friction attachment (MPFA) devices were developed by DeJong and Frost (2002) and
Hebeler and Frost (2006) to measure interface strength in situ across a range of roughness values. Four
individual sleeves with selected surface roughness values are positioned along the shaft of the
attachment in the constant shear zone behind the conventional CPT module (Figure 2). The use of
textured sleeves produces shearing across all soil sizes, with shearing up to 5 to 7
away from the
shaft developed (DeJong and Frost, 2002).
7
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Fig.1 Sensed volume vs. displaced volume of different devices

Fig.2 Sketch of MPFA (adapted from Hebeler
2005)

The interpretation of pressuremeter tests is commonly based on cylindrical cavity expansion. Vesic
(1972) as well as others noted the dependence of the pressuremeter influence zone on the rigidity index.
Typical rigidity index values for sands range from 7 to 310 and 50 to 500 for clays (Mayne 2001). In a
similar way, Yu et al. (1993) noted that a flat cavity expansion process could appropriately simulate the
installation of a flat dilatometer. Finno (1993) and Huang (1989) suggested dilatometer insertion causes
disturbance in the soil around it to a distance equal to 10 times of the half thickness of the dilatometer.
A few initial observations about the selection of an optimum device for subsurface characterization
can be made in the context of the framework outlined above:
1. Generally, measurements become more sensitive to the detection of thin layers and other changes
in behavior with a reduction in the sensed volume;
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2. For compressive soils, CPT
gives a better definition of layers because of the smaller sensed
volume. But in dilative soils, although the sensed zone of
is smaller than the corresponding
zone for or
since the pore pressure developed along the cone shaft is very low or even
negative, it is noted that
may be a superior measure than
because the stress change after
the tip makes the shearing mechanism and thus interpretation more complicated;
3. The friction sleeve for the conventional CPT is an inferior parameter to interpret soil behavior,
again due to the stress changes behind the shoulder of the cone whilst from the MFA or MPFA
is superior because of both the location as well as the induced shearing against the soil rather
than particle sliding as with a conventional smooth sleeve.
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Dynamic soil-structure interaction modeling using stiffness derived
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ABSTRACT: This paper presents the results of an experimental and numerical investigation into the
natural frequency of a pile driven into dense sand. The experimental arrangement involves fitting accelerometers along the pile shaft and using a modal hammer to induce lateral vibration. The natural frequency is obtained by performing Fourier analysis on the acceleration signals. A numerical model is
developed that models the pile as a beam supported by lateral springs. The natural frequency is obtained by performing an eigenvalue analysis in the numerical model. The spring stiffness is derived by
first obtaining the G0 value for the sand at the installation location. This is achieved using the rigidity
index, a correlation between the cone tip resistance qc value and the small-strain shear modulus G0. The
G0 value is converted to lateral spring stiffness values using an equation derived analytically from the
beam on an elastic foundation case. Good agreement is observed between the experimentally measured
natural frequency and that which is calculated from the numerical model. This research paves the way
for more accurate assessments of dynamic soil-structure interaction, and can be particularly useful in
the design of structures that are dynamically sensitive such as wind turbines.

1 INTRODUCTION
Dynamic soil-structure interaction is a pivotal aspect of the design process for large scale wind turbine
design. These dynamically sensitive structures require accurate soil stiffness assessments in order to ensure that the design frequency matches the actual operational frequency when the structures are constructed. The reason for this is that wind turbines, unlike most large scale civil engineering structures,
are subjected to periodic excitation as part of their operation. This excitation arises due to the rotor spinning at a given rotational velocity which induces a gyroscopic effect on the structure that is known as the
1P frequency. In addition to this, the effect of a standard turbine having three blades induces a further
excitation due to the blades passing the tower. This is known as the 3P frequency. The system stiffness
must be such that the natural frequency of the wind turbine does not lie within the rotor frequency excitation bands, as this may induce resonance which could lower the design life significantly. There are
three design options available. The first involves designing the system to have a frequency lower than
the 1P band, known as the soft-soft option (Tempel & Molenaar, 2002). This is difficult in offshore conditions due to the presence of waves inducing low frequency resonances in the structure lower than the
1P band, and therefore it is often more suited to onshore turbine design. The second option involves designing the system so that its natural frequency resides between the 1P and 3P bands. This is known as
the soft-stiff design option and is the most common. The third option involves designing a very stiff
structure that has a system frequency above the 3P band. This is not so common due to the amount of
material required to ensure a high stiffness. In order to combat growing energy needs, more and more
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wind-farms are being constructed in deeper waters offshore. Over 75% of wind turbines have monopiled
foundations (Doherty & Gavin, 2012). The design of these monopiles is often undertaken using American Petroleum Institute (API) design codes from the offshore engineering industry (API, 2007). The natural frequency of a wind turbine is a function of the material properties used in its construction, and is
highly affected by the stiffness of the soil surrounding the monopile. As such, the accurate assessment of
this stiffness in terms of modeling for the design process is very important in ensuring that the system
frequency can be reliably estimated.
The API method has been shown to be conservative, particularly in the case of stiff piles (Doherty &
Gavin, 2012; LeBlanc et al, 2010). The dynamic stiffness is normally taken as the initial slope of the soil
reaction – displacement (P-Y) curve derived from the API method (API, 2007). This is used in the modeling process by idealizing the pile as a beam supported by linear springs, known as the Winkler hypothesis (Dutta & Roy, 2002). This idealization is known to yield reasonably good performance and is relatively straightforward to implement as part of a modeling regime. The stiffness values obtained from the
API method are based on a number of simplified soil properties for the site and typically only require
knowledge of the angle of internal friction (Φ’) and the relative density (Dr). The stiffness profile with
depth is linearly increasing for strata with uniform Φ and Dr. In reality, the stiffness of the soil for dynamic applications will not be as simple as those proposed by the API method. Soil is often highly heterogeneous from point to point. The use of site investigations can provide more insight into the variable
properties of soil at different locations in a stratum.
In this paper, a method to obtain more accurate soil stiffness estimations based on Cone Penetration
Test (CPT) data is described and an experimental validation is detailed. Stiffness profiles are derived
from CPT data by linking the small-strain shear modulus (G0) to the CPT tip resistance (qc). Known as
the rigidity index, the variation of G0/qc with qc,1 for a range of sands was investigated by (Robertson,
1997; Schnaid et al, 2004). The G0 profile that is obtained from this correlation is used to form discrete
spring stiffness values for use in a numerical model of a pile embedded in sand. The research paves the
way for more accurate assessments of soil stiffness at installation locations for wind turbine foundations.
2 TEST SITE
The test bed is a dense sand quarry located in Blessington, south-west of Dublin city, Ireland. The
site conditions comprise of very dense, fine sand, with a relative density between 90 – 100%. The geotechnical properties of the site are outlined in Table 1.
Table 1 Site Properties
Property
Soil Type
Fine Content (%)
Coarse-grained particles (%)
Dr (%)
Sand D50 (mm)
Degree of saturation (%)
Equilibrium WT (m BGL)
Bulk Density (Mg m-3)
Unit Weight (kN m-3)
φ’v (°)
φ’p (°)
Specific gravity
emax
emin
Natural water content (%)

Dense Sand
5% - 10%
< 10%
90% - 100%
0.1 mm – 0.15 mm
63% - 75%
13 m BGL
2.10
19.8
37°
54° - 40°
2.69
0.73
0.37
10% - 12%
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Ten CPT tests were performed at the site. The values were relatively consistent, which reveals a uni-9
form sand deposit where qc increased from ≈ 10 MPa at ground level to ≈ 17 MPa at 2 m below ground
level, and increases gradually with depth thereafter. The CPT profiles are shown in Figure 1.
-10

0

Figure 1. Ten cone penetration tests for Blessington site with min & max envelopes.
The average CPT profile from Figure 1 is used to derive spring stiffness values for a numerical model of
an installed pile at the test location.
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3 FIELD INSTALLATION & VIBRATION TEST
An open-ended steel pile was driven into the stratum at the test site. The pile had a length of 8.76 m, a
diameter of 0.34 m and an annular thickness of 13 mm. The Young’s modulus is taken as 2 x 1011 N m-2
and the cross-sectional moment of inertia is 1.91 x 10-4 m4. The pile was embedded 6.5 m when the vibration test was undertaken. An image of the embedded pile is shown in Figure 2.

Figure 2. Installed pile at test location.
The vibration test involved impacting the pile head with a modal hammer that was calibrated to excite
low frequency resonances in the pile. This was achieved by using a heavy tip mass with a soft impact
head on the modal hammer. The resulting lateral vibration was picked up by three accelerometers embedded in the shaft of the pile along the exposed length. The vibration was transformed from the timedomain acceleration signal to the frequency domain by applying a Fourier transform in MATLAB. Five
impact tests were performed. The results of the vibration test are shown in Table 2.
Table 1 Frequency Values from Test
1st Frequency (Hz)
31.09

Standard Deviation (Hz)
0.748
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4 SOIL-STRUCTURE DYNAMIC INTERACTION MODEL
A numerical model is developed that incorporates the dynamic soil-structure interaction by modeling
the pile-soil system as a beam on an elastic foundation, commonly referred to as the Winkler hypothesis
(Dutta & Roy, 2002). The pile is modeled using Euler-Bernoulli beam elements, while the soil is modeled by attaching a linear spring to one of each of the embedded beam nodes. The mass and stiffness matrices for the beam-type elements can be found in (Tedesco et al, 1999). The numerical model is capable
of calculating the natural frequencies of the soil-structure system, by obtaining the eigenvalues of the
system matrix as defined in the following Equation 1.

[D] = [M]−1[K ]

(1)

where [D] is the system matrix, [M] is the global mass matrix, and [K] is the global stiffness matrix for
the combined soil-structure model. The eigenvalues were obtained by using MATLAB’s in-built eig
function and sorting the entries in descending order to obtain the fundamental frequency.
The stiffness component of the soil is obtained by manipulating the CPT qc profile and discretizing it
into individual spring moduli. The first step involves converting the qc profile into a small-strain shear
modulus (G0) profile using the rigidity index, a correlation between G0 and qc which was undertaken for
a range of sands (Lunne et al., 1997; Schnaid et al., 2004). Dense sand has a rigidity index which varies
between 5 and 8. For the purpose of our analysis, a value of 6 was chosen for each of the springs. Variation of the rigidity index with qc,1 was not considered in the analysis. The next step involves converting
the G0 profile to a Young’s modulus (E0) profile using the well-known relation shown in Equation 2.

E0 = 2G0 (1 + v )

(2)

where v is the small-strain Poisson ratio. A value of 0.1 was chosen for this parameter. Once completed,
the modulus of subgrade reaction (K) profile can be obtained using a formula that couples the material
properties of the soil and the pile in the elastic continuum problem. This is available in Ashford &
Juirnarongrit (2003) and is shown in Equation 3.

1.0 E0
K=
1− v2

⎡ E0 D 4 ⎤
⎢
⎥
⎢⎣ E p I p ⎥⎦

(3)

1/ 12

where D is the pile diameter (m), Ep is the Young’s modulus of the pile (N m-2) and Ip is the moment of
inertia of the pile cross-section (m4). Individual spring constants are obtained by multiplying the K value
at a given spring depth by the spacing between subsequent springs. The model is used to perform an eigenvalue analysis and obtain the natural frequencies corresponding to those of the soil structure system.
Our numerical model contains 30 springs, each spaced at 0.219 m giving a total depth of embedment
of 6.57m closing approximating the depth of embedment of our field pile. This is shown in Figure 3.
The average CPT qc resistance from Figure 1 was used to obtain spring constants. The results of the eigenvalue analyses are shown in Table 3. The stiffness profiles adopted in this paper are shown in Figure
4 for the CPT and API springs.
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Figure 3. Numerical model schematic.
Table 2 Experimental & Numerical Frequencies
Method:

Numerical Frequency
(Hz)
28.00

% Difference

CPT Springs

Avg Experimental Frequency
(Hz)
31.09

API Springs

31.09

22.50

27.6%

9.93%

The results from the eigenvalue analysis show that the CPT generated springs are more accurate than
those developed using the traditional API approach, where the spring stiffness was obtained as the initial
slope of the P-Y formula available in (API, 2007). The percentage difference lowers from 27.6% to
9.93%. It is worth noting that the spectral resolution of the experimental signals will lead to some errors
in the estimation of the natural frequency due to problems with signal clarity and signal length. This may
account for some of the 9.93% error noted in Table 3. Other than this, the CPT based stiffness derivation
is much more accurate than that of the API design approach, as it uses actual variable in situ soil properties as part of the stiffness derivation. A suggested improvement may be to use a higher rigidity index
value in the transformation from qc to G0.
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Figure 4. Numerical stiffness profiles.
5 CONCLUSIONS
An experimental investigation into the natural frequency of a pile embedded in dense sand was undertaken at a test site in Blessington, Ireland. A numerical model was developed that models the pile embedded in sand as a beam supported by linear springs. The stiffness moduli of the springs were obtained
using a correlation between the CPT qc profile and the small strain shear modulus (G0) for the site.
Known as the rigidity index, this allows for the G0 value to be estimated based on in-situ CPT measurements. The G0 profile was converted to a modulus of subgrade reaction profile and thence to individual
spring constants for use in the numerical model. The natural frequencies obtained from the experiment
and the numerical model were compared. For comparison, spring stiffness values were also generated
using the API design code. It was shown that the discrepancy between the numerical model employing
CPT springs and the experiment was 9.93 % whereas the discrepancy between the experiment and the
numerical model employing API springs was 27.6 %. Some of the error in the experiment will be due to
spectral resolution when transforming the time domain signals to the frequency domain and arises due to
issues with signal length and noise presence.
While the very small strains induced by dynamically exciting the pile with the modal hammer may
justify the use of the small strain shear modulus, G0, the effect of pile installation on the in-situ G0 is ignored in this study. Complications arise in estimating an operative shear modulus, G, after pile installation, as for a given sand, G increases with stress and reduces with strain. The large strains imposed during pile installation may result in a significantly reduced operative G value in the shear zone surrounding
the pile when compared with G0. However, this may be counterbalanced by an increase in the far-field
confining stiffness, due to the high stresses and over-consolidation which occurs as the pile tip passes. In
addition, ageing has been shown to result in increased stiffness characteristics of the soil which may reduce the effects of pile installation. Due to the difficulty in quantifying these effects accurately, the insitu G0 value was used as was found to provide a good match with the experimental data.
Overall, the CPT numerical model showed greater agreement with the experiment than the API model. This research paves the way for more accurate soil-structure dynamic interaction modeling, which is
particularly pertinent to the design of offshore wind turbines and other structures that are dynamically
sensitive.
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Assessment of soil parameters via CPT in numerical modeling of a
continuous flight auger pile
Jean Rodrigo Garcia and Paulo José Rocha de Albuquerque
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ABSTRACT: Geotechnical parameters are the basis to understand the behavior of a foundation element.
However, there are several ways to obtain the mechanical characteristics of soils for geotechnical design.
The Cone Penetration Test (CPT) provides soil parameters with high reliability. In this sense, the behavior
of a continuous flight auger pile is analyzed. The pile was instrumented in depth, and was executed at the
experimental field of foundations of Unicamp, located in the city of Campinas/SP/Brazil. The subsoil
profile is comprised of residual diabase soil. The geotechnical parameters of the subsoil were estimated by
means of empirical and semi-empirical correlations of different soil layers by means of values for tip
resistance (qc) and side resistance (fs) of the mechanical CPT (Begeman cone). The pile was submitted to a
slow maintained load (SML) test, and the results were compared with those produced by means of 3-D
numerical modeling by the method of finite elements based on the parameters estimated by CPT.

1. INTRODUCTION
The results from CPT tests provide stratigraphic identification of soil profiles, and help determine their
mechanical properties estimated based on empirical and semi-empirical correlations to be applied in
several areas of geothecnics, particularly to forecast the capacity of load and settlements of foundations
(Budhu, 2006; Barnes, 2000; Chen, 2002).
The key advantage of conducting laboratory tests to get project parameters is the possibility of
controlling test conditions, thus enabling the execution of a series of simulations. However, the quality of
results of tests carried out on samples is very dependent on the quality of such samples. Depending on the
type of test, the effect of disturbance caused by the sampling procedure may be significant, particularly in
the case of sands. Moreover, the results of such tests do not reflect some of the characteristics of the
loading, and this is critical to forecast foundation response. (Giacheti & Queiroz, 2004).
In situ cone penetration tests (CPT) enable identification of the geotechnical profile of the terrain and
make a preliminary analysis of soil geotechnical parameters (Lunne et al., 1997). In general, two
measurements obtained from CPT tests are used to calculate the load capacity and settlement of
foundations by means of semi-empirical and analytical methods. In this work, an analysis was made of the
behavior of an instrumented continuous flight auger pile by means of a load test and from the results of
finite element analyses using the CESAR – LCPC software program.
2. ESTIMATE OF GEOTECHNICAL PARAMETERS
The soil parameters were derived from CPT-based empirical and semi-empirical correlations found in the
geotechnical literature. According to the classification of soil layers as a function of their mechanical
characteristics indicated by the results of the Cone Penetration Test (CPT), the equations shown below
were used:
The estimate of geotechnical parameters from the formulations based on field tests made it possible to
obtain the behavior of the load-settlement curve produced by the numerical method (Garcia et al., 2013).
781

In order to determine the elastic modules of soil layers characterized by mechanical behavior of sand,
the equation determined by Trofimenkov (1974) is used for soviet sands:
 = ܧ130 + 3,4 ∙ ݍ (in kgf/cm²)

(1)

E = 8,25 ∙ (qୡ − σ୴)

(2)

The ratio between the deformability modulus (E) and the net cone resistance (qc - σvo) for different soil
follows the following ratio developed by Kulhawy & Mayne (1990):

For soil layers indicated as having clayey behavior, the elasticity modulus is determined by Barata
(1986) for clays of the regions of Campinas-SP:
ݍ ∙ ߙ = ܧ

where 5.2 <  < 9.2

(3)

The values of friction angle () were determined from the correlations developed by Kulhawy &
Mayne (1990) for sands, as shown below:
ݍ
߶ = ି݊ܽݐଵ ∙ ൬0,1 + 0,381 ∙ log ൬ ൰൰
ߪ௩

(4)

where:
qc – cone resistance;
v0 – effective vertical stress

In order to estimate the undrained strength of clayey soils from the CPT, the following equation
proposed by Lunne et al. (1997), can be used, with NK assuming values that vary from 15 to 20.
s୳ =

୯ିఙೡబ

(5)

ே಼

where: NK – cone factor

(NK = 20 was used in this study)
c = ݏ௨ ∗ 0,5

(6)

where: c - cohesion

To estimate geotechnical parameters of the local subsoil, mechanical CPT were made. The CPT results
are shown in Figure 1. The CPT measurements (qc and fs) are used to get the mechanical parameters of the
soil required for numerical analyses such as; cohesion, friction angle, and elasticity modulus.
Based on the results from the mechanical CPT, it was possible to verify that the subsoil consists of
diabase soil, with a surface layer of high porosity silty-clay approximately 6.5m thick, followed by a layer
of clayey-sandy silt down to 9m. The water level was at 18m. Using the CPT charts of Robertson et al
(1986) the soil is classified as a sandy silt to silty clay, unlike the behavior obtained based on visual
classification (Fontaine, 2004).
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Figure 1. Summary of the results from the mechanical CPT

Figure 2. Young’s modulus from
CPT

Figure 3. Peak friction angle
from CPT
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Figure 4. Cohesion from CPT

Table 1 shows the values of geotechnical parameters used in numerical analyses obtained via
laboratory tests obtained for samples undeformed and deformed.
Table 1. Parameters for numerical modeling obtained in laboratory.

Soil layer
0 - 6m
7 - 14m
15 - 22m


13.5
15.5
16.5

c
27.7
58.7
66.0


30
22
21


0.40
0.33
0.33

Ei
3.5
23.6
27.2

 - Specific weight (kN/m³); c – cohesion (kN/m²);  - friction angle (°);  - Poisson coefficient; Ei – Young’s
modulus (MPa).

Table 2 shows the values of geotechnical parameters used in numerical analyses based on the CPT and
laboratory results.
Table 2. Parameters for numerical modeling obtained by correlations.

Soil layer
0 a 6m
7 a 14m
15 a 22m


13.5
15.5
16.5

c
40
58
91


33
29
27


0.4
0.3
0.3

Ei
18
15
32

 - Specific weight (kN/m³); c – cohesion (kN/m²);  - friction angle (°);  - Poisson coefficient; Ei – Elasticity
modulus (MPa).

3. INSTRUMENTED CONTINUOUS FLIGHT AUGER PILE
The continuous flight auger pile is formed in situ where excavation of the soil is made using a continuous
auger, with blades around a hollow center tube. After the auger is introduced in the soil down to the
specified depth, the auger is extracted while cement is injected through the hollow tube. As the auger is
removed, the soil confined between the blades is removed.
A 12-m deep continuous flight auger pile measuring 0.40m in diameter was made, following the
prescriptions of the Manual of Procedures of ABEF (Brazilian Association of Foundation Companies).
The longitudinal frame of the pile included four 6-m long steel bars with 16-mm diameter (8 cm2), and
stirrups with 6.3 mm diameter at every 20 cm (CA-50 steel), made with a MAIT HR-200 drill. The torque
of the equipment is between 220 kN.m and 380 kN.m. This variation is due to the rotation speed and the
diameter used (Albuquerque, 2001).
The pile was instrumented along the shaft in the following depths: 0.30m (reference section); 5.0m;
11.1m and 11.7m. To obtain the Young’s modulus of the completed pile, a section near the top of the pile
was used, where a measuring instrument was placed (instrumented bar). The soil was excavated around
this section to prevent any influence on the reading of the instruments. This is referred to as the reference
section.
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4. RESULTS FROM THE LOAD TESTS
A slow load test was made following the prescriptions of NBR 12.121/92, adopting slow loading. The
maximum load for the pile was 960 kN, with maximum displacement of 85.62 mm. Figure 7 shows the
load vs. displacement curve, the graphs of variation in load at each level vs. strain and distribution of the
load along the depth.
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Figure 5. Graphs obtained from the pile load test (Albuquerque et al, 2011)

5. NUMERICAL MODELING
Numerical modeling is suitable to refine the mesh close to the pile, particularly at the tip, since this area is
critical for results of load capacity of the pile. If possible, a sensitivity analysis of the mesh must be
carried out for each problem to enable direct assessment of the influence of the numerical type (DiazSegura, 2013).
The modeling was performed from ¼ of the problem under analysis due to the symmetry along the pile
shaft, which resulted in a rectangular block of 10 m x 10 m section with variable depth as a function of the
length of the pile under analysis, but at least 10 m below the pile tip. These dimensions were determined
based on tests performed to ensure that the surrounding conditions attributed at the far margins of the
model could be considered as no displacement or had very low displacements and, as a consequence,
could not affect the results of the analyses. An elasto-plastic model was used, which varies depending on
the stresses applied, following a model of non-linear behavior. The mesh of finite elements was composed
of triangular-shaped elements of quadratic interpolation, which were extruded at every meter in depth.
The properties attributed to the different layers of soil followed the Mohr-Coulomb criterion, i.e.
values of specific weight (), cohesion (c), friction angle (), strain modulus (E) and Poisson coefficient
() from Table 2 were used. For materials with a fragile behavior (Parabolic Model), such as concrete and
injection mortar, values of resistance to compression, traction (Rt), specific weight, strain modulus and
Poisson coefficient were attributed.
6. NUMERICAL RESULTS
Figure 6 shows the results obtained from the pile load test compared to those from the numerical analyses.
In the numerical modeling with the parameters obtained at the laboratory, a maximum load of 960 kN was
obtained for a total settlement of 85.9 mm, whereas in the analyses with parameters obtained via semi-
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empirical correlations, the simulation reached the maximum value of 1,100 kN and total settlement of 58.7
mm.

Figure 6. Load vs. settlement curves: numerical and experimental

Figure 7 compares the results for the load distribution along the pile length. The same figure also shows
that, in the experimental test, the portion of the tip was 6%, and 16% for half of the maximum load (½
Qmax) and for the maximum test load (Qmax), respectively. However, the numerical results with
laboratory-set parameters, led to participation of the tip of 6% in comparison to ½ Qmax and 10% for
Qmax. For the numerical analysis with parameters estimated by empirical correlations through CPT data,
the portion of the tip of 7% and 13% was obtained for ½ Qmax and Qmax, respectively.

Figure 7. Load distribution: numerical and experimental.
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7. CONCLUSIONS
Based on the results from one pile load test and a companion mechanical CPT for a single continuous
flight auger pile in residual diabase soil, the following observations can be made:





Basic soil parameters can easily be obtained from a CPT through semi-empirical correlations.
However there is the need to assess the applicability of these correlations to certain types of soil. It is
also necessary to calibrate some factors used in these correlations, such as the value of Nk to get
undrained strength of fine-grained clayey soil.
The numerical analysis, using soil parameters based on the CPT and laboratory results, provided a
good estimate of the pile load - settlement behavior. However, the soil resistance parameters
attributed to the different layers of soil must be representative of the in situ conditions of the soil;
The estimate of geotechnical parameters of the soil by means of semi-empirical correlations using
CPT results was suitable to be used in geological / geotechnical projects.
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Driven cast-in-situ piles in granular soil: applicability of CPT
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ABSTRACT: Most CPT-based design methods for driven piles are heavily influenced by research on
preformed driven piles. In this paper, a critical review is made of the ability of these methods to predict
the total capacity of driven cast-in-situ (DCIS) piles. To this end, a DCIS database of 16 piles (with adjacent CPT profiles) is developed which incorporates new DCIS load-test data from UK sites. Initially,
instrumented piles from the database are used to illustrate that DCIS and preformed piles have comparable shaft and base resistance characteristics. The database is then used to study of the performance of
three simplified and four advanced CPT-based displacement pile design methods in estimating the total
capacity of DCIS piles. Statistical analyses show that in general, the advanced CPT methods provide the
best estimates of DCIS total capacity, although capacities tend to be under predicted by most methods.
This tendency may be attributed to enhanced interface friction between the cast-in-situ concrete and the
soil compared to that developed with preformed piles.
1 INTRODUCTION
The prediction of displacement pile capacity in sand is hampered by the extreme changes in stress which
occur in the immediate vicinity of the pile during installation (Randolph 2003). Furthermore, the absence of high-quality undisturbed sand samples in routine foundation projects has led to a heavy reliance
on empirical design methods which correlate pile capacity directly to the results of in-situ tests such as
the Cone Penetration Test (CPT). As the penetration of the cone is analogous to the installation of a displacement pile, a significant number of CPT-based design methods which derive shaft and base capacities from the in-situ cone resistance qc profile using simplified coefficients have been developed (Lehane
2009), such as the LCPC-82 (Bustamante & Gianeselli 1982), EF-97 (Eslami & Fellenius 1997) and
Van Impe-86 (Van Impe 1986) methods.
High quality instrumented tests on steel model piles, such as those reported by Lehane (1992) and
Chow (1997), have helped identify other factors that have a bearing on displacement pile behavior in
sand. These factors include the extent of soil displacement during installation and loading, the reduction
in shaft friction due to increasing load cycles during installation (referred to as friction fatigue), increases in radial stresses due to dilation at the pile-soil interface, differences in shaft resistance with loading
direction (i.e. compressive and tensile loading) and increases in shaft capacity with time, i.e. pile aging.
The majority of these phenomena have now been incorporated in four new advanced CPT-based design
methods – Fugro-05 (Kolk et al. 2005), ICP-05 (Jardine et al. 2005), NGI-05 (Clausen et al. 2005) and
UWA-05 (Lehane et al. 2005). Schneider et al. (2008) evaluated the relative merits of these methods in
predicting displacement pile capacity and showed that the UWA-05 method fared best.
Unlike preformed displacement piles, the driven cast-in-situ (DCIS) category of pile has not received
exclusive attention from those developing CPT-based methods. This may be due in part to important dif789

ferences between the installation processes for DCIS and traditional displacement piles. This paper presents a brief summary of the results of a series of instrumented DCIS pile tests (including some new data
from UK sites) which demonstrate similarities in axial behavior between DCIS and preformed displacement piles in terms of shaft and base resistances. A database of 16 DCIS piles with adjacent CPT
data at 8 sites is then presented which is used to study the predictive performance of the three simplified
and four advanced CPT-based displacement design methods in estimating the total capacity of DCIS
piles.
2 DRIVEN CAST-IN-SITU PILES
The type of DCIS pile installation considered here begins by driving a hollow steel tube using a pile
driving hammer (Fig. 1a). In order to prevent ingress of soil and water during driving, the tube is fitted
with a sacrificial steel circular driving shoe which has a slightly larger diameter than that of the tube. A
schematic of the remainder of the process is shown in Figure 1b. When the required depth is reached a
high slump concrete is introduced into the tube; reinforcement may be placed either before or after concreting. The tube is then slowly extracted, with the hammer providing additional blows to compact the
concrete during withdrawal. The concrete is then left to cure in-situ. A particular version of DCIS pile,
known as a Franki pile, is driven internally using a mandrel, with dry batches of concrete placed at the
base of the tube prior to installation to enable a plug to form during driving. The plug is hammered out
through the base of the tube at design depth and additional batches of zero-slump concrete are added to
form the expanded base (Neely 1990).

Figure 1(a) Installation of hollow steel tube and (b) Schematic of driven cast-in-situ pile installation (images courtesy of Keller Foundations, UK)

The base resistance of DCIS piles is considered to be no worse than that of preformed displacement
piles. For example, the results of the DCIS tests at Kallo, Belgium by De Beer et al. (1979) were included in the database of 20 piles used to formulate the base resistance equation for closed-ended displacement piles for the UWA-05 method (Xu et al. 2008b). The unit shaft resistance (qs) of displacement piles
can be calculated from qs = Ks ′v tan, where Ks is a coefficient of earth pressure, ′v is the vertical effective stress and  is the angle of interface friction. Fleming et al. (2008) suggest that the extraction of
the driving tube will lead to a reduced Ks value (assuming wet concrete is placed). However, it is the
product Ks tanδ that controls qs and there is no evidence to indicate that Ks tanδ for DCIS piles falls below that of preformed piles. The LCPC-82 method pessimistically recommends coefficients for estimat790

ing the shaft capacity of DCIS piles which are only 50% of those recommended for preformed driven
piles.
Although DCIS piles have been used extensively in many countries throughout the world over the
past 60 years or so, the number of published case histories of static load tests is surprisingly limited.
Moreover, the majority of published data involve non-instrumented piles, precluding accurate assessments of shaft and base behavior during loading which in turn inhibits verification of design methods.
3 DCIS PILE DATABASE
In an attempt to gain a better insight into the axial load behavior of DCIS piles, a research project has
been undertaken at the National University of Ireland, Galway (NUIG), in collaboration with Keller
Foundations UK, in which several instrumented DCIS piles were installed at UK sites and subjected to
maintained-load tests. A full description of each test is beyond the scope of this paper; readers are referred to Flynn et al. (2012, 2013) and Flynn (2014) for further details. These test data have been supplemented with other published DCIS pile test data from the literature to form a new database; the subset of the database for which nearby CPT profiles are available is presented in Table 1. The pile
capacities quoted are the loads corresponding to a displacement of 0.1Db where Db is the pile base diameter. Given that base resistances require much greater displacements than shaft resistances to be mobilized and some of the piles in the database have Db values significantly greater than their pile shaft diameters (Ds), comparison of loads at 0.1Db is more appropriate than at 0.1Ds because shaft and base
resistances will be significantly mobilized at this displacement.
The aforementioned traditional driven pile design methods are appraised against this DCIS pile database in Section 5. However, to provide some justification for making this appraisal, the shaft and base
resistance behavior of the instrumented piles in Table 1 are considered in more detail in Section 4.
Site; Pile Ref

Pile
Type

Pontarddulais; P1

DCIS

Shaft
Diameter
Ds
(mm)
340

Shotton; S1

DCIS

340

Base
Diameter
Db
(mm)
380

Length
L
(m)

Instrumented

8.50

Pile
Capacity
Q0.1Db,m
(kN)
949

380



Flynn (2014)

5.75

2214



Flynn et al. (2013)

Reference

Dagenham; D1

DCIS

340

380

7.70

2493



Flynn et al. (2012)

Erith; E1

DCIS

340

380

10.80

2827



Flynn (2014)

Erith; E3

DCIS

340

380

11.10

1879



Flynn (2014)

Kallo; K1

Franki

520

908

9.69

6103



De Beer et al. (1979)

Kallo; K2a

Franki

323

539

9.71

2697



De Beer et al. (1979)

Kallo; K3

Franki

406

615

9.82

3205



De Beer et al. (1979)

K4a

Franki

406

815

9.80

5975



De Beer et al. (1979)

Kallo; K5

DCIS

406

406

9.33

1666



De Beer et al. (1979)

DCIS

406

406

11.39

4306



De Beer et al. (1979)

Kallo; K7

DCIS

406

609

9.37

2795



De Beer et al. (1979)

Le Havre; A4

DCIS

430

430

10.50

1673



Evers et al. (2003)

Kallo;
Kallo;

K6a,b

Le Havre; C1

DCIS

410

430

10.50

1882



Evers et al. (2003)

Ringsend; TP20

DCIS

425

425

12.50

3275



Suckling (2003)

Franki-Grundbau; FG1
DCIS
420
420
26.00
5199
steel casing.; b Increase in diameter to 558 mm from 8.3 m to 9.6 m bgl



Franki-Grundbau (2013)

a Permanent

Table 1. Database of DCIS piles tests with adjacent CPT data.
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4 DCIS PILE SHAFT AND BASE BEHAVIOR
4.1 Base resistance
Figure 2 presents a summary of the measured unit base resistance qb0.1Db at a displacement equivalent to
10% of the pile base diameter Db, normalized by the average cone resistance at the base obtained using
the Dutch method qcDutch (Schmertmann 1978), against the local cone resistance at the pile base qctip for
the instrumented DCIS piles in Table 1. The piles at Kallo were not instrumented, but the base resistance
was estimated by Chow (1997) by assuming minimal load transfer along the shaft of the piles in the soft
clay layers. The use of qcDutch for normalization purposes, derived using a systematic averaging methodology is important as the majority of sites in Table 1 have highly-layered soil stratigraphies which can
have a significant influence on the mobilized base resistance due to the effect of nearby soft/loose or
stiff/dense layers (Xu et al. 2008a).
The measured data in Figure 2 shows excellent agreement with a normalized base resistance
qb0.1Db/qcDutch = 0.6 recommended for closed-ended driven piles using the UWA-05 method (Xu et al.
2008b). The only exception to this trend is the data point for the test pile installed at Shotton, the results
of which were described in detail by Flynn et al. (2013). Analysis of the base resistance of the test pile
yielded a normalized base resistance ratio qb0.1Db/qcDutch = 1.07, which is typically only observed in
jacked piles. The high ratio may be due to an increase in soil density following nearby anchor pile installation, in which case the value of qcDutch will have been underestimated.

Normalized base resistance qb0.1Db/qc Dutch

1.25
Pontarddulais P1
Shotton S1
1.00

Erith E3
Kallo K1

0.75

Kallo K2
Kallo K3
Kallo K4

0.50

Kallo K5
Kallo K7
0.25

Le Harve C1
UWA-05

0.00
0

5

10

15

20

25

30

35

Local cone resistance at pile base qc tip (MPa)

Figure 2. Variation in measured normalized base resistance with local cone resistance at pile base.

4.2 Shaft resistance
Figure 3a shows the variation in peak local unit shaft friction qsult, normalized by the average cone resistance qcavg between two successive gauge levels along the shaft, with normalized distance from the
pile base h/Ds for the authors’ instrumented tests in Table 1. A clear reduction in qsult/qcavg with increasing h/Ds is evident, suggesting that friction fatigue (i.e. the reduction in radial effective stress at a particular location on the shaft as tube embedment increases) may be a feature of the DCIS pile type, although
further instrumented testing is required for clarification. This may initially seem surprising given that the
driving tube is extracted at the end of installation and is replaced by high-slump concrete. Nevertheless,
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the surrounding soil is subjected to intense load cycling during installation as the tube embedment increases.
25

25
Pontarddulais P1
Normalized distance from base h/Ds

Normalized distance from base h/Ds

Pontarddulais P1
Shotton S1

20

20

Dagenham D1
Erith E3
15

Dagenham D1
Erith E3

15

10

Shotton S1

UWA-05
ICP-05

10

5

0
0.00

0.02

0.04

0.06

5

0
0.00
0.02
0.04
0.06
0.08
Normalized radial effective stress σ'r/qc avg

0.08

Normalized local shaft friction qs ult/qc avg

Figure 3(a) Variation in normalized local shaft friction and (b) normalized radial effective stress, with normalized
distance from the pile base.

Figure 3b shows the corresponding radial effective stress at failure σ′rf (= qsult/tanf) normalized by
qcavg for the dataset in Figure 3a, where fis taken as the constant-volume friction angle ϕcv because the
high shaft roughness dictates that shearing takes place within the soil. Values of ϕcv of 33o for sand and
38o for sandy gravel have been adopted based on results of interface shearing tests by Bolton (1986) and
Paul et al. (1994), respectively. Theoretical profiles of σ′rf /qcavg predicted by the ICP-05 and UWA-05
methods are shown for comparison. While the trends in the measured data in Figure 3b are broadly similar to the theoretical profiles, some measurements near the pile base are significantly greater which may
be a consequence of increased interface dilation due to the presence of gravelly material (with larger average particle sizes than sand) for these piles. While stress relaxation due to wet concrete may occur at
the pile shaft after casting, it may not govern the peak shaft resistance during loading. Unfortunately,
measurements of radial stress changes on the shaft of DCIS piles after casting and during loading are not
possible at present due to the lack of suitable instrumentation.
The similarities identified between DCIS shaft and base behavior and those of preformed driven piles
in this section indicate that the appraisal of preformed pile design methods on a DCIS database is a
worthwhile exercise.
5 PILE CAPACITY PREDICTIONS
The database in Table 1 contains a total of 16 DCIS piles, including 4 expanded-base ‘Franki’ piles. The
bases of all piles were founded in cohesionless soil, i.e. sand or gravel, and the piles were subjected to
maintained-load compression tests. Three simplified CPT methods, EF-97, LCPC-82 and Van Impe-86,
were assessed, together with the four advanced methods - Fugro-05, ICP-05, NGI-05 and UWA-05. The
LCPC-82 method was assessed using the shaft coefficients for both DCIS piles (category 1B) and driven
closed-ended piles (category 2A). The CPT at Dagenham met refusal at a depth corresponding to the
base of the test pile (Pile D1), preventing appropriate averaging of the qc profile below the base. Therefore, this site was excluded from the database during assessment of the methods.
The following procedures and assumptions were followed when developing the database:
793











The average CPT qc profiles for the sites in Table 1 were digitized at intervals of 0.1 m or less
and spreadsheets were developed to calculate the shaft and base capacity for each method. No
correction was applied at Kallo to account for the use of a mechanical cone penetrometer.
The depth to the water-table was not reported for 3 of the 8 sites, and was therefore assumed
to be at the ground surface. This assumption, in keeping with that made by others using these
sites in databases, leads to a lower-bound prediction of capacity for each method due to the
reduction in effective stress along the shaft of the pile.
In general, δf was assumed to be equivalent to ϕcv (33o in sand and 38o in sandy gravel as mentioned previously). Two piles at Kallo had permanently-cased steel shafts, and a value of δf =
29o was assumed (Jardine et al. 2005) for the portions of the pile shafts in sand in the absence
of grading data.
The majority of the sites in Table 1 had a multilayered stratigraphy comprising soft clay, sand
and sandy gravel. Therefore, in order to account for the clay layers in the advanced CPT
methods, the peak local shaft friction qsult in the clay layers was estimated using the expression qsult = qt/35, where qt = cone resistance (kPa) corrected for end effects, based on the procedure by Schneider et al. (2008). None of the sites had clay layers which contributed more
than 50 % of the shaft capacity.
The load tests for four piles (Pontarddulais P1, Erith E1, Franki-Grundbau FG1 and Ringsend
TP20) were terminated prior to reaching a displacement of 0.1Db, and results extrapolated accordingly using the hyperbolic method by Chin (1970).
Three sites had multiple pile tests and these tests were considered individually, rather than averaged, due to the relatively limited number of pile tests in the overall database. However, it is
acknowledged that this may introduce some bias into the prediction performance for each
method.

Table 2 summarizes the resulting ratios of calculated to measured total capacity, Qc/Qm, for each pile
in the database, as well as the predictive performance of each method in terms of the arithmetic average
and coefficient of variation COV of Qc/Qm. The predictive performance was assessed for the overall database, as well as a subset of 10 DCIS piles which excluded the expanded-base Franki piles (different
method of installation) and the test results at Shotton (unrepresentative CPT profile).
The following observations of predictive performance of the CPT methods were made:
1. The mean value of Qc/Qm varied widely with CPT method. The LCPC-82-1B method gave the
most conservative estimate, with Qc/Qm = 0.75, while the Fugro-05 method estimate of DCIS
total capacity was the least conservative (Qc/Qm = 1.20).
2. The NGI-05 method provided the best estimate of capacity, with a mean value of Qc/Qm =
1.00 and a COV = 27 %. The advanced ICP-05 and UWA-05 methods had mean Qc/Qm values of 0.86 and 0.93 respectively, which are slightly conservative, although the COVs (= 26
%) were in agreement with the similar study of predictive performance for preformed displacement piles using advanced CPT methods by Schneider et al. (2008).
3. The Van Impe-86 method had a COV of 44 % which indicates poor predictive performance.
4. Improved estimates of DCIS capacity were obtained for the LCPC-82 method when the driven pile shaft coefficients (category 2A) were selected (Qc/Qm = 0.88) instead of the DCIS coefficients (category 1B) for calculating shaft resistance (Qc/Qm = 0.75).
5. Excluding the results of the Franki piles and Shotton led to improved estimates of mean
Qc/Qm and COV for the EF-97 and Van Impe-86 methods. However, the mean value of Qc/Qm
for the LCPC-82-1B method (i.e. DCIS coefficients) reduced from 0.75 to 0.67. The ICP-05,
NGI-05 and UWA-05 methods remained relatively unchanged.
Since DCIS and preformed displacement piles have comparable base behaviors (as evident in Figure
2), it seems reasonable to conclude that the slightly-conservative predictive performances of the ICP-05
and UWA-05 methods in Table 2 are a direct consequence of increased shaft resistance of DCIS piles in
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comparison to traditional displacement pile types. Such increases in shaft friction are likely to be attributed to higher interface friction angles and increased dilation during loading.
Since the proportion of the piles in Table 1 that were instrumented is relatively low (37%), this paper
has concentrated on the ability of design methods to predict DCIS total pile capacity rather than shaft
and base capacities separately. Further data from instrumented pile tests aimed at separating shaft and
base components of load would lead to improved predictive methods.

Site; Pile ref

EF-97

Fugro-05

ICP-05

1.19
0.71
0.70
0.95
0.56
0.67
0.73
0.48
1.00
1.01
0.76
1.20
1.04
0.44
0.74

0.94
0.99
0.75
1.29
1.53
1.36
1.53
1.31
1.43
0.88
1.61
1.60
1.37
0.73
0.69

0.57
0.78
0.62
1.10
0.84
0.99
1.07
0.79
1.11
0.66
1.10
1.17
1.01
0.54
0.61

LCPC-82
Cat. 1B
0.57
0.58
0.46
0.83
1.07
0.91
1.06
0.92
0.88
0.48
1.06
0.83
0.72
0.41
0.43

All sites in Table 1 (excluding Dagenham D1)
No. of piles, n
15
15
Average
0.81
1.20
COV
0.30
0.28

15
0.86
0.26

15
0.75
0.32

Excluding Franki piles, Dagenham D1 and Shotton S1
No. of piles, n
10
10
10
Average
0.90
1.13
0.85
COV
0.27
0.33
0.32

10
0.67
0.34

Pontarddulais; P1
Shotton; S1
Erith; E1
Erith; E3
Kallo; K1
Kallo; K2a
Kallo; K3
Kallo; K4a
Kallo; K5
Kallo; K6a,b
Kallo; K7
Le Havre; A4
Le Havre; C1
Ringsend; TP20
Franki-Grundbau; FG1

Qc/Qm
LCPC-82
Cat. 2A
0.87
0.70
0.51
0.92
1.10
0.96
1.11
0.95
0.97
0.58
1.12
1.21
1.04
0.59
0.61

NGI-05

UWA-05

Van Impe-86

0.52
0.66
0.75
1.07
1.17
0.96
1.18
1.02
1.04
0.76
1.16
1.51
1.30
0.71
1.20

0.59
0.73
0.58
1.01
1.13
1.07
1.16
0.97
1.04
0.78
1.18
1.28
1.10
0.69
0.67

0.66
0.41
0.69
1.23
0.50
0.84
0.58
0.41
0.89
0.85
0.66
1.51
1.32
0.55
0.50

15
0.88
0.26

15
1.00
0.27

15
0.93
0.25

15
0.77
0.44

10
0.84
0.30

10
1.00
0.31

10
0.89
0.29

10
0.89
0.40

Table 2. Performance of CPT design methods in estimating DCIS pile capacity.

6 CONCLUSIONS
The development of a database of load tests on DCIS piles has enabled a critical review of the applicability of 7 CPT-based design methods. The development of these design methods have been heavily influenced by research on predominately steel displacement piles. While the review suggests that CPTbased design methods have some merit for DCIS piles, they usually (with the exception of NGI-05 and
Fugro-05) underestimate the measured pile capacity. This may be attributed to enhanced interface friction between the cast-in-situ concrete and the soil compared to that developed with preformed piles. The
performances of the ICP-05 and UWA-05 methods are promising; however further investigation of appropriate coefficients for DCIS piles is recommended to maximize design efficiency.
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Comparison of observed and calculated earthquakeinduced settlements at 6 sites in Christchurch, NZ
S. A. Bastani
GMU Geotechnical, Inc., Rancho Santa Margarita, California, USA

ABSTRACT: The 2010 and 2011 earthquakes near Christchurch caused widespread
liquefaction of the recent sandy fills and young loose sediments in the city and its
suburbs. Detailed geotechnical investigations were performed at 6 liquefied sites with
various magnitudes of earthquake-induced settlements and deformations. These sites
were characterized with a minimum of 4 CPTs and 1 or 2 geotechnical borings with
SPTs. This paper presents results of the field and laboratory index tests providing 6
well documented liquefaction case histories. The observed earthquake-induced
settlements after the February 22, 2011 earthquake are compared with earthquakeinduced settlements estimated utilizing widely used standard of practice empirical
relationships.

1 INTRODUCTION
Several simplified empirical relationships have been developed for liquefaction
triggering evaluation based on a number of liquefied and non-liquefied case histories
from previous earthquakes. High quality liquefaction cases for medium dense sands
and high cyclic stress ratio (CSR) are rare. This paper presents 6 high quality case
histories (Figure 1) with SPT and CPT measurements and laboratory index tests in the
critical layers. The encountered material included loose to dense silty sands, sands, and
gravels. The granular soils were interbedded with low plasticity fine-grained soils with
occasional layers of organic and high plasticity fines. High quality case histories will
help in refining the simplified deterministic and probabilistic empirical liquefaction
evaluation methods.
This paper primarily focuses on presenting liquefaction case histories, earthquakeinduced ground settlements, and comparison of the measured and estimated settlements
at the sites. Visual examinations and subsequent field investigations at the sites were
performed between December 2011 and April 2012. The field investigations were
conducted after the December 23, 2011 aftershocks. Visual observations and
communications with the property owners indicated that all sites liquefied during the
February 22, 2011 Christchurch Earthquake (Mw = 6.1). The liquefaction triggering of
the sites were evaluated with 5 different widely used CPT-based methodologies. A
single approach (Zhang, et al., 2002) based on Ishihara and Yoshimine (1992) was used
to estimate the earthquake-induced settlements with different liquefaction triggering
methods.
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Figure 1. Site location plan and selected strong motion stations.

2 SITE GEOLOGY
Geology of the city of Christchurch is predominately controlled by fluvial processes.
Prior to development, the Christchurch area was underlain by river and floodplain
deposits along with deposits associated with swamps, beach dunes, estuaries, and
lagoons of Pegasus Bay. The younger deposits (i.e., post-glacial) are about 15 to 40 m
thick and overlay the Riccarton Gravel, which is the uppermost gravel of the older (i.e.,
glacial) deposits and the topmost aquifer (Cubrinovski, et al., 2011).
River realignment and stopbank construction has been occurring since the city was
established in 1850, which has resulted in abandoned and infilled paleo river channels
and former swamps. These areas of young, loose, and soft sediment, along with
shallow groundwater, contributed to widespread liquefaction, lateral spreading, and
settlement that occurred during the Darfield and Christchurch earthquakes.
3 CASE HISTORIES
High quality data were collected at 6 sites, 5 were in or near the CBD, and 1 (Site 4)
was located in the Ferrymead area, east of Christchurch. At least 4 CPTs were
performed at each site and were complimented with 1 or 2 borings with SPTs. The
borings were drilled using the Sonic Drilling method. Soil gradation and Atterberg
Limits were performed to evaluate susceptibility to liquefaction of the low plasticity
fines and wherever soil classifications were in doubt. The boring diameters and
hammer efficiency for each site are presented in Table 1. Figures 2 through 7 present
the uncorrected CPT tip resistance and friction resistance, measured SPT N-values,
moisture contents, Atterberg Limits, % fines, and % 2 for Sites 1 through 6,
respectively. The hammer efficiencies of the automatic hammers were based on the
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factory measurements except at Site 3 where a winch and steel cable auto hammer was
used. All 6 locations liquefied during the February 22, 2011 earthquake, and signs of
sand and silt ejecta were observed during the site visit several months after the
earthquake. Due to delayed site visits, evaluation of the volume of sand ejecta after the
earthquake could not be accurately performed. Based on the observations and
laboratory results, the underlying liquefiable sands were generally fine sands. The sand
layers were generally interfingered with fine-grained soils. The fine-grained soil layers
were generally non- to low-plasticity silts, some rich organic layers, and occasionally
high plasticity silts and clays.
Table 1. Borehole diameter and hammer efficiency
Site

Boring Size
(in)

Hammer
Efficiency (%)

Site

Boring Size
(in)

Hammer
Efficiency (%)

1

3.25

0.94*

4

4

0.85*

2

3.25

0.94*

5

3.54

0.94*

3
3.54
0.60+
6
3.54
*
Auto trip hammer reported by drill rig manufacturer.
+
Winch with steel cable with automatic trip hammer, unreliable hammer efficiency.
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Figure 2. Site 1 soil profile and laboratory data.
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Figure 3. Site 2 soil profile and laboratory data.
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Figure 4. Site 3 soil profile and laboratory data.
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Figure 6. Site 5 soil profile and laboratory data.
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4 GROUND MOTION
For the purpose of this paper, the ground motion stations in the Christchurch area in the
vicinity of the sites were reviewed. The criterion was to choose free field ground
motion stations in the vicinity of the sites with similar subsurface conditions. The peak
ground accelerations were estimated based on the measured peak horizontal ground
accelerations (PHGA). No strong motion station was available in the vicinity of Site 4
at the time of the February 22, 2011 earthquake. Therefore, the PHGA provided at the
Canterbury Geotechnical Database was used for Site 4.
A number of strong motion stations were triggered (Figure 1) during the
Christchurch February 22, 2011 earthquake using New Zealand GeoNet (2012)
database. The maximum of the two horizontal components of recorded accelerations in
accordance with the original simplified liquefaction procedures was used in the
liquefaction analyses. PHGAs varied from 0.49g (CCCC-NS) to 0.73g (REHS-EW).
Low frequency cycles with dampened acceleration amplitudes occurring after
liquefaction were observed in all acceleration time histories in the area. PHGAs used
for each site are presented on Figure 1.
5 LIQUEFACTION EVALUATION
Five different methods were utilized to evaluate the liquefaction potential at the subject
sites. These methods included Robertson and Wride (R&W, 1998), Moss, et al. (2006),
Idriss and Boulanger (I&B, 2008), Robertson (2009), and Te Tari Kaupapa Whare
Department of Building and Housing (DBH, 2012). DBH (2012) recommended
calculating the liquefaction triggering using the Idriss & Boulanger 2008 method,
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combined with fines content values using Robertson and Wride (1998) wherever fine
contents were not measured. The Idriss and Boulanger (2008) method used in this
study used either the measured fine contents values (Idriss & Boulanger 2008) or
values estimated from the CPT based on the Robertson and Wride (1998) correlation
(DBH 2012).
The groundwater table was estimated based on the pore pressure dissipation tests
from the CPTs and the measured groundwater depth in the borings at the time of the
field investigation. Significant artesian pore water pressure was observed in these
areas. The considered groundwater depths varied between 1.0m and 2.7m.
CLiq version 1.7.4.21 software (GeLogismiki, 2006) was used to evaluate the
liquefaction potential of the 6 sites. All methods predicted that the sites would liquefy
during the February 22, 2011 earthquake.
6 EARTHQUAKE-INDUCED SETTLEMENTS
The earthquake-induced settlements were dominated by liquefaction-induced
settlements at these sites, and the earthquake-induced compaction of the unsaturated
soils was expected to be negligible. The five different CPT-based liquefaction
triggering methods were combined with the Zhang, et al. (2002) method for estimating
earthquake-induced settlements. Earthquake-induced settlements were also estimated
using the SPT-based method by Youd, et al. (2001) for liquefaction triggering
combined with Ishihara and Yoshimine (1992). The estimated surface settlements
calculated by the different methods are summarized in Table 2. The estimated
settlements used the data for the full depth of CPTs and borings. In general, Robertson
and Wride (1998) and Robertson (2009) liquefaction triggering resulted in relatively
similar earthquake-induced settlements due to their similar basis. The estimated
settlements based on the SPT had a wider range of over or under estimations relative to
the CPT based estimations due the discontinuous nature of the blowcounts and
consequently the liquefiable layer thickness. In general, Moss, et al. (2006) triggering
method resulted in higher settlements than the other triggering methods.
The Canterbury Earthquake Recovery Authority has compiled a comprehensive Google
Earth geotechnical database. This database also includes elevation differences that
contributed to earthquake-induced settlements for the different Christchurch events.
The estimated elevation differences were based on a pre-earthquake airborne LiDAR
survey and LiDAR surveys after each earthquake event. Bare earth or terrain models
were created by removing points for structures and vegetation that were judged to be
higher than 0.5m above the surrounding ground. Then, a Digital Elevation Model
(DEM) was developed from each LiDAR set by averaging the ground-return elevations
within a 10m radius of each grid point. All of these DEM's used a common 5m grid
and used either moving averages or windowed averages. The DEMs were provided in
10cm color intervals. The estimated earthquake settlement at each CPT was
normalized with the average of the observed settlement interval by LiDAR at each site
in Figure 8 for the February 22, 2011 earthquake. The normalized minimum, average,
and maximum settlements are plotted for different liquefaction triggering methods at
each site based on the CPT data. Due to similar predictions using the Robertson
(2009) and Robertson and Wride (1998) methods, only the Robertson (2009) values are
shown in Figure 8. The average predictions were bounded by about 50 percent under
prediction at Site 3, to 250 percent over prediction at Site 6. The Robertson (2009)
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(and R&W 1998) method for liquefaction triggering combined with Zhang, et al.
(2002) for liquefaction-induced settlements resulted in the narrowest band for the
prediction of earthquake-induced settlements in this exercise.
7 SUMMARY
A large number of high quality soil liquefaction cases have been generated by the
2010-11 earthquakes at Christchurch area. The affected areas were surveyed by
LiDAR and subsurface investigations were performed before and after events creating
one of the most significant liquefaction databases available to the geotechnical
engineering community. This paper presents 6 high quality case histories that have
from 4 to 8 CPTs and 1 to 2 borings with SPTs and associated laboratory index tests at
each site.
The sites were analyzed using 5 different CPT-based liquefaction triggering
methods. All methods resulted in similar stratigraphy for liquefiable soils. However,
the calculated earthquake-induced settlements were more variable when the same
methodology for liquefaction-induced volumetric strain (Zhang et al., 2002) was used
with the different triggering methods. The calculated settlements based on the SPT
results resulted in an even wider range of earthquake-induced settlements. On average,
the earthquake-induced settlements were under predicted 19% by the Robertson &
Wride (1998) and Robertson (2009) triggering methods, and were over predicted 39%,
19%, and 26% by Moss, et al. (2006), Idriss and Boulanger (2008), and DBH (2012)
triggering methods, respectively. The Robertson & Wride (1998) and Robertson
(2009), Moss, et al. (2006), Idriss and Boulanger (2008), and DBH (2012) triggering
methods also resulted in normalized earthquake-induced settlement standard deviations
of 40%, 40%, 68%, 67%, and 65%, respectively.
The author acknowledges that evaluation of finite deformations due to liquefaction
is generally a difficult task, and other variables such as sand ejecta and building loads
make the estimation of seismic settlements further complicated. It is also understood
that the subsurface soil conditions may have been altered due to the aftershocks since
the February 22, 2011 earthquake. Since the survey benchmarks had settled due to the
earthquake(s), and accurate survey of the total settlements were not available, the
estimated earthquake-induced settlements based on LiDAR were the only available
measure of the total earthquake-induced settlements at Christchurch.
The estimated earthquake-induced settlements presented in this paper consider the
post-earthquake reconsolidation of the liquefied soils and do not consider the effects of
sand boils or adjacent building loads. However, the sand boils and building loads
generally exacerbate the actual seismic settlements. Therefore, the calculated seismic
settlements based on soil reconsolidation should be lower than the actual settlements
wherever sand boils and/or building loads are present. This paper compared the
predicted seismic settlements as generally applied in geotechnical practice with the
measured earthquake-induced settlements, which showed that the current estimations
correlated reasonable well to the observed values. However, large variations should be
expected and addressed by additional field investigations for subsurface conditions
such as Christchurch.
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ABSTRACT: The University of California Santa Barbara needed to evaluate options to expand student
housing at the existing West Campus. Previous geotechnical studies had identified a zone of potential
displacement in the soil extending through the site that appeared to correlate with a zone of known
faulting. Because the site is mostly developed, has deep alluvial soils, shallow groundwater, and has a
number of existing utilities and surface improvements, 285 closely spaced CPTs were used to correlate
geologic strata or layers across the site and assess the potential for faulting by evaluating anomalies or
offsets in the correlated units. Soil borings at 17 selected locations were drilled to obtain core samples
that could be compared with the CPT results. Radiocarbon dates were obtained from selected carbon
samples. Three relatively short fault trenches were excavated and logged.
On the basis of the data obtained, three faults were recognized crossing the site. The abundant CPT data allowed for the preparation of a 3-D surface diagram to illustrate the general spatial relationships of
the faults. Building setbacks were established within 15m of the active fault traces interpreted from this
study.

1 INTRODUCTION
1.1

Project Understanding and Approach

The University of California Santa Barbara (UCSB) needed to evaluate options to expand the student
housing at the existing Santa Catalina Residence Hall facility located in the West Campus area at the
northeastern corner of Storke and El Colegio Roads, Santa Barbara, California. The proposed expansion
project will consist of constructing several, multistory housing structures in areas of the site currently
occupied by surface parking and open space.
Past geologic mapping and research in the vicinity had identified a zone of potential south-side-up
displacement in the soil and bedrock extending through the site that appeared to correlate with a zone of
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faulting and displacement associated with a branch of the More Ranch fault. Previous geotechnical
studies also suggested the presence of faulting in this area. To further define the location and extent of
faulting on the project site, additional fault evaluation work was needed.
The work scope for the project was developed through discussions with UCSB with the understanding that determining the presence or absence of faulting on developed sites underlain by deep alluvial
soils and shallow groundwater can be extremely difficult and may require the evaluation be performed
in an iterative or phased approach. Because the Santa Catalina site is mostly developed, has deep alluvial soils, shallow groundwater, and has a number of existing utilities and surface improvements, we concluded that excavating long, continuous, relatively deep trenches into the alluvium (with shallow
groundwater and related dewatering) in the existing parking lot or the open space areas would be disruptive and very expensive. As an alternative to excavating fault trenches at the site, we recommended that
our fault exploration effort focus on using closely spaced cone penetration test (CPT) soundings to correlate geologic strata or layers across the site and assess the potential for faulting by evaluating anomalies or offsets in the correlated units.
1.2

Field Work

Work performed for the project initially involved performing a series of closely spaced CPT soundings
at the site along north-south oriented lines across the property. The north-south distance across the site
is approximately 185m. Ultimately, 285 CPT soundings were performed. After the majority of the CPT
data were obtained and interpreted, 17 soil borings were drilled at selected locations using the CME hollow-stem auger coring method to obtain continuous core samples that could be logged in detail, evaluated, and compared with the CPT results. Radiocarbon dates were obtained from selected carbon samples
extracted from the soil cores and those results suggested that focused fault trenches could be useful in
determining the date of the latest fault offset and ultimately determine the activity of faulting at the site.
Consequently, three relatively short fault trenches were excavated and logged in an effort to date fault
offsets and evaluate the activity of the faults.
1.3

Data Evaluation and Processing

Survey control points for the fault exploration project were established from existing UCSB monuments
using a 3-arc-second total station. After the project control points were set, each CPT, bore hole, and
fault-trench was surveyed using the total station to acquire accurate horizontal and vertical locations of
the explorations. Extreme care was taken to accurately record the horizontal location of the explorations
and the elevation of the starting point where CPT data were acquired (i.e., CPT zero depth points).
The CPT data were processed to obtain data at approximately 2.5cm depth-increments and detailed
correlation cross sections were developed for each line of CPT soundings. Geologic strata and soil/rock
layers were interpreted, evaluated, and correlated between adjacent CPT soundings and shown on the
detailed CPT-based geologic cross sections. The surveyed CPT locations were used to accurately locate
and depict the CPT data on the cross sections. Detailed logs of the continuous cores and fault trenches
were developed and those data were incorporated in the cross sections.
Although closely spaced CPT data in areas with distinctive stratigraphy commonly allow recognition
of faults with a meter or more of offset, minor faults can be more difficult to detect. With the distinctive
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stratigraphy, close CPT spacing, and accurate positioning used at the Santa Catalina Residence Hall site,
it was possible to confidently detect stratigraphic offsets as small as a 0.3 to 0.6m.
2 SITE CONDITIONS
2.1

Geologic Conditions

The site is situated on the alluvial coastal plain south of the Santa Ynez Mountains, which are composed
almost entirely of sedimentary rocks and soils ranging in age from late Jurassic to Recent. The More
Ranch/Mission Ridge/Arroyo Parida faults are the principal fault system on the coastal plain, and form
the northern boundary of that marine terrace.
The marine terrace is a wave-abraded surface that is typically covered with a thin veneer of marine
sands and overlying undifferentiated alluvium. The base of the marine terrace is gently sloping to the
south to generally flat-lying. The marine terrace is composed of late Pleistocene age marine sand, with
discontinuous, basal, fossiliferous sand and is overlain locally by undifferentiated alluvium of estuarine
and non-marine deposition. In the site vicinity, marine terrace sediments unconformably overlie a Quaternary/Tertiary age marine siltstone unit believed to be the Pico Formation bedrock (QTp) shown on
Gurrola (2004) or the siltstone unit (QTst) shown on Minor et al. (2009).
It was possible to recognize and correlate the: 1) undifferentiated alluvium, 2) marine terrace deposits, and 3) siltstone and sandstone units of the Pico Formation. Correlations of the CPT data in the
northern portion of the site are readily apparent and the data correlate well from one CPT to the next.
Where the bedrock consists of Pico Formation siltstone to clayey siltstone, the bedrock contact was
sharp, however, the correlations are less clear in the southern portion of the site where the Pico Formation consists of silty sandstone to sandstone and where the marine terrace deposits have been partially
eroded away and replaced by undifferentiated channel alluvium. Observations from the drill-hole-cores
and fault trenches were used to help resolve some of the CPT correlations.
2.2

Groundwater Conditions

Four vibrating wire piezometers were installed in two borings at the site. The piezometers indicated that
the groundwater was at about an elevation of 2.3 to 4.2m above sea level. Groundwater was also encountered in two of the fault trenches, at an elevation of about 3.7m.
At the conclusion of most of the CPT soundings, the CPT holes were checked for evidence of
groundwater using a tape measure or water sounding device. The depths of caving noted in each of
those probed soundings were assumed to be indicative of the approximate depth of groundwater and
were used when normalizing the CPT data for processing.
3 FAULTING
As noted above, detailed geologic profiles were developed from the CPT data and fault trenches to help
evaluate the presence, orientations, and limits of faulting on the site. The CPT-correlation profile lines
were drawn in a general north-south orientation without vertical exaggeration (i.e., equal horizontal and
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vertical scales) to provide a true spatial representation of the data and to allow improved correlation of
the soil data. Data from the borings and trenches are also included on the CPT-correlation profiles. The
locations of the CPT profile lines (Line 1 through Line 14) are shown on Figure 1. An example of a portion of the detailed CPT-based geologic profile from Line 2 is shown on Figure 2.

Figure 1: Map of CPT, borings, and fault-trench exploration locations.
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Figure 2: Portion of Profile Line 2 showing the northern and central fault zones.

4 FINDINGS AND CONCLUSIONS
4.1.1

Site Observations

Large diagrams were prepared for each of the profile lines using GIS techniques to illustrate the CPT
correlations and interpreted geologic conditions (see example from Line 1 on oversize Plate 1). Our interpretations of the fault conditions at the Santa Catalina site developed from this study are shown on
Figure 3. On the basis of the data obtained for this study, three faults at the site were recognized; herein
referred to as the northern, central, and southern faults.
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Figure 3: Map of interpreted fault zones.

The most significant of those three faults is the central fault, which can be traced across the site between Lines 1, 3, and 2. That south-side-up reverse fault offsets the base of the marine terrace deposits
by about 3.0 to 3.4m on the western side of the site (Lines 1 and 3) and by about 4.6m on the eastern
side of the site (Line 2, Figure 2).
The fault referred to herein as the northern fault was observed on CPT profile Lines 4, 6, 2, and 5.
Where observed near the southern end Line 4, that north-side-up reverse fault dips to the north at about
50 to 55 degrees and it offsets the base of the marine terrace deposits by about 0.6 to 0.9m.
The fault referred to herein as the southern fault was observed in CPT profile Lines 1 and 3. Where
observed near the southern end of Line 1 (Plate 1), that south-side-up reverse fault dips to the south at
about 50 degrees and it offsets the base of the marine terrace deposits by about 3m.
A three-dimensional surface diagram was prepared to illustrate the general spatial relationships of
the three faults and their offset of the base of the marine terrace deposits (Figure 4). As shown on that
diagram, in the northern portion of the site (north of the northern fault), the base of the marine terrace
deposit is inclined gently eastward at about 2 to 3 percent (sloping from about El. -2m on the western
side of the site to about -7m on the eastern side). The northern fault and the central fault bound a
wedge-shaped graben-like feature in which the base of the marine terrace is inclined toward the north
(about 4 percent) and to the east (about 10 percent). At the southern edge of that graben block, the base
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of the marine terrace deposit north of the central fault is lower than the base of the marine terrace deposit south of the central fault. In the area between the central fault and the southern fault, the base of the
marine terrace deposit is inclined generally northward (at about 4 to 6 percent) and northeastward (at
about 6 to 8 percent). South of the southern fault, the base of the marine terrace is gently inclined to the
north and northeast (at about 4 to 6 percent).

Figure 4: Three-dimensional surface diagram of interpreted fault zones.

4.1.2

Age of Faulting

Twenty samples of sediment that contained detrital-charcoal and/or -organics were collected from the
boreholes and trench-wall exposures. The samples were processed using Accelerator Mass Spectrometry (AMS) techniques to yield conventional radiocarbon ages, which were then calendar calibrated.
The radiocarbon dates we obtained from the Santa Catalina site indicate that tectonic uplift on the
fault herein referred to as the central fault juxtaposes strata of Holocene age against strata of Pleistocene
age, thus indicating the fault should be considered active (i.e., it offsets strata of Holocene age). The age
of faulting for the fault referred to herein as the southern fault has not been determined. Consequently, it
should be considered active for purposes of fault-rupture mitigation. Because the absence of Holocene
fault offset cannot be demonstrated for the fault referred to herein as the northern fault, and that fault
appears to be a splay of the central fault, the northern fault should be considered active for purposes of
fault-rupture mitigation.
4.1.3

Recommendations	
  

Consistent with the general standard of practice in the area, building setbacks were recommended to be
established within 15m of the active fault traces. Building setback zones from the active faults identified in this study are indicated on Figure 3. The setbacks were generally plotted about 15m wide on either side of the fault traces. This study demonstrated the utility of the CPT to accurately map stratigra-
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phy, if CPTs are performed in close proximity and accurate survey control is used. The study further
demonstrated that relatively minor fault offsets can be recognized using closely spaced CPTs at sites
where conventional efforts to evaluate faulting are limited.
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ABSTRACT: Femern A/S´ mission is to plan, design, build and operate a fixed link between Denmark
and Germany across the Fehmarnbelt, connecting the Scandinavian countries with the European continent. The preferred solution is an immersed tunnel with a four lane motorway and a double track railway, crossing the 19 km wide Fehmarnbelt. Start of construction is expected in 2015 and opening being
planned for 2021. Femern A/S endeavours to identify, limit and share the ground related risks with the
Contractors. This paper focuses on the establishment of the Owner's Geotechnical Baseline Frames
identifying boundaries (low and high) for the expected mean value of selected soil properties using piezocone data (CPTU). The Contractor's scope includes supplementary site investigations, and the results
will be merged/consolidated with the Owner's results. If the consolidated data show a mean value outside the Baseline Frame range, the Contractor may be entitled to compensation following the contract.

1 INTRODUCTION
1.1 The Owner and the Geo Strategy
Femern A/S is the Owner of and is responsible for the implementation of the Fehmarnbelt Fixed Link.
Femern A/S is a subsidiary of the Danish, state-owned Sund & Bælt Holding A/S, which has considerable
experience from the construction of the fixed links across Storebælt (Great Belt Link) and Øresund, illustrated in Figure 1.
Lessons learned from these previous projects has allowed Femern A/S to establish and develop a Geo
Strategy that has governed the on-going investigations for design and construction, and the Geo Strategy
also sets out the overall rules for construction.
The Geo Strategy comprises principles in line with: the project is a high risk project and efforts for risk
reduction are thus given priority; adequate early site investigations are used as a means to reduce variations between the findings from the Owner and the Contractor´s investigations; the development of the
project basis must be based on consistent and state-of-the-art methods and techniques; the Owner will in
all relations actively oppose tendencies to keep results and knowledge paid for by the Owner behind
curtains for commercial reasons.
819

Figure 1. Location plan.

Examples of principles for construction issues, included in the Geo Strategy, are: construction contracts
shall aim at a clear and priceable risk sharing in respect of geo-related matters; the Contractor’s geo-tasks
after award of construction contract shall be limited to local verification of design basis and quantities according to principles and methods specified in the contract and the introduction of other methods and
techniques to be efficiently ruled out; the Contractors shall consider and be made to appreciate the contractual baselines when preparing their bids, thus avoiding gambling on interpretations of geo-information.
1.2 The Overall Approach for the Geological and the Geotechnical Issues
The geo-parts of the project basis have been established in a phased, top down approach from overall understanding to a coherent context of facts. This process started in 1995/96 during the feasibility study and
is being completed in 2013. For further details regarding approach for the geotechnical investigation reference is made to (Kammer et al. 2012). The main elements of the project investigations are:
• Establishing a project specific positioning system.
• Geophysical surveys.
• Geotechnical boring campaign including CPTUs.
• Advanced laboratory testing.
• Large scale on site testing.
The factual information gathered by consultants and site investigation contractors is presented in Geotechnical Data Reports and these reports are compiled into a Ground Investigation Report (Femern Sund
& Bælt 2013). All this information has been organized in a geo information system, available to all Contractors.
1.3 The Overall Ground Conditions
The encountered ground conditions are illustrated on the simplified geological cross section in Figure 2.
The ground conditions comprise a base of chalk, showing a dome structure due to deeper seated salt
movements. Above this base, Palaeogene clays being of very high plasticity with fissures and slickensides
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are seen as intact deposits, as folded layers and as isolated floes in the Glacial tills. On top of these layers,
the Lower Till Unit (mainly very stiff to hard clay till with cobbles and boulders) dominates the area near
Fehmarn on the German side, and this unit is overlain by the Upper Till Unit (mainly very hard clay till
with cobbles and boulders) near Lolland on the Danish side. In the deepest part of Fehmarnbelt, younger
basin deposits of silt/clay as well as sand and peat/gyttja are found.

Figure 2. Simplified geological cross section.

2 GEOTECHNICAL DATA MANAGEMENT
2.1 The Geotechnical Reference Conditions (by the Owner)
The document Geotechnical Reference Conditions is a part of the contract documents and it is prepared by
the Owner. These Geotechnical Reference Conditions (together with the Ground Investigation Report) are
equivalent to a “Geotechnical Baseline Report”, cf. (UTRC 2007).
The Geotechnical Reference Conditions have been established for soils which will have significant effects on the Contractor´s tender design and construction. They represent the Owner´s conclusions on the
properties of the materials concerned for the project areas.
The measured results from the Owners extensive field investigations, laboratory tests and large scale
tests have, after corrections, been correlated into derived values as illustrated on Figure 3. For selected derived values, Baseline Frames have been defined and characteristic values have been established for design considering the specific design situation.
The Baseline Frames have been defined as intervals from Low to High. These intervals represent the
variation of the mean value that the Contractor shall accept as a basis for his bid. CPTU related Baseline
Frames are established for all major soil types encountered within the project area. Baseline Frames are
also established for the number of cobbles/boulders within the glacial tills. Issues about the CPTU related
Baseline Frames are illustrated in Sections 3 and 4, whereas handling the number of cobbles/boulders is
discussed in Section 5.
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Figure 3. Development of values.

2.2 The Consolidated Ground Conditions (by the Owner and the Contractor)
After signing of the design and construction contract and prior to any construction works, the Design and
Build Contractor shall perform verification investigations, applying exactly the same methods as applied
by the Owner. The results of the Owner’s and the Contractor’s investigations shall be merged into the
consolidated ground conditions. Together these investigations will meet the requirements of the Eurocode.
Should the consolidated ground conditions deviate from the Owner’s Reference Conditions (i.e. the
consolidated mean falls outside the Baseline Frames), the Contractor may be entitled to compensation according to the contract.
Having settled any entitlements, the Contractor shall take over the responsibility of the ground conditions before the construction works are initiated.
3 CPTU AS PART OF THE SITE INVESTIGATIONS AND BASIS FOR DESIGN
Borings for sampling and borings for CPTUs were initiated to confirm and refine the geological model obtained from the geophysical surveys, to improve the geotechnical understanding of the identified deposits
and to extract high quality samples for geotechnical laboratory testing.
Borings for sampling were generally established using continuous undisturbed core sampling applying
the Geobor S triple tube core barrel with a core diameter of 102 mm. Most of these borings for sampling
were supplemented by a boring with down-hole CPTU located approximately 5 m away from the boring
for sampling. At selected locations, CPTUs in seabed mode were applied to assess both the variability and
coreability of the upper soil strata and the expected leg penetrations for the jack-ups used for the boring
campaign.
Besides the benefits of continuous profiles, this also allowed for correlation between CPTU, geology
and laboratory test results.
Offshore CPTU testing comprised 41 locations in seabed mode to 25 m target depth and 30 tests in
down-hole mode to 50-100 m target depth using a typical stroke length of 1.5 m; a total of 3,275 linear
metres of soil was investigated. The offshore CPTU campaign was supplemented by 10 on-shore borings
for CPTU penetrating up to 100 m.
The measured CPTU data have been corrected and correlated with the results of the advanced laboratory tests and large scale tests. The undrained shear strength in compression is derived using suC= qnet/Nkt,
where qnet is the net cone resistance and Nkt is the cone factor for the different soil types, cf. also (Lunne et
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al. 1997). More details about correlations with qnet are given in (Hansen et al. 2012) for the Palaeogene
clays.
Selected geotechnical characteristic values have been assessed on the basis of the CPTUs as described
in Section 4.3. These values form the basis for the Contractor´s tender design.
4 CPTU AS PART OF CONTRACT DOCUMENTS, CONSTRUCTION AND RISK ALLOCATION
4.1 Principles
Baseline Frames related to CPTU measurements are illustrated in Figure 4.

Figure 4. Principles of Baseline Frames referring to qnet.

The following comments shall be given on Figure 4:
The red dashed line represents the mean value of the CPTU net cone resistance against depth, qnet(z),
using a best fit ordinary least square regression analysis on corrected CPTU values. This line is identified using the Owner's measurements only. The value of z is zero at seabed or terrain surface and it increases with depth.
• The symbol σno in Figure 4 is defined as the normalized standard deviation, estimated using the traditional equation for standard deviation, applied to the ratio between qnet at a given depth and the corresponding value of qnet(z).
• The symbol σst in Figure 4 is defined as the standard deviation, estimated using the traditional equation for standard deviation, applied on the difference [qnet - qnet(z)].

•

Figure 4 shows that the Baseline Frames are established by a combination of σst and σno. If the Baseline
Frames are established using σno only, one may find that the difference between High and Low for some
soil types will be unrealistically small. The largest value of 0.6·σst and 0.6·σno·qnet(z) is thus used to estimate the Baseline Frames at different depths..
The factor of 0.6 in Figure 4 (0.6·σst and 0.6·qnet(z)·σno) was found using a probabilistic approach.
Given that only the Owner's measurements are used to estimate the Baseline Frame, this set of information
was used to predict a large number of statistical samples, each representing the consolidated measurements, where the Contractor's measurements are included. Initially, the factor of 0.6 was defined as a constant A. The probability for the consolidated statistical samples to fall outside the Baseline Frames was
analysed for various values of A using the Upper Till Unit and the clays of Palaeogene origin. It was
found that A = 0.6, as shown in Figure 4, implied a 5 % probability for the Baseline Frames to be violated
for the Upper Till Unit, whereas 15 % was found for the clays of Palaeogene origin.
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4.2 Corrected Data
The measured CPTU data was corrected, following the principles:
• Transforming the measured CPTU cone resistance to the net cone resistance, qnet.
• Sorting qnet values in order to clean the measurements from values, not evaluated to be representative
for the in-situ soil conditions of the soil matrix, e.g. the initial part of the stroke, which may represent
a disturbed soil from drilling out the soil along the previous stroke.
• Filtering qnet values to remove peaks owing to stones and concretions and “unreliable” low and high
values of qnet.
4.3 Clays of Palaeogene Origin as an Example
Baseline Frames for the clays of Palaeogene origin are depicted on Figure 5. The left part shows the depth
interval between 0 and 50 m, whereas the right part stops at 20 m depth. A total of approximately 20,000
CPTU registrations are included in the left part of Figure 5. Clays of Palaeogene origin occur within the
upper 50 m below seabed for approximately 5 km of the offshore alignment.

Figure 5. Baseline Frames for clays of Palaeogene origin. Left: depth interval of 0 to 50 m. Right: depth interval of
0 to 20 m.

The characteristic value of the undrained shear strength in compression has been selected using a
cautious estimate of qnet/Nkt where Nkt = 25.5 for the fissured/slickensided clays of Palaeogene origin as
identified from approximately 120 advanced laboratory tests in which the undrained shear strength has
been measured.
Figure 6 is based on the right part of Figure 5, but the net cone resistance is transformed to the
undrained shear strength in compression. The curves for Low and Mean are shown on the figure together
with the characteristic undrained shear strength in compression.
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Figure 6. Characteristic undrained shear strength in compression for clays of Palaeogene origin.

5 COBBLES AND BOULDERS
Baseline Frames for cobbles and boulders in glacial tills have been established by the Owner, using the
number and height of cobbles/boulders as observed within the borings for sampling. The principles applied follow the descriptions given for the CPTUs.
The total length of core runs amount to 1,978 m in the Upper and Lower Till units. The encountered
number of cobbles and boulders is based on observations in the borings for sampling. As a statistical approach showed no distinct difference in the number of cobbles/boulders observed within the different glacial deposits, they are treated as one single deposit with regard to the cobble/boulder contents.
The mean height of each cobble/boulder observation was defined as the height of the cobble/boulder, as
it appears in the borehole log, and all observations where the mean height exceeds 0.10 m were included.
The mean height of the cobbles/boulders was plotted against the accumulated number of cobbles/boulders
exceeding the mean height in question, revealing that the distribution of the mean height can be defined as
an exponential function with the accumulated number of cobbles/boulders increasing with decreasing
mean height.
The exponential function, representing observations in the Owner's boreholes, was then used to identify
Baseline Frames (High and Low) identifying the number of cobbles/boulders exceeding 0.20 m in mean
height for each 1,000 m of cored borings for sampling. The high and low values for the Baseline Frame
were established as 12.00 and 0.30, respectively. It was attempted to establish a more refined system with
several intervals of the mean height, each having their own Baseline Frames, but this approach would
complicate the contractual documents more than it would benefit. The mean height of 0.20 m was thus
supplemented with an exception that stones exceeding 20 metric tons is handled separately.
6 CONCLUSIONS
For the Fehmarnbelt Fixed Link project, CPTUs have been used intensively as an important part of the site
investigations, the design phase, the tendering, and the construction and risk allocation.
The CPTU values have been measured, corrected and correlated to form an unambiguous basis for the
geotechnical Baseline Frames.
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The geotechnical Baseline Frames are part of the contractual Geotechnical Reference Conditions and
describe the geotechnical conditions anticipated to be encountered during the underground construction.
The Baseline Frame is a risk management tool and forms the borderlines between the subsoil responsibilities of the Owner and the Contractor. Hence they serve as basis for the Contractors tender preparation and
handling of possible adverse conditions.
The main advantages for the application of Baseline Frames are:
• The Baseline Frames are quantitatively determined through measurements, enabling the Contractor's
values to be directly merged with the Owner's values to form the consolidated values established prior
to construction.
• If the consolidated values show a mean value outside the Baseline Frames this deviation may give rise
to compensation according to an entitlement mechanism as further defined in the contract documents.
• As the values measured by the Owner and the Contractor are directly comparable, the Contractor must
take full responsibility for utilizing this information for planning of his own work. Poor performance
on e.g. excavation in the very hard tills cannot be claimed as long as the consolidated mean value of
the CPTU net cone resistance is located between the corresponding Baseline Frames set out by the
Owner.
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Soil compaction after vibro-compaction and vibroconcrete-columns
M. Premstaller
Premstaller Geotechnik, Salzburg, Austria

ABSTRACT: For the construction of a housing complex in Zell am See, Austria, a vibro-compaction
and vibro-concrete-columns in coarse-grained soils were carried out. The soil-compaction was controlled by CPT. In the area of vibro-compaction a uniform soil-improvement with a rise of the coneresistance qc by the factor 6 was measured. Near the vibro-concrete-columns an increase of the cone resistance qc from 5 MPa to 15 MPa was observed. The compaction of the sand reaches a distance of 2.4
m, with a continuous reduction. From pile load test results a settlement of 5 mm with a load of 800 kN,
that correlates with the calculated pile bearing capacity based on LCPC-method.

1 INTRODUCTION
In Austria CPT is more or less a new technology, which is due to the predominant alpine area with rocky
soil, where CPT cannot be used. The common practice for soil-investigation is core-drilling and dynamic-probing. But some intra-alpine basins are filled with soft-soils (postglacial sediments) that can be examined very well with CPT. Therefore two years ago our company decided to introduce this system to
Austria.

Figure 1 Location of the case study and relevant areas for CPT in Austria.
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The following case-study is situated in Zell am See, that lies in an intra-alpine basin, which was eroded
more than 300 m during ice-time and postglacialy refilled mainly with sand, silt and clay.
An interesting fact is that nearby in 1995 a road-bridge was founded on the “European-recorddiaphragm-wall” with a depth of 104 m.
About 500 m south of the lake of Zell am See a housing complex including structures with and without basement was planned. According to the difficult geological situation and the high water table for
the parts with basement, vibro-compaction was carried out to reduce the groundwater-flow into the excavation. The buildings without basements were founded on vibro-concrete-columns.
2 GEOLOGY AND SOIL CONDITIONS
In the construction-area the overburden consists of fill, peat and silt up to a depth of 3 m. Below 3 m are
deep sand sediments with a cone resistance qc of 2 MPa, in which from 3 m to 6 m fine gravel is included that causes a rise of the qc-value up to 4 MPa. A typical CPT profile is shown in Figure 2. For these
sands a high permeability was detected. In deeper layers sometimes we have a certain fine gravelcontent.
The groundwater-table lies 3 m under the surface and because of the impermeable overburden the
groundwater is confined. A rise of the groundwater up to 1 m below surface was measured.

Figure 2 Typical CPT (CPT 5)
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3 VIBRO-COMPACTION
The houses with basement have a foundation-depth of 3 m. Because of the local soil conditions and the
high groundwater-table the excavation-pit was stabilized with sheet piles. In order to reduce the waterflow into the pit and not to lower the groundwater outside, that could cause damages on the neighboring
structures, the sand from 3m to 10 m was improved using vibro-compaction. Gravel material 0/70 with
compaction-points in a grid of 1.5 m by 1.5 m was driven into the soil using a vibro-compaction system
by KELLER foundations.
To determine the soil quality CPT soundings before and after the compaction-works were carried out.
Generally in the sand/fine gravel from 3 m to 6 m the cone resistance qc rises from 4 MPa to 25 MPa
and in the sand from 6 m to 10 m the qc-values increase from 2 MPa to 12 MPa. The result is that in both
coarse-grained soil-horizons the cone resistance qc after the compaction is 6 times higher than before.
Figure 3 shows an overlay: CPT-5-pre before, CPT-5-post-between after the compaction between the
compaction points and CPT-5-post-direct after the compaction direct on a compaction point.

Figure 3 Comparison: CPT 5-pre (magenta) – CPT 5-post-between (black) – CPT 5-post-direct (cyan)

As the sleeve friction fs were also rising, the friction ratio Rf did not change significant. For that reason
the SBT-Index Ic shows a more coarse-grained soil, but this is a misinterpretation likely due to the complex stress history from ground improvement. With several CPT´s a similar good compaction all over
the construction area was detected.
Additionally the time effect should be determined, because a time-dependent increase of the soil
strength had been expected following the compaction. But no significant difference between the CPT after one day and after ten days was measured.
As this soil-compaction was carried out in order to make the soil lower permeable, the required
pump-rate of 10 l/s was about 10 times lower than the calculated pump-rate of 100 l/s without soilimprovement. Photographs of the site during construction are shown in Figures 4 and 5.
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Figure 4 Vibro compaction works

Figure 5 Excavation and groundwater lowering by wells
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4 VIBRO-CONCRETE-COLUMNS
For the buildings without basement a shallow-foundation was not possible because of the organic overburden. Originally small-diameter, low-pressure grouted steel piles were designed but the contractor decided to carry out vibro-concrete-columns system by KELLER foundations. One reason was that the
same machine as for the vibro-compaction could be used and no extra site equipment was necessary.
With a column-diameter of 60 cm for a design-load of 400 kN a column-length of 11 m was calculated.
The compaction of the sands in the local area of a test-pile was investigated with four CPT´s in a continuing distance of 60 cm from the pile. Just near the pile the following cone-resistance qc values were
measured: in the clay-like overburden there was no change in qc, whereas in the coarse-grained sands
(qc-rise from 2 MPa to 6 MPa) and fine gravely-sands (qc-rise from 5 MPa to 15 MPa) the averageincrease-factor was 3.
The cross section in Figure 6 and the overlay plot in Figure 7 show the continuous decrease of qcvalues with the increase of the distance. In a distance of about 2.5 m no change of the originally soilconditions can be seen any more. The compaction-effect has a range of 4 times the column-diameter;
that was larger than expected.

Figure 6 Vibro-Compaction effect according to the distance
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Figure 7 green: original CPT; red: CPT dist. 60 cm; cyan: CPT dist. 120 cm; blue: CPT dist. 180 cm; magenta: CPT dist. 240 cm

Figure 8 Vibro-compaction effect decreasing with distance
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Figure 8 shows the detailed values of qc versus the distance. The blue line (qc in the fine gravely sand after vibro-compaction) has a similar continuous decrease-line as the red line for the sand; only the values
are different. In a distance of about 250 cm the original values of qc are reached.
A pile-load test on one of the vibro-concrete-columns gave a settlement of 5 mm with a load of 800
kN (two-times of the design-load of 400 kN). As this pile was used as a construction-pile, this test was
stopped and the breaking-load was not detected. Based on the LCPC (CPT) method an allowable pile
capacity of 500 kN with a settlement of around 20 mm was calculated.
In this area, micro-piles generally have a smaller pile-capacity than vibro-concrete-columns, which is
one reason for selecting the higher bearing-capacity of vibro-concrete-columns due to the high soilcompaction near the pile.
5 SUMMARY
A case study of soil-compaction in coarse-grained-soils with vibro-compaction and vibro-concretecolumns was investigated with CPT´s.
With vibro-compaction an increase of the cone-resistance qc of the factor 6 was detected. High qcvalues of 25 MPa for fine gravely-sands and 12 MPa for sands could be reached. Over the construction
area a homogeneous compaction was measured.
Near the vibro-concrete-columns an increase of the cone-resistance qc from 5 MPa to 15 MPa in the
fine gravely-sands and from 2 MPa to 6 MPa in the sands shows a compaction-factor of 3. Surprisingly
the big range of the soil-compaction up to a distance of 2.5 m with a continuous decrease was measured.
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Axial pile capacity within an elastic continuum framework in
Virginia’s Coastal Plain
C.L. Cox, P.E. & S.A. Barnhill, P.E.
GeoEnvironmental Resources, Virginia Beach, Virginia, USA

ABSTRACT: This paper presents a case study of the load-displacement-capacity response of augercast
concrete piles installed in layered soils of Virginia’s Coastal Plain within an elastic continuum
framework. Using this approach, a nonlinear representation of load-displacement-capacity response
under axial compressive loading is examined. Augercast concrete piles measuring 405 mm in diameter
were subject to traditional top-down static axial compressive load tests. Pile capacities were directly
calculated using Laboratoire Central des Ponts et Chaussées (LCPC) methods and Piezocone Test
(CPTu) data. Analysis using elastic continuum theory calculated theoretical pile displacements. The
measured pile displacements from load testing were in close agreement with the calculated theoretical
displacements using elastic methods. Theoretical displacements and measured displacements from load
testing were compared using both directly measured shear wave velocities from Seismic Piezocone
Testing (SCPTu) and correlated shear wave velocities.
1 INTRODUCTION
Deep foundation design is capacity-centric in that designers and engineers primarily look to establish a
working foundation type and size that will satisfy given construction and loading requirements. The
loaded behavior or settlement analysis of deep foundations is not immediately examined in many deep
foundation designs. The tendency to ignore settlement analysis of deep foundations occurs often as the
analysis can be rigorous and most deep foundations are put forth as settlement mitigation techniques
with displacements that are anticipated to be minimal and are not expected to cause damage to
structures. Analysis of the loaded behavior of deep foundations can be performed using a number of
techniques. Raft methods incorporating strain influence and raft methods incorporating elastic
shortening are the most common approaches used to determine the load-displacement-capacity response
of axially loaded deep foundations.
The purpose of this paper is to present a case study that details the load-displacement-capacity
response of augercast concrete piles subject to traditional top-down static axial compressive load tests.
The subject project took place in Norfolk, Virginia on the campus of Old Dominion University. The
project involved the construction of a 2,800 square meter, one and two-story addition to the existing
Perry Library. The addition is referred to as the Old Dominion University Student Success Center. The
addition was constructed using a cast-in-place concrete exterior with a green roof. Column loads of
2340 kN were anticipated for the new structure under service conditions. The project site was
investigated by 7 piezocone (CPTu) soundings and one seismic piezocone (SCPTu) sounding performed
to a depth of 25 meters below the existing ground surface. Augercast concrete piles measuring 405 mm
in diameter were selected as a low noise, low vibration foundation option for use in the construction of
the addition. Five static load tests were conducted as part of the pile installation and monitoring
program to verify the in-situ capacity of the installed augercast piles. The results of the load tests were
compared to the load-displacement-capacity analysis conducted using easily programmable raft based
strain influence methods (Poulos’ elastic continuum) incorporating nonlinear soil stiffness to good
agreement.
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2 DISPLACEMENT ANALYSIS OF PILE FOUNDATIONS
Axial load-displacement response of piles using a raft based approach incorporating strain influence
(Poulos & Davis, 1980) will be addressed in this case study. For piles in layered soils, a Randolph-type
soil model can be used to calculate pile toe displacements and load transfer to the pile toe (Mayne,
2009). Where displacement of a given pile, wt, is given as:
∗
∗

1

where wt = displacement; Pt = applied axial force; d = pile diameter; Ip = displacement influence factor
and Es = elastic modulus of the soil. Where the closed form displacement influence factor (Randolph
&Wroth, 1978, 1979) Ip for a two layered system is given as:
1
∗
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and ν = poisson’s ratio and L/d = slenderness ratio where L = pile length and d = pile diameter and Eb,
ESL and ρE are given in Figure 1. Gibson soil characteristics of soil stiffness increasing along the pile
sides are incorporated into the Randolph-type model and summarized figuratively as follows for a rigid
pile in a two layer system (Mayne, 2009):

Figure 1. Elastic Continuum Model of Rigid Pile Displacement
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3 NONLINEAR SOIL STIFFNESS
Under applied shear stress, a given material will exhibit deformation and distortion. Shear modulus (or
Modulus of Rigidity), G, is a measure relating shear stress to shear strain.
3

where τs = shear stress and γs = shear strain.
For small strains, the shear modulus G is related to Young’s Modulus, E, as follows (Mayne, 2009):
2∗

1

ν

4

where ν, poisson’s ratio, represents the elastic character of a material:
ν

5

where εlat = applied strain in the lateral direction and εlong = applied strain in the longitudinal direction.
Gmax, the fundamental small strain soil stiffness at initial loading is:
∗

6

where ρT = total soil mass density and Vs = shear wave velocity.
From Eq. 6 it can also be said for small strains, the initial Elastic Modulus Emax can be represented as:
2∗

1

ν

7

When applied loads produce strains that exceed the small strain limit of γs < 10-4, values of shear
modulus G must utilize shear modulus reduction curves to dampen and obtain the appropriate value of G
as the modulus softens with increased loading to model the nonlinear behavior of soils subject to
increased stresses. A commonly used modulus reduction approach (Fahey, 1998) provides modulus
reduction curves G/Gmax in terms of mobilized shear stress τ/τmax. The mobilized shear stress τ/τmax can
also be represented as the reciprocal of Factor of Safety (Mayne, 2009)
1

8

where τapp = applied stress. Then, Fahey’s modulus reduction factor RF can be written as:
RF

1

1

1

9

where g = 0.3 ± 0.1 for most soils exclusive of cemented, sensitive, highly structured materials (Mayne,
2009).
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And the reduction for E/Emax can be assumed to follow a modified hyperbolic behavior of G/Gmax (Lee,
et al., 2004). An expanded reduction scheme for E/Emax is provided by Lehane and Fahey (2002).
4 AXIAL CAPACITY OF AUGERCAST PILES
The axial capacity of augercast piles can be calculated using a number of analytical methods. Examples
of indirect (rational) methods include well known alpha and beta methods in combination with
conventional bearing capacity equations used to calculate side friction and end bearing, respectively.
Direct CPT methods include Laboratoire Central des Ponts et Chaussées (LCPC), Imperial College
Procedures (ICP), Norwegian Geotechnical Institute (NGI) method, Kajima Technical Research Institute
(KTRI) method or Takesue method and the Unicode method. This case study utilizes the LCPC
approach in calculating the axial capacity of 405 mm diameter augercast piles at the project site. The
LCPC approach was chosen due to its reliability (albeit often conservative values) in local soils.
The LCPC approach is based on 197 pile load and extraction tests in a wide range of soil types with a
variety of pile types, lending to its acceptance as a valid method in a multitude of installations
(Robertson and Cabal, 2012). The pile side friction and end bearing values are both calculated using tip
resistance measurements (qc) taken from the CPT and do not incorporate friction sleeve measurements.
The method can be calculated with relative ease using a spreadsheet for tabulations. Generally, the pile
side friction, fp, is given as:
f

10

where qc= measured tip resistance and αLCPC = LCPC method friction coefficient.
End bearing, qb, is represented by:
q

∗

11

where kc = LCPC end bearing coefficient based on pile and soil type and qca = average equivalent tip
resistance. Complete details of the method and values for αLCPC, kc and qca can be found in the
originating publication of Bustamante and Gianeselli (1982).
5 STATIC LOAD TEST
The working capacity of installed piles is most effectively determined using in place (field) load testing.
Piles are loaded and corresponding displacements are then directly measured to evaluate pile
performance. Load testing types include static, statnamic and dynamic testing. Static testing is the most
fundamental of the testing types and involves the placement of a predetermined test load representing
service, strength and/or failure conditions at the pile head. Compressive, tensile and/or lateral loading
and behavior can be monitored with static load testing. The pile is loaded and then monitored.
Displacements of the pile head are measured using dial gages as the pile is incrementally loaded and/or
unloaded. Each load is held and monitored for a specific amount or time or until a specific amount of
movement has been recorded. Static load testing most often uses a loading hydraulic jack operating
against a reaction beam or a jack operating against a reaction mass or kentledge/dead weight to provide
the specified test load. The pile and test loading system is restrained using a reaction frame composed
of beams and piles. The results of field load testing are then used to determine the working capacity of
tested piles.
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6 CASE STUDY: OLD DOMINION UNIVERSITY
The construction of the 2,800 square meter one and two-story Student Success Center addition to the
Perry Library at Old Dominion University in Norfolk, VA involved the installation of sixty-eight 405
mm cast-in-place (augercast) concrete piles. The test pile program for the project called for five 405 mm
augercast piles to be installed and for static load tests to be performed on each of the test piles. The site
was explored by 8 piezocone penetration test (CPTu) soundings pushed to depths of about 25 m below
the ground surface. Seismic shear wave velocity testing (SCPTu) was conducted at one of the CPTu
sounding locations.
The geology of the site is typical of Coastal Plain sites found within and near Norfolk, Virginia. The
site is located inland of the Elizabeth and Lafayette Rivers. Holocene age alluvium, sands and marsh
sediment along with Pleistocene sands of the Sand Bridge Formation make up the interlayered very
loose to firm sands and soft to stiff clays found in the upper soils at the site. Below about 13m lie firm
to very dense Pleistocene age Norfolk Formation silty sands that are underlain by fossiliferous, firm,
silty and clayey sands of the Pliocene age Yorktown formation. A summary of measured tip resistance,
sleeve friction, porewater pressure and shear wave velocity from CPTu testing performed at the site is
provided in Figure 2.
The silty sands of the Norfolk and Yorktown Formation were recommended as bearing strata for deep
foundations. Augercast piles were chosen at the bustling university due to their low-noise, low-vibration
installation characteristics.
Test piles measured 405 mm in diameter and were installed to depths ranging from about 14 to 15
meters below the existing ground surface at each of the five test pile locations. Recommended design
capacities (FOS of 2) for the test piles were given as 444 kN compressive, 266 kN tensile and 44 kN
lateral.
Static top down compressive load tests were performed on the installed test piles following a 7 day
set up period. Piles were loaded using a hydraulic jack and the reaction frame was secured with anchor
piles. Maximum applied loads during testing measured about twice the design load at 890 kN.
Predicted displacements were calculated for the project using elastic continuum methods. Parameters
were calculated using a spreadsheet for tabulations as shown in Figure 3.
Two approaches were used to establish the fundamental soil stiffness at initial loading, Emax. In the
first, the measured shear wave velocity from SCPTu testing was used to calculate Emax.
An empirical relationship for shear wave velocity to determine Emax was used in the second approach
(Hegazy & Mayne, 1995):
V

10.1 ∗ log

11.4

.

.

12

where qt= corrected cone tip resistance and Rf = friction ratio
Measured displacements from load tests versus predicted displacements using the elastic continuum
solution were plotted as shown in Figures 4 and 5 for the two approaches, respectively.
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Figure 3. Spreadsheet Tabulation of Pile Displacement based on Modulus Reduction in Elastic Continuum
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Figure 4. Measured vs. Predicted Displacement of Augercast Piles, Approach 1: Measured Vs
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Figure 5. Measured vs. Predicted Displacement of Augercast Piles, Approach 2: Estimated Vs

As shown in Figures 4 and 5, the predicted values of pile displacement for the augercast test piles under
varying applied compressive loads were well modeled by the elastic continuum solution. The measured
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load test data closely correlated the predicted data using both the measured and estimated values of Vs.
The residual values of displacement (measured – predicted) for the two approaches were calculated and
compared in Figure 6. The first approach, using measured Vs for elastic soil modulus, showed a better
correlation for loads ranging from 0 to 60% of the applied test load (i.e. one times the design load). The
second approach, using the estimated Vs (based on qt and Rf) for elastic soil modulus, showed a better
correlation for loads ranging from 65 to 100% of the applied test load (i.e. one to two times the design
load). Further validation of the approaches would involve nonlinear residual analysis.
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Figure 6. Calculated Residuals of Measured Displacements Under Design Ultimate Load

Sensitivity analysis was applied to the load test results by examining ultimate load capacities of the
augercast piles that were ±10-15% of the design ultimate load capacity. The first approach, using
measured shear wave velocity, showed a better correlation for loads ranging from about 0 to 50% of the
applied test load for ultimate loads less than the design ultimate load and a better correlation for loads
ranging from about 0 to 90% of the applied test load for ultimate loads greater than the design ultimate
load. In all cases, the second approach, using the estimated shear wave velocity, produced accurate
estimates of measured load test results. In all cases, the first approach, using the calculated shear wave
velocity, produced a closer estimate of measured load test results in the load range of 0 to 50% of the
applied test load (up to about one times the design load).
6 CONCLUSIONS
The load-displacement-capacity response of augercast concrete piles within an elastic continuum
framework was examined. A nonlinear (or quasilinear) response using shear modulus reduction was
used to calculate theoretical pile displacements. The analytical method shown can be programmed using
a spreadsheet. Application of the analysis to pile design is straightforward and can be performed with
relative ease. The measured pile displacements from load testing were in close agreement with the
calculated theoretical displacements using elastic methods. Theoretical displacements and measured
displacements from load testing were compared using both directly measured shear wave velocities from
SCPTu and estimated shear wave velocities. In this case study, theoretical displacements calculated
using estimated shear wave velocities yielded acceptable approximations to measured displacements
when compared to theoretical displacements calculated using measured shear wave velocities from
SCPTu based on comparison of residual values. The good agreement using estimated shear wave
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velocities may be due to the fact that the soils around the shaft of the pile were primarily of Holoceneage, similar to those used to develop the empirical CPT-Vs correlations.

7 REFERENCES
ASTM D 1143-07(2013): Standard Test Methods for Deep Foundations Under Static Axial Compressive Load. ASTM
Standards. ASTM International. Philadelphia, PA.
Bustamante, M. & Gianeselli, L. 1982. Pile bearing capacity prediction by means of static penetrometer CPT. Proc., 2nd
European Symposium on Penetration Testing, Vol. 2: 493-500.
Day, R.W. 2010. Foundation Engineering Handbook. 2nd Edition, New York: McGraw Hill.
Fahey, M. 1998. Deformation and in-situ stress measurement. Geotechnical Site Characterization (Atlanta), Vol 1, Balkema,
Rotterdam, 49-68.
Fahey, M., & Carter, J. P. 1993. A finite element study of the pressuremeter test in sand using a nonlinear elastic plastic
model. Canadian Geotechnical Journal, 30(2), 348-362.
Lee, J., Salgado, R., & Carraro, J. A. H. 2004. Stiffness degradation and shear strength of silty sands. Canadian Geotechnical
Journal, 41(5): 831-843.
Lehane, B., & Fahey, M. 2002. A simplified nonlinear settlement prediction model for foundations on sand. Canadian
Geotechnical Journal, 39(2): 293-303.
Mayne, P.W. 2009. Engineering Design Using the Cone Penetration Test. ConeTec
Mayne, P. W., Schneider, J. A., & Martin, G. K. 1999. Small-and large-strain soil properties from seismic flat dilatometer
tests. Pre-failure Deformation characteristics of geomaterials, Balkema, M. Jamiolkowski; R. Lancelotta: LoPresti (eds).
Poulos, H. G., & Davis, E. H. 1980. Pile Foundation Analysis And Design. New York: John Wiley & Sons .
Randolph, M. F., & Wroth, C. P. 1978. Analysis of deformation of vertically loaded piles. Journal of the Geotechnical
Engineering Division, 104(12): 1465-1488.
Randolph, M. F., & Wroth, C. P. 1979. An analysis of the vertical deformation of pile groups. Geotechnique, 29(4): 423-439.
Robertson, P.K. & Cabal, K.L. 2009. Guide to Cone Penetration Testing for Geotechnical Engineering Prepared for Gregg
Drilling and Testing, Inc. 3rd Edition.

843

844

3rd International Symposium on Cone Penetration Testing, Las Vegas, Nevada, USA - 2014

Effect of artesian groundwater condition on field test
results
Tianfei Liao & John R. Davie
Bechtel Power Corporation, 5275 Westview Drive, Frederick, MD

ABSTRACT: Construction of a major energy facility is being considered at a site located in South
Florida in the United States. A comprehensive subsurface investigation program carried out at this site
shows that the subsurface profile consists of mostly limestone in the top 35 m, which is underlain by
soil strata mainly consisting of sandy and silty soils. While the blow counts (i.e., N-values) from the
Standard Penetration Tests (SPT) were considerably affected by the artesian groundwater condition in
the soil strata, results from the cone penetration tests (CPT) and geophysical tests appear to be reasonable for the deep soil deposit. Reasons for these differing effects are discussed.

1 INTRODUCTION
A large energy facility is being considered for construction at a 450 m x 250 m site on the east coast of
Florida. A comprehensive subsurface investigation program was carried out at the site, including standard penetration tests (SPT), cone penetration tests (CPT), geophysical tests, and laboratory tests. Artesian groundwater conditions were found to exist at this site, and their effects on the field test results are
evaluated in this paper.
2 SITE CONDITIONS
The relatively flat site is at or near sea level, covered by a thin layer of soft organic soil consisting primarily of light gray to black silty clay with varying amounts of sand and peat. The results from the subsurface investigation showed the subsurface conditions to be generally uniform horizontally, with no
significant change in the stratum thicknesses across the site.
The organic soil (muck) ranges in thickness from 0.5 to 2 m, and is underlain by limestone that extends to a depth of about 35 m, as shown in Figure 1. Below the limestone lies a dense to very dense
silty sand layer, consisting of light gray to greenish gray silty sand, with varying amount of gravel. A
sandy silt layer with a very stiff to hard consistency was encountered below the silty sand at a depth of
about 50 m, consisting of light gray to greenish gray sandy silt with minor amounts of silty clay. At a
depth of about 65 m, another silty sand layer, referred to as lower silty sand layer, was encountered, consisting of light gray to olive gray silty sand.
To evaluate groundwater conditions, groundwater monitoring wells were screened in three zones,
which correspond to: 1) the upper portion of the limestone at depth of 4.5 to 9 m; 2) the lower portion of
the limestone at depth of 26 to 34 m; and 3) the silty sand layer at depth of 38 to 41 m. Groundwater
measurements taken in the upper two zones ranged from 0.9 m below to 0.5 m above ground surface,
845

indicating the site is affected by tides and presumably seasonal factors. However, the piezometric head
measured in the deeper wells with the screen located in the silty sand layer was higher than that in the
shallower wells, and in some of the deep wells water was observed flowing out of the top of the well
casing, which was about 0.5 m above ground surface. Therefore, the groundwater conditions in the soil
strata below the top limestone was considered artesian.
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Figure 1. Results of grain size analysis for the soil samples from the site.

3 SPT TESTS PERFORMED AT THE SITE
A total of 88 geotechnical borings were performed at the site using mud rotary drilling techniques. In the
mud rotary method, the borehole is advanced by rotating a string of drill rods with a drill bit on the bottom. Bentonite mud is pumped down through the drill string and then circulated in the borehole, carrying the soil cuttings back up to the ground surface. The SPT N-value is then measured in the borehole
full of bentonite mud. At the site, the borings were advanced from the ground surface through the muck
and into the limestone until SPT refusal (defined as 50 blows for 0.15 m or less of penetration) or to an
approximate depth of 4.5 m, whichever occurred first. A steel casing was then set, and the holes were
advanced through the limestone using triple tube wire-line rock coring equipment and procedures described in ASTM D2113. Rock coring was terminated in favor of drilling and SPT sampling as the subsurface material changed from the limestone to sandy soils in the silty sand layer.
The results of grain size analyses for the collected soil samples are presented in Figure 1, including
the fractional components of gravel, sand, and fines (< 0.075mm), as well as the mean grain diameter
D50. The averages of these measurements at 5-m depth intervals are also shown on this figure. The
marked difference of the fractional components can be seen between the silty sand layer and the sandy
silt layer. On average, the silty sand layer consists of about 60% sand and a small amount of gravel,
while the sandy silt layer has less than 40% sand and no gravel.
The energy-corrected SPT N-values (i.e., N60) are presented in Figure 2 (a). There is a very wide scatter of N60, from 0 to 100 blows/0.3 m in the silty sand layer and from less than 5 to around 80 blows/0.3
m in the sandy silt layer. Where SPT sampling encountered refusal, the N-value was capped at 100
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blows/0.3 m. There is no obvious correlation between N60-value and depth in these strata. Silty sands
and sandy silts that range in depth from 36 to 65 m would normally be dense to very dense with consistently high N60-values. Blow counts of less than 20 blows/0.3 m and particularly less than 5 blows/0.3 m
(including the zero values) are likely due to soil disturbance. As mentioned above, an upward vertical
hydraulic gradient was observed in the water level measurements. It seems likely that this hydraulic gradient loosens the soil at the bottom of the borehole [Figure 2(b)], leading to an artificially lowered SPT
N-value. Liao et al. (2007) reported a similar problem in drilling using hollow stem augers, and attributed it to the imbalance of the water level inside and outside of the borehole when the borehole extends
below the groundwater table.
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Figure 2. SPT tests performed at the site: (a) Measured SPT N60-values; (b) Illustration of effect of artesian water
flow on SPT measurement (not to scale).

4 CPT TESTS PERFORMED AT THE SITE
Four CPTs were performed at this site. At the CPT locations, a rotary wash drill rig was used to advance
borings through the limestone, with casing left in place and set to a depth of 36 m at each location at the
end of drilling. After the CPT rig was placed over the location and leveled with leveling jacks, the cone
was suspended over the location, and then lowered through the casing until it reached the soil at the bottom of the casing. The cone was then pushed into the soil at a rate of about 2 cm/s. The CPTs were advanced through both the silty sand layer and sandy silt layer, but reached refusal at the top of the lower
silty sand layer at a depth of about 70m (Figure 3).
The minimum, maximum, and median values of the CPT measurements are presented in Figure 3, including cone tip resistance qT, sleeve friction fs, porewater pressure u2, and friction ratio FR. As would
be expected, the tip resistance qT in the sandy silt layer is generally less than that in the silty sand layer,
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while the sleeve friction fs, the porewater pressure u2, and the friction ratio FR are generally higher in the
sandy silt layer, which is consistent with the expected response of the soil types.
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Figure 3. Results of CPTs performed at the site.

5 SHEAR WAVE VELOCITY MEASURED AT THE SITE
Shear wave velocity, VS, was measured with P-S suspension logging in 10 of the borings. The P-S logging system uses a 7-m long probe, containing a source and two receivers spaced 1 m apart. During the
test, the probe suspended by a cable is lowered into the borehole to a specified depth, where the source
generates a pressure wave in the borehole fluid. The pressure wave is converted to seismic waves (P and
S) at the borehole wall. Along the wall at each receiver location, the P and S waves are converted back
to pressure waves in the fluid and received by the geophones.
The VS values measured in the soil strata are presented in Figure 4 (a), and the average of the measured VS is shown in Figure 4 (b), along with the value of the average plus/minus one standard deviation
σ. The average VS varies between 400 m/s and 600 m/s in the silty sand layer and the sandy silt layer,
and increases up to 800 m/s at the top of the lower silty sand layer, indicating higher stiffness that is
consistent with the higher penetration resistance of SPT and CPT tests at the same depth.
6 SPT N-VALUE INFERRED FROM CPT MEASUREMENTS
Since the SPT N-values measured in the silty sand layer and the sandy silt layer are questionable and
likely not representative of the actual in-situ condition of the soil, the measured SPT N-values were
compared to those inferred from the CPT measurements at the site to evaluate the effect of the artesian
condition on the SPT results.
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The SPT N60-value can be estimated from the CPT tip resistance using empirical correlations. The ratio of measured CPT tip resistance qT and SPT N-value can be expressed as a function of the mean grain
size D50 (Kulhawy & Mayne, 1990):

(qT / pa ) / N 60 = 5.44 D50

0.26

(1)

where pa is atmospheric pressure, qT and pa have the same units, and D50 is in mm. The average mean
grain size D50 is plotted in Figure 1.
The SPT N60 value can also be estimated from CPT tip resistance using the following correlation
suggested by Jefferies & Davies (1993):

qT / N 60 = 0.85(1 − I c , JD / 4.75)

(2)

I c, JD = [(3 − log Q) 2 + (1.3 log F + 1.5) 2 }0.5

(3)

Q = (qT − σ vo ) σ vo

(4)

ʹ′

F = f s (qT − σ vo ) × 100 %

(5)

where qT is in MPa, Ic,JD is the soil behavior type index proposed by Jefferies & Davies (1993), Q and F
are the normalized CPT measurements, and σ vo and σ vo ' are the total and effective overburden stress, respectively.
Realizing the relationship proposed by Jefferies & Davies (1993) tends to under predict the N60 value
in some soils, Robertson (2012) also suggested a relationship that can be defined by the following:

(qT / p a ) / N 60 = 10 (1.1268 −0.2817 I C )

(6)
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I c = [(3.47 − log Q) 2 + (log F + 1.22) 2 }0.5

(7)

where Ic is the soil behavior type index defined by Robertson & Wride (1998), and Q and F are as defined in equations (4) and (5).
As the SPT N-value and CPT tip resistance are similarly influenced by age (Andrus et al., 2009), the
aging effects do not need to be considered in correlating between the penetration resistances of the SPT
and CPT tests. The derived N60-values from the above correlations are compared to the measured SPT
N60-value in Figure 5. The correlations proposed by Kulhawy & Mayne (1990) and Robertson (2012)
give SPT N60-values significantly higher than the average of measured values in most of the depth range
in the soil deposit. Although the SPT N60-values derived using Jefferies & Davies (1993) correlation are
lower than those based on the Kulhawy & Mayne (1990) and Robertson (2012) correlations, they are also generally higher than the average of measured values.
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7 VS INFRERRED FROM SPT N-VALUE AND CPT MEASUREMENTS
The VS can also be empirically correlated to the penetration resistance (i.e., SPT N-values or CPT measurements). Based on 1,600 datasets collected from Japan, Imai & Tonouchi (1982) suggested the following correlation:

Vs = 97.0( N 60 ) 0.314

(8)

Seed et al. (1983) also proposed the following relationship for sandy soils:

VS = 56( N 60 ) 0.5

(9)

where VS is in m/s in both equations.
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For a correlation between VS and CPT measurements, Robertson (2009) suggested the following
equation:

VS = [α vs (qT − σ vo ) pa ]

(10)

α vs = 10 (0.55 I

(11)

0.5

c +1.68

)

where VS is in m/s.
Hegazy & Mayne (1995) also proposed the following relationship:

VS = (10.1log qT − 11.4)1.67 (100 f s / qT )

0.3

(12)

where VS is in m/s, and qT and fs are in kPa.
The penetration resistance versus VS relationships shown above are recommended for Holocene to
Pleistocene-age deposits. For older soil deposits, the influence of age on these relationships was found to
be significant. Based on data from sand layers ranging in age from 0.2 years to 35 million years, Andrus
et al. (2009) suggested the ratio of measured VS to VS estimated from the penetration resistance for recent
soil deposits is as follows:
VS , M / VS , SPT = [7.20 log10 (t ) + 82.1] / 87.8

(13)

VS , M / VS ,CPT = [5.13 log 10 (t ) + 58.5] / 62.6

(14)

where t is the age of the soil deposit in years, VS,M is the measured VS, and VS,SPT and VS,CPT are the VS estimated from SPT N-values and CPT measurements, respectively.
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by Andrus et al. (2009): (a) VS estimated from SPT N-Value; (b) VS estimated from CPT measurements.
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Both the silty sand and the sandy silt layers belong to the Tamiami formation which is of Pliocene
age (average age of 3.9 million years). Considering the aging effects by applying equations (13) and
(14), the VS values are derived from the SPT N-values and CPT measurements using the penetration resistance versus VS correlations shown above [equation (8) to (12)], and are presented in Figure 6. Although some of the correlations were developed from a database of sandy soils as mentioned above, they
are used on all of the soil strata at this site. Based on the SPT N-value [Figure 6 (a)], the relationships
proposed by Imai & Tonouchi (1982) and Seed et al. (1983) give almost identical VS values for the silty
sand layer and the sandy silt layer. Although the correlated VS values are close to the measured values in
the silty sand layer, they are consistently lower than the measured VS values in the sandy silt layer. In
Figure 6 (b), the VS estimated from CPT measurements match the measured values better, with the VS
values based on the Robertson (2009) correlation almost overlapping the measured VS in both the silty
sand layer and sandy silt layer, indicating the artesian groundwater condition has minimal effect on the
CPT results and the measured VS.
8 CONCLUSIONS
A comprehensive subsurface investigation showed the presence of artesian groundwater conditions in
deep soil strata that lie below the limestone layer present at the site. Among the field tests performed in
the soil strata, the SPT tests were affected considerably by the artesian conditions. Comparison shows
that the measured SPT N-values are lower than those correlated from CPT measurements. The low SPT
N-values measured in the soil strata are likely caused by the hydraulic gradient resulting from the artesian groundwater that loosens the soil at the bottom of the borehole.
Considering the aging effects in the soil strata, the measured VS values are higher than those correlated from SPT N-values in the sandy silt layer. The VS values correlated from CPT measurements are very
close to the measured values, indicating the artesian groundwater condition has minimal effect on the
CPT results and the measured VS values. Therefore, compared to SPT tests, the CPT and the geophysical
tests are less affected by artesian groundwater conditions in soil deposits.
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ABSTRACT: Soil conditions and properties of offshore sediments in sea ice influenced regions are often affected
by large temperature changes and unique geological features. This paper presents a case study involving Chevron
operated Rosebank project in 1200 m water depth where the presence of dropstones, byproducts of glacial ice melting at sea, has presented many challenges in characterizing the deepwater glacial-marine sediment. The use of a
high quality seafloor based soil drilling, in situ testing and sampling system to perform piezocone penetration testing and continuous sampling within the upper 50 m of the seabed provided ample evidence of the abundant presence of gravel to boulder size dropstones embedded in a uniform soft clay deposit. The seafloor based system provided the ability to acquire a sufficient number of high quality samples for the suite of standard and advanced soil
laboratory tests required for suction pile anchor and subsea equipment foundation design in this challenging environment.

1 INTRODUCTION & BACKGROUND
1.1 Project Location and Concept
The Rosebank field is located in Blocks 213/26 and 213/27 in the Faroe-Shetland Channel on the north-west edge
of the UK Continental Shelf. It is situated approximately 175 km north-west of Shetland in 1,150 m of water
(Figure 1).
The development concept is a ship shaped floating production and storage offloading (FPSO) facility with associated subsea completion structures. The FPSO is permanently moored using an internal turret with a full 360°
weathervaning capability. The mooring system is based on a pattern of four mooring sectors with each sector containing 5 mooring lines and each line secured to the seabed with a suction pile anchor.
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Figure 1. Rosebank field location

1.2 Site Investigations
A series of studies, field explorations, laboratory testing programs, and engineering interpretations of the soil
conditions have been conducted for the Rosebank project. This included a desktop geological and geohazard site
assessment, an extensive geophysical, geotechnical (shallow cores), and environmental survey, followed by a final field soil exploration campaign consisting of deep boreholes and piezocone penetrometer tests (PCPT) using
the Benthic second generation Portable Remotely Operated Drill (PROD2) system.
The final site investigation program included 17 PCPTs and 3 boreholes to a maximum depth of 51.5 m below
seafloor. Comprehensive onshore soil laboratory testing programs were carried out at C&C Technologies' laboratory in Houston and at the Norwegian Geotechnical Institute's laboratory in Oslo. The laboratory results were used
as part of the geotechnical engineering interpretation effort aimed at assessing soil properties and generating soil
parameters needed for geotechnical design. In addition, Fugro conducted a study to integrate the final geotechnical field and laboratory data with the geophysical data to establish a sound geological engineering framework
for the project.

1.3 Seafloor-based Drilling System for In-situ Testing and Sampling – PROD2
Figure 2 shows a schematic of the PROD2 system, which is a seafloor based drilling system (Nguyen et al. 2013).
The drilling unit is launched from a vessel onto the seafloor using a launch and recovery system (LARS). The
umbilical cable provides communication, power, and mechanical lifting to the drilling unit. PROD2 carries all
necessary tools for drilling, casing, sampling, and in-situ testing operations and has three independently adjustable
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outriggers and footings, tilt sensors, and thrusters. These features enable PROD2 to land on uneven or very soft
ground conditions and enhance the accuracy of seafloor registration and positioning.
Upon landing, the three footings touch the seafloor first providing bearing capacity for the PROD2. The tripod
design helps distribute the PROD2's weight away from the borehole drill center, protecting the seabed immediately below from disturbance and bearing stresses which can adversely affect sample quality and in-situ test results.
Once landing operations are complete (i.e., positioning, touching down, and leveling), a catenary is formed by
paying out the umbilical and moving the vessel some distance away (e.g., 50 m). This fully isolates the drilling
unit from vessel movements, and as a result all subsequent seabed operations are independent of sea states.
All seabed operations are automated and remotely controlled from the vessel control room. Computer screens
display live videos of drilling operations from the seabed as well as all drilling parameters and in-situ testing data
in real time. The first step in the seabed operations is to obtain an accurate seafloor registration, which is done by
gently lowering PROD2's center baseplate until a mud gage indicates that it is just touching the seafloor. Drilling
operations such as making up of drill string, advancing casing, in-situ testing, rotary coring, piston sampling and
wash boring are precisely controlled by robotic actuators. All tools are delivered between the drill head and the
magazines using a pair of robotic arms. An especially advantageous feature of the PROD2 in the Rosebank investigation was the ability to switch between in-situ testing, piston coring, and rotary rock coring within each borehole at any penetration depth in response to changing subsurface geologic conditions and engineering needs. The
sampling was performed using Benthic’s proprietary Hydraulically Tethered Piston Corer (HTPC) with 2.75 m
sample length and 75 mm sample diameter.

Figure 2. Schematic of PROD2 system and seafloor operations
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2 BATHYMETRY AND SEABED FEATURES
The minimum water depth of 1089.5 m Lowest Astronomical Tide (LAT) is located along the far south-eastern
edge of the survey area while the maximum water depth of 1155.5 m LAT is located in the far northern corner of
the survey area. The seabed gradient across the survey area is typically less than 2°.
Numerous sonar contacts, interpreted as glacial dropstones, are present throughout the survey area as well as
sediment mounds and depressions. Typically, the sediment mounds range between 2 and 25 m in diameter and
have heights of less than one meter. Seabed depressions typically range from 1 to 20 m in diameter and are generally less than one meter deep. .
The width of the dropstone contacts within the survey area varied between 0.5 m and 5.6 m with an average of
1.4 m (median = 1.2 m). The length varied between 0.5 and 13.4 m with an average of 2.8 m (median = 2.5 m).
The height varied between 0.1 m and 2.4 m with an average of 0.6 m, but it should be noted that the height here
indicates only the portion of the dropstone contact that is above mudline. Large dropstones are expected to be
embedded an unknown depth below mudline, but the embedded portion is not imaged in the sonar contact.

3 DROPSTONES
Soil conditions and properties of offshore sediments in regions influenced by sea ice are often affected by temperature changes and some of the unique geological features that evolve in sea ice regions (DeGroot et al. 2010).
Dropstones are a unique geological feature found in fine-grained sediments in sea ice influenced regions (Bennett
et al. 1996). Glacial dropstones are present at the seafloor within the Rosebank infield survey area (as described
above) and there is evidence that dropstones are also present sub-seabed within the Faroe Shetland Channel Sequence as described in the next section.
As glaciers move on land, rocks are plucked from the ground surface and embedded into their ice masses.
When glaciers move toward shores, glacial fragments detach from the main glacier mass and are transported by
sea currents often miles into the ocean as ice bergs, where they eventually melt and drop embedded rocks to the
ocean floor, i.e., dropstones. Dropstone deposits in marine fined grained sediments in sea ice influenced regions
are a common geological feature. Dropstones vary in shape and range in size from gravels to boulders. Their
presence magnifies the challenges inherent in site characterization in the offshore environment as well as in the
design, engineering and installation of suction pile anchors and subsea equipment foundation structures. During
geotechnical site investigations in sea ice influenced regions, dropstones frequently cause damage and early refusal of tools during drilling, sampling and in-situ testing. Their presence can often results in increased sample
disturbance and reduced recovery of high-quality samples. They can also skew in-situ test results, complicating
data processing and interpretation.

4 GEOPHYSICAL INTERPRETATION OF THE ROSEBANK SUB-BOTTOM SOILS
The geological model for the Rosebank region indicates the presence of two main geological formations as described in Table 1: (1) Holocene sediments, which were encountered throughout the entire Rosebank Development Area, and (2) the Faroe Shetland Channel sequence which was encountered in the infield area.
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Table 1. Geological formations of the Rosebank Development Area
Geologic Formation

Depth (m)

Depositional Environment

Soil Description

Holocene Sediments

0 - 0.5

Marine

Very soft, slightly sandy to
very sandy CLAY

Faroe Shetland Channel Sequence

0.5 - > 50

Glaciomarine

Very soft, slightly sandy
CLAY

The geological model, which is based on the collected site specific data and engineering geological interpretation, suggests that the Holocene sediments generally consist of very soft clay but can locally comprise of fine
sand. The presence and extent of the Holocene veneer are difficult to determine from the available geophysical
and geotechnical data. Several geotechnical samples from shallow cores contained a surficial layer of very clayey
fine sand ranging between two and five centimeters thick. Some of these samples are located in the south-eastern
part of the infield survey area, but one is situated well to the north. The majority of samples indicated very soft,
slightly to very sandy clay at the seafloor. Only two geotechnical samples did not have any seafloor sand component. These samples are located in central and western parts of the survey area.
With the exception of two areas in the south-east of the survey area, there is generally no obvious variation in
either side scan sonar reflectivity or backscatter amplitude between those sites where sand or sandier clays were
identified in the geotechnical samples and those areas where the sand component was reduced or absent. As such,
it is not possible to determine the exact spatial extent of the Holocene veneer.
The Faroe Shetland Channel Sequence is acoustically well layered with laterally continuous reflectors. The
thickness of the Faroe Shetland Channel Sequence varies from 35 m in the south west portion of the survey area
increasing to 200 m in the north east. The sediments are characterized by horizontally bedded normally consolidated sandy clay. The Faroe Shetland Channel Sequence is more variable in the southern and south-eastern parts
of the survey area where there appears to have been greater sediment input from the slope. This area contains a
well-defined mass transport deposit (MTD) and also packages of more sand-prone sediments. The MTD can be
easily identified in some sub-bottom profiles where it subtends or truncates seismic reflectors. However, the MTD
is located far to the southeast of the area of interest for the geotechnical design.
Evidence from the subsurface exploration shows that dropstones, from fine gravel to boulder size, also exist
within the Faroe Shetland Channel sequence. Figure 3 shows a collection of pictures of dropstones located on the
seafloor and also one collected in a rotary core sample. The diameter of the dropstones shown in Figures 3(c) and
3(e) are around 0.3 m (small boulder size) and 1.0 m (big boulder size) respectively. Figure 3(f) shows a 72 mm
rotary core diameter sample of a dropstone encountered at 4.2 m below seafloor during a wash boring operation.
Figure 4(a) shows an example of an X-Ray image of a piston core sample where many gravel size dropstones are
visible. The size and amount of dropstones from extruded and split core samples, e.g., Figure 4(b), were measured
to quantify their appearance and to verify the accuracy of the digital X-Ray images.

5 DEEP SOIL EXPLORATION RESULTS - GENERAL SOIL CONDITIONS
Continuous piston sampling boreholes to 50 m were performed at the site at two locations (northeast and southwest anchor clusters). Figure 5 presents some results from the soil laboratory testing program on selected samples
from these boreholes as well as results from the PCPT tests.
Over the depth of interest for suction anchors and subsea equipment foundations (0 –30 m below the seabed)
the soil stratigraphy generally consists of predominantly normally consolidated to slightly over-consolidated (e.g.,
OCR = 1.0 – 1.5) very soft to firm olive gray silty clay with silt pockets and scattered shell fragments. The clay
has a natural water content ranging between 40 and 50 %, plasticity index between 20 and 40 %, and a submerged
unit weight of 6 to 9 kN/m3. The geotechnical data do not indicate any significant lithological or geotechnical variation; therefore, the soil profile is not divided into distinct units.
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(b)

(a)

(c)

(d)

dropstone

PROD2 base
dropstone

(e)

(f)

dropstone

Figure 3. Pictures of dropstones from seafloor (a – e) and rotary core from seabed (f)
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Rotary core of a
dropstone encountered at 4.2 m below seafloor

(b)

(a)

(a) X-Ray images of 75mm piston sample showing gravel size dropstones
and signs of sample disturbance

(b) Gravel taken from core

Figure 4. Examples of digital X-Ray and split core inspection showing gravel presence within clay matrix
Figure 5 presents measured undrained shear strength, su, and remolded undrained shear strength, sur, values
from offshore motorized laboratory vane (mini-vane) tests using ASTM procedures. Interpreted su profiles from
PCPTs qnet using an Nkt of 15 are shown for reference. The Nkt value was derived considering strength correlation
from anisotropically consolidated undrained triaxial compression and SHANSEP based DSS tests. Within some
depth intervals (e.g, 11 - 12 m, 20 - 22 m, 30 – 33 m, and 38 – 40 m) below the seafloor, measured su values are
well below the reference PCPT su profile and often close to the remolded values. These instances of unusually
low strength measurements are inferred to be the result of significant sample disturbance as a result of dropstones
encountered during sampling at these depths.
The vertical strain 0 measured in a controlled or constant rate-of-strain (CRS) consolidation test as a specimen
is reconsolidated to the in-situ vertical effective stress, vo’, has traditionally been used as a quantitative measure
of sample disturbance (Andresen and Kolstad, 1979). Lunne et al. (1997, 2006) modified this measure of sample
disturbance by using the relative change in void ratio e/e0 where e is the change in void from the initial void ratio e0 to the void ratio at 'v0 during CRS consolidation. Figure 6 plots e/e0 values measured in the CRS tests and
shows that sample quality ranged widely from good to very poor. There may be one or more reasons that resulted
in some of the samples being poor to very poor quality (e.g., DeGroot et al. 2010) but for this particular site investigation the presence of the dropstones may have been an additional contributing factor.
Although the dropstones presented difficulties in sampling and may have disturbed some of the samples, the
ability of the PROD2 system to obtain continuous samples over significant sections of each borehole helped significantly in offsetting the inherent difficulty of sampling in the presence of dropstones. Ultimately, the continuous sampling proved invaluable in the acquisition of sufficient good quality samples to allow selection of adequate samples for the purpose of strength and response testing of the soil. American Society for Testing and
Materials (ASTM 2012) standards typically limit the maximum size of embedded particles allowable within a
specimen relative to its height or diameter. Specific requirements include: minimum specimen height of 10 times
the maximum particle diameter for CRS and direct simple shear (DSS) test specimens and maximum particle size
of 1/6 the diameter for triaxial specimens. Given the size and frequency of gravel particles within the samples
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(e.g., Figure 4) it was difficult to find adequate samples that would satisfy these ASTM criteria for the CRS and
DSS specimens and especially so for the much longer triaxial specimens. In the end, the continuous sampling performed for this project provided just enough samples that meet the ASTM size requirements to complete the required program of static and cyclic shear strength tests.
Aside from the issue of large dropstones, which can pose installation issues that are not the subject of this paper, the soil conditions are otherwise uniform throughout the project area and do not pose any technical difficulties with regard to the design of the selected foundations. The PCPT profiles plotted in Figure 5 readily shows the
lateral uniformity of the seabed conditions within the infield development area. Because of this lateral uniformity
of the clay matrix, a single linearly increasing undrained shear strength profile well presents the geotechnical conditions across the area. Regularly spaced spikes to the left in the PCPT qc and fs profiles, as shown in Figure 5, are
testing anomalies related to the initiation of a new drillrod and successive PCPT push.
Spikes in the PCPT qc, fs and u2 profiles not associated with a drill addition and start of a PCPT push are hypothesized to be occasions where the PCPT cone encountered a dropstone. Spikes to the right in the qc and fs profiles are the result of increased resistance upon encountering large, possibly cobble-sized dropstones. Each of
these sudden spikes in qc and fs are accompanied by a corresponding significant drop in u2, the dynamic pore pressure. This is inferred to be the result of the dropstone being pushed down and rotated by the advancing PCPT
cone, creating a suction effect as a relatively larger volume of soil is pushed away from the PCPT pore pressure
sensor with the displaced dropstone. Significantly, spikes that are associated with encountering dropstones appear
to occur throughout the depth of penetration of the borings, suggesting that deposition in the area within the depth
investigated may have been predominately related to glacial periods.

Figure 5. Soil profile and PCPTs from all surveyed locations
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Figure 6. Sample quality evaluation for CRS test specimens using e/e0 criteria from Lunne et al. (1997, 2006).

6 SUMMARY, CONCLUSIONS AND RECOMMENDATIONS
Dropstones from melting ice-bergs in a deepwater soft fine-grained marine sediment is a geologic feature unique
to glacial marine depositional environments. Dropstones were identified in the high resolution geophysical survey data in the Rosebank Development Area and concern arose for the possible effects of these dropstones on the
ability to properly characterize the engineering properties of the in-situ sediments for design and installation of
suction pile anchors and foundations for subsea equipment. This concern was addressed in part by conducting a
geotechnical investigation using a seafloor drilling system, PROD2. A series of borings to 50 m below the seafloor in 1200 m water depth were completed. The investigation included continuous in-situ PCPT testing, continuous piston sampling, and rotary coring (mainly for coring through dropstones). The seafloor drilling system allowed alternating between testing, sampling and coring mode in response to real-time conditions encountered
while advancing the boreholes.
The abundance of gravel-sized dropstones within seabed sediments increased the incidence of sample disturbance during sampling and reduced the quantity of sample adequate for advanced strength testing in the laboratory.
Continuous sampling and the ability to core through larger dropstones within a borehole and then resume continuous sampling allowed sufficient good quality samples to be retrieved to complete a complete program of static
and cyclic testing required for anchor and foundation design. X-rays of the samples were especially valuable in
selecting test specimen locations.
Continuous PCPT data acquisition and integration with the geophysical data allowed the area geological engineering characterization to establish the lateral uniformity of the clay matrix, such that a single linearly increasing
shear strength profile can nearly be used to represent the geotechnical conditions across the area. Measured qc, fs,
and u2 behavior from PCPT tests when encountering dropstones in the fine-grained matrix sediment resembles
that of encountering dense sand lenses: a sudden spike in qc and fs resistance with a corresponding drop in u2 to
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near hydrostatic or negative pore pressures. In spite of the dropstones appearance throughout the depth of the investigation and across the entire survey area on the seafloor, only one PCPT test encountered refusal.
Continuous PCPT testing and piston sampling operations were critical in characterizing the in-situ engineering
properties of the glacial marine deposits and in providing sufficient quality samples for the advanced laboratory
testing program required to design suction pile anchors and subsea equipment foundations.
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ABSTRACT: A new piezocone penetration testing (CPTu)-based state characterization approach has
been developed to evaluate the soil state as it relates to the potential of liquefaction or strength loss.
CPTu soundings through tailings were used to illustrate and show characterization results. The CPTubased state characterization provides an independent “first principles” approach to evaluating whether
the materials would behave in a dilative or contractive manner during static loading. The CPTu-based
state characterization included four different methods to evaluate the state of saturated non-plastic tailings. If all of these independent methods, point to liquefaction susceptibility or alternatively dilatant behavior, then confidence in the characterization is increased. Findings presented from a static liquefaction case history support this characterization method.
1 INTRODUCTION
Tailings dams present unique challenges to geotechnical engineers because they comprise recently
placed, hydraulically deposited, and highly interbedded, angular non-plastic sands and silts. When saturated, tailings can be susceptible to strength reduction and potential liquefaction due to additional external loading. A number of cases of static and post-earthquake liquefaction failures of tailings dam have
been observed over the years (Davidson et al., 2011). Therefore, it is essential for these important structures to be evaluated with a full suite of empirical and behavior-based tools available to the profession.
One of the most powerful characterization tools available is the piezocone penetration test (CPTu),
see Photo 1, which provides a continuous record of tip resistance (related to density and strength), side
friction (a measure of remolded strength and controlled by effective stress and friction), and pore pressure. Interpretation of CPTu parameters provides an excellent indication of the variability of tailings
properties, but more importantly, characteristic signatures of each tailings deposition regime. Pore pressure dissipation tests provide equilibrium pore pressures within the impoundment at the time of the
sounding. With at least three dissipation tests at various depths in the sounding, the phreatic surface
profile and percent of full hydrostatic conditions can be inferred.
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Photo 1. CPTu Sounding Investigation in Tailings.

Much work has been conducted in the last twenty years using CPTu data for liquefaction potential assessment in alluvial and lake sediments, and hydraulically deposited materials such as tailings. Robertson (2010) provides a useful review of these developments.
A conventional earthquake (seismic) triggering analysis (e.g. Idriss and Boulanger, 2008) can be used
to assess the liquefaction triggering of saturated tailings using CPTu data. The conventional earthquake
triggering analysis typically consists of comparing the calculated cyclic resistance ratio (CRR) from
CPTu soundings to the cyclic stress ratio (CSR) calculated from either 1- or 2-D site response analysis.
This empirical approach was initially developed from correlations to Standard Penetration Tests (SPT)
and has largely been adopted by building codes and traditionally been used to depths less than 100 ft (30
m) for which the data correlations were derived. Many tailings impoundments are much higher than 100
ft.
A new CPTu-based state characterization provides a “first principles” approach to tailings material
behavior under both dynamic and static loading conditions, which overcomes the empirical depth limitation. The characterization provides an independent assessment of whether the materials would behave
in a dilative or contractive manner during loading.
This paper examines these methods for a typical tailings dam that was constructed using the upstream
method and where multiple CPTu soundings have been advanced at various locations. It has also been
evaluated for a case history that experienced static liquefaction.
2 CPTu-BASED STATE CHARACTERIZATION
In recognition of the limitation of conventional triggering analysis to extend beyond a depth of 30m (100
feet), a CPTu-based state characterization can be used to evaluate potentially liquefiable tailings under
earthquake loading.
The CPTu-based state characterization includes four different methods to evaluate the state of the
saturated non-plastic tailings. The four methods include:
•

comparison between recorded static and dynamic pore pressures;
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•
•
•

development of a normalized pore pressure parameter (P-value);
plotting of normalized CPTu data plots with state parameter lines; and
plotting of state parameter difference data plots.

CPTu soundings presented on Figures 1, 2, 4 and 5, illustrate these methods. The CPTu soundings CPTB and CPT-D, shown on Figure 6, were used. Each method is described in more detail below. This new
practical methodology is dependent on maintaining full saturation of the CPTu pore pressure sensor during penetration.
Another important part of the characterization is sampling of the tailings materials to establish index
properties such as density, water content, plasticity and gradation. Piezometer data is also important to
confirm dissipation test results. Cyclic testing can also be used to assess triggering potential with undisturbed or specially reconstituted samples.
2.1 Static and Dynamic Pore Pressures
Pore pressures obtained from the CPTu pore pressure dissipation tests are compared to the dynamic pore
pressures recorded during cone advancement to evaluate potentially contractive or dilative material behavior as follows:
• Materials that show dynamic pore pressures greater than the static pore pressures indicate potentially contractive behavior during shearing.
• Materials that show dynamic pore pressures less than static pore pressures indicate potentially dilative behavior during shearing.
Typical dynamic and static pore pressures for dilative and contractive behavior are shown on Figures 1
and 2.

Figure 1. Typical Dilative Material Behavior (Note: 1tsf = 0.1MPa, 1psi = 6.9kPa, 1 ft =0.3048m)
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Figure 2. Typical Contractive Material Behavior (Note: 1tsf = 0.1MPa, 1psi = 6.9kPa, 1 ft = 0.3048m).

2.2 Normalized Pore Pressure Parameter
The pore pressure difference value (P-value) is calculated by subtracting the static from the dynamic
pore pressures (udyn-ustatic) and normalizing the difference to the vertical effective stress, reflecting the
effects of depth (P = (udyn-ustatic)/σ’vo). If the P-value is negative, the dynamic pore pressures are less
than the static pore pressures and the material shows potentially dilative behavior during shearing, as
shown on Figure 1. If the P-value is positive, the dynamic pore pressures are greater than the static pore
pressures and the material shows potentially contractive behavior during shearing, as shown on Figure 2.
2.3 Normalized Material Properties and State Parameter
Normalized CPTu soil behavior type charts (SBTn chart) are created for selected CPTu soundings following the Robertson (2010) method to evaluate material behavior. The normalized CPTu data are plotted as normalized tip resistance (Qtn) versus normalized friction ratio (Fr).
Been and Jefferies (1985) used critical state soil mechanics to develop the state parameter (Ψ) concept and applied these concepts to CPTu results (Been et al. 1986). The approximate boundary between
dilative and contractive material behavior is provided by the state parameter Ψ = -0.05 line plotted on
the SBTn charts. The state parameter, Ψ, is the difference between the in situ void ratio, e0 and the void
ratio at critical state, ecs, at the same mean effective stress, p’ (Been and Jefferies, 1985). Jefferies and
Been (2006) provided a detailed description of the evaluation of the soil state using the CPTu. In a general sense, soils denser than the critical state (Ψ < 0) will be dilative and will strain harden in undrained
shear, whereas soils looser than the critical state (Ψ > 0) will be contractive and will strain soften in undrained shear. Jefferies and Been (2006) and Shuttle and Cunning (2007) suggested that when a soil has
a state parameter Ψ > -0.05, strain softening and strength loss in undrained shear can be expected.
Hence, defining a region on the CPTu SBTn chart that represents a state parameter of about -0.05 is
helpful as a screening technique to identify the susceptibility for flow liquefaction.
The SBTn chart and data from liquefaction case histories (Robertson, 2010) are shown on Figure 3.
The data show that most liquefaction failures have CPTu data that plots in zones 4 and 5 below the Qtn,cs
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= 70 line. The plot includes one mine tailings case history No. 35. The Qtn,cs = 70 line is similar to the
state parameter Ψ = -0.05 line. The state parameter line for Ψ = 0.00 and Ψ = -0.10 were also shown for
this study to evaluate the sensitivity of the state parameter, as shown on Figure 4. The state parameter
for the non-plastic tailings material was evaluated from current and historic laboratory testing and was
found to be consistent with the state parameter of Ψ = -0.05, as suggested by Robertson (2010). The
CPTu soundings are normalized based on the phreatic surface at the time of sounding advancement.

Figure 3. Liquefaction Failure Case Histories (from Robertson 2010).

Generally, zones of dilative tailings plot above the state parameter Ψ = -0.05 line of the SBTn chart and
contractive tailings plot below the state parameter Ψ = -0.05 line, as shown on Figure 4. Materials that
plot in zones on 2 and 3 of the SBTn chart generally indicate plastic or clay-like behavior and may not
be susceptible to cyclic liquefaction.

Figure 4. Normalized Cone Resistance versus Normalized Friction Ratio for Typical Dilative Behavior (left
graph) and Typical Contractive Behavior (right graph).
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2.4 State Parameter Difference
The state parameter difference plot combines the evaluation of the normalized pore pressure difference
(P-value) and the normalized CPTu data soil behavior plots to provide an additional tool to help characterize the material as potentially contractive or dilative.
Negative P-values indicate potentially dilative behavior and positive values indicate potentially contractive behavior, as described above and plotted on the y-axis of the state parameter difference plot.
The perpendicular distance from the state parameter Ψ = -0.05 line for each data point was calculated
and plotted on the x-axis on this plot. Recognizing that data plotting above the state parameter
Ψ = -0.05 line on the normalized CPTu soil behavior plot indicate dilative behavior; the horizontal distance calculated to a point above this line was given a negative value to remain consistent with the convention that negative values indicate dilative behavior. Therefore, a point that plots below the state parameter Ψ = -0.05 line on the normalized CPTu soil behavior plot was positive, indicating contractive
behavior.
The state parameter difference plot was broken into four quadrants (Figure 5). Material that showed
dilative behavior on both the normalized pore pressure difference plot and normalized CPTu soil behavior plot can be found in quadrant three, as shown on Figure 5, left graph. Material that showed potentially contractive behavior in both the normalized pore pressure difference plot and on the normalized
CPTu soil behavior plot will plot in quadrant one, as shown on Figure 5, right graph.

Figure 5. Normalized Dynamic Pore Pressure Difference versus State Parameter Difference for Typical Dilative
Behavior (left graph) and Typical Contractive Behavior (right graph).

2.5 Results
Tailings that could either be classified as potentially dilative, indicating less susceptibility to liquefaction, or potentially contractive with higher susceptibility to liquefaction, are characterized using the results from all four CPTu-based state characterization methods to evaluate the state of saturated nonplastic tailings. If all these methods point consistently to contractive or dilative behavior, then a strong
case can be made for this strength loss characterization and confidence in the characterization is increased. If the results are mixed, then a less definitive, more conservative characterization is warranted.
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In general for this case, CPTu soundings at depth located within the interior of the impoundment
evaluated show dilative material behavior, transitioning to contractive behavior just downslope of the
crest (near CPT-C), and show contractive behavior towards the downstream toe, as shown on Figure 6.
In some CPTu soundings, contractive material behavior was found at shallower depths and a dilative
material behavior was found with depth i.e. CPT-C. Static and cyclic laboratory testing confirmed this
characterization.

Figure 6. Dilative and Contractive Material Boundary for Study Section.

3 LIQUEFACTION CASE HISTORY
A static liquefaction case history has also been evaluated using the CPTu-based state characterization.
Placement of additional tailings on the lower portion of an upstream tailings impoundment re-saturated
the relatively loose tailings, and the placement raised excess pore pressures to cause a limited flow failure. The red zones identified in Figures 7 and 8 correspond to materials located above and below the
liquefied zone.

Figure 7. CPTu Data from Case History (Note: 1tsf = 0.1MPa, 1psi = 6.9kPa, 1 ft = 0.3048m).

869

Figure 8. Normalized Cone Resistance versus Normalized Friction Ratio (left graph) and Normalized Dynamic
Pore Pressure Difference versus State Parameter from Case History (right graph).

The CPTu-based state characterization methods clearly indicate the CPTu data as contractive and potentially liquefiable. This contractive characterization fits well with the observed static liquefaction.
4 CONCLUSION
The CPTu-based state characterization provides an independent “first principles” approach to assess tailings material strength loss susceptibility under loading. The characterization provides an assessment of
whether the materials would behave in a dilative or contractive manner during loading. Materials that
exhibit dilative behavior are typically denser, have a lower dynamic pore pressure response, and are less
susceptible to liquefaction. Materials that show contractive behavior are typically looser, have higher
dynamic pore pressure response, and are more susceptible to liquefaction. Findings from a static liquefaction case history support this characterization method.
For shallower tailings profiles, the conventional triggering method and the new CPTu-based state
characterization method are in general agreement. Both methods indicate tailings susceptible to liquefaction under the design earthquake event for CPTu soundings located near the downstream toe. However, for tailings profiles with greater depth, the CPTu-based state characterization provides a continuous record throughout the profile and may show dilative material behavior indicating less susceptibility
to liquefaction. This comprehensive characterization with multiple independent methods pointing to a
conclusion provides a more reasonable extent of potential liquefaction within a tailings cross section.
One limitation of the method is that high quality CPTu data must be obtained, such as maintaining
full saturation of the CPTu pore pressure sensor during penetration. Secondly, sufficient time for dissipation tests to fully reach equilibrium is needed and a number dissipation tests are required with depth to
obtain an equilibrium pore pressure profile. Piezometer measurements and long term trends from piezometers are also useful when evaluating the material behavior with time. Projects should also include
correlation borings with other in situ testing, relatively undisturbed (e.g. Shelby tubes or piston tube
samples) sampling, and laboratory testing (index and engineering properties) to assist in the interpretation of the CPTu results. Numerical modeling is also important to evaluate and interpret the behavior of
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the tailings dam under seismic loading. Data can vary across site and with depth; therefore, it is important to not focus too much on individual points but more on characteristic signatures of depositional
regimes and the preponderance of what the data is revealing.
5 ACKNOWLEDGEMENTS
The guidance of Emeritus Professors Norbert Morgenstern, I. M. Idriss, and James K. Mitchell, and Dr.
Yoshi Moriwaki is gratefully acknowledged. The authors also appreciate the support and laboratory
testing performed by Professor Ken Stokoe and his team at the University of Texas at Austin.
6 REFERENCES
Been, K. and Jefferies, M. G. 1985. A State Parameter for Sands. Geotechnique, 35(2), 99-112.
Been, K., Crooks, J. H. A., Becker, D. E., and Jefferies, M. G. 1986. The Cone Penetration Test in Sands: Part 1.
State Parameter Interpretation. Geotechnique, 36(2), 239-249.
Davidson, R., Pilz, J., and Brown, B. 2011. The Challenges of Building Tailings Dams in Seismic Regions ANCOLD 2011, October, Melbourne
Idriss, I. M. and Boulanger, R.W. 2008. Soil Liquefaction During Earthquakes. Earthquake Engineering Research
Institute. Monograph MNO-12, Oakland, CA.
Jefferies, M. G. and Been, K. 2006. Soil Liquefaction – A critical State Approach. Taylor and Francis, London.
Shuttle, D. A. and Cunning, J. 2007. Liquefaction Potential of Silts from CPTu. Canadian Geotechnical Journal,
44, 1-19.
Robertson, P. K. 2010. Evaluation of Flow Liquefaction and Liquefied Strength using the Cone Penetration Test,
Journal of Geotechnical and Geoenvironmental Engineering, ASCE, June 2010.

871

872

3rd International Symposium on Cone Penetration Testing, Las Vegas, Nevada, USA - 2014

Assessment of cyclic liquefaction of silt based on two simplified
procedures from piezocone tests
H.F. Zou, S.Y. Liu, G.J. Cai & G.Y. Du
Southeast University, Nanjing, China

A.J. Puppala
The University of Texas at Arlington, Arlington, Texas, USA

ABSTRACT: Simplified procedures have been widely accepted and used in practice for assessing cyclic liquefaction resistance of sands and silts. This paper presents an experience, centered on the use of simplified
procedures based on piezocone tests, to evaluate the cyclic liquefaction potential for a new business district in
Suqian, Jiangsu province, China. Improvement with cross-shaped vibration wing and resonance theory was
conducted on the site. Piezocone tests were performed on the soils both before and after resonance improvement. Two CPT-based simplified procedures were used to evaluate the cyclic liquefaction potential of silt both
before and after improvement. This paper confirmed the applicability of piezocone tests for assessment of cyclic liquefaction of silt.

1 INTRODUCTION
The simplified procedure for evaluating liquefaction potential that has become the most widely used
method throughout the world. This method was originally proposed by Professor Seed and his coworkers (Seed and Idriss, 1971) from empirical evaluations of field observations and field and laboratory test data using the standard penetration test (SPT). Later, simplified procedures based on cone penetration test (CPT) were developed and soon drew great interest (Youd et al. 1997, 2001). The CPT-based
simplified procedures can give more consistent, repeatable and continuous results than the SPT (Liu et al.
2011; Cai et al. 2012; Juang et al. 2003). As a recent development, CPT, with built-in pressure transducers capable of measuring pore water pressure simultaneously with tip resistance (qc) and sleeve friction
resistance (fs), is commonly referred as piezocone penetration test, PCPT or CPTu (Lunne et al. 1997;
Cai et al. 2010, 2011; Liu et al., 2008).
In the framework of the simplified procedure, the calculation or estimation of two variables is required for evaluation of liquefaction potential of soils: (1) the seismic demand on a soil layer, expressed
in terms of cyclic stress ratio (CSR); and (2) the capacity of the soil to resist liquefaction, expressed in
terms of cyclic resistance ratio (CRR) (Youd et al., 2001). The first SPT-based simplified procedure defined the condition for triggering liquefaction by a boundary curve that separates liquefied cases from
nonliquefied cases in a plot of CSR versus overburden stress-adjusted SPT blow counts. The first CPT873

based methods were essentially a conversion from the SPT-based methods, using empirical SPT–CPT
correlations (Robertson and Campanella, 1985; Seed and de Alba, 1986). Olsen, (1988, 1997) proposed
a classification chart-based technique, whereas Robertson and Wride (1997, 1998) presented a soil behavior type index (Ic)-based technique. The Robertson and Wride (1998) method was recommended by
the 1998 NCEER Workshop for its ease of application (Youd et al., 2001).
Over the last two decades, the expanded database has promoted the development of various other
correlations (e.g., Juang et al., 2003, 2006, 2008; Idriss and Boulanger, 2006; Moss et al., 2006; Robertson, 2009; Ku and Juang, 2012). The Robertson and Wride (1998) method has been updated several
times. Robertson (2009) proposed a unified CPT-based method for both cohesive and cohesionless soils.
This method consists of three segments: an equation for sand-like soils that is basically the same as the
Robertson and Wride (1998) method, a semi-empirical equation for clay-like soils, and a transition between the two sets of equations. The Robertson (2009) method is recognized as the most widely used
CPT-based method in practice (Juang et al., 2013). However, Juang et al. (2008) also proposed a CPTubased model for evaluating liquefaction potential of both cohesive and cohesionless soils. The most important feature of the Juang et al. (2008) model is the recognition of the importance of pore pressure parameter (Bq) in its formulation. Ku and Juang (2012) demonstrated that the CPTu-based model per Juang
et al. (2008) appeared to offer a more reasonable characterization of the cyclic softening resistance of fine-grained soils.
The objective of this paper is to evaluate the performance of the Robertson (2009) method and Juang
et al. (2008) method for assessment of cyclic liquefaction potential of silt for the construction of a new
business district in Suqian, Jiangsu province, China. Deep vibratory compaction equipment, with frequency-variable piling vibrator, was adopted for ground improvement by inserting a probe of crisscross
section into the 15 m-thick silt deposit. The selected two simplified procedures were used to evaluate the
cyclic liquefaction potential of silt both before and after improvement.
2 GEOLOGICAL CONDITIONS AND BASIC SOIL PROPERTIES
Most soil deposits in Northern Jiangsu Province of China are composed of sand and silt. The soil profile
at the site consists of a mean thickness of 8m of Yellow River alluvial silt fill on a natural deposit of clay.
The groundwater table (GWT) was located about 3.0 m below the ground surface. The main physical
properties of soils at the site are shown in Table 1. Figure 1 shows the particle size distribution and the
basic properties of Suqian silt. Suqian silt is classified as ML in unified soil classification system
(USCS). According to the Chinese code for seismic design of buildings, the design peak acceleration
amax = 0.30g, where g is the gravitational acceleration. The design earthquake magnitude Mw is determined as Mw = 8.
Table 1 The main physical properties of soils
Soil layer

Gs

w (%)

e0

WL (%)

IP

Es/MPa

Fill
Silt
Clay
Clay

2.71
2.70
2.73
2.73

31.7
23.0
36.2
32.2

0.950
0.663
1.005
0.895

31.0
26.8
40.6
44.2

12.5
8.3
17.7
20.2

4.67
15.4
4.32
5.89
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100

1.65-1.95m
3.15-3.45m
4.65-4.95m
6.15-6.35m
7.65-7.95m
7.15-9.45m
10.65-10.95m
12.15-12.35m

Percent finer (%)
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0
1

0.1

0.01

1E-3

1E-4

Partical size (mm)
Figure 1. Particle size distribution of Suqian silt

The piezocone penetration device used in this study is produced by Vertek- Hogentogler & Co. of
USA. The equipment is a versatile piezocone system equipped with advanced digital cone penetrometers
fitted with 60° cone and 10 cm2 tip area which can provide measurement of cone tip resistance qt, sleeve
friction fs, and penetration pore-water pressures (u2) with a porous filter 5 mm thick located at shoulder
position u2. All CPTU tests were conducted at a penetration rate of 2 cm/sec, and the data was collected
every 5 cm.
The dimension of the vibro probe developed by Southeast University, China is 0.6 m in width and 15
m in length (Chen et al. 2013). In addition, circular openings of 0.1 m in diameter are spaced at 0.8 m
along the probe, which aims to reduce probe impedance. These openings also provide better contact between the probe and the soil. At the same time it will transmit vibration to a larger area, which can further enhance the compaction effect. Furthermore, the lighter weight due to reduction in cross sectional
area also gives rise to relatively larger displacement amplitude which is beneficial to soil densification.
The weight of the vibrator and probe was about 7 tons that was guided by a leader mounted on a 50-ton
crawler crane.
Typical CPTu results before and after vibration compaction are depicted in Figure 2. The horizontal
distance between the two CPTu was less than 5m. Thus, a reasonable comparison can be conducted to
assess the applicability of vibro-compaction for silt improvement. The performance of Robertson (2009)
and Juang et al. (2008) methods for assessment of cyclic liquefaction potential of silt before and after
ground improvement can then be evaluated. The hydrostatic pressure line based on the ground water table (GWT) at the site is also included in Figure 2. It is shown that both the qt and fs were increased significantly. The excess pore water pressure induced by the penetration of CPT in the silt before improvement was reduced to almost zero, or even negative values, due to the densification impact of vibrocompaction. Similar CPTu response (i.e. contractive to dilative pore pressures) in silts after ground improvement was also reported by Campanella et al. (1982) and Robertson (2012).
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Figure 2. Typical results of piezocone tests before and after improvement at Suqian site

3 ANALYSIS OF TEST RESULTS AND DISCUSSION
3.1 Analysis of results before compaction
Figure 3 presents the comparison of evaluation of liquefaction potential based on the two methods before ground improvement. It is reasonably assumed that the soils are not susceptible to liquefaction
above the ground water table, i.e. above 3m depth. Hence, FS > 1 above GWT.
For the silt from 3m to 8m in depth (below the GWT), consistent and comparable profiles of liquefaction resistance were obtained for the Robertson (2009) and Juang et al. (2008) methods. The normalized cone tip resistance in Figure 3 was defined separately. In the Juang et al. (2008) method, the normalized cone tip resistance is determined according to Idriss and Boulanger (2004, 2006) using an
exponent α in simple iterative procedure. Whereas, in the Robertson (2009) method, the normalized
cone tip resistance is calculated using the soil behavior type index, Ic. However, the stress-normalized
resistances from the two methods were identical, as shown in Figure 3. The profiles of CRR along with
the factor of safety were also consistent except at several depth intervals.
Considerable variation was observed when the two methods were applied to the lower clay. The profile of CRR of the clay given by the Juang et al. (2008) method was much larger than that by the Robertson (2009) method. The different mechanism of liquefaction may be attributed this variation. For the
clay, the flow liquefaction is the major concern in engineering practice (Robertson 2009, 2010). However, sand is more susceptible to the cyclic liquefaction.
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Figure 3. Comparison of results of the two selected methods before improvement

3.2 Analysis of results after compaction
Figure 4 gives the comparison of evaluation of liquefaction potential based on the Robertson (2009) and
the Juang et al. (2008) methods after ground improvement. Above the GWT, the normalized cone tip
resistance and cyclic resistance ratio almost remained the same as that before compaction. Thus, the vibro-compaction seemed to be unsuitable to the soil in shallow depth and/or above the GWT. One reason
is due to the lack of effective confining stress for the vibro-compaction. Other ground improvement
technique, e.g. the dynamic or surface compaction, is needed to densify the soils in the shallow depth.
The liquefaction resistance of silt increased significantly after ground improvement from 4m to 8m
in depth. The factor of safety increased from the average value 0.6 before improvement to the average
value 2.8 after improvement. It is shown that the vibro-compaction was effective to increase the liquefaction resistance of the Suqian silt at this site. After improvement, the possibility of cyclic liquefaction
of silt decreased and could satisfy the allowable design requirements.
For the silts from 4m to 8m, the profile of factor of safety given by Juang et al. (2008) is larger than
that by Robertson (2009). Note that the soil behavior type indexes both in the Robertson (2009) method
and the Juang et al. (2008) method are function of many factors, such as soil plasticity, fines content,
mineralogy, soil sensitivity, and stress history, some of which might be changed by the vibro-compaction
greatly. Thus, application of both the Robertson (2009) and Juang et al. (2008) methods in heavily overconsolidated soils should be cautious because the soil behavior type indexes are often directly correlated
to the fines content correction functions (Robertson, 2009). The probabilistic approaches, e.g. Juang et al.
(2006) and Moss et al. (2006), appear to offer better evaluation of liquefaction potential to account for
several geotechnical uncertainties in seismic analysis. But new approaches still need to be further developed to account for the influence of high overconsolidation ratio.
For the lower clay, the vibro-compaction appears to reduce the liquefaction resistance of the soil.
The profiles of factor of safety decreased obviously with FS < 1 at several depth intervals. Nevertheless,
the cone tip resistance, which represents the failure strength of soil, has no megascopic change after the
ground improvement, as shown in Figure 2. Several factors could be attributed to this irregularity. These
include the loss of accuracy of sleeve friction in the saturated soft clay deposit (Lunne et al. 1997) and
the potential loss of saturation of porous filter when the probe passed the dense silt (Campanella et al.
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1982; Robertson 2012), as shown in Figure 2. The accuracy of the Robertson (2009) method is primarily
influenced by the loss of accuracy of sleeve friction in this case. Whereas, both the above two factors
control the reliability of the Juang et al. (2008) method.
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Figure 4. Comparison of results of the two selected methods after improvement

3.3 Comparison of estimating CRR of silt
A comparison was made between the estimated CRR of the silt based on the Robertson (2009) and
Juang et al. (2008) methods, as shown in Figure 5. The data points before ground improvement are scattered around the y = x line, indicating that the differences are relatively slight. After ground improvement, the scatter increases with CRR. Generally, the CRR values per Juang et al. (2008) method are one
to two times larger than those of the Robertson (2009) method. This indicates that the Juang et al. (2008)
method seems to be less conservative and more sensitive to the compaction impact than the Robertson
(2009) method. The influence of compaction may contribute to the change of two main factors, the normalization of cone tip resistance and the correlation between the soil behavior type indexes and fines
content. The mechanism of compaction and its influence on CPTu measurements still need to be further
confirmed.
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Figure 5. Comparison of CRR of silt per the two methods

4 CONCLUSIONS
This paper presents an experience centered on the use of simplified procedures based on piezocone tests,
to evaluate the cyclic liquefaction potential of silt. Vibro-compaction was conducted at the site to improve the liquefaction resistance. Piezocone tests were performed both before and after the improvement
to evaluate the efficiency of vibro-compaction. It is shown that the Juang et al. (2008) and the Robertson
(2009) methods can give similar results of liquefaction potential of silts before ground improvement. After the vibro-compaction, a large scatter was observed between the CRR of Juang et al. (2008) method
and those of Robertson (2009) method. Generally, the CRR values per Juang et al. (2008) method are
one to two times larger than those of the Robertson (2009) method. This indicates that the Juang et al.
(2008) method may be less conservative and more sensitive to the compaction impact than the Robertson (2009) method. The mechanism of vibro-compaction needs to be investigated to better understand
its influence on CPTu measurements. The reliability of simplified procedures for ground improvement
also needs to be further confirmed. Besides, CPT/CPTu proves to be capable of evaluating the potential
for liquefaction because of its repeatability, reliability, continuous data and cost effectiveness.
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ABSTRACT: Despite its large use as a tool in foundation design, the CPT test was rarely recommended
in the pile foundation literature to define the P-Y curve parameters for laterally loaded piles.
This paper aims at presenting a method of construction of the P-Y curves for piles in sand on the basis of
the cone penetration resistance, derived from a detailed interpretation of full-scale lateral loading tests on
single piles carried out in sandy soils. It was shown the existence of a fundamental relationship between
the P-Y curve parameters, the cone resistance and the lateral pile/soil stiffness ratio. The suggested method was validated by comparing the predicted load-deflection curves to the ones obtained from many fullscale piles.

1 INTRODUCTION
The lateral load-deflection response of a single pile is a complex tridimensional pile/soil interaction governed
by many key factors, such as the pile slenderness and the pile/soil stiffness ratio. Moreover, a realistic analysis of such an interaction should take into consideration the non-linear response of the surrounding soil as
well as the non homogeneity of soil properties.
The P-Y curve describes a local relationship at a given depth along the pile between the lateral soil reaction
P undertaken by a spring at the pile/soil interface and the lateral pile displacement Y at the same depth. As
shown in Figure 1, the P-Y curve has a non linear shape and is characterised by an initial slope denoted Eti
and called the lateral reaction modulus, and a horizontal asymptote P u corresponding to the lateral soil resistance.
In spite of the large number of applications of the cone penetration test (CPT) in foundation engineering, it
is rarely mentioned in the literature how to use the CPT test for analyzing the load-deflection behavior of
piles.
Schmertmann (1978) recommended a rough approach to define an elastic plastic P-Y curve from the cone
penetration resistance q c. The lateral reaction modulus E ti was given as function of q c and the pile diameter B.
The lateral soil resistance Pu is equal to 11% and 22% of qcB for a loose sand and dense sand respectively.
Bouafia and Merouani (1995) showed the appropriate use of correlations between the pressuremeter test
parameters and qc to define P-Y curves leads to good prediction of lateral response of single piles in medium
dense sand.
Anderson et al (2003) examined seven case histories of laterally loaded piles by comparing standard P-Y
curves whose required parameters were defined on the basis of classical correlations with q c. This correlative
approach may be useful whenever the CPT data are available, but requires some engineering judgment due to
the diversity of correlations.
Bouafia (2009) showed it is possible to correlate E ti to the drained initial constraint modulus M0 of unaged
and uncemented predominantly silica sands and Pu to qc, the modulus M0 being itself correlated by an empirical approach to qc.
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Figure 1. Schematic shape of the P-Y curve

The CPT test provides the cone penetration resistance q c which is a resistance parameter, but according to
many theoretical and experimental research works (Baligh, 1985; Jamiolkovski, 1988; Lunne et al., 1997) it is
possible to correlate the soil stiffness of sandy soils to q c.
The P-Y curve parameters Eti and Pu may be correlated to the cone resistance qc and the pile characteristics,
according to the following general equation at a given depth:
f (qc*, EpIp, D, B, Pu, Eti) = 0

(1)

EpIp, D and B are respectively the pile flexural stiffness, the pile embedded length and the pile diameter (or
the dimension perpendicular to the lateral load direction).
Dimensional analysis of this equation according to the Buckingham’s theorem leads to the dimensionless
equation:
g(

Eti Pu D E p I p
,
, ,
)0
qc* q c* B B qc* D 4

(2)

The first ratio is noted KE and called the reaction modulus number such as:
Eti = KE.qc*

(3)

The second ratio is noted Kc and called the lateral resistance factor:
Pu = Kc.qc*.B

(4)

The third ratio is the pile slenderness ratio and the last one is noted KR and called the lateral pile/soil stiffness ratio. Equation 2 shows that KE and Kc are both functions of KR and D/B.
Due to the complexity of the pile/soil system response, a rather pragmatic approach consists of an experimental evaluation of the coefficients KE and Kc on the basis of the lateral loading test on single piles. The fullscale lateral loading tests on instrumented piles were carried out for more than half a century to investigate the
pile/soil response. P-Y curves are usually derived from bending moment profiles measured by strain gauges
along the pile. However, a few full-scale tests on instrumented piles were reported in the literature with successful derivation of the P-Y curves from double differentiation and integration of the bending moment profile. The main difficulty in deriving these curves is due to the high sensitivity of the lateral soil reaction P to
the experimental conditions as well as to the method of fitting and differentiation of the bending moments
(Bouafia and Garnier, 1991).
The method of construction of the P-Y curves from the CPT test presented in this paper in based on the interpretation of several full-scale lateral loading tests on fully instrumented piles carried out in sandy soils in
France. A detailed description of the experimental sites, the test piles and the interpretation of the experimental P-Y curves was given by Bouafia (2005) and Bouafia and Lachenani (2005). However, this paper emphasizes on the formulation of KE and Kc and the validation of the proposed P-Y curves by predicting the behavior of many test piles reported in the literature.
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2 INTERPRETATION OF THE RESULTS
The experimental P-Y curves obtained for each test pile were fitted by the usual hyperbolic function as follows (Reese, 1971; Garassino, 1976; Georgiadis et al, 1992):

P( z ) 

y( z )
Y ( z)
1

Eti ( z ) Pu ( z )

(5)

At a given depth z, the P-Y curve parameters are defined according to equations (3) and (4), and qc* is the
net cone penetration resistance given by:
qc* ( z )  qc ( z )   v 0 ' ( z )

(6)

To take into account the non homogeneity of the cone resistance versus the depth, an equivalent net cone
resistance qce* was defined as follows:

qce* 

1
De



De

0

qc* .dz

(7)

De is the effective embedded length of the pile, beyond which the pile segments do not deflect, defined as:
De = min{D, πL0}

(8)

The elastic length (or the transfer length) L0 is given by:

L0  4

E p .I p

(9)

K E .qce*

The lateral pile/stiffness ratio may then be defined as follows:

KR 

E p .I p

(10)

qce* .D 4

It was found that the reaction modulus number KE and the lateral resistance factor Kc remarkably vary as
power functions of the pile/soil stiffness ratio KR for piles whose slenderness ratio D/B is greater or equal to
10 as follows:

 1 1.1
 K R
K E  10

 7.0

1.4 xK R0.83

Kc  
 0.06


if K R  2.1x10 2

(11)

else

if K R  2.1x10 2

(12)

else
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Figure 2. Variation of KE and Kc versus the pile/soil stiffness ratio KR

It is to be noted that the value of 2.1x10 -2 is a threshold of KR beyond which the pile exhibits a semi-rigid to
rigid behavior. Figure 2 illustrates the variation of KE and Kc versus KR. The curves were derived by fitting
the experimental values of KE and Kc by simple power functions of KR with high quality of fitting.

3 METHODOLOGY TO CONSTRUCT P-Y CURVES
The following step-by-step procedure helps using the method to define the P-Y curves parameters:
1. The profile of cone resistance is to be filtered by eliminating the peaks of resistance which sometimes do
not reflect the true resistance of the soil. The peaks were eliminated and simply replaced by linearly interpolated values.
2. Subdivide the soil along the pile into N horizontal slices thin enough so that the net cone resistance qc* may
be considered varying linearly within any slice. The value of qc* at the mid-slice is then considered as representative within the slice.
3. Assume the pile is semi-rigid or rigid, that is to say assume D e = D.
4. Compute the equivalent net cone resistance qce* according to equation (7). For practical purposes, replace
the integration formula by that of the summation of trapezes:
qcee* 

1
De

De

*
 qc ( z)dz 
0

1
De

k N

 q (k )z(k )
k 1

*
c

(13)

5. Compute the lateral pile/soil stiffness ratio KR according to the equation (10).
6. Compute the modulus number KE on the basis of equation (11).
7. Compute the transfer length L0 by equation (9).
8. Compute the effective embedded length De of the pile based on equation (8). If L0 leads to D > De (flexible
pile), then repeat steps 4 to 8 along an iterative process until the convergence of KR.
9. Compute the values of Eti and Pu for each slice according to equations (3) and (4) respectively.
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10. Construct the P-Y curve for each slice along the pile according to equation (5).
11. Use software to analyze the load-deflection response of the pile on the basis of the constructed P-Y
curves. SPULL (Single Pile Under Lateral Loads) developed at the University of Blida is a freeware available
upon request sent by E-mail to the author.
4 VALIDATION OF THE METHOD
In order to demonstrate the predictive capabilities of the proposed method, the lateral load-deflection response
of some case studies reported in the literature were predicted. The test piles used in this validation process are
identified as mentioned in their references. Five (5) full-scale lateral loading tests in 4 sandy soils were studied according to the proposed method:
 Site 1: The Roosevelt bridge site is located in Florida and composed of a 4 m thick loose layer of sand,
overlying a thick layer of very dense partially cemented sand. The site was submerged by water up to 2 m
above the ground level. Square prestressed concrete pile were driven and tested up to cracking under a lateral
load of 200 kN and concrete failure occurred under a load of 320 kN.
 Site 2: The Lock & Dam 26 site is located near the Mississipi River and composed of alluvial deposits
(poorly graded sand) 3 m thick overlying glacial deposits (medium to coarse sand with gravel) 17 m thick.
The bedrock is a hard limestone from the Mississippian age. Lateral load tests were performed on two identical HP-14x73 piles socketed in the limestone bedrock, jacked against each other, and the lateral displacements of each pile were measured.
 Site 3: The Treasure Island site is located in San Francisco Bay and mainly composed of sandy soil fill. An
open-ended pipe pile having an outside diameter of 0.32 m and an embedded length of 11.5 m was driven and
a lateral load test was performed by controlled head displacements with a rate of 9 mm/s.
 Site 4: The site is also located in Treasure Island and composed of a layer of sand 13.7m thick overlying a
clayey layer. The test pile is a cast-in steel shell pipe having an outside diameter of 0.6 m and an embedded
length of 13.8 m. Lateral load was performed by controlled head displacements until a value of 38 mm.
As shown by the Figure 3, the predicted normalized pile head deflections (Y0/B) were compared to those
measured. Within a margin of experimental deflections up to 18% of the diameter (B), the ratio predicted to
measured takes an average value of 0.95 with a coefficient of variation of 39.5%, which is encouraging seeing
the multitude of uncertainties affecting the data analyzed. Moreover, it may be noticed from this figure that
the prediction is the best for deflections level up to 5% of diameter.

Figure 3. Comparison between predicted and measured pile head deflection
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5 CONCEPT OF THE CRITICAL DEFLECTION
As illustrated by Figure 1, the critical deflection Yc is defined at a given depth as being the intercept of the
initial linear portion with a slope equal to E ti, and the horizontal asymptote corresponding to the lateral resistance Pu. Yc therefore corresponds to the threshold of large lateral deflections of the pile slice and of full
mobilization of the lateral soil resistance according to the elastic plastic scheme of the P–Y curve.
Based on Equations (3) and (4), the ratio Yc/B may be expressed by the following function of KR:

Yc
P
K q* B K
 u  c c *  c
B BE ti BK E qc K E

(14)

For flexible pile, where KR is less than 2.1x10 -2, the ratio Yc/B may be written as:
Yc
 0.86%  1%
B

(15)

For semi-rigid to rigid piles, equation (14) leads to:

Yc K c
2

 14K R 
B KE

(16)

According to these equations, the critical deflection increases as the square of the pile/soil stiffness ratio
for semi rigid-piles, and is about 1% of B for flexible piles.

6 CONCLUSIONS
This paper presents a new empirical approach for the construction of P-Y curves in sand on the basis of the
cone penetration test, which presents a contribution to the use of the CPT in the design of laterally loaded
piles.
The approach is derived from the interpretation of full-scale lateral loading tests on single piles carried out
in sandy soils. It was found the lateral reaction modulus and the lateral soil resistance may be correlated to the
cone resistance and depend on the lateral pile/soil stiffness ratio. The lateral modulus number and the factor of
lateral resistance were formulated as functions of the lateral pile/soil stiffness.
The approach was evaluated by comparing the predicted deflections to the measured ones from several
full-scale piles reported in the literature. It was found that the predictive capability is good for a level of displacement up to 5% of diameter.
The concept of critical deflection was suggested to provide a limiting value to the lateral displacements of
the pile. It was found that the critical deflection is about 1% of diameter for flexible piles and increases as
square of the lateral pile/soil stiffness ratio.
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ABSTRACT: CPT points on a site are usually spaced as far as 15-20 m, therefore uncertainties of 3D
distributions of soil parameters between the CPT points are inevitable and add up to the scatter of
measured values of soil parameters. The volume of tested soil on any site is about 10-6 of the subsoil
total volume while the cost of geological investigations is as low as 0.05-0.1% of the overall project
cost. The resulting uncertainties of derived soil data cause uncertainties of soil-footing-structure
system (SFSS) interaction. This paper describes the application of 3D Shepard functions to
numerical analysis of uncertainties of soil parameters between CPT points and SFSS sensitivity to
uncertainties of input data. An example of application of characteristic values of c and φ (as per
Eurocode 7) is given to show that SFSS can have tilts on a uniform subsoil due to c and φ scatter
1. DEFICIT AND AMBIGUITY IN GEOTECHNICAL INVESTIGATION DATA
There are two main issues related to geotechnical investigation (GI):
- very low cost of GI - just 0.05-0.1% of a project completion + service;
- very small volume of tested soil: just 10-6 of the surface volume below structure (Ziangirov, 1967;
Clayton, 2010).
Stages
Duration, years
Relative cost, %

GI
0.2
0.05-0.1

Project Design
0.5-1.0
3-5

Construction
1-3
80-90

Life
50-100
10-15

Table 1. Relative costs and duration of project stages (Ziangirov, 2007)

Table 1 shows the percentage cost of a project at various stages versus its overall cost (Ziangirov,
1967). The GI cost deficit could be compensated by either increased project safety at the design stage
or subsequent corrective measures during project construction and life that could be multiple times
more expensive than any GI. The deficit of GI data is compensated by many assumptions, e.g. in
manual processing of scarce data into stratigraphic units. Such operation is done intuitively by
drawing boundaries of stratigraphic units within vertical cross-sections. Meanwhile design engineers
need 3-D numerical arrays of soil data of soil data rather than these stratigraphic units, therefore,
they unpack the stratigraphic units and usually assume the minimal values of the indicated soil
parameters in order to be on the safe side. .
In computer software codes the 3-D numeric arrays are usually approximated by linear
triangulation with the help of linear interpolation, however, the boundaries between stratigraphic
units are only required for visualizing soil data as “pictures” of cross-sections but these boundaries
do not participate in computations of subsoil-structure analysis.
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All soil tests (in situ or in laboratory), sampling from boreholes and transportation of the samples
degrade soil properties. The equations, correlating soil test data into derived/design, values are very
approximate, because stress distribution in tested soil samples is far from being uniform. These
inevitable uncertainties result in analytical mean settlements that largely differ from the actual ones,
obtained by monitoring.
Zaretsky et al. (1989) published case histories of structures, having analytical mean settlements
being much greater than the observed ones. Clayton (2010) published data on the cost of highways
additional repairing operations during their service period due to underestimation of ground
conditions and other factors. Sonoda et al. (2009) gave an example of twofold underestimation of
analytical settlements versus actual ones. Discrepancy of analytical and measured settlements is well
known. Zaretsky (1989) stated that analytical settlements shall exceed actual ones by 30-100%,
otherwise the analytical subsoil model is not realistic. This statement could be disputable, but it is an
objective assessment of the accuracy of such analyses, made by a well-known Russian geotechnical
specialist.
Analysis of differential settlements is also uncertain. e.g. Big Ben clock tower in London tilted
towards Parliament while the analytical tilt was in opposite direction. A more accurate non-linear
analysis and accounting for the subsoil stiffness versus depth growth gave the right analytical tilt
direction towards Parliament (Clayton, 2010).
100 residential buildings in Santos (Brazil) had inadmissible tilts, largely exceeding allowable
values, while their mean settlements were admissible (Goncalves, 2005).
Theoretical models for subsoil deformation analysis are usually based on existence of active soil
layer of finite depth, which is determined differently in various countries. This layer existence is an
assumption, while soil stiffness grows versus depth faster than shows the linear law. It reflects the
fact of soil stiffness degradation due to shear deformations, caused by the man-made structures
impact. At greater depths, unaffected by shear, soil stiffness is very high (Clayton, 2010; Mayne
2000) and linear growth is only realistic over a certain depth range (Trufanov et al., 2013).
Field test data have scatter that could be quantified by statistic equations. But it is not possible
between soundings, where distribution of values of soil parameters is unknown. Here the concept of
fuzzy sets could be more realistic, however, soil stratification hypotheses could be made. In such
circumstances it is worthwhile to analyze unfavorable scenarios of soil parameters distribution
between test points by varying the parameters of functions, characterizing their distribution. This
approach is in fact recommended by Eurocode 7 that specifies characteristic and representative
values of soil parameters that can be both greater or less than mean statistical derived values.
Russian State Standard GOST 20522-96 (1997) envisages such possibility, however, in the
Regulation of Subsoil Design SP.22.1330 (2011) the design values of all parameters are always less
than the respective derived ones. Other scenarios are not considered as is advised by Eurocode 7.
However, GОSТ 20522 [1997] stipulates:
X = Xn(1+ρa) ,
(1)
with X, Xn as characteristic and derived values respectively ; ρα as accuracy of statistical assessment
of X. The two characteristic X values (1) should be applied to the analysis to simulate unfavorable
scenarios.
In SP22.13330 (2011) only smaller characteristic values are recommended for soil strength
parameters c, φ. The design deformation modulus is assumed to be equal to its derived value En.
However, Fadeyev (2004) proved that E = En(1+ρ) with ρ = 1/3 on the basis of monitoring data.
Eurocode 7 also introduces governing values of parameters i.e. parameters, averaged over the
whole soil massif, with associated representative (characteristic) values. Such approach enables
analysis of various unfavorable scenarios even if parameter values are averaged over large soil
volumes.
2. SHEPARD FUNCTION INSTEAD OF LINEAR INTERPOLATION.
Shepard functions (Shepard, 1968) are a more realistic approximation of soil parameters distribution
890

in subsoil than linear approximation. A Shepard function coincides with its given values at given
points. Shepard applied these functions for approximating earth surface relief. But they can also
approximate distribution of soil parameters values in 3D subsoil space. They can reflect different
global trends if any, as is shown below.
Consider for example, approximation of an arbitrary function P = P(x,y,z), whose values Pi =
P(xi,yi,zi) are given at points (xi,yi,zi) with i = 1,2, …N, where i is the number of a collocation point
inside subsoil volume L1<x<L2, B1<y<B2, H1<z<H2 and N is the number of such points. Function P
= P(x,y,z) can be approximated with the help of the following equation that also accounts for a
global trend S(x,y,z):
P  S(x , y , z )
i i R ( x, yi , z )i T ii
i
P ( x, y, z ) 
 S ( x, y , z ) ,
(2)
1
i R ( x, y, z )Ti
i
with Ri(x,y,z) = (x-xi)2+(y-yi)2+(z-zi)2 as distance between a given point (xi,yi,zi) and an arbitrary
point (x,y,z); S(x,y,z) =Ax+By+Cz+D as linear function, reflecting a global trend of function P
distribution, A,B,C,D values are determined by least square root approximation over all known
points; such trend does not exist if A,B,C,D≡ 0; Тi as shape parameters that varies P = P(x,y,z)
function shape between collocation points. Other global trends can be used
2.1. Examples of Shepard functions for 3D distribution of soil parameters
Consider E, c, φ and γ virtual CPT vertical profiles, obtained by a random numbers generator are
shown in Figure 1.
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Fig. 1. Distributions of virtual soil parameters from virtual CPT soundings, simulated by random numbers
generator.

Figure 2 shows isolines of Е, с and φ distributions in the same vertical cross section of 3D
distributions in a 40x20x10 m subsoil volume. These distributions are computed with the help of
equation (2) for the same geological points with Тi =1 (on the left) and Тi =2 (on the right). Evidently
the shapes of the isolines are different for the left and the right sections
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Fig.2. Т = 1 on the left and Т = 2 on the right. The difference is evident.
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Variation of distributions helps simulate scenarios with characteristic values of parameters to find
unfavorable cases.
There is no need to ”smooth” initial CPT or SPT profiles.
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Figure 3. Above: E, c, φ and γ distributions in a vertical cross-section.
Below: Detailed fragmentation of soils into stratigraphic units.
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3. SENSITIVITY OF A STRUCTURE TO SOIL PARAMETERS VARIATIONS
Uncertainty of subsoil properties results in uncertainty of deformations and forces in footings and
superstructures. Therefore, it is important to know in advance, to what subsoil uncertainties a
structure is especially “sensitive”, e.g. how mean settlements or bending moments in a raft footing
“feel” the uncertainties of the ground stiffness. This “sensitivity” evaluation can be described by the
“20/80” Pareto principle that reads: “Just a small part of external factors (20%) cause most effects
(80%) in a system, while the remaining (80%) external factors cause the remaining (20%) effects”.
Sensitivity of “subsoil-footing-structure” system (SFSS) were investigated by computer
simulations of a simplified SFSS analytical model. Multiple numeric experiments (~10000) were
carried out to assess SFSS sensitivity to subsoil parameters variations. The sensitivity ratings are
given it Table 2.
SFSS footing sensitivity ratings
Ratings
Input data

Soil Young modulus E
Soil strength parameters c,
Footing depth h
Distribution capacity of subsoil
within the range of realistic
values (C2)
Subsurface heterogeneity
Cantilever
Column compressibility
Raft bending stiffness D
Superstructure relative stiffness
Ds/D < 5
5< Ds/D < 20
Ds/D > 20
Superstructure stage-wise
erection on linear elastic subsoil
Superstructure stage-wise
erection on elasto-plastic
subsoil
Influence of nearby
construction

Mean
settlements

Deflections

Tilts

Bending
moments
+
-

Shear forces

1
1
1
0

1
1
1
0

1
1
1
0

0
1
1
0

0
1
1
0

0
1
1
0

0
0
0
0

1
1
0
1

1
1
0
1

1
2
0
0

1
2
0
1

1
2
0
1

0
0
0
0

1
1
0
0

1
1
0
0

1
0
0
0

1
0
0
0

1
0
0
0

1

0

0

1

1

0

0

0

1

1

1

2

Table 2. Sensitivity ratings of settlements (mean values), deflections, bending moments, shear forces to
variations of subsoil parameters: 0 – absence or zero sensitivity, 1- mean sensitivity; 2 – high sensitivity.

4. THE IMPACT OF PLASTIC ZONES FORMATION IN SOIL UNDER FOOTING EDGES ON
STRUCTURE TILTS
There appear soil plastic zones under edges of loaded footings. These zones are clearly seen in the
experiment of a 10 cm wide footing model, pressed into soil (Fig. 5). Plastic zones under the model
edges appear even at low loads, they reduce contact pressure concentration under the model edges.
The zones were visualized by means of Photo Imaging Velocimetry technique (PIVview User
Manual 2013).
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Solution of the respective elasto-plastic problem involves given values of soil strength parameters
c, φ along footing perimeter. However, GI give such data at maximum 2-3 points along each footing
edge that could be insufficient for such analysis and especially so due to high scatter of these values.

Fig. 5. PIV visualization of soil plastic zones (red) under 10 cm wide footing

Such analysis is usually done for minimal c and φ characteristic values while the most unfavorable
scenario shall include both minimum and maximum characteristic values, but under opposite
footing sides respectively that contributes to footing tilts on subsoil, having uniform stiffness.
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Figure. 6. Rigid 25 m wide footing, under uniformly distributed load q = 50 t/m 2 (0.5 MPa);
a) Contact pressures profile;
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at different stages of loading; with Young modulus Е=20 MPa, and soil strength parameters under
- left edge сleft= 10 кПа, φleft=25o,
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Results of the above analysis show that the contact pressure profile is not symmetric. The final mean
settlement s = 31 cm while differential settlement Δs = 14.5 cm. The same ratio roughly holds at two
previous stages as plastic zones of different depths form up under footing edges.
It looks like in this particular case (Terzaghi and Peck, 1967) criterion Δs = 0.5s is fulfilled.
5 CONCLUSIONS
1. CPT soundings (same as all other in situ tests) measure properties of infinitesmal volumes of
soil on any construction site.
2 Cost and volume of geotechnical investigations on construction site are too low for detailed
subsoil quantification.
1. Approximation of soil parameters values distribution between test points on site may produce
quite uncertain results at the design stage;
2. Manual delineation of stratigraphic units is subjective and inadequate for “soil-footingsuperstructure” system analysis.
3. Deficit of geotechnical data can be compensated by approximation with modified Shepard
functions, having free dimensionless parameters, which can be varied to identify unfavorable
scenarios.
4. Terzaghi-Peck equation relating mean with differential settlements is realistic.
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Geotechnical design in Toronto waterfront organic soils
A.Drevininkas
Toronto Transit Commission, Toronto, Ontario, Canada

ABSTRACT: The Toronto Transit Commission (TTC) carried out geotechnical investigations between
2009 and 2012 for several construction projects in the weak organic soils along the waterfront in Toronto, Canada. Piezocone penetration testing (CPTu) was an important in situ testing tool in the geotechnical design for the following two projects: i) above ground storage tanks at a maintenance facility, and
ii) a proposed transit maintenance and storage facility.
This paper presents a summary of the two projects in organic soils that used CPTu as a key tool for direct geotechnical design and in support of a comprehensive site characterization of weak organic soils. A
brief comparison of measured soil parameters for the various in situ tests and actual monitoring results
are provided.

1 INTRODUCTION
The Toronto Transit Commission (TTC) is a public transit agency that operates bus, streetcar and subway transit services in Toronto, Canada. It operates the third largest urban mass transit system in North
America. Several of its bus and streetcar maintenance and storage facilities are located near the Toronto
waterfront, which is underlain by miscellaneous fills and weak organic soils. Geotechnical investigation
and design has traditionally avoided characterization of these weak soils and adopted deep foundation
and structural floor slab construction. Based on new ground improvement technologies and enhanced
geotechnical investigation tools, construction methods within these soils are changing.
Geotechnical investigation of weak organic soils requires extensive sampling and testing which does
not always fit within tight design and construction schedules. The use of quick, reliable and continuous
in situ measurements allows for predicting settlements and evaluating ground improvement options in a
short time frame with confidence. CPTu for two construction projects are summarized in this paper to
provide an example for geotechnical design within these organic soils.
2 REGIONAL STRATIGRAPHY
These two sites are located within the Portlands area of Toronto, Canada, which is characterized by
man-made deposits and organic soils. The Toronto shoreline has been extended since the early 1900s by
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filling the nearshore area and increasing the available land adjacent to the downtown core. The geological history of the Toronto area has included several advances and retreats of glaciers of Ionian and Wisconsian age. After the last glaciation, which left a discontinuous veneer of glacial till overlying the shale
bedrock and outwash sands overlying the glacial till, the area was inundated by Glacial Lake Iroquois.
Recent organic soils accumulated in poorly drained marshy areas, composed of organic silts, organic
clays and peat. The groundwater table is generally controlled by the adjacent existing Lake Ontario water levels, about 1 to 2m below existing grade. Figure 1 outlines the area of miscellaneous fills and weak
organic soils present near the Toronto waterfront.

Figure 1 – Distribution of fill (denoted area 15) and organic soils (denoted area 13) along the Toronto waterfront
(from Sharpe 1980).

3 ABOVE GRADE STORAGE TANKS
At a maintenance facility near the Toronto waterfront, the underground fuel storage tanks were being
removed and replaced with above ground storage fuel tanks (ASTs). In support of the AST foundation
construction the site was known to be underlain by compressible organic soils and settlement was a concern. In order to avoid the use of deep foundations, seismic dilatometer (SDMT) and CPTu was carried
out to estimate settlement of the organic soils as conventional sampling and testing could not be carried
out within the tight project schedule.
Historic boreholes across the site provided an indication of the general soil stratigraphy investigated
by collection of soil samples by the Standard Penetration Test (SPT). The soil conditions consist of the
following.
• Sand Fill – 2.6m thick loose to compact
• Organic Soils – 5m thick interbedded organic silts and clays
• Peat – discontinuous 1m thick fibrous peat
• Sands – 2m thick compact to dense
• Glacial Till – 1m thick very stiff silty clay glacial till
• Shale Bedrock
The groundwater table at the site is at a depth of about 1.5m below grade.
Due to the lack of available data from the SPT results, and in order to fast track the project, in situ
testing was deemed necessary in order to estimate settlements and assess foundation options. CPTu and
SDMT testing was carried out at the site in support of analysis. Figure 2 presents typical CPTu and
SDMT results along with consolidation testing carried out in the general area after construction of the
ASTs.
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Figure 2 – CPTu and SDMT results at the proposed AST location.

Details of the in situ testing and interpretation are found in Drevininkas et al (2012). The laboratory
testing was not available in 2012 or during construction. It has been included here to update the settlement estimates. Table 1 summarizes the laboratory test results and Table 2 summarizes the CPTu and
SDMT results.
Table 1 Summary of laboratory results
Measured Geotechnical Parameter from Laboratory Results

Mean Bulk Unit Weight (kN/m3)
Mean Moisture Content (%)
Mean Specific Gravity
Mean Initial Void Ratio
Mean OCR
Mean Constrained Modulus (MPa)
Mean Compression Index
Mean Recompression Index
Mean Vertical Coefficient of Consolidation (Oedometer) (cm2/min)
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Interbedded
Organic
Soils
14.7
75
2.63
2.17
1.8
1.5
0.77
0.07
0.30

Peat

10.9
266
1.59
4.17
1.9
1.3
2.3
0.34
0.48

Table 2 Summary of CPTu and SDMT results
Measured Geotechnical Parameter

Mean Undrained Shear Strength (kPa)
CPTu
SDMT
Mean OCR
CPTu
SDMT
Mean Constrained Modulus (MPa)
CPTu
SDMT
Mean Horizontal Coefficient of Consolidation (CPTu) (cm2/min)

Interbedded
Organic
Soils

Peat

27
21

29
21

2.7
2.3

3.2
2.0

1.9
2.7
25

1.2
3.2
159

For CPTu testing, constrained modulus (M) has been correlated to the corrected total cone resistance
(qt) by several authors, although several authors caution using the CPTu results for accurate settlement
estimates. For fine grained soils Senneset et al (1989) correlated M with qt and vertical stress (σvo) as
follows.
M = α (qt – σvo)

(1)

where α = 2 to 6 for organic soils (mean of 5); and α = 0.7 for buried peat
Based on the results of the in situ testing the area was surcharged with concrete blocks to a height of
2.3m and settlements monitored around the edge of the surcharge load. After four weeks the surcharge
was removed and the AST foundation was then constructed as an at-grade mat foundation. Settlements
were calculated using elastic theory based on i) Constrained Modulus from CPTu, ii) Constrained
Modulus from SDMT, and iii) shear wave velocity measurements to obtain small strain shear modulus
and then reducing the modulus to an elastic modulus within the applied stress range. The analyses are
described below and compared.
Based on elastic theory the in situ tests were used to calculate total settlements due to the surcharge
loading. As the SDMT and CPTu constrained modulus is a one dimensional modulus it can be correlated
to the soil’s elastic modulus (E’) as follows.

⎡ (1 + v )(1 − 2v ) ⎤
E ' = ⎢
M ⎥
⎦
⎣ (1 − v )

(2)

Assuming a Poisson’s ratio (v) of 0.2 for drained conditions, the resulting elastic modulus is equivalent
to about 90% M.
For the SDMT and CPTu constrained modulus, in order to estimate the soil’s settlement (S) due to
the surcharge loading the settlement for each soil layer is calculated from simple elasticity theory as follows.

⎛ Δσ ' z −v' (Δσ ' x + Δσ ' y
S = H ⎜⎜
E'
⎝

⎞
⎟⎟
⎠

(3)
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Where H is the layer thickness and Δσ’z, Δσ’x, and Δσ’y are the change in effective stress in the vertical
(z) and horizontal (x and y) directions.
A revised settlement analysis was carried out to approximate the nonlinear stress-strain-strength response of the organic soils. The SDMT Vs measurements were utilized using the modulus reduction
method outlined by Fahey (1988) and Mayne (2009) to correlate the small-strain shear modulus (Gmax),
shear modulus (G), applied stress (q), and ultimate stress or strength (qmax), assuming g = 0.03. According to Mayne (2009), g varies from 0.2 to 0.4 for “well behaved” soils. Assuming a lower g in this analysis is not based on any experimental evidence, it is only used as a settlement matching tool. Further laboratory research is needed to prove whether this is a valid approach in organic soils, or further
empirical evidence for other sites where settlements are measured in organic soils.

⎛
q ⎞
⎟⎟
G = Gmax ⎜⎜1 −
q
max ⎠
⎝

g (1.5−(

q
))
qma x

(4)

A Gmax value of 105 MPa was derived for the sand fill, 15.0 MPa for the organic soils, 6.4 MPa for
the peat and 264 MPa for the underlying sands. The resulting G values were then expressed as E’ using
the following formula and settlements recalculated.
E’ = 2 G (1+v)

(5)

Settlements were estimated using the three methods noted above. There was good agreement with the
settlement predictions and time rate of settlement from the CPTu and SDMT results as noted in Figure 3.

Figure 3. Comparison of measured and anticipated settlements for the edge of the surcharge load.
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4 MAINTENANCE FACILITY
In support of a proposed transit maintenance and storage facility an extensive geotechnical investigation
was carried out in support of rail infrastructure, foundations, floor slab-on-grade, underground utilities
and the proposed grade raise at the site. In situ testing consisted of conventional borehole sampling,
monitoring well installations, in situ testing and geotechnical laboratory testing. Based on the investigation, below the proposed cut grade, the site is underlain by an overburden thickness of about 16m, consisting of heterogeneous fill, organic soils (organic silts, sands and peat), interstadial sands, and silty
clay over shale bedrock. In situ testing within the organic soils and silty clay consisted of field shear
vane, CPTu, SDMT, self-boring pressuremeter and K0 step blade tests. Geotechnical laboratory tests
within these soils consisted of index properties, oedometer and consolidated undrained triaxial tests. Details of the horizontal earth pressure measurements and comparison of consolidation characteristics at
the site are provided in Drevininkas and Sedran (2011) and Drevininkas et al (2011).
The stratigraphy at the site consisted of:
•
•
•
•
•
•

Miscellaneous Fill – 2 to 6m thick loose to compact Sandy Silt to Silty Sand with debris
Organic Soils – 5m thick interbedded organic silts and clays
Peat – discontinuous 1m thick fibrous peat
Sands – 2 to 6m thick compact to dense
Glacial Till – 1m thick discontinuous very stiff silty clay
Shale Bedrock

The groundwater table at the site is at a depth of about 1 to 2m below grade. Figure 4 presents a crosssection across the site before construction showing the variable soil stratigraphy. Figure 5 presents typical CPTu results along the west side of the site.

Figure 4 Cross-section at the maintenance facility site.
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Figure 5. Typical CPTu log at maintenance facility site.

In order to avoid costly deep foundations and a structural slab for the 12,648 m2 maintenance building
and 855 m2 substation, ground improvement was designed for building foundations, floor slab-on-grade,
pavement support and for accelerating surcharge loads for the proposed grade raise. The CPTu was used
to accelerate the geotechnical reporting schedule and to design the laboratory testing program at the site.
The CPTu results provided a quick reference to evaluate investigation options. Interpreted and measured constrained moduli were correlated to elastic moduli using Equation 2, assuming a v of 0.2. Figure
6 provides a comparison of the interpreted CPTu and laboratory oedometer test elastic modulus results
and interpreted elastic modulus from in situ self boring pressuremeter results that were carried out later
in the project within the organic soils. Good correlation between the results was achieved.

Figure 6 Comparison of inferred Elastic Modulus by various in situ and laboratory tests.
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Due to the proposed 2m grade raise on the west side of the site, settlements in the order of 50 to
200mm were estimated to occur over a period of up to two years after grade raise. In order to accelerate
the construction schedule and to provide support to the proposed rail infrastructure, ground improvement
in the form of 0.5m diameter Impact rammed aggregate piers (RAPs) were installed at 3.2m centres.
Over 6000 RAPs were installed with 19mm clear crushed limestone used as the aggregate which also act
as radial drainage to accelerate settlements. Figure 7 presents the process of Impact RAP installation at
the site.
During the design phase 19 dissipation tests were carried out within the organic soils. Horizontal coefficient of consolidation (Ch) estimates ranged from 0.10 to 6.25 cm2/min indicating a variable horizontal
permeability within the organic soils. The following equation by Barron (1948) was used to estimate
90% consolidation.
!!

𝑇 =    !!   𝐹  𝑙𝑛
!

!
!!!

(6)

where D = effective diameter of the RAPs; F = drain spacing function; and U = degree of consolidation.

Figure 7 – Photographs of Impact RAP installation.
Twenty ground settlement rods were placed on the cut grade surface prior to preloading or surcharging the grade. The settlement rods consisted of metals rods welded to a flat steel plate placed on grade
and separated from the surrounding preload material by encasing the settlement rods in a corrugated
metal pipe. Figure 8 presents the results of two typical ground settlement points at the site. The settlement plate over the organic soils resulted in 89mm settlement with an interpreted Ch of 0.2 cm2/min,
while the settlement plate over the silty clays resulted in 66mm settlement with an interpreted Ch of 0.7
cm2/min. Soil conditions were variable in the north-south direction across the site.

Figure 8 presents the results of settlement monitoring of the 1.7m high preload.
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The monitoring results indicate a range of settlements from about 32 to 211mm, with 90% consolidation occurring after about 45 to 90 days in about 50% of the monitoring points and about 120 days in
about 50% of the settlement points.
5 CONCLUSIONS
The CPTu was used extensively at two locations in the Toronto waterfront organic soils to accelerate
geotechnical design and to confirm organic soil parameters. The CPTu was found to be an excellent tool
for estimating settlements, time rate of settlement, and overconsolidation ratio when correlated with laboratory testing and other in situ tests, such as the self boring pressuremeter and in situ shear vane testing.
CPTu is also a critical tool in efficiently designing ground improvement options with a degree of confidence which is absent in most other in situ tools. The quick, continuous CPTu testing and ease of use
of interpretation software provides an advantage in geotechnical design where design and construction
schedules are tight and under scrutiny.
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Ground improvement quality assurance with CPTu
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ABSTRACT: Piezocone penetration testing (CPTu) can be used to quickly assess the increase in densification and to evaluate liquefaction potential after Rapid Impact Compaction (RIC) densification. Two
sites are summarized in this paper where CPTu was used for quality assurance for RIC sites. The first
site is a commercial development in Toronto, Canada, that was backfilled with uncompacted sands after
environmental remediation. CPTu was used for pre and post RIC evaluation to confirm acceptable shallow footing construction. The second site is a proposed municipal building in Ottawa, Canada, where
liquefiable soils were identified with conventional Standard Penetration testing (SPT). RIC was used to
densify the soils to reduce the potential for liquefaction and to allow shallow foundation construction.
CPTu was used to verify the post-RIC densification.

1 INTRODUCTION

Development in urban areas is commonly carried out at brownfield sites with poor geotechnical conditions. Construction on sites with environmentally impacted soils, uncompacted fills or liquefiable soils
can be commonly addressed through ground improvement options, as opposed to more costly deep
foundations and structural floor slabs. Recent technology has improved the process of Deep Dynamic
Compaction with the use of Rapid Impact Compaction (RIC). This involves providing controlled impact
compaction by rapidly dropping a heavy weight on a large tamper on the soil surface.
In order to quickly assess post RIC densification and liquefaction potential CPTu is an excellent tool
for quality assurance. Several papers have been published outlining the use of RIC and CPTu, such as
Kristiansen & Davies (2004), and Mohammed et al (2011). This paper summarizes two sites where
CPTu was used for quality assurance in Canada.
2 RAPID IMPACT COMPACTION
RIC is a recent improvement to the Deep Dynamic Compaction process. This involves controlled impact
compaction of the soil using a 5,000 to 12,000 kg weight dropped about 1 to 1.2m on a 1.5m diameter
tamper. The weight is dropped at about 40 to 60 blows per minute to densify soils, typically to depths of
3 to 5m, and up to 6m depth in clean granular soils.
RIC increases the strength and stiffness of soils to allow foundation/floor slab construction or to reduce the potential for liquefaction in near surface soils. RIC is carried out in a series of grid patterns to
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cover the entire area of treatment. The energy and deflection of each blow is typically monitored to determine when effective treatment is completed.
In order to evaluate the post treatment effectiveness, SPT or CPTu are carried out. SPTs only provide
a general assessment due to the fewer number of tests within each borehole compared to the continuous
assessment provided by CPTu. CPTu also provides a better correlation with geotechnical stiffness parameters than SPT and can provide more coverage of the treatment area due to the quick advance of the
CPTu.
3 QUALITY ASSURANCE WITH CPTu
3.1 Commercial Development in Toronto
A commercial development was proposed on a former industrial property in Toronto, Canada. As part
of the demolition of the industrial property, about 70,000 m3 of environmentally impacted soil was excavated and disposed offsite. The excavation was backfilled with uncontrolled placement of imported
sand fill. The proposed commercial development was to include one and two storey slab-on-grade structures. The structural engineer required an allowable soil bearing pressure of 150 kPa below the buildings
and 100 kPa across the remainder of the site, with post-construction settlements of less than 25mm.
A geotechnical investigation was carried out at the site to assess ground improvement options. The
sand fill generally contained 2 to 11% fines with generally no gravel size particles. SPTs ranged from 2
to 22 blows per 0.3m. The fill was found to range in depth from 2.5 to 5.5m below grade, with ground
water encountered at depths of 0.5 to 3m. Based on the findings of the geotechnical investigation, RIC
was selected as the ground improvement option.
Prior to RIC treatment, eleven (11) CPTu were carried out across the site with an audio GEOTECH
cone using a light weight anchored geoprobe rig. The 100 MPa cone has a tip area of 10 cm2, a friction
sleeve of 150 cm2 and a u2 filter location. The pore pressure brass filters were saturated overnight with
glycerine under pressure. The RIC treatment was then carried out in a grid pattern across the site. Figure
1 presents a typical photo of RIC treatment.

Figure 1. Typical RIC grid (photo courtesy of Geopac Inc.)
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One week after RIC treatment eleven CPTu were carried out at the same pre-RIC locations. Figure 2
is a comparison of two of the pre- and post-RIC CPTu results.
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
	
  
Figure 2. Pre- and post-RIC CPTu results for commercial development in Toronto.

The above pre- and post-RIC CPTu results confirmed that the treatment met the required
improvement for foundation and floor slab support below a depth of 0.3m. The CPTu results confirmed
that the contractor had regraded the upper 0.3m with uncompacted granular fill that required subsequent
surface compaction. Although the post-RIC verification quality assurance is necessary, the contractor
could also use the pre-RIC CPTu results to efficiently use RIC to focus on areas where more
improvement is necesary and delineate areas where minimial improvement is needed to efficiently use
resources.
3.2 Municipal Building in Ottawa
A 320 m2 one storey slab-on-grade municipal building was proposed in Ottawa. A geotechnical investigation indicated loose native sands below the site to depths of about 5 to 6m, underlain by compact
sands. The loose sand generally contained 5 to 22% fines with generally no gravel size particles. SPTs
ranged from 5 to 10 blows per 0.3m within the upper 5 to 6m. The ground water was encountered at a
depth of 1.7m. Based on the findings of the geotechnical investigation, RIC was selected as the ground
improvement option as opposed to deep foundations.
The site is located within the Western Quebec Seismic Zone. There exists a potential for a design
earthquake magnitude of 6.2 for the Ottawa area. Based on the geotechnical investigation results the
loose sands are potentially liquefiable during the design seismic event. Without ground improvement estimated total ground surface seismic settlements were in the order of 150 mm.
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After excavation and replacement of the upper 1.2m with compacted granular fill, RIC was carried
out across the site. One week after RIC treatment three CPTu were carried out at the site to depths of 10
to 15m. The CPTu were carried out with an audio GEOTECH cone using a light weight anchored geoprobe rig over a period of one morning. The 100 MPa cone has a tip area of 10 cm2, a friction sleeve of
150 cm2 and a u2 filter location. The pore pressure brass filters were saturated overnight with glycerine
under pressure. Figure 3 presents the results of one of the CPTu. Figure 4 presents a comparison of the
pre-RIC SPT N60 values with the post-RIC equivalent N60 values for all three CPTu.

Figure 3. Post-RIC CPTu results at one location at proposed municipal building in Ottawa.

Figure 4. Pre-RIC SPT results and post RIC-CPTu results (in terms of equivalent N60) at proposed municipal
building in Ottawa.
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Based on the CPTu results, the sands showed significant densification to a depth of at least 5m below
grade. The pre-RIC SPTs are likely also disturbed due to hydrostatic pressure imbalance resulting in
lower SPT values. Due to the continuous assessment by the CPTu, a thin layer of loose silt was observed
at CPTu-1 location at a depth of about 4.1m. Due to the poor densification of this 20cm thick layer a
liquefaction assessment was carried out based on the CPTu results. Assessment of liquefaction potential
was used following the procedure outlined by Moss et al (2006). Figure 5 presents a summary of the
results.

Figure 5. Liquefaction Assessment.

Based on this analysis estimated ground surface settlements due to a 6.2 magnitude earthquake could
be in the order of 12mm, which is within acceptable settlement ranges. The liquefaction potential of this
silt layer would not have been discovered by the SPT testing.
4 CONCLUSIONS
This paper provides a summary of two sites where CPTu was used for quality assurance of Rapid Impact
Compaction (RIC). The quick penetration of the CPTu, continuous measurements, and excellent correlation with geotechnical parameters for analysis provides more confidence in the results and cost savings
compared to SPTs. The two sites provide a good example of RIC densification improving the soils and
allowing conventional shallow foundations and floor slab support and for liquefaction mitigation.
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ABSTRACT: Tailings dams are by-products of coal mining and processing activities. Mine tailings impoundments are prone to instability and failure under seismic loading due to the mechanical behavior of
the tailings. In-situ strength parameters of coal mine tailings dams were correlated to laboratory dynamic
parameters based on Cone Penetration Tests (CPT) performed at two impoundments in Kentucky, USA
and cyclic triaxial tests conducted on undisturbed specimens. The samples from the Big Branch impoundment were generally soft samples, while the Abner Fork specimens were stiffer and slightly cemented. The data suggest that the number of loading cycles required to initiate liquefaction, NL, decreases with increasing CSR and with a combined effect of decreasing plasticity and increasing void ratio.
This trend is generally similar to previous published work. The clean sand equivalent of normalized tip
resistance values of coal mine tailings, Qtncs, appear to be in agreement with the observed results in the
studied case histories by Robertson (2009).

1 INTRODUCTION
Tailings dams are constructed to contain waste materials produced as a result of mining activities associated with coal and metals. Tailings dams typically consist of a dike of coarse waste (i.e. well-graded
sand and gravel) with fine waste hydraulically placed behind the dike from a discharge point near the
embankment crest. As the dam is filled with fine waste, additional dikes are constructed on top of the
older dikes and consequently the tailings dams can reach hundreds of meters in height. Unless adequate
drainage is provided, the hydraulically placed tailings materials can remain under-consolidated for many
years (Ishihara et al., 1981).
Approximately, 1555 tailings impoundments exist in the United States, with coal tailings dams mainly concentrated in Appalachia and metal tailings dams concentrated in the west (NSF, 2003). According
to the National Inventory of Dams, approximately one-third of the 1555 tailings structures in the United
States are determined to be high-hazard potential, where failure would result in loss of human life. Although the majority of tailings dam failures have been contributed to static liquefaction (Davies, 2000),
earthquake-induced liquefaction is a concern especially for the dams constructed using the upstream
method. Tailings dams are also commonly constructed in mining throughout the world. In the past 40
years, approximately 94 tailings dams have failed worldwide, resulting in an uncontrolled release of
waste material; fifteen of these were the result of liquefaction due to earthquake shaking.
During processing of coal, water is mixed with the tailings to facilitate transportation. Due to the relatively low permeability of the tailings, water drainage may take considerable time and thus the tailings
dams can remain saturated for years. Since the fine tailings material is hydraulically placed behind the
coarse waste dikes, grain segregation occurs within the fine tailings body. Coarser grains settle closer to
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the discharge point and finer particles get carried further away. Since the discharge point is moved
around the pond periodically, the segregation pattern changes continuously. Therefore, the fine tailings
mass is typically highly heterogeneous and the geotechnical properties of the material can vary considerably within short distances. Observations in past studies (Ishihara et al. 1981) indicate that in both silt
sized and sand sized tailings, cyclic strength of in-situ material is better evaluated by testing undisturbed
samples rather than reconstituted specimens.
Although a considerable number of studies have been conducted on the dynamic response of silty
soils (e.g. Boulanger et al. 1998; Polito & Martin 2001; Sancio 2003; Bray et al. 2004; Wijewickreme &
Sanin 2004), the results of these studies can not be applied on mine tailings without the consideration of
the inherent differences. McKee et al. (1979), Ishihara et al. (1980, 1981), Moriwaki et al. (1982), Vick
(1983), Poulos et al. (1985), Peters & Verdugo (2003), and Wijewickreme et al. (2005) have performed
studies on the cyclic behavior of various mine tailings.
In this study, two coal mine tailings impoundments known as Big Branch and Abner Fork in Kentucky (USA) were selected to conduct in-situ testing and sampling. A series of state-of-practice in-situ
tests including CPT, SPT, vane shear tests, and shear wave velocity measurements were carried out at
two locations at each impoundment: on top of the impoundment (dam crest) and near the pond (far from
the crest). Also, undisturbed samples were obtained (details in section 3.1) and laboratory tests were
conducted at the geotechnical laboratory of the University of Kentucky. The in-situ and laboratory test
results were correlated to provide a method for predicting the in-situ dynamic behavior of coal mine tailings by performing common in-situ geotechnical testing methods with limited laboratory testing
(Salehian 2013). In this paper, the CPT and some of the laboratory tests results are discussed.
2 IN-SITU TESTING
One of the common in-situ geotechnical testing methods is the Cone Penetration Testing (CPT). In-situ
testing was performed in two locations at each of the two impoundments: on top of the dam (crest) and
near the pond. Typical results of the CPT tests are provided in Figure 1.

Figure 1: CPT testing results at Big Branch, location A (near the pond, first 10 meters were pre-drilled).
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3 LABORATORY TESTING
A series of laboratory tests were performed on the obtained tailings samples which included the following: gradation, specific gravity, Atterberg limits, moisture density, and cyclic triaxial testing. The cyclic
triaxial tests were performed on undisturbed specimens of coal tailings from the crest (location A in Big
Branch and location D in Abner Fork) and near the pond (location B at Big Branch and location A in
Abner Fork) of the impoundments. The results of these tests are provided in Table 1. The sample labels
denote the impoundment by AF (Abner Fork) and BB (Big Branch) and the sampling location by LD,
LA, and LB (e.g. TBBLD is tailings dam Big Branch, location D).
During processing of coal, a small percentage of coal remains in the tailings material, resulting in the
dark grey color, lower density, and lower specific gravity values compared to typical soil parameters.
The specific gravity values for the specimens in this study range from 1.69 to 2.50. Plasticity of the coal
mine tailings range from 0% (non-plastic) to 16% and fines contents were generally more than 80%.
Table 1: Properties of the coal mine tailings samples
Sample
TBBLDPST1S2
TBBLDPST1S3
TBBLDPST2S2
TBBLDPST2S3
TBBLDPST2S4
TBBLDPST3S2
TBBLDPST3S3
TBBLDPST4S1
TBBLDPST4S2
TBBLDPST4S3
TBBLAPST11S3
TBBLAPST11S4
TBBLAPST12S1
TBBLAPST12S2
TBBLAPST13S4
TBBLAPST14S3
TBBLAPST14S4
TBBLAPST15S1
TBBLAPST15S2
TBBLAPST15S3
TBBLAPST15S4
TBBLAPST16S1
TBBLAPST16S2
TAFLBPST1S1
TAFLBPST1S2
TAFLBPST2S1
TAFLBPST3S1
TAFLBPST3S2
TAFLAPST1S1

FC
%
92
92
83
83
83
87
87
89
89
89
88
88
70
70
89
87
87
82
82
82
82
83
83
79
79
84
80
80
84

5
%
47
47
44
45
45
43
43
32
32
32
45
45
29
29
49
47
47
41
41
41
41
31
31
37
37
45
41
41
48

2
%
27
27
27
27
27
27
27
18
18
18
36
36
18
18
31
29
29
25
25
25
25
19
19
28
28
33
26
26
33

LL
%
39
39
37
37
37
38
38
38
38
38
30
30
33
33
36
38
38
39
39
39
39
43
43
39
39
43
42
42
38

PI
%
9
9
10
10
10
11
11
5
5
5
0
0
8
8
12
14
14
10
10
10
10
7
7
10
10
16
16
16
14

USCS

ei

Gs

wc/LL

ML
ML
ML
ML
ML
ML
ML
ML
ML
ML
ML
ML
ML
ML
CL
CL
CL
ML
ML
ML
ML
ML
ML
ML
ML
ML
ML
ML
CL

0.55
0.58
0.97
0.97
0.89
0.72
0.81
0.72
0.72
0.78
0.62
0.63
0.62
0.55
0.62
0.97
1.07
0.56
0.62
0.62
0.61
0.96
1.23
0.53
0.52
0.51
0.61
0.64
0.52

1.95
1.95
2.5
2.5
2.5
2.09
2.09
1.89
1.89
1.89
1.69
1.69
1.76
1.76
2.08
2.47
2.47
1.92
1.92
1.92
1.92
2.16
2.16
1.91
1.91
1.9
2.06
2.06
2.02

0.8
0.7
0.5
0.9
0.8
0.9
0.9
0.7
0.9
0.9
1.0
1.3
1.0
1.0
0.8
0.9
0.9
0.8
0.8
0.8
0.7
0.8
0.9
0.6
0.6
0.6
0.6
0.6
0.5

'c
kPa
159
142
167
220
230
207
207
177
212
190
110
49
77
85
148
196
177
206
208
193
183
219
221
278
281
357
400
379
406

'd
kPa
83
91
119
117
90
128
66
103
90
97
53
46
30
46
83
112
94
100
143
108
92
190
152
153
232
281
237
303
304

NL
70
6
4
20
140
109
65
12
155
47
26
15
79
84
11
11
20
55
6
24
281
2
3
35
7
10
125
37
21

Definitions: FC: percentage of particles smaller than 75 μm; 5μ: percentage of particles smaller than 5 μm; 2μ: percentage of
particles smaller than 2 μm; LL: Liquid Limit; PI: Plasticity Index; USCS: Unified Soil Classification System; ei: initial void
ratio at which the test was performed; Gs: Specific Gravity; c/LL: Ratio of the in-situ water content and the liquid limit; ’c:
Applied effective consolidation stress; ’d: Applied peak deviator stress; NL: Number of cycles to reach the peak pore pressure ratio.
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3.1 Sample disturbance
All of the undisturbed tailings samples were obtained using standard steel Shelby tubes. It is well known
that field samplers such as the Sherbrooke sampler (Lefebvre & Poulin 1979) and the Laval sampler (La
Rochelle et al. 1981) provide high quality “undisturbed” samples of fine grain soil, in comparison to
Shelby tube sampling. However, these methods are not always practical or cost effective for some projects. This study was focused on state-of-practice geotechnical testing techniques and therefore the
commonly used Shelby tube sampling method was utilized.
Another source of disturbance is the potential shaking and vibration during transportation. The samples used in this study were transported approximately 240 km (150 miles) from the testing locations to
the geotechnical laboratory of the University of Kentucky on a pickup truck. Although, care was taken
to minimize disturbance during transportation, it is recognized that the level of disturbance imparted to
the samples is not known.
In addition, another source of disturbance was the inevitable prolonged period of sample storage in
the laboratory. The samples were contained in the Shelby tubes between three to four years before being
tested. To evaluate the level of disturbance, typically the in-situ and laboratory measured void ratios are
compared. Therefore, the measurement of water content after the sampling and after extrusion of the
samples in the laboratory is required. In this study, the in-situ water content of the samples was not
measured and therefore, the level of disturbance could not be evaluated. Also the prolonged storage of
the samples resulted in corrosion of the steel Shelby tubes from inside. Thus, the results of this study
should be taken into account with the consideration of this drawback.
3.2 Test Program
The cyclic triaxial test data obtained in this study was collected using a GCTS triaxial testing equipment.
As indicated in Table 1, the specimens were consolidated to stress levels slightly higher than the in-situ
vertical effective stresses.
A symmetrical sinusoidal deviator stress was applied at constant cyclic stress ratio (cy/’c) amplitudes, at a frequency of 1.0 Hz, where cy (cy = ’d/2) is the cyclic shear stress and ’c is the isotropic
consolidation stress. The monitored test variables during the cyclic triaxial tests included the timehistories of deviator stress, axial strain, and pore pressure. The cyclic loading was continued until the
pore pressure ratio (ru) exceeded a value of 1.0. The pore pressure ratio is defined as ru=u/’vc, in
which u is the excess pore pressure. This pore pressure based parameter is defined as the point of “triggering of liquefaction” by Seed (1979).
Some researchers defined the point of triggering of liquefaction based on various strain levels including Campanella & Lim (1981), Lee & Roth (1977), and Boulanger et al. (1998). This study was focused
on investigating the dynamic behavior of coal mine tailings impoundments, and therefore the results
could potentially be utilized in evaluation of stability of tailings impoundments. Considering that the
majority of these impoundments are located in distant locations and are accessible only through rough
terrain, it is unlikely that any future development will be planned for construction on top of these impoundments. Therefore, in such context, the strain level based definition of liquefaction would not have
a meaningful application. On the other hand, post-earthquake stability analysis of impoundments requires identification of liquefied zones within the body of the impoundment near the potential failure
surfaces. Therefore, in this study “triggering of liquefaction” was defined based on the development of
peak pore pressure ratio rather than the strain based definitions.
3.3 Mechanical response under cyclic loading
The stress path and stress-strain relationship obtained from the cyclic triaxial test on a typical coal mine
tailings sample is presented in Figure 2. This specimen showed a predominantly contractive response
during the first quarter cycle of loading. By applying additional load cycles, the pore pressure cumulatively increased, resulting in the progressive degradation of shear stiffness. The transient minimum shear
916

stiffness was recorded when the applied shear stress was close to zero. From cycle 12 and beyond, the
lateral effective stress on the specimen transiently reached zero as the pore pressure ratio (ru) exceeded a
value of 1.0. The observed cyclic mobility type stress-strain response for this specific example is similar
in form to that observed typically in silts and discussed by Boulanger and Idriss (2004). The majority of
the specimens demonstrated cyclic stress-strain response behavior similar to natural silts or clays.

Figure 2: Typical response of coal mine tailings in cyclic triaxial test: (a) time history of deviator stress; (b) time history of
excess pore pressure; (c) time history of axial strain; (d) stress-strain response (hysteresis loops); (e) stress path response.

3.4 Cyclic strength curves
Various studies on silts and clays have shown that several factors affect the cyclic resistance ratio (CRR)
of soils. Some of the studied factors include the plasticity index, void ratio, overconsolidation ratio, and
confining stress. For example it is known that generally, with increasing plasticity, the cyclic shear resistance increases. Determination of the influence of each of these parameters warrants a systematic examination of the cyclic shear response by isolating the effects of each parameter. Although this approach
could potentially be practical for reconstituted samples in the laboratory, it encounters significant challenges in studies involving undisturbed soils. The major influential parameters (e.g. particle fabric and
void ratio) are beyond control due to their inherent field variability and effects of sample disturbance
(Wijewickreme et al 2005). Despite such difficulties, studying the effects of key parameters provides an
opportunity to understand the in-situ behavior of mine tailings.
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The variation of the applied cyclic stress ratio (CSR) versus the number of required cycles to develop
liquefaction (NL) in cyclic triaxial tests (i.e. liquefaction defined as ru = 1.0) on coal mine tailings is
shown in Figure 3. It appears that in comparison with the Big Branch samples, the Abner Fork specimens, with their higher plasticity and lower void ratio, required more cycles to reach liquefaction by applying the same CSR. The range of plasticity indices for Abner Fork samples was between 10% to 16%,
while that for the Big Branch specimens was from 0% to 14%. The void ratios for the Abner Fork samples range from 0.52 to 0.64, while those for Big Branch specimens range from 0.55 to 1.23.

Cyclic Resistance Ratio, CRR

0.5
0.4
0.3
0.2
0.1

Big Branch, 0.55<e<1.23, 0<PI<14
Abner Fork, 0.52<e<0.64, 10<PI<16

0.0

2

1

3

4 5 6

2

3

4 5 6

2

3

4 5 6

10
100
Number of cycles to ru=1.0, NL

1000

Figure 3: Cyclic resistance ratio (CRR) versus number of cycles to obtain ru=1.0 for coal mine tailings

To determine the individual influence of the void ratio, the correlation between the CSR and number
of required cycles to obtain liquefaction was studied for samples with similar plasticity indices, but no
clear trend was observed. Also, the same comparison was made to study the influence of plasticity index
on samples with similar void ratios, and no clear trend was observed. However, it is recognized that the
number of available specimens with similar void ratios or similar plasticity indices was very limited. By
studying further coal mine tailings specimens, a trend could potentially be recognized.
In Figure 4, the correlation between the CSR values and the number of cycles to reach the pore pressure ratio of 1.0 for the coal mine tailings in this study is compared to the results of similar tests on various mine tailings provided by Wijewickreme et al. (2005). Some of the data points from previous studies
included in Figure 4 are provided by cyclic triaxial testing and are labeled by CTX and the rest of the data points including the results of Wijewickreme et al. (2005) are measured through cyclic Direct Simple
Shear testing and are labeled by DSS.
The results presented in Figure 4 indicate that the cyclic resistance ratio of mine tailings measured by
cyclic triaxial testing are significantly higher than those measured by direct simple shear testing for the
same mine tailings material. Wijewickreme et al. (2005) state that although this difference could be considered mainly a result of the difference in the mode of loading between DSS and triaxial tests (Roscoe,
1970; Seed and Peacock, 1971; Finn et al., 1978; Donaghe and Gilbert, 1983), it may also be attributable
to the manner in which in DSS tests and in triaxial tests are normalized (i.e., the use of ’vc for normalizing both test types).
It seems that the correlation provided by this study on the Big Branch coal mine tailings samples is
in close agreement with the results of the cyclic triaxial tests performed by Ishihara et al. (1980) on
Quartz slime. However, it is noted that Ishihara et al. (1980) considered the state of liquefaction as when
the samples experienced a double amplitude strain of 5%, while in this study the liquefaction was defined based on pore pressure ratio of 1.0. The Abner Fork samples appear to exhibit the highest cyclic
resistance ratio among all of the various studies. However, the Abner Fork samples experienced the
longest storage time in the laboratory testing and the results could be influenced as discussed previously.
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Figure 4: Comparison of the correlation between CSR and number of cycles for the coal mine tailings and the
correlations presented by Wijewickreme et al. (2005).

4 CORRELATION OF LABORATORY RESULTS TO CPT TEST RESULTS
The results of laboratory cyclic triaxial testing were correlated to the in-situ parameters obtained during
CPT. One of the basic parameters recorded during the CPT is the tip resistance (qc). This parameter can
be corrected due to the dynamic pore pressure during CPT to provide qt. Furthermore, qt can be normalized due to the overburden effective stresses to obtain Qtn, and also Qtn can be corrected for the combined influence of fines content, mineralogy, and plasticity to obtain Qtncs (Robertson & Wride, 1998).
In other words, Qtncs is the clean sand normalized corrected tip resistance. The results of Robertson &
Wride (1998) study which, included an evaluation of the case histories by Stark & Olson (1995) were
utilized in the workshop for the National Center for Earthquake Engineering Research (NCEER) by
Youd et al. (2001). Robertson (2009) re-evaluated the expanded database by Moss et al. (2006) based on
182 case histories of liquefaction in soils. Moss et al. (2006) compiled a comprehensive database based
on CPT records from the study performed by Moss (2003).
The CSR values recorded during cyclic laboratory testing can be compared to the field CSR values
provided the suitable correction factors are applied. In contrast to laboratory cyclic simple shear and cyclic triaxial tests, earthquakes produce shear stresses in different directions. As noted by Kramer (1996)
and Pyke et al. (1975), pore pressures are increased more rapidly in multidirectional shaking than unidirectional shaking. Considering the average plasticity index of the tailings samples, recognizing that these
specimens were normally consolidated, and following the correlations by Seed et al. (1975), Kramer
(1996), and Massarsch (1979), a correction factor of 0.67 was utilized to convert the laboratory CSR
values to the equivalent field CSR values. The field equivalent of laboratory CSR values illustrated in
Figure 5, are plotted on the correlation between Qtncs and CSR based on the updated case history database provided by Robertson (2009).
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The correlation shows that the data points representing the coal mine tailings are located to the left
side of the suggested curve by Robertson & Wride (1998). This indicates that if an earthquake capable
of producing equivalent shear stresses of laboratory applied CSR values has a duration equivalent to the
corresponding number of uniform cycles applied in the laboratory (Kramer 1996; Seed et al. 1975), it is
possible that it will induce peak pore pressure ratios (ru=1.0) in the coal mine tailings material. The coal
mine tailings exhibited relatively lower values of Qtncs, ranging between 27.7 and 56.4. For samples that
did not liquefy, the peak pore pressures are also located on the left side of the suggested curve. However, it should be noted that the suggested correlation by Robertson & Wride (1998) was based on observation of liquefaction in soils. Therefore, further investigation will determine the applicability of this correlation to coal mine tailings.

Figure 5: Comparison between the correlation of CRR and clean sand equivalent normalized CPT tip resistance,
ܳܵܥܰݐ, in coal mine tailings and soils (after Robertson, 2009).

5 CONCLUSIONS
The Abner Fork samples, with higher confining stresses (52 psi average or 358.5 kPa) relative to Big
Branch samples (25 psi average or 172.4 kPa), required significantly higher cyclic stress ratios to
achieve the peak pore pressure ratio ru = 1.0. Due to the limited number of specimens, the influence of
confining pressure could not be quantified for the samples of each individual tailings dam.
The comparison of the cyclic strength curves (correlation between the cyclic stress ratio and the
number of cycles to obtain peak pore pressure ratio ru=1.0) between the coal mine tailings and other tailings materials provided by Wijewickreme et al. (2005) indicates that the Big Branch samples behaved
similar to the Quartz slimes from Ishihara et al. (1980) and the general behavior was in agreement with
the rest of the tailings material types. It appears that the Abner Fork samples exhibited higher cyclic
strength compared to the other tailings material. However, these samples were kept for an extended time
in the Shelby tubes and the results could be affected.
The influence of plasticity of the coal tailings samples was investigated. The average plasticity index
(PI) for Big Branch samples was 9%, ranging from 0% to 14%, while the Abner Fork specimens had an
average PI of 14%, ranging from 10% to 16%. By comparing the samples obtained from the same impoundment it was observed that samples with higher PI values could require higher or lower number of
cycles to achieve the peak pore pressure ratio ru=1.0, and therefore no clear trend was observed. Also by
studying this influence in conjunction with the influence of void ratio, the trend was not clear. However,
by grouping the results of each impoundment together, a clear trend was observed. Abner Fork speci920

mens with higher plasticity indices and lower void ratios exhibited higher cyclic strength when compared to Big Branch samples. The increase in the CSR value with the increase in PI value is in agreement with the results of the study by Ishihara et al. (1981) on a broad range of tailings samples throughout Japan. However, they did not observe a close correlation between the void ratio and the cyclic
strength of the material.
The CPT clean sand equivalent normalized tip resistance of coal mine tailings were plotted on the
correlations provided by Robertson (2009) and the results appear to be in agreement with the observed
results in the case histories.
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ABSTRACT: Cone penetrometer testing (CPT) and laser-induced fluorescence (LIF) have been used to
improve understanding of subsurface conditions at sites with complex lithology and distribution of petroleum hydrocarbons in soils. With CPT, difficulties have been encountered in penetrating dense soils to
achieve desired investigation depths, and these same dense soils sometimes result in ambiguous SBT
(soil behavior type) interpretations. In addition, very complex SBT and LIF logs can reduce the ability to
discern large-scale patterns in lithology and hydrocarbon distribution. Innovative techniques were developed to penetrate dense soil and use CPT/LIF to assess soil for lithology and hydrocarbon occurrence at
depths up to 40m. These include modifying field methodology to increase penetration depth and simplifying CPT output to develop geologic interpretations. To address variable LIF responses, techniques
were developed for evaluation of LIF data that employ normalization of response data, statistical analyses, and comparison of separate wavelength ratios.
1 INTRODUCTION
Cone penetrometer testing (CPT) and laser-induced fluorescence (LIF) are frequently used techniques
to evaluate lithology and potential hydrocarbon distribution in soils at sites with releases of petroleum
products. However, at some sites, particularly those with very complex lithology and multiple potential
hydrocarbon release areas and different hydrocarbon products, the results of investigations using these
techniques may not be definitive or the output may simply be too complex to effectively evaluate. In addition, the methods themselves have inherent physical and data-acquisition limitations that should be
understood before drawing conclusions about their results. Because CPT and LIF each provide several
types of high-density data, there are additional options for evaluation of these methods using either select portions of the data or by modifying or simplifying the data to clarify the results.
2 CONE PENETROMETER TESTING
In CPT (and CPTu) an instrumented metal probe is pushed into the ground at a constant rate while
measuring various parameters including penetration stress (qt, in units of megapascals (MPa) or tons per
square foot [tsf]), sleeve friction (fs, in MPa), fluid pore pressure (u, in kilopascals (kPa) or pounds per
square inch [psi]), and friction ratio (Rf, in percent [%]). The data are then used to interpret soil behavior
type (SBT), based on charts developed by Robertson (1990). An example CPT log is shown in Figure 1.
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2.1 Three-Push CPT/LIF Method
At a site impacted by petroleum hydrocarbons, CPT advancement techniques and data interpretation
were modified to address very dense sandy soils and hydrogeological complexity. Dense soils at this site
typically limited CPT/LIF testing to depths of less than 30 meters below ground surface (bgs). In some
cases CPT cones were destroyed and in one case a pull-down hydraulic ram broke when attempting to
penetrate this dense soil. A recent phase of investigation required investigation at depths exceeding 36
meters bgs. To reach the target depth of approximately 43 meters bgs through soils that typically cause
refusal of CPT, a method was developed that used three pushes at each location within the same direct
push borehole. The three pushes were as follows:
1. An initial push was performed to refusal with CPT/LIF equipment (LIF module located behind standard CPT).
2. A solid cone and rods were then used to aid penetration through soil that causes refusal of the
CPT at depths shallower than the target. CPT/LIF equipment were not used with the solid
cone and rods.
3. A final push to total depth was performed with CPT and LIF testing equipment at depths below the interval pushed with solid cone and rods.
The gray area shown on Figure 1 corresponds to push #2, in which CPT and LIF data were not collected through very dense sandy soils. The three-push methodology is illustrated schematically in Figure 2.
2.2 Simplifying the SBT Log in Complex Geology
In addition to presenting difficulties in advancing tooling, dense sandy soils may also result in ambiguous SBT interpretations of over-consolidated and/or cemented soils, such as “very dense/stiff soil,”
that have both elevated tip resistance and high sleeve friction. In some cases these soils have comprised
almost 50 percent of a soil log. SBT logs for other CPTs show generally well-defined lithology (i.e., relatively few “very dense/stiff soils”). While these two groups of SBT logs suggest different lithology,
even for collocated CPTs, the difference appears to be derived from varying sleeve friction values, because penetration stress values are relatively consistent among both groups (Figure 3). Differences in

Figure 1: Example CPTu log (using 3 separate pushes) showing penetration
stress, sleeve friction, fluid pore pressure, friction ratio, and SBT interpretation.
Plot uses units of tsf (1 tsf = 0.096 MPa), psi (1 psi = 6.89 kPa) and feet (1 foot =
0.3048 meter). The gray region represents the depth interval of no data collection.
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Figure 2: Methodology for advancing CPT through dense soils: (1) initial advance with
CPT/LIF; (2) “pre-punch” though dense soil using solid cone and rods; (3) final advance into
deep interval with CPT/LIF.

sleeve friction values may have been caused by temporal variations in soil moisture or other factors that
do not affect penetration stress readings. These SBT soil types for several sites have been compared to
lithologic logs produced by geologists from drill cuttings, and they have generally corresponded to finegrained compacted sand. Furthermore, some sites have highly complex interbedded soils ranging from
clay to gravelly sand, and lithologic correlation on cross sections becomes problematic. In several cases,
complex lithology derived from CPT logs has been simplified to develop clear and meaningful cross
sections and three-dimensional (3D) presentations of site geology.
In one case, only CPT penetration-stress data (qc) for over 150 soundings were used to evaluate lithoTip Resistance (MPa - megapascals)
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Figure 3: Comparison of co-located CPTs with varying SBT logs but similar tip resistance.
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Figure 4: Lithologic cross section developed using only CPT tip-resistance data, showing finer and coarser
grained soil. Plot uses units of feet (1 foot = 0.3048 meter).

logic conditions. The lithologic interpretation was developed by defining the site based on the two predominant soil types encountered on-site, fine- and coarse-grained material. This required selection of a
penetration-stress value with which to define the fine/coarse threshold, which was tested and refined by
comparison to the lithologic interpretations by project geologists. This refined approach was developed
as a result of abundant CPT data and a complex lithologic environment presenting a plethora of data that
would be too cumbersome if used in totality and not materially add value to data interpretation or
presentation. Geologic sections developed using this interpretation (example presented in Figure 4)
compare well with published descriptions of regional sediments, including an eastward-dipping structural trend of an anticline that is mapped in this area, which supports the validity of this refinement methodology.
A three-dimensional model developed for this site employs the same simplification of CPT-based lithology due to the substantial number of CPT locations (almost 200) and the lithologic complexity. Figure 5 shows a geologic section of simplified lithology in which silt and clay have been grouped and
sandy lithologies have been grouped. A clear pattern of sandy lithology in the shallow section to the left
and deeper section to the right in the figure corresponds well to known hydrogeologic conditions at
this site.
3 LASER-INDUCED FLUORESCENCE
LIF technology is a semi-quantitative method of identifying hydrocarbons in the subsurface. The LIF
system is attached to the same direct-push tooling as CPT, so LIF and CPT data can be collected simultaneously from one sounding. The LIF projects a laser into the subsurface as direct push rods are advanced. Subsurface materials, specifically certain hydrocarbons, absorb the laser energy and re-emit energy in the form of fluorescence. The LIF system has a sensor that detects fluorescence wavelengths
characteristic of a range of hydrocarbons including fuels, oils, creosotes, and coal tars. Fluorescence response signal (%RE) is proportional to hydrocarbon concentrations in the subsurface and is compared to
926

Figure 5: 3D model showing simplified CPT lithology (“silt/clay” [blue] and “sand/sandy” [green]). Maximum depth shown is 43 meters. Note that lithologic patterns are apparent, with increased sandy material in
the shallow section to the left and in the deeper section to the right.

a known standard (100%RE). The LIF system used for this study was the Ultraviolet Optical Screening
Tool (UVOST® by Dakota Technologies, Inc.), which measures fluorescence at four wavelengths and
presents the data in four colors.
The UVOST® LIF system produces a plot of fluorescence versus depth, as well as inserted small
graphs for selected depths showing the distribution of four color-coded wavelengths in the fluorescence
response signal. In general, the amplitude of the %RE wave (i.e. length of the wave along the “x” axis of
the plot) on the total fluorescence graph is proportional to the concentration of a specific hydrocarbon
mixture. Lower molecular weight mixtures (shorter chain hydrocarbons), such as gasoline, are represented by narrower blue and green peaks, and the higher molecular weight compounds (longer chain hydrocarbons), such as motor oil, are represented by broader orange and red peaks.
Figure 6 presents example LIF logs generated at the same site; the logs appear to show fluorescence
from three different materials and variability within individual logs. The logs on the left and middle are
for soil from two different locations at the same site, and the log on the right is from a sample of nonaqueous phase liquid (NAPL) collected from a site well that was placed directly on the LIF sensor. The
two soil logs show different colors (wavelength ranges) than the NAPL sample and variability of intensity and wavelength within individual soil columns. Variability in LIF intensity and wavelength may be
due to:





Hydrocarbon type
Soil type
Weathering
Mixing

Figure 6: Example LIF logs for soil and NAPL from the same site. Plot uses units of feet (1 foot = 0.3048
meter).
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Statistical and comparative analyses of LIF datasets for the site were performed to compare LIF responses from different media and to evaluate the occurrence of different fluorescent materials and their
distribution.
Figure 7 presents a comparison of the relative proportions of the different wavelengths that make up
the fluorescence response for portions of the same LIF logs shown in Figure 6. The logs on the top and
middle of Figure 7 are from soil at the site and the log on the bottom of Figure 7 is from a sample of
NAPL collected from a well placed directly on the LIF sensor.
In addition to graphical comparison, examination of the entire site data set indicated that each color
(wavelength) has a different maximum value at the site, as follows:





Blue (350 nanometers [nm]) = 40 %RE
Green (400 nm) = 129 %RE
Orange (450 nm) = 168 %RE
Red (500 nm) = 135 %RE

Figure 7: Example LIF logs for soil and NAPL
from the same site.
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This difference in range of maximum values may lead to an overestimation of the relative percentage
of orange and an underestimation of the relative percentage of the blue, because LIF is less sensitive to
gasoline-range hydrocarbons. Data were normalized to address the range of fluorescence responses by
wavelength. Readings for each color were placed on a scale of 1 to 10, where 1 is the lowest value for
that color in the dataset and 10 is the highest value in the dataset. The following formula was applied to
each reading:
[(Reading - MIN) ÷ (MAX - MIN)] × 9 + 1

(1)

Where MIN = minimum fluorescence value and MAX = maximum fluorescence value at the site.
Normalized data for the NAPL sample are shown on Figure 8, which shows a larger proportion of
blue wavelengths than the image on the bottom of Figure 7 (non-normalized data).
To compare LIF readings from soil with LIF readings from a sample of NAPL, the Microsoft® Ex®
cel correlation coefficient function was used to quantify the similarity between individual soil readings
and the NAPL sample as follows:
NAPL Sample
Soil Reading

Blue
5.58
3.63

Green
5.20
4.80

Orange
5.75
6.01

Red
5.87
6.25

Correlation
0.57

A frequency distribution of correlation coefficients was generated for the entire soil LIF dataset (Figure 9). This distribution indicated that there are two distinct populations of soil results, one with positive correlation coefficients where hydrocarbons in soil are similar to the NAPL sample and one with
negative correlation coefficients where hydrocarbons in soil are dissimilar to the NAPL sample. This
suggests that more than one type of hydrocarbon was released to soil at this site.

Figure 8: Fluorescence by wavelength range with data normalized to a 1 to 10
scale. Data are from a sample of NAPL placed directly on the LIF sensor.
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Figure 9: Frequency distribution of correlation coefficients between soil LIF readings and LIF
readings from NAPL sample.

4 CONCLUSIONS
Direct-push investigation methods that collect CPT and LIF data are widely used and provide useful
data regarding lithology and contaminant distribution in soil. However, at sites with complex lithology
and contaminant release scenarios, data from these methods may also be too complex or variable to be
readily interpreted. We have developed both simplifying (for CPT) and mathematical (for LIF) techniques to improve our ability to use these data and develop better conceptual site models and understanding of contaminant distributions. In addition, a method was developed to increase the depth to
which these data could be collected at sites where advancement through dense and compacted soils typically was refused due to potential instrument damage.
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ABSTRACT: This paper presents the calibration of resistance factors for the static and CPT pile design
methods based on reliability theory using fifty three precast prestressed concrete driven pile database.
The predictions of pile capacities were determined based on static analysis (α-method for clay and Nordlund method for sand) and three direct CPT methods (Schmertmann, De Ruiter and Beringen, and
Bustamante and Gianeselli (LCPC) methods). Reliability based analyses using the First Order Second
Moment method, the First Order Reliability Method, and the Monte Carlo simulation method were conducted to calibrate the resistance factors (φ) for the investigated pile design methods. The resistance factors at the target reliability (βＴ) of 2.33 for the different design methods were determined and compared
with the AASHTO recommended values. The calibration showed that the De Ruiter and Beringen method has the highest resistance factor, while the Schmertmann method showed the lowest resistance factor,
which is lower than the AASHTO recommended value of 0.5.
1 INTRODUCTION
Since the introduction of the load and resistance factor design (LRFD) methodology, bridge superstructures were designed using the LRFD method, while the bridge substructures were designed using the allowable stress design (ASD) method. This can lead to inconsistent levels of reliability between the superstructures and substructures. In an effort to maintain a consist level of reliability, the Federal
Highway Administration (FHWA) and the American Association of Highway and Transportation Officials (AASHTO) (1998) set a mandate date of October 1, 2007, after which all federal-funded new
bridges shall be designed using the LRFD method. Accordingly, significant research efforts have been
directed to implement the LRFD design method in bridge substructure to calibrate the proper resistance
factors for local soil conditions and design practice in compliance with this mandate (e.g., Nowak 2005;
McVay et al. 2000; Paikowsky, 2004; Allen, 2005, 2006; Abu-Farsakh and Titi, 2007; Yoon et al.,
2008).
The current AASHTO (2007) design recommends resistance factors, φ, for single driven piles in axial compression that range from 0.10 to 0.65, depending on the design method. However, the existing resistance factors are recommended based on pile database that was collected from sites that do not necessary reflect local soil conditions or design practice. For example, the driven pile database used in the
existing AASHTO code is based on the data gathered by the Florida DOT and the FHWA (Paikowsky et
al., 1994; DiMaggio et al., 1998). Therefore, the resistance factors recommended by the existing
AASHTO code need to be verified before being applied to local soil conditions and design practice. Direct application of the AASHTO resistance factors without calibration may result in over-conservative
or unsafe design.
Several methods have been developed to estimate the ultimate axial bearing resistance of driven
piles. This includes static pile load tests, Statnamic pile load tests, dynamic analysis, and traditional static analysis based on laboratory tests or in-situ tests such as the Cone Penetration Test (CPT). The application of CPT in predicting the ultimate bearing resistance of piles has increased over the last two dec931

ades due to the similarity between the cone penetrometer and the pile, in which the cone can be considered as a model pile (e.g., Schmertmann, 1978; De Ruiter and Beringen 1979; Bustamante and Gianeselli, 1982; Eslami and Fellenius, 1979; Abu-Farsakh and Titi, 2007). The CPT is a simple, fast, repeatable,
and cost-effective in situ test that can provide continuous subsurface soundings with depth. The measured CPT data (tip resistance, qc, sleeve friction, fs, and porewater pressure, u) can be utilized for many
geotechnical engineering applications including the prediction of ultimate pile resistance.
2 PREDICTION OF ULTIMATE PILE RESISTANCE
The ultimate axial resistance (Qu) of a driven pile consists of end-bearing resistance (Qb) and skin frictional resistance (Qs). The ultimate pile resistance can be calculated using the following equation:
n

Q u = Q b + Q s = q b .A b + ∑ f i A si 	
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where qb is the unit tip bearing resistance, Ab is the cross-section area of the pile tip, fi is the average unit
skin friction of the soil layer i, Asi is the area of the pile shaft interfacing with layer i, and n is the number of soil layers along the pile shaft. In soft clay profiles, the shaft frictional resistance usually dominates, while in sand profiles, the end-bearing resistance can contribute up to 50% of the ultimate pile resistance.
2.1 Static method
In this study, the α-Tomlinson method was used for clay layers and the Nordlund method was used for
sand layers. The α- method is based on total stress analysis. In total stress analysis, the ultimate skin resistance per unit area of the pile can be calculated as follows (Tomlinson, 1980):
f = α Su

(2)

where α is an empirical adhesion coefficient and Su is the undrained shear strength. In this research
study, the α values suggested by Tomlinson were used. The skin friction resistance (Qs) is calculated as
follows:
L

Q s = f C d dz

(3)

∫
0

where L is length of the pile in contact with soil and Cd is the effective perimeter of the pile. The pile tip
resistance (Qb) is calculated as follows:
Q b = Ab Su Nc

(4)

where Ab is the cross sectional area of the pile and Nc = 9.
In Nordlund method, the pile tip resistance (Qb) for sand can be calculated as follows:
(5)
Qb = A b .q.α .N 'q
where, q is the effective vertical stress at tip level, α is a dimensionless correction factor, and N qʹ′ is a
bearing resistance factor varying with φ. In this research, the values proposed by Thurman (1964) were
used for calculation.
The skin friction resistance (Qs) was evaluated using the equation proposed by Nordlund (1979) as
follows: L
(6)
Qs = ∫ Kδ C f PD sin( δ ).Cd dz
0
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where, K is a coefficient of lateral stress, Cf is a correction factor, PD is the effective overburden pressure, δ is the pile-soil friction angle, and Cd is the effective pile perimeter. In this study, the soil parameters (i.e., Su, φ) for static analysis were determined from laboratory tests.
δ

2.2 Direct CPT methods
There are two main approaches for estimation of pile resistance using CPT data: the indirect methods
and the direct methods. In the indirect method, CPT data (qc and fs) are used to estimate the soil strength
parameters, such as Su and φ, to predict the pile resistance. While in the direct method, the unit end bearing resistance (qb) of the pile is evaluated from the qc, and the unit skin friction (f) of the pile is evaluated from either fs or qc profiles. It is believed that the direct method is more suitable in engineering practice (Eslami and Fellenius, 1997).
In the direct CPT methods, the pile resistance is estimated using a pile tip resistance (Qb) and the
skin friction resistance (Qs), which can be expressed by the following equations:
(7)
Q b = q b A b = (c b .q c,avg ).A b

Qs = f.As = (α c .f s )As
or Qs = f.As = (cs .q c ).As

(8)
(9)

where qb is the unit end bearing resistance, qc is the cone tip resistance, qc,avg is the average cone tip resistance in the zone above and below the pile tip, f is the unit skin friction, fs is the sleeve friction, cb is
the correlation coefficient of tip resistance, αc is the reduction factor, cs is the correlation coefficient of
friction resistance, Ab is the pile tip area, and As is the pile surface area.
In this study, the predicted pile capacities were calculated using three direct CPT design methods,
Schmertmann, LCPC, and De Ruiter and Beringen methods.
2.2.1 Schmertmann method
Schmertmann (1978) proposed a direct CPT method based on model and full scale pile load tests. To estimate the pile tip resistance (Qb), the average cone tip resistance (qc,avg) is obtained in the zone ranging
from 8D above to 0.7D - 4D below the pile tip. Schmertmann suggested cb value of 1.0 for sand and 0.6
for clay. The unit skin friction is calculated from the sleeve friction (fs) using αc value of 0.2 to 1.25 for
clayey soil.
	
  
2.2.2 De Ruiter and Beringen method
De Ruiter and Beringen (1979) method is based on the experience gained from offshore (steel pipe) piles
tested in the North Sea. In sand, the unit tip resistance (qb) is calculated similar to Schmertmann (1978)
method. The unit skin friction (f) for the compression piles is the minimum among (fs, qc(side)/300, and
20 kPa). In clay, the unit tip resistance (qb) is determined from the conventional bearing resistance theory as follows:
q b = N c Su (tip)
Su (tip) =

(10)

q c (tip)
Nk

(11)

where Nc is the bearing resistance factor (Nc = 9 in this method), and Nk is the cone factor ranging from
15 to 20, depending on soil type and pile type. The unit skin friction (f) can be obtained as:
f = β Su(side)

(12)

where β is the adhesion factor: β =1 for NC clay and 0.5 for OC clay.
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2.2.3 Bustamante and Gianeselli method (LCPC method)
Bustamante and Gianeselli (1982) method is known as the LCPC (LCPC - Laboratorie Central des Ponts
et Chausees) method. In this method, both the unit tip resistance (qb) and the unit skin friction (f) are
calculated from the cone tip resistance (qc). The average cone tip resistance (qc,avg) is obtained by averaging qc values over a zone ranging from 1.5D below the pile tip to 1.5D above the pile tip (D is the pile
diameter). The correlation coefficient of the tip resistance (cb) from 0.15 to 0.6 was proposed for different soil types and pile installation procedures based on empirical correlations (e.g. cb = 0.6 for piles
driven into clay-silt and cb = 0.375 for piles driven into sand-gravel). The pile unit skin friction (f) in
each soil layer is given as follows:
f=

q eq (side)
ks

	
   	
  

(13)	
  

where qeq(side) is the equivalent cone tip resistance of the soil layer, and ks is an empirical friction
coefficient that varies from 30 to 150 depending on soil type, pile type, and installation procedure.
3. LRFD CALIBRATION OF RESISTANCE FACTORS
The basis of the LRFD methodology in geotechnical engineering involves the reliability-based calibration of a parameter called a resistance factor, φ, which is applied to the calculated nominal resistance of
the driven piles. It is usually considered that the design of deep foundations is controlled by the strength
limit state. Therefore, only the strength I limit state is considered in this calibration. For strength limit
state I, the limit state function for LRFD design is given below:
(14)	
  
g(R, Q) = φ R n − ∑ γ i Q ni ≥ 0 	
  	
  
where, γi is the load factor applicable to specific load, Qni is the specific nominal load, Rn is the nominal
resistance, and φ is the resistance factor.
3.1 Reliability Analyses Methods
Several reliability based analysis methods are available in the literature to perform LRFD calibration.
The most widely used methods are the First Order Second Moment (FOSM) method, the First Order Reliability Method (FORM) and the Monte Carlo Simulation (MCS) method. In this paper, the three reliability based analyses methods were used to calibrate the resistance factors (φ) for the static and three direct CPT pile design methods.
3.1.1 First Order Second Moment (FOSM) Method
In the FOSM method, the limit state function is linearized by expanding the Taylor series expansion
about the mean value of variable. Since only the mean and variance are used in the expansion, it is
called First (Mean) order second (variance) Moment. For Lognormal distribution of resistance and load
statistics, Barker et al. (1991) suggested a relationship for calculating the reliability index, β. This equation was later modified for LRFD calibration by replacing the overall factor of safety (FS) by partial factor of safety and then rearranged to express relation for resistance factor (φ) as follows:

φ=

⎛
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3.1.2 First Order Reliability Method (FORM)
Hasofer and Lind (1974) proposed a modified reliability index that did not exhibit the invariance problem. The “correction” is to evaluate the limit state function at a point known as the “design point” instead of the mean values. The design point is a point on the failure surface g = 0. Since the design point
is generally not known in advance, an iteration technique must be used to solve the reliability index. Detailed procedure regarding FORM can be found in Nowak and Collins (2000). Only information on the
means and the standard deviations of the resistances and the loads are needed, while detailed information on the type of distribution for each random variable is not needed. In this study, the reliability
index was calculated using Rackwitz and Fiessler (1978) algorithm following the procedure recommended in Transportation Research Circular E-C079 (Allen et al., 2005).
3.1.3 Monte Carlo Simulation (MCS) Method
The MCS method is a technique that employs generating random numbers that are used to solve deterministic problems. Random values for bias of loads and resistances are generated according to basic statistical parameters. i.e., mean (µ), coefficient of variation (COV) and an assigned distribution, e.g.
lognormal distribution for both loads and resistances in this study. The random values are then combined
to form a limit state function, g, according to a pre-determined combination such as g = φR - γQ. Based
on the definition of failure, e.g., g < 0, the number of failure simulations is counted and the probability
of failure is therefore determined. Reliability index can then be calculated from known probability of
failure.
3.2 Statistical Characterization of Load Components
For calibration, the statistical characteristics of load components are necessary. In this study, load statistics and factors from the AASHTO LRFD specifications (AASHTO 2007), which were originally recommended by Nowak (1999), were adopted as follows: γL = 1.75, λQL = 1.15, COVQL = 0.18, γD = 1.25,
λQD = 1.08, COVQD = 0.13. Here γD and γL are the load factors for dead load and live load, respectively.
λQD and λ QL are the load bias factors for the dead load and live load, respectively. COVQD and COVQL
are the coefficient of variation values for the dead load and live load, respectively.	
  
The dead load to live load ratio (QD/QL) varies depending on the span length. In this study, a QD/QL
ratio of 3 is used for calibration, since the calibration is insensitive to QD/QL ratio above 3 (Abu-Farsakh
and Titi, 2007).
4. ANALYSIS AND EVALUATION OF RESULTS
4.1 Statistical Analyses on Predicted versus Measured Pile Resistances
Based on the analysis of pile load test results on 53 precast prestressed concrete driven piles, a statistical
analysis was performed to evaluate the accuracy and performance of the different pile capacity estimation methods. The mean, standard deviation (σ), and coefficient of variation (COV) of the predicted to
measured pile capacity ratios (Rp/Rm), which are the inverses of the bias factor (λR = Rm/Rp), were calculated for the different pile resistance prediction methods and summarized in Table 1.
Table 1 Evaluation of different pile capacity prediction methods
Pile Resistance Prediction
Method
Static (α-method for clay and Nordlund method for sand)
Schmertmann (1978)

Rp/Rm

Best fit calculations

Mean

σ

COV

Rfit/Rm

R2

1.12

0.32

0.29

1.00

0.84

1.20

0.37

0.31

1.20

0.81
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LCPC (1982)

1.05

0.38

0.36

1.11

0.78

De Ruiter & Beringen (1979)

0.90

0.28

0.31

0.94

0.84

Figures 1a through 1d present the comparison between the predicted and measured pile capacities
for the different pile design methods. Regression analyses were conducted on all methods to obtain the
best fit line of the predicted/measured pile resistances. The relationships Rfit/Rm and the corresponding
R2 for all prediction methods are presented in Figures 1a to 1d, and are also summarized in Table 1. The
Rfit/Rm for static method is 1.0 with R2 = 0.84, implies that the relative bias of the pile capacity prediction based on the static method does not vary with the measured capacities. The mean and standard deviation of the Rp/Rm ratio for static method are 1.12 and 0.32, respectively, indicating an average of 12
percent overestimation using the static method. The resulted Rfit/Rm ratios for the CPT estimation methods range from 0.94 to 1.20. The De Ruiter Beringen method had the lowest ratio of 0.94. All other
methods had Rfit/Rm ratios higher than 1 indicating an increasing bias in pile capacity estimation with the
increase in actual capacity. The average ratios of Rp/Rm of the CPT methods range from 0.90 to 1.20.
The De Ruiter-Beringen method has the smallest ratio implying an average of 10 percent underestimation of pile capacity, while the other CPT methods overestimate the capacity by 5 to 20 percent. On average, the LCPC method overestimates the ultimate pile capacity by 5 percent and the Schmertmann
method overestimates the pile capacity by 20 percent.
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Figure 1 Measured (Rm) versus Predicted (Rp) pile capacities.
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4.2 LRFD Calibration
Figures 2a to 2d present the histogram and the normal and log-normal distributions of the measured to
predicted pile resistance (Rm/Rp) of the static method and three CPT methods, respectively. As shown in
the figures, generally the log-normal distribution matches better the histogram than the normal distribution. In addition, the resistance bias factor (λR=Rm/Rp) can range theoretically from 0 to infinity, with an
optimum value of one, therefore the distribution of the resistance bias can be assumed to follow a lognormal distribution (Briaud and Tucker, 1988). In this study, the log-normal distribution was used to
evaluate the different methods based on their prediction accuracy.
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Figure 2 Histogram and probability density function of resistance bias factors.
Reliability analyses were conducted and the resistance factors for all pile design methods were calibrated at QD/QL=3. This ratio was selected since the reliability index (β) converges for QD/QL exceeding
3 (Abu-Farsakh and Titi, 2007). Figures 3a through 3d present the resistance factors determined for various reliability indices (β) for the different pile design methods. As shown, the resistance factors (φ) determined by the advanced methods (FORM and MCS) are relatively close and generally higher than the
resistance factors (φ) obtained from FOSM. A review of the literature indicates that the required reliabil-
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ity indices are between 2.33 and 3 for geotechnical applications. The resistance factors (φ) for different
design method corresponding to reliability index of 2.33 are tabulated in Table 2.
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Figure 3 Resistance factors for different reliability indexes.
Table 2 Resistance Factors (φ) for Driven Piles (βT = 2.33)

Design Method

Static method
Direct CPT
methods

	
  

α-Tomlinson and
Nordlund
Schmertmann
LCPC
De Ruiter and
Beringen

Resistance Factor (φ) and Efficiency Factor (φ/λ) for
Louisiana Soil
FOSM
FORM
MCSM
φ
φ/λ
φ
φ/λ
φ
φ/λ

AASHTO
Resistance
Factor, φ

0.56

0.58

0.63

0.66

0.63

0.66

0.35-0.45

0.44
0.54

0.47
0.51

0.48
0.60

0.52
0.56

0.49
0.59

0.53
0.56

0.50
—

0.66

0.55

0.74

0.62

0.73

0.61

—
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The resistance factors for the static method determined in this study are 0.56 (FOSM) and 0.63
(FORM and MCS), which is higher than the φ value recommended by AASHTO (2007) (e.g., φ = 0.340.45). It should be noted here that this value is only valid for precast prestressed concrete piles driven into
subsurface soil conditions similar to Louisiana soils that consist mainly of soft cohesive soils with some
cohesionless inter-layer soils, with the pile resistance determined using α-Tomlinson method for clay layers and Nordlund method for cohesionless inter-layers. Among the three CPT methods, the De Ruiter and
Beringen method shows the highest resistance factor [φ = 0.66 (FOSM), 0.74 (FORM), and 0.73 (MCS)],
while the Schmertmann method shows the lowest resistance factor [φ = 0.44 (FOSM), 0.48 (FORM), and
0.49 (MCSM)], which is lower than the AASHTO value of 0.5. However, the LCPC method has a resistance factor (φ) equal to 0.54 (FOSM), 0.60 (FORM), and 0.59 (MCSM).
5. CONCLUSIONS
This paper presents a reliability based evaluation of a static and three direct CPT design methods for estimating the ultimate axial capacity of precast prestressed concrete (PPC) driven piles into soft Louisiana
soils. A pile load test database of fifty three square PPC driven piles of different sizes and lengths that
were tested to failure were collected and used to calibrate the resistance factors (φ) of the different design
methods needed to implement the LRFD design methodology. The measured ultimate pile capacity was
estimated using the Davisson interpretation method and modified Davisson method for piles with larger
sizes. In addition, the load carrying resistance of each pile was predicted using a static method and three
CPT direct methods (Schmertmann, De Ruiter-Beringen, and LCPC).
Statistical analyses comparing the predicted and measured pile resistances were conducted to evaluate the performance of the different pile design methods. The results of the statistical analyses showed
that the static method (α- method and Nordlund method) over- predicted the pile resistance by 12 percent.
Among the three direct CPT methods, the De Ruiter-Beringen method was the most consistent prediction
method with the lowest COV.
Reliability analyses based on FOSM, FORM and MCS methods were conducted to calibrate the resistance factors (φ) for the investigated pile design methods. The design input parameters were adopted
from the AASHTO LRFD design specifications for bridge substructure. The resistance factors (φ) corresponding to a dead load to live load ratio (QD/QL) of 3 as a function of target reliability index (βT) were
presented. Based on the results of reliability analyses for β T = 2.33, the De Ruiter-Beringen method
showed the highest resistance factor while the Schmertmann method showed the lowest resistance factor,
which is lower than the AASHTO recommended value of 0.5.
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Evaluating rolling dynamic compaction of fill using CPT
B.T. Scott & M.B. Jaksa
The University of Adelaide, Adelaide, South Australia, Australia

ABSTRACT: Rolling Dynamic Compaction (RDC) is a ground improvement technique that involves compacting
soil using a non-circular roller. Whilst conventional circular rollers are able to compact layer thicknesses typically
in the range of 200 mm to 500 mm, thicker layers are able to be compacted using RDC. However, the depth of influence of RDC can vary significantly depending on the soil type, moisture content, loose layer thickness and
number of passes. This paper focuses on how cone penetration testing was used during a compaction trial as a key
site investigation technique to determine the zone of influence of RDC at a site involving quartzose and carbonate
sand fill. The results presented quantify the increase in cone tip resistance with depth and illustrates how a number
cone penetration tests (CPTs) were used to evaluate changes in soil strength due to increased roller passes, changes
in moisture content or placed loose layer thickness.

1 INTRODUCTION
Rolling dynamic compaction (RDC) is a generic term associated with densifying the ground using a heavy
(6-12 tonne) non-circular roller module of 3, 4 or 5 sides, that rotates about its corners as it is towed, causing the
module to fall to the ground and compact it dynamically. A square impact rolling module is shown in Figure 1. A
key advantage of RDC is the ability to provide deep layer compaction when compared to circular static and vibrating drum rollers. RDC can compact thicker layers due to a greater depth of influence beneath the ground surface, which is derived from a combination of a heavy module mass, the shape of the module and the speed at
which it is towed, typically in the range of 9-12 km/h. The ability to compact thick layers can make RDC a productive and cost-effective option for earthwork projects; however, as noted by Avalle (2007) there are challenges
associated with its verification. This paper discusses how the cone penetration test (CPT) was used as a key site
investigation technique to quantify the zone of influence of ground improvement using RDC. The CPT rig used in
the project is shown in Figure 2.

2 VERIFICATION OF RDC AND THE USE OF THE CPT
Whilst RDC has been used successfully on many projects in Australia and overseas in applications such as roads,
airports and construction and land reclamation projects, there have been varying results as to what the depth of influence of RDC is for different soil conditions. The CPT has been used successfully on a number of RDC projects
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in Australia, including Avalle & Carter (2005), who reported on the verification of RDC in sandy soils using the
CPT; with improvement evident in plots of cone tip resistance (qc) between depths of approximately 0.5-3.0 m below the ground surface. In a paper by Kelly (2000) plots of qc versus depth below the ground surface also were
provided for reclaimed sand deposits; based on their results, improvement was most evident between depths of
0.5-2.6 m below the ground surface; with Kelly quoting influence to depths of 5 m below the surface. In the same
paper, increases in qc to depths of 4 m in in situ sandy soils were reported from CPTs undertaken pre- and postRDC; improvement was most evident between depths of 0.6-1.5 m.
When compacting thick layers with RDC it is not uncommon for large sized particles (such as concrete and
rock fragments) to be present within heterogeneous fill. As reported by Avalle & Grounds (2004) this can cause
loss of continuous data and a need for relief drilling where refusal was met due to high cone tip resistance. They
found that the usefulness of the CPT to verify ground improvement using RDC was limited within heterogeneous
fill due to the presence of large hard particles; as such only intermittent plots of cone tip resistance could be obtained making it difficult to determine if there was an indication of strength gain with increasing roller passes.
Their work suggests that budget constraints, availability of equipment and the presence of heterogeneous fill material often dictate whether the CPT can be used to verify impact rolling applications. However, to quote Lunne et
al. (1997), “the CPT has been found to be one of the best methods to monitor and document the effect of deep
compaction due to the continuous, reliable and repeatable nature of the data”. This paper focusses on a compaction trial where CPTs were successfully used to quantify the depth of improvement of RDC.

Figure 1. 4-sided impact rolling module

Figure 2. CPT rig undertaking post compaction testing

3 CASE STUDY
An earthworks trial was undertaken on a remote site in Australia comprising predominantly quartzose and carbonate sand fill. Key objectives of the earthworks trial were to optimise the number of roller passes, loose lift layer thickness and moisture content of the fill, to achieve a dry density ratio of at least 90% of maximum modified
dry density.
Despite the site of the compaction trial being located a 2-day drive from the nearest capital city; a specialist
CPT contractor was engaged to carry out CPTs using a 10 cm2 electric cone penetrometer. As shown in Figure 2,
the CPT rig used was a tracked vehicle, making it ideal for traversing the disturbed undulating surface that remains after RDC. Figure 2 clearly shows the undulating sandy surface created by the RDC process. Given that the
earthworks trial was undertaken in very hot weather conditions approaching 40°C, moisture conditioning of the
fill material was challenging. CPTs were undertaken through the full thickness of placed fill and to a minimum of
2 m into the underlying natural soil to help assess the variability of the placed fill material and quantify the improvement of soil strength with increased roller passes.
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The fill material consisted of a mix of locally excavated sand (quartzose and carbonate with a varying proportion of carbonate cementation) that was blended with red-brown sandy clay, silty sand and clayey sand material
that was also sourced from site. The fill material was fairly typical of ‘Pindan’ sands that are common in the Kimberley and Pilbara regions of Western Australia. Based on the dozens of laboratory particle size distribution tests
that were undertaken on the blended fill material, sand-sized particles typically varied between 60-85% by mass;
the remaining fraction (15-40% by mass) consisted of fine-grained material, implying that there were no gravelsized particles (or larger). Figure 3 shows a typical particle size distribution curve for the placed fill material. Atterberg limits testing indicated that the fine-grained component contained either non-plastic fines, or fines of low
plasticity (liquid limit ~20% and plasticity index ~15%). The natural field moisture content of the fill typically
varied between 4-9%. However, as RDC is less effective if the soil is too dry of the optimum moisture content,
moisture conditioning of the fill prior to placement was undertaken. The thickness of the compacted fill was 1 m.
The natural soil underlying the placed fill consisted of stiff to hard silty clay. Groundwater was not encountered
within a depth of 5 m below the placed fill.
Figure 4 shows a typical result comparing qc before and after rolling. An increase in soil shear strength was
quantified by increasing cone tip resistances in the sandy fill layer and to a depth of approximately 0.75 m into the
underling natural clay (total depth of 1.75 m). The fill and natural soil interface at a depth of 1 m below the
ground surface was clearly identified in the CPTs. Figure 5 shows a number of CPT plots that were superimposed
to help quantify soil variability. Figures 4 and 5 are examples of a robust site investigation using CPTs to quantity
the effectiveness of RDC to address the key project aims of optimising the number of roller passes and determining an appropriate layer thickness by quantifying the vertical zone of influence of RDC. In many ways this work
is no different to previous work undertaken by Avalle & Carter (2005) and Kelly (2000) and so is not a large focus of this technical paper.
Figure 6 shows a typical plot of cone tip resistance versus depth after the same number of passes. The key variable between the two locations (ignoring spatial variability which would be inherently present) was the moisture
conditioning of the sandy fill before placement. As can be observed in Figure 6, the fill placed with no additional
moisture yielded quite poor results below a depth of 0.7 m when compared to the soil with moisture conditioning.
Nuclear density and sand replacement tests that were conducted on site also confirmed the presence of loose
sandy fill below 0.7 m; however, the CPT was used as a preferred method of quantifying the lateral extent of the
issue because of its efficiency and ability to obtain real-time continuous data with depth. This was a key early
finding that helped to guide the remainder of the compaction trial.
In Figure 4, the shape of the profile of cone tip resistance versus depth is unusual for a surface compaction
ground improvement technique such as RDC. Typically, the near surface soils (e.g. 0.3 m) are disturbed with little
evidence of improvement, below this depth increases in cone tip resistance are expected, which would steadily
decrease down to some depth of influence (assuming uniform soil conditions). In Figure 4, there is an increase in
cone tip resistance below a depth 0.7 m that is unlikely to be attributed to RDC, given that the sandy fill layer is
approximately 1 m thick. The fact that this phenomenon was observed in the CPT plots before and after compaction suggests that is likely to be either a function of the fill placement method (this fill may have received more
traffic compaction from trucks or dozers during placement), or, it is a case of the cone tip sensing a soil interface
(layer boundary). The latter is discussed by Ahmadi & Robertson (2005) where they found that a soil interface
could be measured up to 15 cone diameters ahead of the depth of the cone, depending upon the strength of the
soil. For the 10 cm2 (35.7 mm diameter) cone used on this project, it is therefore possible for the interface between the sandy fill and stiff-to-hard clay to be sensed within a depth of 0.5 m from the layer boundary. It is interesting to note that this phenomenon was not observed to the same extent for the case of the soil with no moisture
added in Figure 6. However, this is not inconsistent with the findings of Ahmadi & Robertson (2005) who also
indicated that in soft (loose) soils the soil interface could be sensed as little as 1 cone diameter ahead of the depth
of the cone.
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4 ZONE OF INFLUENCE OF RDC AND THE USE OF THE CPT
Rather than focussing on the results of the compaction trial, the remainder of this technical paper discusses how
the CPT was used to determine not just the vertical extent of RDC, but also the lateral zone of influence. In order
to quantify lateral effects, five closely spaced CPTs were undertaken, as illustrated in Figure 7 and summarised in
Table 1.
The distance between impact rolling lanes is typically 2.3 m; CPTs 1-4 were equally spaced at a distance of
1.15 m apart. CPT 5 was located a distance of 3 m from CPT 4 in an area that was uncompacted but close enough
to the other locations to be deemed typical of 0 passes, so that spatial variability was minimised. CPTs 1 and 3
were located at the centre of the impact rolling lane (centre of module imprint that remained on the ground surface
after rolling). CPTs 2 and 4 were located on the wheel paths of the trailer that tows the module. In Figure 1 it can
be observed that the module (width of 1.3 m) is narrower than the track distance between the trailer tyres. In RDC
applications it is common for a ‘wheel path to wheel path’ rolling pattern to be adopted (rather than a module-tomodule pattern) as it is thought that there is an overlap between locations of module impacts between adjacent
impact rolling lanes; however, this has never been quantified (published). Therefore, a key aim was to quantify
the difference in cone tip resistances between CPT locations to determine, not only the vertical depth of influence,
but also any lateral effects due to RDC.

Figure 7. Location plan of CPTs
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Table 1. Description of CPT locations
CPT Location

Comment

1
2
3
4
5

Centre of middle lane after 10 passes (both adjacent lanes also subjected to 10 passes)
Wheel path between middle lane (10 passes) and outside edge lane (10 passes)
Centre of edge lane after 10 passes (only one adjacent lane subjected to 10 passes)
Wheel path of outside edge lane
Uncompacted area 3 m beyond edge lane (0 passes).

The results from CPT locations 1, 3 and 5 are summarised in Figure 8, where it can be observed that the
greatest improvement in cone tip resistance (and therefore soil shear strength) is in the middle lane (CPT 1), as
expected. In the edge lane (CPT 3), which has also been subjected to 10 passes, there is quantifiable improvement
in cone tip resistance to a depth of approximately 1.3 m when compared to zero passes, but less improvement than
in the middle lane. The results from CPT locations 2, 4 and 5 are summarised in Figure 9, whereby it can be observed that there was greater improvement in cone tip resistance at the location in the wheel path between the
middle and edge lanes (CPT 2) than at the location in the wheel path to the edge lane only (CPT 4).
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Figure 8. 0 passes versus 10 passes in edge lane versus
10 passes in middle lane
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Figure 9. 0 passes versus wheel path to edge lane versus wheel path to edge / middle lane

To further quantify the improvement at each test location, the percentage change in cone tip resistance (from
0 passes) has been plotted with depth as shown in Figure 10. In this figure the values of cone tip resistance have
been averaged and plotted over 100 mm depth intervals. This graph shows the evidence of a lateral zone of influence with wheel path locations (CPT 2 and CPT 4) yielding results not dissimilar to that of the edge lane (CPT 3)
despite the module not impacting directly above these test locations. It is also clear from this analysis that the
greatest increase in cone tip resistance and vertical depth of influence was for the middle lane (CPT 1), which
benefited from both adjacent lanes being subjected to 10 passes, as well as 10 passes directly in that lane.
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Figure 10. Percent changes in cone tip resistance versus depth below ground surface for CPTs 1-4

5 CONCLUSIONS

The case study presented in this paper demonstrates that the use of modern in situ testing methods such as the
CPT help to quantify and validate the effects of RDC in a thick lift compaction application. The CPT was shown
to be an efficient and preferred test method for quantifying the ground improvement by comparing values of cone
tip resistance before and after rolling. Furthermore, the zone of influence of RDC was able to be quantified by analysing a series of closely-spaced CPTs which confirmed both vertical and lateral effects. Quantifying lateral effects of RDC using CPT is significant, as it confirms the appropriateness of a wheel path to wheel path rolling
pattern which is commonly adopted in many earthworks applications.
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Estimating soil fines contents from CPT data
F. Yi
CHJ Consultants, Colton, CA, USA

ABSTRACT: In order to verify soil property correlations between Standard Penetration Test (SPT) and
Cone Penetration Test (CPT) results, a specially designed field investigation and laboratory testing program was implemented. The field exploratory investigation program included grouped SPT and CPT
explorations at selected locations. Each test group included two hollow-stem auger borings utilizing a
standard penetration sampler and a modified California sampler, respectively, and a seismic CPT sounding. These SPT borings and CPT sounding were placed at the vertices of a triangle around which a circle
with a diameter approximately 3m (10 feet) could be circumscribed. This paper presents the results of
the comparison between laboratory measured fines contents and the calculated fines contents based on
CPT data interpretation. From this information, a new empirical relationship is proposed. A comparison with published data from various papers and reports indicates that this proposed new relationship
appears to provide a more reasonable estimation of fines contents of soils.
1 INTRODUCTION
Due to its advantages such as the continuous data sampling, repeatability and the economic efficiency,
the Cone Penetration Test (CPT) has been widely accepted and is more and more used for in situ soil investigations. With the increasing use of computer software, CPT results are directly utilized in liquefaction and seismic settlement estimations. Several publications are available for liquefaction analysis (e.g.
Robertson & Wride, 1998; Idriss & Boulanger 2008) and seismic settlement estimation (e.g. Zhang, et
al. 2002; Idriss & Boulanger 2008; Yi, 2010). On the other hand, since, in most cases, actual soil samples are not recovered during CPT investigations, no laboratory soil testing is performed. Interpretation
of CPT data with regard to the estimated soil parameters becomes important in the application of CPT
results, especially, fines content. Fines content has proven to be an important factor in the evaluation of
soil resistance (strength) in liquefaction and seismic settlement analysis. Several correlations with regard to the estimation of fines contents from CPT data have been proposed in recent years (e.g. Robertson & Wride 1998; Idriss & Boulanger 2008; Cetin & Ozan 2009). However, the data collected by this
author shows that current correlations appear to estimate fines contents which fall on the lower bound of
the collected data. This may cause an underestimation of the corrected clean sand resistance and an
overestimation of the liquefaction potential. The intention of the present work is to compare various interpretations with measured data and propose a new correlation. The validity of the proposed new correlation has been verified by comparing data obtained from published papers and reports.
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2 FIELD INVESTIGATIONS
In order to compare the measured data with those estimated based on CPT interpretations, a specially
designed field investigation program was set up and performed on a selected site (Site A). This site is
located near the southern edge of the San Bernardino Valley, a portion of the Peninsular Ranges Geomorphic Province, and on a relatively youthful geomorphic surface associated with alluvial fans emanating from the Loma Linda Hills to the south and within the San Timoteo Wash. The native surficial materials at the site consist of very young sandy alluvial valley deposits of late Holocene age (Morton
1978; Morton and Miller, 2006).
The soil conditions underlying this site were explored by means of three groups of exploratory borings and CPT soundings. Each group included two exploratory borings (one boring using a standard
SPT sampler and the other boring using a modified California (MC) sampler) and one CPT sounding. In
order to compare the results, soil borings and CPT sounding were placed close enough together so that
soils at approximately the same depth could reasonably be assumed to be identical. On the other hand,
they were placed far enough apart so as not to affect the penetration resistance results. It was finally determined to place soil borings and CPT sounding on vertices of an approximately equilateral triangle
forming a circumcircle approximately 3m (10 feet) in diameter. A total of three groups of such borings
and soundings were placed in an approximately equilateral triangular layout so as to cover the entire site
with an area approximately 330 meters square.
The MC sampler related results are not related to the topic of this paper and will be reported in other
papers.
2.1 Exploratory Borings and Sampling
The soil borings were drilled with hollow-stem auger, per ASTM D6151, using a truck-mounted CME
75 drill rig equipped for soil sampling. The diameter of SPT borehole was of 20.3 cm (8 inches). The
inside diameter of the auger was 15.2 cm (6 inches). The standard SPT sampler was 5 cm (2 inches) in
outer diameter and 3.5 cm (1-3/8 inches) in inner diameter. Samplers were driven at intervals of 76.0
cm (2.5 feet) with an automatic hammer that drops a 63.5 kilograms (140-pound) weight 76.0 cm (30
inches) for each blow. Blowcounts were recorded. Bulk samples obtained from standard SPT sampler
were utilized for fines contents and/or Atterberg limits testing.
2.2 CPT Soundings
All CPT soundings were performed per ASTM D-5778, utilizing a specially designed all-wheel-drive
222 kN (25 ton) truck mounted CPT rig. A seismic piezocone with surface areas of 10 cm2 for tip and
150 cm2 for friction sleeve and pore pressure transducer installed was utilized. The CPT sounding was
pushed to practical refusal which was approximately at 20 ± 0.5 meters below existing ground surface.
Shear wave velocity was measured every 76.0 centimeters (2.5 feet) throughout the soundings.
2.3 Laboratory Testing
Included in the laboratory testing program were field moisture content and field dry density tests on all
relatively undisturbed samples returned to the laboratory from the MC sampler. Fines content testing
was performed on all samples obtained from the standard SPT sampler by washing soils through an
ASTM No. 200 (75-µm) sieve. Atterberg limits tests were conducted on selected clayey type soils as an
aid to classification.
2.4 CPT Results and Fines Contents
The distributions of tip resistance and sleeve friction of the CPT-1 profile are shown in (a) and (b) of
Figure 1, respectively. Figure 1(c) thru (e) show the distributions of measured fines contents of all 3
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CPT soundings and the fines contents estimated based on Robertson & Wride (1998) and Idriss & Boulanger (2008) correlations. Overall, it can be seen that measured fines contents are generally higher than
estimated values. This difference exists both vertically and laterally throughout the site.

Figure 1. Distributions of representative CPT results and measured and calculated fines contents

2.5 Data Collected from Other Sites
In order to produce a more representative correlation, 133 samples of measured fines contents from a total of 11 sites including the site mentioned above were collected and utilized. All of these sites geologically consist of very young to young sandy, late Holocene age alluvial deposits with low plasticity. For
all of these sites, soil samples were generally collected from soil borings no more than 3m (10 feet) distant from CPT soundings. With the removal of extreme data that was believed to obviously represent
different soil types, 124 valid data points are plotted in Figure 2 of measured fines contents versus soil
behavior type (referred to as SBT hereafter) index (Ic) as originally constructed by Robertson & Wride
(1998). The green dots show the results with Plasticity Index (PI) of between 4% and 8%. These samples were generally classified as silty sand (ML) or sandy clay (CL).
3 FINES CONTENTS CORRELATIONS
3.1 Existing correlations
Several correlations have been proposed in recent years (e.g. Robertson & Wride 1998; Idriss & Boulanger 2008; Cetin & Ozan 2009). Robertson & Wride (1998) use the term, “apparent fines content”
(referred to as FC hereafter), since the CPT is influenced by more than just fines content, and suggest
the following average relationship correlated to the SBT index (Ic).
If I c < 1.26 , FC = 0%

(1a)
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If I c is between 1.26 and 3.5, FC (%) = 1.75I c 3.25 − 3.7

(1b)

If I c > 3.5 , FC = 100%

(1c)

If Ic is between 1.64 and 2.36, and FR < 0.5% , FC = 5%

(1d)

The expression for Ic was derived by Robertson & Wride (1998) as follows:
I c = [(3.47 − log Qtn ) 2 + (log FR + 1.22) 2 ]0.5

(2a)

Where Qtn is the normalized CPT penetration resistance and FR is the normalized friction ratio.
Qtn = [(qc − σ v 0 ) / pa ]( pa / σ v 0 ')

(2b)

FR = f s / (qc − σ v 0 )× 100%

(2c)

n

Where σv0 is the total overburden pressure, σv0' is the effective overburden pressure, qc is the measured
tip resistance, fs is the measure sleeve friction, pa is atmospheric pressure, and the component n varies
from 0.5 in sands to 1.0 in clays (Robertson & Wride 1998).

Figure 2. Measured Fines Contents versus Soil Behavior Type Index

Based on the data from Suzuki et al. (1998), Idriss & Boulanger (2008) derived an alternate correlation between FC and Ic as follows:

FC = 2.8I c (%)
2.6

(3)

Cetin & Ozan (2009) proposed another approach based on a probabilistic method.
FC = (RFC − 238.50)/1.75 ×100 ± 20.93 (%)

(4a)
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where RFC is a parameter similar to Ic.
RFC =

[log(F ) + 55.42] + [log(q
2

t ,1, net

R

) − 233.52]

2

(4b)

where FR is as defined in Equation (2c) and qt,1,net is the normalized net cone tip resistance and is defined
as
qt ,1, net = (qt − σ v 0 )/ (σ v 0 ' / pa )

c

(4c)

where c is a power law stress normalization exponent with a value between 0.25 and 1.0. Iterations are
needed to calculate c and qt,1,net.
Data plotted on Figure 2 indicates that measured fines contents are generally lower than Robertson &
Wride's (1998) curve, while Idriss & Boulanger (2008) may overestimate the fines contents for approximately Ic < 2.00 and underestimate the fines contents for Ic > 2.50. Because Cetin & Ozan (2009) use a
different index, the correlation is not plotted in Figure 2.
3.2 Proposed Correlation
Figure 3 plots the data collected by this author from a total of 11 project sites as well as from various
published papers and reports. Equations (1) and (3) as well as the SBT zones defined by Robertson &
Wride (1998) are also shown in the Figure 3. It can be seen that both equations underestimate the fines
content, especially when I c is larger than approximately 2.5. Moreover, by examining the relationship
between FC and the SBT zone, it is clear that the relationship is inconsistent with that based on the Unified Soil Classification System (USCS) in which the fines content is defined as less than 5% for clean
sand, between 5% and 12% for sand with silt, between 12% and 50% for silty sand, and higher than 50%
for silt or clay. Although, Robertson & Wride (1998) did not directly utilize the “Apparent Fine Content” to correct the equivalent clean sand resistance, it is anticipated that this kind of correction may be
performed by readers erroneously.

Figure 3. Relationships of Soil Behavior Type Index, Fines Contents and Soil Classification
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Based on the measured fines contents data as shown in Figure 3, it is suggested that the following relationship could be utilized to better estimate the values of fines contents for given values of Ic.
I c < 1.31,

FC(%) = 0

(5a)

1.31 ≤ Ic < 2.5 ,

⎛ ⎛ I − 2.5 ⎞ ⎞
FC(%) = 42.0 I c − 55.0 + 10 sin ⎜⎜ ⎜ c
⎟π ⎟⎟
⎝ ⎝ 1.19 ⎠ ⎠

(5b)

2.5 ≤ I c < 3.1 ,

FC(%) = 83.3Ic − 158.3

(5c)

I c ≥ 3.2 ,

FC(%) = 100

(5d)

1.31 < Ic ≤ 2.36 and FR < 0.6% ,

FC(%) = 5.0FR

(5e)

Equation (5e) was modified from Equation (1d) based on fines content data in the Moss Landing report (Boulanger et al., 1995). Equation (5) was plotted in Figure 3 as the solid blue line. It can be seen
that this line approximates the average of the measured fines contents with respect to Ic. The correlation
between Equation (5), fines contents and soil types based on USCS classification are also plotted in Figure 3. Based on these relationships, the boundaries of soil behavior type proposed by Robertson (1990)
could be refined as shown in Table 1 to be more consist with respect to the USCS.

Figure 4. Comparison of Measured and Calculated Fines Content

The comparison of the measured and calculated fines contents is presented in Figure 4. For the same
symbol in this figure, e.g. circular, the filled symbols represent data collected by this author and the
empty symbols represent the data from Moss Landing report (Boulanger et al., 1995). Although data
scatterings still exist, it still can be seen that both Robertson & Wride’s and Idriss & Boulanger's meth954

ods seems to underestimate the fines content, especially for measured fines contents higher than approximately 25%, while Cetin & Ozan’s method may overestimate the fines content when fines content is
less than approximately 15%. Although the data scattering of Cetin & Ozan’s and recommended methods seems similar for fines content higher than 15%, overall, it can be seen that the proposed relationship (Eq. 5) generally provides better correlations with measured data.
Table 1. Boundaries of soil behavior type (refined from Robertson 1990)
Soil behavior type index, I c
Ic < 1.31
1.31 ≤ Ic < 1.59
1.59 ≤ Ic < 1.83
1.83 ≤ Ic < 2.276
2.276 ≤ Ic < 2.50
2.50 ≤ Ic < 2.68
2.68 ≤ Ic < 2.95
2.95 ≤ Ic < 3.10
3.10 ≤ Ic < 3.60
Ic ≥ 3.60

Zone
7
6c
6b
6a to 5c
5b
5a to 4b
4a
3b
3a
2

USCS Classification
Gravelly sand to dense sand
Clean sand
Sand with silt
Silty sand
Silty sand to sandy silt
Sandy silt to silty sand
Silt mixture: clayey silt to silty clay
Silty clay
Clay
Organic soils: peats

Fines content (%)
0
0 ~ 5.0
5.0 ~ 12.0
12.0 ~ 35.0
35.0 ~ 50.0
50.0 ~ 65.0
65.0 ~ 87.4
87.4 ~ 100
100
100

4 SUMMARY
With the increasing use of computer programs to aid in the interpretation of CPT results, it is sometimes
necessary to estimate the fines contents, especially for liquefaction potential and seismic settlement calculations. In order to confirm the measured data with those estimated based on CPT interpretations, a
specially designed field investigation and laboratory testing program was conducted. The measured
fines contents were compared with those calculated using various existing correlations. A new correlation between fines contents and SBT Index, Ic, was proposed and proved to provide a better estimation
of fines contents.
It should be noted that all soil samples collected for this study are derived from very young to young
sandy, Holocene age alluvial deposits with low plasticity. Although limited Atterberg Limits data is
available, the overall PI is expected to be less than 12% based the author's experience and test results on
late Holocene age alluvial deposits. Soil with high plasticity may exhibit different correlations as pointed out by Robertson & Wride (1998). However, soils with low plasticity generally are potentially liquefiable (Seed et al., 2003; Idriss & Boulanger, 2008). As such, it is opinion of this author that the proposed new correlation is suitable for cyclic shear resistance corrections in liquefaction potential and
seismic settlement analyses.
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Failure mechanism and interpretation of CPTU in silty soils
P. Paniagua, A. Emdal & S. Nordal
Norwegian University of Science and Technology, Trondheim, Norway

ABSTRACT: The application of the NTH interpretation model for cone penetration data in silts is evaluated in view of experimental results regarding the study of the cone penetration test with x-ray micro tomography and 3D Digital Image Correlation. Both failure patterns, theoretical and experimental, are
compared and analyzed by Finite Element simulations to study the mechanism controlling the drainage
during penetration and its influence on the interpretation of results.

1 INTRODUCTION
Intermediate soils such as silts are believed to behave partially drained during cone penetration test
(CPT/CPTU) at the standard rate of 2.0 cm/sec (Lunne et al. 1997). Conventional interpretation methods
commonly based on fully drained or undrained conditions can be difficult to apply. Change in the penetration rate is suggested to modify drainage conditions around the advancing cone. By increasing the penetration rate fully undrained conditions will be approached, while decreasing the penetration rate sufficiently a
drained behavior may be expected. The application of this approach in silts is discussed by DeJong et al.
(2013). However, the challenge is to make a reliable interpretation of effective stress parameters (friction
angle and cohesion) from the partially drained CPTU.
Senneset et al. (1988) suggested the application of the NTH (Norwegian University of Science and
Technology, formerly Norwegian Institute of Technology) interpretation model (NTH-model) as interpretation guideline for CPTU in silts. Mayne (2012) recommended the application of the NTH-model for
evaluation of effective stress friction angle.
The NTH-model is evaluated by Sandven (1990) and recently Bradshaw et al. (2012). Bradshaw et al.
(2012) state that the NTH-model makes use of the excess pore pressure during cone penetration in interpreting a friction angle; however, Sandven (1990) comments on the challenge related to what reference
pore pressure should be used in the model.
Paniagua et al. (2013) present an experimental campaign where x-ray micro tomography (x-ray micro
CT) and 3D Digital Image Correlation (3D-DIC) were combined for studying CPT in silt. A non-plastic
uniform dilative silt (Vassfjellet silt) with 94% of its grains smaller than 74 µm smaller and a clay content
of 2.5% was used in the experiments. The samples were stepwise penetrated in 5 mm and 1 mm at a rate
of 6 mm/s. Penetration was stopped at defined intervals for x-ray micro CT scanning. The spatial deformation was mapped and analyzed by applying 3D-DIC. The observation of the failure pattern during cone
penetration by x-ray micro CT and posterior analysis with 3D-DIC allowed the identification of a compaction zone under the tip and a dilating zone below. Distinct zones of shear along the shaft, partly developing into tension cracks could be seen. These observations shed light on improving the understanding of the
drainage condition during penetration in silts.
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In this paper, the NTH-model is reviewed and evaluated based on the information from Paniagua et al.
(2013a, b), taking into consideration pore pressure generation and drainage around the cone.
2 THEORETICAL MECHANICS OF CPTU IN SILTS
Lunne et al. (2007) state that for CPT interpretation in silty soils, the drainage conditions expected in the
design problem must be identified. If the design problem faces undrained conditions and the CPT data is
undrained, clay relationships can be used. On the other hand, if the design problem is drained and the results from CPT are drained then an interpretation method similar to sand can be applied. However, when
drained conditions dominate the design problem and the CPT is undrained or partially drained, effective
stress strength parameters are needed for design.
2.1 The application of NTH-model in silts
2.1.1 The NTH-model
Senneset et al. (1988) recommended the application of the NTH-model (Senneset et al., 1982) for CPTU
data interpretation in silts. The method is based on limit plasticity theory for an effective stress analysis of
the bearing capacity of a cone (Equation 1); including the effects of excess pore pressures generated during undrained or partially drained conditions. A plastification angle β is proposed to account for the extent
of the plastified zone (Fig. 1).
qn = (Nq – 1)(σvo’ + a) – Nu u

(1)

where qn = Nm (σvo’ + a) = net cone resistance with Nm = (Nq - 1) / (1 + Nu Bq) = cone resistance number;
σvo’ is the effective overburden pressure; a = c / tan ' = the attraction term and c the cohesion; Nq = tan²
(45 + ’/2)  exp [(π-2β) tan’] = bearing capacity factor depending on friction angle ’ and plastification
angle β; and Bq = u/qn is a pore pressure ratio relating u = excess pore pressure around the cone to the
total stress increase in tip resistance.
Senneset et al. (1982) proposed the expression Nu  6 tan’ (1 + tan’) to represent the effect of the excess pore pressures along the shear surface of the bearing capacity of the cone. Kirkebø (1986) presents a
more comprehensive solution (Appendix A) as a function of the friction angle ’ and Janbu’s dilatancy
parameter D (Janbu 1985). D is defined under undrained triaxial shearing to be D = p’/q where p’ is
the change in effective mean stresses and q is the change in deviatoric stresses, for the different zones 1
and 3 (Fig. 1). The main assumption for the pore pressures variation along the failure surface is uzone3 <
uzone1, where uzone3 is average excess pore pressure in zone 3 and uzone1 is average excess pore pressure
in zone 1. Sandven (1990) and Senneset et al. (1989) point out that the approximation for Nu gives
satisfactory values for ’ = 17-35°, which is a typical range of friction values for clays and silts, when the
parameters D1 = D3 = 0 are used in the Kirkebø (1986) solution.
2.1.2 Interpretation procedure
Figure 2 shows diagrams of the variation of Nm depending on tan ’ and Bq. They are derived following
the theoretical approach discussed in the previous section. Hence, the calculations of Nm (Equation 2) and
Bq (Equation 3) are used to find ’.
Nm = qn / (vo’+a) = (qT – vo)/(vo’+a)

(2)

Bq = u / qn = (u2-uo)/ (qT – vo)

(3)
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where qT is the corrected cone resistance, u2 is the pore pressure measured behind the cone shoulder (u2
position) and uo is the hydrostatic pore pressure. Senneset et al. (1988) propose β-values for Norwegian
silts varying between -20° to -10° for overconsolidated silts – silty sands, -5° to +5° for medium silts
(lightly overconsolidated), +10° to +20° for loose (normally overconsolidated) silts.
The attraction value, a, applied in Equation 2 can be obtained by theoretical interpretation methods
(Senneset & Janbu 1985) or by results from triaxial tests (Senneset et al. 1988). In the same reference, typical values of attraction varying from 0-30 kPa and friction angles from 27°-35° are suggested for Norwegian silts.
2.1.3 Application of NTH-model for silty soils
Examples of interpretation of effective shear strength parameters from CPTU using the NTH-model have
been published by Senneset et al. (1988) and Sandven (2003) for Stjørdal silt and Halsen silt, respectively
(both Norwegian silts). Good agreement between interpreted values from CPTU and triaxial tests are
found. Sandven (2003) points out that the NTH-model is based on homogeneous soil and ideal undrained
response during penetration; however, in most cases silty soils are inhomogeneous and they are expected
to behave in a partially drained manner.

Figure 1. Failure surface for the NTH-model (Senneset et al., 1982)

Figure 2. Interpretation diagrams for (a) β = 0°; (b) β = -15° and (c) β = +15° (Senneset et al., 1989)
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Long (2007) applied the NTH-model for interpretation of CPTU in estuarine Irish silts finding values
normally expected for loose silty material. Long et al. (2010) found consistent values with triaxial test results for friction angles in Os silt (Norwegian silt). Recently Bradshaw et al. (2012) applied the NTHmodel to Rhode Island silt and found good agreement with the laboratory data, especially in zones where
high positive excess pore pressures were generated, suggesting that the NTH-model accurately accounts
for the effects of pore pressure generation during penetration leading to more accurate estimates of ’. It
must be noted that in all these cases, the silty soil gave triaxial test results with a consistent dilative response.
3 EXPERIMENTAL MECHANICS OF CPTU IN SILTS
3.1 Background of experimental mechanics for penetration of objects in soil materials
Previous works have been published regarding the penetration of objects in sand (Robinsky & Morrison
1964, Muromachi 1974, Yasafuku & Hyde 1995, Broere 2001, White et al. 2002, Liu 2010) and clay (Roy
et al. 1974). Alternative materials like crushed glass (Allersma 1987) or transparent "clay" illuminated by
laser light (Gill & Lehane 2001, Ni et al. 2010, Liu & Iskander 2010) have also been used for this purpose.
Influence areas around the penetrating object have been identified in these works which have mainly been
in plane strain conditions. 3D penetration of objects in sand has been studied by x-ray tomography (Kobayashi & Fukagawa 2003, van Nes 2004, Ngan-Tillard et al. 2005, Morita et al. 2007, Kikuchi et al. 2010,
Paniagua et al. 2012) where changes in density around the penetrating object have been derived. Planar
Digital Image Correlation (2D-DIC) has been used in a test on a "half-model" built against a glass plate to
trace movements along a plane surface (Salgado 2013).

Figure 3. Failure pattern during CPT in terms of incremental volumetric strains (v) and incremental shear strains
(s) studied by x-ray micro CT and 3D-DIC, shown as a cut through the middle of the volume. (Paniagua et al.
2013b). (C = Compaction and D = Dilation)

Figure 4. Comparison between failure surface for the NTH interpretation model (Senneset et al., 1982) and the failure surface from 3D-DIC (Paniagua et al. 2013a, b)
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3.2 Failure mechanism observed by Paniagua et al. (2013a, b)
Paniagua et al. (2013a, b) present laboratory scale cone penetration test with x-ray micro CT further analyzed with 3D-DIC. The Vassfjellet silt tested is a non-plastic uniform silt with highly dilatant behavior in
undrained conditions. Shear structures along the shaft were identified as well as two main bulb shaped
zones of incremental compaction and incremental dilation under and around the tip (Fig. 3).
Paniagua et al. (2013b) concluded that the laboratory observations from x-ray micro CT and 3D-DIC
shed light on observed field conditions for CPTU in silts. Taking the case of a saturated soil, water may
simply move locally from a compressive to a neighboring dilative zone creating a short drainage path.
This suggests that due to the closeness between compressive and a dilative zones, it might be necessary to
penetrate with an extremely high rate to obtain a purely undrained condition for CPTU in silts.
4 STUDY OF THE NTH-MODEL FOLLOWING EXPERIMENTAL MECHANICS
4.1 Relation between NTH-model and x-ray micro CT + 3D-DIC experimental results
This section looks closer into the NTH-model from the experimental mechanics point of view. The purpose is to clarify the apparent successful application of the NTH-model for CPTU data in silts, even
though the dilative behavior of silts has not been taken into account in the model (it has been derived for
D = 0). Therefore, it is of interest to study the NTH-model when a more realistic approach which include
dilative behavior, observed by Paniagua et al. (2013a, b) and triaxial tests, is included.
Trying to fit both failure surfaces, as shown in Figure 4, one can roughly see that zone 1 falls in the
compaction zone (zoneC, in red), that zone 3 is in the dilation zone (zoneD, in blue) and that the failure
mechanism is limited by the shear strain zone. Taking this as a stationary condition where the coordinate
system is set at the tip and advances with the cone movement, the cone will advance continuously in a soil
volume at failure and continuously generate contractive and dilative zones. The main consequence of the
close distance between the contractive and the dilative zone is that a local internal drainage will occur.
The generation of excess of pore pressures when the cone advances (uzone3 < uzone1) (Senneset et al.
1982) and the conclusions from Paniagua et al. (2013b) regarding the drainage paths (uzoneD < uzoneC)
during CPTU in silty soils, might suggest that the amount of pore pressures recorded by the CPTU will
depend on the change of stress stages in the soil around the tip. The definition of Janbu (1985) for excess
of pore pressures u = p - Dq implies D = p'/q. If D > 0 the soil will behave dilatant and if D < 0 it
will behave contractive). p is the change in the total mean stress and q is the change in the deviatoric
stress; then the amount of pore pressures generated will be affected by the relation between p and q.
For the dilative silts in this study D > 0, causing this partial drainage.
In an infinitesimal increment and with partial drainage, a point in the failure zone 1 will experience
more p due to the push of the cone, while p will be lower in a point further away from the tip (zone 3),
in both cases compared to the q that it will experience. This is further discussed in Section 4.2, after presenting numerical simulations for fully drained and undrained conditions.
Even though the solution from Senneset et al. (1982) is given for a D = 0 in both zones, the stationary
pore pressure generation at each penetration increment agrees with the experiments and conclusions from
Paniagua et al. (2013a, b) for silty soils.
To study the effect of including the D parameter in the NTH-model following the Kirkebø (1986) solution, new diagrams (Fig. 5) of Nm as function of tan ’ and Bq are derived for a vertical loading case and
using D1 = D3 = 0.6 to account for a dilatant material. The new curves do not change dramatically compared to the old ones. However, they are more conservative for tan ’ values lower than 0.63-0.70 depending on the β-angle. For the range of silt values variation of tan ’ between 0.5-0.7, Nm between 5-30 and
Bq between 0-0.4 (Senneset et al. 1988); there is not much change from the previous condition without
dilatancy considerations (see the marked red area in Fig. 5). If the pore pressure ratio Bq increases, there is
more deviation from the previous derived curves. Ideally one may like that an interpretation model CPTU
data would fit the full range of soil materials, but this seems not to be possible due to particularities in
each soil.
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Figure 5. New NTH interpretation diagrams for (a) β = 0°; (b) β = -15° and (c) β = +15°, accounting for dilative soil
materials. Most silty soils fit into the area marked in red

Long et al. (2010) applied the NTH-model for Os silt. For β = 0°, Nm = 7.5 and Bq = 0.2, they found a tan
’ = 0.62 (’ = 32°). Introducing the same values in the new derived curves from Figure 5, tan ’ = 0.65
(’ = 33°); which does not show strong variations from the original result.
4.2 Stress state around the CPTU in a dilating silt: numerical approach
Numerical simulations of the cone penetration laboratory test from Paniagua et al. (2013a, b) were performed with the Finite Element (FE) Method software Plaxis 2011.02 following the Press-Replace technique (Engin 2013). The axisymmetric model is shown in Figure 6 where 7076 15-noded elements are
used. The effective stress based Hardening Soil model (Schanz et al. 1999) is applied with material parameters calibrated to soil data of Vassfjellet silt (Appendix B) and to curves for penetration resistance
measured during the experiments (Fig. 6). The simulations were performed in drained and undrained conditions.
Figure 7a shows the magnitude of incremental displacements (in a penetration increment of 0.5 cm) for
the penetration phase at a tip depth in the sample of 6 cm, for the cases of drained and undrained penetration. The failure surface proposed by Senneset et al. (1982) and the one observed by Paniagua et al.
(2013a, b) are superposed. Points in the failure surfaces were selected to study the relation between p
and q at the final increment (Fig. 7b).
Silva & Bolton (2005) state that soil failure during CPTU combines large physical displacement of soil
and fluid as well as shearing of soil along the piezocone shaft. In Figure 7a it is possible to observe that in
the undrained FE calculation, the soil displacements caused by the penetration influence a larger area than
the area influenced in the drained FE calculation. This coincides with the reasoning that due to less time
(or no time) for drainage during undrained penetration, the disturbed surrounding soil is greater and therefore, the induced excess pore pressures will be greater (Silva & Bolton 2005). Figure 7b agrees with this
since in undrained penetration the change in total mean stress (p) is higher than the change in deviatoric
stress (q ) which will give u > 0 (following Janbu’s definition). On the other hand, in a drained case (u
= 0) the disturbed zone around the cone is smaller.
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In a partially drained condition we should expect a condition between these two extremes. If in addition
the soil is dilative (like the silt studied), the large strains from CPTU mobilize the dilatant tendency of the
silt and cause negative pore pressures as observed by Silva & Bolton (2005). The effect will depend on the
penetration rate that could define which mechanism dominates the pore pressure: the generation due to
penetration and compaction or the dissipation due to shear driven dilation. In this direction, additional
numerical simulations that include partial drainage behavior are currently underway by the authors and
further discussion will be published in the future.
4.3 Ongoing work
Further, comparisons with other failure surfaces around the CPTU (like the one proposed by Salgado &
Prezzi 2007) are being done and analyzed with respect to its use for interpretation of CPTU data from
silts. Regarding the local drainage between the contractive and dilative zones, it has been experimentally
studied in saturated samples and the effect of penetration rate is under consideration for this effect.
Numerically, the local drainage is currently being studied by using coupled consolidation analysis in FEM
modeling.

Figure 6. Calibration and mesh of FEM simulations

Figure 7. (a)
Magnitude of displacements |u| in a 0.5 cm penetration increment for drained and undrained penetration and (b)
p/q ratio for the points located in the failure zone at the same penetration stage
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5 CONCLUSIONS
The application of the NTH-model for CPTU in dilative silts has been studied based on the laboratory results from x-ray micro CT and 3D-DIC analysis of the cone penetration test. By fitting the assumed theoretical and the observed experimental failure surfaces, it was found that both coincide in the assumption
regarding pore pressure generation and drainage around the cone during penetration.
In spite of the NTH-model assumes no dilatancy (D = 0), the inclusion of the dilatancy parameter in the
solution surprisingly does not affect the interpretation of effective stress friction angle for the silty soil
range. Numerical results are presented to confirm that the generation of pore pressures is more affected by
the relative amount of increments in the mean total stresses and the deviatoric stresses inside the failure
zone depending in which sub-zone the soil is. The results indicate that somehow the u2 pore pressure can
be used in the NTH-model. The pore pressure along the failure surface may not always be the same as u2;
however it is the measurement we get from standard CPTU. The NTH-model accounts for the excess of
pore pressure around the cone (u = u2 – uo) which involves the zone below the cone and the zone along
the shaft. Burns & Mayne (1998) defined that in an undrained case the pore pressure generated in the zone
below the cone (uoct) is due to changes in the octahedral normal stress and the pore pressure generated in
the zone along the shaft (ushear) is caused by the octahedral shear stress change. Both uoct and ushear are
included (in addition to uo) in the measured pore pressure during CPTU. The NTH-model then takes that
uoct comes from the combination of uzone1 and uzone3, or according to Paniagua et al. (2013) the combination between uzoneC and uzoneD.
Further analysis have been performed (and are under analysis) in saturated samples following the same
set-up from x-ray micro CT tests (see Paniagua et al., 2013b for set-up details) in order to complete the
findings with real measurements of pore pressures.
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7 APPENDIX A
Nu solution from Kirkebø (1986) for vertical load (r = 0) which applies for the case of cone penetration test
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8 APPENDIX B
Table 1. Material parameters for the FEM model
Parameter
Unit weight of the soil ()
Friction angle ()
Dilatancy angle ()
Cohesion (cref)
Drained triaxial secant stiffness (E50ref)
Primary oedometer tangent stiffness (Eoedref)
Unloading/reloading stiffness (Eurref)
Power for stress-level dependency (m)
Reference stress (pref)
Poisson’s ratio (ur)

Value
12 kN/m³
32°
2°
5 kPa
3000 kPa
3000 kPa
15000 kPa
0.5
100 kPa
0.2
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Evaluation of multi-helix screw pile capacity in a silty clay soil
using CPTu
K. V. Pardoski

P. Machibroda Engineering Ltd., Saskatoon, Saskatchewan, Canada

ABSTRACT: Compressive axial pile load testing was undertaken on three large diameter multi-helix
screw piles at a project site near Saskatoon, Saskatchewan, Canada. Cone penetration testing (CPTu)
conducted at the test pile locations revealed that the soil conditions consisted predominantly of silty clay
with occasional interbedded sand layers. The screw piles consisted of a 324 mm diameter steel shaft
with either 2 or 6 helical plates measuring 610 mm in diameter, spaced 3 helix diameters apart. Examination of the results revealed good agreement between measured (QM) and predicted (QP) capacities
when using the individual bearing method and an Nc factor of 11 to predict capacity of the helical
plates. In contrast, the shaft capacity was greatly over predicted when using the alpha method and CPTu
derived undrained shear strength. Utilization of remolded undrained shear strength derived from the
CPTu sleeve friction (fs) to estimate the shaft capacity greatly improved the prediction accuracy.

1 INTRODUCTION
Although helical screw piles have become more prominent in the local region within the last 5 to 10
years, they are still a relatively new pile type and full scale load tests are not common. A recent pile
load testing program at a project site near Saskatoon, Saskatchewan, Canada provided a rare opportunity
to evaluate typical design methodologies available for helical screw piles and their suitability to the local
soils. Cone penetration testing (CPTu) was undertaken as part of the load testing program to assist in the
evaluation of the pile capacities.
The piles installed in this study would be considered large diameter, with shaft and helix diameters of
324 and 610 mm, respectively. The piles contained multiple helixes (either 2 or 6) that were spaced 3D
apart (where D = helix diameter).
For multi-helix piles with an inter-helix spacing of 3D, conventional analysis to determine the ultimate capacity is to sum the capacities of each individual helical plate to that carried along the pile shaft
(CFEM, 2006). This is typically called the individual bearing method.
A comparison between predicted (QP) and measured (QM) pile capacity, using the individual bearing
method and CPTu derived soil parameters is presented. Three test piles (TP1 to TP3) were tested.
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2 SITE CHARACTERIZATION
2.1 Soil Stratigraphy
The soil conditions encountered at the site within the depth of interest of the test piles (i.e. 15 metres below existing grade) consisted predominantly of a glacio-lacustrine deposit of silty clay. Sand/silt layers
were encountered in the clay at the location of Test Pile 1 (TP1) between depths of about 5 to 12 metres
below existing grade. The clay was medium to highly plastic with typical liquid limits ranging from 35
to 78%. The clay was generally stiff in consistency with an undrained shear strength (su) varying from
about 30 to 150 kPa (75 kPa on average).
The water table was situated at a depth of approximately 2 to 3 metres below existing grade. Loose
sand fill, corresponding to hydro-excavation in advance of pile installation was encountered in the upper
2.5 metres of the soil profile at the location of each test pile.
2.2 Piezocone Penetration Testing
To assist in the interpretation of the pile load test results, a piezocone penetration test (CPTu) was conducted at the center of each test pile prior to installation. The CPTu had a 15 cm2 tip area and the filter
element for measurement of pore pressure was located behind the cone in the u2 position. Typical test
plots generated during the cone soundings for TP1 and TP2 have been presented on Figures 1 and 2.
The soil profile at TP3 was similar to that encountered at TP2 and has not been presented.

Figure 1. CPTu at Test Pile 1 (TP1)
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Examination of the results from TP1 revealed that the corrected cone tip resistance (q t) within the
sand layer varied from about 5 to 16 MPa, which would suggest that the sand was in a compact to dense
condition. With reference to the clay deposit, qt was more uniform and ranged from about 1 to 2 MPa
which is indicative of a stiff soil with an OCR of around 3 to 6.

Figure 2. CPTu at Test Pile 2 (TP2)

The undrained shear strength of the clay was evaluated using the commonly utilized equation
su  qt  v
Nkt

(1)

where qt is as described above, σv is total overburden stress and Nkt is an empirical cone factor. Nkt was
evaluated by comparing su using Equation 1 and lab derived su from unconfined compressive (UC)
strength test results. The UC test results were gathered from numerous geotechnical investigations undertaken over the past 50 years at the Plant Site. As shown in Figure 3, a relatively good fit between the
data was found when using Nkt = 15.
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Figure 3. Undrained shear strength vs. depth

3 PILE LOAD TESTING PROGRAM
3.1 Test Piles
The dimensions for the three test piles tested during this study have been summarized in Table 1.
Table 1. Test pile details
Test pile
TP1
TP2
TP3

Shaft diameter
(m)
0.324
0.324
0.324

Helix diameter
(m)
0.610
0.610
0.610

No. of helixes
6
6
2

Helix spacing
(m)
1.83
1.83
1.83

Embedment depth
(m)
13.7
13.9
14.6

3.2 Test Procedure and Results
Conventional non-instrumented pile testing, with the load applied at the pile head, was undertaken during this project. The test procedure was performed in accordance with the Quick Testing Method as described in ASTM D1143/D1143M-07, “Standard Test Methods for Deep Foundations Under Static Axial Compressive Load”. Failure was defined as the load at which a pile displacement of 5% of the helix
diameter was obtained. The load movement curves generated for TP1 and TP2 along with the interpreted failure load are presented in Figure 4.
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Figure 4. Load-movement curves for TP1 and TP2

4 COMPARISON BETWEEN MEASURED AND PREDICTED CAPACITIES
According to the individual bearing method, the ultimate capacity of a helical pile in cohesive soils is
given by
(2)
where

Rult = ultimate pile capacity, kN
su = undrained shear strength, kPa
Nc = dimensionless bearing capacity factor commonly set at 9
AH = area of helix, m2
d = pile shaft diameter, m
Heff = length of pile shaft above top helix, Heff = H-d, where H= depth to top helix, m
α = adhesion factor

The helix area to be used in the above equation may be calculated utilizing the effective soil contact
area of the helix (i.e., overall cross-sectional area for the lowest helix, helix area minus shaft area for
upper helixes).
Numerous adhesion factors have been presented in the literature for either bored or driven pile types.
The author is not aware of a specific adhesion factor to be used to evaluate shaft friction of helical screw
piles. For simplicity, α = 0.55, as suggested by O’Neil & Reese (1999) for bored piles (with su ≤ 150
kPa) was utilized for the shaft adhesion.
Examination of the CPTu results for TP1 revealed that the upper 3 helixes were situated in sand/silt
soils. To account for this in the capacity estimate, the end bearing contribution for these 3 plates, rh, was
determined utilizing a correlation with CPTu tip resistance, qc, as follows
(3)
where ch is a constant that depends on soil and pile type. According to Salgado (2010), ch may be
taken as approximately 0.1 for the case of a non-displacement pile bearing in sand at a relative displacement of s/b = 5% (where s = settlement, b = helix diameter). Treating the behaviour of the upper
971

helical plates similar to that of a non-displacement pile seems reasonable, as the upper sands would have
been subject to disturbance/loosening resulting from multiple passes of the leading helixes (i.e, 3 to 5
passes). A summary of the predicted pile capacities and the measured capacities have been presented in
Table 2.
Table 2. Comparison between predicted and measured capacities.
Test pile
TP1
TP2
TP3

Predicted (Nc = 9)
Shaft
Plate bearing
kN
kN
47
976
42
790
422
345

Measured
Total
kN
1068
970
623

Total
kN
1023
832
767

QP/QM
0.96
0.86
1.23

Examination of the results revealed that the pile capacities were underestimated for the 6 helical plate
piles (TP1 and TP2) and overestimated for the double helical pile (TP3). As TP1 and TP2 derived the
majority of their capacity in end bearing, the value of Nc = 9 appears to be too low. According to Salgado (2010), Nc is at least equal to 10 and may be potentially as high as 12 to 13.7. The pile capacities
were re-evaluated using Nc = 11.
In contrast to TP1 and TP2, TP3 derived a large portion of its capacity from shaft friction. Hence, the
overprediction in capacity for TP3 is likely attributed to an inaccurate estimate of the contribution of
shaft friction. During installation of a helical pile, remolding of the soil is unavoidable. To assess
whether the installation process had an effect on the measured pile capacity, the shaft capacity was reevaluated using the remolded undrained shear strength. This can be readily accomplished by assuming
the CPTu sleeve friction, fs, is equal to the clay remolded undrained shear strength (Robertson, 2010).
The updated pile capacity estimates utilizing Nc = 11 and fs to represent su have been summarized in Table 3.
Table 3. Updated predicted capacities vs. measured.
Test pile
TP1
TP2
TP3

Predicted (Nc = 11 & fs = su)
Shaft
Plate bearing
kN
kN
28
1100
16
966
208
422

Measured
Total
kN
1068
970
623

Total
kN
1128
982
630

QP/QM
1.06
1.01
1.01

Examination of Table 3 revealed excellent agreement between the predicted and measured values for
all three piles when using the revised parameters.
A summary of the clay su and shaft friction (intact and remolded) as derived by the CPTu to predict
the capacities presented in Tables 2 and 3 is shown below. Based on the results, the clay has an average
sensitivity of about 2.
Table 4. Clay undrained shear strength and derived shaft friction
Test pile
TP1
TP2
TP3

Average undrained shear strength
Intact
Remolded
kPa
kPa
73
32
65
37
76
37

Average shaft friction
Intact
Remolded
kPa
kPa
40
18
36
20
42
20
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5 ADDITIONAL RESULTS
Three additional screw piles were load tested in another area of the project site. The screw piles had
similar dimensions to those tested herein (shaft and helix diameters of 324 mm & 610 mm respectively,
and, pile lengths between 11 m & 15.5 m). A CPTu was conducted at each test pile and the estimated
capacities using Nc = 11 and remolded su resulted in a QP/QM of 0.90, 0.98 and 1.01, respectively. The
contribution of shaft capacity to the overall capacity ranged from about 6 to 30% for the three piles. The
close agreement between QP and QM for these additional load tests further substantiates the use of Nc =
11 and remolded su in the determination of helical screw pile capacity in clayey soils (such as those existing at the project site).
Another interesting note to come out of these load tests relates to whether the screw piles gained
strength with time. The duration of time between the date of installation and load testing for the piles in
this study were 2, 5 and 7 days, whereas the additional testing was 6, 8 and 20 days. The pile tested 20
days after installation had a similar capacity ratio to the others tested (QP/QM =1.01). The results suggest that helical screw piles achieve full capacity relatively shortly after installation.
6 CONCLUSIONS
The evaluation of the compressive carrying capacity of large diameter multi-helix piles installed in a
stiff silty clay deposit using CPTu results has been presented in this paper. The main conclusions drawn
from this study are summarized below.
1. For helical screw piles with an inter-helix spacing of 3D, the individual bearing method provided a
reliable method for estimating pile capacity.
2. Utilization of the commonly adopted Nc factor of 9 resulted in an under-prediction of pile capacity
when using the individual bearing method to predict helical pile capacity. Increasing the Nc factor to
11 resulted in excellent agreement between QP and QM.
3. The large over-prediction of pile capacity for TP3 is believed to be attributed to a reduction in shear
strength along the pile shaft as a result of soil remolding during pile installation. Utilization of the
remolded undrained shear strength of the clay soils as derived from the CPTu greatly increased the
prediction accuracy.
4. Excellent agreement is obtained between QP and QM when using Nc = 11 and remolded su to derive
pile capacity The resulting QP/QM ratio for 6 large diameter helical screw piles installed in silty clay
soils at this site were 1.06, 1.01, 1.01, 0.90, 0.98 and 1.01, respectively. The results have been shown
plotted in Figure 5.

1.2
1.0

QP/QM

0.8
0.6
0.4
0.2

Figure 5. Predicted vs. measured pile capacity
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With its ability to gather continuous readings of soil strength with depth and abundance of empirical
formula available for estimating various soil parameters, the CPTu is a vital tool that all geotechnical
engineers should be utilizing in their daily work, where ground conditions are suitable for CPTu. The
CPTu proved to be invaluable in this study, particularly when evaluating the shaft component of helical
screw pile capacity and the derivation of remolded su.
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Numerically derived CPT based p-y curves for a soft clay modeled as an
elastic perfectly plastic material
P. Truong and B.M. Lehane
The University of Western Australia, Perth, WA, Australia

ABSTRACT: This paper presents the results from numerical analyses which explore the possibility of deriving p-y springs for laterally loaded piles in clay using direct correlations with the CPT qnet value. Three dimensional finite element analyses were performed using a linear elastic perfectly plastic soil model to predict
the response of single piles in clay subjected to lateral loads. The corresponding CPT qnet profile for each lateral load test simulation was determined via an expression that was derived using the same soil model in large
displacement finite element analyses. A wide range of three dimensional finite element computations of lateral pile response was performed and used to derive CPT based p-y springs for piles in linear elastic perfectly
plastic soil. The new p-y formulation is shown to be capable of matching the response measured in lateral
load tests on centrifuge scale piles in soft clay.
1 INTRODUCTION
The industry standard method for estimation of the response to lateral load of piles in clay is to use the
load transfer method with the soil p-y (non-linear) springs recommended by American Petroleum Institute
(API, 2011), which were developed by Matlock (1970). The API p-y curves are a function of the clay’s
undrained shear strength (su) and rigidity index (Ir), and also depend on the relative depth (z) of any given
soil layer. The selection of a representative su profile is difficult given the wide scatter in measured su values observed in practice due, for example, to sampling disturbance effects (especially in soft clays). A direct CPT-based p-y formulation is therefore clearly preferable to an indirect approach involving su.
This paper presents a n umerical derivation for p-y curves applicable to clay assuming a l inear elastic
perfectly plastic (LEPP) soil model. The p-y curves are deduced from three dimensional (3D) finite element analyses (FEA) for 6 different cases and corresponding numerically derived CPT qnet data are determined using an existing FE solution for cone penetration in a similar LEPP soil. The p-y and qnet data are
compared and used to develop a CPT based p-y formulation as a function of qnet and Ir.
A parallel centrifuge investigation of laterally loaded pile behavior in soft clay was also performed at
the University of Western Australian (UWA) and is presented in a companion paper by Guo et al. (2014).
The formulations derived here are compared with the lateral pile response of the centrifuge piles to assess
their potential for application to laterally loaded pile analysis.
2 NUMERICAL ANALYSIS
The numerical analyses for this study were conducted using the 3D FEA program Plaxis 3D (Plaxis 3D
2011). Six models were analyzed with each having the same pile length to diameter ratio (L/D) of 11.8
and with a lateral load applied to the pile at 1.5 pile diameters above the ground surface. The pile com975

prised volumetric elastic elements (with a Young’s modulus of 30 GPa) and therefore the predicted lateral
pile displacements did not include any component due to the pile itself yielding. The pile-soil interface
was assumed to be fully rough for the present study; other analyses conducted by the authors show that
having an interface roughness halfway between being fully rough and smooth reduces the ultimate lateral
stresses developed on piles by about 10%. A linear elastic beam element with negligible stiffness (E = 1011
GPa) was embedded at the center of the volumetric pile to allow for ease of extraction of the pile bending moments and deflections.
The soil was represented as a LEPP isotropic material with a linear shear modulus (G) profile, linear su
profile, Poisson’s ratio (υ) of 0.5 and bulk unit weight (γ) of 15.6 kN/m3. Clays with strengths corresponding to overconsolidation ratios (OCRs) of 1 and 2 were examined and the analyses permitted suction values of up to 100 kPa. The full range of parameters investigated is presented in Table 1. It is seen that the
pile diameters and rigidity indices (Ir = G/su) considered were varied by about one order of magnitude. A
typical deformed mesh and displacement vector plot from the Plaxis 3D analyses is presented in Figure 1,
showing the soil block, pile mesh and soil mechanism at failure.
Table 1. Input variables for PLAXIS 3D analyses
Model

Pile diameter,

FE1
FE2
FE3
FE4
FE5
FE6

D
m
0.88
0.88
0.88
0.88
0.44
3.00

Net cone
resistance,
qnet
MPa
13.7 z(m)
23.9 z(m)
11.0 z(m)
15.8 z(m)
13.7 z(m)
13.7 z(m)

Soil stiffness
ratio,
E/qnet
17.5
17.5
5.4
38.0
17.5
17.5

Over consolidation ratio,
OCR
1
2
1
1
1
1

Undrained
shear strength,
su
kPa
1.2 z(m)
2.1 z(m)
1.2 z(m)
1.2 z(m)
1.2 z(m)
1.2 z(m)

Rigidity
index,
Ir = G/su
67
67
17
200
67
67

The following relationship between the net CPT qnet and the clay su was adopted. This was developed
by Lu et al. (2004) based on numerical analyses using the re-meshing and interpolation FE technique in a
LEPP soil i.e. the same soil model used for the laterally loaded pile analysis in this paper.
𝑞𝑛𝑒𝑡
𝑁𝑘𝑡 ≈ 3.4 + 1.6 ln 𝐼𝑟 − 1.9∆ + 1.3 ∝𝑐 with 𝑠𝑢 =
(1a)
𝑁𝑘𝑡
𝑁𝑘𝑡 ≈ 4.7 + 1.6 ln 𝐼𝑟

with ∆ = 0 and ∝𝑐 = 1

(1b)

The ∆ value in this equation is referred to as the anisotropy factor, which for the current analysis is taken
as zero as the in-situ earth pressure coefficient (K0) adopted in the pile analyses was unity. A cone roughness factor (αc) of unity is assumed when applying equation (1) as this leads to predicted Nkt values comparable to those indicated in practice (i.e. between 11 and 14 for Ir between 50 and 300); adoption of this
αc is consistent with the adoption of a fully rough interface between the pile and soil. The qnet profiles
adopted implicitly in the FE analyses are provided in Table 1. These vary linearly with depth, matching
the linear variation of su with depth. The values of the corresponding soil stiffness ratio (E/qnet) are also
given in Table 1 and the relationship between this ratio and the rigidity index is given in Equation 2. The
p-y formulation employed by API (2011) uses the strain at a half of the maximum stress recorded in an
unconfined compressive strength test (εc) and the relationship between this parameter and Ir is also given
in Equation 2.
1 𝐸
1
𝐼𝑟 = �
� 𝑁𝑘𝑡 =
3 𝑞𝑛𝑒𝑡
3𝜀𝑐

(2)
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Figure 1. Plaxis 3D deformed mesh and displacement vector plot of a laterally loaded pile

3 DERIVATION OF P-Y CURVES
The lateral pile displacements were taken directly from the FE output at each level of applied load while
the net soil resistance per unit length of pile (p) was determined by double differentiation of the pile bending moment profiles for each load. The MATLAB (MATLAB 2013) smoothing spline tool was used to assist differentiation and obtain p at normalized depths (z/D) between 0.5 and 7; the net pressure (P) is equal
to p/D. The soil movement patterns tended to have a larger vertical component at z/D values greater than 7
(as they are close to the point of fixity) and therefore p-y data at these depths were not developed.
The maximum ultimate pressures (Pu) required normalized displacements (y/D) of up to 2 to develop.
This pressure, which is obtained by normalizing the ultimate p value by the pile diameter, is related in the
following equation, to the qnet value via a bearing factor, Npq:
𝑁𝑝𝑞 =

𝑃𝑢
𝑞𝑛𝑒𝑡

𝑁𝑝𝑞 =

𝑃𝑢
3
𝑧
=�
� + [1.5 − 0.14 ln 𝐼𝑟 ] tanh �0.65 �
𝑞𝑛𝑒𝑡
4.7 + 1.6 𝑙𝑛𝐼𝑟
𝐷

(3)

The calculated Npq factors for each of the six FE models are presented in Figure 2, where they are seen to
vary with depth at z/D ratios less than about 3. In addition to this depth dependence, computed Npq values
were also found to vary with Ir. The Npq predictions do not exhibit a dependence on the strength profile or
on the pile diameter (e.g. compare predictions of FE1 with FE2, FE5 and FE6), and regression analyses of
the computed data (z/D ≥ 1) showed that the following expression provided a best fit to the set of six FE
cases (with a coefficient of determination (r2) of 0.97). Additional FE analyses on a range of Ir values
would help to refine this expression.
(4)

The initial term in Equation (4), which essentially gives the value of Npq at the ground surface, is based
on the research of Broms (1964) and leads to what appears from Figure 2 to be a conservative ground surface Npq value (of ~0.25). It is noted that the estimation of Npq at z/D < 1 was highly sensitive to small
numerical errors and therefore this (conservative) assumption was adopted.
The Npq values predicted using Equation 4 are compared on Figure 3 with those given by the API
(2011) recommendations for soft clays. It is evident that API (2011) recommends a lateral resistance that
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is typically about 20% less than that predicted. The deduced Npq value at z/D > 3 for Ir = 200 (of about
unity) is comparable to the fully rough ultimate factor assessed by Randolph & Houlsby (1984) for the
flow around mechanism.
The relationship between y/D with the net pressures normalized by the computed ultimate pressures
(P/Pu) is presented on Figure 4 for the three rigidity indices considered. It is evident that contrary to API
(2011) recommendations, these curves are not unique for all z/D values. There is a clear tendency for the
initial slope of these curves to reduce as z/D increases with curves at z/D = 3 (where failure occurs by soil
flowing around the pile) being essentially independent of z/D; curves at lower z/D ratios reflect patterns
associated with wedge and cavity expansion type mechanisms. The rigidity index also has a clear effect on
the form of the normalized curves but the similarity of FE1, FE2, FE5 and FE6 (all with Ir = 67) indicates
the normalized curves are not a function of the pile diameter or the soil strength profile. Regression analyses of all the FE predictions led to the development of two equations, depending on the relative depth
𝑃
𝑦 0.85 𝑧 −0.5
= 𝑡𝑎𝑛ℎ �(0.26𝐼𝑟 + 3.98) � �
� �
�
𝑃𝑢
𝐷
𝐷

𝑓𝑜𝑟

𝑃
𝑦 0.85
= 𝑡𝑎𝑛ℎ �(0.15𝐼𝑟 + 2.3) � � �
𝑃𝑢
𝐷

𝑓𝑜𝑟

0<

𝑧
<3
𝐷

(5𝑎)

𝑧
≥3
𝐷

(5𝑏)

Equations 5a and 5b provide a fit to the FE data with respective r2 values of 0.98 and 0.99. Further
analyses will help to refine these equations. The equations are compared on Figure 5 with the API (2011)
recommendations for soft clay with rigidity indices of 200 and 50 (used for illustrative purposes). It is evident that the API curve (applicable for all z/D values) is stiffer at low y/D values. Overall, however,
Equation 5 predicts P/Pu values at any given y/D value that are on average within 15% of the API recommendation- despite the fact that these equations were derived for a LEPP soil.
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Figure 2. Ultimate soil resistance factor, Npq, derived in finite element analyses.
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Figure 4. P/Pu vs. y/D curves derived from finite element analyses.
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Figure 5. Comparison of API (2011) recommendations with normalized p-y curves given by Equation 5.

4 VERIFICATION OF P-Y CURVES
The accuracy of Equations 4 and 5 was checked by using these equations directly in a standard load transfer program and then comparing the predicted lateral load displacement response with that predicted directly in the FE analyses. The program Oasys ALP (Oasys 2013) was employed, which (as with many
commercially available laterally loaded pile programs) models the pile as a series of beam elements and
the soil as a series of non-interacting p-y (non-linear) springs located at nodes between the beam elements.
The p-y springs were derived using Equations 4 and 5 and input into ALP at a spacing of D/2 along each
pile.
The lateral load (H) with pile head displacement predictions obtained for the 6 FE predictions (see Table 1) are compared on Figure 6 with the corresponding ALP predictions. Evidently, very good agreement
is observed. Such agreement verifies the numerical procedures used for the derivation of Equations 4 and
5 and also demonstrates that the load-transfer (beam-spring) approach is capable of reproducing results of
the full 3D FE models, even for diameters as large as 3m.
Figure 6 also shows corresponding predictions obtained using the API (2011) recommendations for soft
clay (noting that the rigidity index is related to the API εc parameter via Equation 2). The API predictions
provide a reasonable match to the other sets of predictions up to about half of the ultimate capacities, but
then deviate considerably because of the lower API Npq values (see Figure 3).
Direct application of Equations 4 and 5 is problematic in practice as the rigidity index (Ir) is difficult to
quantify. Backanalyses of existing lateral load test case history data using these equations is the best way
of assessing a representative Ir value (which is analogous to the selection of εc when employing API
2011). One example of such a backanalysis is provided on Figure 7, which plots the lateral loaddisplacement response of two centrifuge scale piles reported by Guo et al. (2014). These piles were jacked
into kaolin at OCRs of 1 and 2 and load tested after full equalization. The predicted responses of these
piles obtained using Oasys ALP and Equations 4 and 5 with Ir = 150 are seen on Figure 7 to provide a
good match to the measured responses and are a clear improvement on the predictions obtained using API
(2011) with the same Ir value. Future investigations will examine how a suitable Ir value can be derived
from shear wave velocities and qnet measurements obtained directly in seismic cone penetration tests.
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Figure 6. Comparison of load displacement results between finite element analyses, derived p-y curves, and the API
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5 CONCLUSION
This paper presents a numerical derivation of p-y curves that are suited to the prediction of the response to
lateral load of piles in clays that can be represented by a linear elastic modulus and shear stress strength,
su. The p-y curves can be derived directly from CPT qnet profiles but require an assumption to be made regarding the value of the Ir of the soil. The formulations for the p-y curves when implemented in a standard
load transfer (beam-spring) computer model are shown to lead to virtually the same pile response predictions as full 3D Finite Element analyses. Preliminary backanalyses of lateral load test data measured in
kaolin at OCR = 1 and 2 show that Equations 4 and 5 lead to good predictions of the observed response
assuming Ir = 150.
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Novel applications of CPT for verification of ground improvement
projects
T.V. Nguyen and L. Shao
Hayward Baker Inc, Los Angeles, USA

ABSTRACT: The Cone Penetration Test (CPT) has become the preferred method for evaluating the
densification produced by vibro stone column treatment programs used to mitigate liquefaction risks in
both onshore and offshore conditions. Challenges for offshore projects include accurately positioning
the post-treatment CPT location relative to the vibro replacement stone column or the vibro compaction
point. Instrumentation, including RTK GPS, acoustic radar, and gyro technology, were adopted to guide
the stone column installation and the post-improvement CPTs for two projects. The i-Vibro™ system
monitored and recorded the stone column installation to provide a comparison with the postimprovement CPTs.
For liquefaction mitigation projects, the conventional liquefaction evaluation method according to
NCEER 1997 procedure falls short to capture the intermediate soils. As a result, unnecessary ground
improvement was often specified. The drive for optimizing ground improvement for liquefaction
mitigation has led to the adaptation and combination of state-of-the-art CPT and the cyclic softening
method.

1 BACKGROUND
Quality control (QC) is a key factor in successfully mitigating liquefaction by using ground
improvement. In addition to real-time monitoring and recording, performing pre- and post-construction
in situ tests such as CPT or SPT is often required. To accurately evaluate the efficacy of the ground
improvement, the pre- and post-construction QA/QC locations must be predefined. Performing CPT in
onshore ground improvement is considered routine; however, in offshore projects, precision is difficult
due to low or zero visibility of the ground surface through water. Careful planning and enhancing
CPT/SPT equipment with state-of-the-art underwater positioning systems, like i-Vibro, can effectively
procure accurate and precise results. Two case histories are presented on the use of CPTs to evaluate
the effectiveness of liquefaction mitigation by the vibro stone column method.
Idriss and Boulanger (2008) demonstrated that soils can be divided into either ‘clay-like’ or ‘sandlike’ soils, where clay-like can experience ‘cyclic softening’ and sand-like can experience liquefaction.
Generally, sand-like soils are gravels, sands, and very low plasticity silts, whereas clay-like soils are
clays and plastic silts. The response of these soil types to earthquake loading is evaluated using a variety
of procedures. It is common to first evaluate which soils are sand-like, and therefore susceptible to
liquefaction based on grain size distribution, Atterberg Limits and water content, and then to determine
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the factor of safety against liquefaction (FSliq). A key element in performance based geotechnical
earthquake design is the evaluation of post-earthquake deformations. The majority of available
liquefaction evaluation methods and post-earthquake deformation prediction models used in practice are
strictly applicable to sand-like soils. When these same methods and models are used to evaluate soils
transitioning from primarily sand-like to clay-like, results may be inaccurate. With ongoing research into
the responses of different soil types under earthquake loading and the increasing usage of CPT in
liquefaction analysis, engineers, and researchers have adapted a comprehensive CPT-based liquefaction
evaluation to cover all soils per Robertson (2009).
2 CASE HISTORIES
2.1 BART Marine Tube Test Program

In 2006, an offshore vibro demonstration program was performed for the BART Transbay Tube. The
subway tube was built in the late 1960s, connecting San Francisco with Oakland under the San
Francisco Bay, and is classified as a critical structure to the area. Initial studies completed in 2002
concluded that the loose granular backfill materials placed around the tube could liquefy under a major
earthquake, potentially causing the hollow steel tubes to become buoyant. Consequently, BART services
could be interrupted. Retrofit work would require this pluviated backfilled soil to be compacted to make
it denser and less prone to liquefaction. A comprehensive vibro compaction and vibro replacement test
program were initiated to determine the feasibility of the potential retrofit work. Vibro improvement
techniques were employed in two test sections; one location with 9.1 m (30 feet) of loose granular soil
under 27.4 m (90 feet) of water and the other location with 7.6 m (25 feet) of liquefiable soil under 6.0
m (20 feet) of clay and 10.6 meters (35 feet) of water. Figure 1 illustrates the Transbay Tube cross
section.

Figure 1: Cutaway view of BART trench, tube & backfill
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The demonstration test consisted of more than 90 underwater stone columns and vibro-compaction
points. The goal of the test section was to help to determine four things: 1) whether vibro-compaction
alone would be adequate, 2) the necessity of stone replacement backfill, 3) the possibility of densifying
soils as close as 1.5 m (5 feet) from the tube, 4) the precision at which the CPT and SPT locations could
be placed.

Figure 2: Schematic of the Transbay Tube Marine Vibro-replacement/Compaction Demonstration Program

A major aspect of the test program was the precise positioning of the vibratory probe, and the predetermined CPT and SPT locations. Until the Transbay Tube Marine Vibro-replacement/Compaction
Demonstration Program, this level of precision had not been achieved for offshore ground improvement.
The program employed state-of-the-art marine survey technologies including RTK-GPS, laser gyro, 3-D
marine sonar array, acoustic Doppler radar, and total station. A precise navigation system controlled
barge positioning to within 0.15 m (0.5 feet) in currents up to 2 knots.
The vibrator needed to work very close to the 15.8 m (52 feet) wide by 6.7 m (22 feet) high subway
structure to densify the existing backfill around it. The closest locations were specified at 1.5 m (5 feet)
from the outside of the tube structure, along with a maximum tolerance of 305 mm (12 inches). When
the vibrator was located 305 mm (12 inches) from the specified location, considering the vibrator
diameter and variations in verticality, the body of the vibrator came as close as 0.6 m (2 feet) from the
structure. Thus, for a 0.9 m (3 foot) diameter stone column, the gap between the stone column and the
tunnel was small and difficult to navigate. The precise measurement system guided the crane operator in
real-time to position the vibrator within 305 mm (12 inches) of the design location.
In addition, real-time monitoring, analysis, and assessment were conducted through a graphical user
interface system, “i-Vibro”. The system displays column name, diameter, depth, time, hydraulic pressure
or AC current, air pressure, stone weight, volume, and accumulated stone volume, and installation
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duration. The information is displayed numerically as well as graphically. The data communication
between the loader, the crane, and the control computer is accomplished by using digital wireless
communication. Figure 3 is an example of a production report that is produced by the i-Vibro system for
each vibro-replacement stone column.

Figure 3: i-Vibro System Production Report

Figure 4: Shallow draft vessel used for drilling
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Pre- and post-improvement testing requires the use of specialty marine CPT/SPT equipment. A marine
drilling contractor provided the offshore CPT/SPT testing. This specialty work utilized a self-propelled
vessel with a shallow draft of only 1.5 m (5 feet) with 24.3 m (80-foot) spuds, allowing the ship to be
stable when anchoring in waters up to 21.3 m (70 feet) deep (Figure 4).
The same state-of-the-art systems pinpointed post-improvement CPT and SPT locations to evaluate
densification accurately. The post-improvement CPT and SPT locations were located within few inches
from the design locations as shown in the as-built layout (Figure 5).

Figure 5: As-built stone column and CPT/SPT test locations

Figure 6: Typical Post-CPT result and SC Amperage drawn profile
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Post-treatment CPTs were evaluated in conjunction with the amperage logs of the surrounding stone
columns. Generally, there is agreement correlation between the current drawn by the vibrator and the
CPT tip resistance. Figure 6 shows a typical post-treatment CPT log and the amperage log for a nearby
treatment location.
BART Berryessa Extension Project
The Silicon Valley Rapid Transit (SVRT) Project is a 25.9-km (16.1 mile) long extension of the Bay
Area Rapid Transit (BART) heavy rail rapid transit system from the Warm Springs extension to the
Santa Clara Station. Figure 7 shows the critical structures along the alignment of the proposed
extension.
The SVRT project is located in a highly active seismic region, bounded by three active major fault
lines: the San Andreas Fault, the Hayward Fault, and the Calaveras Fault. The subsurface soils consist of
firm to stiff lean clay of low to medium plasticity, and are inter-bedded with layers of clayey sand, silt,
and silty sand. During the design earthquake event of magnitude (Mw) 8.0 with peak ground
acceleration (PGA) up to 0.67g, the subgrade soils could liquefy or become strain softened. The
potential for liquefaction and cyclic softening could undermine the integrity of several critical
underground structures.

Figure 7: Critical structures along BART Berryessa

Initial liquefaction screening followed NCEER 1997 procedures (Youd et al. 2001), along with a series
of cyclic simple shear tests of non-plastic silt conducted at UC Berkeley in 2007, lead to the conclusion
that the subgrade soils below some structures required some degree of ground improvement to achieve
post-improvement liquefaction induced settlement of less than 2.5 cm (1.0 inch). Table 1 lists these
structures.
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Table 1: Structures for Proposed Vibro-Stone Columns Ground Improvement Program
Stationing
Structure

Design Unit
Start

End

UPRR Industrial Lead Bridge (ILB)

18 - WP03

362+62

364+58

Montague Trench Structure No.5

21

413+00

414+00

Hostetter Trench Structure No.1

22

452+00

454+00

Hostetter Trench Structure No.2

22

469+00

477+00

Sierra Lundy SVBX Tunnel

22

490+00

492+00

Hostetter Trench Structure No.3

22

492+00

498+00

The liquefaction procedures outlined in Youd et al., (2001) are simplified liquefaction triggering
methods based on case histories. The soils involved in the case histories consisted primarily of young,
un-cemented, and normal to lightly over-consolidated sandy soils. Post liquefaction reconsolidation
settlement is often calculated following Tokimatsu and Seed (1984). For the soil profile of this site,
which is predominately non-plastic silt the calculated potential liquefaction induced settlement for the
structures listed on Table 1 could be too conservative. A cost saving ground improvement program
required a more refined analysis. Following Robertson (2009) procedures, the authors performed a
supplemental liquefaction study to address the shortcomings of NCEER 1997 for the intermediate soils.
The details of the procedures used in this study are described below.
Combined CPT-based liquefaction analysis:
Subsurface soils were classified into three different categories based on the Soil Behavior Index Type
(Ic), and the specific analysis procedures were tailored to different types of soils as according to
Robertson (2009):
Soil Type 1: Granular Soils (Ic ≤ 2.5):
Liquefaction analyses for granular soils were to be undertaken in general accordance to procedures
outlined by Youd (2001) and in accordance with CGS Special Publication 117A guidelines (CGS,
2008). Post-liquefaction reconsolidation settlements were computed using volumetric strain charts
provided by Zhang et al. (2002).
Soil Type 2: Transitional Soils (2.5 < Ic ≤ 2.7):
Soils with Ic values within this range represent a transition from drained CPT cone penetration to
undrained cone penetration. These soils transition from predominately heterogeneous cohesionless to
predominately cohesive.
Liquefaction analyses were undertaken in general accordance with procedures outlined by Youd et al.
(2001) and in accordance with CGS Special Publication 117A guidelines (CGS, 2008). The exception
was that cyclic resistance ratio (CRR) for these soils was calculated using the following equations
recommended by Robertson (2009):
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CRR7.5  0.053* 6 *107 ( I c )16.76 * Qtn

(1)

Qtn  ( qt   v ) / pa  ( pa /  `vo )n

(2)

Where (qt-v)/pa = dimensionless net cone resistance; (pa/`vo)n = stress normalization factor; n=stress
exponent that varies with Soil Behavior Type (Ic); pa = atmospheric pressure in the same units as qt and
v.
Post liquefaction reconsolidation settlements were computed as the product of volumetric strain and
sub layer thickness. The volumetric strain is a function of Factor of Safety against liquefaction (FS),
over consolidation ratio (OCR), and Qtn (Robertson, 2009). The overconsolidation ratio were calculated
using CPT correlation equation (5) with k = 0.3 calibrated from available laboratory consolidation test
results
When 0.84 < FS ≤ 1.3:



0.8  2.66 * log( FS )
,0.01
2
 OCR (10  9 * log(OCR )) * Qtn


 vol  min 

(3)

When FS≤0.84:



1
,0.01
2
 OCR (10  9 * log(OCR )) * Qtn


 vol  min 

(4)

whereas

 q v 
OCR  k *  c

  `v 
Soil Type 3: Fine Grain Soils (Ic >2.7)

(5)

When Ic > 2.7, soils generally exhibit clay-like behavior and are susceptible to cyclic softening per
Idriss and Boulanger (2008). The cyclic resistance ratio (CRR) is estimated empirically from undrained
shear strength profile using the following equation:
CRR7.5  0.8 *

su
 `vc

(6)

and

su   ( qt   vc ) / Nkt 

(7)

where vc = vertical total stress; `vc =vertical effective stress; Nkt =cone factor (ranging from 10 to 20);
su = undrained shear strength. A value of 15 was calculated for Nkt based on the reported undrained
shear strength of the subsurface soil at various depths.
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Result of supplemental study
The results of the liquefaction analysis of all 10 supplemental CPTs (Table 2) using the combined CPTbased liquefaction induced settlement of less than 2.5 cm (1.0 inch) indicated that three out of the six
proposed structures: UPRR, HTS No1, and SVBX do not require ground improvement. This resulted in
cost savings and shorter construction time
Table 2: Summary of Liquefaction-Induced Settlements and Recommendations
Depth to
Trench
Bottom**
[ft]

Total LQInduced
Settlement
[in]

LQ-Induced
Settlement
Below
35'
[in]

LQ-Induced
Settlement
Below
Trench [in]

Comments

Structure

CPT No.

Location

Existing
Grade
[ft]

HBI 13-363

Sta. 363+00

47.7±

15.0±

1.0±

1/4±

1/3±

Settlement <<1.0

UPRR

CPT-208*

Sta. 413+03

66±

7.0±

1.7±

1/4±

1.7±

Treat the top 35'

MTS No 5

CPT-209*

Sta. 453+51

85±

11.5±

2.1±

1/2±

1-1/4±

Treat the top 35'

HTS No 1

HBI-13-470

Sta. 470+00

88±

10±

2.1±

1/4±

1.0±

Treat the top 35'

HBI-13-472

Sta. 472+00

88±

10±

2.2±

0.39

1.0±

Treat the top 35'

HBI-13-474

Sta. 474+00

88±

10±

1.8±

0.48

1.3±

Treat the top 35'

HBI-13-476

Sta. 476+00

87±

12±

1.3±

0.35

1.0±

Treat the top 35'

HBI-13-493

Sta. 493+00

85±

30±

1.3±

0.45

1.1±

Treat the top 35'

HBI-13-495

Sta. 495+00

85±

25±

2.0±

0.33

1.1±

Treat the top 35'

HBI-13-497

Sta. 497+00

85±

18±

1.0±

0.14

1.0±

Treat the top 35'

HBI-13-488

Sta. 488+00

85±

35±

0.8±

1.4±

1/3±

Settlement <<1.0

HBI-13-491

Sta. 491+00

85±

35±

2.2±

1/4±

1/4±

Settlement <<1.0

HTS No2

HTS No3

SVBX

3 CONCLUSIONS
The Bart Marine Demonstration test program case history established the efficacy of specialized GPS
systems for precision placement of CPT probes and vibro probes for offshore projects. In addition, the
data acquisition software proved effective in verifying the as-built conditions of the vibro compaction
and the vibro replacement.
The BART Berryessa Extension Project demonstrates that CPT is a powerful in situ test method that
can produce continuous estimates of the potential for either liquefaction or cyclic softening and the
resulting post-earthquake settlements in a wide range of soils. This combined CPT-based approach,
when supplemented by high-quality laboratory tests, could help in reducing the degree of conservatism
often employed in design.
Ground improvement projects require a combination of instrumentation systems and post
improvement CPTs to enhance product quality, directly increasing the degree of quality assurance and
predictability of performance of structures founded on improved ground.
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ABSTRACT: Numerous CPT/CPTu methods are available for predicting pile capacity. Pile capacity is
not, however, a single value, because it is not only linked to the selection of the failure criterion in the
load-movement curve, but it is also time-dependent (setup and relaxation). This latter condition is a very
important perspective which is, unfortunately, missing from most CPT/CPTu capacity prediction methods. A case history is presented of a pile testing program where pile capacity was determined during initial pile installation, and again periodically for up to 3 years. This testing showed a continued increase in
pile capacity with time due to soil setup. A seismic piezocone sounding was performed at the site, and
the results were used to predict pile capacity using various published CPT/CPTu methods. As expected,
the results indicate differing predicted capacities. Potential modifications to the CPT/CPTu prediction
methods are discussed to address the 100-day reference time capacity goal.
1 INTRODUCTION
What is the capacity of a driven pile? Why is there usually a wide range of calculated capacities between
various pile capacity prediction methods? Numerous CPT/CPTu methods are available for predicting
pile capacity. Pile capacity is not, however, a single value, because it is not only linked to the selection
of the failure criterion in the load-movement curve (for example by one of the following methods: s/d =
10%, Davisson, Chin, or Decourt), but it is also time-dependent (setup and relaxation). This latter condition is a very important perspective which is, unfortunately, missing from most CPT/CPTu capacity prediction methods. These methods are generally based on the results of pile static loading tests performed
30 days, or more, after initial pile installation, but no means are usually given to quantify the time frame
in the prediction methods, apart from sometimes stating “after pore pressures have dissipated.” When
high strain dynamic pile testing is used to verify the design pile capacity, the field capacity is determined
during initial driving and again during pile restrike, usually only about 1 to 3 days after initial driving.
Longer time intervals for restrikes and static loading tests, if performed, are usually limited, for economic and constructability reasons, to only about 7 to 14 days after initial driving, which is within a time period where full pore pressure dissipation within the surrounding soil often has not yet occurred. Therefore, on first inspection, it might appear that the capacity prediction by the selected CPT/CPTu method
may have either over-predicted or under-predicted the pile capacity when compared to actual test results,
when in reality, the predicted capacity and tested capacity need to be correlated to account for time effects.
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2 TIME EFFECT ON PILE CAPACITY
Time has an important effect on the capacity of piles installed in soil and some rock types. Experience
has shown that pile capacity can either increase (setup) or decrease (relaxation) with time, with setup being more common than relaxation. Soil setup can occur in most soil types, but is most predominant in fine-grained cohesive soils. During pile installation, the soil surrounding the pile experiences plastic deformations, remolding, and pore pressure changes. With time, pore pressures return to equilibrium.
Where positive pore pressures are generated, there is a reduction in effective stress. As the pore pressures return to equilibrium, the effective stress increases, and in cohesive soils consolidation occurs
around the pile shaft, resulting in strength gain. In low permeability cohesive soils that lack any lensing
of more permeable soils, the time for pore pressure equilibrium can be many days; however, soil setup
typically tends to begin almost immediately upon completion of initial pile installation. After the consolidation phase is complete, further capacity increase is then due to soil aging effects.
One well-known relationship between time after initial pile installation, t, and axial pile capacity, Q,
is that described by Skov and Denver (1988), and is expressed by the following time function equation:
1

log

(1)

Where Q0 is the reference capacity measured at the reference time t0, and A is a dimensionless setup
factor. Because the setup factor corresponds to a ten-fold increase in time, the factor A will be denoted
herein as 10 which follows the nomenclature suggested by Augustesen (2006). The resulting setup factor is dependent on the choice of the reference capacity, and thereby the reference time. There is no consensus, however, in the published literature on the choice of t0, with suggested values of 0.1 day (Svinkin and Skov, 2000) and 1 day (Bullock, 2005a, 2005b), to 100 days (Augustesen, 2006). Therefore,
when comparing setup factor values suggested in literature, it is important that the setup factors be converted to the same reference time.
3 CASE HISTORY
A test pile program was performed to evaluate long-term soil setup. A seismic CPTu sounding was performed at the test pile site, and the results are used to evaluate published CPT/CPTu-based pile capacity
prediction methods, particularly with respect to soil setup.
3.1 Site and Interpreted Subsurface Conditions
The test pile site was located in the city of Wayzata, about 20 km west of downtown Minneapolis, Minnesota. Several glacial advances had combined to form the geologic setting in the area. The soils were
deposited during the late Wisconsinan glacial epoch that had occurred between 10,000 to 25,000 years
BP. The two glacial advances that contributed most of the deposition in the area were the Superior and
Des Moines glacial lobes. Numerous lakes in the area were formed when the glaciers last receded, leaving behind buried ice blocks that melted to form large basins, or “kettles.” These kettles filled with water; however, many also filled with organic sediment which became peat bogs. The bedrock at the site is
Ordovician-age sandstone which is present at a depth exceeding 50 m below grade.
A seismic piezocone penetration test (SCPTu) was performed at the specific test pile location. The piezocone had a 15-cm2 conical tip, and was advanced by a dedicated 200 kN SCPTu truck. Penetration
pore pressures were measured along the shoulder at the u2 position. Down hole seismic shear wave velocities (Vs) and pore pressure dissipation tests were also measured at specific depths during the advancement of the piezocone. Figure 1 presents basic SCPTu results.
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Figure 1 SCPTu sounding (above), Typical dissipation test (below left), Soil behavior chart (below right)

The hydrostatic groundwater level is at a depth of about 4 m below grade. The pore pressure dissipation test depths and a typical test result are shown in Figure 1. All of the dissipation plots had a bellshaped curve, with a temporary increase in pore pressure followed by a subsequent decay, typical of dilative soil behavior associated with overconsolidated clays. The CPTu data at the dissipation test depth
intervals are plotted on the Robertson (2012) SBT chart in Figure 1 (below right), which shows approximate boundaries between dilative-contractive behavior, and drained-undrained CPT response.
The u2 plot in Figure 1 shows a negative response suggesting dilative behavior during advancement
of the cone; however, instrument behavior (cavitation) could also explain some of this response. To account for this, an adjusted penetration pore pressure was calculated by using equation 2 (Robertson,
2009), which follows the relationships developed by Schneider et al (2008) for insensitive clays.
0.3

.

1.05

(2)

The results are plotted in Figure 2 (left) also with the 70% of the calculated u2 at an effective overburden pressure of less than 150 kPa. Figure 2 (center left) presents calculated (based on t50) and derived
permeabilities (based on correlations to SBT). The criterion suggested by Robertson (2012), for separat995

ing contractive-dilative soil behavior assumes that interpreted sand-like soils with a state parameter, ,
less than -0.05 and clay-like soils with an OCR > 4 are dilative at large strains (Figures 2, center right
and right).

Figure 2. Penetration pore pressure, u2, measured and derived from CPTu data (left); Permeability, calculated
from dissipation tests and derived from CPTu data (center left); OCR (center right); State Parameter  (right)

A soil boring that was drilled in the area, but not part of the test pile program, has allowed the stratigraphic and lithological comparison shown in Figure 3 which highlights similar, but not identical, soil
types (because the boring was not drilled at the same location as the SCPTu sounding).
Figure 3 also presents the Soil Behavior Type index with the cut-off between clay-like soil and sandlike soil at Ic=2.58 following Ku et al. (2010). This figure also presents the Apparent Fines Content, FC,
plotted as the mean value from methods described by Yi (2010), Idriss & Boulanger (2008), and Robertson & Wride (1998). The plots in Figure 3 assist in identifying the overall thickness of these strata, as a
way to explain the significance of the measured setup phenomenon and also to assist in developing a
method to predict the development and magnitude of the setup.

Figure 3. Stratigraphic and lithological comparison between CPTu (left), nearby boring results ( middle), Apparent Fines Content and Soil Behavior Type index (right).
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Summarizing, the test pile site is covered by about 4.4 m of fill, which in turn overlies swampdeposited peat to a depth of about 7.2 m. The fill was predominantly sand and silty sand, with some
clayey sand and lean clay. A review of the site history indicated that the fill had been in place for over
40 years; therefore, the underlying peat had been compressed by the weight of the fill; however, the peat
was still in a relatively soft condition and is, by definition, normally consolidated. Below the peat was
non-organic glacio-alluvial and glacial till soils consisting predominantly of interbedded strata of overconsolidated sand, silty sand, silty clay, and clayey sand.
3.2 Test Pile Program
Two test piles were driven at the Wayzata site. Both were 0.178 m diameter, closed-ended steel pipe
piles; one (TP-1) was driven to a depth of 22.9 m and the other (TP-2) was driven to a depth of 27.5 m
below grade. Using the SCPTu data from Figure 3, the soil along the pile shafts has been divided into
clay-like soil and sand-like soil with total thicknesses along the pile shafts as presented in Table 1.
Table 1. Soil-type thickness along the pile shaft
Test Pile
TP-1
TP-2

Pile Length (m)
22.9
27.5

Clay-like Soil (m)
12.6
13.2

Sand-like Soil (m)
10.3
14.3

High strain dynamic testing was performed with a Pile Driving Analyzer on each of the piles during
initial driving, and again during restrike at approximately 1, 6, 27, and 1250 days after end of initial
driving (EOID). Signal matching analyses by the Case Pile Wave Analysis Program (CAPWAP) were
performed on the data. The results of the measured mobilized total (shaft and toe) pile capacity, Qm, are
presented in Figure 4, which shows that pile capacity continued to increase for both piles throughout the
1250 day period due to soil setup.

Figure 4. Total capacity, Q m, plotted as a function of the logarithm of time for test piles TP-1 and TP-2.

By scaling the piezocone dissipation test time by the square of the pile/piezocone diameter ratio
(Randolph, 2003) it is estimated that the time for 90% consolidation of the soil surrounding the piles is
on the order of 90 days. Therefore, any pile capacity increase beyond this time is interpreted to be attributed to aging effects.
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4 PILE CAPACITY PREDICTION
Numerous direct and indirect methods are available for predicting pile capacity based on CPT and CPTu
results. The published methods used to evaluate the pile capacity at the test pile site were the LCPC
method (Bustamante, 1982), the Eslami and Fellenius (1997) method, the KTRI method (Takesue et al.,
1998), the NGI-05 method (Clausen et al., 2005, and Karlsrud et al., 2005), the UWA-05 method (Lehane et al. 2005, and Schneider, et al., 2007) and the Togliani (2008) method. The time period between
initial pile driving and the loading tests that the methods are based upon is presented in Table 2.
Table 2. Time frame referenced in the CPTu pile capacity prediction methods.
Method
Time Frame
LCPC
Not described
Eslami and Fellenius
Not described
KTRI
“at least one month”
NGI-05
100 days
UWA-05
35 and 60 days*
Togliani
30 days
*Schneider modification for layered sand, silt, and clay based on the results of
two static loading tests performed in Tokyo Bay (f, avg = qt,avg/(4/3Q+10.25).

Predicted total pile capacity, Qp, using the Wayzata CPTu data for the various published methods are
presented in Table 3. No modifications, except that cited, were made to the original methods when calculating the predicted capacities.
Table. 3. Predicted total pile capacities, Qp.

Pile
TP-1 (22.9 m)
TP-2 (27.5 m)

Method and Capacity (kN)
Eslami &
LCPC Fellenius KTRI NGI-05
650
1089
1194
720
1037
1296
1621
1043

UWA-05
1243
1681

Togliani
1290
1649

There is a wide range of Qp for the two test piles at this site, although the KTRI, UWA-05, and Togliani methods predict capacities relatively close to one another. The wide range of Qp is not unusual, and
is typically the case, particularly when applying these methods at sites for which they were not specifically developed. The question then becomes: What would be the final, single predicted capacity of each
of the test piles?
5 ANALYSIS OF RESULTS
It has been shown that pile capacity is usually not constant, and it changes with time due to soil setup. It
has also been shown that capacity prediction by various published pile capacity methods can produce a
wide range of results; therefore, to accept or dismiss a particular method based on a single pile test result
performed at one particular instance of time is not correct. Time is an important variable that must be incorporated in pile capacity prediction.
One method is to use the time function (equation 1) to correct Qp for time. At this site, the reference
time, t0, is chosen to be 100 days; a time where the consolidation phase of setup had been completed.
This results in a 10 of 0.25, with a corresponding 100-day Q0 of 1600 kN for TP-1, and a 10 of 0.24,
with a corresponding 100-day Q0 of 1830 kN for TP-2. These values for 10 compare very well with the
value of 0.24 for 10 as recommended by Augustesen (2006) for t0 of 100 days, and also compare well
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with the setup coefficient of 0.26 calculated by Doherty and Gavin (2013) at the Belfast harbor tests,
which also used t0 of 100 days.
Figure 5 presents plots of the measured pile capacity with time, along with a capacity plot using 10.
Also included on these figures are the CPT/CPTu pile capacity predictions plotted along the time line.
As can be seen, the capacity predictions are not necessarily incorrect, but are each correct for a specific
period of time after end of initial driving.

Figure 5. Graphical results of the pile capacity analyses for TP-1 (left) and TP-2 (right).

6 MODIFICATIONS TO PREDICTION METHODS
The following are attempts to predict the 100-day capacity by modifying the CPTu methods used during
the initial pile capacity predictions. Table 1 indicates that approximately half of the pile length is embedded in “clay-like” soil; therefore, the modifications focus on adjustments to parameters most likely
affected by the clay-like soil.
6.1 KTRI Method
The KTRI method is largely based on the measured fs, while being strongly influenced by the measured
u2. Negative penetration pore pressures were measured during the piezocone penetration, as seen in
Figure 1. Because of this, an adjusted penetration pore pressure was calculated by using equation 2,
which then allowed a re-calculation of the pile shaft resistance using the adjusted u2. This adjustment results in Qp of 1393 kN for TP-1 (Qp/Qm = 0.87) and 1984 kN for TP-2 (Qp/Qm = 1.08).
6.2 Eslami and Fellenius Method
The Eslami and Fellenius method uses a correlation coefficient, Cs, for calculation of pile shaft resistance. Cs is a function of soil type and is the ratio of the values of pile unit shaft resistance to the average effective cone resistance. Table 4 presents the Cs values recommended by Eslami and Fellenius for
differing soil types, based on their reported range of values in each soil category.
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Table 4. Shaft correlation coefficient, Cs, for the Eslami and Fellenius method
Cs (%) Soil type
Method
Soft sensitive soils
8.0
Clay
5.0
Stiff clay and clay/silt mix
2.5
Silt and sand mix
1.0
Sand
0.4

Cs (%) Wayzata Site
24.0
12.5
5.0
1.5
0.5

Setup
Ratio
3.0
2.5
2.0
1.5
1.25

Table 4 also presents adjusted Cs values for the Wayzata site for calculation of a 100-day setup capacity. More change in Cs was given in the cohesive soils to reflect greater soil setup than that which occurs in granular soils. Using the modified Cs values results in a predicted 100-day capacity of 1572 kN
for TP-1 (Qp/Qm = 0.98) and 1857 kN for TP-2 (Qp/Qm = 1.01).
6.3 Togliani Method
The shaft resistance calculated by the Togliani method, fpNC, is modified by OCR using equation 3:
.

(3)

Using the modified fp values result in predicted 100-day capacities of 1420 kN for TP-1 (Qp/Qm =
0.89) and 1803 kN for TP-2 (Qp/Qm = 0.99).
6.4 All Methods
To modify the existing capacity prediction methods for prediction of the 100-day capacity, a “virtual”
pile model was first established based on the percentage of soil types most likely to contribute to soil
setup, that is, clay soils being given larger weight than sand soils, as shown in Table 5. The clay multipliers follow values suggested by Hotstream and Schneider (2012).
Table 5. Stratum thickness multipliers
Ic
fs (kPa)
> 2.58
<10
10-20
20-30
>30
2.58-2.1
-< 2.1
--

Multiplier
3
2
1.5
1.2
1.1
1.05

The stratum thickness corresponding to the particular soil behavior type is multiplied by the factors
in Table 5 to produce a virtual pile length, LV, which is greater than the actual pile length, LA. A final
multipier factor, Fm, is then calculated by equation 4:



(4)

Where c is the total length of pile embedded in clay-like soil, and  is a numeric variable which is
different for each of the considered capacity methods. The “uncorrected” capacity calculated from the
individual method is then multiplied by Fm to approximate the 100-day pile capacity. The “” variable
was determined by trial and error for TP-2 (27.5 m pile) to establish the 100-day capacity, as seen in
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Figure 6. These same “” variables were then applied to TP-1 (22.9 m pile). This method, as expected,
increased the predicted capacity of all the methods; however, only the modified Eslami & Fellenius and
Togliani methods again closely approximate the 100-day capacity for TP-1.

Figure 6. Predicted capacity by CPTu methods and 100-day prediction modifications for TP-2 and TP-1.

7 AGING
Karlsrud et al. (2005) proposed that the time effect due to aging could tentatively be accounted for by
use of the following expression:
100 1
where: ∆10

0.1

∆10
0.4 1

/100

(3)
.

The plasticity index, PI, and OCR are averages along the pile shaft. Assuming PI= 20 (typical of the
low plasticity soils in the area) and an average OCR= 4.7 for TP-1, and 4.8 for TP-2 from the SCPTu data processing, the following capacities are obtained for the date of the long-term restrike which compare
very well with the measured capacities:
TP-1: Q(t) = 1600[1+0.2496 log(1257/100] = 2039 kN (Qm = 2038 kN)
TP-2: Q(t) = 1830[1+0.2484 log(1253/100] = 2329 kN (Qm = 2318 kN)
8 CONCLUSIONS
Pile capacity is not a single value and changes with time. Modifications were made to published
CPT/CPTu-based prediction methods in an attempt to predict the 100-day reference pile capacity for the
test piles at the Wayzata site. These modifications may not be applicable to other sites, but it is the authors’ intent to highlight the need to consider time when using CPT/CPTu-based capacity prediction
methods and to form a basis for discussion for establishing methods to account for the time-dependent
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change in capacity. The authors also agree with other researchers that the reference pile capacity prediction should universally be referred to 100 days, which would then allow a direct comparison between
calculated setup factors and validity of the different pile capacity prediction methods.
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Verification of compaction grouting program using CPT in
liquefiable soils
R. C. Lamb & Z. Wang
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ABSTRACT: CPT testing was employed to design and verify a compaction grouting program used to
mitigate liquefiable alluvial deposits beneath a residential property in southern California. Geotechnical
investigation of the property using CPT methods was performed with evaluations using the CLiq computer program. Analyses indicated potential post-earthquake settlements of 100mm and lateral spreading of 890mm. A compaction grouting program was designed and implemented to halve these ground
movements so that a mat foundation could support building improvements. Grout quantities were first
estimated using CPT findings. A test grouting program with CPT evaluation was then used to design a
2.4m triangular layout for production grouting. Means and methods are described regarding production
grouting. Production grouting was then evaluated using additional CPT soundings. CPT results from
pre- and post- grouting are compared to assess mitigation. CPT evaluation shows both potential settlements and lateral spreading were nearly halved by grouting injections.

1 INTRODUCTION
A proposed residential housing site (Figure 1) will be situated at the seaward margin of the San Joaquin
Hills in California. These hills are dissected by southwest flowing drainage and “gullies” that have eroded throughout the late Pleistocene epoch. The drainages developed and cut to the bedrock strata that
have been uplifted in the geologic past by tectonic forces acting on this region of southern California.
During and subsequent to tectonic uplift, alluvial deposits have accumulated within and along the margins of these drainage areas, underlying the area that now forms the property.
Review of published geologic maps and onsite exploration results indicate the property and vicinity
are underlain at depth by bedrock of the San Onofre Formation, which is successively overlain by alluvial deposits and thin fills (Figure 2 and 3). The bedrock deposits are commonly composed of cemented
breccias and sandy conglomerate at interpreted depths of 17 to 21m below grade. The alluvium deposits
vary in composition beneath the site. Groundwater was found at approximately 3 meters below existing
grade. These deposits generally consist of variably soft to firm, very moist to wet, interlayered silty
clay, clay, and silty sand. Review of the Seismic Hazard Zones Map for the Laguna Beach Quadrangle
(CDMG, 1998) identifies the site as not within a zone of required investigation for liquefaction. However, based on the findings of our investigation, potentially liquefiable soils do underlie the property. The
exploration of the site was completed with four cone penetration tests (CPT), which were utilized in our
analyses of liquefaction with software CLiq (Geologismiki, 2007). Liquefaction analyses used a peak
ground acceleration of 0.47 g occurring during a magnitude 7.0 seismic event. The results of our anal1003

Figure 1 Site Plan Exploratory Test Location

yses indicated potential seismic settlements and lateral spread displacements would require the use of an
expensive deep foundation system to satisfy code requirements (CBC, 2010 and CGS, 2008). Compaction grouting is recommended in order to densify and strengthen the underlying loose alluvial deposits at
depth, thereby mitigating the potential large ground deformations during the seismic event, and allow for
the use of a more cost-effective mat foundation system.
The objective of this paper is to describe how compaction grouting was used to mitigate liquefaction
at the site and show how the CPT was used to aid the design and evaluation of the grout program.

Figure 2 Cone Penetration Test CPT-3 (Note: 1 foot = 0.3048m, 1tsf ~ 100kPa)
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2 COMPACTION GROUT TEST PROGRAM AND EVALUATIONS
For the grout test program, 6 additional CPTs were located at the test area that is close to pre-grouting
cone penetration tests (CPT 3). All the CPTs were obtained following ASTM standard test method
D5778 with the data recorded in the field by computer. The locations of CPTs are shown on the site
plan, Figure 1. A typical CPT log (CPT-3) showing the upper susceptible soils is given in Figure 2. An
interpreted subsurface section, based on all of the collected subsurface data is shown in Figure 3.
The degree of ground improvement achieved by compaction grouting was estimated based on CPT 3,
which has the highest potential settlement and lateral spreading from liquefaction. Youd, et al. (2002)
and Olson and Stark (2003) indicate limited potential for lateral spreading where the (N1)60cs is 15 or
more, which would imply a normalized and corrected clean sand tip resistance of about 75. A minimum
Qtncs of 75 will be approximately equal to a relative density of 50% (Robertson and Cabal, 2009). It was
then assumed that the grout injected would result in a one for one reduction in the soil voids. Thus, the
average grout take should be approximately 6% of the treated soil volume, and maximum grout take
would be 14% in highly liquefiable zones.
The test grouting program consisted of 7 injection points as shown in Figure 4. The test grout program was adjacent to the existing CPT-3 for comparison of pre-grout and post-grout ground conditions.
Grout injection extended to approximately the alluvium/bedrock contact, at the depth of refusal (15 to 19
meters below ground surface), and continued up to within 2-meter below proposed grades. Grouting was
performed from the bottom to top of the hole in 0.9-meter vertical stages. Grout was injected at each
stage until the quantity cutoff or pressure cutoff occurred. Surface uplift was not a limitation to grouting
during the test program. The grout injection points were placed on a diamond (triangular) grid pattern:
one grid at a spacing of 2.4 meters, and the other at 1.8 meters spacing (see Figure 4).
The grouted area was evaluated using six CPTs performed by Gregg Drilling & Testing, Inc. Three

Figure 3 Subsurface Section A-A' (Note; 1 foot = 0.3048m)

CPT’s were located within the center of the 2.4-m grid, and three within the 1.8-m grid. The approximate location of each CPT sounding is shown in Figure 4. The liquefaction evaluations were made using
the software CLiq (Geologismiki, 2007) for CPT holes 3, 5, 6, 7, 9, 10. CPT-8 was not used for evalua1005

tion since it met refusal at a depth of 9 meters. Analyses made for the design seismic event post-test
grouting indicate potential seismic settlements ranging from 50 to 90 mm and lateral spreading ranging
from 500 to 750 mm (Figure 5). Previous analyses using CPT-3 sounding performed prior to grouting
indicated potential seismic settlements on the order of 100 millimeters and lateral spreading on the order
of 840 millimeters (Figure 5). The test grouting had a noticeable effect on the underlying ground conditions. However, grout injections needed to be re-evaluated to limit total seismic settlement to less than
the target value of 65 mm needed for the mat foundation design and seismic lateral spreading to less
than 0.5m in accordance with California Codes (2008, 2010).
In order to assess production grout volumes needed to achieve target seismic deformation levels, injection percentage and deformation reduction were evaluated from the test grouting program. Using
CPT-5 as an example, the grout intake quantities that influence CPT-5 were estimated by assuming that
the grout is injected as an expanding cavity with the result that only 1/6 of the grout injected at grout
hole J28, I29, and J30 effectively densifies the soil adjacent to CPT-5 (see Figure 4). The grout percentage is estimated to be 3.27% that is effective in densifying the soil volume within the triangular prism
defined by these same grout holes. Similar determinations were made for CPT-6, CPT-9, and CPT-10.

Figure 4 Test Grouting Program (Note: 1 foot = 0.3048m)

The results of the calculated reduction in settlement and lateral displacement determined from the test
grouting verses the injected grout percentages are summarized in Table 1. The results shown in Table 1
indicate that the test grouting injections had little to some influence on the CPT’s from the 2.4-meter
grid, but had an important influence on the CPT’s from the 1.8-meter grid. It is important to notice that
the grout percentages are about 3.3 percent for the 2.4-meter grid, and 5.7 to 6 percent for the 1.8-meter
grid. The variation of the calculated grout percentage and deformation reduction is displayed in Figure
6. Excluding the results for CPT-10 (which achieved the desired result); we show a best-fit linear relationship to the results from test grouting in Figure 6. The relationship indicates that a grout percentage of
8.3 to 10.5 percent is required to achieve the needed mitigation so that site deformations are controlled.
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Figure 5a CPT-3 v. Post Test Grouting CPTs for Vertical Settlement (Note: 1 foot = 0.3048m)

Figure 5b CPT-3 v. Post Test Grouting CPTs Lateral Spreading (Note: 1 foot = 0.3048m)
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Table 1. Seismic Deformation Reduction Summary (Note: 1 inch = 25.4 millimeter)
CPT

Grout Percentage

CPT-5
CPT-6
CPT-9
CPT-10

3.27
3.26
6.02
5.74

Post Grouting
Vertical Horizontal
(inch)
(inch)
3.5
27.9
3.4
29.9
3.1
24.4
2.0
17.2

Pre Grouting (CPT3)
Vertical Horizontal
(inch)
(inch)
4.0
33.7
4.0
33.7
4.0
33.7
4.0
33.7

Reduction Percentage
Vertical
Horizontal
(%)
(%)
13.6
17.7
16.0
11.7
23.2
28.0
51.6
49.3

3 PRODUCTION GROUT PROGRAM
The production grouting program consisted of 177 injection points performed by Geotechnical Stabilization, Inc. Since ground heave did not control the test grout injections, the 2.4-meter diamond grid pattern
was used for production grouting. The total length of grout hole drilled is 2595 meters for an average
drill depth of 14.6 meters. The total grout quantity injected is 957 cubic meters. The total soil treatment
volume is estimated at 10,658 cubic meters for the 730 square meter site. The average grout take is estimated at 9 percent based on the total soil treatment volume.
Production grouting was performed consistent with the standard of practice (ASCE, 2010). Slump
tests were performed on the grout materials to assess the consistency of the grout. Grout slumps generally varied from 25 to 50 millimeters. Grout injection rates were evaluated by using a volume box to assess the grout volume per pump stroke and measuring the time between pump strokes. Injection rates
varied from 0.04 to 0.06 cubic meters per minute. Type V cement was used in the grout materials.
Grouting was performed from the bottom to top of the hole in approximate 0.9-m vertical stages. Grout
was injected at each stage until the quantity cutoff occurred. The quantity cutoff was set at 0.11 cubic
meter per meter for >3m above mean sea level (amsl), 0.25 cubic meter per meter for 0 to 3 m amsl, and
0.03 cubic meters per meter below sea level.

Figure 6a Grout Percentages v. Deformation Reduction for Vertical Settlement (Note: 1 inch = 25.4mm)
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Figure 6b Grout Percentage v. Deformation Reduction for Lateral Spreading (Note: 1 inch = 25.4mm)

4

EVALUATION OF GROUND IMPROVEMENT

Pre-grouting CPT-3 and post-grouting CPT-14, CPT-15, and CPT-16B were utilized in the analyses to
assess satisfactory mitigation of post earthquake settlements and lateral spreading. A total of eight postgrouting CPTs were attempted, but five met with refusal at too shallow of depth for analyses due to hard
grout conditions. The approximate location of each CPT sounding is shown on Figure 1.
The results of the production grouting were evaluated for the design seismic event by comparing potential ground settlements and lateral spreading adjacent the original CPT-3 location. A graph of the estimated vertical settlement and lateral spreading comparing pre-grouting CPT-3 with post-grouting CPT14, CPT-15, and CPT-16B is displayed in Figure 7. These CPT’s indicate significant ground improvement with the potential seismic settlements now on the order of 50 mm and lateral spreading ranging
from 420 to 530 mm
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Figure 7a CPT-3 v. Post Production Grouting CPTs for Vertical Settlement (Note: 1 inch = 25.4mm,
1 foot = 0.3048m)

Figure 7b CPT-3 v. Post Production Grouting CPTs for Lateral Spreading (Note: 1 inch = 25.4mm,
1 foot = 0.3048m)
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5 CONCLUSIONS
Significant conclusions from this case history are as follows:
1. The Cone Penetration Test (CPT) and Cliq program are useful tools for rapid evaluation of compaction grouting remediation of potential settlement and lateral spreading of liquefiable soil deposits. The CPT resulted in satisfactory order of magnitude estimates for grout quantities needed
for mitigation of excess ground deformations.
2. Average and maximum grout quantity estimates of 6 and 14 percent of the soil treatment volume
were initially made using relative density estimates from CPT soundings assuming a relative
density target of 50 percent and that injected grout causes a one for one reduction in soil voids.
3. Average grout quantity estimates were further refined to around 10 percent of the soil treatment
volume based on the results of a test grouting program evaluated with CPT sounding placed
within the test grid. Grout percentages injected and effective for reduction in ground deformation
were calculated for each CPT sounding, and used to determine grout percentages for required
mitigation.
4. Average production grout quantities of 9 percent of the soil treatment volume resulted in a 50
percent reduction in potential settlement, and a 40 to 50 percent reduction in potential ground
displacement due to lateral spreading.
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ABSTRACT: This paper examines the potential of a numerically derived CPT-based
formulation for p-y curves in sand (Suryasentana & Lehane 2014) to predict the response
observed in lateral load tests conducted on six piles in four different sand deposits. A
summary of the methodology employed in the derivation of this formulation is first described
before presenting information related to each of the case histories examined. The lateral load
displacement data measured in these case histories are shown to compare well with
predictions obtained using the p-y formulation. This agreement should encourage further
refinement of the formulation and ultimately the direct use of CPT qc profiles for the analysis
of laterally loaded piles in sand.
1 INTRODUCTION
The use of large diameter monopiles as foundations for onshore and offshore wind turbines
has prompted renewed interest in the assessment of design methods that predict the response
of piles to lateral load. There has been some doubt, for example, whether the American
Petroleum Institute recommendations for piles in sand (API 2011) can also be applied to
monopiles with diameters (D) that can be an order of magnitude larger than those used in
support of the API recommendations (e.g. O’Neill & Murchison 1983). The growth of cone
penetration testing (CPT) has also encouraged the search for prediction methods involving
direct use of the CPT qc value rather than use of inferred friction angles or relative densities
in a given design method.
In response to the need for a rational CPT-based approach for laterally loaded piles in
sand, Suryasentana & Lehane (2014) derived load transfer p-y curves for a wished-in-place
pile in sand. The derivation was obtained via a regression analysis on a large series of 3D
Finite Element computations that predicted the lateral pile response in a variety of different
sands and a cavity expansion approximation using Finite Elements to predict corresponding
CPTqc profiles in each sand deposit.
The paper of Suryasentana & Lehane (2014) presents some examples that support the
general form of the p-y formulation that they derived. This paper provides a brief summary of
the steps followed in this derivation and then uses published case history data to examine the
general suitability of the formulation.
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2 NUMERICAL DERIVATION OF P-Y CURVES
The general procedure used by of Suryasentana & Lehane (2014) is summarised in Figure 1.
Some notable features of the analyses performed are summarised as follows:










Plaxis 3D Foundation (version 2.2) was used to predict the response to lateral load of the
piles while Plaxis 2D (version 2012) was employed for the estimation of CPT qc values.
The sand was modelled in Plaxis 2D and 3D analyses using a non-linear elasto-plastic
constitutive model, referred to as the Hardening Soil (HS) model (Schanz et. al. 1999).
The small strain hardening soil model (HS-small), which includes a small strain overlay,
was not used as it was not available in Plaxis 3D Foundation at the time of writing.
The piles were modelled using solid elements with a Young’s modulus comparable to that
of uncracked concrete (30 GPa).
No interface was assumed between the sand and the pile i.e. the analyses modelled a fully
rough interface condition.
The analyses employed dry sand throughout and hence the effective stress at depth, z, was
given as the product of this depth and the specified dry unit weight (γ).
qc profiles corresponding to each laterally load pile analysis were derived using the
procedure outlined in Xu & Lehane (2008), which involved calculation of the spherical
cavity expansion limit pressures (plim) and use of the relationship between qc and plim
proposed by Randolph et al. (1994). A total of 10 Plaxis 2D analyses were ran, each
taking 4 hours to process and extract plim.
A total of 100 Plaxis 3D analyses were ran, each taking 8 hours to process and extract the
bending moment (M) and displacement (y) data for a given lateral load, and subsequent
derivation of net pressures following curve fitting of the M profiles.

Initial regression analyses of the collated p and y data yielded a format comparable to that
proposed by Novello (1999), which was simply estimated from back-analyses of a small
number of lateral pile tests. The best fit equation obtained was:
.

4.2

.

(1)

The similarity between the form and exponents of equation (1) with those of Novello (1999)
was striking and provided some assurance to Suryasentana & Lehane (2014) of the
applicability of the numerical approach employed.
Equation (1) gives a parabolic variation of net pressure (p) with displacement (y) and can
be written in component form as follows to provide an indication of the relative importance
of the CPT qc value, the depth (z), average soil unit weight (γ) and pile diameter (D):
4.2

.

.

.

.

.

(2)

Equation (2) implies that a tenfold increase in pile diameter increases the stiffness of the p-y
response by a factor of 2.75. This increase, which has important implications for monopiles
referred to earlier, arises because of the lower strain levels in the sand mass around a larger
pile for a given displacement (y). More careful examination of the predicted data indicated
that equations (1) and (2) over-predicted pressures at large y/D values and therefore
Suryasentana & Lehane (2014) proposed the following equation, which they demonstrated
provided an improved match to their results:
2.4

.

.

1

6.2
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.

.

(3)

Generate Hardening Soil model parameters for 10
typical sands (peak friction angles varying from 36o
to 51o, relative densities varying from 28% to 97%)

Validate the qc predictions using (i)
existing cavity expansion analyses and
(ii) showing that approach adopted was
capable of predicting actual qc profiles.

Set up FE mesh to model 10 different pile
diameters between 0.5m and 5m

Validate the meshes produced using
existing elastic solutions

Deduce net pressures (p) by double differentiation
of M profiles and tabulate values of p and
associated displacement y at intervals of D/2
down the pile for every load increment.

Predict qc profile for each sand deposit

Regression analyses
p = f (qc, y, z, D, γ)

Equation (3)
Figure 1. Methodology employed by Suryasentana & Lehane (2014)

3 CASE HISTORIES EXAMINED FOR VERIFICATION
The following case histories were examined to test the ability of equation (3) to predict the
observed lateral pile load vs. head displacement responses.
1. Test piles reported by Pando et al. (2006) in a sand deposit at Hampton, Virginia, U.S.
2. Test piles reported by Luff (2007) for in a loose–medium dense dune sand deposit at
Shenton Park, Perth, Australia
3. A centrifuge scale test pile reported by Ramadan et al. (2013) in dense sand at C-Core,
Canada
4. Test piles provided by Venville (2004) in a sand deposit in North Perth, Australia
Case 1 has already been examined by Suryasentana & Lehane (2014) but is included in this
paper for completeness.
3.1 Case 1: Test Piles at Hampton (Pando et al. 2006)
This case history involved full-scale lateral tests in medium dense silty sand on a prestressed
concrete (PC) pile, a plastic pile (PP) and a fibre reinforced polymer (FRP) pile. The
dimensions and flexural rigidity (EI) profile of each pile are described in detail in
Suryasentana & Lehane (2014). The test setup and qc profiles for the three piles are shown in
Figure 2; no CPT profile is available for the PP pile but this is inferred to be similar to that at
the location of the PC pile.
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Figure 2. Case 1: Test setup and qc profile
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3.2 Case 2: Test Piles at Shenton Park (Luff 2007)
This case history involved jacking apart of two circular continuous flight auger (CFA)
225mm diameter grout piles tested in a loose to medium dry dense sand. The piles were
installed at the University of Western Australia (UWA) test bed site at Shenton Park. Ground
conditions at this site are described by Li & Lehane (2008) who also report a separate
experiment (required for interpretation of a retaining wall experiment) that established the
moment curvature relationship for the piles (which had an uncracked EI value of 2420kNm2.).
The setup and qc profile at the test location are shown in Figure 3.

Figure 3. Case 2: Test setup and qc profile

3.3 Case 3: Centrifuge Piles tested at C-Core (Ramadan et al. 2013)
This case history was performed at centrifuge-scale and involved lateral loading of an
instrumented open-ended aluminium model pile in dense sand. The pile had a diameter of
18mm, wall thickness of 1.5mm and was 300mm in length. The pile was jacked into the sand
bed and tested at a centrifuge acceleration of 70g. At prototype scale, the piles are 1.4m in
outside diameter, 21m in length and have an EI of 4484 kNm2. The setup and qc profile of the
test are shown in Figure 4. A key difference between this case and the other cases examined
is that this case involved fully saturated sand while the others involved dry sand and therefore
Equation (3) requires input of the buoyant density (γ') in place of γ.

Figure 4. Case 3: Test setup and qc profile (Prototype dimensions)
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3.4 Case 4:Test Piles in North Perth (Venville 2004)
This case history is similar to Case 2 (which was also performed in Perth) except that the
sand was significantly denser and a larger CFA pile diameter of 340 mm was employed. The
two test piles were 6 m in length with an uncracked EI value of 11500 kNm2, which dropped
to 3500kNm2 upon exceeding a bending moment of 15 kNm. The setup and qc profile of the
test location are shown in Figure 5. It is noted that there was an initial “seating load” of
approximately 8kN for this test case.

Figure 5. Test setup and qc profile of Case 4

4 PREDICTED AND MEASURED PILE RESPONSES
p-y curves were derived at depth intervals of D/2 for each case history using the CPT qc
profiles shown on Figures 2 to 5. The Oasys ALP program (Oasys 2013) was used to conduct
the analyses. This program, which is similar in form to many commercially available laterally
loaded pile programs, represents the pile as a series of beam elements and the soil as a series
of non-linear, non-interacting springs located between each beam element. The derived p-y
curves were modeled by the program by ten carefully selected discrete lines that provided a
good representation of the curves.
Figure 6 compares the measured and predicted lateral load – pile head displacement
responses. The average measured load displacement response is plotted when two test piles
were employed in any given case history. It is evident that the agreement between
measurements and predictions is very good despite the relatively wide variety of pile types
and ground conditions considered. Exact agreement should not be expected given the
acknowledged limitations of the analyses of Suryasentana & Lehane (2004). For example, the
very stiff response measured in Case 2 arises due to the slightly cemented nature of this
material and the high small strain stiffness of the sand deposit relative to the qc value (Lehane
et al. 2008); this behaviour would not be captured using the H-S soil model used in the
derivation of Equation (3). In addition, some errors in predictions can be expected due to
difficulties in establishing precise EI variations during load tests on concrete piles; the
modelling of such variations in the ALP analyses required an iterative procedure.
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Figure 6. Comparison of predicted and measured responses for Case 1 to 4

5 CONCLUSION
This paper has examined a number of case histories to assess the ability of a numerically
derived CPT-based p-y formulation for piles in sand to predict lateral pile response. The
comparisons between predictions and measurements for 6 test piles at 4 sites have been
encouraging and they provide strong evidence of the potential for CPT-based method for
laterally loaded pile design. Further examinations of existing case histories will assist
refinement of the basic equation (Equation 3).
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Experimentally derived CPT-based p-y curves for soft clay
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ABSTRACT: This paper presents results from centrifuge scale lateral pile tests conducted on instrumented piles jacked into normally consolidated and lightly overconsolidated kaolin clay. These experiments allow derivation of load transfer p-y curves. The curves are then used to develop a p-y formulation, which is expressed as a function of the measured CPT qnet values, the depth and the pile diameter.
The equations provide a good match to experimental data and are also shown to be consistent with recent centrifuge tests and numerical analyses.

1

INTRODUCTION

The p-y load transfer approach is the most popular method for predicting the response of piles to lateral
load. The p-y curves recommended by the American Petroleum Institute, API (2011) are the Industry
standard and those used for soft clay are based primarily on the backanalyses from field tests performed
by Matlock (1970). Matlock’s p-y curves are related to the clay’s undrained shear strength (su) measured
in an unconfined compressive strength test. In practice, however, sample disturbance effects coupled with
factors such as the rate dependence and anisotropy of undrained strength make the selection of a su profile
difficult. Direct correlations between p-y curves and in-situ test parameters are therefore preferable.
There have been a number of proposals relating p-y curves to in-situ test parameters. For example,
Briaud et al. (1983) show that pressuremeter data correlate strongly with p-y curves. Anderson et al.
(2003) also show that both pressuremeter (and dilatometer) based correlations perform well but argue that
correlations with the CPT are less reliable.
This paper re-examines the potential of using CPT based p-y formulations for normally consolidated
and lightly overconsolidated clay. Results from lateral load tests performed on instrumented piles in the
drum centrifuge are presented and these are used to derive p-y curves for kaolin at overconsolidation ratios
(OCRs) of 1 and 2. The paper explores the relationship between these p-y curves and the measured net
cone resistances (qnet). A direct CPT-based formulation for p-y curves is proposed that fits the kaolin data
very well. This formulation, which is also shown to be generally consistent with the API (2011) recommendations, can be tested against other lateral load test data to examine its general suitability.
2

EXPERIMENTAL SETUP AND PROCEDURES

The experiments reported here are part of a wide-ranging study into the lateral behaviour of piles at the
University of Western Australia, UWA (e.g. Truong & Lehane 2014, Suryasentana & Lehane 2014). The
particular experiments reported here relate to lateral tests conducted in the drum centrifuge on open-ended
displacement piles in kaolin. A full description of the UWA drum centrifuge and its operation is provided
in Stewart et al. (1998). The first test (T1) was conducted in a normally consolidated sample of kaolin at a
centrifuge acceleration of 80g while the second test (T2) was performed at 40g with OCR=2. The length
to diameter ratio(L/D) in each test was 11.8 and piles were designed so that their capacity was controlled
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by the soil strength and not the pile bending capacity, i.e. short pile failure with near rigid rotation about a
point at depth, as described by Broms (1964).
The model pile employed was an aluminium tube with an outer diameter of 10mm and wall thickness
of 1.0mm. Electrical resistance strain gauges were spaced at intervals of about 15mm on the tension and
compression outer faces and arranged in a half bridge configuration. These gauges were protected by a
0.5mm thick epoxy coating making an effective outer pile diameter (D) of 11mm, which at prototype scale
represents 0.88m and 0.44m diameter piles at 80g and 40g respectively. The pile gauges were exercised
and then calibrated for bending moment measurement prior to centrifuge testing. Figure 1a shows the arrangement of gauges and Figure1b shows the lateral loading arrangement at the pile head.

Figure 1. (a) Schematic of centrifuge pile (unit: mm); (b) View of loading arrangement at pile head

Kaolin slurry was placed in the drum channel at a water content of 120% (twice its liquid limit) and then
allowed to consolidate at 80g for a period of about 6 days. The slurry was progressively topped up as consolidation progressed and the final consolidated sample height achieved was 165mm. Piles were installed
vertically at a rate of 1mm/s to a final embedment of 130mm and then allowed to rest for a period of at
least 4 hours to enable installation induced excess pore pressures to dissipate; this period was assessed using the procedure of Randolph (2003) to lead to at least 90% consolidation. Test T1 was then conducted
using the loading arm described by Levy (2007) to apply lateral load (see Figure 1b). The load was applied via a cubic lightweight hollow cap (push-fitted into the top of the pile) at an (undrained) rate of
0.35mm/s and at a height (e) above the soil surface of 19 mm. Loading continued until the pile head lateral displacement reached 1D. This displacement was inferred from the monitored relative rotation of the
drum’s tool table with respect to the drum channel. The second test (T2) was conducted using the same
procedure after reducing the centrifuge acceleration to 40g and allowing a period of 2 days for effective
stresses to equalize.
Cone Penetration Tests (CPTs) were performed just prior to and after each test (T1 and T2) using a
6mm diameter cone; the UWA centrifuge piezocone was not available at the time of testing. The profiles
of net cone penetration resistance (qnet) measured in these tests (assuming an average kaolin unit weight of
16.5 kN/m3) are plotted on Figure 2. Although some irregularity is evident (possibly reflecting the sample
top-up history), it is seen that qnet can generally be assumed to increase linearly with depth at a rate (kc) of
19.6 kPa/m and 30.3 kPa/m at OCR=1 and 2 respectively.
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Figure 2. CPT qnet profiles at OCR=1 and OCR=2

3

EXPERIMENTAL RESULTS

The lateral load (H) vs. pile head displacement (yh) responses measured in Tests T1 and T2 (and converted
to prototype units) are shown on Figure 3a. As expected, the lateral pile capacity at 80g is significantly
higher than that at 40g. The observed responses are presented in an alternative form on Figure 3b by normalising H by kcD3 and yh by D. This normalized form of presentation shows that the lateral capacity is
fully mobilized at y/D = 0.5 and that this capacity varies directly with kcD3. The latter observation is consistent with the work of Broms (1964) for short piles (for which capacity is a function of L/D), where
strength increases linearly with depth. Hence, the normalised capacity (H/kcD3) of 16 is only applicable to
the particular length to diameter ratio examined (L/D = 11.8).
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Figure 3. Lateral load test results of T1 and T2 in (a) prototype units and (b) normalized form

The development of bending moment in the piles during the two tests (using equivalent prototype units) is
presented on Figure 4. It is seen that the maximum moments occur at a depth below ground level of about
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6D (5.2m in T1 and 2.6m in T2). This depth is typical of piles in soft clay but significantly greater than
usually observed for piles in sand or stiff clay.
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Figure 4. Bending moment profiles measured in tests T1 and T2

Best estimate moment variations with depth (z) below the level of the applied load were fitted to the
measured moments using the following relationship form (where a0, a1, a2…ai are the best fit coefficients):
ଵ

( = ܯ1 − ೌబାଵ)(ܽଵ + ܽଶݖ+ ܽଷݖଶ + ܽସݖଷ+ܽହݖସ+… … ܽݖ)

(1)

These best-fit profiles are shown together with the measured M data on Figure 4. The net stress per metre
run on each pile (p) at any depth, z, was then obtained by double differentiation of Equation (1). The net
pressure, P, is obtained by dividing the net stress by the pile diameter. The displacements (y) at the corresponding depth and level of applied load were determined by double integration of Equation (1). The constants of integration were determined from the measured pile head movement (yh) at z = 0 and assuming
that the pile rotated as a rigid body about a point at depth where the net stress (p) equated zero.
The P-y curves derived in this manner are presented on Figure 5 for the two overconsolidation ratios
considered. It is apparent that, although piles were brought to ultimate failure, full ultimate pressures were
not developed in close proximity to the point of rotation, which occurred at a depth of about 9.0D. Net
pressures estimated at very shallow depths are more approximate in view of their very low values (e.g.
less than 3 kPa) and hence their higher sensitivity to the fitted M profile.
The data on Figure 5 are re-plotted on Figure 6 with P values normalized by the CPT qnet value at the
corresponding depth and lateral displacements normalized by the pile diameter. It is interesting to note
that in deeper soil horizons and at both OCRs, where the flow around mechanism dominates, ultimate P
values are almost identical in value to qnet. P/qnet values decrease progressively below unity as z/D reduces
below about 3 where the proximity of the soil surface has an increasing influence on the failure mechanism.
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Figure 7. Experimental Npq factors compared with Equation (2)

The ratio of the net ultimate pressure Pu to qnet is referred to here as a bearing factor, Npq. The variations of
these backfigured Npq values with z/D are plotted for both OCRs investigated on Figure 7. Withstanding
some discrepancies at very low z/D values (for the reasons discussed earlier), good agreement between
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both sets of Npq vs. z/D trends is evident. The following simple relationship is plotted on Figure 7 and seen
to provide a reasonable match to the data:

ܰ =

ೠ



௭

= 0.2 + ݊ܽݐℎ ቂ0.3 ቀ ቁቃ

(2)



Figure 8 presents another set of normalized curves for tests T1 and T2. The net pressure (P) in this instance is normalized by the ultimate pressure Pu. A comparison of these figures indicates that the curves
for OCR=1 are closely comparable to those for OCR=2 (especially at depths greater than about 3D where
exact agreement is evident). Such agreement is consistent with that seen on Figure 3b. The following
equation, which is similar to the hyperbolic tangent form employed for stiff clay by O'Neill et al. (1990) is
seen on Figure 8 to provide a good fit to the normalised curves:
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Equations (2) and (3) provide a simple means of constructing p-y curves for use in a load transfer analysis
and only require input of the qnet profile at the pile location.
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Figure 8. Comparison of Equation (3) with normalized P/Pu vs. y/D data in tests T1 and T2

A check on the accuracy of the procedures used in the derivation of Equations (2) and (3) was made by
inputting the p-y curves derived using these equations into a standard load transfer program (ALP,
OASYS 2013); this program, as with many commercially available pile lateral loading programs, models
the pile as a series of beam elements and the soil as a series of non-interacting, non-linear p-y springs. The
ALP predictions were found to match the measured H-yh variations (Figure 3) perfectly.
4

COMPARISON WITH PREVIOUS RESEARCH AND API (2011)

The Npq bearing factor deduced from the centrifuge tests (Equation 2) can be compared with the more
conventional bearing factor, Np, which is used for lateral pile design in clay and relates the ultimate net
pressure with the undrained strength (su). The conventional bearing factor is given as the product of the
cone factor, Nkt, and inferred bearing factor Npq:
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ܰ =

ೠ
௦ೠ

= ܰܰ௧

where

ݏ௨ =



(4)

ே ೖ

Equation (4) is compared, on Figure 9, with Finite Element predictions for Np presented by Jeanjean
(2009), and with Np deduced by Jeanjean (2009) from similar centrifuge lateral pile tests conducted in
normally consolidated kaolin. Good general agreement is observed assuming a typical Nkt value of 12.
There are, however, some notable differences at z/D <2 and it is not clear at present whether such differences are real or arise due to errors associated with the estimation of (very low) net pressures at shallow
depths. It is also noteworthy that the maximum Np value recommended by API (2011) depth is only 9 and
significantly lower than indicated on Figure 9.
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Figure 9. Measured and predicted variations of Np with z/D
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Figure 10. Comparison of Equation (3) with API (2011)

The P/Pu vs. y/D variation recommended by API (2011) is compared on Figure 10 with the curve given by
Equation (3b) for z/D ≥ 3. Reasonably good agreement is observed provided that the API (2011) εc parameter is specified as 0.0075. The εc parameter is defined in API (2011) as the strain at one-half the maximum stress for an undrained triaxial compressive strength test and the value of 0.0075 is equivalent to a
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rigidity index (Ir) of about 135. The εc value of 0.02 recommended by Sullivan et al. (1980) for soft clay
clearly leads to a much softer response than observed.
5

CONCLUSIONS

The instrumented lateral load tests conducted in the centrifuge in kaolin with OCR=1 and OCR=2 have allowed derivation of a CPT based p-y formulation which is in good agreement with the centrifuge observations and also with previous centrifuge tests and numerical analysis. Testing of the applicability of the
formulation against other case histories would help to refine the proposed approach and move the geotechnical profession towards the use of a direct CPT-based design method for laterally loaded piles in
clay.
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ABSTRACT: Cone Penetrometers are good tools for delineating subsurface zones where the soil differs substantially in strength and/or compressibility characteristics from the surrounding soil. The most likely impact of such a
localized subsurface anomaly is differential settlement of the overlying fill. If the fill contains one or more utility
lines, as is common in fills built up over a number of years, these lines may suffer structural distress from differential settlement. In such situations, it becomes important to rapidly map the areal and vertical extent of the subsurface anomaly, and to determine its strength and compressibility characteristics so that mitigation measures may be
devised. CPT provides a fast, accurate, and relatively inexpensive way to map and characterize the anomalous subsurface zone in such situations. This assertion is illustrated using a case study from a canyon fill site on the Santa
Barbara coast in Southern California.

1 INTRODUCTION
Characterization of localized subsurface anomalies under deep fills is a difficult proposition. “Localized anomaly”
here means a zone of subsurface soil that differs substantially in strength and/or compressibility characteristics
from the surrounding soils. The most likely impact of a localized anomaly in the subsurface is differential settlement. If the fill contains one or more utility lines, as is common in fills built up over a number of years, these
lines may suffer structural distress from differential settlement. In such situations, it is important to rapidly map
the areal and vertical extent of the subsurface anomaly, and determine its strength and compressibility characteristics so that mitigation measures may be devised.
The use of a drilling rig to bore and sample is time consuming and accelerating a schedule can quickly become
very expensive, particularly when one is conducting what amounts to a hunt-and-peck search in the deep subsurface for a zone whose areal and vertical extent is unknown. In such a situation, the CPT provides a fast, accurate,
and relatively inexpensive alternative. Cone Penetration Testing (CPT) provides near-continuous subsurface data,
and this data can be interpreted in real-time to provide reliable information on soil behavior type and soil strength
parameters.
We illustrate the above assertion using a case study from a canyon fill site in Southern California.

2 CASE STUDY
2.1 Description of structure of concern and its physical setting
The Tajiguas Landfill is located in Santa Barbara County, immediately north of the Pacific Coast Highway
(US-101/SR-1), approximately 45 km (≈ 28 miles) west of the City of Santa Barbara. Figure 1
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Figure 1. Site location map, Tajiguas Landfill, Santa Barbara County, California

shows the location of the site. The landfill lies entirely within the Canada de la Pila, a small coastal canyon on the
southern flank of the Santa Ynez mountains.
The Tajiguas landfill has been owned and operated by the Santa Barbara County Public Works Department,
Resource Recovery & Waste Management Division (hereinafter “County”) since its opening in 1967. The landfill
is a Class III waste management facility which accepts municipal nonhazardous solid waste and is the primary
disposal site for southern Santa Barbara County. Available information indicates that the landfill also accepted
partially dried, dewatered sludge from treatment and sewage treatment plants at least until 1994 (Emcon, 1994).
Starting in April 2005, a deep fill was placed in a canyon to the southwest of the main cell of the Tajiguas
Landfill in Santa Barbara County to create a level pad for the landfill operations center. This pad is also referred
to as the “380 deck” in County documents and by the operations staff. A 1.22 m (48 inch) diameter HDPE storm
drain pipeline (hereinafter “2005 SD”) was installed near the bottom of the fill. The elevation of the 2005 SD invert was approximately 97.5 m (320 feet) above mean sea level (MSL) at the pipeline’s north end, to approximately 85.3 m (280 feet) above MSL at the pipeline’s south end. Although the whole length of the 2005 SD pipe
was placed in a trench and backfilled with slurry cement, no as-built plans are available and so it was not possible
to determine the dimensions of the pipe trench (CSBPWD, 2010).
Immediately after completion of the pipe trench, approximately 610 mm (2 feet) of soil fill was placed above
the pipe everywhere except near its north end, where about 6.1 m (20 feet) of fill was placed. Over the next four
years, fill was placed in two operations with an initial fill of about 3.66 m (12 feet) in 2006, using what is called
“sand hill” material compacted to 93 percent of maximum dry density, and then the remainder of the fill about two
years later, bringing the elevation up to about 115.8 m (380 feet) above MSL, providing the now existing approximately level pad for the landfill operations center. The final thickness of the fill material overlying the 2005 SD
varies from approximately 13.7 to 19.8 m (45 to 65 feet above the pipeline crown.
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The detention basin where the existing inlet structure to the 2005 SD existed at the time of this investigation
was to be filled over time to increase the ground surface elevation. By late 2010, the County planned to fill this
basin to an elevation of 105 m (345 feet) above MSL. Full build out of the detention basin was planned to bring
its surface level up to an elevation of 114 m (374 feet) above MSL over the next five to ten years. This ultimate
build out height of the detention basin and landfill was known at the time of pipeline design and construction in
2005.
A separate 1.22 m (48 inch) diameter HDPE storm drain was installed by the County in 2006 (hereinafter
“2006 SD”) in a similar alignment to the subject pipeline, but at a higher elevation. Multiple other utility lines
were installed as the deep fill was built up.
Figure 2 is a sketch prepared by the County prior to the discussed investigation, showing the locations of the
two pipelines and various ground levels mentioned above.

380 deck

Figure 2. Existing structures and existing and planned ground levels – cross-section along 2005 SD alignment

The 2005 SD only receives water from the detention basin, and typically water only flows in the pipe during
the rainy season. At the time of the subsurface investigation described in this paper, the inlet to the 2006 SD was
above the water surface level of the existing detention basin and thus could not be used for drainage. However,
once the basin reaches full build-out height, in five to ten years from 2010, the 2006 SD will be capable of discharging the anticipated design flows by itself, and the lower subject pipeline, 2005 SD, can then be abandoned
properly.

2.2 Distress and need for rapid subsurface assessment
Some evidence of settlement at the surface of the operations center pad became visible in mid 2009. About the
same time, scheduled periodic inspections of the interior of the 2005 SD revealed structural damage and joint separations along approximately 90 m (300 feet) of its length. See Figure 2 above for the location of the distressed
section.
Abandoning the 2005 SD was not an option because, as described above, the new 2006 SD could not be used
for drainage until the detention basin reached full build-out height sometime after 2015.
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Of the two feasible repair options for the 2005 SD – spot repair to improve the damaged section and temporarily increase lifespan, or full rehabilitation as needed to maintain a full working lifespan along the entire length,
the County chose the latter as its goal.
Based on the above, the County sought a pipeline rehabilitation method to be implemented to provide an additional ten (10) years of life to the 2005 SD. But before a rehabilitation method could be selected, the County
needed to make a rapid estimate of where and why the settlement was occurring in order to assess its available
remediation options.
An additional concern was that if the settlement was extensive and continuing, the 2006 SD may also suffer
damage.
As discussed in the next section, an assessment based on available information indicated that the pipeline distress was most likely a result of settlements in the subgrade soils underlying the 2005 SD. The investigation discussed in this paper was primarily designed to investigate these subgrade soils.
The geotechnical consultants (Willdan) proposed conducting a subsurface investigation to assess the condition
and behavior of subsurface materials through the depth of the existing soils over and just under the 2005 SD. This
approach was recommended for two reasons. First, to draw reliable inferences about the comparative strength /
compressibility characteristics of the soil under and around the distressed segment of the 2005 SD, and second, to
assess the impact of potential settlements of the overlying fill on the 2006 SD pipeline.

2.3 Review of existing data
Review of available historic data, including geotechnical assessments conducted before installation of the 2005
SD and during placement of the fill (Geologic 2007), indicated that a wedge of landfill waste mixed with clays
was in close proximity to the approximate mid-point of the distressed section of 2005 SD Waste was also unexpectedly encountered during trenching for the pipe. But neither of these could be confirmed from the available
boring data.
Settlement records from monuments on the operations center deck were also examined, as were logs of borings drilled prior to construction of the 2005 pipeline, and as-built and other drawings related to the 2005 SD as
well as the currently unused 2006 SD installed at a higher elevation.
An evaluation of the above information indicated that the pipeline distress was most likely a result of settlements in a limited zone of the subgrade soils underlying 2005 SD. The investigation discussed in this paper was
primarily designed to investigate these subgrade soils.

2.4 Field data collection
CPT was selected as the best available option to meet the site constraints as well as the owner’s budgetary and
time limitations. The site constraints included relatively tight access to the vicinity of the 2005 SD alignment because of existing structures on the 380 deck, and the need to avoid any disruption of landfill operations because of
movement of heavy equipment across the 380 deck. The time constraint was the County’s need to have a rapid assessment done as discussed above. The budgetary constraint was the limited funds available to the County for assessment and remediation of the problems with the 2005 SD.
Nineteen (19) CPT soundings were advanced in an approximate zig-zag pattern to bracket the 2005 SD. Approximate plan locations of the soundings are shown on Figure 3. The soundings were advanced to depths up to
27.4 m (90 feet) below existing ground, with most soundings penetrating 3 to 9 m (10 to 30 feet) below the 2005
SD invert. Field work was completed in less than a week.
The CPT soundings were advanced using a 24-ton truck-mounted CPT rig. As the CPT probe was hydraulically pushed into the ground, the soil bearing resistance acting on the probe’s conical tip, Qc, and the frictional re1032

sistance sensed along the cylindrical probe sleeve were recorded. All measurements were monitored with depth,
transmitted as electrical signals from the strain-gauged load cells inside the probe to a PC-based data acquisition
system mounted inside the rig, and recorded at 50-mm (2-inch) intervals.
Pore water pressure measurements were also recorded in select soundings. Pore pressure measurements coupled with excess pore pressure dissipation monitoring allowed confirmation of the material type being penetrated.
Seismic shear wave velocity measurements were recorded in two (2) soundings, CPT-13R and CPT-18R.
These were used to confirm the density changes in the material being penetrated.
As each sounding was advanced, the real-time data log was closely monitored to make sure that the cone and
rod string did not punch through any of the relatively shallow buried utilities, the 2006 SD, or the 2005 SD itself.
Since the particular zone of interest was the volume of subgrade soils surrounding the distressed length of the
2005 SD, the cone penetration deflection angle was also monitored continually to ensure that the lateral travel of
the cone was kept to a minimum. Whenever the cone angle went past a pre-set limit, the penetration was temporarily stopped, the rod string pulled back a few inches, and the rods rotated to ‘neutralize’ the lateral movement.
Upon completion of each sounding, the probe was withdrawn and the hole backfilled with bentonite pellets.
Surfaces in pavement areas were repaired using cold-patch asphalt.
The CPT soundings were performed in accordance with ASTM D-5778. The recorded resistance values and
pore pressures were used to derive the stratigraphy and selected geotechnical parameters of the subsurface materials that the CPT probe passed through.
Gradation tests were performed on two (2) soil samples collected from soundings selected at random. The soil
samples were obtained using a direct-push soil advanced by the CPT rig. Gradation testing was conducted in general accordance with American Society for Testing of Materials (ASTM) Standard D-422-63. The gradation data
were in accord with the interpreted soil type at the specific locations.

2.5 Assessment of existing subgrade soils underlying the distressed segment of 2005 SD
CPT data was used to create a 3-dimensional map of the subsurface material underlying the distressed segment of
2005 SD. A zone of relatively compressible soils in the approximate shape of an elongated bowl was identified,
primarily by the abrupt change in resistance to cone penetration. Figure 4 shows selected CPT tip and sleeve data
along a cross-section along the 2005 SD alignment. Figure 4 also shows the interpreted vertical thickness of the
weaker/more compressible zone along the centerline of 2005 SD.
The weaker zone was seen most clearly in the CPT soundings conducted from Station 200 to Station 500, as
shown on Figure 4. The data show that the resistance to penetration of the soils changes abruptly at approximately
the elevation of the 2005 SD pipeline. This abrupt transition is most evident in CPT soundings 7 through 10, advanced approximately along the middle-third of the distressed segment of the 2005 SD pipeline.
The thickest part of the weaker zone, between CPT soundings 6 and 7, roughly corresponds to the area where
landfill waste mixed with clay was found during an earlier investigation (GeoLogic 2004), and where waste was
again encountered during installation of the 2005 SD pipeline (CSBPWD 2010). This area was considered as
being the most compressible section of the weaker zone and likely the zone contributing the most to the
differential settlement being observed. It is likely that the landfill waste in this zone contains substantial amounts
of the partially dried, dewatered sludge from treatment and sewage treatment plants which was accepted at the
Tajiguas landfill at least until 1994 (Emcon, 1994).
The equivalent SPT N-value, interpreted from the measured CPT data, is an indicator of the in-situ density/consistency and shear strength of the soils being penetrated (Douglas & Olsen 1981, Robertson & Campanella
1983a, b). The soils in the 2005 SD subgrade have an average N-value between 15 and 30 blows per foot, compared to an average N-value of greater than 50 for the compacted fill placed since 2005. Based on the interpreted
Soil Behavior Type and N-values, the 2005 SD subgrade can best be characterized as a lean clay with medium
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stiff consistency, and the compacted fill above the 2005 SD pipeline can best be characterized as a silty/sandy clay
with a very stiff to hard consistency.

2.6 Recommendations made to County for remediation options
The geotechnical consultants (Willdan) recommended that the County remediate the weaker/more compressible
zone by increasing its in-situ density through injection of a high-viscosity grout. Densification would effectively
also increase the available shear strength, thus reducing the potential for further settlement under the 2005 SD.
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Figure 3. Site Plan including subsurface investigation locations
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Figure 4. Subsurface profile along 2005 SD alignment
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Densification was recommend for an approximately 1,400 cubic meter volume of the weaker zone – a 3.3 m
wide strip, centered along the 2005 SD pipe, with the vertical and longitudinal extent as shown on Figure 4. The
proposed densification should be to a degree such that the post-remediation average SPT N-value is at least 50
blows per foot. Analysis indicates that this degree of compaction would require an average of 20% increase in insitu density of the weaker zone – requiring that approximately 230 cubic meters of grout be injected into the
weaker zone.
Due to the low permeability of the clayey soils in the weaker/more compressible zone, rapid injection of a high
viscosity grout may cause a substantial rise in pore pressure, resulting in increased vertical and lateral stresses on
the 2005 SD pipeline. As such, it was recommended that the movement of the pipe must be monitored during
grouting operations, and grouting pressure and speed of injection carefully controlled to minimize the potential
for damage to the pipe.
The County accepted the recommendations above, but due to the unexpectedly high cost estimates provided by
contractors for densification through grout injection, the County decided to look at alternate options which included pipe rehabilitation methods such as cured In Place Pipe (CIPP) and segmental slip-lining, both of which
would reduce the internal diameter of the 2005 SD, but may still provide enough capacity to carry the expected
seasonal flows for the next few years.

3 CONCLUDING REMARKS
The work presented here illustrates that CPT is a very useful tool in situations where one needs to rapidly locate
and characterize zones of soils buried at a relatively substantial depth in the subsurface, particularly in situations
where working space is tight because of multiple underground utility lines, including large diameter storm.
About 366 lineal meters of CPT soundings – twenty-four (24) soundings at nineteen (19) locations – were advanced and logged in less than three (3) days. Based on the author’s and his co-workers’ several decades of geotechnical subsurface investigation experience, an equivalent number and depth of soil borings drilled using augers would have required a minimum of eight to ten (8-10) days of field work followed by a week or two of
laboratory testing and data interpretation. And this extensive drilling, logging, sampling, and testing effort would
still have been unlikely to provide the detailed subsurface profiling needed to determine the anomalous zone of
weaker/more compressible soil, illustrated in Figure 4.
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CPT at a liquefaction affected site through the Canterbury earthquake
series
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ABSTRACT: The recent Canterbury earthquake series caused consequential liquefaction and ground settlement between September 2010 and December 2011. Six CPT were carried out at a site where liquefaction effects and settlements were observed through the earthquake series. Comparison of depths to marker
layers in the CPT traces and calculated volumetric densification settlements do not show any apparent correlation. The total measured settlements were generally lower than the calculated settlements, indicating
that the published correlations may over-predict settlements due to repeated liquefaction in these ground
conditions. The CPT tip resistances did not typically change, despite the observed settlement and densification at the site.

1 INTRODUCTION AND BACKGROUND
A series of earthquakes has affected the Canterbury region of New Zealand following a major earthquake
on 04 September 2010. The earthquake series has caused widespread liquefaction, lateral spreading and
ground surface subsidence as well as shaking related damage. This paper compares calculated and measured liquefaction related settlement effects in field CPT records and considers changes to CPT traces
through the series.
Ground subsidence has caused a number of adverse effects including increases in vulnerability to the
liquefaction hazard, increased risk of flooding, ponding and damage to gravity drainage systems. Changes
to the liquefaction vulnerability at sites were reported by Tonkin & Taylor (2011), and this report uses information and methods presented in that document. The 2011 report’s implementation of the Idriss &
Boulanger (2008) liquefaction triggering method combined with the Zhang et al. (2002) volumetric densification calculations are used in this paper.
This paper compares calculated and measured settlements in layers at a site affected by liquefaction,
ground damage and subsidence where liquefaction was observed to occur on multiple occasions. Liquefaction can cause ground subsidence due to ejection of material to the ground surface, volumetric densification of ground or by lateral spreading. The calculated volumetric densification strains are compared
with those measured in CPT traces. This provides a case study on application of the volumetric densification method to field data affected by real earthquakes.
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2 THE SITE, INVESTIGATIONS AND GEOLOGICAL CONDITIONS
The subject site is located at the northern end of Kingsford Street, Burwood, Christchurch and shown in
Figure 1. The area is generally low lying and the CPT’s were pushed on the inside bend of the horseshoe
lake that gives the area its name. The area was affected by liquefaction in the September 2010 earthquake,
with extensive liquefaction ejecta observed at the surface and lateral spreading cracks of up to 50 mm
wide identified (Tonkin & Taylor, 2011).

Figure 1- Site location plan and BH/CPT locations

Following the 04 September 2010 earthquake, the Earthquake Commission undertook site investigations comprising CPT and boreholes in areas severely affected by liquefaction and the first CPT (identified as CPT-BUR-18 or CPT_280) was pushed as part of this. Supplementary CPT were pushed at the
same location (typically within a metre of the original CPT) through the earthquake series to track possible changes in the nature of the subsurface materials. The CPT’s pushed are summarised in Table 1 below, with the number of days since the last major earthquake. The dates of earthquakes are summarised in
Table 2.
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Table 1 – Summary of CPT tests
Date
09/11/2010
28/02/2011
09/03/2011 13:23
09/03/2011 14:50
15/06/2011
06/11/2012

Maximum Depth
[m]
20.84
26.29
25.46
25.75
11.36
20.00

CPT Operator

CPT ID

Opus
McMillan
McMillan
McMillan
McMillan
McMillan

CPT-BUR-18
CPT-BUR-18a
CPT-BUR-18b
CPT-BUR-18c
CPT-BUR-18d
CPT-BUR-18e

Days since major
earthquake
5
6
15
15
2
146

A borehole, BH BUR-04, was drilled adjacent to the CPT locations on 14 January 2011. The borehole extended to 20 m below ground level and logged fine sand extending from the surface to around 7 m depth,
with fine to coarse dense sands beneath this. Laboratory testing in this material showed fines content of
less than 5%.
The volumetric densification method presented by Zhang et al. (2002) requires the inputs of a normalised CPT tip resistance, and a ‘factor of safety’ against liquefaction. The method used is presented in the
liquefaction vulnerability study (Tonkin & Taylor, 2011), with earthquake specific inputs summarised in
Table 2 below.
Table 2 – Summary of design inputs for liquefaction triggering and densification calculation
Earthquake date

PGA
[proportion of g]

Mw
[Magnitude]

22 February 2011
13 June 2011
23 December 2011

0.3402
0.2070
0.2825

6.2
6.2
6.1

Groundwater level
[m below ground level]
1.7
1.2
1.0

CPT Analysed

CPT_280
CPT_29076
CPT_29071

3 CPT DATA AND LIQUEFACTION TRIGGERING
The available CPT traces considered in this paper are presented in Figure 2. They show that the recorded
raw tip resistances generally do not change through the earthquakes, despite liquefaction being observed
on a number of occasions. The last CPT (November 2012) varied from this pattern by having consistently
higher tip resistances in the upper 7 m of material. Beneath 7 m, where little to no liquefaction is likely to
have occurred, the tip resistances were similar through the series. The depth to the dense sand layer typically reduces through the earthquake series, from 7.49 m in November 2010 to 7.21 m in November 2012,
a total change of 280 mm. The depth to this layer increased by 70 mm in the two CPT pushed on 9 March
2011, and 30 mm between June 2011 and November 2012. These depth changes are interpreted as indicative of natural variation in the top of the dense sand layer, noting that CPT could be up to 2 m from each
other. The accuracy of the depth measurements, both from the ground surface and due to inclination can
also cause apparent changes in layer depths.
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Figure 2 – Tip resistances of all CPT traces
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4 VOLUMETRIC DENSIFICATION AND GROUND SUBSIDENCE
Post-liquefaction volumetric densification of material is a phenomenon that has been considered by a
number of authors since the 1970’s. Ishihara and Yoshimine (1992) published correlations between the
initial relative density and factor of safety against liquefaction with volumetric densification strains.
These correlations were based on laboratory tests of clean river sands and included a relationship between
relative density and CPT or SPT test results. Zhang et al. (2002) reconsidered the data using a different
CPT normalisation technique and presented a revised set of correlations that have been used in this paper.
Idriss and Boulanger (2008) note that a number of studies have shown good correlations between calculated and predicted volumetric densification settlements.
LiDAR survey records and site observations confirm that the site has both experienced liquefaction and
settled during the earthquake sequence. This settlement is attributed to a combination of volumetric densification settlement and the ejection and subsequent removal of liquefied material to the ground surface.
Lateral spreading can also cause settlement to occur in the upper materials.
To assess the settlement in the ground, the CPT tip resistance traces have been inspected to identify
markers within the profile that can be used to delineate layers. Layers are defined here as being material
located between characteristic shapes of tip resistance that are present through the CPT sequence. The
location of the identified markers and layers are presented on Figure 3, with each CPT trace offset from
the previous one to show the progression through the sequence. The layer thicknesses are calculated for
each CPT, and the change in thickness through the series is presented on Figure 4. These are referred to
as the measured (or inferred) settlements.
The calculated volumetric densification strains for comparison with the measured values have been analysed based on the method and correlations presented by Zhang et al. (2002) to produce profiles of postliquefaction volumetric densification strain with depth. Seismic loading and depth to groundwater inputs
for the triggering analysis are based on the CGD data (Section 3). The calculated strain profiles are integrated through each layer to generate a calculated settlement in each layer. These are compared with the
measured settlements on a layer by layer basis. A check on the results has been carried out using the Robertson & Wride (1998) triggering method. This produced broadly similar results, which are not explicitly
reported here.
The analyses presented here have inherent limitations, including possible inherent inaccuracies in the
input parameters, liquefaction triggering analysis and natural variability of the soil profile. The analyses
use groundwater conditions and seismic loading based on interpolated data, which may vary from the actual field conditions. Liquefaction triggering analyses are probabilistic, and the liquefaction of layers
within the soil profile may alter the subsequent liquefaction potential of other layers. The CPT data used
were pushed within 2 m of each other, but there is still the potential for natural variability of alluvial deposits, both in depth and cone resistance.
Finally, we note that no CPT is available at the site prior to the 04 September 2010 earthquake. The
CPT considered in the analysis have therefore been pushed in material that has recently liquefied. Liquefaction triggering analyses do not generally consider this to have any significant difference on the susceptibility to liquefaction, but the authors are not aware of any commentary relating to the effect of repeated
liquefaction on densification correlations.
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Figure 3 – Marker layers used in the analyses
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5 DISCUSSION OF MEASURED AND CALCULATED SETTLEMENTS
The measured (or inferred) and calculated settlements for two datasets comprising total settlement above
the dense sand and layers within the CPT (in the upper 7m) are presented on Figure 4. An inspection of
the data shows that there is substantial scatter in the layer dataset, with no consistent trends identified.
Measured layer thicknesses appear to both expand and settle, while the calculated settlements calculate
only settlement.
An inspection of Figure 3 does not show any correlation between changes in layer thickness and
depth. Layer 1 reduced in thickness the most, from 2.0 m to less than 1.2 m, while layers 5 and 10 reduced in thickness noticeably through the CPT sequence. Layers 3 and 8 appear to expand through the
earthquakes, although the authors are not aware of liquefaction related mechanisms whereby layers will
increase in thickness. The data may therefore be misleading, or the expansion phenomenon could tentatively be explained by a hypothesis whereby liquefied material moves from one layer to another through
the liquefaction sequence. The authors are not aware of other instances where this has occurred, and do
not draw conclusions relating to this at present. This apparent phenomenon may warrant further study in
the future.

Figure 4 – Calculated and measured strain deformations
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The total settlements presented for the three earthquakes showed that the measured settlement was on average 61% of the calculated settlement. However, the measured settlements were larger than the calculated in the June 2011 earthquake. Liquefaction settlement was not analysed in other earthquakes or CPT
traces, despite field observations that liquefaction had occurred. For the three earthquakes modelled, 510
mm of settlement was calculated, compared to a total measured settlement of 280 mm through the series.
The calculated liquefaction correlations do not consider the ejection of liquefied material, and therefore
overpredict volumetric densification at this site for repeated liquefaction through the earthquake series.
6 SUMMARY AND CONCLUSIONS
This paper has compared the calculated volumetric densification settlements using the triggering method
of Idriss and Boulanger (2008) combined with Zhang et al. (2002), with the settlements inferred in layers
identified by marker shapes in the CPT traces. The comparison did not show any clear correlations between the calculated and measures (inferred) settlements. The measured settlements showed that some
layers appeared to increase in thickness through the earthquake series, but no mechanism for this unusual
behaviour has been identified. The depth to a dense layer of sand typically reduced through the CPT,
showing settlement behaviour that was consistent with the surveyed settlement of the ground surface. The
CPT tip resistances generally did not change through the earthquake series, despite settlements being observed and recorded at the site and in the CPT traces. For the three earthquakes analysed, the recorded total settlements at the site were around 60% of those calculated. This may indicate that the settlement correlations overpredict settlements for repeated liquefaction at sites through an earthquake series.
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embankments using CPT
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ABSTRACT: The paper illustrates an innovative method to evaluate the degree of compaction of both
existing and new river embankments after their completion. A tip resistance target - profile is inferred
from laboratory tests in a mini calibration chamber (CC) using a mini CPT. The “laboratory” tip resistance (qcLAB) is expressed as a function of the expected density and of the vertical – horizontal stress
components. Such a dependence of qcLAB is obtained carrying out a number of repeated tests in the CC at
given density and different consolidation stresses. In situ stresses are inferred by combining DMT results
and an estimate of the vertical stress component. A comparison between the qcLAB profile, from CC testing, and the qc, as inferred from in situ CPT, gives the possibility of assessing the density of existing embankments, while, for new embankments, the method defines the expected in situ qc for a given target
density. This method has been successfully used in some case histories (already published data). The paper, after the description of the method, focuses on the effects of stresses on the tip resistance in the case
of dry sand and partially saturated fine soil. Eventually, a correlation is attempted between the tip resistance and the dynamic modulus (Ed) as inferred from LFWD. Indeed LFWD could be a useful and expeditious tool for controlling the degree of compaction during the construction stage.

1 INTRODUCTION
Conventional tests to check the degree of compaction of soils (e.g. in situ density tests, plate load tests,
etc.) are time consuming. In addition, these tests give information only about the shallower layer and
hence are not suitable in the case of existing embankments. This paper illustrates an innovative method
to evaluate the degree of compaction of both existing and new river embankments (fine grained soils) after their compaction, by using laboratory and in situ testing.
More specifically, a cone penetration test (CPT) tip resistance target profile is inferred from laboratory tests in a mini calibration chamber (CC) using a mini CPT (8 mm in diameter). The “laboratory” tip
resistance (qcLAB) is expressed as a function of the expected density and of the vertical and horizontal
stress components. Such a dependence of qcLAB is obtained carrying out a number of repeated tests in the
CC at given density and different consolidation stresses. In situ stresses are inferred by combining Flat
Plate Dilatometer (DMT) results and an estimate of the vertical stress component. The DMT can give an
indication about the coefficient of earth pressure at rest (Ko) as a function of the lateral stress index (Kd).
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A comparison between the qcLAB profile, from CC testing, and the qc, as inferred from in situ CPT, gives
the possibility of assessing the density of existing embankments. As for new embankments, the method
defines the expected in situ qc for a given target density.
Obviously, the method reliability is based on a correct estimate of both in situ and laboratory stresses
within the embankment and the mini calibration chamber. In the case of partially saturated soils, a correct estimate of effective stresses in situ and laboratory, requires a knowledge of soil suction. This information can be inferred both indirectly from moisture content and grain size characteristics or directly
measured in situ or in the laboratory by means of appropriate measuring methods.
The proposed method has been successfully used in some case histories (already published data). The
paper, after the description of the method, focuses on the effects of stresses on the tip resistance in the
case of dry sand and partially saturated fine soil.
2 METHODOLOGY
The proposed methodology has been studied for some time at the University of Pisa (Squeglia and Lo
Presti, 2009)). The methodology was positively evaluated at a river embankment constructed using
compacted fine-grained soils. The practical application of the method gave a verification of the correctness of the hypotheses. In fact, undisturbed samples, retrieved with different methods at the river embankment, were used to have a direct evaluation of the soil density in situ (Squeglia & Lo Presti, 2009).
Over time, the equipment has been modified because the investigations have outlined the boundary conditions importance on the measured tip resistance. Therefore, this paper presents the state of progress.
The tip resistance target profile is inferred from laboratory tests in a mini calibration chamber (CC)
using a mini CPT. The CC used for this study has been developed by the Geotechnical Laboratory of the
University of Pisa in partnership with Pagani Geotechnical Equipment. The CC has a diameter of 320
mm and a height of 210 mm. The top boundary of the CC is rigid while both the lateral and the bottom
boundaries of the CC are flexible. The lateral wall and the bottom of the chamber are provided with latex membranes. These membranes allow the independent application of horizontal and vertical stresses
through a compressed air system. All the possible chamber boundary conditions, BC1, BC2, BC3 and
BC4, can be applied.
The four types of boundary conditions distinguish themselves for stress or displacement boundary
condition imposition on the top, bottom and circumferential surfaces of the sample:
- BC1 corresponds to a constant stress during cone penetration both on the lateral and on the top and
bottom boundary;
- BC2 corresponds to impeded lateral displacement and impeded displacement on the top and the
bottom of the sample during cone penetration;
- BC3 corresponds to impeded lateral displacement and constant stress on the top and the bottom of
the sample during cone penetration;
- BC4 corresponds to a constant stress on the lateral boundary and impeded displacement on the top
and the bottom of the sample during cone penetration.
The mini CPT is similar to the standard cone penetrometer that has a 35.7-mm diameter (60º conical
tip) but it has a cone diameter of 8 mm. CPT tests in the CC are conducted at the standard rate of 20
mm/s. A load cell (external to the cone) is used to register the axial force at the front of the penetrometer. The tests are performed along the axis of the sample.
The ratio D of chamber diameter (DC) to cone diameter (dc) has a value of 40.
All the CC tests have been done using boundary conditions BC1.
After penetration is concluded the tip resistance target profile, for the given degree of compaction, is
directly inferred.
The in situ stress state in the field is evaluated by combining DMT results with an estimate of the vertical stress. DMT can give indication about the coefficient of earth pressure at rest (K0) as a function of
the lateral stress index (Kd) (Jamiolkowski et al., 1988). In particular, K0 is determined by using Kd ob-
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tained from DMT (Marchetti e Crapps 1981) and the tip resistance measured from CPT carried out in
the close vicinity.
In the case of partially saturated soils, a correct estimate of effective stresses in situ and laboratory,
requires the knowledge of soil suction. At the moment this aspect is subject to further research.
3 TIP RESISTANCE STRESS DEPENDENCE
For this study two different materials have been tested in the CC: a fine grained soil that has been used
as building material for river embankments, and a crushed sand that has been used as calibration material. The fine grained soil is a clayey sandy silt with low Plasticity Index (IP < 10%), as shown in Table 1.
In the CC, fine grained soil samples were reconstituted in layers at a known unit weight (γ) using static compaction (hydraulic ram). The compacted soil has an optimum moisture content (Modified Proctor
Compaction Test) of about 13%. Given the influence of compaction energy on soil engineering properties, the compaction effort, required to consolidate the sample, is registered.
Dry sand samples were reconstituted inside the calibration chamber to a given relative density (D R)
by pluvial deposit (Lo Presti et al. 1992).
After completion, each CC test provides one value of qc for a given value of DR or γ (respectively for
sand and fine grained samples) and stress state. A number of tests, covering the range of stresses of interest have been carried out (Table 2). The inferred data provide the basis for establishing the empirical
relationship between qc and stress state by doing regression analysis.
The following equation has been used:
ݍ = ʹߪ( ∙ ܣ௩)௩ ∙ (ߪʹ ) (1)

The results are summed up by Table 3 and Table 4.
Since the fine grained soil (Freddana) is partially saturated, the soil suction has been evaluated according to Aubertin et al. (2003). In particular, the suction, ψ, has been estimated by using simple geotechnical parameters such as the grain size, void ratio, liquid limit, solid grain density and the gravimetric water content. A suction value of 638 cm (given in cm of water) was used.
Therefore, for the fine grained samples the effective stresses have been considered equal to the nominal stresses with an increase of 63.8 kPa.
It is possible to observe that for the dry sand the parameters of the equation (1) are clearly defined. In
particular it has been systematically found an exponent value nh greater than nv.
For the partially saturated fine grained samples the definition of nh and nv are not as certain as for the
sand. It seems that suction and pre - consolidation stress are more influential than nominal stress.
Table 1. Materials tested in the CC.
Fine Grained Soil
“Freddana”

Cruscher Sand
“Sand”

Main Geotechnical Properties

Liquid Limit, LL = 28.2 %
Plastic Limit, LP = 19.9 %
Plasticity Index, IP = 8.2 %

d50 = 0.5 mm
C U= 2

Sample Compaction Degree

γ = 0.8; γopt= 1.81 kg/dm3

DR = 60%

Sample Moisture Content

w = 13% (≈ wopt)

DRY
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Table 2. Tests carried out in the CC.
LABORATORY TESTS
FREDDANA (fine grained soil)
γ = 0.8γopt
w = 13%
TEST SERIES
σ’h [kPa]
σ’v [kPa]
15
1
30
30
60
30
2
60
60
120
15
3
30
60
45
4
90
90
60
5
120
120
240

SAND
DR = 60%
TEST SERIES

σ’h [kPa]

1

30

2

60
15
30
60
30
60
120

3

4

σ’v [kPa]
15
30
60
30
60
120
30

60

Table 3. Results of the tests carried out in the CC for the fine grained soil.
FREDDANA (fine grained soil)
γ = 0.8 γopt
SUCTION OMITTED
qc LAB σ’h
σ’v
nv
[kPa] [kPa] [kPa]
4777
30
15
0.033
4728
30
5002
60
2240
60
30
0.224
2377
60
3056
120
5616
15
30
0
6047
60
5912
45
90
0
6180
90
6261
60
120
0
6692
120
7654
240

nh
0

0

0.053
0.064
0.145

SUCTION EVALUATED
σ’h
nh
σ’v
nv
[kPa] [kPa]
93.8
78.8
0.111 0
93.8
123.8
123.8 93.8
0.474 0
123.8
183.8
78.8
93.8
0
0.164
123.8
108.8 153.8 0
0.128
153.8
123.8 183.8 0
0.226
183.8
303.8
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INCREASE
Δnv
Δnh
235

0

111

0

0

207

0

100

0

56

Table 4. Results of the tests carried out in the CC for the sand.
SAND
DR = 60%
qc LAB
[kPa]
1293
1490
1641
1984
1905
2305
949
1925
1168
1041
1290
2080

σ’h
[kPa]
30

60

15
30
60
30
60
120

σ’v
[kPa]
15
30
60
30
60
120
30

60

nv

nh

0.172

0

0.108

0

0

0.510

0

0.499

Figure 1. Tip resistance profile from laboratory tests in the CC using sand samples. Tests at constant horizontal
stress.
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Figure 2. Tip resistance profile from laboratory tests in the CC using sand samples. Tests at constant vertical
stress.

4

CPT AND LFWD

The Light Falling Weight Deflectometer (LFWD) is a portable FWD that has been developed as an alternative in situ device to the plate load test with the ability to overcome accessibility problems on roads
under construction.
A recently retrofitted levee section of the Serchio River in the District of Lucca (Tuscany, Italy) has
been used as an experimental field to carry out a geotechnical campaign. The aim of the campaign was
to control the degree of compaction and the mechanical resistance of the embankment. The campaign
consisted of CPTu, continuous sampling, DCP (Dynamic Cone Penetrometer) and LFWD. Continuous
samples were retrieved very close to already performed CPTu for subsequent laboratory testing:
- Classification: Atterberg limits and grain size distribution curves;
- Natural water content measurements;
- In situ soil density assessment. For every continuous sample, the value of the natural volume
weight and the sample compaction were measured.
It was also decided to have every LFWD located very close to each CPTu to compare the results.
The embankment material was classified as A4/A6 according to CNR UNI 10006 classification. The
profiles of moisture content with depth were inferred. It was observed that the measured natural water
contents were always higher than the optimum value (12%).
Moreover, tip resistance profiles with depth, as measured in situ, show that qc increases for lower
moisture contents. In particular, qc registers the highest values when the moisture content reaches the optimum value. The same behavior is shown by the modulus (Ed) inferred from LFWD: as the water content decreases, Ed value increases.
Figure 3 shows Ed relative frequency distribution and compares it with the moisture content. It is
clear that Ed values that fall into the higher class correspond to lower moisture contents.
The main goal of this investigation is looking for a possible correlation between the elastic modulus
Ed and the tip resistance qc. If it was possible to establish a correlation between Ed and qc then it would
be possible to have a simple prevision method for quality control. In fact, the described method would
allow to predict the qc value for a given measured Ed.
The supposed correlation has been assessed by comparing the elastic modulus Ed with the average qc
measured within the influence depth for the LFWD device that is approximately 1.5 times the diameter
of the loading plate (45cm).
At the moment the available measurements are limited but the first results show a good correlation
between qc and Ed. This aspect will be analyzed by means of further investigations.
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5

CONCLUSION

The paper describes an innovative method to evaluate the compaction degree of both existing and new
river embankments (fine grained soils) after their completion, by using laboratory and in situ testing.
A tip resistance target - profile is inferred from laboratory tests in a mini calibration chamber (CC)
using a mini CPT. The “laboratory” tip resistance, qcLAB, is expressed as a function of the expected density and of the vertical – horizontal stress components. In situ stresses are inferred by combining DMT
results and an estimate of the vertical stress component. Therefore, it is possible to assess the embankment density by comparing the qcLAB profile, from CC testing, for a given compaction degree and the qc,
as inferred from in situ CPTe (electrical tip).
One of the most critical aspects of this study is the assessment of the tip resistance stress dependence.
This paper outlines the influence of the boundary stresses on the tip resistance.
For this study two different materials are been tested in the CC: a partially saturated fine grained soil
and a dry sand. The inferred data have provided the basis for establishing the empirical relationship between qc and stress state by doing regression analysis.
For dry sand samples, it has been systematically found an exponent value nh greater than nv.
On the other hand, for the partially saturated fine grained samples the definition of nh and nv is not as
much certain as for the sand. In fact, it seems that suction and pre - consolidation stress are more influential than nominal stress.
In order to control the compaction degree of the embankment during its construction, a correlation
between qc and the elastic modulus (Ed) from LFWD is also proposed. If it was possible to establish a
correlation between Ed and qc then it would be possible to have a simple prevision method for quality
controls. In fact, it would be possible to predict the qc value for a given measured Ed. At the moment the
available measurements are limited. Anyway, the first results show a good correlation between qc and
Ed.

Figure 3. Ed relative frequency distribution and moisture content.
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Figure 4. Correlation between elastic modulus from LFWD and tip resistance.
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ABSTRACT: The paper provides preliminary results of a case-study of liquefaction potential assessment
for the Italian alluvial area influenced by the May-June 2012 seismic event sequence. Analyses have been
carried out on the basis of cone penetration tests CPT and CPTU (one of the most popular in situ tests in
Italy), using the most widely used simplified methods (Youd et al., 2001; Robertson & Wride 2008, Robertson 2009; Idriss & Boulanger 2008; Moss et al. 2006). The aims of the research are to: 1) verify the
applicability of the most used simplified methods for factor of safety and Liquefaction Potential Index
calculation in the study area, 2) to verify the correctness of the predictions of liquefaction comparing the
results with the observed liquefaction effects.

1 INTRODUCTION
In May–June 2012, a seismic sequence impacted an area of the Po Plain in Northern Italy and it included
two main shocks. The first one occurred on 20 May at 02:03 UTC with a ML 5.9 (ISIDe Database 2012),
and hit in an area between Finale Emilia and San Felice sul Panaro; the second occurred on 29 May at
07:00 UTC with a ML 5.8 (ISIDe Database 2012), 12 km southwest of the previous main shock (Emergeo Working Group 2013). Liquefaction related phenomena and associated ground failures have been
observed during these main shocks and they caused damages and extensive problems to infrastructures
(roads, wells, etc). Land use planning in the area requires accurate evaluation of liquefaction potential of
soils. In order to prepare a liquefaction susceptibility map of the area the first step consisted of the calculation of the factor of safety against liquefaction (FS). Seed & Idriss (1971) proposed a simplified procedure to evaluate the liquefaction resistance of soils in terms of factor of safety (FS) by taking the ratio of
capacity of a soil element to resist liquefaction (Cyclic Resistance Ratio, CRR) to the seismic demand
imposed on it (Cyclic Stress Ratio, CSR). Nowadays, FS of a soil layer can be calculated with the help
of several in-situ tests (e.g. Youd et al. 2001) such as cone penetration test (CPT, CPTU), standard penetration test (SPT), and shear wave velocity (Vs). For the case under consideration, FS has been computed using the cone penetration tests CPT and CPTU (one of the most popular in situ tests in Italy), and
applying the most widely used simplified methods (Youd et al. 2001; Robertson & Wride 2008; Robertson 2009; Idriss & Boulanger 2008; Moss et al. 2006). In the second step the liquefaction potential index
(LPI) of the soils were calculated using the Iwasaki et al. (1982) method. The analyzed penetration tests
were carried out before and after the seismic events of May 2012.
The aims of the research were to: 1) verify the applicability of the most used simplified methods,
based on CPT/CPTU data, for FS and LPI calculation in the study area, 2) to verify the correctness of
the predictions of liquefaction comparing the results with the liquefaction effects inventory.
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2 STUDY AREA
The study area corresponds to the southern sector of the central Po Plain, where the most evident and
widespread liquefaction effects induced by the 2012 seismic sequence occurred (Fig.1) (Lo Presti et al.
2013). The geomorphologic framework is characterized by complex drainage and ancient drainage patterns of the Po, Secchia, Panaro and Reno rivers, strongly influenced by climate, tectonic and human activities. The grain-size distribution is extremely variable from place to place, due to frequent changes of
path that affected the rivers and creeks in the past and, as a consequence, also the hydraulic conductivity
is extremely variable. Analysis of borehole logs and geologic surveys revealed high spatial variability of
soil characteristics, especially in the upper layers, where liquefaction occurred.
The May 20, 2012 ML5.9 and May 29, 2012 ML5.8 events are examples of moderate earthquakes
yielding extensive liquefaction related phenomena, which occurred over an area with a 21.5 km radius
from the epicenter of the May 20 quake (Pizzi & Scisciani 2012). As a whole, a total of 1362 sites with
geologic co-seismic effects were identified over more than 1200 km2; 768 were classified as fracture/liquefaction, 485 as liquefaction, and 109 as fracture (Emergeo Working Group 2013). Liquefaction
events were not randomly distributed, but appeared to be concentrated along alignments which follow
the abandoned riverbeds (Secchia, Reno, Panaro and Po rivers).

Figure 1. SRTM (Shuttle Radar Topography Mission; ~90 m cell size). Most of the “liquefaction” sites are located on elevated fluvial ridges. Red dots represent the location of sand samples collected at the sites where liquefaction phenomena occurred (Lo Presti et al. 2013).

The preliminary results presented in the paper are related to the zone with the most evident and
widespread effects induced by the first main shocks (May 20), which correspond to the area around S.
Carlo belonging to S. Agostino municipality (Fig.1). S. Carlo, as well as the nearby village of Mirabello,
is located about 17 km east of the epicenter on a fluvial ridge corresponding to a Reno River ancient
channel known as “S.’Agostino ridge” (Castaldini & Raimondi 1985). It has a SW-NE trend and is a
very evident morphologic feature, 3 to 4 m higher than the surrounding territory. Liquefaction was detected along the SW-NE alignment of the old Reno River alluvial plain.
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The abandoned bed of the Reno River, is mostly characterized by sand, interbedded by finer layers of
clay and silt. In S. Carlo the embankment consists of an alternation of sand and silt for a total thickness
of about 4 m. Alternation of sandy silt and silty sand extend for another 6 m from ground level. Locally
a 4 m thick lens of fine and medium sand, corresponding to the ancient Reno riverbed, is present. Clay
and silt deposits with an abundant organic fraction and a constant thickness of 9 to 10 m were then
found overlying alternation of sandy silt and silty sand (Fig.2).
The horizon affected by liquefaction is a lens of fine and medium sand located at 4 m (plain zone)
and at 6 m (ancient bankfill) respectively below the ground level.

Figure 2. Possible interpretation (lateral spreading along the NW slope of an ancient slope of an ancient riverbed)
of soil liquefaction observed at the Sant’Agostino Cemetery (Pizzi & Scisciani 2012).

Figure3. Typical CPTU profile (n°61).

3 METHOD
Stratigraphy of the upper 20-30 m of boreholes existing in the area interested by liquefaction effects
(available
at
the
Emilia
Romagna
Website,
http://ambiente.regione.emiliaromagna.it/geologia/cartografia/webgis-banchedati/sezioni-geologiche-prove-geognostiche-pianura) was
preliminary examined. Grain -size distributions of liquefied sands that came out from the surface during
the earthquake and retrieved from the sites located in Figure 1 were also analyzed.
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The available penetration test database consists on the following tests: 23 SCPTU, 151 CPTU, 15
CPT with electrical tip and 2000 CPT with mechanical tip. Before using penetration test results for liquefaction potential analyses, a very time consuming procedure to assess the quality and reliability of
each test results has been undertaken. This explain why the slowness in completing the whole database
analyses. Up to now, 33 CPT and CPTU tests (depths of 8 m to 30 m) from liquefied and non-liquefied
sites were used within the study site of San Carlo in order to evaluate the factor of safety against liquefaction (FS), the liquefaction potential (LPI) (Fig.4) through simplified methods. The preliminary assessment of liquefaction susceptibility has been carried out using pre-earthquake site test data.

Figure 4. Distribution of CPT, CPTu in the study area (the numbers indicate the CPT, CPTU tests used for the
study). LQ1: presence of soils susceptible to liquefaction already in the first 10 m from ground level; LQ2: presence of soils susceptible to liquefaction already between 10 to 20 m from ground level; L1: liquefiable horizons
(minimum 0.2 m) below the water table in the first 5 m from ground level, L2: liquefiable horizons (minimum
1m) below the water table between 5 and 10 m from ground level, L3: : liquefiable horizons (minimum 2 m) below the water table between 10 and 15 m from ground level, L4:, : liquefiable horizons (minimum 2m) below the
water table between 15 and 20 m from ground level; L5: absence of liquefiable horizons (Regione Emilia Romagna 2013).

Four widely used CPT-based methods were employed to calculate the CRR (capacity of the soil to
resist liquefaction expressed in terms of the cyclic resistance ratio); these are the Robertson & Wride,
1998; Robertson (2009), the Idriss & Boulanger (2008) and the Moss et al. (2006) methods. The cyclic
stress ration (CSR) was calculated referring to the method suggested by Youd et al. (2001). The PGA
computed at the site under investigation for the ML5.9 earthquake of May 20, 2012 is 0.215 g (Lai et al.,
2012). The groundwater levels (G.W.T. in situ) vary from site to site, generally ranging from 0.5 to 4.0
m deep below the land surface at the time of drilling. The depth of water level during the earthquake is 1
m. The liquefaction potential index LPI, which takes into account the thickness, depth and FS value of
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the liquefiable soil layers proposed by Iwasaki et al. (1982) was calculated for each available
CPT/CPTU.
Computer software CLiq v.1.7.4.34 was used (Geologismiki, 2008).
The used simplified methods were calibrated by comparing the obtained results with the surface manifestations of liquefaction phenomena in the study area (sand boils, alignments of sand boils, lateral
spreading, ground ruptures and sand ejections, settlement of shallow foundations).
4 RESULTS
The particles size distribution curves of the investigated soils (all the samples have been retrieved from
sand boils or other sediments of ejected soil) fall into the range of high possibility of liquefaction (Fig.
5). Therefore, the compositional criteria confirm that the considered materials are susceptible to liquefaction.

Figure 5. Grain size distribution of liquefied soils. The black lines correspond to the boundaries for potentially
liquefiable soils (Obermeier 1996); the grey lines represent the interval with high potentially liquefiable soils (uniformity coefficient > 3.5).

Table 1 summarizes the data of examined CPT and CPTU in S. Carlo, indicating the values of the
safety factor of less than 1.1, the depths where these low values have been observed and the liquefiable
layers. Even though it is premature to draw definitive conclusions, it is possible to observe that simplified analyses based on CPT/CPTU results indicate that the liquefiable soil is generally located at depth
greater than 4 m and the thickness of the liquefiable soil is generally of few meters (Fig.6). Under these
conditions, only minor effects of liquefaction are generally observed at the ground surface and the damages of buildings resting on shallow foundations are generally limited (ISSMGE 1999). What observed
after the Emilia 2012 earthquakes seems to confirm this last statement. It seems also that different layers
liquefied in agreement with other studies (Emergeo Working Group 2013).
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Figure 6. CRR, CSR, Factor of safety and LPI calculated following the Robertson and Wride method (CPTU
n°61).
	
  
Table 1. Identification of liquefiable layers following the Robertson & Wride method.
label
in
Fig.4

Date

Type

Elevation (m)

Depth (m)

72

04/12/2001

CPTU

12.8

29.3

72

Liquefiable
layer (m)

FS

3.55 - 3.88

0.77 - 0.83

15.65 -15.93

0.60 - 0.95

76

1995

CPT

13

8

4.40 - 4.60

0.82 - 0.99

79

1995

CPT

16

8.6

3.2-3.6

0.93-1.0

5.60 - 6.40

0.72 - 0.92

82

07/01/1995

CPT

17.6

10

-

-

94

03/01/1995

CPT

15.4

10

-

-

57

30/05/2012

CPTU

17.87

20

9.16 - 9.34

0.84 - 0.99

57

10 - 11.32

0.68 - 0.99

57

11.48 - 12.22

0.55 - 0.96

79

95

1995

CPT

16.5

8

4.6-5.4

0.89-1.0

58

27/05/2012

CPTU

17.31

20

9.28 - 9.62

0.59 - 0.77

60

28/05/2012

CPTU

16.87

20

6.80 - 11.70

0.58 - 0.97

61

28/05/2012

CPTU

17.15

20

7.08 - 7.48

0.60 - 0.93

7.58 - 9.32

0.61 - 0.91

58

9.70-11.68

61
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61

9.44 - 12.22

0.58 - 0.99

12.54 - 12.58

0.79 - 0.89

6.18 - 6.34

0.87 - 0.93

63

7.06 - 7.12

0.87 - 0.95

63

7.60 - 8.68

0.60 - 0.99

8.88 - 11.78

0.58 - 0.91

5.22

0.99

64

6.52 - 6.58

0.78 - 0.89

64

7.70 - 7.90

0.59 - 0.87

64

8.40 - 8.58

0.56 - 0.83

64

8.68 - 9.28

0.55 - 0.83

64

9.34 - 12.14

0.57 - 0.84

8.44 - 8.60

0.76 - 0.86

65

8.68 - 9.92

0.75 - 0.97

65

9.98 - 11.44

0.61 - 0.99

61
63

26/05/2012

CPTU

16.1

20

63
64

65

26/05/2012

27/05/2012

CPTU

CPTU

17.82

18.08

20

20

66

08/11/1996

CPT

17.5

25

-

-

67

08/11/1996

CPT

18

25

8.6 - 11.0

0.90- 1.1

73

05/01/1995

CPT

14.7

10

-

-

74

1995

CPT

13

8

4.4-6.5

0.8-1.0

75

1995

CPT

13.4

8

3.6-6.6

0.77-1.0

77

07/01/1995

CPT

16.3

10

-

-

78

1995

CPT

15

8

3.8-7.8

0.7-1.0

81

1995

CPT

15

8

5.6 - 7.8

0.94

83

30/07/2003

CPTU

13.3

35

15.07 - 15.48

0.61 -0.99

88

01/07/1992

CPT

15.2

10

-

-

89

01/07/1992

CPT

15.2

10

-

-

90

05/08/1991

CPT

15

10

-

-

91

05/08/1991

CPT

15

10

-

-

CPT

17.8

10

-

-

93
96

07/01/1995

CPT

16.3

10

-

-

59

29/05/2012

CPTU

17.52

20

7.96 - 8.0

0.92 - 0.95

59

8.34 - 8.74

0.74- 0.99

59

8.88 - 10.28

0.68 - 0.96

59

10.64 - 12.16

0.60 - 0.95

92

06/10/1992

CPT

16.2

12

9.2 - 11.0

0.94 – 1.1

87

23/11/2001

CPTU

13

34

14.27 - 14.32

0.82 - 0.94

68

12/11/1996

CPT

14

25

5.4-6

0.76-1.1

CPT

14.1

30

5.4.-6

0.83-1.0

69
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Figure 7. Distribution of LPI following the results obtained with the methods of Robertson & Wride 1998
(NCEER); Robertson 2009, Idriss & Boulanger 2008 and Moss et al. 2006.

The LPI (Fig. 7) depend on the used method: it is observed that the LPI by Robertson & Wride and by
Idriss & Boulanger are less than LPI determined by the Moss et al. method.
The Liquefaction Potential Index is from low (Robertson & Wride, 2008; Robertson, 2009; Idriss &
Boulanger, 2008) to high (Moss et al, 2006). The distribution of LPI shows zones of different levels of
potential of liquefaction: for all the method the NW sector of the analysed site has the highest potential
to liquefaction and this result is consistent with the pattern of the observed liquefaction phenomena.
5 CONCLUSION
Prediction of the liquefaction susceptibility of a test site in the area affected by the May-June 2012 seismic sequence in Northern Italy was made using empirical correlations available in literature and based
on CPT/CPTU data. The calculation of the factor of safety against liquefaction allowed us to identify
different layers that liquefied. The preliminary results highlighted the very high spatial variability of
penetration resistance, due to the vertical and lateral heteropic changes in stratigraphy, and the different
liquefaction potential calculated with the different methods. It should also be pinpointed that liquefaction events were not randomly distributed, but appeared to be concentrated along the winding courses of
abandoned rivers and their sandy deposits. Therefore, also in alluvial plain areas seismic hazard assessment finalized to territorial planning should be based on a correct and through knowledge of the geomorphologic features and the surface and subsurface lithologic and hydrogeologic characteristics.
Future work is devoted to analyse the whole database of cone penetration tests in order to prepare liquefaction susceptibility maps.
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ABSTRACT: The knowledge of the mechanical properties of Municipal Solid Waste (MSW) has many implications on landfill design. The shear strength of the waste determines the inclination to be given to the landfill slopes,
which in turn governs the landfill capacity. Traditionally these properties are obtained either using geotechnical laboratory or field tests. CPTu, analyzed using charts devised for soils, was used to study the behavior and to obtain
the Mohr-Coulomb failure criterion parameters of three landfills spread over Spain. This paper shows the obtained
charts and early conclusions.

1 INTRODUCTION
The behavior of a landfill relies, among many other parameters, on the mechanical properties of the waste disposed in it. There are several factors influencing the mechanical characteristics, such as composition, age, confining pressure, details of landfill operation, existence of soil layers as waste cell coverage, etc.
Shear strength determines the inclination to be given to the landfill slopes for a safe operation, which is a key
parameter in landfill design.
Because of the nature of waste (great variability on particle size, heterogeneity of the mass, variability on the
properties over time due to degradation, etc.), achieving a full mechanical characterization is not possible. Because of that, usually only ranges for the parameters are given (Sánchez et al. 1993, Palma 1995, Cañizal et al.
2011).
Due to the similarities between soils and wastes, the behavior of MSW (Municipal Solid Waste) is usually
studied using models devised for soils, mainly the Mohr-Coulomb failure criterion. However, the special characteristics of wastes make it necessary to adapt the existing methodologies used in soils to their application in
MSW. Although using equipment designed to test in soils is possible, some adjustments need to be done to test
procedures and data analysis taking into consideration the special features of wastes.
Prior work has shown that, although both using laboratory tests and field tests are possible geotechnical approaches to study the behavior of wastes, field tests have some clear advantages in terms of safety and representativeness (Cañizal et al. 2011). The usage of laboratory tests to obtain these properties faces several problems including, but not limited to, taking representative samples of the wastes and health and environmental hazards of
testing this type of materials in geotechnical laboratories, usually located in general usage buildings. Because of
that, the University of Cantabria’s Geotechnical Group is researching on obtaining the mechanical properties of
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wastes using field tests. Although the interpretation of field test is more complex, its usage has become an attractive alternative, because it eliminates both problems mentioned for laboratory tests.
The first studies carried out by this group date back to the early nineties (Sanchez et al. 1993, Palma 1995)
with the realization of several field tests in Meruelo landfill, in the region of Cantabria (Spain). Among the tests
made, there were some static penetration tests, using mechanical tips (Gouda and Begemann). Currently, a new
research campaign is being undertaken on characterizing MSW using field tests, and more specifically cone penetration and piezocone tests (CPT, CPTu) as well as pressuremeter tests. The campaign includes the realization of
several CPTu tests in landfills spread all over Spain.

2 LANDFILL DESCRIPTION
Site investigation field tests were carried out in three landfills.

Figure 1. Pictures of the MSW landfills studied. (a) Can Mata (b) Alcalá del Río (c) Cañada Hermosa

The first landfill, called Can Mata (CM) landfill, is located northwest of Barcelona. It can be divided into two
different areas. In one area there are MSW and industrial waste similar to MSW (non-hazardous) from the period
1994-2003. The maximum height of waste is 65 m, with a minimum thickness of about 20 m. The area occupied
by waste is approximately 21 ha. The second area, known as "new landfill", began operations in 2004 and it is
currently in use. The waste in this area comes from previous treatments of non-hazardous MSW and industrial
solid waste similar to MSW. The maximum height of waste is 70 m, with a minimum thickness of around 30 m.
The area occupied by waste is approximately 17 ha. The test points were uniformly located in areas where waste
was landfilled, in order to be 3D representative. This same approach was used in the other two facilities.
The second facility is called Alcalá del Río (AR) and it is located in the southwest of Spain, near Seville. The
landfill is divided into four cells, but the oldest one (cell 1) was capped with geosynthetics; therefore research has
focused on cells 2, 3 and 4. The operation in cell 2 began in 2005 and currently waste is landfilled in cells 3 and 4.
The waste received at the waste treatment park is non-hazardous MSW and industrial waste similar to MSW. After a series of mechanical treatments, refuse from the different treatments is managed at the landfill. The research
area occupies a surface of 10.4 ha. The maximum height of waste is around 40 m, whereas the minimum is 20 m.
Finally, the third landfill, Cañada Hermosa (CH), is located in the southeast of Spain, near the town of Murcia.
The waste treatment park consists of a Mechanical and Biological Treatment (MBT) plant (sorting, recycling and
composting plants) and a landfill. Additionally, it also receives material from an MSW treatment plant and lightweight packaging residue from a nearby plant. The MSW landfilled can be divided into the following categories:
refuse from selection plant, refuse from sorting plant, refuse from industrial plant and, finally, refuse from composting plant. The compost of sludge did not start until 2005. The landfill is divided into 13 cells, with 10 already
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built. The operation of the landfill started in 1994. The investigation area covered 27 ha. The maximum depth of
waste is 40 m, whereas the minimum is about 20 m.

3 CPTU METHODOLOGY
To establish geotechnical profiles for the waste mass on the landfills and to assist in characterization of the on-site
waste materials, a CPTu site investigation was conducted in each landfill. The program consisted of advancing 32
CPTu soundings within the landfills. The soundings were distributed among the landfills as follows:





10 CPTu soundings with dissipation tests in Can Mata landfill (CM)
10 CPTu soundings with dissipation tests in Alcalá del Río landfill (AR)
12 CPTu soundings with dissipation tests in Cañada Hermosa landfill (CH)

A 17ton mixed CPT-drilling truck provided the necessary reaction for the tests in Can Mata landfill and 20ton
CPT truck has been used in the other two. (see Figure 2)

Figure 2. Site investigation equipment used to study MSW sites (a) 17ton mixed CPT-drilling truck (b) 20 ton
CPT truck

The CPT devices used were made by GEOMIL (Netherlands). The system comprised subtractive electrical
cones with 60º tapered, 15 cm2 tip area. The porous filter was located just behind the cone tip in u2 position.
All the CPTu tests were performed according to the guidelines established by the International Society for Soil
Mechanics and Geotechnical Engineering, with a rate of penetration of the cone of 20 mm/s and recordings of qc,
fs and u2 every 20 mm. Typical graphical results are shown in Fig 3.
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Figure 3. Typical CPTu results

CPTu tests were used to identify waste soil behavior type. Values of pore pressure readings were obtained despite the absence of water table. This could be due to the presence of leachate inside the waste deposits that could
influence the classification.
In the three landfills studied, the general behavior was very similar. Showing a great heterogeneity in deposits,
with peaks in the qc and fs measurements.
The initial target depth was not achieved in all soundings. Maximum thrust capacity or rod inclination were the
termination criteria for some tests.
The maximum penetration in each Site is shown in Figure 4:

m
0
5
m
0
5

0
3
1

b

0
1
1

︵ ︶

0
9

m
0
5
c

0 0 0
8 6 4
1 1 1

︵ ︶

Figure 4. Landfill’s longitudinal profiles showing the CPTu soundings depth (a) Can Mata site, (b) Alcalá del Río
site (c) Cañada Hermosa site.
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4 DATA ANALYSIS
The aim of this study was to obtain the mechanical characteristics of the waste mass using models and methodologies designed for soils. There are several characteristics of the material that can cause tests results to differ from
what it is expected in a natural soil. In this early stage of the research, the data analysis was made using different
charts available for soils, trying to compare the behavior of the waste to the one observed in well-known materials. The analysis was made in two steps; first, soil behavior type identification was made and, based on it, the mechanical properties were obtained.

4.1 Soil behavior type identification
Usually the soil behavior type (SBT) identification is automatically done by software used to analyze the CPTu
results. In this case, the software was not capable of obtaining realistic soil type profiles. According to the automated analysis, the soil type changes every few centimeters, sometimes drastically, which is not consistent with
the historical deposit records of the landfills. This effect can be explained by the high heterogeneity of the landfill,
made up of particles very different in shape and size. Because of that, a manual analysis was carried out to obtain
the soil type profile, and thus, the chart to be used to obtain the mechanical properties. The analysis consisted on
manually find ranges with similar average values of cone resistance and friction ratio and replace the points of the
ranges with their average depth and value. The coefficient of variation of each range was also obtained to control
the quality of the procedure. As it can be seen in Figure 3, besides the variability of the acquired values, several
peaks appear in the graph. Usually these are caused by large particles, such as cans or tires, which are usually
moved away by the equipment as it is pushed into the ground. These unusually high values can alter the interpretation, giving raise to incorrect conclusions. Hence, peak values were isolated in ranges and taken apart from the
data to be analyzed using the charts.
One very common issue in the analysis of field tests on MSW is obtaining the unit weight profile of the waste
mass. Although there are some models available (Zekkos, 2006), the investigation required to obtain their parameters in order to obtain results with the needed accuracy is very expensive and time consuming. In addition, although the tests carried out were CPTu, due to the poor reliability of pore pressure readings in this type of material, classifications that did not require CPT pore pressures were used. Therefore, the non-normalized charts
proposed by Schmertmann (1978) and Robertson (2010) were used to interpret results.

4.2 Mechanical properties of the waste mass
Once the soil behavior type profile was determined, the appropriate correlation was used to determine the mechanical properties. In this early stage of the investigation, Mohr-Coulomb failure criterion was assumed. As it is
shown in the next section, the overall behavior of the material that makes up the landfill can be assimilated with
the one observed in sands, so the chart proposed by Robertson and Campanella (1983) was used to estimate the
Mohr-Coulomb strength parameters. Several values for the unit weight within the usual ranges (9 kN/m3 to 12
kN/m3) were tried to obtain effective stress, but the observed difference in the results was negligible. Hence, the
final analysis was made assuming a constant unit weight profile of 10 kN/m3.

5 RESULTS
5.1 Soil behavior type identification
Figure 5 shows data from all three landfills plotted on the Robertson (2010) chart. Most of the points are in areas
4 and 5, that correspond with “Silt mixtures: clayey silt and silty clay” and Sand mixtures: silty sand to sandy silt”
respectively. This is consistent with the Group’s experience and the revised bibliography, that suggest a sand-like
behavior of the wastes with some cohesion caused by the reinforcement effect of fibrous material inside the waste
mass.
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To corroborate and compare the results obtained using the Robertson (2010) chart, data was also evaluated using the chart proposed by Schmertmann (1978). Results are shown in Figure 6.
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Figure 5. Robertson’s (2010) chart of the three landfills: (a) Can Mata, (b) Alcalá del Río, (c) Cañada Hermosa
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Figure 6. Schmertmann’s (1978) chart of the three landfills: (a) Can Mata, (b) Alcalá del Río, (c) Cañada Hermosa

In this case, most of the points are located either in the clean sand areas, from loose to medium dense, or in the
sand-silt mixture areas.
The results obtained with both the Robertson (2010) and Schmertmann (1978) charts suggested that the waste
mass can be assimilated in behavior with a silty-sand. In order to obtain a first estimation for the Mohr-Coulomb
strength parameters the waste was treated like sand, and hence only the friction angle (φ) was obtained.
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5.2 Mechanical properties of the waste mass
To obtain the peak friction angle (φ), the chart and correlation proposed by Robertson and Campanella (1983) was
used, assuming a constant unit weight of 10 kN/m3 (see Figure 7)
In this case, the results vary significantly between the three facilities, with values of friction angles ranging
from less than 30º to 38º. For the Can Mata (CM) waste, the obtained frictional angle ranged between 32º and 38º
whereas for the Cañada Hermosa (CH) waste, the values are between 30º and 34º, with a significant amount of data with a friction angle of less than 30º.
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Figure 7. Robertson and Campanella (1983) CPT chart of the three landfills: (a) Can Mata, (b) Alcalá del Río, (c)
Cañada Hermosa

6 CONCLUSIONS
Although there are not many reported cases of CPTu testing on municipal solid waste, the CPTu has turned out to
be suitable for its usage in that particular field. After more than 30 CPTu soundings in different landfills and
waste conditions, no mayor operational problems were found. The results obtained are similar to the data obtained
by other field and lab tests, according to the experience of the authors and others. Further investigation needs to
be done to find better correlations or to verify the already existing charts for soils for its usage in wastes.
After the analysis of the acquired data on the three tested landfills, it can be said that there is a certain difference on their behavior. The more reasonable explanation for these differences is the influence of the type of
wastes that are disposed in each landfill and the operational procedures on each landfill (compaction, waste pretreatment, leachate and gas management, etc.). Additional research needs to be done to identify the main parameters affecting the shear strength of the waste mass and to produce new models or charts that take into consideration all that aspects.
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Ageing effects and CPT based design methods for driven piles in sands
D. Igoe, L. Kirwan and K.G. Gavin
Geotechnical Research Group, School of Civil, Structural and Environmental Engineering, University
College Dublin, Ireland

ABSTRACT: The offshore wind industry has traditionally relied on foundation and support structures
that were developed for the oil and gas sector. As wind farms move into deeper water and thus more
complex ground conditions, efficient foundation design will become increasingly more important. In water depths > 30 m jacket foundations become a viable economic method of supporting wind turbines.
These structures rely on axially loaded piles to provide foundation support. Recent years have seen the
emergence of CPT based design methods that use the CPT qc profile to make more reliable predictions of
the capacity of driven piles. These new design methods, including the ICP-05, Fugro-05, NGI-05 and
UWA-05 have significantly improved the accuracy of predictions, proving the usefulness of site specific
data, in this case CPT qc data, for pile design. However, it is becoming clear through recent research that
further factors need to be incorporated into the design codes to further improve the reliability of predictions. One such variable is the effect of ageing on the pile shaft capacity. Many researchers have shown
that the capacity of driven piles in sand increases over time. This paper presents the results of a set of
field tests in a dense silica sand site in Blessington, Ireland. A number of 340mm diameter open-ended
steel piles were driven 7m into dense sand and load tested at different times after driving to obtain the
pile’s capacity. Predictions of the pile capacity using CPT design methods are compared with the measured capacities and it is shown that unless a time factor is included in the design method, the prediction
ability of these design codes is confined to the short term capacity of piles, in the days after driving. Incorporating an Intact Ageing Characteristic, originally proposed for the ICP-05 design method, resulted
in significantly improved predictions of the pile capacities at Blessington.

1 INTRODUCTION
1.1 Axial Pile Design Methods
Design methods for axially loaded driven piles in sands have evolved significantly over the past 20
years, mainly driven by the requirements of the offshore oil and gas industry. For fixed offshore structures, driven open-ended steel piles are the most common foundation solution, due to their relative ease
of driveability and their ability to resist large moment loading (Schneider, 2007). The increasing de1073

mands of the offshore industry requires the continuing evolution of pile design methods to improve efficiency of design and to allow extrapolation of design methods to the extreme pile geometries now used
in offshore renewables industry. Due to the large number of variables known to affect pile capacity in
sand, existing theoretical methods for predicting the soil response during and after installation are generally considered inadequate (Randolph 2003). As a result a wide range of empirical approaches are currently in use. Traditional design methods for predicting the pile shaft capacity are based on the earth
pressure approach which relates the local unit shaft friction, τf, to the in-situ vertical effective stress, σ'v0.
These earth pressure based approaches have been used successfully for over 50 years in the offshore industry and are included in the main text of the American Petroleum Institute (API) recommended practice for fixed offshore structures (RP2A) as follows:
. ′

[1]

Where β is an empirical parameter based on the soil relative density, Dr, originally derived as the
product of the coefficient of lateral earth pressure, Kf, and the tan of the interface friction angle. In recent editions of the guidelines API (2008), recommended values of β vary from 0.29 for medium dense
sand-silts to 0.56 for very dense sand. The API methods poor predictive performance has been highlighted by several researchers (Toolan et al., 1990, Jardine et al., 2005, Lehane et al., 2005, Schneider et
al., 2008, Gavin et al., 2011 and others) who compared the API capacity predictions to a database of
static load tests. Significant bias in capacity predictions were noted with regards to the pile slenderness
(ratio of pile length, L, to diameter, D) and soil relative density. The inherent bias evident in the API
main text procedure has long been recognized and has driven research efforts to improve pile design
methods.
The Cone Penetration Test (CPT) can provide a large amount of repeatable information on the vertical variability of the soil strength and compressibility (Schneider et al. 2008) and the penetration of a
cone into the soil can be seen as somewhat analogous to closed-ended pile installation. A campaign of
field tests using a highly instrumented closed-ended model pile was started by Imperial College in the
early 1990s. The Imperial College Pile (ICP) was jacked into a medium-dense sand site at Labenne (Lehane, 1992) and into dense marine sand at Dunkirk (Chow, 1997). Several key findings stemmed from
this research as follows:
a) The local shear stress during failure was seen to follow a Mohr – Coulomb failure criterion and
was dependent on the equalised radial effective stress, σ'rc; a component related to the increase in
radial stress as a result of dilation, σ'rd; and the tan of the interface friction angle at failure, δf:
′

∆ ′

.

[2]

b) Both the local shear stress, τf, and the equalised radial effective stress, σ'rc, at any location on the
pile shaft were seen to closely mirror the CPT cone resistance, qc, profile.
c) The ratio of σ'rc/qc or (τf / qc) was similar at both sites, despite the largely different CPT qc profiles, and reduced as the distance from the pile tip, h, increased. This phenomenon is known as
friction fatigue.
The findings of the Imperial College Pile tests, and an assessment of several other model scale and
large scale pile tests, provided the impetus for the development of a number of different CPT based design methods at several research centres around the world, namely the ICP-05 (Jardine et al. 2005),
Fugro-05 (Kolk et al. 2005) and UWA-05 (Lehane et al. 2005) pile design methods. An entirely separate
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campaign of field tests conducted by the Norwegian Geotechnical Institute (NGI) resulted in the development of the NGI-05 (Clausen et al. 2005) CPT based pile design method. A summary table of the design formulations of the four new methods for tension loading of steel open-ended piles is shown in Table 1.

Table 1: Recent CPT-Based Design Methods for Shaft Friction of Driven Piles in Siliceous Sand
Method

Design Equations (for tension loading of open-ended steel piles)
.

0.9 0.023

ICP-05

.

0.045

Fugro-05

0.75 0.03

UWA-05

,

max

max

.

∗

∗

∆ ′

.

,4

max

.

,8

,2

.

∆ ′

Where Ar,eff = 1-IFR (Di / D)2
IFR = Lplug / L (incremental change in plug length with respect to penetration)
NGI-05

2.1 0.4 ln

0.1

.

.

0.1 ′

Note: σ'rd ≈ 4Gy/D; pref = 100kPa; R*=equivalent pile radius = (R2‐ Ri2)0.5, R and Ri is the external & internal pile radius = Di/2; qc1N =
(qc/pref)/( σ'v0/pref)0.5

Lehane et al. (2005) performed an assessment of the reliability of the four new CPT design methods
and noted considerable improvement in the predictive performance of the CPT methods when compared
with the traditional API main text approach. As a result the four CPT based methods were included in
the commentary of the API design guidelines and were suggested to be “fundamentally better and show
statistically closer predictions of pile load test results” than the API main text approach. The API commentary suggests that the new CPT methods are preferred to the main text approach but stipulated that
“more experience is required with all these new methods before any single one can be recommended for
routine design instead of the Main Text method”.
1.2 Pile Ageing
The positive effects of ageing on pile capacity have been noted by York et al. (1994), Axelsson (2000),
Bullock et al. (2005), Jardine et al. (2006), Gavin et al. (2013) and others. Axelsson (2000) and others
have shown that the beneficial effects of ageing relate primarily to increases in shaft friction, with the
base resistance remaining relatively unaffected by age. Chow et al. (1997) described reload tests on piles
1075

driven in Dunkirk. The piles, which had a relatively complicated loading history involving multiple reload tests exhibited an 85% increase in capacity over 5 years. Based on equation 2, Chow suggested
three possible mechanisms for the ageing which occurred at Dunkirk:
1) Changes in the stress regime around the pile which led to an increase in the equalised radial effective stress, σ'rc
2) The effect of ageing on soil properties resulting in enhanced constrained interface dilation and an
increase in σ'rd
3) Chemical corrosion resulting in an increase in surface roughness and thus a higher mobilised interface friction angle
Following on from the findings of Chow et al. (1997) at Dunkirk, Jardine and Standing (2000) and
Jardine et al. (2006) presented data from a program of large scale, 457mm diameter, pile tests specifically investigating pile ageing. The load test program included multiple tension static load tests on previously untested ‘virgin’ piles at different time intervals after driving. The results from the virgin static
load tests are plotted in Figure 1a and show a 2.3 fold increase in capacity between 9 and 235 days after
driving. Based on these findings Jardine et al. (2005) suggested an Intact Ageing Characteristic (IAC)
for previously unfailed ‘virgin’ piles in the ICP-05 design procedures as seen in Figure 1b. The original
ICP-05 shaft capacity prediction, Qp-ICP, was suggested to predict the medium term (approximately 10day) capacity, with the end of driving (1-day) capacity tentatively suggested to equate to 0.7 times the
ICP prediction (i.e. 0.7 Qp-ICP). Another finding of the Dunkirk experiments was that testing and failing
piles resulted in significant disruption of the ageing process, with re-tested aged piles showing substantially lower capacity increases due to ageing.

3000
2500

3

235 day

R1
R6
R2

2.5

Qm/Qp-ICP

Tension Head Load (kN)

3500

81 day

2000
1500
9 day

1000

Intact Ageing
Characteristic

1.5

R6

1
R1

0.5

500

LL & LS Restruck

R2

2

0

0
0

10

20

30

40

1

Displacement (mm)

10

100

1000

10000

Time (days)

Figure 1
(a) Virgin Tension Tests from Dunkirk and (b) Intact Ageing Characteristic from Dunkirk (after
Jardine et al. 2006)

With the exception of the ICP method, none of the other three CPT methods account for the significant effects of ageing in their calculation procedures. The CPT design method calculations are considered to be representative of the short to medium term pile capacities (typically less than 50 days), with
database study reviews of the design methods thus far ignoring ageing effects or excluding aged piles altogether. The database of tension pile tests compiled by Gavin et al. (2011), which had significant commonality with the UWA database described by Schneider et al. (2008) and previous databases, is rein1076
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terpreted with respect to pile ageing in Figure 2. The database is limited to piles where siliceous sands
contributed more than 75% of the shaft capacity. The piles in the database are separated into ‘virgin’
previously untested piles and re-tested piles and the normalised predicted capacities using the API and
ICP calculation procedures are plotted against time. Taking the overall dataset as a whole, it is clear that
the ICP method shows much less scatter than that of the API suggesting significantly improved predictive reliability. Another notable feature when considering the database as a whole is the lack of any
strong ageing trend with time, contrary to what one might expect in light of the Dunkirk tests. However
when considering the virgin pile tests only (closed symbols), there appears to be a strong trend for both
the API and ICP design methods to over-predict the capacity of recently installed piles (<10 days) and
under-predict the capacities of older piles. In the database compiled by Gavin et al. (2011) the oldest
virgin pile test was test 28 days after driving. The retested piles (open symbols) appear to be unaffected
by ageing, which follows from the conclusions of Jardine et al. (2006) who suggest that pre-failed or retested piles exhibited substantially less ageing effects. Therefore, as the database consists of mainly relatively un-aged ‘virgin’ piles and older pile re-tests, no significant conclusions regarding ageing effects
can be drawn. This paper presents results of pile field tests conducted by University College Dublin at
the Blessington sand research site. The pile tests followed a testing program specifically designed to investigate the effects of pile ageing and cyclic loading.

1
0.8
0.6
0.4

0.8
0.6
0.4

Virgin Piles

0.2

1

Virgin Piles

0.2

Re‐tested Piles

0

Re‐tested Piles

0
1

10
100
Time after Driving (Days)

1000

1

10
100
Time after Driving (Days)

1000

Figure 2
Normalised predicted over measured pile capacities with time for (a) the API and (b) the ICP calculation procedures

2 BLESSINGTON AGEING TESTS
2.1 Experimental Details
The pile testing program described in this paper involved driving five open-ended steel piles, designated
S2 – S6 into dense sand. The 340 mm diameter piles were driven to 7m depth using a Junntan PM-16
drop hammer piling rig. Pile driving was paused every 1m to take internal soil plug length measurements. After installation the piles were load tested in tension at various time intervals after driving. The
tests were scheduled primarily to capture the ageing effects on previously untested ‘virgin’ piles over the
first few weeks and months after driving. With this in mind, piles S2, S3, S4, S5 and S6 were scheduled
for first time load testing 1 day, 10 days, 30 days, 220 days and 144 days after driving respectively. Fur1077

ther static tension tests and cyclic tests were performed after these first time tests. Full details of the experimental testing programme are given in Igoe et al. (2014). The tension load tests were conducted using a 5m long loading frame which transferred the load through reaction beams into the ground. A metal
top cap, welded onto the piles after installation, allowed the piles to be pulled using a 45mm threaded
bar. The static tension tests were loaded in 40 kN increments using a fully automated load controlled
hydraulic system which maintained each target load level for a 10 minute period before ramping up to
the next load level.
2.2 Site Description
The pile tests were performed at the University College Dublin (UCD) sand test site situated in Blessington, 25 km southwest of Dublin city. The ground conditions at the site and the sand properties have
been reported in Gavin et al. (2009) and Doherty et al. (2012) amongst others. In summary, the ground
conditions comprise of a very dense, glacially deposited fine sand with a relative density close to 100%,
CPT qc resistance in the range of 15 to 20 MPa, and a small strain stiffness (G0) in the range 100 to 150
MPa. A total of 10 CPTs were conducted on the site with two CPTs each conducted 1.5m either side of
piles S2 – S5 (Figure 3). In general the CPTs showed very good repeatability although the CPT profiles
adjacent pile S4 show a slightly lower qc value from 6 – 7 m depth compared with those adjacent piles
S2, S3 and S5. Dilatometers conducted at the site indicated a lift off pressure, P0 of between 800 – 1000
kPa with limit pressures, PL, approaching 3500 kPa at depth. Particle size distribution analyses performed on samples taken from depths ranging from 0.7 m to 2 m below ground level (bgl) indicated the
mean particle size, D50, varied between 0.1 and 0.2 mm. The sand had a fines content (percentage of
clay and silt particles) of between 5 and 15 %. Samples typically had less than 10% coarse grained particles (> 0.6 mm). The water table was approximately 13 m bgl.

Figure 3 (a) CPT cone resistance, (b) Sleeve Friction and (c) Dilatometer Lift-off and Limit Pressures
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2.3 Load Test Results
The virgin static load test results for piles S2 – S5 have previously been reported by Gavin et al. (2013).
Additional virgin static load –displacement test data from pile S6 is shown in Figure 4a. With the exception of pile S4 it is evident there is a strong trend for capacity to increase with time. The ultimate pile
tension capacities are plotted against the log of time in Figure 4b. The capacity of the piles appears to
increase linearly with the log of time except capacity of pile S4 plotting well below the general trend
line. Gavin et al. (2013) noted that pile S4 had a lower CPT resistance over the bottom 1m of the pile,
exhibited notably less plugging during installation and had a significantly lower blow-count during driving then the other piles. This would indicate that pile S4 may have a substantially lower end of driving
capacity and hence does not match the ageing trendline exhibited by the other 4 piles. This pile was described as a normal irregularity and further investigation is underway to determine the cause.
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Figure 4 Blessington Pile Test (a) Static Load Displacement curves and (b) Capacity Variation with Time

3 COMPARISON OF CPT METHOD PREDICTIVE PERFORMANCE
Predictions of the capacities of piles S2 – S6 were made using the four recent CPT methods. The predicted capacity, Qp, normalised by the measured capacity, Qm, for each method is plotted against time in
Figure 5. Figure 5a shows the design methods where standard design predictions with no ageing factor
are applied. The ageing trend is quite clear with all four CPT methods over-predicting the 1-day capacity
of pile S2 but under-predicting the capacity of all other piles (with the exception of pile S4 which is
thought to be an irregularity as mentioned previously). When the Intact Ageing Characteristic described
in the ICP-05 design method is applied to all the design methods, their predictive performance is improved significantly with all the predictions matching the measured capacities closely (except pile S4). It
is clear that using ageing factors, such as the Imperial College Intact Ageing Characteristic can lead to
notably better capacity predictions with time. The authors are currently investigating the mechanisms
controlling pile ageing and are reinterpreting the original pile test database to assess the effect of ageing
on piles of varying sizes and geometries.
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Figure 5
Normalised Predicted Capacity for the four recent CPT design methods (a) with no ageing factor and
(b) using the Imperial College Intact Ageing Characteristic

4 CONCLUSIONS
This paper presents new field test data from a series of large scale pile tests investigating pile ageing.
The piles, which were driven at the University College Dublin, research sand test site at Blessington,
were tested sequentially to assess the effects of ageing on the tension capacity of open-ended steel piles
in sand. The data from the field tests indicate that pile capacity can increase 300% over the 5 months following driving. A reassessment of a pile test database compiled by Gavin et al. (2011) indicates that
there is dearth of previously unfailed ‘virgin’ tests on aged piles. Four recent offshore CPT based design
methods, which are included in offshore design guidelines, are discussed and their predictive performance is assessed against the measure pile capacities at Blessington. All four methods offer reasonable
predictions of the short to medium term pile capacities but significantly under-estimate the capacities of
aged piles. When an ageing factor, the Intact Ageing Characteristic proposed by Imperial College, was
applied to the calculations to account for ageing effects, significantly improved predictive performance
was noted for all four design methods. Further research is currently underway to investigate the mechanisms controlling pile ageing and to assess if these ageing factors can be extropolated to different pile
sizes and geometries and be used routinely and safely in design practice.
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CPTu at a municipal solid waste site in Delhi, India
B.J. Ramaiah & G.V. Ramana
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ABSTRACT: Cone penetration testing with measurement of pore pressure (CPTU) is an attractive site
investigation tool particularly for landfill engineering as it precludes health hazards associated with conventional boring methods. The article presents the data of six CPTUs conducted at operating and closed
phases of a Municipal Solid Waste (MSW) site in Delhi and compared with data reported for MSW landfills in USA, Brazil, Portugal and China. Dynamic pore pressure profiles (u2) indicated that the presence
of leachate level (phreatic surface) at around 5 m depth with relatively free draining material below as the
u2 profile is almost equal to hydro-static pressure. Average tip resistance varied from 1.5 to 2 MPa in the
top 5 m and 3 to 4 MPa from 5 to 13 m. The average friction ratio is about 2%. Interpretation done using
the updated SBT chart proposed by Robertson (2010) together with u2 profiles indicated MSW behavior
would be similar to that of sand mixtures.

1 INTRODUCTION
The electric cone penetration test (CPT) has been in use for over 40 years in geotechnical practice for
soils because of its advantages over traditional methods of site investigation such as drilling and sampling as it is fast, repeatable and economical. In addition, it provides near continuous data and has strong
theoretical background (Robertson 2012). Cone penetration test with pore pressure measurement
(CPTU) is an attractive site investigation tool for municipal solid waste (MSW) landfill engineering as it
precludes health hazards associated with conventional boring methods. In addition, CPTU can be expedient to assess the behavior of material at the in-situ conditions, as collection of undisturbed samples of
such material is difficult. Although CPT is becoming very popular and common in geotechnical practice, its usage has not been explored much in landfill engineering, which is evident from the limited data
reported in the literature.
Data and interpretation of CPT of MSW landfills reported in the literature from different countries
include: (1) Cartier & Baldit (1983) – Arnouville-les-Mantes landfill, France, (2) Hinkle (1990) – landfill in Wilmington, Los Angeles, USA, (3) Siegel et al. (1990) – OII landfill, California, USA, (4) Grisolia et al. (1991) – landfill site in Italy, (5) Bouzza et al. (1996) – Maldegem landfill, Belgium, (6) Koda (1998) – Radiowo landfill, Warsaw, Poland, (7) Sanchez-Alciturri et al. (1993) – Meruelo landfill,
Spain, (8) Gomes et al. (2005) – Santo Triso, Portugal, (9) Zhan et al. (2008) – Suzhou landfill, China,
(10) Machado et al. (2010) – Bandeirantes landfill and Metropolitan Center landfill, Brazil and (11) Oni
(2010) – landfill at White’s Pit, UK. Based on the review from the above references, the following are
the general observations on CPT of MSW landfills:
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o Tip resistance (qc), sleeve friction resistance (fs) are in general highly fluctuating owing to the
heterogeneous and variable nature of MSW. There are often high values of either qc or fs when
ever the cone tip encounters stiff or hard materials like gravel or stones, glass, metals etc.
o The qc and/or fs profiles showed a tendency of slight increase with depth, indicating the effect
confinement at depth and hence increase of the strength with depth.
o Generally, the depth up to which cone can be penetrated depends up on the type and control of
the waste at a landfill site. For example, as in the present case, if construction and demolition
(C&D) waste is also allowed at the landfill, the maximum penetration depth is limited to shallow
depths on the order of 7 to 14 m. In many cases, the CPT was terminated because of reaching the
thrust capacity of the machine, not by non-verticality of the CPT rods.
o Tip resistance ranged from 2 to 5 MPa and friction ratio is less than 6%.
This paper presents the data and interpretation of six CPTUs conducted at both fresh and closed phases
of an MSW landfill site in Delhi. Besides adding to the data base of the CPT of MSW landfills, the article presents the potential applications of CPTU from hydro-dynamic studies point of view.
2 SITE DESCRIPTION
The site selected for the present study is the Ghazipur sanitary landfill in Delhi, India, which covers an
area of about 28 hectares (~ 283578 m2). The site is surrounded by fish, egg and poultry markets on the
northern side, Hindon Canal on the eastern side, habitation on southern side and Gazipur Dairy Farm on
the western side. Figure 1 shows the site as viewed from Google Earth, with the approximate coordinates of 28°37′28.45′′N and 77°19′29.05′′E. The site started receiving MSW and construction and demolition (C&D) waste from early 1984 as an unlined waste disposal site with the bottom elevation being
at about 3 m below the ground level. At present about 2600 metric tones of waste is being received daily
at this site from different zones of the city. The tipping method of disposal is employed at this and other
landfill sites in Delhi. Compaction of dumped waste is carried out through a leveling dozer during tipping and by the tipping vehicles. A topographical survey conducted during August 2012 indicated that
the total height of the landfill is about 44 m above the ground level at the adjacent Dairy Farm (the western side of the site) and about 42 m above the road level at adjacent poultry market (on the northern
side). Slopes of the landfill were observed to be varying from 1V:1.43H – 1 V:1.19H for tall raisings (9
to 13 m) to 1V:0.36H – 1V:0.27H for short raisings (2 to 5 m). During a field visit, seeping of leachate
along the sloping faces and smoldering of waste was observed.
3 CONE PENETRATION TESTING
Six electric cone penetration tests with pore pressure measurement (CPTUs) were carried out at Ghazipur sanitary landfill, Delhi. Six CPTUs include: two (GC1 & GC2) at operating phase and four (GC3 to
GC6) on a bench of closed phase of the landfill so as to make comparison between fresh and degraded
waste. Based on the information provided by the engineer in-charge of the landfill, at the time of field
investigation, the age of the waste at operating phase was less than three months and that of the closed
phase was about 10-12 years. The CPTU set up was a crawler mounted type that has a capacity of
providing up to 20 ton reaction. The cone was a conventional type with an apex angle of 60° and a nominal base area of 1000 mm2. The cylindrical friction sleeve has a nominal area of 15000 mm2. The rate of
penetration was controlled at 20 mm/s. The net area ratio of the cone set up is 0.81. Readings of tip resistance (qc), sleeve friction resistance (fs), dynamic pore pressure (u2), inclination measurements were
recorded at intervals of 10 mm penetration depth.
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Figure 1. Left image - Ghazipur sanitary landfill as of 02-April-2013 with CPT and pit locations marked (Image
Courtesy of Google Earth) and right image - typical cross section view of landfill slopes

Locations of the CPTUs, measured with a hand held GPS unit, are shown in Figure 1. Typical profiles of qc, fs and u2 of CPTUs conducted at operating phase (GC1-fresh waste) and closed phase (GC5old waste) of the landfill are shown in Figure 2, along with the CPTU profile of a soft clay deposit at a
site in Kuala Lampur, Malaysia (data courtesy of M/s Keller Ground Engineering India Pvt. Ltd., Delhi)
for comparison. It can be observed that the tip resistance and sleeve friction profiles of MSW landfill are
highly fluctuating owing to the heterogeneous nature of the MSW, compared to the relatively uniform
profiles of qc and fs for soft clay deposit. The high values of qc are attributed to the cone tip encountering
stiff or rigid objects like stones or gravel, glass, metals, etc. It can also be observed that there is no significant difference between qc and fs profiles of fresh and degraded waste. Both the qc and fs profiles
showed tendency of slight increase with depth (although the rate of increase with depth is small) indicating the effect of confinement.
The dynamic pore pressure profiles with depth indicated the presence of leachate level/phreatic surface at about 5 m below the top level. It can be observed that the u2 profiles are almost equal to the hydrostatic pressure indicating that the MSW below the leachate level is relatively free draining as there is
no excess pore pressure developed during cone penetration. Figure 3 presents the histogram representation of measured qc and fs values for all six CPTUs at the site. The penetration depth reached is indicated
in parenthesis. 40-60% of the tip resistance is less than 2 MPa and 85-95% of the sleeve friction resistance is less than 100 kPa.
3.1 Interpretation of CPT data
In the literature, interpretation of CPT data in MSW landfills has been done using the standard soil behavior type (SBT) charts proposed for soils. Although, these SBT charts are developed for conventional
soils, and because such charts are not available for materials like MSW, it is assumed that they are applicable for MSW also, so that they may be helpful for preliminary assessment of their behavior type. In
the current study, calculations and interpretation of CPT data were carried out using CPeT-IT software
that has a moving average routine to account for fluctuations in the data. Moving average over every
five data points (i.e., over every 50 mm depth interval) was taken for both qc and fs of each test and then
the friction ratio (Rf) was calculated. The qc obtained after performing moving average was normalized
(made dimensionless) with atmospheric pressure of 101.3 kPa (pa). Finally, the average friction ratio
(Rf) and dimensionless tip resistance (qc/pa) at same depth level of six CPTUs were calculated and the
resulting Rf and qc/pa values were plotted on the classification chart proposed by Robertson (2010) for
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assessing the SBT in Figure 4. It can be observed from Figure 4 that the MSW of the current study corresponds to the SBT of silt mixtures (clayey silt & silty clay) and sand mixtures (silty sand to sandy silt).
However, given the free draining nature of MSW observed from the u2 profiles (Fig. 2), the MSW behavior can be more towards that of sand mixtures (silty sand to sandy silt) than silt mixtures. This observation is also in corroboration from the compositional analysis, grain size distribution and isotropic consolidation carried out on the representative sample collected from the large pit excavated close to GC5 &
GC6 test locations. The details of the field and laboratory testing are discussed later in section 4.
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Figure 4. Interpretation of CPT data of current study and that of MSW landfills of USA, Brazil, Portugal and
China using Robertson 2010 updated soil behavior type (SBT) chart

CPT data reported for other landfill sites in USA, Brazil and Portugal was collected and similar procedure described above was followed for calculating the average Rf and qc/pa and the results were plotted in Figure 4. The details of the collected raw data include: (1) a landfill site in USA (data courtesy of
Professor E. Kavazanjian, pers. comm.) – five CPT soundings, (2) Metropolitan Center landfill, Brazil
(Machado et al. 2010) – three CPT soundings, (3) a landfill in Santo Tirso, Portugal (Gomes et al. 2005)
– four CPT soundings. The idealized profiles of qc and Rf from two CPT soundings reported for Suzhou
landfill, China (Zhan et al. 2008) is also shown in Figure 4 for comparison. Also shown in Figure 4 is
the range proposed by Manassero et al. (1996) based on the data reported by Siegel et al. (1990), Hinkle
(1990), Jessberger & Kockel (1991), Sanchez-Alciturri et al. (1993) and Koda & Paprocki (1995), available during that time. A modified zone has been proposed in Figure 4 based on the improved database
from different countries for preliminary use in landfill engineering.
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Figure 5. Interpretation of CPT data of the current study using Robertson (2009) normalized SBT chart

Interpretation of the CPT data of the current study is also carried out using the normalized SBT
(SBTn) chart proposed by Robertson (2009). The measured tip resistance (qc) of each sounding was corrected for unequal end area effect based on the net area ratio of 0.81 (reported by the cone manufacturer). Normalized cone resistance (Qtn) and normalized friction ratio (Fr) were calculated based on the
equations suggested by Robertson (2009). The results of the average Qtn and average Fr of the six CPTU
soundings are plotted on the SBTn chart of Robertson (2009) and are shown in Figure 5. It can be observed from Figure 5 that slightly more CPT data has moved in the Zone 5 (sand mixtures) of SBTn
chart compared to SBT chart of Robertson (2010).
4 FIELD AND LABORATORY TESTING
A large pit of about 2.5 m x 1.5 m x 2.0 m was excavated with a back-hoe close to GC5 & GC6 test locations to determine the surface in-situ unit weight using water replacement method. The location of the
pit, measured with a hand held GPS unit is shown in Figure 1. The bulk density thus obtained was 12.03
kN/m3. A relatively wet condition of exhumed waste was observed. Bulk representative sample from
exhumed waste was collected for subsequent physical and mechanical characterization. Physical characterization of collected waste was done in accordance with procedure suggested by Zekkos et al. (2010)
and included compositional analysis, grain size distribution, in-situ gravimetric moisture content, total
organic content, specific gravity and Atterberg limits. The remaining sample after determining moisture
content was air dried and then manually sorted in to different constituents. The results of physical characterization are presented in Table 1. Grain size analysis of < 20 mm fraction using both dry and wet
methods was carried out and the results are presented in Figure 6, along with data reported in literature
for comparison. It should be noted that the waste sample has soil-sized fraction that has predominantly
non-plastic silty sand sized with gravel sized particles, which is a free draining material.
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The results of isotropic consolidation behavior of 150 mm diameter and 305 mm height MSW sample
reconstituted with in-situ composition at in-situ dry density at different effective consolidation pressures
are presented in Figure 7. It should be noted that prior to isotropic consolidation, each MSW specimen
was saturated, first by passing deaired water from bottom to top at small effective confining pressure of
5 kPa and then by application of incremental back pressure as per the standard practice for soils. It can
be observed from Figure 7 that 95% degree of consolidation of the MSW sample was completed in less
than 30 minutes, indicating the free draining nature of the collected waste at the site.
Table 1. Results of physical characterization of collected MSW
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Compositional analysis
Component
Percentage by dry weight
< 20mm fraction
74.9
Gravel
17.0
Textile
2.2
Plastic
2.9
Wood & Wood-like
1.3
Paper
0.2
Glass
0.6
Miscellaneous
0.9
Physical properties
Property
Measured value
In-situ moisture content (at 55°C)
65.3% (average of two 2.5kg samples)
$
Total organic content (at 440°C)
25.3 (average of 6 samples each 50 g)
Specific gravity$
2.35 (average of 4 samples each 200 g)
Atterberg limits$
Non-Plastic
$
for < 20mm fraction only (soil-sized fraction)

Jessberger (1994) - proposed range
Machado et al. (2010) - Dry sieving
Gomes & Lopes (2011) - wet sieving
Gomes & Lopes (2011) - Dry sieving
A1-Zekkos (2005) (<20mm only)
A3-Zekkos (2005) (<20mm only)
C6-Zekkos (2005) (<20mm only)
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Figure 6. Results of grain size analysis of < 20mm fraction of collected waste
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Figure 7. Degree of consolidation of MSW samples during isotropic consolidation

The observations from the dynamic pore pressure profiles, physical characterization and isotropic
consolidation behavior suggests that the CPTU, in the present case, has clearly captured the pore pressure behavior of MSW during cone penetration and hence may become an attractive site investigation
tool particularly for landfills where the MSW becomes nearly saturated i.e., in the case of unlined landfills and bioreactor landfills. In these situations, the excess pore pressure response may be important for
stability analysis (Koerner & Soong 2000). As the data available of CPTU in MSW landfills is limited,
further research is encouraged so that potential applications of CPTU for landfill engineering can be explored.
5 CONCLUSIONS
Data and interpretation has been presented from six cone penetration tests with pore pressure measurements (CPTUs) conducted at an unlined and uncontrolled municipal solid waste (MSW) disposal site in
Delhi using the standard soil behavior type (SBT) chart proposed for soil by Robertson (2010) and normalized SBT (SBTn) proposed by Robertson (2009) as well. The CPT data and interpretation from landfill sites from different countries is also presented for comparison. Interpretation of CPTU data indicated
that the behavior of MSW at the present site would be similar to that of silt mixtures (silty clay & clayey
silt) to sand mixtures (sandy silt to silty sand). However, the dynamic pore pressure profiles (u2) indicated that the MSW behavior could be more similar to that of sand mixtures because the MSW below the
saturated zone is relatively free draining as the u2 profile is almost equal to the hydro-static pressure.
This observation is also corroborated with physical characterization and isotropic compression behavior
of MSW sample collected from a test pit close to CPT locations. The grain size analysis of < 20 mm
fraction of collected waste sample has predominantly non-plastic silty sand sized with gravel sized particles, which is clearly a free draining material. The observations made in the present study indicate that
the CPTU could be an attractive site investigation tool for assessing the hydro dynamic behavior of saturated MSW that may be required for stability analysis. As the data on CPTU of MSW landfills is limited, further research is encouraged for successfully exploring the advantages of CPTU for landfill engineering.
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ABSTRACT: The stability and performance of the Mississippi River revetment slope near Poydras
Street, New Orleans, Louisiana was evaluated between levee Station 315+00 of Lake Borgne Basin
Levee to Station 29+00 of Grand Prairie Levee District. The entire study area is underlain by artificial
levee material and natural levee deposits consisting of soft to stiff fat clay and very soft to firm lean
clay with interbedded layers of silt and sand lenses. Based on field exploration results, interpretation of
laboratory soil strength values, field CPT data, geologic profile and current surveys, nine (9) design
sections were developed for slope stability analysis. Slope Stability analyses were performed on multiple composite levee revetment cross-sections using the Stability with Uplift program using Method of
Planes procedure. Based on the results of the analyses, an underwater rock berm was recommended at
multiple locations within the project limits to arrive at an acceptable safety factor.

1 INTRODUCTION
Over a period of several thousand years, the mighty Mississippi River shaped what is today’s southeast
Louisiana and the Mississippi River delta plain. This area was formed by sediments deposited from the
Mississippi river and its tributaries mostly during the flooding months of the year. The subsurface soil
generally consists of soft and erodible alluvial clay deposits with embedded layers of silt and sand. The
subsurface exploration also indicates presence of soft and compressible organic clay and peat soil. The
Mississippi River Levee (MRL) systems were constructed to protect the city of New Orleans and vicinity from annual flooding events. The U.S. Army Corps of Engineers (USACE) is responsible for design,
construction, annual evaluation, and maintenance of the MRL systems. Depending upon previous
knowledge and bend location along the Mississippi river, the USACE conducts annual evaluation and
maintenance of the MRL system by performance of new subsurface soil exploration as well as slope stability and seepage analyses. This paper presents the stability and performance evaluation of Mississippi
River revetment slope near Poydras Street in downtown New Orleans. Specifically, analyses were performed between MRL system Station 315+00 of Lake Borgne Basin Levee to Station 29+00 of Grand
Prairie Levee District. The scope of work consisted of performance of new soil borings and Cone Penetration Testing (CPT), determination of design soil parameters using CPT and soil boring information,
performance of stability analyses, and providing recommendations.
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2 SITE LOCATION

The project site under consideration is located near downtown New Orleans along the east bank side of
the Mississippi river. The study area is from approximately Mississippi River Mile 85 to 81 in St. Bernard and Plaquemines Parish, Louisiana. This is an area of low relief ranging from +1.5 to +3.3m in elevation on the natural levee adjacent to the river. A site vicinity map is shown in Figure 1.

Figure 1: Site vicinity map (source: Google earth)

3 SUBSURFACE SOIL CONDITIONS
Several soil borings and Cone Penetration Testing (CPT) were performed within the project limits to
characterize the subsurface soil conditions. Drilling and sampling were performed in general accordance
with applicable ASTM Standard Procedures. Undisturbed soil borings were performed using 125 mm
diameter thin-walled Shelby tube and general soil borings were performed using 75 mm diameter thinwalled Shelby tube samplers. Figure 2 shows the locations of general and undisturbed soil borings as
well as CPT locations between Station 257+00 and Station 345+00.
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Figure 2: Representative Soil boring and CPT location map

In addition to the field exploration program, selected soil samples obtained from the borings were used
to perform geotechnical laboratory testing to evaluate classification, strength and compressibility characteristics of the subsurface material. Generally the laboratory testing program included determination of
(i) natural moisture content, (ii) Atterberg Limits, (iii) organic content, (iv) Unconfined Compression
testing, (v) Unconsolidated Undrained (UU) Triaxial test, (vi) grain size distribution, and (vii) 1-D consolidation testing. The laboratory testing was performed in general accordance with ASTM Standard
Procedures. In addition to the soil borings, a total of 29 CPT were performed between November 2009
and September 2010. The CPTs were taken in between the soil borings to evaluate subsurface conditions
along the east bank side of the Mississippi river levee. Figure 3 shows a typical subsurface soil profile at
CPT location EB-86-8-CFT.
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Figure 3: CPT Profile for EB-86-8-CFT

1096

Once the data obtained from all the CPT, field exploration and laboratory testing program was accumulated and compiled, the entire project boundary was divided into a total of nine (9) Soil Reaches (sections), depending upon the vertical and horizontal variation in the subsurface soil profile. After the soil
borings were divided into reaches, the geotechnical parameters were used to define the soil and geologic
profile for the entire project area. Figure 4 shows the soil and geologic profile that encompasses Reaches
1 through 3.

Figure 4: Representative Soil and Geologic Profile

Based on the results obtained from the field exploration, it can be concluded that the entire study area is
underlain by artificial levee material and natural levee deposits. Natural levee deposits consist of interbedded, soft to very stiff fat clay, very soft to medium lean clay, and silt with occasional lenses of
sand. Natural levee deposits average 6 m thick and range in elevation from +3.3 to -6m. Underlying
natural levee deposits are swamp, interdistributary, abandoned distributary, abandoned course, and
point bar deposits. Swamp deposits intermittently underlie natural levee deposits and consist of very
soft to stiff, organic, fat clay with high moisture and occasional wood and lenses of soft to medium,
lean clay. Swamp deposits average 3m thick and range in elevation from -3 to -8.5m. Swamp deposits also intermittently overlie Pleistocene deposits and vary in thickness and elevation. An abandoned distributary deposit occurs from approximately Stations 391+00 to 399+50 and consists of
silty sand interbedded with lenses of sand, silt, and soft to medium lean and fat clays. Two borings
(R-84.4-L and LB-15U) penetrate the abandoned distributary deposit, and the thickness of the deposit in these two borings averages 27m feet thick and ranges in elevation from -4.8 to -35.7m.
An abandoned course deposit occurs from approximately Stations 530+00 to 541 +00. Since no boring penetrates the abandoned course deposit, it is estimated to consist of interbedded clays, silt, and
sand, average 33.5m thick, and range in elevation from -4.6 to -38m. Point bar deposits occur from
approximately Stations 465+25 to 530+00, north and adjacent to the abandoned course deposit, and
consist of interbedded silty sand and sand with occasional layers and lenses of medium fat and lean
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clays and silt. Point bar deposits average 24.7m thick and range from -3.9 to -36.6m in elevation. Interdistributary deposits underlie natural levee and swamp deposits and consist of medium to occasionally soft and stiff, fat clay interbedded with layers and lenses of soft to medium lean clay, silt,
silty sand, and lenses of sand. lnterdistributary deposits average 13.7m thick and range in elevation
from -4.8 to -22.5m. Near shore gulf deposits underlie interdistributary, point bar, and abandoned
distributary deposits and consist of silty sand interbedded with sand, shells and occasional layers
and lenses of soft to stiff fat clay and lenses of soft to stiff lean clays and silt. Near shore gulf deposits average 10.4m thick and range in elevation from -60 to -124 feet. Pleistocene deposits underlie
near shore gulf, swamp, and abandoned course deposits and consist of interbedded, highly oxidized,
stiff to very stiff, fat and lean clays, silt, silty sand, and sand. The surface of Pleistocene deposits
averages -33.5m in elevation and these deposits extend to an unknown depth. Ground water in this
area is largely dependent on Mississippi River stage, but is generally close to ground surface. The
coarse sediments in point bar, abandoned distributary, abandoned course, and near shore gulf deposits are hydraulically connected to the river. Deeper aquifers occur at 60, 213, and 365m depths but
are too saline to be utilized.

4 DESIGN SOIL PARAMETERS
The limits for the 9 design reaches ( s e c t i o n s ) were further defined based on the CPT data. Reach
1 (Ranges U-251 to U-216) lies within point bar deposits. Reach 2 (Ranges U-215 to U-199) lies
within swamp; point bar, interdistributary, and near shore gulf deposits. Reach 3 (Ranges U-198 to
U-117) lies within swamp, interdistributary, and near shore gulf deposits. Reach 4 (Ranges U-116
to U-094) lies within deposits from an abandoned distributary. Reach 5 (Ranges U-093 to U-044)
lies within swamp, interdistributary, and near shore gulf deposits. Reach 6 (U-043 to D-014) lies
within point bar deposits. Reach 7 (D-015 to D-029) lies within deposits from an abandoned r i v e r
course. Both Reach 8 (D-030 to D-052) and Reach 9 (D-053 to D-075) lie within swamp, intradelta,
interdistributary, and near shore gulf deposits. Figures 5 and 6 show the design soil parameters for levee centerline and levee toe profile, respectively, within Reach No. 1
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Figure 5: Levee centerline design soil parameters for Reach No. 1
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Figure 6: Levee toe design soil parameters for Reach No. 1

These design soil parameters were utilized in the levee and bank stability analyses, as will be discussed
later in this paper. The soil properties of the silt strata were assumed to be γ = 19 kN/m2 c = 9.58 kPa,
and ϕ = 150. For sand layer, soil properties chosen were: γ = 19 kN/m2 c = 0, and ϕ = 300; where γ = total unit weight, c = undrained shear strength, and ϕ = angle of internal friction for the soil.

5 MISSISSIPPI RIVER LEVEE STABILITY ANALYSIS
The U.S. Army Corps of Engineers (USACE) – New Orleans district uses a program called Stability
with Uplift to perform levee stability analysis. A minimum factor of safety of 1.3 is required. Ranges U213 through D-245 were evaluated through the software for levee stability. Levee stability analyses
are invalid at Range U-067 due to a ramp at this location. The levee is greater than 152m from the
bank between Ranges D-008 and D-034, therefore no levee analysis was performed for these ranges.
Levee stability analyses indicate that a minimum levee factor of safety of 1.34 exists at Ranges D204 and D-205. Figure 7 shows the results of Levee Stability analysis from Ranges U215 to U199 within Reach 2.
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Figure 7: Results of Levee Stability analysis in Reach 2 (Ranges U215 to U199)

6 MISSISSIPPI RIVER BANK STABILITY ANALYSES
Ranges U0213 through D-245 were evaluated through Range Scan for bank stability. Figure 8 shows the
results of Bank stability analysis for Reach 7 (Ranges D-015 to D-029).

Figure 8: Results of Bank Stability analysis for Reach 7 (Ranges D-015 to D-029)
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A summary of the bank stability analyses indicating factor of safety less than 1.2 is shown in Table 1.
Range
U 068
U 066
U 065

Bank Safety Factor
1.12
1.18
1.18

Table 1: Bank Stability Safety Factors along the Poydras Revetment Levee

7 RECOMMENDATIONS

The Mississippi river levee and bank stability analyses indicated several areas with safety factor less
than 1.2. Grading of the levee was not recommended due to limited batture (the alluvial land between a
river at low-water stage and a levee) area and existing facilities on the river batture. For Ranges U-070
through U-069, an underwater rock berm was recommended at elevation -16.7m, with a 1(V):4(H)
slope. For Ranges U-068 through U-065, an underwater rock berm was recommended at elevation 16.6m, with a 6m bench and a 1(V):4(H) slope.

8 SUMMARY
A detailed subsurface soil exploration was performed near downtown New Orleans along the east bank
side of the Mississippi River to evaluate the existing Mississippi River levee and bank stability. Based
on field exploration results, interpretation of laboratory soil strength values, CPT data, geologic profile
and current surveys, nine (9) design reaches (sections) were developed for slope stability analysis. The
entire study area is underlain by artificial levee material and natural levee deposits consisting of soft to
stiff fat clay and very soft to firm lean clay with interbedded layers of silt and sand lenses. Slope Stability analyses were performed on multiple composite levee revetment cross-sections using the Stability
with Uplift program using the Method of Planes procedure. The Mississippi River levee and bank stability analyses indicated several areas with safety factor less than 1.2. Grading of the levee was not recommended due to limited batture area and existing facilities on the river batture. Therefore, an underwater rock berm was recommended at multiple locations within the project limits to arrive at an acceptable
minimum safety factor of 1.3.
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ABSTRACT: Traditionally, most of the research efforts on cone penetration test (CPT) based pile evaluations have focused mainly on axial "capacity" for offshore driven pipe piles in sands. The existing relationships were developed from the results of axial load tests on driven piles and penetrometer test data,
i.e., correlations of unit shaft resistance (fp) and unit base resistance (qb) with one or more of the following CPT readings: tip stress (qt), sleeve friction (fs), and shoulder porewater pressure (u2). Much less efforts have been directed towards bored piles, driven precast concrete piles and augured piles in clays and
mixed soil types. Similarly, no comprehensive work is known to have been reported for CPT-based evaluations of “complete axial load-displacement (Q-w) response.” A methodology is presented, where the
soil’s small-strain shear modulus (Gmax), evaluated from shear wave velocity (Vs) readings of the newer
seismic CPT, can be utilized within an analytical closed form solution to predict complete Q-w response.
A new set of non-linear modulus reduction curves [G/Gmax vs. pseudo-strains (wt/d)] are also presented,
where G represents the shear modulus at operative load, wt = corresponding settlement at the pile top,
and d = pile diameter. These curves have been derived from back-analysis of a large database of pile load
test results and Vs profiles of seismic CPT from a variety of worldwide sites. An interesting aspect of this
approach is that the assessment of capacity is not required for forecasting the Q-w response.
1 INTRODUCTION

The application of deep foundations provides a common mechanism of load transfer from the superstructure to the underlying geomaterials. The determination of soil stiffness is very important in reckoning the response of deep foundations in terms of allowable displacements resulting from the applied
load, starting from an initial value and leading up to the ultimate pile capacity. The nonlinear axial pile
load vs. displacement (Q-w) analysis can be performed via several approaches, including: (a) elastic
continuum solutions; (b) spring models, (c) numerical simulations, or (d) empirical approaches. In this
paper, the nonlinear Q-w behavior is handled using a hybrid method that combines an analytical elastic
closed-form solution (Randolph and Wroth 1979) with an appropriate strain-dependent softening
scheme for the profile of operative shear modulus (G) along the pile length. Many algorithms have been
developed to describe this stiffness reduction for different soils. These include hyperbolic stress-strain
relationships, power law expressions, and periodic logarithmic functions, as well as constitutive soil
models based on elasto-plasticity (Mayne 2005). It becomes difficult to strike a compromise between
simplicity, without regard for imprecise description of rather complicated stiffness reduction trends, and
improved accuracy at the cost of highly complex algorithms.
The evaluation of initial shear modulus (Gmax) in the range of strains less than the linear threshold becomes paramount. Elhakim (2005) showed that in-situ seismic tests provide much more definitive and
reliable means of assessing Gmax compared to laboratory tests. This fundamental stiffness Gmax can be
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conveniently obtained from in-situ measurements of shear wave velocity (Vs) during seismic cone penetration tests (SCPT or SCPTu).
In this paper, a framework has been established that combines two approaches: (a) backfigured moduli from load tests normalized to field Gmax measurements (Berardi and Bovolenta 2005); and (b) modified hyperbolic fitting of the corresponding G/Gmax reduction curves versus logarithm of shear strains
(Vardanega and Bolton 2013). This represents an effort to develop a set of modulus reduction curves
from the back analyses of a large number of pile load tests conducted in a broad assortment of different
types of geomaterials. This retro-investigation has been performed within the framework of analytical
elastic continuum solutions by Randolph and Wroth (1979). In addition to tests performed under conventional axial compression loading, this database also encompasses piles load-tested in uplift (or tension).
2 ELASTIC SOLUTION FOR LOAD-DISPLACEMENT ANALYSIS
Randolph and Wroth (1979) proposed closed-form analytical elastic solutions for a two layered soil medium, which provide a means for evaluating pile displacements under top-down axial compression loadings. Accordingly, for a compressible pile the solution for axial displacements at the pile top (wt) corresponding to the applied top load (Qt) is calculated from:
w =

(1)

where  = rb/ro = eta factor for underreamed piles; ro = d/2 = pile shaft radius; rb = db/2 = pile base radius
for underreamed piles; L = [2/()]0.5·(L/ro) = measure of pile compressibility;  = ln(rm/ro) = measure
of average radius of influence in the surrounding soil mass around the pile;rm = L{0.25 + ·[2.5 E·(1 –
s) – 0.25]} = average maximum influence radius along the embedded length of the pile (at this radius
the shear stresses become negligible);  = Ep/GL = pile-to-soil stiffness ratio; Ep = pile modulus; GL =
operative soil shear modulus at pile base (z = L);  = GL/Gb = factor for end bearing piles resting on
stiffer stratum (where Gb >> GL); Gb = soil shear modulus below pile base (for z > L); E = GM/GL =
modulus variation factor; GM = [Go + GL]/2 = operative soil shear modulus at mid of the pile length; Go
= operative soil shear modulus at the pile top; s = Poisson’s ratio of soil.
To extend this model to top-applied tension (or uplift) loading cases, the following observations need
consideration:
 A test pile which is loaded in uplift has the load applied to the pile shaft by a system pulling upward
at the top, thus placing the foundation into tension.
 The Poisson's ratio effect due to elastic deformation of the pile material for tension case tends to reduce the lateral stress at the pile-geomaterial interface, whereas the opposite occurs for the case where
the shaft is loaded in compression.
 Previous research studies (e.g. Coyle and Castello 1981; DeNicola and Randolph 1993; 1999; Elhakim and Mayne 2002; Brown et al. 2010) have concluded that the reported range of tensile to compressive shaft capacity ratio [t/c = Qs(t)/Qs(c)] spans between 0.50 and 0.90, with an overall average
value of 0.70. The results of this current research effort indicate that the ratio, t/c averages 0.76.
 In tension loading, shaft resistance (Qs) is the primary component of axial pile capacity. It implies
that the base resistance component (Qb) may not activate in case of tension loading. This could be
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true for the drained loading case where the pile foundation is embedded in coarse grained soils. However, for piles installed in silts and clays, undrained conditions exist, whereby suction effects at the
pile tip may generate a certain component of Qb in downward direction. McManus and Kulhawy
(1994) reported from field measurements during the tension phase of cyclic axial loading of a drilled
shaft in "Cornell clay" that measured excess pore water pressure (u) equal to one atmosphere (atm =
100 kPa) was generated at the pile tip. Here, u may vary ranging between zero and atm, depending
on the drainage characteristics of the soil at the pile tip.
To account for the above factors, the following modifications are proposed to the Randolph closed
form pile solution for the case of tension loading (also see Figure 1).
In coarse-grained soils, which exhibit drained loading, the tension load applied at the pile top (Qt) is
resisted by two components: (1) a reduced shaft resistance in tension [Qs(t)] along the pile length; and (2)
the pile buoyant weight (W). Accordingly, for sandy soils, the pile base resistance (Qb) component could
be neglected. Thereby, omitting the applicable terms, i.e., 4/[(1 – s)], in the numerator and denominator terms of Equation (1) that relate to the base contribution, the elastic solution reduces to the form
shown in Equation (2):
w =

(2)

In the case of piles in fine-grained soils, the tension load applied at the pile top (Qt) is resisted by
three components: (1) a reduced shaft resistance [Qs(t)] along the pile length; (2) pile buoyant weight
(W); and (3) a nominal resistance at the pile base (Qb) because of possible suction effects from the
change in pore water pressure generated beneath the pile tip. Since some base resistance component
forms part of the total resistance in the case of fine-grained soils, all terms of the elastic solution that account for the base resistance components still remains applicable, and thus Equation (1) stands for the
load-displacement analysis of piles in tension in fine-grained soils.

Figure 1. Elastic pile solution for estimating upward displacements for axial tension loading.
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3 BACK ANALYSIS OF OPERATIVE SHEAR MODULI FROM PILE LOAD TEST DATA
Identifying the versatility and convenience of elastic pile closed-form solutions, a scheme of
backanalyses of operational shear stiffnesses was formulated similar to the approach adopted by Berardi
and Bovolenta (2005). They proposed a semi-empirical method of matching field measurements via
backanalyses of pile load tests using analytical elastic solutions. This procedure enables the derivation of
the normalized operative field shear stiffness (G/Gmax) as a function of the pseudo-strain (p = wt/d).
Thus, they generated stiffness reduction curves based on actual field measurements from a limited database of similar situations (pile type, geometry, soil conditions, etc.) for piles tested in axial compression.
The G values obtained from these curves can thus be used in the same elastic solution to forecast the
nonlinear Q-w response of piles falling within the range of the database considered.
The above methodology was applied to a database of 299 pile load tests from 61 sites. The piles in
the database belong to the following four categories: (1) driven; (2) jacked; (3) bored cast-in-situ; and
augered, while the sites represent a wide variety of geomaterials. The rearranged forms of Equations (1)
and (2) were used for their respective applicable cases, as detailed below:
 The applied loads (Qt) and their corresponding measured displacements (wt) from each load test were
used in the above equations, depending upon their respective cases.
 The Gmax profiles and the related E factors obtained via Vs measurements at the pile sites, mostly
taken by either SCPT or SCPTu, indicated either relatively uniform conditions (i.e., homogeneous
case where modulus is constant with depth) or general Gibson soil types (modulus increases with
depth).
 The pile moduli (Ep), required for calculating the pile-soil stiffness ratios (= Ep/GL) and the measure
of pile compressibility (L) were adopted from the information given by their respective sources. For
other situations, where this information was not available, appropriate values from similar pile types
were assumed.
 For the soil Poisson's ratio (s) values, the following assumptions were made: drained conditions for
predominantly sandy soils (s = 0.20), while undrained conditions for predominantly clayey soil layers (s = 0.50). However, where this information was explicitly given in the original data source, the
reported values were adopted.
 Inherent in this framework of back analysis are the following two assumptions that are reasonably acceptable from an engineering point of view: (1) the stiffness is linearly dependent on the depth, although some real situations may portray a different trend, and (2) the back analyzed field stiffness can
be obtained keeping E constant, i.e., G along the shaft and at the base decrease at the same rate, although the shaft resistance mobilizes prior to the end bearing.
 Hidden in the parameters on both sides of the rearranged equations is the input of GL. A trial and error method (or a computer program capable of running the required iterations) can be used to match
the values of GL on both sides of the equation.
 The operative shear stiffness (G) values so obtained and normalized via G/Gmax as a function of p =
wt/d (%) provided the desired stiffness reduction trends.
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The combined back-analyzed stiffness reduction trends from 299 pile load tests of the database are
presented in Figure 2. As clearly evident, the data points present a wide scatter. To facilitate some consistency and thus to enable development of modulus reduction algorithms, suitable for future pile Q-w
predictions, the results are shown to have been sorted into groups based on pile typology and installation
method. This sorting points to a certain hierarchical order in which the stiffness reduction trends may be
ranked. Despite this general observation, significant scatter still exists within each category, which may
be attributed to different characteristics of the soil deposits in the database.

Figure 2. Back-analyzed moduli from 299 pile load tests in terms of normalized operative shear stiffnesses
(G/Gmax) vs. percent pseudo-strain (p), where p = wt/d.

Based on experimental laboratory data encompassing clays and sands, Vucetic and Dobry (1991)
identified plasticity index (PI) as a main factor affecting G/Gmax reduction curves for a wide variety of
soils. They developed design charts showing the modulus reduction curves as functions of PI, applicable
to dynamic loading conditions for seismic engineering concerns. However, these charts were not expressed mathematically for convenient quantification of the G/Gmax vs. log of shear strain (s) relationships. In a recent study of laboratory stress-strain curves, Vardanega and Bolton (2013) presented a new
scheme for shear modulus estimation of clays and silts, defined via G/Gmax vs. /ref. Here ref refers to
the value of shear strain where Gmax reduces to one-half of its initial maximum value. They characterized
their dataset by fitting a modified hyperbola via the following transformed system:
log10[(Gmax/G) – 1] =  log10(/ref)

(3)

where  = 0.736 for static loading and 0.943 for dynamic loading. To explore the robustness of their relationship to ref, regression analyses were performed on individual soil properties, thereby tying ref to
the PI of the soil. Thus, they developed new PI based curves for both dynamic and static loading, along
with their respective design equations. With such trends having already been established, it was considered reasonable to tap into the potential of exploring the effects of PI on this latest framework of G/Gmax
vs. p, and then apply this approach to the pile response database in an analogous manner.
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4 MODEL FITTING
It is evident from Figure 2 that the relationship between the predictor variable (p) and the response variable (G/Gmax) is nonlinear for the entire dataset as well as different pile categories. To linearly characterize the relationship for simple regression purposes, a modified hyperbolic model was fitted to the four
categories of the dataset after transforming their variables to the form used by Vardanega and Bolton
(2013). The resulting plots along with their respective linearized trend lines are shown in Figure 3. The
reverse-transformation of the best-fit line equations results in the following generalized correlation:
=

.

%

(4)

.

where the coefficient 1 and exponent 1 are parameters that identify with the pile typology, as
presented in Table 1.

Figure 3. Modified hyperbola fitted to the transformed predictor and response variables of G/Gmax vs. p formulation: (a) driven piles data; (b) jacked piles data; (c) auger piles data; (d) bored cast in-situ piles data.

To mitigate the scatter within each category of piles, it was considered prudent to incorporate the influence of PI in the new design formulation. Therefore, the data were additionally sorted based on the
soil PI information. Accordingly, the slopes and intercepts from linear regressions of the transformed
predictor and response variables were obtained for different PI values within each category of piles. The
reverse transformation of these linear regression fitting models resulted in additional sets of coefficients
and exponents (2 and 2) that present the effect of PI. Equation (4) thus takes the following form:
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=

.

%

(5)

.

In Table 1, the functions defining 2 and 2 were obtained by plotting them vs. their percent PI values and then force-fitting a hyperbolic tangent function through the data points. The use of this formulation offers an advantage of limiting the upper and lower values of the curve fitting coefficient 2 and
exponent 2, restraining the predicted values from being non-representative near the outer bounds of the
database, and thereby providing improved fitting.

Table 1. Coefficients and exponents for G/Gmax vs. percentp formulation (Equations 4 and 5).
Pile type

1

1

2

2

Driven

0.837

1.068

2.1 – 1.8·tanh[0.03·PI (%) – 0.01]

1.08+0.3·tanh[0.025·PI (%) – 0.95]

Jacked

0.648

1.247

1.4 – 1.3·tanh[0.015·PI (%) – 0.2]

1.05+0.21·tanh[0.03·PI (%) – 1.2]

Auger

1.176

1.013

1.8 – 1.5·tanh[0.03·PI (%) – 0.23]

1.05+0.17·tanh[0.037·PI (%) – 1.5]

Bored Cast In-situ

1.912

0.971

1.4 – 1.3·tanh[0.02·PI (%) – 0.07]

1.16+0.3·tanh[0.025·PI (%) – 1.0]

5 DESIGN CHARTS AND APPLICATION

For convenience in application, the new design formulations have been presented in graphical form.
Accordingly, a set of design charts are now available for the four categories of piles (see Figure 4).
These charts also show their respective design equations pertaining to the pile type and those for estimating their respective coefficients 2 and exponents 2 that integrate the PI influence on modulus reduction. The general trends appear to be consistent with the Vucetic and Dobry (1991), and Vardanega
and Bolton (2013) design charts and equations.
The new sets of G/Gmax vs. p design charts can be used within the elastic continuum framework to
predict loads (Qt) for different values of displacements (wt), so as to derive their complete non-linear Qw curves. The methodology is summarized in the flow chart shown in Figure 5. The steps can be conveniently implemented in a spreadsheet. It is, however, noted that the charts shown in Figure 4 present
synthetic curves that were derived from the trends of backfigured operative moduli from the load tests.
These curves are essentially hyperbolic, implying that the calculated load-settlement curves (Q-w) will
also be hyperbolic in shape. In such case, the limiting values must be defined beyond which the relationship will not apply. In a recent study by Mayne and Woeller (2014) on footings in sand, clay and silt,
following cut-off values were recommended for stress vs. normalized displacements, which can also be
considered as pseudo-strains: (w/d)max = 3% (clays), 7% (fissured clays), 10% (silts), and 12% (sands).
While these upper cut-off limit values are currently being researched for deep foundations, the values
suggested by Mayne and Woeller (2014) may be adopted as a first approximation.
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Figure 4. Design charts for shear stiffness reduction for application in the pile foundation analysis.

Figure 5. Flow chart detailing steps for estimating pairs of load-displacement
values from the new design charts.
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6 CONCLUDING REMARKS

A new set of shear stiffness reduction charts are developed from the back-analysis of a database of
pile load tests and Gmax from Vs readings of SCPT. These charts offer convenience in the axial Q-w
analysis of different categories of pile foundation within the framework of elastic continuum solution by
Randolph and Wroth (1979). The charts also account for the plasticity characteristics of the soil deposit
at the site. An interesting aspect of this new formulation is that the assessment of capacity is not required
for forecasting the Q-w response. Moreover, this formulation presents a new use of the geophysical
component of CPT, specifically in the context of the overall pile Q-w response, since all previous CPTbased formulations dealt with "pile capacity singularity" using penetrometer readings of qt, fs, and/or u2.
It is likely possible to further refine the methodology by including additional test results from different
categories of pile types, by treating the sand sites separately, and further analyzing these on the basis of
relative density information, and/or other geotechnical site characteristics.

REFERENCES
Berardi, R. and Bovolenta, R. (2005). "Pile-settlement evaluation using field stiffness non-linearity." Proceedings,
Institution of Civil Engineering, Geotechnical Engineering, 158(GE1): 35 – 44.
Brown, D. A., Turner, J. P. and Castelli, R. J. (2010). "Drilled shafts: construction procedures and LRFD design
methods." Report FHWA-NHI-10-016, Federal Highway Administration, McLean, VA: 971 p.
Coyle, H. M. and Castello, R. R. (1981). "New design correlations for piles in sand." Journal of the Geotechnical
Engineering Division, 107(GT7): 965 – 986.
De Nicola, A. and Randolph, M. F. (1999). "Centrifuge modelling of pipe piles in sand under axial loads."
Géotechnique 49(3): 295 – 318.
De Nicola, A. and Randolph, M. F. (1993). "Tensile and compressive shaft capacity of piles in sand." ASCE
Journal of Geotechnical Engineering, 119(12): 1952 – 1973.
Elhakim, A. F. (2005). "Evaluation of shallow foundation displacements using soil small-strain stiffness." Ph.D.
Thesis, Georgia Institute of Technology.
Elhakim, A. and Mayne, P. W. (2002). "Discussion: Construction effects on drilled shaft response." Journal of
Geotechnical and Geoenvironmental Engineering, 128(5): 448 – 450.
Mayne, P. W. and Woeller, D. J. (2014). "Generalized direct CPT method for evaluating footing deformation response and capacity on sands, silts, and clays." ASCE GeoCongress 2014 (accepted).
Mayne, P. W. (2005). Invited Keynote: "Integrated Ground Behavior: In-Situ and Lab Tests." Deformation Characteristics of Geomaterials, Vol. 2 (Proceedings, IS Lyon'03), Taylor & Francis Group, London: 155 – 177.
McManus, K. J. and Kulhawy, F. H. (1994). "Cyclic axial loading of drilled shafts in cohesive soil." Journal of
Geotechnical Engineering, 120(9): 1481 – 1497.
Randolph, M. F. and Wroth, C. P. (1979). "A simple approach to pile design and the evaluation of pile tests." Behavior of Deep Foundations, STP 670, ASTM, West Conshohocken, PA: 484 – 499.
Vardanega, P. J. and Bolton, M. D. (2013). "Stiffness of clays and silts: normalizing shear modulus and shear
strain." Journal of Geotechnical and Geoenvironmental Engineering, 139 (9): 1575 – 1589.
Vucetic, M. and Dobry, R. (1991). "Effect of soil plasticity on cyclic response. " Journal of Geotechnical Engineering, 117(1): 89 – 107.

1111

1112

3rd International Symposium on Cone Penetration Testing, Las Vegas, Nevada, USA - 2014

CPT based settlement prediction over California soft rock
S. A. Bastani, G. P. Silver, and D. R. Atkinson
GMU Geotechnical, Inc., Rancho Santa Margarita, California, USA

ABSTRACT: Settlement is a critical parameter for designing shallow foundations. Geotechnical engineers routinely overestimate settlement of shallow foundations bearing on soft rock due to sample disturbance, resulting in unnecessary conservatism and, in some cases, deep foundations. Several methods
were evaluated to estimate the settlement of a mat foundation supporting a 20-story class A office tower
in southern California. These methods included: i) using finite element analysis based on the Winkler
foundation model and subgrade modulus based on elastic properties of the bedrock, ii) Terzaghi’s traditional one-dimensional consolidation theory using laboratory tests, and iii) Terzaghi’s one-dimensional
consolidation theory based on constrained modulus using CPT results. These analyses were compared
with actual survey results taken during the building construction to determine the most suitable method
for estimating soft rock settlement.

1 INTRODUCTION
Bearing capacity and settlement are two parameters considered in foundation design. However, foundation settlement is usually the limiting factor for the design foundation bearing pressure. Compression of
soils and soft rocks are affected by a number of different mechanisms including void reduction, bending
and distortion of solids, fracture of solids especially at the contact points, etc. (Sowers, 1979). In 1925,
Terzaghi published his “Erdbaunmechanik on Soil Physical Basis” explaining the fundamentals of consolidation and modern soil mechanics. Terzaghi’s one-dimensional (1-D) consolidation theory is regularly used by engineers to evaluate settlement of soils and soft rock under foundation loads.
One of the major issues for evaluating consolidation parameters based on laboratory testing is sample disturbance. Sample disturbance can affect the gradient of the virgin compression and unloading
curves in addition to the preconsolidation pressure. Soil disturbance during sampling may be reduced by
using thin walled samplers or other advanced sampling methods. Ladd and Foott (1974) and Ladd and
DeGroot (2004) recommended procedures to reduce sampling disturbance effects on soft soil settlement
calculations, resulting in a more accurate estimate of the consolidation parameters. Although these
methods may work for soft soils, they are very difficult to implement for very stiff soils and soft rocks.
Evaluation of soil compression using in-situ testing, whenever possible, can minimize the errors introduced by sampling and laboratory testing procedures.
2 PROJECT DESCRIPTION
A mat foundation was considered for a new 20-story class-A office tower in southern California. The
project was investigated by excavating seven bucket auger borings to depths ranging from 16.2 to 22.3m
below ground surface (bgs), three hollow-stem auger borings to a depth of 33.5m bgs, and advancing
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four Cone Penetration Tests (CPTs) to depths ranging from 13.7 to 20.4m bgs. A total of 26 consolidation tests were performed as part of this and earlier investigations. The tower has an approximate footprint of 1,858 m2. Column dead loads ranged between 2.5 MN (562 kips) and 15 MN (3375 kips) and
dead plus live loads varied between 3 MN (674 kips) and 23.5 MN (5,283 kips) for an average dead load
mat footing pressure of 250 kPa (5.2 ksf).
The project area is within the northwestern portion of the Peninsular Ranges Province and at the
southeastern extremity of the Los Angeles Basin. The site lies within a series of uplifted terraces between Newport Bay to the north and the San Joaquin Hills to the south. The Monterey Formation,
which is Miocene in age, was encountered below a thin layer of Terrace Deposits in all borings. The
Monterey Formation consisted predominantly of low to moderate plasticity siltstone and claystone interbedded with thin sandstone beds. High plasticity intervals and shear zones (MH & CH) were also present within the formation.
Two CPTs (one of which included shear wave velocity measurements) and a boring were excavated
within the tower footprint. Prior to construction, the building site was underlain by approximately 4.5m
of granular Terrace Deposits overlaying Monterey Formation bedrock. The Monterey Formation is a
California soft rock with Standard Penetration Test (SPT) blowcounts between 23 to 80 blows per 0.3m
of penetration measured to a maximum depth of 33m.
Figure 1 presents a representative CPT profile of the site with the measured and estimated shear
wave velocities of the site. The CPTs had average tip resistance values of 6 MPa (125 ksf) and 10 MPa
(209 ksf) in the Terrace Deposits, and the upper 15m of the Monterey Formation, respectively, with
some lenses of high tip resistances (qt >30 MPa or 626 ksf). The estimated shear wave velocities were
estimated using procedures recommended by Robertson (2009), which correlated well with the measured values reflecting the slight cementation in the soft rock.
The tower was supported on a variable thickness mat foundation. The mat foundation was founded
on 1.5m of on-site select granular engineered fill derived from the Terrace Deposits compacted to a minimum relative compaction of 95% per ASTM D1557. Monterey Formation soft rock material approximately 6m below the original ground surface underlies the thin zone of engineered fill. The following
sections discuss the procedures used for evaluation of the mat foundation settlements, which are compared with the survey values measured during different stages of construction.
3 SETTLEMENT EVALUATION
Mat (raft) foundations are generally used where the total and/or especially differential settlement of the
spread footings is an issue. Mat foundations result in less settlement by spreading the column loads over
a larger area and bridging soft lenses of compressible soils. In addition, the rigidity of a mat foundation
can connect the columns and prevent differential movement of individual columns, thus allowing a larger tolerance for total settlements. Settlement of the mat foundation was evaluated using three different
methods: i) Finite Element Analysis (FEA) using the Winkler foundation model over an elastic subgrade and measured shear wave velocity, ii) the one-dimensional (1-D) Terzaghi’s consolidation theory
using consolidation laboratory test results, and iii) the 1-D Terzaghi’s consolidation theory using the
constrained modulus from CPT data.
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3.1 Method 1 – Finite Element Analysis Using Winkler Foundation Model Over Elastic Subgrade

The Winkler foundation model considers a linear relationship between the bearing pressure and foundation deflection. This model is presented with a simple equation as follows:

(1)

ܲ = ݇௦ݓ

Where, P is bearing pressure, ks is the subgrade modulus, and w is the foundation deflection. Terzaghi
(1955) recommended adjusting the subgrade modulus ks for full-sized footings based on plate-load tests
and foundation size for clay as follows:

݇௦ = ݇ଵ

భ

(2)



k1 is the subgrade modulus based on a 30x30cm (B1 = 30 cm) plate load test. Vesic (1961a and b) correlated the subgrade reaction modulus to modulus of elasticity of subgrade and foundation size as presented in Equation 3.
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Where Es and Ef are modulus of soil and foundation, and B and If are footing width and its moment of
inertia based on cross section, respectively. Since the twelfth root of any value times 0.65 will be close
to 1, Equation 3 may be simplified to Equation 4 for practical purposes.

݇௦ =

ாೞ

(ଵିఓమ)

(4)

Based on the measured shear wave velocities from seismic CPT, the average shear wave velocity was
estimated to be 335 m/s for the upper 15 m of bedrock below the mat slab, which resulted in a bedrock
Young’s Modulus of 600 MPa (1,250 ksf) assuming a Poisson ratio of 0.35. The subgrade modulus (ks)
was estimated to be 15.5 MN/m3 (57 pci) for a 42.7 by 42.7 m mat slab using Equation 4. The maximum settlement of the mat slab was estimated to be about 15mm using FEA. Figure 2 presents the settlement contours in inches for this case. A parametric study showed that the maximum total settlements
varied between 5 mm and 47 mm for subgrade modulus of 68 MN/m3 (250 pci) and 3.6 MN/m3 (13 pci),
respectively.
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Figure 2- Mat slab settlement contours in centimeters under 100% of dead loads for ks = 15.5 MN/m3 (57 lbs/in3)

3.2 Method 2 – 1-D Terzaghi’s Consolidation Theory Using Consolidation Laboratory Tests

The second method used was the conventional 1-D consolidation theory. Since the mat slab was supported by 1.5 m of engineered fill compacted to 95% relative compaction per ASTM D1557 and bedrock, the slope of the consolidation test rebound curve was used to evaluate the mat slab settlement.
Seven consolidation tests were performed on samples of the bedrock obtained using a thick walled Modified California driven sampler. Three consolidation tests were also performed on compacted fill samples. Due to the over-consolidated nature of the bedrock and compacted fill, the settlements under the
building loads were expected to be predominately elastic and to occur along the unloading curve. The
slope of the bedrock rebound curves (Cs) ranged between 0.6% and 2.8% with an average of 1.59%,
standard deviation of 0.78%, and a minimum value of 0.6%. The compacted engineered fill behaved
more uniformly with a Cs range of 0.23% to 0.4% with an average of 0.32%. A settlement of 57 mm
was estimated below the middle of the mat slab using the average Cs of 1.59% for bedrock with Cs of
0.32% for engineered fill. The settlement magnitude was reduced to 21.6 mm when the minimum Cs of
0.6% was used for the bedrock.

3.3 Method 3 – 1-D Terzaghi’s Consolidation Theory Using Constrained Modulus from CPT Data
The soil 1-D constrained modulus “M” can be estimated utilizing CPT data (Robertson, 2009). M is
linked to consolidation parameters as follows, where mv is the 1-D coefficient of compressibility:

1117

= ܯ

ଵ

ೡ

=

dsೡ
de

=

ଶ.ଷ(ଵା)sᇱೡబ


(5)

The constrained modulus is correlated to CPT tip resistance by the following empirical relationship:

ߙ = ܯெ (ݍ௧ − s௩)

(6)

Robertson (2009) recommended the following correlations between αM and qt, which consider the soil
behavior type index (Ic) in addition to the cone penetration tip resistance:

If Ic > 2.2:
αM = Qt

Qt < 14

αM = 14

Qt > 14

If Ic < 2.2:
ߙெ = 0.0188 [10(.ହହூାଵ.଼) ]

(7)

Robertson (2009) also suggests that estimation of drained 1-D constrained modulus from undrained cone
penetration will be approximate, and the estimation may be improved by additional soil information
such as plasticity index, natural moisture content and in-situ shear wave velocity. Finally the volumetric
strain of soil and the settlement may be calculated using Equations 8 and 9, respectively.

e௩ =

Ds′௩ൗ
ܯ

Dsᇱ
 =ݏ൭ ௩ൗ ܯ൱ ܪ

(8)

(9)

Two CPTs were performed within the tower footprint. Using the constrained modulus, total settlements
of 16.5 mm and 18 mm were estimated at these locations for a uniformly distributed total load.

4 OBSERVED SETTLEMENTS
The mat slab settlement was measured at several locations at different times during the building construction. The final measured settlements were surveyed when approximately 83% of the dead loads
were applied (i.e., 100% of steel and concrete, 50% of studs, and 15% of drywall loads). The surveys
were not continued due to budget and measurement difficulties. The measured settlement at 83% of the
dead load was 20.1mm. Although the mat slab was relatively thick, FEA indicated that the foundation is
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still flexible enough to have bearing pressure concentration differences between the inner core and the
area between the core and the outer column on the order of 3 times. In order to compensate for the uneven distribution of the bearing pressures, a minimum uniform stress distribution was considered below
the mat foundation and additional segments of stress were applied independently as separate foundations
at different areas to model the stress concentrations. The calculated settlements were later added for different sections of the mat foundation. Since the engineered fill and bedrock deformations were assumed
to occur along the consolidation rebound curves and are elastic deformation, this approach was considered acceptable.
Therefore, considering 83% of the dead load at the time of the final survey at the site and the stress
concentration below the mat slab, the following table compares the maximum estimated settlement of
the mat slab using different methods with the observed settlements:
Table 1 – Comparison of the maximum observed settlement and estimated settlements
Estimation Method

Settlement (mm)
@ 83% Dead Load

1-D Consolidation (Ave. Cs , Max. Cs, Min. Cs)

52.6, 92.7, 19.8

FEA* using Winkler Foundation Model and ks
from Vs

12.7

CPT

15.3 - 19.3

Measured Settlements

20.1

* FEA: Finite Element Analysis, interpolated based on the percentage of the applied dead load at the time
of measurement (i.e., 83% dead load).

The modulus values based on laboratory consolidation tests resulted in the widest range of estimated
settlement. While the estimated settlement based on the average rebound slopes resulted in a settlement
more than 2.5 times the measured value, the maximum measured rebound slope resulted in excessive
settlements, and the minimum measured rebound slope (assuming it was the least disturbed sample) resulted in a reasonable value. Sample disturbance can have a major effect on the results from consolidation tests. The FEA using the elastic subgrade modulus underestimated the settlement due to the sole
use of elastic bedrock properties.
Finally, the CPT provided an easy method for estimating the settlement predicting the elasto-plastic
bedrock deformation by the constrained modulus. The CPT data resulted in significantly less variation
than the consolidation tests.
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5 SUMMARY
This paper presents an evaluation of settlement of a large mat foundation constructed over Monterey
Formation soft rock in southern California. Monterey Formation is silty clay to clayey silt soft California bedrock. The samples used for laboratory consolidation tests are generally obtained by hammering a
thick wall Modified California sampler into the ground. Due the sampling method, the samples are disturbed and the traditional consolidation tests result in high settlement estimates. The sample disturbance
may be significantly reduced using a high quality sampling method such as Pitcher Tube sampling and
careful sample set up.
Bedrock settlement is generally associated with elastic deformations as opposed to plastic deformations. Therefore, the deformation analysis using the elastic properties of the bedrock, such as subgrade modulus obtained from measured rock elastic properties, results in a reasonable estimate of the
mat slab settlement. However, the settlements are expected to be underestimated since only the elastic
deformation of the soft rock is considered in the analysis.
This case history demonstrates that using conventional consolidation test results may direct the geotechnical engineer to much more conservative design recommendations such as potentially recommending deep foundations since engineers generally use the maximum potential settlements to reduce
their liabilities due to the high uncertainties shown by the test results.
CPT results combined with constrained modulus approach resulted in: i) reliable evaluation of the
site based on continuous measured properties of the subsurface material, ii) introduction of no sample
disturbance, iii) the least variation, and therefore iv) a reasonable estimate of the bedrock settlement
considering both elastic and plastic deformation of the bedrock. CPTs have the penetration limitation
and refusal wherever a hard layer is encountered. If the hard layer is consistent below the refusal depth,
its contribution to the settlement may be considered negligible, otherwise, the hard layer should be
predrilled and CPTs should be continued.
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ABSTRACT: Screw auger displacement piles and columns have been used for decades by the piling industry worldwide as foundation elements for structures and settlement control elements for embankments. The majority of screw auger displacement piling work is carried out in fine-grained soils and in
most cases the piles or columns are designed with socket lengths of several metres into stiff clay, which
acts as a bearing layer. The paper presents the results of stress monitoring during the installation of two
different auger types and describes only a portion of a larger research project. Ground changes before
and after pile installations were measured with standard piezocone (CPTu) and dilatometer (DMT)
equipment. In order to be able to measure stresses during pile installation a CPT frame was designed
and manufactured to push a standard CPTu cone (25 MPa capacity) into the ground at an angle of 45°
prior to pile installation.

1 INTRODUCTION
The behaviour of fine-grained soils during the installation of screw auger displacement piles is the topic
of an ongoing research project of the Geotechnical Engineering Centre within the School of Civil
Engineering at The University of Queensland, Australia.
This research project investigates the behaviour of the stiff clay surrounding the pile or column toe
during auger penetration, concrete pumping and auger extraction. The study focuses on the stress and
displacement fields around the pile before installation, during installation and after installation, in order
to better predict the installation stresses, displacements in the ground and the potential changes in the
clay due to over-stressing caused by the displacement effect of the augers.
In order to be able to measure stresses during pile installation a CPT frame was designed and
manufactured to push a standard CPTu cone into the ground at an angle of 45° prior to pile installation.
The main advantage of the innovative approach of using a raked CPTu for measuring stresses in the
ground was that the installation of the CPTu caused little disturbance to the soil compared to
conventional earth pressure measurement sensors. Furthermore, it was possible to measure the pore
water pressure changes during auger pile installation.
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Screw auger displacement piles have been used since the 1960s as foundation piles or rigid
inclusions for the foundations of structures and embankments worldwide (Bustamante and Gianeselli,
1998). The installation methodology of this pile type relies on the installation of a purpose-built auger
that is attached to a hollow stem connected to the drill head of the piling rig. After reaching the design
depth, concrete is pumped through the hollow stem and the auger is extracted with the tip always
embedded into fresh concrete. As illustrated in Figure 1, the installation sequence includes five distinct
steps. It is important to highlight that screw auger piles can have different shapes and can be designed to
fully, partly or not displace the surrounding soil during the installation process. This soil displacement
process can influence the bearing capacity of piles, but can also result in damage of adjacent structure
and buildings.
Installation of Screw Auger Displacement piles:
1. Set up auger at pile position and install cap to close
concrete outlet at auger tip.
2. Install auger by rotating clockwise and applying
vertical pull-down force.
3. Drill auger to design depth; the displacement body
of the auger pushes the soil cut by the auger tip into the surrounding ground.
4. Pump concrete through hollow auger stem and extract auger while rotating clockwise, always maintaining positive concrete pressure with the auger
embedded in fresh concrete.
5. Install reinforcement into fresh concrete, if required.
Figure 1: Installation method and steps for Screw Auger Displacement piles (after Bauer Spezialtiefbau GmbH)

Several authors have compared the stresses in the ground before and after pile installation for
granular (Slatter 2000) and cohesive ground conditions (Larisch et al. 2013, Huybrechts, 2001) typically
measured by Cone Penetration Tests (CPT) or Marchetti Dilatometer tests (DMT). Some authors have
measured the stress changes during pile installation using DMTs (Peiffer 2008, Slatter 2000), but there
is no evidence in the literature in which stress changes during the installation process of screw auger
piles were measured with cone penetration (CPT or CPTu) devices. The advantage of the latter
technique is the inclusion of pore water pressure measurement during the installation process.
Stress changes in the soil formation during the installation of screw auger piles are an important
indicator of soil behaviour. For granular soil, compaction has been proven by several researchers (Slatter
2000, Schmitt et al. 2003), but the improvement of cohesive soils by screw auger displacement pile
installation has only been mentioned by van Impe et al. (1988) for Atlas full-displacement piles. Van
Impe et al. (1988) found that during the installation of Atlas displacement piles in clay, the soil was
displaced and remoulded at the pile shaft, which resulted in improved shear strength of the displaced
clay near the shaft. Laboratory tests on samples of the displaced clay indicated that the shear strength of
these cohesive soil samples had significantly higher values than the surrounding natural soil. However,
no measurements were carried out during pile installation.
The penetration into firm or stiff clay layers has been a design requirement for screw auger displacement pile or rigid inclusion projects in Australia (Wong and Muttuvel 2011) over the past few
years.
Socket penetration of stiff clays with screw auger displacement augers can be difficult as these materials cannot be easily penetrated and displaced. However, in many designs the penetration of a stiff clay
layer is required to ensure sufficient load transfer through the piles or columns.
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Hence, it is important to understand the behaviour of fine-grained cohesive soil during the penetration
of screw auger displacement augers, especially the degree to which the soil is compacted or remoulded
during the penetration process. It is the aim of this research project to optimise the socket lengths into
stiff clay layers as far as possible, since socket penetration is the most difficult and time-consuming part
of the construction sequence. A suitable test location comprising stiff clay was selected in the northern
suburbs of Brisbane in order to investigate the stresses and displacements of screw auger displacement
piles in stiff clay using different screw auger types. The auger details are displayed in Figure 2 and further details can be found in the relevant literature (Larisch et al. 2012, Larisch et al. 2013):
Pile B – CFA auger (non-displacement)
Constant penetration rate

Pile D – Rapid displacement auger with a long
lower auger section
Decreasing penetration rate due to lack of torque
capacity of the piling rig during penetration
Figure 2: Two different test augers: Pile B – non displacement and Pile D – rapid displacement

2 SITE CONDITIONS
The field site for this research project is located in Lawnton, Queensland (Australia) in the northern suburbs of Brisbane. The ground conditions consist of stiff clay overlying gravel and decomposed rock.
CPTu’s and boreholes were carried out and the typical soil profile to 4 m embedment depth in stiff clay
is displayed in Figure 3.

Figure 3: CPTu testing rig set-up (left) and typical ground conditions on test field (right)
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The soil samples taken from the relevant borehole were further tested in the laboratory using odometer and triaxial tests. The average undrained shear strength of the stiff grey clay, which is the founding
layer of all tests piles was determined to be su = 250 kPa.
3 SITE SET UP
For the measurement of the stress changes in the stiff, grey Lawnton Clay, a new approach of using
CPTu equipment was utilised. The 25 MPa capacity 10 cm2 cone was installed at an angle of 45° and
left in the ground during the pile installation process. Pore pressures were measured on the face of the
cone in the u1 location. A purpose-built frame was designed and built by a sponsor of the research project, Insitu Geotech Services. The idea behind this approach was to be able to observe lateral stress
changes in the soil (total stresses and pore water pressures) caused by displacement of the soil during the
pile installation process. Measurements were taken every 5 seconds and recorded manually. The distance between the tip of the cone and the edge of the proposed pile was 225 mm, which is equivalent to
0.5 pile diameters.
The use of a raked CPTu rather than a DMT (Peiffer 2008) was considered to provide more sophisticated data as the pore water pressure in the soil could be observed as well. This is a major advantage
over the use of the DMT or standard earth pressure cells, the latter requiring more effort to install, resulting in potential disturbance of the soil around the test piles.
The typical set-up is shown in Figure 4.

1,500mm
225m
m

Figure 4: Raked (45°) CPTu set up for monitoring ground stresses during auger pile installation

The actual tests readings qc measured were modified in order to reflect the lateral stress changes in the
ground σH using Equation 1 below:
σH = qc measured * cos 45°

(1)
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It can be argued that the lateral stress changes need to be reduced by the factor defined in Equation 1 as
the stress field around the cone has a “bulb” shape. However, the authors would like to leave this point
as a discussion topic. For the purpose of this paper the reduction factor has been applied.
4 TEST PREPERATION
The monitoring of the first test pile (pile A, which is not included in this paper) was carried out with a
separation of only 10 mm between the tip of the cone and the outside of the pile. Unfortunately, the cone
deviated during installation, resulting in an angle much lower than the proposed 45°. As a result, the
cone encroached into the installation space of the pile and was hit by the auger during its installation.
The test was stopped and the results are not presented in this paper. The cause of the deviation of the
cone was penetrating the overlying 500 mm thick working platform made of gravel. As a result of this
experience, the CPTu entry was pre-drilled through the gravel layer and about 200mm into the stiff clay
in order to ensure an angle of 45°. Furthermore, the distance between the tip of the cone and the outside
of the pile was increased to 225 mm (equivalent to 0.5 pile diameters) in order to have some safety margin for the cone. The holes in the working platform were backfilled with sand after the installation of the
CPTu and no further cone damage occurred throughout the test series.
To assure pore pressure response in the stiff soils CPTu cones were installed 100 mm short of their
final position, extracted and the cavity filled with water. Then the cone was reinstalled, pushed a further
50 mm into the stiff clay and left over night. The following morning, before the start of auger installation, the cone was pushed the remaining 50 mm to its proposed position 1.5 m below the surface and
225 mm away from the edge of the proposed pile.
5 TEST RESULTS
The test results are displayed in Figures 5 and 6. It can be clearly observed from the plots that both auger
types caused increased total stress in the soil during pile penetration, while the total stresses decreased
during the pumping and extraction phases.
For pile B, the measured lateral stresses (total stresses) were always below the undrained shear
strength of the grey Lawnton Clay (su = 250 kPa), indicating that the soil has not sheared and remoulded
during the installation of the CFA auger. The total stresses increased almost linearly during the penetration phase up to about 200 kPa as the auger tip passed the cone location. For the remaining 2,500 mm of
pile penetration to the toe level, the total stresses measured by the cone varied between 160 kPa and 200
kPa, showing a slight variation. After reaching the final depth, the total stress dropped significantly to a
value of about 100 kPa. After the commencement of pumping and extraction, the measured total stresses
increased to values between 100 kPa and 140 kPa, again showing a variable pattern during the entire
concrete placement phase. The final total stress reading at completion of the pile was 120 kPa.
The variation in σH, during auger installation, was likely caused by the clay inside the auger flights
not being sheared exactly in line with the outer pile diameter and lumps of clay being transported inside
the auger, which encroached into the surrounding soil during auger rotation and increased the pressure
exerted during rotation against the location of the cone. This explanation is also valid for the other pile
installed, for which a similar variation was also evident.
The measured pore water pressure was almost constant throughout the pile installation process, at
between 90 kPa and 100 kPa. The changes in total stress can be related to changes of effective stresses
in the soil during auger penetration. It should be noted that pile B was installed with constant penetration
rates of the auger.
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Figure 5: Corrected lateral ground stresses during installation of test pile B monitored by raked CPTu

Figure 6: Corrected lateral ground stresses during installation of test pile D monitored by raked CPTu. The letters
in the graph and in the sketch of the auger show the time step at which the corresponding position of the auger
reached the observation point of the CPTu.
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Pile D was installed using a rapid displacement auger, which caused significant over-stressing and
remoulding of the grey Lawnton Clay, that exceeded the undrained shear strength su = 250 kPa even before the auger tip reached the location of the cone. Total stresses of up to 500 kPa were measured, increasing almost linearly before the stresses reached a plateau of 500 to 600 kPa as the displacement
body (auger section between points B and C in Figure 6) passed the cone location. When the displacement body passed the cone, the total stresses dropped to 400 kPa and eventually to 220 kPa during the
pumping phase. Throughout the extraction phase, a variation was observed, with stresses between
250 kPa and 300 kPa, reaching about 270 kPa (approximately the undrained shear strength of the stiff
clay) at pile completion.
The initial pore water pressure was almost 400 kPa before the start of pile penetration. The pore water
pressure remained constant up to the point when the displacement body reached the location of the cone,
then the pore water pressure dropped to almost zero. It increased slightly after the pumping phase, to
about 90 kPa after the completion of the pile. The rapid drop and slow increment of the pore water pressure for this test can be explained by the remoulding of the clay. Representative pressure readings could
not be obtained as the soil was over-stressed and changed it’s structure. It should be noted that the penetration rate of pile D was not constant throughout the penetration process. Due to limited rotational
torque capacity of the piling rig, the penetration rate decreased at the bottom section of the pile.
6 CONCLUSIONS, DISCUSSION AND RECOMMENDED FURTHER RESEARCH
Stress monitoring using a raked CPTu was successfully carried out during the installation of screw auger
displacement piles during a research project in Brisbane. Results showed that the rapid displacement auger (pile D) over-stressed and remoulded the stiff, grey Lawnton Clay. At test completion the measured
stresses were very close to the undrained shear strength of the clay (su = 250 kPa), indicating soil failure.
The CFA pile (pile B) showed measured lateral stresses below the undrained shear strength of the
stiff, grey Lawnton clay and consequently no shearing took place at the cone location. The increased
pressure of about 120 kPa at pile completion can be interpreted as an improvement of the original soil
shear strength (van Impe et al. 1988) and that the clay was remoulded without failing. It is suggested by
the authors to change the term non-displacement augers to partial-displacement augers for small diameter CFA augers, in order to recognize the potential soil improvement capabilities of this auger type due
to the relatively large diameter of the inner stem compared to the overall pile diameter.
For Pile B pore water pressure measurements indicated that the CFA auger, while not over-stressing
the soil, had no influence on pore water pressure development since it was constant at around 90 to 100
kPa throughout the entire test. For pile D, a pore water pressure drop from almost 400 kPa to zero occurred after the cone region was over-stressed, however the pore water pressure started to rise during the
pumping and extraction phases and a comparable pore water pressure to that obtained for pile B was
found at the end of the test.
Further research will investigate the influence of the decreased penetration rate of the rapid displacement auger during penetration on the degree of soil disturbance and shearing.
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Role of CPTu in design of large Atlantic port terminal in Costa Rica
J.M. Eller & N.J. McCullough
CH2M HILL, Corvallis, Oregon, USA

L.A. Vargas-Herrera & M. Coto-Loría
MYV Soluciones Geotécnicas, S.A., San José, Costa Rica

ABSTRACT: As part of the exploration effort for the design of one of the largest ports to be built in the Central
American Caribbean region, cone penetration tests (CPTU) with pore pressure measurement soundings were
performed from a jack-up liftboat. This paper presents a summary of the CPTu exploration, including the
methodology and challenges encountered, results and comparison to field and laboratory measured data, and key
advantages of using CPTu as an exploration tool for the geotechnical design of the project. The CPTu was shown
to be very useful in characterizing the subsurface profile and identifying transition zones and interbedded layers
that were not identified during the soil borings in the same area. CPTu-based estimates of standard penetration
test (SPT) (N1)60 values and shear wave velocity measurements were compared to field tests, and shear strength
and stress history parameters were compared to laboratory measured results.

1 INTRODUCTION
A new terminal, the Moín Container Terminal, is planned for construction on the Caribbean Coast of Costa
Rica as part of a concessionary agreement between APMT and the government of Costa Rica. The site is located
along the Caribbean coastline of Costa Rica in the Bahia de Moín, approximately 7 kilometers (km) west of the
port city of Limón. The existing Puerto Moín, currently serving as the country’s primary export port on the
Caribbean, is located about 1 km southeast of the project site. The mouth of the Rio Moín is located immediately
southeast of the project site, shown in Figure 1.
The new terminal is to be constructed in three phases: Phases 2A, 2B, and 3. The initial phase (Phase 2A)
consists of about 1,500 meters (m) of breakwater construction, dredging and land reclamation, construction of 600
m of wharf structure, and reclamation of approximately 40 hectares (ha) of backlands for a container yard,
buildings and support facilities. Phase 2A will involve the installation of six super-post Panamax container gantry
cranes. Full build-out will include approximately 1,600 m of breakwater and 500 m of wharf structure, with about
79 ha of backlands. Construction is anticipated to begin in the first half of 2014, and the first year of operation is
scheduled for late 2016.
The geotechnical field exploration effort involved about 10 months of field work. A majority of the work was
conducted offshore, from a jack-up liftboat, in a challenging wave climate with waves that were often 1 to 3 m
high. Geotechnical work consisted of a marine sub-bottom profiling geophysical study, surficial grab samples, jet
probing, vibracore samples, 57 CPTu soundings, 51 borings, 14 pressuremeter tests, suspension shear wave
velocity measurements in 4 borings, and seismic dilatometer (sDMT) shear wave velocity measurements in 2
onshore borings. Supplementing the field work was a suite of laboratory tests that included index testing as well
as oedometer and consolidated-undrained triaxial testing on undisturbed samples.
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Figure 1. Site exploration plan and location map of APMT Moin Container Terminal, Limon, Costa Rica.

2 CPTu METHODOLOGY
2.1 Setup
CPTu equipment included a Pagani TG
63-100 track-mounted mini-CPTu rig
(Figure 2), capable of pushing up to 150
kN of downward force. The CPTu cone
was a 15 cm2 electronic piezocone from
A.P. Van den Berg. The CPTu rig was
anchored to the deck of the jack-up
platform. Given the challenging offshore
wave climate, a double casing was used
in the water column to prevent buckling
of the CPTu rods.
Generally, the data was collected
during two shifts every day. Data was
field monitored in real time on a laptop
computer. A schematic of the CPTu rig
set-up on the jack-up platform is shown
in Figure 3.

Figure 2. CPT operation showing (clockwise from top left): CPT rig
on platform, data acquisition and monitoring on laptop, and moon
hole on deck of jack-up platform for cone and rods.
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2.2 Preparation
Preparing the cone for each sounding involved two critical steps:
1) use of a vacuum pump to saturate the cone with water to
remove excess air and “zero” the cone, and 2) zero the CPTu
readings at the deck rather than at the mudline at the start and
end of each sounding. Zeroing the CPTu at the deck was critical
to replicate the cone readings at the beginning and end of the
sounding. When zeroed at the mudline, the readings at the
beginning would differ from the end of the sounding due to the
variability of the “datum” of the sounding.

2.3 Sharing Information
Due to an aggressive design schedule, it was critical to quickly
relay data from each completed CPTu to the design team in the
United States. To do this, a cellular-based wireless internet
connection was used to upload data to a cloud sharing internet
site (e.g., Dropbox); the design team downloaded the data,
performed data reduction, and conducted quality review of each
sounding using the software CPeT-IT (Geologismiki. 2012).
After review of the data, it was incorporated into the soil layer
models and used to develop engineering properties for design.
This approach made a complete report with CPTu interpretation
of up to 2 to 3 CPTu soundings available at the end of each day.

Figure 3. Schematic of the jack-up platform
and CPTu penetrometer testing equipment

2.4 Challenges Faced
There were routine minor challenges, largely due to the offshore environment. However, one major challenge was
the underscour of one of the jack-up platform legs, the result of strong ocean currents during a heavy storm.
During the night shift, scour under a leg resulted in horizontal displacement of the platform, resulting in the string
of CPTu rods lifting the rig about 1.5 m above the platform level. This resulted in shearing the rods at the mudline
and severing the wires within the rods, causing a loss of communication with the piezocone. At the time of the
event, the depth of the piezocone was 32 m below mudline. The recovery effort to retrieve rods and cone took 3
days and required the assistance of divers. The cone sustained significant damage to the sleeve friction load cell
and had to be replaced.

Given that the stability of the platform can be adversely affected by sandy soils prone to scour, strong sea
currents, and high waves, a key lesson learned is to carefully monitor these conditions and develop criteria to be
used for operation of the CPTu. Another lesson learned was to have replacement equipment (e.g., rods and cones)
readily available and a means to retrieve and replace (e.g., divers readily available), particularly when working in
challenging offshore environments.

3 CPTu RESULTS
3.1 Stratigraphy
This paper focuses on the area shown in Figure 1. Data presented in this paper include cone measurements
from 10 CPTu soundings (07-12, 14-12, 15-12, 34-12, 35-12, 39-12, 42-13, 45-13, 46-13, and 47-13) and 10
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borings (04-12, 16-12, 26-12, 30-12, 31-12, 32-13, 43-13, 47-13, 48-13, 49-13, and 51-13) and associated
laboratory test results performed on disturbed and undisturbed samples collected from the borings. Shear wave
velocities were measured in two borings using downhole suspension logging (DSL). A typical cross section of
the subsurface strata is shown in Figure 4 and Table 1. The cross section includes CPTu results, including cone tip
resistance, sleeve friction, porewater pressure measurements, and friction ratio from the 10 CPTu soundings and
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Figure 4. Subsurface profile with data from 10 CPTu sounding and SPT data (raw field N-values) from 10
borings. The porewater pressure includes the hydrostatic water pressure based on seawater unit weight.
SPT N-values from the 10 borings.

Table 1. Summary of Typical Soil Properties

Soil Layer (USCS)

Elevation
(m)

Raw
SPT

Field

N-Value

Water
Content,
(%)

w

Liquid
Limit, LL

Plasticity
Index, PI

Percent Fines,
P200 (%)

(average)
Poorly-graded Sand (SP) to
Silty Sand (SM)

-10 to -15

15

-

-

-

10 to 30

Interbedded Silt (ML), Lean
Clay (CL), and Fat Clay (CH)

-15 to -20

10

30 to 40

30 to 60

10 to 30

70 to 90
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Fat Clay (CH)

-20 to -38

5

40 to 50

35 to 90

20 to 60

80 to 100

Sand (SP) and Silty Sand
(SM) to Gravel (GP) and Silty
Gravel (GM)

-38 to -42

40

-

-

-

10 to 50

Mudstone

-42 to
-100

40 for upper
2 m, then
refusal

30 to 50

60 to 80

30 to 50

80 to 100

<

The upper 5 m consisted primarily of poorly graded sand (SP) to silty sand (SM). Below this layer, the profile
transitioned to an interbedded zone of silt and clay with thin sand seams throughout, apparent with the erratic
CPTu data. The interbedded layer typically classified as sandy silt to silt to sandy clay to lean clay to fat clay. The
sand seams were often not captured with the 1.5 m interval SPT samples. Beneath the interbedded layer the
profile transitioned to a generally 18m thick soft fat clay (CH) layer. The CPTu soundings demonstrated the
uniformity of this layer and helped identify target areas for gathering undisturbed samples from borings.
Dissipation tests were performed within the clay layer to estimate in situ hydraulic conductivity parameters
(Section 3.4). Typically an alluvial layer of sand and gravel was encountered below the clay layer, varying in
thickness from 1 to 4 m. In many cases the soundings refused in this zone. Beneath the sand and gravel layer was
a young mudstone composed of clay, silt, and trace sand. The upper 2 to 3 m of this mudstone was unconsolidated
and classified as soft rock and was where the CPTu soundings that were able to penetrate the sand and gravel
refused. No CPTu data was collected within the hard mudstone.

3.1 Comparison to SPT N-value
Comparisons were made between the SPT N-values measured and those estimated from a CPTu-based correlation
developed by Jefferies & Davies (1993; Eqn 1). This relationship estimates the energy corrected N-value, N60,
based upon soil behavior type index, Ic, and cone tip resistance dimensionalized by atmospheric pressures, and is
considered applicable to all soil types.
8.5 1

(1)

.

An overburden correction was applied to get an estimated (N1)60 value. The CPT estimates are compared with
the SPT data in Figure 5. Note that in the sandy and interbedded layers the CPT (N1)60 correlated values are
typically underestimated.

3.2 Evaluation of Shear Wave Velocity
Downhole suspension logging (DSL) was performed in Borings B23-12 and B26-12, providing a shear wave
velocity profile that extended into the hard mudstone layer. The DSL shear wave velocity profile was compared to
several CPTu shear wave velocity correlations in Figure 5: Hegazy & Mayne (1995; Eqn 2), Mayne (2006; Eqn
3), and Robertson (2012; Eqn 4).
10.1 log

11.4

118.8 ∙ log
10

.

∙

.

∙ 100

.

(2)

18.5
.

(3)

∙

(4)

The methods by Hegazy & Mayne (1995) and Mayne (2006) were developed for all soil types, the only
difference being that the former is based on both tip and sleeve resistance, whereas the latter is based solely on
sleeve resistance. The Robertson (2012) method is applicable to uncemented Holocene and Pleistocene soils,
regardless of soil type, and considers soil behavior type index and overburden stress.
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Each relationship captured the changes in the shear wave velocity profile at the abrupt transition from the
overlying sandy soil to the fat clay layer and the increase in shear wave velocity when gravel, sand, or mudstone
was encountered below the fat clay. The relationships also capture the uniformity of the fat clay layer while
displaying the gradually increasing shear wave velocity with depth.
It is evident that the most recent relationship (Robertson, 2012; Eqn 4) matches the data very well and
provided less scatter than the other relationships. Although a good fit, the CPTu-correlated shear wave velocity
values are not a replacement for direct measurements, partly due to the inability of the CPTu to penetrate dense
formations (such as gravels and the mudstone).

Figure 5. Comparison of CPTu and field-measured SPT (N1)60 values and DSL shear wave velocity profiles.

3.3 Evaluation of Stress History
Laboratory consolidation tests on undisturbed samples collected from borings indicated that the overconsolidation
ratio (OCR) was consistently between 1.0 and 1.6 for the clays within the interbedded layer and the fat clay zone.
A total of eight consolidation tests were performed on these layers across the site. Reliable CPTu correlations can
be very advantageous in supplementing consolidation test data. Two relationships were used: Mayne (1995; Eqn
5), which is based on the normalized cone tip resistance and Mayne & Brown (2003; Eqn 6), which considers the
effective overburden stress and the small strain shear modulus, G0, estimated using Equation 2.
.

(5)
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.

(6)

Figure 6 compares the two relationships with laboratory consolidation test results. It is observed that the average
of both methods seems to agree with the data, but the more recent Mayne & Brown (2003; Eqn 6) relationship
provides less scatter with a clearer trend of OCR with depth.

3.4 Time Rate of Consolidation

Figure 6. Comparison of CPTu-based estimates and laboratorymeasured OCR values.

Figure 7. Comparison of CPTu-based
estimates and laboratory measured
coefficient of consolidation values.

Dissipation tests were performed in the majority of the CPTu
soundings and were used to estimate the hydraulic conductivity and
coefficient of consolidation of the clayey layers (Figure 7). The Houlsby & Teh (1988) relationship was used to
estimate the horizontal hydraulic conductivity, kh, and using a kh/kv ratio of 3 was used to estimate the vertical
hydraulic conductivity, kv, and the coefficient of consolidation, cv. In-situ t50 values for the fat clay ranged from
250 to 1500 sec, with an average of approximately 900 sec.

3.5 Evaluation of Strength
Three relationships were used to estimate effective shear strength from CPTu data: Senneset et al. (1989; Eqn 7),
Robertson and Campanella (1983; Eqn 8), and Kulhawy and Mayne (1990; Eqn 9). To the authors’ knowledge,
only the Senneset et al. relationship is known to estimate the effective shear strength for mixed soil types, such as
the interbedded sand, silt, and clay zone and the fat clay zone by uniquely utilizing the change in pore pressure
parameter (Bq) in the strength estimates. The Robertson & Campanella and Kulhawy & Mayne relationships were
developed predominantly for uncemented clean sands. Figure 8 compares CPTu-based correlation results with
those measured from unconsolidated drained triaxial laboratory tests with pore pressure measurements.
29.5° ∙

.

0.373
17.6°

0.256

0.336

(7)

0.29

(8)

11

(9)

Although Senneset et al. was developed for mixed soils, the overall friction angle estimates are very scattered,
making it difficult to identify a trend within the profile. Both Robertson & Campanella and Kulhawy & Mayne
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show somewhat similar trends in the effective friction angle profile, identifying where the softer soil zones are
and when denser layer transitions occur. This is an interesting observation, as these relationships were specifically
developed for clean uncemented sands and are based solely on cone tip resistance. Robertson & Campanella
appear to estimate a lower boundary of the laboratory data, whereas Kulhawy & Mayne provide closer to a mean
estimate.
Undrained (total) shear strengths (su) for
the interbedded silt and clay and the fat
clay layers were estimated using Mayne
(2006; Eqn 10) with a site-specific Nkt
value of 10.5 based on a best fit
evaluation of the laboratory data with the
interpreted CPTu-based undrained shear
strength. The comparisons of CPTu-based
estimated and laboratory measurements,
as both the undrained shear strength and
shear strength ratio are shown in Figure 9.
(10)

4 CPTu IN GEOTECHNICAL DESIGN
4.1 Advantages
The CPTu was an efficient tool for
understanding conditions across the site.
Key advantages include:
Figure 8. Comparison of CPTu‐based estimate of effective friction
a) Identification of sand seams too thin
angle and measured laboratory results from triaxial tests.
to be recognized by the borings,
which reduce the drainage distance and decrease
consolidation time.
b) Allowing for accurate depth selection for undisturbed
sampling, important when sand lenses are present.
c) Good correlations with engineering parameters, as
shown herein, for consolidation properties, seepage
properties, shear wave velocity, and strength properties.
d) Continuous profiling provides designers with
confidence in the development of complex geological
profiles.
e) The electronic CPTu data can be shared easily and
quickly using cloud-based internet sites.
f) The CPTu is relatively quick when compared with
borings, taking about ½ to ¼ of the time for a boring of
the same depth.

Figure 9. Comparison of CPTu-based estimate
of undrained shear strength and measured
laboratory results from triaxial tests.
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4.2 Challenges
As was observed in this case study, there are also some challenges with using the CPTu:
a) It is difficult to use CPTu-based methods to estimate pile-bearing capacity when the soil deposit is subject
to extreme stress changes after CPTu measurements, such as for this project where up to 14m of fill was
going to be placed after design.
b) Given the importance of empirical correlations and comparisons, it would be worthwhile to improve the
development of CPTu undisturbed tube samplers. There are some available (e.g. IGS, Australia), but strong
development should be promoted.
c) Given the importance of bedrock for many projects, CPTu should not be considered in isolation. Where
bedrock is expected, the CPTu must be complemented by the use of borings with rock coring. However, as
shown herein, the CPTu can be pushed though zones of soft rock, providing information regarding the
transition zone.

5 SUMMARY AND CONCLUSIONS
The CPTu was a valuable tool for the geotechnical characterization of a complex soil deposit required for the
design of a critical port project. The necessary equipment was versatile and allowed for a quick transmission of
data from the project site to the design office in the United State. This quick turnaround was key to rapid decision
making on sounding and undisturbed sampling locations.
The estimates of soil strength (effective and total), stress history (OCR), seepage parameters (kh, kv, and cv),
and shear wave velocity (Vs) from the CPTu data was considered very reliable. The results were compared to
laboratory tests and in-situ tests such as: consolidated undrained triaxial tests, oedometer tests, pressuremeter
tests, and shear wave velocity measurements.
There was overall good agreement between the CPTu and boring soil profiles, though the CPTu provided
some valuable additional information that was not apparent from the borings: the location of sand seams and
lenses, the location of the top of the soft mudstone, and accurate estimates of engineering properties prior to the
completion of laboratory testing. One of the greatest benefits is that the CPTu measurements “filled in the gaps”
of the borings, and allowed the project to minimize the laboratory testing (and the time required for laboratory
testing), while still providing quality data for design. Based on the positive results of the experience described in
this paper, the authors strongly recommend the use of CPTu soundings in the geotechnical exploration effort for
similar projects.
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ABSTRACT: A suitable decision-making on a contaminated site characterization and remediation program is
strongly dependent of the diagnosis process. The correct diagnosis and appropriate conceptual site model (CSM) is
very important to develop an accurate remediation project. In Brazil, most of the site investigation campaigns are
based on the traditional approach: monitoring wells (MW) and direct push soil samples (DP). The resistivity piezocone test (RCPTu) is a High Resolution Site Characterization (HSCR) tool to define hydrogeology heterogeneities
on an appropriate scale. This paper presents three geo-environmental site investigations campaigns carried out in
Sao Paulo State, Brazil, where RCPTu tests were used as a primary site investigation tool. The test results reveals
details of transport and storage zones that were not detected by traditional approach. The paper shows that this hybrid device can provide the hydrostratigraphic profile with high resolution improving the CSM development and
helping to reduce errors on remediation projects.

1 INTRODUCTION
Many examples have shown that the major cause of errors in contaminated sites remediation process is the failure
on diagnostic step (Clearly, 2009), more specifically, in the Conceptual Site Model (CSM) elaboration. Nowadays
remediation technologies are advancing rapidly, but this advance is always limited by the CSM quality (Crumbling et al, 2004), and successful remediation is closely linked to the understanding of structure permeability, heterogeneity and anisotropy of the aquifer (Quinnan et al, 2010).
The resistivity piezocone test (RCPTu) is a very efficient tool for a High Resolution Site Characterization
(HRSC) because it combines the CPT, a well recognized geotechnical investigation tool to determine the stratigraphic profile and estimate soil parameters, with pore pressure (u) and electrical conductivity (EC) sensors,
which allow to carry out pore pressure dissipation tests (PPDT) and provide a very good estimation of the hydraulic conductivity (k) of the soil profile.
This paper shows the use of the RCPTu test in Brazil as a HRSC tool for hydrostratigraphic profile elaboration, transport/storage zones definition, and for suitable CSM development. Three case studies, in which the
RCPTu test was used as the main suitable CSM development tool are presented and discussed emphasizing the
advantages of using high resolution data with low degree of uncertainty for geo-environmental site characteriztion
in Brazil.
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2 BACKGROUND
Current trend in development of an appropriate remediation project approach is to use Mass Flux/Mass Discharge
(MF/MD) concepts (Suthersan, et al, 2010; Nichols, 2010; Suthersan et al, 2013). This concept is to prioritize the
contaminant pathway in 4 dimensions (x, y, z and time), rather than simply getting punctual data with an average
concentration and extrapolate this information to all subsurface environment. It is essential that the physical environment (geology/hydrogeology and others) data must be obtained in a detail scale to evaluate MF/MD, mainly
the hydraulic conductivity (k) values. Only in this way it will be possible to develop an appropriate CSM, considering the hydrogeological heterogeneities. However, the traditional geo-environmental investigation tools (Direct
Push soil sampling - DPT and Monitoring Well – MW – installation) did not provide the necessary support to
elaborate an appropriate CSM, since they are not able to provide sufficient data in a detailed scale, particularly in
complex sites (Quinnan et al, 2010; Illman et al, 2012).
DPT is the most used and recommended soil sampling technique in Brazil (Cetesb, 2006). It is considered the
most representative way, both for performing chemical analyzes as well as for physical environment characterization (geological and hydrogeological). For this second purpose, DPT is extremely dependent on the professional
who is describing the samples in the field. Differences in interpretation of tactile-visual lead to differences up to
three orders of magnitude on k estimation (Ahlers, 2012). In addition, there are often variations on hydrostratigraphic layers at the centimetric, which are not possible to be detected in liners. Another limitation of DPT is the
difficulty to recover soil samples in the saturated zone, critical activity to determine flux and the transport zones,
to draw remediation projects or even simply to define the MW screen position. Another example is the MW: considering a properly installed MW, which has 1.00 m long screen. A groundwater sample in this example MW is a
weighted average of all the hydrogeological layers in 1.25 m interval (the 1.00 m screen plus 0.25 m pre-filter
above the top of the filter). Often there is a k variation up to 4 orders of magnitude in this 1.25 m (Welty, 2012).
Therefore, it is not possible to say that the concentration determined by the laboratory about this sample is representative. Neither it is possible to make a proper decision based on that data.
To avoid the uncertainties associated with the use of traditional site characterization tools for a proper site assessment, it is necessary to use High Resolution Site Characterization (HRSC) tools (USEPA, 2013). The HRSC
tools help to develop an appropriate geo-environmental site investigation and allow elaborating a 3D mapping of
hydrogeological heterogeneity and contamination distribution, facilitating the decision making process and producing a suitable CSM.
Although there are some HRSC tools available in Brazil, their use is extremely limited. It can be estimated that
over 95% of site investigations are done exclusively using the traditional methods. Around 75% of them use drilling for MW installation as the only activity to collect geology/hydrogeology data. It can be estimated that about
80% of MW are installed using a Hand Auger in Brazil based on informal interviews conducted with professionals of consultancies or drilling companies and regulatory agencies.
The HRSC tools can be classified into two main groups: The contamination concentration screening tools,
such as Membrane Interface Probe (MIP), and Laser-Induced Fluorescence (LIF); and the hydrogeological heterogeneities detection tools, as Cone Penetration Test (CPT), Direct Push Injection Logging (DPIL), Electric Conductivity Probe (EC), among others. The contamination concentrations screening tools are much useful, but the
main limiting factor for remediation project that considers MF/MD is the hydrogeological heterogeneities, and
without understand them, the information about high resolution concentration screening are not enough to develop
a suitable CSM.
Several authors consider the "hydrostratigraphic profile" (the stratigraphic profile with hydraulic conductivities at high resolution) the most sensitive component for the site assessment, because it has the highest variations.
According to Killinbeck (2012) the hydrostratigraphic profile determines the flux and the transport at the site.
Kober et al (2009) states that the quality of model prognoses for contamination flux is strongly linked to the 3D kdistribution and characterization (k-map), while Einarson et al (1999) showed that geology variations are more
important for transport than the contaminant characteristics and concentration. The hydrostratigraphic profile has
the function of determining the main transport zones (layers with higher k values) and storage zones (layer with
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lower k values) (Schulmeister et al, 2003). The determination of these zones is essential to any remediation project, particularly those that evaluate MF/MD (Quinnan et al, 2010; Suthersan et al, 2010; Suthersan, 2013).
Several tools, techniques and methodologies are being studied in order to determine high resolution k profiles.
Among these that stand out: the Cone Penetration Test (CPT), the CPT with pore pressure measurement (CPTu),
the Resistivity Piezocone (RCPTu), the Pore Pressure Dissipation Test (PPDT), the High-Resolution Piezocone
(HRP), the Hydraulic Profile Tool (HPT), the Direct Push Injection Logging (DPIL), the Electric Conductivity
Probe (EC) and the Direct Push Slug Test (DPST). Quinnan et al (2010) compared several tools to elaborate the
hydrostratigraphic profile and shows that there is a good correlation between direct tools (Pneumatic Slug Test
and DPIL) and indirect tools, as pore pressure (u2), tip resistance (qt) and electrical conductivity (EC).
The CPT, CPTu and RCPTu have been currently used as a real-time data acquisition tool for CSM development and it is a HRSC tool recommended by EPA (USEPA, 2013). Welty (2012), and Quinnan et al (2010) cite
the CPT and CPTu as important tools to define the hydrostratigraphic profile. Lee (2008) showed that the CPTu
go beyond lithological definition in detailed scale (which, by itself, would have a powerful application), but it also
allows the estimation of hydraulic conductivity via pore pressure data, since they found a good correlation between pore pressure and the k values obtained by permeameters at different depths. Quinnan et al (2010) asserts
that CPTu provides an excellent k estimation, and accurately allow flux and storage zones identification, especially if the CPTu test is performed concomitantly with PPDT, to obtain a specific and accurate k value (Mayne,
2002; Quinnan, 2010). Due to the characteristics of the tool, the best CPTu and PPDT data can be obtained in low
hydraulic conductivity layers.
The Electric Conductivity Probe (EC) is a tool widely used in the USA for stratigrafic logging. Some studies
exemplify the benefits of using it and the bulk electrical conductivity correlates with their clay minerals portion
(MacCall, 1996). Schulmeister et al (2003) describes the EC significance for CSM development and pointed out
the advantages of this tool to get high resolution hydrostratigraphic data. They affirm that it can provide information about preferential flux, transport and contaminant storage zones. Einarson (1999) concluded that the CPT
combined with EC data is the tool that gives better results when comparing various strategies to get data for CSM
development.

3 RCPTU
The RCPTu probe used in this work is produced by Geotech AB (Sweden), NOVA Acoustic wireless model. The
position to measure pore pressure is the standard (u2). The slot filter filled with grease was used to measure porepressure. The cone has a net area ratio (a) equal to 0.84. This probe has a resistivity (or conductivity) sensor, also
produced by Geotech AB with a wenner-type array of four electrodes (Figure 1). The anchoring for the pushing
was done using double helicoids of 180 mm. The RCPTu tests were carried out using a hydraulic system attached
to a tractor to perform the tests. The test procedure followed the Brazilian Standards (ABNT-MB 3406/1990),
similar to the ASTM standard. Measurements were recorded at regular intervals of 10 mm, and displayed in real
time on a laptop computer screen. Thus, the following parameters were measured: tip resistance (qc), sleeve friction (fs); pore pressure (u2) and electrical conductivity (EC).

Figure 1: Schematic representation of the RCPTU probe with 4 electrodes array (Giacheti et al, 2006).
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4 CASE STUDIES
4.1 Case Study 1
This case study is a former fueling and truck maintenance site of 3000 m2 area, located in the urban zone of São
Paulo city, on a floodplain ducted creek. The site was contaminated by petroleum hydrocarbons. The site assessments conducted between 2002 and 2012 using the traditional approach indicated LNAPL and BTEX/PAH dissolved phase in the monitoring wells. A pump-and-treat and soil vapor extraction (SVE) remediation was performed between 2004 and 2008. The LNAPL was removed and Benzene concentrations were reduced below the
Site Specific Target Level (SSTL). In the 2 years monitoring stage, there was a LNAPL “rebound”, which led the
São Paulo state regulatory agency (CETESB) to require a whole new site investigation campaign.
The field work for this case study was part of a detailed HRSC to define the contaminated plumes (adsorbed,
dissolved and LNAPL) and to detect the primary and secondary sources. This HRSC was a key step of a due diligence process. The groundwater level was identified between 4.0 and 6.0 m below the ground surface, and the
soil was mostly clay in the upper profile, with thin interbedded fine sand and sandy clay, up to the saprolite layer
(7.0 to 9.0 m depth). The bedrock was around 9.0 to 15.0 m depth.
Direct Push (DP) soil sampling was performed in the first phase of the site assessment to define the first site
profile. After that, RCPTu were carried out together with PPDT at the depths with high pore pressure values (u2).
A typical result of RCPTu test (R-02) is presented in the Figure 2. After identifying the flux and the storage zones
by the interpretation of all the test data on site, Direct Push Slug Test (DPST) were performed in the flux zones,
with a 0.30 m screen.
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Figure 2: Typical RCPTu test data for Case Study 1 together with the estimated hydraulic conductivity profile.
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It is possible to observe on the vadose zone, around 3.0 m, a significant increase on Electric Conductivity (EC)
values, which, in later phases of this study, was substantially consistent with the presence of hydrocarbons (diesel,
gasoline and kerosene) adsorbed/trapped in soil. The pore pressure profile indicates very low permeability up to
about 7.0 m depth, but there are two thin layers with higher permeability: the first between 4.0 and 4.5 m, and the
second between 6.2 and 6.5 m depth. There seems to be a preferential flux/transport zone between 7.0 and 10.0 m
depth, followed by a storage zone between 10.0 m and 11.5 m. Then, there is another flux/transport zone (in saprolite) below 11.5 m up to the bedrock (15.5 m depth). This analysis was conducted on site, right after the RCPTu
test and guided the selection on where to carry out the slug tests using the direct push technique (DPST). At the
selected testing points the DPST were performed for specific objectives as described below:






5.10-5.40 m, to verify k values at the storage zone right below the high EC values;
6.10-6.40 m, trying to evaluate the thin flux/transport zone at this depth;
6.75-7.05 m, trying to evaluate the pore pressure peak, corresponding to a very low k value;
7.10-7.40 m, the most significant flow/transport zone; and
7.90-8.20 m, another flow/transport zone.

PPDT were also performed at 5.52 and 6.18 m depths with t50 values of 12 s and 112 s, respectively The hydraulic conductivity (k) data determined based on four DPST and two PPDT were compared with the dynamic
pore pressure (u2) measured during the RCPTu tests and a correlation was established between u2 and k values.
This relationship is presented in Figure 3 with a high R2 value (0.9072).
A k-profile is shown in the last graphic of the Figure 2, which was elaborated assuming the presented relationship between u2 and k. It is possible to observe a variation of k values with three orders of magnitude (10-3 to 10-6
cm/s). The k-profiles elaborated following this approach for each RCPTu test point allow the construction of hydrostratigraphic sections, as a base for a 3-D k-map.
Soil samples were also collected by DPT for adsorbed/trapped phase delineation. A very good correlation between the adsorbed/trapped phase and the electric conductivity values was observed, indicating that the EC sensor
could be used as a secondary tool for qualitative delineation, where diffusion is the main transport mechanism.
The DPT also allowed collected groundwater samples in the target zones determined by hydrostratigraphic
profile for laboratory analysis on site. At the testing point R-02, the targets were the flux and the storage zones
immediately below the highest concentrations of contaminants in the soil samples. The results of these analyses
served as chemical concentrations screening. Combining this information to the obtained k-profiles allowed: identifying primary and secondary sources, plumes delineation and a 3-D contamination model, enabling the use of
MF/MD approach, and consequently elaborating a suitable remediation project.
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Figure 3: Relationship between hydraulic conductivity (log K) versus pore pressure u2 for Case Study 1 site.
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The assessment of plume distribution is not part of this work scope, however, it was observed that the results
were as expected: the highest concentrations are associated with upper lower k zone (organic clay), indicating that
prior remediation removed mass from flux/transport zone, whose main transport mechanism is advection and had
no success in the storage zone, which diffusion to flux zones is currently acting.
The use of a concentrations screening tool (LIF, for example) by itself, would not provide geological and hydrogeological information, the highest uncertainties variables. Therefore, it would not allow correlating the physical environment with contamination distribution. Collecting Direct Push water samples and laboratory analysis on
site to assess concentrations screening allowed a suitable level of detail that the study of a site contamination requires.
It is possible to draw up a CSM with the necessary level of detail for an adequate decision-making process.
Therefore, a remediation project with greater efficiency and lower cost can be elaborated. Comparing with other
hydrogeological heterogeneities detection tools, based on fluid injection (DPIL or HPT for example), probably
would not deliver consistent results because the presence of a predominantly clayey soil at the site would act as a
limiting factor for their use. The isolated use of EC data would not be appropriate, as can be seen in the R-02 log
profile (Figure 2). The four RCPTu sensors all together, along with DPST data can make the data interpretation
and the k-map more consistent.

4.2 Case Study 2
The second case study is a ditches landfill, located in a small country town in the São Paulo State, where the subsoil is predominantly clayey soil and the groundwater levels varies between 3.0 to 9.0 m depth. The depth of the
weathered rock is between 7.0 to 12.0 m and the bedrock (claystone) is below those depths. Previous studies performed on the site using the traditional Site Assessment approach (DPT and MW) indicated the presence of a homogeneous soil profile with a very low hydraulic conductivity.
In the first phase of the new geo-environmental site investigation campaign, soil samples were collected using
the DPT to development the initial CSM. After that, 14 RCPTu tests were carried out together with PPDT at selected depths. A typical RCPTu test data (R-04) is presented in the Figure 4. After identifying the flux and storage
zones throughout the integrated interpretation of all the in situ testing data on site, DPST were performed in flux
zones, with 0.30 m screen.
The RCPTu tests allowed identifying preferential flux zones (Figure 4), even in a predominantly clayey soil.
These flux zones are especially at the soil/bedrock transition, which has a preferential pathway flux, with up to
three orders of magnitude difference in hydraulic conductivity. This variation was not found in the previous studies, neither when the DP soil sampling was performed.
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Figure 4: RCPTu test (R-04) at Case Study 2 with the estimated hydraulic conductivity profile and the flux zones
delimitation.
Hydraulic conductivity (k) values were determined by DPST and PPDT at selected depths. A site specific correlation between u2 and k values using the similar approach presented in the first case study was established (Log
k = -3,9421-0,0013.u2) with 12 data points with a R2 value equal to 0,9102.
Two DPST were carried out at the R-04 test location from 5.90 to 6.20 m and 7.75 to 8.05 m depths. The k
values obtained in these tests (respectively 1.24x10-4 e 3.27x10-4 cm/s) were, indeed, the lowest among all obtained k values, indicating that the original test detected properly the flux zones, which has not happened in previous investigations. These flux zones would also not be detected by using the traditional geo-environmental investigation tools. High EC levels have been found at the depth of 5.00 to 6.00 m for some RCPTu tests, which is the
estimated depth of the trench bottom where household waste, indicating a possible preferred slurry migration
pathway.
RCPTu, allied to PPDT and DPST enabled to develop a more robust CSM than the previous one, and to determine the flux and storage zones. They also allowed to elaborate a 3D k-map as well as to determine the monitoring groundwater target zones.

4.3 Case Study 3
This case study is gas station located in the city of Sorocaba, São Paulo State, Brazil. Two obrigatory geoenvironmental site investigation campaigns (similar to EPA Phase II+Phase III) were carried out using the Brazilian traditional approach (soil sampling and monitoring wells) and contamination by benzene in dissolved phase
was found. In these campaigns, the soil profile was described as a homogeneous clayey soil with the groundwater
level around 7.5 to 8.5 m depth.
The main objective of the new site investigation campaign was to identify the hydrogeological heterogeneities
as well as the preferable zones of flux and storage to support the remediation project to be implemented on the
site. Besides this objective another one was defined, to elaborate a hydraulic conductivity map since it was ob1145

served after starting this new campaign based on the RCPTu test data that the soil profile although it is mainly
clayey soil, it was not homogeneous as it supposed to be, since it has preferable flux zones, as it can be observed
in the Figure 5.
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Figure 5: RCPTu test data (R-06) for Case Study 3 with the estimated hydraulic conductivity profile.
It can be seen in the Figure 5 that tip resistance, friction ratio and pore pressure are quite variable along the
profile, and pore pressure excess exists in almost all the soil profile. At two points (around 11.5 m and around
16.5 m depth – profile stops at 16m?), the pore pressure values decrease while there are a spike on tip resistance
indicating a short, but consistent, flux zone. At this particular site several PPDT were carried out simultaneously
to the RCPTu tests. So, a great number of k values were determined to establish a site specific correlation between
Log k versus u2. Unfortunately DPST were not carried out at this site to improve this correlation. This correlation
is presented in Figure 6 with a fair R2 value (0,7651). Assuming valid this correlation a k profile was estimated
every point RCPTu were carried out a k-map was also elaborated for this particular site. A CSM was elaborated
considering all these information and it redirected the remediation projet, now considering the k variability and
the local heterogeneities.
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Study 3 site.

5 CONCLUSION
The resistivity piezocone test is not currently used for site investigation in Brazil. This paper discusses the potential use of this HRSC tool for geo-environmental site characterization and presents its hybrid in situ testing to
support the CSM development and the remediation project design for three case studies. The major conclusions
are presented as follow:
 The RCPTu results interpretation was confirmed by traditional geo-environmental site investigation tools currently used in Brazil for geo-environmental site, the DPT and the Slug Tests in MW; The RCPTu tests results
gave information with a higher detail than traditional tools. Heterogeneities were detected accurately at the
centimetric level, which does not occur when DPT are used, even when they are performed by expert professionals;
 The RCPTu combine the advantages of the traditional CPTu, including the PPDT and EC measurement all together and at the same time. Furthermore, the RCPTu test is very useful to identify the flux/transportation and
storage zones based on the pore pressure measurements;
 A k-map can be drawn using adjusted local correlation from pore pressure measurements with an appropriate
level of uncertainty to allow an adequate decision-making process in a remediation project;
 The use of RCPTu together with DPST allows elaborating a k-distribution 3D model with less uncertainties,
since DPST provide reliable data in higher permeability layers, properly complementing PPDT, which provide
reliable data in lower permeability zones;
 RCPTu, PPDT and DPST combined with dicrete DP groundwater sampling allow Mass Flux calculation, very
important information to Remediation Projects success.
 MW installation, although considered the best approach to conduct a hydrogeological site investigation in Brazil, must be preceded by a highest possible resolution CSM elaboration. If this previous model does not exist,
and the only geology/hydrogeology information was obtained by the drilling for MW installation itself, the uncertainties associated with the installation process and the physical environment are so high that they can preclude any proper decision making;
 The RCPTu is a very useful tool for an appropriate hydrogeological CSM development, especially in an approach that prioritizes high-density data for a high resolution site investigation. Even in a traditional approach,
RCPTu tests shown a more effective and faster alternative to get hydrostratigraphic data, compared with the
traditional approach;
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 A remediation project should only be developed on the basis on a solid CSM. This CSM will have the appropriate level of uncertainty only with a HRSC. The highest geo-environmental uncertainties are the hydrogeological heterogeneities; therefore a HRSC should prioritize the understanding of the physical environment.
Among the tools which allow evaluating the hydraulic conductivity in high resolution scale, the RCPTu places
a prominent position, since it combines the benefits of using four sensors that complement one another. Combining the RCPTu together with the DPST is even better, because it adds one extra high resolution tool for a
proper HRSC. Therefore, it can be concluded that there are potential of using the RCPTu as a HRSC tool in
Brazil for remediation project.
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ABSTRACT: On September 5, 2012, a strong Mw = 7.6 earthquake hit Costa Rica. Its epicenter was
located 10 km south of Samara, Guanacaste (offshore). This motion induced several geotechnical effects
such as landslides, liquefaction, lateral spreading and local amplification. Of particular interest to the
present paper was the occurrence of lateral spreading along several beaches located nearby the epicenter.
The authors considered this a valuable opportunity to better understand this type of geotechnical
phenomena. Contacts were made with the local governments in order to get access permits to two public
beaches (Ostional and Garza). CPTu, SDMT, and disturbed sampling were carried out in order to gain an
understanding of the geotechnical conditions that favored the occurrence of liquefaction. The aim of this
paper is to use the latest methods for evaluating liquefaction potential based on SDMT and CPTu to back
predict the observed phenomena and consequences. The main idea is to compare CPTu and SDMT as
predictors of liquefaction for specific case studies.
1 INTRODUCTION
On September 5, 2012, a strong Mw = 7.6 earthquake hit Costa Rica. Its epicenter was located 10 km
south of Samara, Guanacaste (offshore). Figure 1a shows a Google Earth image with the location of the
epicenter (EP code) relative to the country. WGS84 coordinates of the epicenter were 9.777º and -5.569º
and its depth was 14.2 km.
Several geotechnical dynamic phenomena were triggered by the earthquake and this is the reason the
authors considered that this could be a good case study with plenty of information available for the study
of complex phenomena such as liquefaction, whose occurrence was reported in several beaches nearby
the epicenter (Costa Rica, Pacific North).
Contact with local authorities was successful and the authors gained access to those public beaches of
interest in order to collect samples and perform in situ testing. Subsequently, the information was
analyzed with published liquefaction methodologies in order to understand the observations.
A large accelerometer network managed by the LIS (Earthquake Engineering Laboratory) of the
University of Costa Rica (UCR) allowed recording the earthquake in more than one hundred sites across
Costa Rica. This information gave a lot of details regarding the distribution of the earthquake
acceleration during the event. As an example, horizontal E-W PGA component is shown in contours
through Costa Rica (see Figure 1b). As can be seen in Figure 1b, the larger PGAs were recorded nearby
the epicenter with values close to 1500 gals. The higher PGAs were recorded in the Pacific North of
Costa Rica, with values ranging between 500 gals and 1500 gals. The rest of the country experienced
PGAs less than 500 gals. The latter explains why the most damage was concentrated in the Pacific North
of Costa Rica.
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(a)

(b)

Figure 1. (a) Location of the Earthquake Epicenter relative to the Region (EP = Epicenter) (Source: Google
Earth). (b) Contours of E-W PGA across Costa Rica (Source: LIS, IINI-UCR 2013).

2 SELECTED SITES FOR RESEARCH
Given the amount and high quality of acceleration data available for the event, and also with the aid of
the report prepared by a GEER team (GEER 2013), the authors decided to analyze the occurrence of
liquefaction in two key beaches around the epicenter. The selected beaches were Ostional and Garza
(Figure 2), where evidence of liquefaction on the surface was observed after the event, specifically
lateral spreading. Transverse cracks, 1.50 meters in average, were observed in both beaches,
approximately parallel to the shoreline (see Figure 2).

Figure 2. Location of Garza Beach and Ostional Beach relative to the epicenter.
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Ostional and Garza are very close to an accelerometer station located in the city of Nosara, only 7-8
kilometers away from both sites. This accelerometer station belongs to the LIS–UCR network and for
the purpose of this paper, it is called NOSARA. In Figure 2, the location of Nosara Station is shown in
relation to the research sites (Ostional and Garza).
3 GEOLOGICAL CONTEXT AND PROPOSED SITE EXPLORATION
For the purpose of this paper, the geological setting for the sites of interest was determined and is shown
in Figure 3. There is an important contrast between low lands (flat, composed of colluvium-alluvium
deposits) and high lands (surrounding mountains, composed of basalts, sandstone, mudstone, and
limestone). On the other hand, the geologic maps show a key geologic feature and that is the Abrasion
Platform (dipping bedrock into the shore), which is key to understand the geotechnical findings.
The original exploration plan developed by the team included piezocone tests (CPTu), seismic
dilatometer tests (SDMT, see Marchetti et al. 2008) and particle size analyses on samples. The testing
program was the following: three pairs of SDMT-CPTu 20 m deep at Ostional Beach, three pairs of
SDMT-CPTu 20 m deep at Garza Beach, one SDMT 30 m deep at Nosara Station, and disturbed (directpush) sampling (Mostap) of the sand deposits at both beaches. The number of soundings and final depth
of each were adjusted depending upon the real depth to bedrock (refusal). In Figure 3, the location of
each point of interest is shown as follows: GZA-1, GZA-2, GZA-3 at Garza; OST-1, OST-2, OST-3 at
Ostional and NOSARA ACC ST at Nosara. The description of the soundings is shown in Table 1, as
well as indications of the depth of the Mostap samples and the fines content (FC) determined by sieve
analysis on samples.

Figure 3. Geological setting for the sites of interest and proposed exploration plan. (Source: J.C. Duarte, MYV
Team)
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Table 1. Summary of the final exploration plan.
SITE

OSTIONAL
BEACH

NOSARA
ACC. ST.

POINT OF
INTEREST
OST-1
OST-2
OST-3

NOSARA
GZA-1

GARZA
BEACH

GZA-2

GZA-3

CPTu
Soundings
CPTu-1B (5.64 m),
CPTu-1C (3.18 m)
CPTu-2A (4.36 m),
CPTu-2B (5.22 m)
CPTu-3A (3.12 m),
CPTu-3B (2.84 m),
CPTu-3C (2.60 m)

SDMT
Soundings
SDMT-1A (3.00 m),
SDMT-1B (5.80 m)
SDMT-2 (5.00 m)
SDTM-3A (1.80 m),
SDMT-3B (2.80 m)

MOSTAP
Samples
MS1 (3.0-3.6 m)

FC
(%)
20.0

MS2 (3.4-4.8 m) and
MS3 (1.5-2.8 m)
MS4 (2.0-3.0 m)

25.0
12.8
31.1

---

SDMT-1 (8.00 m)

---

---

CPTu-1A (3.68 m),
CPTu-1B (3.66 m),
CPTu-1C (3.88 m)
CPTu-2A (1.86 m),
CPTu-2B (4.46 m),
CPTu-2C (9.31 m)
CPTu-3A (15.11 m),
CPTu-3B (16.53 m)

SDMT-1 (4.00 m)

MS5 (1.5-2.8 m)

10.0

SDMT-2 (6.20 m)

MS6 (5.8-7.2 m) and
MS7 (1.0-2.2 m)

43.8
13.1

SDMT-3A (4.20 m),
SDMT-3B (15.40 m)

MS8 (5.8-6.6 m) and
MS9 (2.0-3.4 m)

17.0
13.0

Remark: Different subscripts (A, B, and C) represent different attempts to push either the cone or the DMT blade at the same
location, when refusal was found. Between parentheses, the final depth of each sounding is shown.
SDMT = Seismic Dilatometer. CPTu = Piezocone. MS = Mostap Sample. FC = fines content from sieve analysis on samples.

4 CPTU AND SDMT TEST RESULTS
The results obtained from CPTu and SDMT are summarized in Figure 4 (Ostional Beach) and Figure 5
(Garza Beach). Figures 4a and 5a show the profiles with depth of the measured values (DMT pressure
readings p0 and p1, CPTu corrected cone resistance qt and sleeve friction fs). Figures 4b and 5b show the
profiles with depth of the normalized parameters, i.e. the material index ID (indicating soil type) and the
horizontal stress index KD (related to stress history/OCR) obtained from SDMT, using common DMT
interpretation formulae (Marchetti 1980, Marchetti et al. 2001), and the normalized cone resistance Qtn
and the soil behavior type index Ic obtained from CPTu, as well as the profile of the shear wave velocity
VS measured by SDMT. (To facilitate the comparison between results at the two test sites, the scale of
the horizontal and vertical axes in Figures 4 and 5 is the same).
At both beaches the CPTu and SDMT results indicate the presence of shallow sand deposits,
generally placed directly on the bedrock (in agreement with the geological setting shown in Figure 3),
except at the location GZA-3, where the sand layer is placed on a silty clay layer. The ground water
table is close to the ground surface (1.6 to 2 m depth at Ostional Beach, 1 m depth at Garza Beach).
5 LIQUEFACTION ANALYSIS
The liquefaction analysis was carried out according to the "simplified procedure" introduced by Seed &
Idriss (1971), based on the comparison of the seismic demand on a soil layer generated by the
earthquake (cyclic stress ratio CSR) and the capacity of the soil to resist liquefaction (cyclic resistance
ratio CRR). If CSR is greater than CRR, liquefaction can occur.
For a preliminary assessment, the cyclic stress ratio CSR was estimated assuming two values of the
peak ground acceleration PGA at the ground surface: (1) PGA = 1.4 g, i.e. equal to the PGA recorded at
the Nosara Station, according to the shake maps developed by the LIS for the Sept 5, 2012 earthquake
(Figure 1b, see also GEER 2013); (2) PGA = 0.44 g, corresponding to a design earthquake for a return
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period TR = 475 years according to the Costa Rica Building Code 2010 (Zone IV, Site S3). A magnitude
scaling factor MSF = 0.974 was applied for the magnitude Mw = 7.6 Sept 5, 2012 main shock.
Future refinements will include the evaluation of CSR from site seismic response analysis, based on
the ground motion recorded at the Nosara Station (where SDMT data are also available), combined with
strong motion attenuation curves developed for the Costa Rica region. The sensitivity of the results to
the assumed ground water level at the time of the earthquake will also be investigated.
The cyclic resistance ratio CRR was evaluated based on the results of adjacent CPTu and SDMT.
CRR from the CPTu was evaluated from the normalized clean sand cone resistance Qtn,cs using the
method developed by Robertson & Wride (1998), in the form recommended by the 1996 NCEER and
1998 NCEER/NSF Workshops (Youd & Idriss 2001).
For the SDMT, two parallel independent estimates of CRR were obtained, at each depth, from the
shear wave velocity VS (measured) and from the horizontal stress index KD (provided by current DMT
interpretation).
CRR was evaluated from VS using the correlation proposed by Andrus & Stokoe (2000).
Various CRR-KD correlations have been developed in the last two decades, stimulated by the
recognized sensitivity of KD to a number of factors which are known to increase liquefaction resistance,
such as stress history, prestraining/aging, cementation, structure, and by its correlation with relative
density and state parameter (see e.g. Monaco et al. 2005). Four recent CRR-KD correlations (Monaco et
al. 2005, Tsai et al. 2009, Robertson 2012, Marchetti 2013) were used in this study. All four correlations
were derived by translating current methods based on CPT (and SPT), supported by extensive case
history databases, but using different approaches, e.g. using relative density as an intermediate
parameter (Monaco et al. 2005) or direct correlations qc -KD established between the results of adjacent
CPT-DMT tests (Tsai et al. 2009, Robertson 2012, Marchetti 2013).

Figure 4. CPTu and SDMT results at Ostional Beach: (a) measured values, (b) normalized parameters and shear
wave velocity.
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Figure 5. CPTu and SDMT results at Garza Beach: (a) measured values, (b) normalized parameters and shear
wave velocity.

Some selected results of the analysis, obtained for the most severe seismic input condition (PGA = 1.4
g), are illustrated in Figure 6 (Ostional Beach) and Figure 7 (Garza Beach). Each diagram shows the
profiles with depth of: (1) the soil behavior type index Ic (from CPTu) or the material index ID (from
SDMT); (2) the parameter used in each case for evaluating CRR: Qtn,cs (from CPTu), the shear wave
velocity VS or the horizontal stress index KD (from SDMT); (3) the CSR, divided by the MSF, compared
to the CRR; (4) the liquefaction safety factor FL = CRRM=7.5 / (CSRM=7.5 / MSF); (5) the liquefaction
potential index IL (Iwasaki et al. 1982), indicative of the overall liquefaction susceptibility of each site.
The most evident feature emerging from the comparison of the profiles of FL and IL obtained by
different methods shown in Figures 6 and 7 is the substantial agreement between the predictions
provided by methods based on the normalized cone resistance Qtn,cs (CPTu) and the horizontal stress
index KD (DMT). Both methods indicate that liquefaction occurred in the topmost sand layer, at local
depths of ≈ 2-5 m below the ground surface at Ostional Beach (OST-1) and to ≈ 9 m depth, or below, at
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Garza Beach (GZA-3). In the latter case the effects of liquefaction, globally expressed by the
liquefaction potential index IL, are particularly significant. In contrast, at both beaches no liquefaction
was detected by the analysis based on the shear wave velocity VS.
The same trend was observed in all other comparisons (not shown in this paper) at different test
locations, both in Ostional Beach and Garza Beach.
It is also interesting to note that the analysis carried out assuming a much lower PGA = 0.44 g (design
earthquake) provided similar results. In this case a moderate to high liquefaction hazard was pointed out
at most test locations by both Qtn,cs and KD (of course with IL values lower than those calculated for PGA
= 1.4 g), while VS indicated no liquefaction hazard. All the above results point out a lower ability of VS
to detect liquefaction, compared with Qtn,cs and KD.
It could be questioned that, since liquefaction generally occurred at shallow depths, the lower
accuracy of CRR estimated by VS may descend, at least in part, from the fact that downhole VS methods
tend to be less accurate at shallow depth. However, a similar discrepancy between CRR predicted by VS
and by KD has been observed in several other cases investigated by SDMT (see e.g. Maugeri & Monaco
2006, Monaco & Marchetti 2007).

Figure 6. Ostional Beach, Site OST-1 (CPTu-1B, SDMT-1B) – Results of liquefaction analysis based on the
normalized cone resistance Qtn,cs (a), the DMT horizontal stress index KD (b) and the shear wave velocity VS (c),
for PGA = 1.4 g.
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Figure 7. Garza Beach, Site GZA-3 (CPTu-3B, SDMT-3B) – Results of liquefaction analysis based on the
normalized cone resistance Qtn,cs (a), the DMT horizontal stress index KD (b) and the shear wave velocity VS (c),
for PGA = 1.4 g.
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6 CONCLUSIONS
The liquefaction phenomena induced by the Sept 5, 2012 Samara earthquake were reproduced with
reasonable accuracy by the analyses carried out using methods based on the normalized cone resistance
Qtn,cs (CPTu) and the horizontal stress index KD (DMT), according to the "simplified procedure". Both
methods, generally in good agreement, indicate that liquefaction occurred in the topmost sand layer at
various locations at Ostional Beach and at Garza Beach. In contrast, no liquefaction was detected by
methods based on the shear wave velocity VS, even for the most severe seismic input condition (PGA =
1.4 g). This finding points out a lower ability of VS to detect liquefaction, compared with Qtn,cs and KD.
The analyses illustrated in this paper indicate that the seismic dilatometer (SDMT) is a useful tool for
assessment of the liquefaction hazard, confirming previous research work. This capability appears of
great interest, since the use of "redundant" correlations, based on different in situ techniques/parameters,
is generally recommended for a more reliable estimate of CRR (e.g. Robertson & Wride 1998, 1996-98
NCEER Workshops, Youd & Idriss 2001, and many others).
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ABSTRACT: The urban renewal of Guadaloupe Region (Antilles islands) allowed an extensive site investigation at Pointe à Pitre, in order to build the exhibition building "Mémorial ACTe", also called
"Centre Caribéen d'Expression et de Mémoire de la Traite et de l'Esclavage". The construction will replace an old, now demolished, sugar refinery (1870), where in past years different fill materials were
placed above the tropical and calcareous coralline soils. A geotechnical campaign was performed during
2012-13 and consisted of two continuous core drillings (10 m deep), ten destructive boreholes with
Menard pressumeter (PMT) tests every 1.5 m (18-26 m deep), twelve piezocone (CPTu) tests and three
seismic dilatometer (SDMT) tests (8-14 m deep) in virgin soil or a backfilled borehole. By integrating
the results obtained from different in situ tests, a geotechnical model of the subsoil was defined, focusing on fill materials, tropical soils and altered calcareous coralline, that needed to be compacted before
the construction of the "Mémorial ACTe" to improve the strength and compressibility parameters.
1 INTRODUCTION
The Mémorial ACTe (MACTe) project - Caribbean Centre of Expression and Memory of Slave Trade
and Slavery - was initiated by Guadeloupe Region, the public owner of the operation, in 2006 (Fig. 1). It
wants to be a highly symbolic place for Guadeloupe, dedicated to the memory, information, knowledge
and historical research on the slave trade and slavery, for Guadeloupian population, tourists, students
and researchers. In addition, the project wants to be forward-looking and promote a new humanism and
understanding between peoples, nations and cultures.
This building is located on the site of the former sugar factory of Darboussier created in 1870. Since
1981, when it became industrial wasteland, the area was subject to a major urban redevelopment project
in Pointe à Pitre city, where the Mémorial ACTe project would be the landmark. Other structures (not
part of the present project) include roads, buildings, hotels, restaurants, seafront promenades, office
buildings, etc. Specifically, the future Mémorial ACTe is a public space including permanent and temporary exhibition halls, multipurpose halls, a convention center with 400 seats, restaurant areas, promenades and plazas and a panoramic garden. A pedestrian bridge will connect the Mémorial ACTe and the
Morne Memoire. Located on the seafront, it will also include docks and wharfs for small boats and
cruise liner landing craft.
The MACTe is under construction and in the long term will become a major structure for the Guadeloupian territory.
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Figure 1.Exhibition building "MémorialACTe", Guadaloupe Region (Antilles islands).

This project is composed by:
 Construction of a conference and exhibition building (Area 1 – 7300m²);
 Construction of an annex building (Area 2 – 1300 m²);
 Construction of a footbridge which will connect Area 1 with Area 3 called “ Morne Mémoire”.
The main structure is made of reinforced concrete. External structures and the pedestrian bridge are
metal structures. Foundations are shallow or based on a stiff column or piled improved soil. Its location
presents several constraints considering the high seismicity of the area, (peak ground acceleration: PGA
= 0.45 m/s²), and the close proximity of the sea, (floods, bad weather).
2 GEOLOGICAL SETTING
From the general point of view, Guadeloupe is on the border of Atlantic and Caribbean plates. The geology of Guadeloupe has the particularity to be influenced by both internal and external arcs of the Lesser
Antilles. Thus, the Basse Terre is part of a volcanic context still active (Soufriere Volcano – 1480 m)
and the Grande Terre in a sedimentary carbonated context.
The geological map (BRGM, 1998) indicates that the site falls within the general context of anthropogenic formations with or without fills dating from the quaternary age. It covers sedimentary units very
characteristic of the Grande Terre part of Guadeloupe.
GEOTER performed detailed geological studies at the site of Darboussierin (GEOTER 2009, 2012
and 2013), based on visual surveys of the cliffs located South of the site and on deep core boreholes.
Their biostratigraphic interpretation identified sedimentary units well known elsewhere on GrandeTerre, thanks to recent academic work (Léticée et al. 2005;Léticée 2008; Cornée et al. 2012).The boreholes drilled at the site indicate that the sedimentary formations begin with recent fills, (dating from the
construction of the factory), whose thickness varies from 2 to 6 m. Under the fills, a loose formation
mainly composed of peat (tropical coastal swamp soils) was locally observed only in the Southern third
of the site. Under these recent formations, carbonate soils start at a variable depth (from 1 to 9 m) as its
roof is a paleo-topography having suffered multiple emergences (Cornee et al. 2012).The first carbonate
formation encountered corresponds to "limestone with Agaricia" (R1) of Pleistocene age estimated between 780,000 and 670,000 years by Léticée (2008).Recent studies tend to reassess this period between
1.8 and 1.5 Ma (Cornea et al. 2012).These white limestones cover the formation of "higher limestone
with rhodolites " (P3) of Pleistocene age. The abundant presence of large rhodolites (several centimeters) and inclusion of volcanic elements is characteristic of these ocher-brown tainted limestone. The
stratigraphic boundary between the formations "limestone with Agaricia" / "higher limestone with rhodolites " (limit R1/P3) is an important stratigraphic marker because it determines the presence or absence
of a shift in the sedimentary series due to the replay of a fault. A fine biostratigraphic analysis makes
identifying the stratigraphic boundary on cores possible. Core boreholes fully confirm this analysis.
In addition to the geological aspect, the site of Darboussier has a complex tectonic setting. It is affected by the South-Western “ponytail form” extremity of the so-called “Gosier fault” (Fig. 2a). GEOTER specifically studied the tectonic aspect of the site during their investigations (GEOTER 2009,
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2012 and 2013).With a sub-marine length of about 11 km, the Gosier fault system continues under the
sea to reach a total length of about 15 km. Eastward, it belongs to a more general system that continues
to the East end of Grande Terre (Pointe des Châteaux), including average East-West faults arranged in
relay (faults of St. Anne, May, Bragelogne, St. Francis and Fond St. Bernard). This entire fault system,
which is the Northern edge of the graben of Marie-Galante, could reach a length of over 40 km. Some
segments of the fault system are expressed in the morphology, especially for the major segments of
Gosier between the area of Saline to the East, to the area of Pointe a Pitre to the West. Other faults are
hidden below the soils, as present at the site of Darboussier. The escarpment resulting from a normal
displacement, can reach a height of 15 to 60m, depending on the sectors and segments of the faults.
The ground level was elevated in order to protect the works from floods and cyclones. This general
back filling of 1.5 m has been wisely used to form the main part of the load distribution layer between
the basement slab and the inclusions.

(a)

(b)

Figure 2. Site of Darboussier: (a) Gosier fault; (b) geological section (GEOTER, 2012).

On the site of Darboussier, the different geological (core boring hole) and geophysical (measures H /
V) investigations have located the fault South of the project to within roughly 25m accuracy. The vertical displacement of the fault has been measured from 13 to 14m. It shifts the limestone with Agaricia
from higher limestone with rhodolites following quite a normal way, the collapsed portion lying South
of the site (Fig. 2b).
3 GEOTECHNICAL INVESTIGATIONS
In order to properly design the MACTe, a detailed geotechnical campaign (Fig. 3) was performed during
2012-2013. It consisted of two continuous core drillings (Ca1, Ca2, each 10 m deep), ten destructive
boreholes (Pr1 to Pr10) with Menard pressuremeter (PMT) tests (Fig. 4a) every 1.5 m (18-26 m deep),
twelve piezocone (CPTu1 to CPTu12) tests (15 m deep, Fig.4b) and four seismic dilatometer (SDMT3,
SDMT4, DMT4b, SDMT7) tests (8-14 m deep, Fig. 4c) in virgin soil or in backfilled boreholes (TC16
2001, Marchetti et al. 2008, Totani et al. 2009). Moreover, a resonant column test (Fig. 4) was performed on tropical soils (organic clay) (sample: Ca1 – 5.6-5.8 deep) to analyze the seismic site response.
In particular, Figure 4a shows the pressuremeter results, in terms of Menard modulus EM, while Figure
4b plots CPT data, in terms of the corrected cone resistance qt, the sleeve friction fs and the pore pressure
u2. In most cases the PMTs and CPTs commenced between two and five meters below the surface because of the non-penetrable layer of fill material. Figure 4c depicts SDMT profiles: material index ID,
constrained modulus M, horizontal stress index KD and shear wave velocity VS. Finally, Figure 5 illustrates the G-γ stiffness decay curve obtained from the dynamic (resonant column) laboratory test.

1163

Figure 3.MACTe: plan of the geotechnical investigations.
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Figure 4.MACTe: (a) PMT results; (b) CPTU results; (c) SDMT results.
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Figure 5.MACTe: G-γ stiffness decay curve obtained from a dynamic resonant column laboratory test on tropical
soil sample.

By integrating the results obtained from different in situ and laboratory tests, a geotechnical model of
the subsoil was defined focusing on the fill materials, tropical soils and altered calcareous coralline that
needed to be compacted before the construction of the "Mémorial ACTe" to improve the strength and
compressibility parameters. In particular, the subsoil model detected four geotechnical, listed from the
surface down:
 Coarse-grained fill materials until 5 m deep: the thickness of the deposits increased in the NW area, as shown in boreholes;
 Tropical soils: they consist of clay and organic clay (organic content of 19%) that reach a maximum depth of 6 m in the North;
 Altered calcareous coralline soils (alterated marly limestone) until 9-16 m deep;
 Unaltered calcareous coralline soils (marly limestone).
4 SOIL IMPROVEMENTS WORKS
By considering the low geotechnical properties of the fill materials, tropical soils and altered calcareous
coralline, the high seismicity of the area and the close proximity of the sea a genuine innovative solution
was proposed by Keller. Designed in accordance with the latest recommendations of ASIRI and AFPS
(French Association for Earthquake Engineering), and Eurocode 8, MACTe is the first major building
designed according to these regulations in the Guadaloupe Region.
In situ and laboratory tests helped to validate the seismic hypothesis and to achieve an optimum solution by using a maximum settlement of 3 cm, as the design criteria (Fig. 6, Table 1).
The adopted solution consisted of the inclusions. They are installed practically without any excavation using a hollow tool that enables concreting the inclusions by their tip. The hydraulic composite
(concrete), introduced via the web of the screw, is set within the soil cavity throughout the rise tool; it
must be easily pumped and is often added under slight pressure.
Two cases should be differentiated: either inclusions are necessary to justify bearing pressure under
seismic actions (Domain 1), or rigid inclusions have, as a principal function, the reduction of settlement
and the soil can assure the bearing capacity under seismic actions without the rigid inclusions (Domain
2). The first step is to define the domain. For Domain 1, the internal stresses (shearing action, moment)
in inclusions appear because of the deformation of the ground at the time of the passage of the seismic
wave train (kinematic effect) and because of the inertial efforts of the structure transmitted to the ground
reinforced at the base of the structure. The objective is to check that the stress induced in rigid inclusions
under the kinematic effects and inertial remain acceptable (no traction), taking into consideration property of the used mortar: compressive strength, tensile stress, shear strength. The soil improvement shear
equivalent modulus G* can be comparable with the shear modulus of the ground alone G0, (the contribu1166

tion of inclusions to the shear strength remains indeed negligible in comparison to the ground). This parameter is used to define the cinematic and inertial deformation (Fig. 7).

Figure 6.MACTe: (a) section of the reinforced soil; (b) cinematic and inertial deformations; (c) schematic rigid
inclusion plan.
Table 1.Static and dynamic design soil hypothesis.
Zone 1
+4

DEPTH (m)
Zone 2
Zone 3
+4
+4

+ 2.5

+ 2.5

+ 2.5

- 1.5

-

-

- 7.5

-0.5

-1.8

- 10

-5.5

-

- 11.5

-22.5

-3.3

Soil
Gravel
Fill
material
Tropical
soil
Alterated
marly
limestone
Marly
Limestone

γ
(kN/m3)
20

qt(MP

EM(M

pl(MP

qs(kP

Kp(M

α

Eoed

G0

a)
20.0

Pa)
20.0

a)
1.5

a)
150

Pa)
-

(-)
0.25

(MPa)
80

(MPa)
160

18

4.0

8.2

0.8

70

-

0.66

12.3

60

17

0.7

2.2

0.25

27

-

1.00

2.2

30

19

2.5

4.2

0.8

75

2.3

0.66

6.3

60

10

5.0

10.0

0.8

75

2.3

0.66

15

120

20

>15.0

33.0

2.9

154

2.3

0.50

66

264

Remarks: γ = unit weight; qt = corrected cone resistance; EM = Menard modulus; pl = limit pressure; qs= skin friction; Kp =
load bearing factor; α = rheological factor; Eoed = oedometric modulus; G0 = small strain stiffness modulus.

According to the calculations, this layer should have minimum thickness of 1m. Then, the works proceeded by reinforcing the lower layer with rigid inclusions of about 15 meters length (Fig. 5):
 270 Rigid Inclusions: Ø 420 mm, 120 reinforced (Domain 1);
 1274 Rigid Inclusions: Ø 340 mm (Domain 2).
In terms of time schedule, this solution offered some advantages. The inclusion works need 2.5
months, whereas piling works would have taken 6 months minimum.
In addition, there were no spoils or cuttings to evacuate and the treated areas could be released as
construction moved on, thanks to the displacement tool.
In terms of money, the superficial foundation system enabled the client to return to the primary budget.
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5 CONCLUSIONS
The integration of different geotechnical in situ (CPTu, SDMT and PMT) and laboratory tests allowed a
detailed subsoil model to be developed that was useful for the design of the foundation system of MACTe.
The rigid inclusions reinforced the geotechnical properties of the surficial soils, (fill materials, tropical soils and altered calcareous coralline), by earning time and money for the construction of the exhibition building.
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ABSTRACT: In order to stabilize a 2.6 m high embankment, a 7.5 m embankment was constructed
in three stages, during 30 months, over 11 m of extremely soft deposit in Rio de Janeiro city.
Piezometric measurements were carried out in four profiles using a small diameter Wissa probe at
the end of the third stage in order to evaluate the excess pore pressures and the remaining primary
settlement. The settlements measured at this site were of the order of 4 m, with the peat layer being
mainly responsible for the high settlement values. The probe allowed dissipation of pore pressure ten
times faster than the standard piezocone. By using a non-linear relationship between the vertical
stress and the void ratio, available from oedometer tests, the average degree of consolidation was
calculated, and thus the expected settlement was estimated and it was possible to evaluate the
remaining primary settlement so that the surcharge could be removed.
1 INTRODUCTION
Very soft clays are quite often found in the coastal regions of southeast Brazil, particularly in the
state of Rio de Janeiro (Silva, 1953; Almeida et al., 2008a; Baroni and Almeida, 2010; Almeida and
Marques, 2013). The districts of Barra da Tijuca and Recreio dos Bandeirantes, located west of Rio
de Janeiro city as shown in Figure 1, are presently the new frontiers for land use and the clay
deposits in those areas are usually extremely soft (Lacerda and Almeida, 1995). Therefore, the
construction of embankments on these soft grounds has been a great challenge. The methods used for
embankment construction on these soft clays are quite often; vertical drains (Almeida et al., 2001),
reinforcement, berms, and stage construction, and all these techniques may be used in parallel.
A residential building complex with 12 apartment blocks was constructed on this extremely soft
clay in Recreio dos Bandeirantes District in parallel with the second and third stages of embankment
construction on a tight work schedule. The site is 150 m wide by 350 m long, as shown in Figure 2,
which also shows the contours of soft clay thickness. At the frontal region of the site the soft clay
thickness varies from 4 to 11 m. At the back, the soft clay thickness varies from 4 to 2 m. The focus
of the present paper is the thicker parts of the soil deposit, whose expected total settlement was about
4.3 m and which had to be stabilized in 30 months.
A site investigation campaign was carried out, including in situ and laboratory tests, which
showed very compressible clay with very low undrained strength. Consequently, the embankment
was designed to be constructed in three stages, with vertical drains to reduce the construction
schedule and improve the strength between stages. It was also necessary to use reinforcement with
geogrids at the borders of the front area. The embankment construction was monitored mainly with
settlement plates and inclinometers.
A failure of the reinforced embankment occurred in part of the left border of the site, as described
by Almeida et al. (2008b). After the failure, there was concern about the performance of the vertical
drains of the embankment, since two buildings were to be constructed in the failed area. Data from
settlement plates at the end of the third stage showed settlements well within the expected range.
Nevertheless an additional surcharge of 2.5 m was placed in this area in order to accelerate the
settlements. Piezometric measurements were also carried out in order to estimate post-construction
settlements.
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Figure 1. Site location

The degree of consolidation, isochrones, and average degree of consolidation were obtained from
the analysis of piezo-probe results. The post-construction settlements could be estimated, thus
allowing the removal of the surcharge.
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Figure 2. Contours of soft clay thickness.
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2 SOIL GEOTECHNICAL CHARACTERISTICS
The site investigation of the site consisted of in situ and laboratory tests performed in vertical
clusters to obtain geotechnical profiles and parameters to perform the necessary analysis. Typical
characteristics of this clay deposit are shown in Table 1 for cluster SP36.
In order to obtain the variation of the peat thickness along the area, soil samples were collected
with an Standard Penetration Test (SPT) sampler for water content determination and compared with
laboratory test results carried out on undisturbed samples. The superficial peat layer is well defined
in the area and its high natural water content reaches 950%; thus there is also a very high void index.
It is a very plastic and highly organic marine clay deposit, with a high concentration of shells, which
may be seen in Figure 3. The water content decreased rapidly with depth, with values around 100%
for the depth range from 3.0 to 6.0 m and around 50% for greater depths, as shown in Figure 4.
Table 1: Main geotechnical soft soil characteristics of cluster SP36.
Soft soil thickness (m) (1)
2 to 11
Water content, w0 (%)
76 to 913
Liquid limit, wL (%)
86 to 636
Plasticity index, IP (%)
59 to 405
Saturated unit weight (kN/m3)
10.2 to 14.0
CR = Cc/(1+e0)
0.22 to 0.49
cv (m2/s) (2)
0.3 to 3.3 × 10-8
Initial void ratio, e0
3.0 to 21.9
Uncorrected vane test undrained
4 to 18
strength, Su (kPa)
(1) Peat + soft clay
(2) Corrected cv values from piezocone tests and from oedometer tests in the normally consolidated range.
3.0m

5.5m

7.5m

9.0m

Figure 3. Remoulded samples before index tests from SP36.

Almeida et al. (2008b, 2010) described this deposit, from the geotechnical point of view, as
probably the worst deposit found in this region to date, as it was very compressible (Cc/1+e0 = 0.48),
with very low clay strength (from 2 to 20 kPa) and low values of ch (about 2.5 × 10-8 m2/s). It was
observed that the high values of CR = Cc/(1+e0) of the peat layer were mostly responsible for the
high settlements predicted.
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Figure 4. Geotechnical characteristics of cluster SP36.

3 CONSTRUCTION TECHNIQUE
Secondary settlements were estimated to be as much as 0.70 m for the lifespan of the building
complex. Thus this was planned to occur during construction.
Primary and secondary settlements were predicted to be of the order of 4.3 m for the area with a
thicker clay layer, which means vertical strains of about 40%. Due to this high value of settlement, it
was necessary to use a very thick fill so that the embankment could reach its final stabilized
elevation of about +2.6 m. Considering the stress variation due to fill construction, the vertical and
horizontal consolidation coefficients at those levels of stresses were cv = 1.67 × 10-8 m2/s and ch =
2.5 × 10-8 m2/s from the consolidation tests and piezocone dissipation tests, respectively.
The construction technique used to stabilize the settlements at the front of the area, for the clay
thickness higher than 4 m, was vertical drains with surcharge in a triangular grid distribution with a
distance of 1.4 m between drains and three-stage embankment construction. After settlement
stabilization, a surcharge of 1.5 m of fill was scheduled to be removed.
Initially, a 1 m thick working platform of sandy material was constructed in order to access the
flooded area; it also provided a drainage blanket for the vertical drains. Due to the high thickness of
peat and low undrained strength of this deposit, it was necessary to use low-resistance geotextile
reinforcement at the base of the working platform.
A geogrid reinforcement layer and berms 1(V):3(H) were used at the borders of the frontal region
to ensure a factor of safety greater than 1.30 during construction using the translational block type of
analysis.
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4 PORE PRESSURE MEASUREMENTS
4.1 Wissa Probe
When a cone probe is pushed inside a soft soil the dissipation of the excess pore pressure can be
monitored over time by Wissa-type probe, which is the procedure for carrying out dissipation tests
by piezocone (Wissa et al., 1975). The time spent to achieve the desired pore-pressure dissipation is
directly related to the square of the diameter of the cone de. For example, if the piezo-probe diameter
is des = 12 mm and the piezocone diameter is dep = 35 mm, the time required for dissipation from the
probe is 10 times less than that from the piezocone. Figure 5 shows the Wissa-type probe designed
by COPPE/UFRJ to be used at this site. The probe pore pressure measurements were at the cone base
(u2).
35.8

*measured in
millimetres (mm)

155.0

35.8

380.5

225.5

12.0

Figure 5. Detail of COPPE’s Wissa-type probe.

4.2 Pore pressure procedures and measurements
Field pore pressure measurements were carried out in order to obtain the total pore pressure
dissipation, uf, at different depths.
The pore pressure excess due to a 3 m × 18 kN/m3 load was about 54 kPa (Figure 6) and the
hydrostatic pore pressure u0 was obtained from water level measurements and also from a dissipation
test carried out in the lower sandy layer; the pore pressure excess with time at different depths (see
Table 2) inside the clay layer was calculated as:
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u s  u f  u0  54 kPa

(1)

Three verticals were carried out in the study area (Figure 1) with dissipations executed at different
depths as shown in Table 2.

WT

1.5

variable depth

3.0

Fill: additional surcharge
n =18 KN/m³
v = 3 m *18 kN/m³ = 54 kPa

Compact Fill
n=19 KN/m³

variable depth

uf1

Different depths,
see Table 2

uf2

Extremely soft clay
n=13 KN/m³

u0
uf3

Figure 6. Geotechnical profile
Table 2. Pore pressure values
Test (depth, m)

Measured pore
pressure,
uf (kPa)

Hydrostatic pore
pressure, u0
(kPa)*

Pore pressure
excess, us
(kPa)

Vertical Q02: fill from 0 to 7.5 m and clay from 7.5 to 11 m
DP02-2 (9.98)

130

55

21

DP02-3 (12.02)

147

75

18

DP02-4 (13.52)

150

90

6

Vertical P01: fill from 0 to 7 m and clay from 7 to 11 m
DP01-1 (10.50)

130

60

16

DP01-2 (12.00)

155

75

26

DP01-3 (13.50)

147

90

3

Vertical Q01: fill from 0 to 7 m and clay from 7 to 12.5 m
DQ01-1 (8.97)

90

45

–9

DQ01-2 (10.51)

90

30

–24

DQ01-3 (12.00)

130

55

1

*Water level for Q01, Q02, and P01 = –4.5 m

In the study area, Casagrande piezometers were also installed and water content profile and
settlements measurements were obtained. The three vertical profiles were carried out at the clusters,
where the pore pressure (up) from Casagrande piezometers, settlement (h), and water content (wn)
of the clay layer were also measured.
The depths for the dissipation tests were chosen in order to allow comparison with u0 and water
content. From each vertical profile, three dissipation tests were carried out for 12 hours each, but at
least one dissipation at each vertical was carried out for 24 hours.
Figure 7 shows an example of the pore pressure dissipation with time for vertical P01. Figures
8(a) and 8(b) show the embankment and soft soil thickness and also the pore pressure measurements.
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Figure 8(c) shows the hydrostatic pore pressures and total and effective stresses in the layers deduced
from the Wissa probe. It can be seen that at the bottom of the deposit, in the sandy layers, when the
pore pressure dissipation was carried out, pore pressure values were the same as the hydrostatic pore
pressure, which did not occur in the clayey layers. In the clayey layers, excess pore pressures existed
that were yet to be dissipated, and thus some consolidation settlements were still to occur.
350

Depth = 10.50m

Excess pore pressure (kPa)

300

Depth = 12.00m
Depth = 13.50m
250

200
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Figure 7. Pore pressure with time at vertical 2: P01.
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Figure 8. Wissa probe and pressure profiles at vertical P01.

4.3 Prediction of post-construction settlements
In order to estimate the primary settlements (ha), a sampling campaign and consolidation tests were
planned. However, it was not possible to obtain good samples from this deposit below 9.5 m depth,
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due to the high water content and excess pore pressure, even using the Ladd and De Groot (2003)
procedures.
The estimation of the remaining post-construction settlements was carried out using the procedure
described by Almeida et al. (1993), used under similar field conditions. The procedure is basically
the determination of the degree of consolidation at different depths by measuring the pore pressure
excess (us). The average degree of consolidation (U) is then determined. In this method the nonlinear relationship between void ratio and effective vertical stress is considered, with due corrections.
From previous estimation of the total settlement hat) the remaining settlement is calculated by ha
= U × hat.
From the values of excess pore-pressure from Table 2 and consolidation curves from the initial
studies at the site, at similar depths of pore pressure measurements, the pore pressures were corrected
due to the non-linear relationship between void ratio and stress. Figures 9 and 10 show pore pressure
profiles from dissipation tests and corrected values for verticals Q02 and P01, respectively.
From Figures 9 and 10, the isochrones of pore pressure indicate a mean degree of consolidation of
5% yet to be dissipated.
In order to predict the consolidation settlements yet to occur, the data from settlement plates were
also analysed. Table 3 shows the average settlement estimated at about 3.8 m, which had an average
deformation of 30% (peat and clay together) until July 2008. After this period new settlement plates
were installed and new surcharges were carried out in the chosen areas.
Table 3 also presents values of the settlements measured from November 2008 to February 2009
and the predicted settlement for March 2009.
Considering an average settlement of 3.9 m, and the fact that 95% of pore pressure was already
dissipated, the expected remaining consolidation settlement was 0.2 m.
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Figure 9. Isochrone of corrected pore pressure: vertical Q02
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Figure 10. Isochrone of corrected pore pressure: vertical P01.

Table 3: Settlement predictions
Area

Predicted average
Accumulated
settlement (07/2008) settlement (11/2008)
(m)
(m)

Accumulated settlement
(from 11/2008 to 2/2009)
(m)

Predicted
settlement
(m)

Q1

3.6

0.065

0.150

3.80

Q2

3.9

0.039

0.062

4.00

Q3

3.9

0.012

0.010

3.90

Q4

3.9

0.012

0.018

3.90

5 CONCLUSIONS
This paper presents the prediction of post-construction settlements at three areas of a site west of Rio
de Janeiro. This site has the lowest undrained shear strength and the highest compressibility known
at this time in the region.
The studies showed that the overall performance of the embankment was within the predicted
values for 93% of the area, except for the areas presented in this study. An additional temporary
surcharge was placed in those areas in order to accelerate the remaining settlements.
In order to predict the remaining settlements, dissipation tests were carried out with a small
diameter piezo-probe until about 100% dissipation was achieved. The studies showed that 5% of the
primary settlements were yet to occur in areas Q1 and Q4. A settlement of 3.9 m occurred, based on
the measurements of settlements from the settlement plates installed at different times. Thus it was
concluded that a predicted settlement of 0.2 m would occur, and hence a total settlement of 4.1 m
(about 40% deformation considering both peat and soft clay).
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ABSTRACT: A series of tests was conducted on model-scale bored pile foundations by geotechnical researchers at Cork Institute of Technology (CIT) in a dense sand quarry in Cork, Ireland, which examined the capacity of cast in-situ piles. A programme of laboratory tests and field tests was undertaken to
determine the in-situ soil properties on site, which consisted of Cone Penetration (CPT), particle size
distribution tests and shear box tests. Well-established correlations were examined to estimate values for
the soil properties, to be used as inputs to the design of each model pile foundation. This paper investigates the reliability of the use of CPT data to predict the capacities of model scale bored pile foundations, by comparing the performance of the foundations as tested on site with predictions obtained using
CPT-based design methods.

1. INTRODUCTION
The Cork Institute of Technology (CIT) test bed site was developed at a sand and gravel quarry site at
Garryhesta, close to Cork City in the south of Ireland, in order to evaluate the performance of various
foundation systems through testing of model scale bored piles, monopiles and shallow footings.
Bored piles have been found to be an effective option in terms of choosing a foundation system, for
example in built-up areas where they have inherent advantages relative to the displacement form of pile,
with respect to vibration and noise mitigation. Instrumented full scale and model scale piles can be used
to improve the prediction of the load-settlement behaviour of such piles in order to develop and improve
the validation of the design methods for bored piles, particularly in relation to methods which utilise correlations with Cone Penetration Test (CPT) data. Given the installation process of bored piles, there is a
disadvantage in that a new pile is required for each individual test, which can be a factor in terms of the
possible deficiency regarding the number of bored pile experiments undertaken at field test sites, relative
to instrumented displacement piles which can be reused in a relatively straightforward manner.
This paper focuses on the shaft and base resistance behaviour relating to compression tests carried out
on two model bored piles, which formed part of a test programme undertaken in recent years.
2. GEOLOGY OF SITE
The geological history in the Cork region has been examined by Warren (1991) and Sleeman & Pracht
(1994), who have described the underlying bedrock formations in this region and the relatively complex
glacial action which laid down the deposits present in the area of the test bed location. On site, these are
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Figure 1. (a) Example of gravel lenses evident in the sand strata where exposed in a cutting at the test bed site and
(b) particle size distribution chart.

generally heterogeneous in nature, with silts and clays inter-bedded with layers of courser material
which is more permeable in nature – the material at the test bed location has been classified as medium
dense sand to silty sand, with localised narrow lenses of small gravel, as illustrated in Figure 1(a).
The depth of the sand and gravel deposits on the site vary from 12 metres at the southern section of
the site, to about 36 metres and greater at the north end of the site. Sand and gravel extraction has resulted in the removal of approximately 10 metres of overburden and this, combined with glacial action in
terms of the previous ice retreat, has resulted in the deposits being in a relatively overconsolidated state.
Previous plate load tests at the site would suggest pre-consolidation pressures in the range of 1100 to
1400kN/m3.
2.1

Laboratory testing

Particle size distribution tests were undertaken on soil samples from various depths at the location of the
piles. These indicated that they consisted of well-graded silty sands, with D50 values ranging from 0.10
mm to 0.15 mm and a fines content from 12% to 20%, as presented in Figure 1(b).
A number of shear box tests were completed and a localised constant volume angle of friction ranging from 33° to 37° was determined for this stratum of soil at the positions of the two test piles.
The water table level was expected to be relatively deep below the base of the piles, and the natural
moisture content was in the region of 8% to 12%, showing it to be partially saturated at that elevation on
the site. In addition, the unit weight of the sand samples was estimated to be 18.6 kN/m3.
2.2

In-situ test results

A number of CPT testing programmes were performed at the site by In Situ Site Investigation, with the
overall CPT qc and friction ratio data presented in Figures 2(a) and 2(b). This data was used to confirm
the soil classification as sand to silty sand, using interpretation based on Robertson and Wride (1998)
and Robertson (1990) to produce the data relevant to the soils classification index chart and normalised
CPT soil behaviour chart, as presented in Figures 2(c) and 2(d).
Relative density Dr values were derived using the procedure presented by Jamiolkowski et al (1985)
to indicate a density of 80% to 100% in the upper 1 metre layer of the soil and 60% to 80% in the lower
levels (Dr values calculated using the Lunne & Christoffersen (1983) method produced similar results),
while Jamiolkowski et al (2003) indicated the relative density of the in-situ material is close to 100%.
Murphy et al (2014) have shown that data produced through a set of SDMT tests carried out on the
site indicated, when the elastic stiffness (G0/qc) was compared to the normalised cone resistance (qc1),
that most of the soil appears to be in a cemented state, which may reflect the stress history of the site.
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(a)

(b)

(c)

(d)

Figure 2. (a) CPT qc and (b) friction ratio data for test site (with average values highlighted), (c) soils
classification index chart and (d) normalised CPT soil behaviour chart.

3. TEST PROGRAMME
3.1

Test piles

Two model bored steel-reinforced grouted piles TP1 and TP2 were installed at the test site, each of
which was 2m long and with a diameter of 100mm and formed using a hand auger. The excavations remained unsupported due to the apparent cohesion in the soil, as evidenced by the almost vertical excavation faces retained from floor level in the quarry as illustrated in Figure 1(a).
A reinforcement frame consisted of four no. T8 steel bars, with six levels of electrical resistance
strain gauges attached to the frame at the positions highlighted in Figures 3(a) and 3(b), with four gauges
at each level. A 50 N/mm2 nominal strength grout was used in the construction of the two piles. The two
piles were located approximately 7 metres apart.
The pile head displacement was monitored in each case using an array of linear variable displacement
transducers (LVDTs) attached to an independent reference frame, while the pile head load, strain gauge
output, and displacement transducer/pressure sensor readings were recorded using a Vishay data acquisition system. The required applied loads on the piles were achieved and maintained using an electronically-regulated hydraulic powerpack, used in conjunction with a load cell and hydraulic jacking unit.
3.2

Insitu test data local to individual pile locations

The two most relevant CPT qc profiles in terms of the location of the two piles are presented in Figures
3(a) and 3(b), with the two profiles indicating that the soil relevant to the piles consisted of three strata:
an upper dense layer between 0.2 m and 0.8 m below ground level (bgl), overlying a layer of relatively
loose sand to about 2.0 m bgl, which overlays pocket of denser sand to approximately 2.4 m in depth.
3.3

Test results

A 300mm long specimen pile section was formed at the time of the installation of each individual pile,
with strain gauges installed in a similar pattern to the test piles. These cores were subsequently tested to
failure in laboratory conditions in order to determine the stress-strain properties of the grout, as the linear small-strain concrete modulus of the concrete could be obtained as part of the process, which in turn
allowed for the non-linear stiffness-strain response of the grout to be obtained from the strain gauge
readings, using the tangent modulus approach as proposed by Fellenius (2001).
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Figure 3. CPT qc values at locations of (a) pile TP1 and (b) pile TP2, and strain gauge locations on each of the
piles (shown to the same scale as CPT profiles).

Consequently, the distribution of load in the pile could be calculated from the strain readings – it was assumed that the steel and grout experienced equal strain and so the load at any position in the pile can be
obtained by multiplying the measured strain by the corresponding cross-sectional area and the individual
elastic stiffness of the concrete and steel, respectively. The elastic stiffness of steel and the crosssectional area reinforcement were known, while the elastic stiffness of the concrete would vary during a
load test, hence the data provided by the tangent modulus procedure could be used for this purpose.
The load-displacement curves for the compression tests on piles TP1 and TP2 are shown in Figure 4,
where the response can be seen to be initially stiff until a pile head displacement of approximately 1mm
is achieved in both cases. The load tests were stopped at a displacement of 10.8mm and 32.4mm, respectively, although it is clear that there is some reserve in the pile capacity at these individual displacements.
At maximum pile head displacement for pile TP1, the total shaft friction mobilised equated to 63kN
(approximately 86% of the applied load at the pile head), while the corresponding base load was approximately 10kN (equating to 14% of the total applied load). Similarly, the shaft in pile TP2 had assumed
82kN of 100kN total applied load at the pile head, when the maximum displacement was realised.

Figure 4. Load versus pile head displacement graphs for piles TP1 and TP2, respectively.
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Figure 5. Load distribution curves for various displacement increments of piles TP1 and TP2, respectively.

Load distributions in the piles for the various load increments applied during the compression test were
calculated and these are presented in Figure 5, with the legends on the graphs indicating the pile head
settlement (in mm) at which the load distributions were calculated.
It can be observed that load transfer to the lower section of pile TP2 did not increase significantly as
the pile head load increased from 10kN to 100kN, with almost two-thirds of the total carried in skin friction by the upper half of the pile. The pattern on the shaft of pile TP1 was slightly different, where the
distribution of the shaft resistance appears to be more uniform.
4. ANALYSIS OF RESULTS
4.1

Shaft resistance

By assuming that the distribution of load shed between successive sets of strain gauges was uniform, the
mobilisation of the local shaft resistance (qs) along the length of each of the two piles during the course
of the relevant tests could be obtained. The average unit shaft resistance (qsav) normalised by the average
CPT qc value along the shaft is plotted against pile displacement normalised by the pile diameter and is
presented in Figure 6, for both pile TP1 and pile TP2.
The data would suggest that the shaft resistance is not fully mobilised at a pile head displacement of
close to 10% of the pile diameter for TP1 and at 30% for pile TP2. Garnier & Konig (1998) proposed
that, in order to fully mobilise the shaft resistance of some model piles, displacements of up to 10mm
were necessary. Subsequently, Lehane et al. (2005) suggested that the displacement required to mobilise
peak shaft resistance will increase when the soil-pile interface friction angle is high and when dilation
around the shaft appears to be relatively large.

Figure 6. Normalised average shaft resistance versus relative displacement of piles TP1 and TP2, respectively.
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The data shows a disparity between the two piles in terms of the respective values of qsav/qc achieved at
a relative pile head displacement of 10%, which is commonly taken as the apparent “failure” point of the
pile in terms of serviceability limits. The relevant value for pile TP1 is tending towards 0.017, while the
corresponding value for pile TP2 is approximately 0.011. These are 10% to 70% higher than the qsav/qc
value of 0.01 for such piles, as recommended in the LCPC correlation method produced by Bustamante
& Gianesselli (1982).
However, it has been described in the literature that scale effects are an important factor that must be
considered in terms of model pile testing, in particular when referring to measured shaft resistance data.
Lehane & Jardine (1994) described the relationship between the peak local shaft friction qs, the radial effective stress at failure ’rf and the interface friction angle at failure f, in terms of Equation 1:
qs= ’rf tan f

(1)

where’rf = ’rs + d; ’rs = stationary horizontal stress as measured after pile installation; and d =
increase in horizontal stress due to dilation at the pile soil interface during loading.
Lehane & Jardine (1994) detailed how dilation can be the dominant issue in terms of the behaviour of
model piles, but conversely can be relatively insignificant in respect of field scale piles, as dilation depends principally on such factors as surface roughness, shear stiffness, pile diameter and relative density.
In terms of concrete or grout piles, the failure surface on the pile can migrate into the main soil mass
due to the relatively rough pile interface, such that the interface friction angle f can increase towards
cv which is the constant volume friction angle of the sand. Taking this into account, an examination of
the shear stress measurements in relation to pile TP1 would suggest that effective radial stress ’rf values
in the region of 115 to 220 kPa were acting on the shaft, which was installed at a relatively shallow
depth below the surface. Similarly, it would appear that effective radial stress ’rf values acting on the
shaft of pile TP2 were in the region of 70 to 350 kPa.
Chatta (2005) carried out measurements of horizontal stress during the testing of jacked steel piles at
a test site with similar soil conditions in Wicklow, Ireland. He noted that horizontal stresses in the region
of 500kPa were recorded at locations remote from the base of the pile, but that these compared with horizontal stress levels of about 2000kPa close to the pile base, at similar depths to piles TP1 and TP2 at between 1m and 2m. He subsequently described how dilation during the loading process appeared to induce the horizontal stress’rf to increase by a factor 1 to 2.5 over the value of the stationary horizontal
stress ’rs during the course of loading the pile. In addition, given the partially saturated nature of the
soil at the level of piles TP1 and TP2, soil suction may potentially have a role in terms of apparently increased shear resistance values relative to typical qs/qc correlations.
As a result, it might be conceivable that the shear stresses as measured on these instrumented model
scale piles may be a greater than the corresponding values measured on a full scale pile, where testing is
undertaken in similar soil conditions.
4.2

Base resistance

The values for the average base resistance qb mobilised during the load tests for piles TP1 and TP2 are
plotted relative to the corresponding pile base displacements, as presented in Figure 7. It can be seen that
the base pressure response is relatively stiff for pile TP1 until a base resistance qb of approximately 600
kPa has been reached, while the base stiffness response for pile TP2 degrades rapidly once qb exceeds a
level of about 1700 kPa.
Randolph (2003) cites failure of a load test as the load corresponding to pile head movement of 10%
of the pile diameter and that it is particularly relevant to bored piles. Lee & Salgado (1999) suggested
that qb/qc is in the range of 0.13 to 0.21 at a pile head displacement of 10% of the pile diameter and that
a maximum qb value of 5000 kPa should be adopted.
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Figure 7. Base resistance versus pile head displacement of piles TP1 and TP2, respectively.

Most empirical methods in the literature estimate the base resistance from Equation 2:
qb0.1 = α qc (av)

(2)

where α = reduction factor; qb0.1 = relative displacement equivalent to 10% of the pile diameter; qc (av) =
average cone resistance at the base of the pile.
The LCPC method (Bustamante & Gianeselli 1982) is a commonly used process to estimate pile end
bearing, which is based on close to 200 pile tests on both driven and bored piles in a variety of soil conditions and where an α value of 0.4 is recommended for bored piles in sand and gravel. In contrast, De
Cock et al (2003) found that α varied from 0.15 to 0.2 and generally did not depend on the diameter or
length of the pile, while EC7 I.S. EN 1997 (NSAI, 2005) suggests a value of 0.2 for qc values up to 15
MPa, independent of pile diameter – the possible effects of factors such as pile length and relative density are considered to varying degrees in a number of these design methods.
In line with the LCPC method, averaged values of qc at the base of piles TP1 and TP2 were used to
normalise the qb values and plotted against the normalised displacement, as shown in Figure 8.

Figure 8. Normalised base resistance versus relative displacement of piles TP1 and TP2, respectively.

The normalised response of the piles is seen to be similar in both test areas for a relative pile head displacement of 10%, despite the varying soil profile at these pile locations as reflected in the CPT qc profiles presented in Figure 3, and producing qb/qc(av) values of 0.2 and 0.18 for piles TP1 and TP2, respectively, at a pile head displacement of 10% of the pile diameter – these values would appear to align
closer with those proposed by De Cock et al, Lee & Salgado and the EC7 correlation, than those suggested in the LCPC method.
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5. SUMMARY AND CONCLUSIONS
This paper reported the issues arising in static load tests of model scale bored piles, in terms of the mobilisation of shaft and base resistance. The base resistance reduction factor α was found to be close to the
recommended value of 0.2 of many of the standard empirical design methods, in relation to the base resistance mobilised by the compression tests on the two piles, when normalised by the CPT qc values. It
would appear to show them to be independent of the variability in the soil profiles, which supports the
conclusions of similar tests as described by Cadogan et al (2010) and Gavin et al (2013).
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ABSTRACT: Soil compaction projects can potentially offer significant savings in terms of cost and time.
However, they require the active participation of the geotechnical engineer throughout the project. An important
requirement of many compaction projects is to control total and differential settlement. The definition of projectspecific compaction criteria is a key task, the importance of which is not often recognized. A reliable and
transparent method of calculating settlement in granular soils is the tangent modulus method. By assessing soil
compressibility prior to the compaction work it is possible to determine whether, and to which degree, soil
compaction will be required. A method is presented by which the modulus number can be determined from CPT
results adjusted for mean confining stress. The compactability of soils can be assessed, based on the cone stress
and sleeve friction records. An important aspect of soil compaction is the increase in horizontal stress, which
results from the compaction-induced overconsolidation of the soil. A method is described which makes it possible
to take this preconsolidation effect into account. The proposed concepts are illustrated by examples.

1 INTRODUCTION
Natural or man-made ground, consisting primarily of granular material (silt and sand), can be compacted by
dynamic and/or cyclic methods. Also static preloading can be used, but this method is not suitable on projects where
soil deposits are subjected to dynamic and cyclic loading. Designing a soil compaction project is different to
designing a conventional foundation project, such as a piled foundation. In order for the design to be successful, it
requires the active participation of the design engineer during all phases of the project, from planning and field trials
through the execution of the compaction work. An important aspect is the close cooperation between the
geotechnical designer and the foundation contractor.
Planning and implementing of a soil compaction project is an ongoing process, comprising the following steps:
a) perform a geotechnical analysis considering the effect of static and/or dynamic/cyclic loading on the unimproved
ground; b) if the project requirements with respect to stability and/or settlement are not met, determine the extent of
compaction necessary to meet the foundation requirements, c) select potentially suitable compaction method(s)
based on experience and/or field trials, and d) verify that the specified compaction criteria have been achieved.
This paper describes how the cone penetration test (CPT) can be used during the above described phases of a soil
compaction project.
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2 DEFINITION OF COMPACTION CRITERIA
An important decision for the planning and implementation of a compaction project is to specify compaction
criteria. Unfortunately, even on large projects, compaction specifications are often based on empirical rules or texts
lifted from previous projects specifications. For instance, the required degree of compaction is frequently expressed
in terms of density index, ID, (earlier on referred to as, “relative density”, Dr, which term is still used, but now
usually assumed to refer to compactness condition determined from in-situ tests, such as the SPT or CPT). The
definition of the density index, ID = (emax - e)/(emax - emin) is based on the assumption that the void ratio of the soil
can be reliably determined for the "maximum" and "minimum" density of a natural soil. Over the years, “relative
density” has been used as a parameter to describe geotechnical parameters of sand deposits and correlations have
been developed to estimate the angle of internal friction, liquefaction potential, and soil modulus. However, as has
been shown by many, e.g., Tavenas and LaRochelle (1972), it is an ambiguous and qualitative procedure, which,
whenever possible, should be avoided. This fact is recognized in the Eurocode EN 1997-2, Part 2, which does not
define density index in terms of numerical values.
Considering the progress in geotechnical testing and analysis during the past decades, it is unnecessary to base
the design on qualitative formulations of soil parameters. In granular soils, such as silt, sand, and gravel, penetration
testing provides, when properly applied, the most reliable basis for planning, execution, and supervision of soil
compaction projects. This paper describes how the cone penetration test with pore water pressure measurement
(CPTU) can be used during all phases of a soil compaction project.
On most soil compaction projects, the critical design consideration is total and differential settlement. However,
settlement analyses are often still based on over-simplified empirical methods that often are quite unreliable.
Uncertainties associated with settlement analyses depend usually not on the choice of numerical method as much as
on the selection of appropriate soil parameters (deformation modulus values) to be used in the analysis. This paper
describes how settlements can be estimated based on the tangent modulus method, which is a transparent and
generally accepted concept. A method is presented on how the deformation parameters for settlement analysis can
be determined from CPTU results. The advantage of this approach is that the design can be based on quantitative
information, which makes it possible to assess settlements prior to and after compaction. Thus, compaction criteria
can be based on CPTU results rather than ambiguously described soil properties, such as the density index.

3 SETTLEMENT ANALYSIS ACCORDING TO TANGENT MODULUS METHOD
The tangent (1-D) modulus method was introduced by Janbu (1963) and is described in the geotechnical literature,
CFEM (1992) and Fellenius (2012). This unified method of settlement calculations is based on the tangent modulus,
Mt, defined by

d
 mr
Mt 
d

  v 
 
 r 

1 j 

(1)

where d= change of stress, d = change of strain; m = Janbu modulus number (dimensionless); r = a reference
stress (equal to 100 kPa); 'v = vertical effective stress; j = stress exponent. The modulus number has a direct
mathematical relation to the conventional Cc and e0 approach in clay soils (where the stress exponent is zero) and in
gravel and till (where linear elastic conditions are assumed and the stress exponent is unity). In soils suitable for
compaction, i.e., silty and sandy soils, the stress exponent, j, is approximately equal to 0.5, and Eq. 1 becomes
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where  = strain; m = Janbu modulus number (dimensionless); r = a reference stress (equal to 100 kPa); '1 = final
vertical effective stress (kPa); '0 = initial vertical effective stress (kPa). The stresses and stress exponent numbers
can be readily assessed. The only parameter in Eq. 2, which requires advanced geotechnical knowledge, is selection
of the modulus number, m. For fine-grained soils, the modulus number can be determined from oedometer tests on
undisturbed soil samples. For granular soils, however, the modulus number must be determined based on judgment.
The Canadian Foundation Engineering Manual (CFEM 1992) gives a range of modulus values for preliminary
estimates, Table 1.

Table 1. Typical stress exponent and modulus numbers, from CFEM (1992).

Soil Type

Stress exponent, j

Modulus number, m

Till, very dense to dense

1

1,000 - 300

Gravel

1

400 - 40

Sand
400 – 250

dense
compact

250 – 150

0.5

150 - 100

loose
Silt

200 – 80

dense
compact

80 – 60

0.5

60 - 40

loose
Clays

60 – 20

silty clay; hard, stiff
silty clay; stiff, firm

20 – 10

0

clayey silt; soft

10 – 5

soft marine clays and organic clays

20 - 5

Peat

0

5-1
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It is desirable to correlate the modulus number to in-situ tests, such as the CPT. The cone stress, qT, is affected by
the effective confining stress and it is necessary to consider this effect when interpreting CPT results. For the depth
adjustment of the cone stress, Massarsch (1994) proposed to apply a dimensionless adjustment factor, CM, to the
cone stress according to Eq. 3, based on the mean effective stress σ'm

CM

 
 r
  m 

0 .5

(3)

where CM = stress adjustment factor ≤ 2.5; σr = reference stress = 100 KPa; σ'm = mean effective stress. The mean
effective stress is determined according to

 m 

 v 1  2 K0 

(4)

3

where σ'm = mean effective stress; σ'v = vertical effective stress; K0 = coefficient of horizontal earth stress. Near the
ground surface, values per Eq. 3 increase disproportionally and it is necessary to limit the adjustment factor to a
value of 2.5. The stress-adjusted cone penetration stress is expressed in Eqs. 5a and 5b

qtM  qt CM

q tM


 q t  r
  m

(5a)





0 .5

(5b)

where qt = unadjusted cone stress (as-measured); σr = a reference stress = 100 kPa; qtM = stress-adjusted cone stress.
Based on information from soil compaction projects, Massarsch (1994) proposed the semi-empirical relationship
shown in Eq. 6 between the modulus number, m, and the cone stress adjusted for effective confining stress, qtM,.
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ma

qtM

(6)

r

where m = modulus number; a = an empirical modulus modifier, which depends on soil type; qtM = stress-adjusted
cone stress; r = reference stress = 100 kPa. The modulus modifier, a, has been determined from the evaluation of
extensive field and laboratory data (Massarsch and Fellenius 2002) and shown to vary within a relatively narrow
range for each soil type. Massarsch and Fellenius (2002) proposed the values listed in Table 2.

Table 2. Modulus factor, a, for different soil types, Massarsch and Fellenius (2002).

Soil Type

Modulus Modifier, a

Silt, organic soft

7

Silt, loose

12

Silt, compact

15

Silt, dense

20

Sand, silty loose

20

Sand, loose

22

Sand, compact

28

Sand, dense

35

Gravel, loose

35

Gravel, dense

45

If the geotechnical analysis shows that the specified settlement criteria cannot be met for the case of unimproved
ground, soil improvement by soil compaction is a potentially suitable foundation alternative. In such a case, it is
necessary to perform a settlement analysis, determining what cone penetration resistance values (and modulus
number) that would result in a condition improved to acceptable settlement. An important advantage of
determining the modulus number from CPT data and Eq. 6 is the fact that CPT data are normally available for
compaction projects. Thus, by using the above-proposed concept and the CPT records, it is possible to predict
settlements of a foundation, that is, to assess the need for compaction. After repeating the cone soundings on
completion of the compaction work, the same procedure is applied to verify the success of the work.
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4 COMPACTABILITY OF SOILS
The next step of the design process is to determine, which method is suitable for the geotechnical conditions at the
site. An important aspect of soil compaction is to achieve homogeneous foundation conditions, thereby reducing the
risk of differential settlement, which is equally important as the maximum degree of soil compaction.
Massarsch (1991) proposed that the compactability of soils by vibratory methods can be classified as
“compactable”, “marginally compactable”, and “not compactable” in a CPT chart as indicated in Fig. 3. (It should
be noted that the diagram assumes homogeneous soil conditions. Layers of silt and clay can inhibit the dissipation
of excess pore pressures and, therefore, reduce the compaction effectiveness).
Figure 1 shows the same compaction boundaries in two CPT charts. Figure 1a presents the cone stress, qt, as a
function the friction ratio in a conventional soil classification chart with the friction ratio along the abscissa and the
cone stress (qt) along the ordinate. Because the ranges of cone stress and sleeve friction applicable to compaction
projects are relatively narrow, the usual logarithmic scale compression of the abscissa can be dispensed with
(Massarsch 1991). Figure 1b presents the same boundaries plotted in an Eslami-Fellenius classification chart which
uses the "effective" cone stress, i.e., qE = qt - U2 plotted against the sleeve friction fs. (Eslami and Fellenius 1995;
1997; and Fellenius and Eslami 2000).
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100
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compactable

compactable
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Figure 1.

2

1

0

1

4a

b) Based on Fellenius (2012)

Soil classification for deep vibratory compaction with boundaries for compactable, marginally
compactable, and not compactable soils.

5 EXAMPLE OF MODULUS EVALUATION
The following example shows the application of the above method of determining the modulus number. CPT
readings are taken intermittently at closely spaced distances, normally every 20 mm, preferably every 10 mm.
Figure 2 shows CPTU results in a soil deposit consisting of soft clay overlying silt and sand (Fellenius 2012). For
compaction evaluation, it is often beneficial to filter the cone stress values, qt, so that any disingenuous peaks and
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troughs in the data are removed. The most useful filtering is obtained by a geometric average, usually running over
about 0.5 m length.
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Results of CPTU in soil deposit consisting of soft clay on silt and sand, from a site near Vancouver,
BC, Canada, (Fellenius (2012).

The effect of filtering and depth-adjusting the qt-values and calculation of the modulus number profile is
illustrated in Figure 3, using the CPT sounding of Figure 2. Figure 3 shows the unfiltered and depth-adjusted qtprofile, as well as the filtered qt-profile determined according to Eqs. 5a and 5b, respectively. The second diagram
shows the modulus number distribution calculated according to Eq. 6. The third diagram shows the modifiers ("a")
used in the calculation. The modifier for the clay was selected to result in modulus numbers commensurate with
those found at an adjacent site where oedometer tests were carried out on recovered clay samples.

6 EFFECTS OF SOIL COMPACTION
Soil compaction has the objective of reducing the compressibility of granular soil. This is reflected by the increase
in cone stress, based on which the soil stiffness (modulus) can be determined based on the above proposed concept.
However, in many compaction projects, almost independently of the used compaction method, it is has been found
that the sleeve friction increases following compaction, which fact is an equally important, but often neglected
effect of the compaction. In a well-documented case history, Massarsch and Fellenius (2002) showed the increase in
cone stress and sleeve friction in a sand deposit before and after compaction, Fig. 4.
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The increase in sleeve friction as a result of compaction must be caused by an increase in horizontal stress. The
initial horizontal effective stress of normally consolidated soil deposits (e.g., hydraulic fill) can be estimated based
on

K 0 1 sin  '

(7)

where ’ is the estimated effective friction angle.
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(for two and seven days combined). After Massarsch and Fellenius (2002).

The effective friction angle for normally consolidated sand and silt ranges between 30 and 36, which according to
Eq. 7 corresponds to a K0-value of about 0.4 through 0.6. As will be discussed below, soil compaction results in an
increase of horizontal effective stress, which is reflected by the increase in the sleeve friction. This effect shall be
taken into account when calculating the mean effective stress in Fig. 5b. However, the stress adjusted cone stress,
qtM is less affected by an increase in horizontal stress as the stress adjustment uses the square root of the mean
effective stress.
The modulus number, m can be calculated according to the above described procedure, prior to and after soil
compaction. Using the data shown in Fig. 4, the variation of the modulus number, m as a function of depth is shown
in Fig. 5. Note that due to the stress adjustment of cone stress, the modulus number decreases slightly with depth, in
spite of an increase in cone stress. The determined values of the modulus number, m are in good agreement with the
range of values for sand, given in Table 3.
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Modulus number, m determined from cone stress in Fig. 4, before and after soil compaction. After
Massarsch and Fellenius (2002).

Vibratory compaction results in an increase of the earth stress (often called earth pressure, but should be called
stress) coefficient at rest, K0. However, in overconsolidated soils, that is, compacted soils, it is more difficult to
estimate K0. Several investigators have proposed empirical relationships between the earth stress coefficient of
normally and overconsolidated sands and the overconsolidation ratio, OCR, as given in Eqs. 8a and 8b

K1
 OCR 
K0

K 
OCR   1 
 K0 

(8a)

1



(8b)

where K0 = coefficient of earth stress at rest for normally consolidated sand; K1 = coefficient of earth stress at rest
for overconsolidated sand,  is an empirically determined exponent. Based on compression chamber tests,
Schmertmann (1985) recommended a value of 0.42 for the -exponent, and Lunne and Christophersen (1983)
suggested 0.45. The Brooker and Ireland (1965) data for sand (soil with low IP-value) and the relationships
suggested by other authors have been redrawn in Fig. 6, showing OCR as a function of the ratio of earth stress at
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rest for overconsolidated and normally consolidated sand, K1/K0, respectively. The diagram shows that a doubling
of the earth stress coefficient, which is a relatively small increase, results in an increase of OCR to values ranging
from 4 through 7, corresponding to ß-exponents ranging from 0.36 through 0.50.

Figure 6. Relationship between K1/K0 and OCR for sand. After Massarsch and Fellenius (2002).

The sleeve friction can be approximated from

f s  K 0  v' tan  

(9)

where: fs = sleeve friction; 'v = effective vertical stress; K0 = earth stress coefficient; ' = the effective friction
angle for the soil/CPT sleeve interface. It should be noted that the earth stress coefficient adjacent to the penetrating
cone can be affected by changes of the stress field and that Eq. 9 should not be used to calculate the earth stress
coefficient. The ratio between the sleeve friction after and before compaction, fs1/fs0 can be calculated from

f s1 K 01  v1 tan 1 

f s 0 K 00  v0 tan 0 

(10)

where: fs0 = sleeve friction before compaction; fs1 = sleeve friction after compaction; K00 = coefficient of earth stress
before compaction (effective stress); K01 = coefficient of earth stress after compaction (effective stress); 'v0 =
vertical effective stress before compaction; 'v1 = vertical effective stress after compaction; 0 = friction angle
before compaction; 1 = friction angle after compaction. Equation 10 assumes that stress changes caused by the
penetrating cone adjacent to the sleeve are the same before and after compaction. The effective vertical stress, 'v is
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unchanged by the compaction process (increase of soil density but reduced layer thickness). The ratio of the earth
stress after and before compaction, K01/K00, can then be estimated from the relationship

f tan 0 
K 01
 s1
K 00
f s 0 tan 1 

(11)

Equation 11 assumes that the earth stress coefficient is directly affected by the change of the sleeve friction and of
the friction angle of the soil. To illustrate the importance of the relationship, Eq. 11 is represented in Fig. 7 for sand
for which the compaction resulted in a friction angle of 36, improved from values ranging from 21 through 30
before compaction. The sand is assumed to be normally consolidated before compaction with an earth stress
coefficient, K00, which, according to Eq. 7, is approximately equal to 0.5. The CPT measurements provide the
sleeve friction values. As indicated in Fig. 7, the ratio of earth stress coefficients depends primarily on the ratio of
sleeve friction and less on the increase in friction angle.

Figure 7.

Ratio between sleeve friction before and after compaction to OCR for three levels of increase of the
effective friction angle: 21° to 36°, 25° to 36°, and 30° to 36°. After Massarsch and Fellenius (2002).

In the example in Fig. 4, fs1/fs0 is approximately 2, hence K01/K00 varies from 1.1 to 1.6; i.e. assuming K00 = 0.5, K01
= 0.55 to 0.80. As the modulus number is determined from the stress adjusted cone resistance, which depends on the
square root of the mean effective stress, the effect of lateral stress change has reduced effect. However, the increase
in lateral earth stress causes a preconsolidation effect, which needs to be considered in a settlement analysis.
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7 CONCLUSIONS
Soil compaction is potentially a cost-effective and technically flexible solution for many foundation projects on
granular soils, where total and differential settlements often are the key design considerations. However, the
planning and execution of soil compaction projects requires the active involvement of the geotechnical engineer
during all phases of the project, as only then it is possible to take advantage of the possibility to optimize the extent
and degree of soil compaction.
Settlement of foundations on granular soils can be analyzed by a variety of methods. A widely used method is
based on the tangent (1-D) modulus method. In all settlement analyses, the soil modulus is the key parameter and, in
the case of the tangent modulus method, the modulus number. In granular soils, it is usually not possible to obtain
undisturbed samples for laboratory testing to establish the soil compressibility for use in settlement analyses.
However, with the method proposed in this paper, it is possible to estimate the modulus number based on stressadjusted cone stress measurements.
An important, but often neglected, consequence of soil compaction is the increase in horizontal effective stress.
Sleeve friction measurements after soil compaction are usually several times higher than prior to compaction. This
increase in horizontal effective stress demonstrates that the overconsolidation effect caused by the compaction can
be quantified by the ratio of the sleeve friction after versus before compaction. The paper demonstrates how the soil
modulus and the change in horizontal stress and, therefore overconsolidation, can be quantified based on cone
penetration tests. A similar approach should be possible when evaluating the liquefaction susceptibility of loose
sands and silts.
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ABSTRACT: This paper presents selected results of seven piezocone penetration test (CPTu) campaigns
distributed over eighteen years and three upstream-raised tailings storage facilities (TSFs) at a gold mine
in Western Australia. Periodic CPTu soundings served in part to validate the inferred strength gain, and
where feasible tailings samples were also collected for conventional geotechnical laboratory testing to
support the CPTu data interpretation. Results from the CPTu soundings indicate significant consolidation and strength gain in some zones of the deposited tailings; however, other zones of weaker, unconsolidated material persist despite significant fallow periods or subsequent loading via tailings deposition.
An increase in phreatic surface level was also inferred in the continuously-operated facilities, indicative
of net accumulative transport water storage within the tailings deposits, while drain down was evident in
the one TSF left fallow for twelve years, prior to its recent recommissioning. The results are used to
provide a comparison of estimated strength gain over time and the drying and rewetting behavior
associated with cyclic deposition of the flotation gold tailings streams.
1 INTRODUCTION
The consolidation and associated increase in strength of slurried gold tailings deposited in semi-arid environments over long periods is currently not well understood. Site climate, discharge water content and
pond management, mineralogical and geotechnical tailings properties, facility rate of rise and cyclical
deposition strategies, fine and coarse tailings segregation, local geology and subsurface drainage conditions are amongst the factors that control the development and dissipation of porewater pressures, the
rate of consolidation and increase in strength in tailings deposits. Periodic piezocone penetration test
(CPTu) soundings can be used to assess the anticipated engineering behavior of the tailings over time,
although access to some areas of the tailings storage facility (TSF) is often restricted by soft ground
conditions or active deposition. Increasingly, the installation by direct pushing of transducer-based piezometers is included in the geotechnical investigation, thus allowing long-term pore pressure monitoring
in zones of interest identified by the CPTu data. Although desirable, tailings sample recovery for
geotechnical testing to support the CPTu work during mine operation is often limited to collection at the
tailings discharge points and at near-surface, beach-above-water locations; the former do not provide information on segregation and the latter are significantly affected by evaporative desiccation.
Starting in early 1995, periodic CPTu investigations have been undertaken at a gold mine located in
semi-arid Western Australia; although not a direct topic of this study, a considerable and ongoing improvement in CPTu technology and field practice has been noted since that time. Table 1 summarizes
the number of soundings and dissipation tests at the three largest TSFs at the mine site, from 1995 to
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present date (as indicated for completeness, static cone soundings were performed in 1993). The number of dissipation tests completed and the type of additional field work undertaken over the eighteenyear (to date) study period are also indicated in Table 1. Due to soft-ground and active deposition access issues, changes in TSF geometry related to upstream wall raising and geotechnical investigation
objectives at the time, only some CPTu sounding locations have been coincident from campaign to campaign.
Table 1. CPTu sounding campaigns.
Date
Aug 2013
May 2013
Sep 2011

Aug 2009

Sep 2004

Aug 2000
Feb 1995
Aug 1993*
Total

Site
TSF 3 (West)
TSF 3 (East)
TSF 1
TSF 2
TSF 3
TSF 1
TSF 2
TSF 3
TSF 1
TSF 2
TSF 3
TSF 1
TSF 2
TSF 1
TSF 2
TSF 1
All TSFs

Status
Operating
Operating
Operating
Operating
Fallow
Operating
Operating
Fallow
Operating
Operating
Fallow
Operating
Operating
Operating
Operating
Operating
n/a

Soundings
14
10
1
4
20
6
7
11
7
8
6
2
6
4
3
3
112

Dissipation Tests
57
28
10
27
107
6
4
7
6
9
6
4
9
83
(combined)
n/a
363

Additional Work
n/a
n/a
VWP
n/a
VWP
Lab
Lab
VWP, Lab
Lab
Lab
Lab
n/a
Lab
n/a
n/a
n/a
n/a

* Static cone penetration testing
VWP = vibrating wire piezometer installation
Lab = laboratory testing of samples

Each CPTu sounding campaign was carried out for slightly different purposes, owing to the issues
faced by the mine operation at the time. For example, the 1995 campaign was conducted to assess the
strength and rate of dissipation of pore pressures in a weak tailings zone identified during the 1993 investigation; the weak material appeared to coincide with former borrow zones in the tailings beach
located near the perimeter embankment, which are rapidly filled during periods of deposition. As part of
the 1995 CPTu campaign, an estimate was made regarding the maximum depth of borrow that could be
excavated that would allow satisfactory dissipation of excess pore pressures caused during subsequent
upstream wall raises. The purpose of the later investigations (2000, 2004 and 2009) was to evaluate the
undrained shear strength of the tailings material, with a view to assessing the geotechnical stability of
the embankments. Particular attention was paid to liquefaction potential of the tailings during the 2009
study. The 2011 CPTu campaign was focused on identifying the phreatic surface in TSF 3 shortly after
recommissioning, and hence there were few tests on TSF 1 and TSF 2.
Figure 1 provides a schematic of a typical upstream-raised TSF at the mine site, illustrating the three
operational phases of active tailings discharge, fallow period and wall raise construction methodology,
as well as two photos of typical wall raise practice. As indicated in the cut-section view of the Figure 1
schematic, the proximal (i.e. near the perimeter embankment) zone will in principle comprise primarily
the coarser tailings or sands that drop out of suspension more rapidly in subaerial (exposed to the
atmosphere) spigot discharge conditions. In comparison, the finer tailings or slimes portion will be
hydraulically transported to, and settle out in, the distal (i.e. centrally-located, away from the perimeter
embankment) zone, including subaqueous deposition of the finest tailings fraction in the decant pond.
As discussed further below, variability in the tailings environment and operational practice complicates
the idealized particle segregation, and provides a challenge for the development of geotechnical models
using estimated strength parameters and pore pressure conditions derived from CPTu data.
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Figure 1: Schematic of a typical upstream-raised TSF (top) and typical wall raise views in practice (bottom)

Given the extensive tailings geotechnical database associated with the subject mine, this paper presents only selected results of three of the CPTu sounding campaigns distributed over seven years (2004,
2009 and 2011) on the three principal TSFs, with particular focus on strength gain and associated pore
pressure conditions under the various operating conditions. Subsequent papers are planned to present
additional interpreted results of this relatively long geotechnical monitoring program, including a
comparison of the predicted and observed behavior of TSF 3 upon recommissioning after its twelve-year
fallow period.
2 TSF ARRANGEMENT AND OPERATIONAL HISTORY
The three TSFs were designed and have been operated as paddock-style impoundments, with their initial
or starter embankments constructed using locally-available borrow soils and subsequently raised in an
upstream manner employing tailings borrowed from the proximal beach zone to build the perimeter
walls and maintain minimum freeboard requirements. Multiple-point spigot discharge of slurry tailings
at the TSFs is organized and scheduled so as to develop wide beach-above-water zones around the distal
decant ponds. None of the TSFs was provided with a purpose-built, low-permeability liner or an
underdrain collection system to reduce seepage losses or enhance tailings consolidation.
Although similar in design and wall raise methodology, the TSFs contain material of somewhat
different providence and have had diverse operating histories. TSF 1 and TSF 2 generally contain
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tailings derived from conventional flotation processing of gold-bearing ore from only the subject open
pit mine. Both facilities have been run under continuous cycles of active operation (receiving slurry
tailings) and fallow periods (drying and constructing wall raises) since commissioning, but with
modifications to their respective, original internal cell divisions to their present-day arrangements.
Currently, TSF 1 is configured as a single cell (commissioned pre-1998) whereas TSF 2 comprises three
sequentially-operating cells (commissioned in 1991, 1994 and 1995, respectively). TSF 1 was fallow
for a short period prior to its first CPTu sounding campaign in 2004, but had been recommissioned and
was in operation during the 2004 CPTu campaign. The facility remained in operation thereafter (with
CPTu sounding campaigns in 2009 and 2011), until completion of its final tailings deposition in 2013.
TSF 2 was in operation for all CPTu sounding campaigns (1995 to 2011); the facility remains
operational, with completion scheduled for 2021.
In comparison to TSF 1 and TSF 2, TSF 3 was constructed to store tailings generated from the
reprocessing of historic gold tailings deposits in the general area, and hence its original source material
was variable in nature and (likely) throughput rate. TSF 3 operated in this manner from commissioning
in 1989 to end of original operations in 1999, when it entered a long fallow period with partial
rehabilitation of its external slopes. However, TSF 3 was recently readied for return to operational
status, and in late 2011 began receiving a portion of the flotation gold tailings stream previously
reporting to TSF 1 and TSF 2 as part of an effort to increase overall tailings storage capacity associated
with an expansion project at the mine. Thus, TSF 3 was fallow during the CPTu sounding campaigns of
2004, 2009 and 2011 but (recently) operational for the 2013 CPTu work. TSF 3 is currently scheduled
for final tailings deposition in 2021.
Slurry tailings are delivered to each TSF via pipeline, where they are discharged in a controlled
manner via a system of spigot points that are progressively moved around the perimeter of the
established tailings beach. The intent of the subaerial deposition method is to develop a thin (typically
300 mm maximum thickness) layer of fresh tailings which is exposed to high evaporative conditions that
facilitate drying and consolidation, while simultaneously developing an even beach profile around the
impoundment and maintaining the supernatant or decant pond (which contains the bleed fluid from the
settling and consolidating tailings slurry) around the centrally-located reclaim tower. This deposition
management technique facilitates the increase over time of tailings dry density (mass of solid particles
per unit volume) and hence the operational storage capacity of the TSF. More critically, it attempts to
ensure that adequate foundation conditions are developed for upstream embankment construction. The
approach is in line with conventional practice for management of fine mineral tailings in semi-arid
environments and is widely used throughout the Western Australian Goldfields.

Figure 2: Examples of meandering channels and borrow zone infilling developed during tailings deposition
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In the context of CPTu data interpretation, at each spigot location the discharged tailings form a
meandering channel across the subaerial beach towards the decant pond location (Figure 2). The
channels are constantly moving, with tailings segregating and being deposited in areas of low energy
(similar to sediment deposition in rivers) and overtopping to form new channels in areas of high energy.
In many cases, and as a complication to the ideal gradation principle of proximal sands and distal slimes,
the deposition from one spigot will spread laterally and intersect deposition channels from nearby
spigots, creating an interwoven beach with finer and coarser particles deposited at indiscriminate
locations dictated by the available energy in the deposition stream. This could mean that a given CPTu
sounding could intersect various deposition cycles associated with immediately adjacent and other
nearby spigots, as well as the locations of previous borrow zones, which are typically filled rapidly with
little segregation. The presence of these interbedded layers is considered to be important, as
geotechnical slope stability models are typically developed from very few CPT soundings taken in
cross-section (Figure 3). From these soundings, discrete layers of various strengths are interpreted for
use in a stability model. During development of the model, assumptions are necessarily made relating to
the lateral extent of each weaker layer in order to provide a reasonable estimate of the conditions within
the TSF. Hence, the strengths adopted for use in stability models are sometimes assumed to be the
weakest value of the sounding, to account for the possibility that a failure could occur through a series of
uninterrupted weaker zones.
ZONE OF FINER TAILINGS
INFILLED BORROW ZONE
CPTu SOUNDING

Figure 3: Example of CPTu soundings intersecting various layers

Due to the intricate, interbedded nature of the coarser and finer mineral particles that constitute
tailings deposits and the various external factors that influence the distribution of entrained (pore) water
with the tailings, such as the ongoing relocation of spigot points, generation and migration of
consolidation water, operation-driven variations in decant pond extents, changes in precipitation and
evaporation conditions and uncertain efficacy of (often constructed) internal drainage systems, pore
pressure conditions in upstream-raised TSFs are complex, and rarely hydrostatic. These conditions
present a challenge to testing practice and data interpretation, in that the cone usually encounters
unsaturated materials in the upper zone of the sounding (for rig access and geotechnical design
considerations, the typically few sites in a CPTu sounding campaign are often located around the TSF
perimeter) and commonly also indicates zones of unsaturated, coarser materials at depth. The cone’s
piezometer element can therefore undergo saturation loses and gains throughout the sounding, resulting
in sluggish pore pressure responses and making the interpretation of pore pressure variation with depth
challenging. Regular dissipation testing in saturated zones provides considerable assistance in assessing
tailings pore pressure profiles.
The strength gain over time, and the pore pressure variation with depth, are therefore of interest to a
designer, particularly when few CPTu soundings are available. Tailings strength and pore pressure
profiles are usually inferred from collected data (or estimated from studies on similar facilities) well
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before the design takes place and therefore may not be representative of the current tailings state, let
alone future TSF operating conditions. The opportunity to consider strength gain from multiple
soundings taken over a relatively long study period in the same TSF is rare and hence the data presented
in this paper are considered to be unique. In this study, locations where the CPTu soundings were at or
near to the same location were selected for each TSF, and undrained shear strength and penetration pore
pressure values over time have been compared. Reflective of their individual heights, locations and
operational characteristics, the tailings strength gain and pore pressure profiles in each TSF were found
to vary markedly over time. In addition, soundings located near the decant pond on TSF 1 were also
carried out, which is atypical during investigations due to the usual focus on external embankment
stability.
3 RESULTS AND INTEPRETATION
3.1 Approach to Interpretation
For tailings geotechnical engineering practice, and in particular to support the design of upstream-raised
TSFs, CPTu data are usually relied on to provide an estimate of in situ strength, to assess existing pore
pressure conditions (through dissipation testing) and to quantify the liquefaction potential of the tailings
deposit, with due attention to embankment foundation conditions. The estimate of undrained shear
strength, su, which is a key focus of this paper, is most commonly performed using empirical
correlations to cone resistance (Lunne et al., 1997):

s

σ

(1)

where qt is the corrected cone tip resistance, σv is the total in situ vertical stress and Nkt is an
empirical cone factor. Selection of an appropriate Nkt is of paramount importance due to its direct
influence on the value of su estimated for design, in particular when laboratory or field shear strength
reference tests cannot be completed to calibrate Nkt. For the 2004 campaign, an Nkt of 12 was initially
adopted, based on typical values between 10 and 20 quoted in literature for fine-grained soils. However,
the current industry trend, supported by the Independent Geotechnical Review Team retained by the
mine’s owner, is to use a more conservative Nkt value of 15 for gold mine tailings. The results presented
in this paper are therefore based on an Nkt value of 15 for all data presented (including the 2004 data,
which was reanalyzed).
Due to the ever-changing geometry of the subject TSFs, the reference elevation of each sounding also
varied over time. To facilitate comparison, CPTu data over successive campaigns have been plotted to
the same depth scale, with later probes adjusted to take into account increases in the heights of the
facilities. The pore pressure and cone resistance data were used to identify the natural ground, typically
indicated by a significant reduction in pore pressure (the TSFs are unlined) and a corresponding increase
in resistance.
As appropriate tailings deposition and decant pond management of upstream-raised TSFs relies on
maintaining essentially drained, non-contractant conditions in the coarser tailings sands comprising the
embankment foundation (refer to Figure 1), the material penetrated by the cone is often unsaturated, at
least in the upper, proximal zone of the tailings deposit. Research recently conducted within a
calibration chamber at the University of New South Wales indicates that cone tip resistance through
unsaturated soils is significantly higher than saturated or oven-dried soil at the same density
(Pournaghiazar et al., 2012 and 2013). The apparent increase in inferred strength associated with soil
suction as recorded by the laboratory-based cone testing of a clean, uniform sand is relevant to the
results presented in this paper, as significant portions of the subject tailings deposits, typically the upper
5 to 10 m, are generally unsaturated. The results of Pournaghiazar et al. (2012 and 2013) indicate that qt
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values, and hence design su values estimated from empirical correlations to qt, may be over-estimated,
should these tailings later re-saturate.
While Pournaghiazar et al. (2012) propose methods to correct CPTu results on the basis of soil
suction, the suggested procedure is quite recent and is based on laboratory testing of clean sands. For
the purposes of this paper, a direct comparison between estimated su values over successive CPTu
sounding campaigns has been made, as the error in the unsaturated zone is likely to be similar, or at least
consistent, for each sounding.
3.2 TSF 1
As noted above, TSF 1 was fallow just prior to its first CPTu sounding campaign in 2004, but was in
continuous operation from just before that 2004 campaign to its final tailings deposition in 2013. The
second (2009) and third (2011) CPTu sounding campaigns therefore represent conditions of consistent
water inflow (via spigotted tailings slurry) to the TSF. Two proximal and one distal CPTu sounding
locations at TSF 1 were considered for this paper. At each location, the estimated su values and the
recorded penetration pore pressure data, u2, between successive campaigns (i.e. 2004 and 2009 or 2009
and 2011) have been compared.
The results for each location are summarized in Figure 4, with the three charts on the left providing
the estimated su values and the three charts on the right providing the recorded u2 data. The data are
presented by year with the depths adjusted for direct comparison.
The estimated su values for Location 1 and Location 2, both proximal sites, show a general increase
over the five years between soundings. Review of the data indicates the strength gain is in the order of
160 kPa, on average. This is in stark contrast to Location 3 (near the centre of the TSF, adjacent to the
decant pond), which indicates only a small average increase in estimated su (∼20 kPa) between 2009 and
2011, with some zones at depth apparently reduced in strength. This inferred strength behavior is
associated with a significant increase in pore pressure over the two years, a result of continuous
deposition of slurry tailings during this period. The increase in pore pressure is evident in the u2 profile
for Location 3, with the dynamic pore pressure responses near mid-depth of the soundings increasing by
∼200 kPa. In contrast, there was no significant change in u2 response in the proximal soundings
between 2004 and 2009. The u2 data for Location 1 suggest a slight drop in phreatic surface, while the
u2 data for Location 2 suggest a slight increase, but both indicate a phreatic surface about 5 to 10 m
above natural ground.

Figure 4: TSF 1 – Estimated su values (left) and recorded u2 data (right) comparisons
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3.3 TSF 2
TSF 2 was in operation during the 2004, 2009 and 2011 CPTu probing campaigns, and those
geotechnical investigations were focused on verifying the proximal conditions at depth. Comparative
data from three locations are presented for this study (Figure 5), with the three left hand charts providing
estimated su values and the three right hand charts providing recorded u2 data.

Figure 5: TSF 2 – Estimated su values (left) and recorded u2 data (right) comparisons

The estimated su values for Location 1 (2004 and 2009 campaigns) and Location 2 (2009 and 2011
campaigns) show a significant increase near the surface, a result of desiccation due to thin layer
deposition, but no significant increase at depth. The average increase in su is ∼70 kPa for Location 1,
while Location 2 indicates a decrease of ∼40 kPa. The interpreted CPTu sounding data from Location 3
(2009 and 2011 campaigns) show a lower strength near the surface (when compared to Locations 1 and
2) and a relatively consistent, if minor, increase (∼15 kPa) in estimated su along the full depth of the
profile.
The reduction in estimated strength at Location 2 is reflective of increased pore pressure. For
example, the u2 data at Location 1 indicate increased pore pressure response to probing near the base of
the tailings column only, while the dynamic pore pressure at Location 3 steadily increases, but not to the
same extent as for Location 2, particularly in the middle of the tailings profile. As the Location 2
sounding was about 100 m further upstream (i.e. away from the perimeter embankment and closer to the
decant pond) than Locations 1 and 3, the u2 data likely reflect the greater extent of saturation and
generally finer-grained tailings content at that site.
3.4 TSF 3
In contrast to TSF 1 and TSF 2, TSF 3 was in an extended fallow period (1999 to 2013) when all three
CPTu sounding campaigns (2004, 2009 and 2011) were completed. Data sets from two coincident
sounding sites were available for this study: Location 1, near the perimeter embankment, from the 2004
and 2009 campaigns; and Location 2, near the centre of the facility, from the 2009 and 2011 campaigns.
The results for each location are presented in Figure 6, with the two left hand charts providing estimated
su values and the two right hand charts providing recorded u2 data.
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Figure 6: TSF 3 – Estimated su values (left) and recorded u2 data (right) comparisons

Results from Location 1 show a steady increase in estimated su values and a corresponding reduction
in dynamic (and inferred equilibrium) pore pressure conditions between 2004 and 2009. The zones
showing a significant reduction in pore pressure, such as at ∼8 m and ∼12 m depth, show the greatest
increase in strength, as expected. The charted data for Location 2 depict an overall increase in estimated
su at depth, at least in most zones, but also no significant change in pore pressure response conditions in
the relatively short period between CPTu campaigns. The average increase in strength is estimated at
∼170 kPa for Location 1 and ∼140 kPa for Location 2 over the full depth profiles, noting however that
the main increase in strength at Location 2 was in the near-surface zone, a result of continued
desiccation.
4 IMPLICATIONS FOR DESIGN AND CLOSURE
The results presented in this paper provide an insight to the variability in estimated shear strength,
observed pore pressure response and inferred equilibrium pore pressure conditions in an upstream-raised
TSF, as afforded by periodic CPTu sounding campaigns and governed by the sounding location
(proximal or distal) and the operating status of the facility. CPTu data from TSF 1, which was fallow
for a short period of time prior to the first sounding, indicate a steady increase in estimated su values at
depth around the perimeter of the facility, but a decrease in estimated strength closer to the central
decant pond. The decrease in estimated su values in the finer central tailings corresponds to a significant
increase in pore pressure resulting from deposition recommencing just after the first CPTu sounding
campaign, and remaining in operation thereafter.
Data from TSF 2, which was in operation for all three CPTu sounding campaigns, illustrate the
correspondence of estimated su with pore pressure, with one location showing a minor increase and the
other a minor decrease. The recorded u2 data and inferred equilibrium conditions indicate a moderate to
notable increase in pore pressure with time at all three proximal locations, with the greater increase
associated with sounding locations somewhat farther upstream (toward the facility centre), a direct result
of ongoing deposition.
The results from TSF 3, which was fallow for all three sounding campaigns, show a reduction in pore
pressure response (and inferred equilibrium pore pressure conditions) due to drain down at the proximal
CPTu site, and a slight increase, postulated to be the result of rain-water recharge and associated surface
ponding, at the distal CPTu location. The estimated 170 kPa strength gain associated with drain down
and surface desiccation is considered significant.
Based on the data interpreted, the average increase in estimated su for proximal locations, with no
significant change in pore pressure, is about 15 to 30 kPa per annum. Where there is localized pore
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pressure development, the strengths are likely to remain the same or reduce somewhat. For distal
locations, increases in estimated su in the order of 10 kPa per annum can be expected, with no significant
change in pore pressure.
5 CONCLUSIONS
The data presented in this paper indicate that the strength and pore pressure behavior are, as expected,
directly related to operation of the facility. It is clear that pore pressure development can have a
significant impact on su and can impact the viability of ongoing upstream wall raises, from a stability
perspective, through reduced su values resulting from poor operational control. A continual increase in
su can be achieved near the perimeter embankment provided that there is good control of the location
and size of the operational decant pond, limiting the potential for pore pressure development in the
proximal locations. However, the data also indicate that at locations where pore pressures are allowed to
increase, there can be a reduction in the estimated su values.
After operations cease, there is evidence of drain down and significant increases in strengths. Given
the significant strength gains associated with effective drain down conditions (TSF 3 proximal CPTu
location), and the apparent reduction in estimated su values upon re-saturation (TSF 1 and TSF 2), the
results presented in this paper reinforce the importance reducing the potential for seepage infiltration in
the post-closure period. The design and timely construction of an appropriate closure cover, typically
shedding or store-and-release for upstream-raised TSFs, is key. Implicit in this comment is the
increased risk to geotechnical stability in using a fallow or decommissioned upstream-raised TSF for site
water management.
The successful design, operation and closure of an upstream-raised TSF is dependent on attaining
adequate density and drained strength conditions in the coarse tailings that underlie the (typically)
compacted embankment shell. These mandatory geotechnical conditions, in turn, require a strongly netevaporative climate and systematic rotation of tailings deposition points to develop thin layers of
hydraulically-sorted coarse tailings that can dry, consolidate and gain strength over time. The results of
the successive CPTu sounding campaigns undertaken at the subject gold mine in Western Australia
suggest that a typical gain in estimated su of 30 kPa per annum can be considered for design, subject to
the avoidance of localized ponding near the embankment with commensurate increases in pore pressure,
prolonged deposition of finer tailings (slimes) in the foundation zone or other undesirable variations in
operating practice or conditions.
The successive CPTu sounding campaigns have allowed for a knowledge base to be developed for the
various facilities, improving the ability for the designer to predict future conditions and reducing the risk
associated with ongoing operations and continual upstream raising. The selected results presented in
this paper show the value that can be gained from CPTu campaigns, particularly when coincident
locations are able to be targeted.
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