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ABSTRACT: Shallow foundations are popular for various building structures and
typically consist of multiple footings, often in close proximity. The most widely used
methods for the estimation of footing settlement have been developed for an isolated
footing and do not provide a way to account for interaction between adjacent footings. In this paper, a method of settlement estimation that takes account of the proximity of neighboring footing is presented based on Schmertmann’s framework.
Three-dimensional non-linear finite element analyses are performed to obtain the
load-settlement responses and strain distributions in the foundation soils for multiple
footings separated by different footing edge-to-edge distances. Various multiple footing configurations were considered in the finite element analyses.
1 INTRODUCTION
Footings are often used for foundations of various structures. The typical design procedure of a footing includes the assessment of limit bearing capacity and the estimation of settlement under working loads. In routine practice, the estimation of footing
settlement in sands is commonly based on the linear-elastic approach using a representative elastic modulus. In the conventional approach for the footing settlement estimation, interactions between adjacent footings are not specifically taken into account. However, it is noted that shallow foundations for typical building structures
consist of multiple footings, often in close proximity. The mechanical interaction between adjacent footings generates settlements greater than those for isolated footings,
and therefore neglect of the interactions between adjacent footings may result in unconservative footing design.
Schmertmann’s method is one of several methods (Meyerhof 1965, Schmertmann et al.
1978, Berardi et al. 1991) that base estimates of the settlement of footings in sand on results
from in-situ field tests, such as the standard penetration test (SPT) or the cone penetration test
(CPT). In Schmertmann’s method, the strains are calculated using a strain influence

factor and elastic modulus estimated from the CPT cone resistance qc for the case of
isolated footings. In this paper, following the framework of Schmertmann’s method,
the interaction effect of neighboring footings on settlement is investigated using the
finite element analysis. For this purpose, non-linear finite element analyses are per-
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formed for multiple footings separated by different footing distances. Based on results from the finite element analyses, strain influence factors for multiple footings
are presented. Design equations of strain influence diagram parameters for multiple
footing conditions are presented as well.
2 FOOTING SETTLEMENT CALCULATION USING CONE RESISTANCE
Schmertmann’s method (Schmertmann 1970, Schmertmann et al. 1978) is essentially
an elastic-based approach with modulus values obtained using qc and strain influence
factor Iz given in the form of the simplified diagram shown in Figure 1. Other parameters defining the diagram are the value Iz0 of the strain influence factor at the footing base, its peak value Izp, and the depths zfp to Izp and zf0 to the bottom of the diagram. The depth zf0 can be referred to as the strain influence depth. As shown in
Figure 1, the diagram extends down to 2B and 4B, and the depth zfp to Izp is equal to
0.5B and B for square and strip footings, respectively.
For the implementation of the method, the soil on which the footing rests is divided
in several layers based on the qc profile, and, with depth and time factors included,
the equation for the settlement calculation is given as follows:
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where C1 and C2 = depth and time factors; v,zf=0 = vertical effective stress at footing
base level before the footing was constructed; Izi = influence factor corresponding to
each sublayer; zi = thickness of each sublayer; Ei = representative elastic modulus of
each sublayer. The elastic modulus Ei of each individual sublayer is obtained from
the representative cone resistance qci for that sublayer. While E/qc is typically taken
constant in the conventional Schmertmann method, Lee & Salgado (2002) developed
a E/qc relationship in terms of the settlement level and the relative density DR to account for the non-linearity of the soil stress-strain relationship as follows:
Influence factor Iz

Depth

0.0B
0.5B

Izp = 0.5 + 0.1(q/’v,zf=zfp )0.5

1.0B

q = qb – ’v,zf=0
B

2.0B

qb
Square footing

D

’v,zf=0

3.0B

Strip footing

zfp

4.0B

Figure 1. Strain influence diagram for Schmertmann’s method.
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where sR = reference settlement = 1 cm; s = settlement in the same unit as sR; BR = reference
footing width = 1m; B = footing width in the same unit as the BR; and DR = relative density
in %.

3 FINITE ELEMENT MODELING OF MULTIPLE FOOTINGS
3.1 Soil model
For the finite element analyses of axially loaded multiple footings, the non-linear
stress-strain model of Lee & Salgado (1999) was employed. In this model, the elastic
modulus is treated as a state-dependent variable and given as follows:
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where G = secant shear modulus; G0 = small-strain shear modulus; J2 , J20, and J2max =
the current, initial, and maximum second invariants of the deviatoric stress tensor; I1
and I10 are the first invariants of the stress tensor at the current and initial states; and
f, g, and ng = material parameters. Eq. (3) represents the non-linear degradation of the
shear modulus from its initial maximum value G0.
In order to consider the non-linear characteristics of shear strength for sands, a
curved form of the Drucker-Prager failure criterion was adopted employing a statedependent peak friction angle. For the peak friction angle, the following dilatancy relationship proposed by Bolton (1986) was used:

 p  c  AI R

(4)

where p = peak friction angle; c = critical-state friction angle; A = 5 and 3 for
plane-strain and triaxial conditions, respectively. The dilatancy index IR is given by:
pA
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where ID = relative density = DR(%)/100; pA = 100 kPa; mp = mean effective stress
at peak strength in the same units as pA. Eqs. (4) and (5) were used to define the nonlinear Drucker-Prager failure surface in the finite element analyses.
3.2 Numerical modeling of multiple footings
Three different cases of multiple-footing configuration were considered in the finite
element analysis. These are shown in Figure 2. Cases 1 and 2 correspond to two and
three footings in line, respectively, while case 3 corresponds to a five-footing in two
perpendicular directions. For each configuration, different footing distances L1 and L2
were used in the analyses.
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Figure 2. Configuration of multiple footing arrangements in finite element analysis.

The finite element models were constructed using the program ABAQUS with
twenty-noded 3D solid elements. The total number of elements for the analysis of a
single footing was 12,000. The size of the finite element mesh was 36m (width) ×
42m (length) × 21m (depth), while the width of footing (B) was 1.2m. The size of the
mesh represents more than 30 and 17 times the footing width laterally and axially, respectively. Boundary conditions were of the fixed and roller types for the bottom and
lateral boundaries, respectively. Loads were applied incrementally to the footings.
The soils were assumed in all cases to be dense clean silica sand with  = 15.6 kN/m3
and K0 = 0.5. Details on the finite element modeling and soil conditions can also be
found in Lee et al. (2008).
4 STRAIN INFLUENCE FACTORS FOR MULTIPLE FOOTINGS
4.1 Strain influence diagram
Figure 3 shows depth profiles of strain influence factor Iz for the multiple-footing
cases 1, 2, and 3 with different footing distances. In cases 2 and 3, the profiles correspond to those for the center footing. As shown in the figure, the values of Iz down to
the depths at which Iz = Izp and the value of Izp itself are nearly constant, irrespective
of the distances between the footings and the number of footings considered. The
depth to Izp is also fairly constant, at approximately 0.5 B. Values of Iz for the part of
the influence zone below the peak in the influence diagram increase as the footing
distances decrease. For case 1, no significant variation of Iz values is observed for different footing distance ratios. At a distance ratio L1 = 3.0B, the profile is practically
indistinguishable from that for a single footing, indicating that there would be no
need to account for the interaction between footings for footing distance ratios L1/B
greater than 3. In the case of the three aligned footings (case 2), it is seen that the Iz
profiles are similar to those of the two side-by-side footings (case 1), but the rate of
increase of Iz with L1/B is higher. Similarly to case 1, the effect of footing interaction
decreases as the footing distance ratio increases, becoming negligible for distance ratios L1/B greater than 3. The lack of dependence of Iz values on the distance between
footings for the zone above the depth to Izp (observed also in case 1) can be attributed
to the fact that load transfer takes place in a direction such that the stress fields caused
by each footing separately do not merge for that depth range, even for relatively small
spacings.
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Figure 3. Depth profiles of Iz for cases 1, 2 and 3.

For case 3 in Figure 3c, compared with results for cases 1 and 2, the increase of Iz
is found to be quite considerable. Since the variation of Iz values for case 3 results
from the combined effects of the two footing distances L1 and L2, the minimum values considered in the analysis for L1/B and L2/B (both equal to 1) yield the largest increase of Iz values in Figure 3c.
4.2 Design application
From this study, it was found that the depth of the strain influence zone (i.e., zf0) is
the significant component in the strain influence diagram for multiple footings, which
varies according to footing distance. Figure 4 shows values of zf0/B for multiplefooting cases 1, 2 (Fig. 4a) and 3 (Fig. 4b) as a function of the normalized distances
L1/B and L2/B. For cases 1 and 2 with L1/B = 1, the strain influence depths were 9 %
and 15 % larger than the 2B observed for a single footing, respectively. It is also seen
that for L1/B ≥ 3 the influence on the settlement of a given footing on the adjacent
footing or footings is negligible.
For case 3, the strain influence depths also vary as a function of the combined effects of the two distances. When both L1/B and L2/B are lager than 3, there is essentially no interaction between the adjacent footings. For multiple footings with footing
distance ratios less than 3, the strain influence diagram developed for a single footing
must be modified using Figure 4 for the applicable values of the distance ratios L1/B
and L2/B.
For multiple footings, the key variable that needs to be modified is zf0. Using the
results shown in Figure 4, the equations for zf0 are:
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Once the footing dimensions and configurations are selected, the strain influence diagram shown in Figure 1 can be reconstructed using zf0 calculated from Eqs. (6) to (8).
5 SUMMARY AND CONCULSIONS
Shallow foundations typically consist of multiple footings. Most conventional methods used for the estimation of footing settlement have been developed for an isolated footing, and do not provide a way to account for interaction between adjacent
footings. In this paper, a method of settlement estimation that takes account of the
proximity of neighboring footing was presented based on Schmertmann’s framework.
Three-dimensional nonlinear finite element analyses were performed to obtain the
load-settlement responses and strain distributions in the foundation soils under multiple footing conditions. Three different arrangements of square footings at different
distances were considered in the finite element analyses. The finite element analyses
produced values of Iz for two, three and five footings arranged in various ways.
The results of the analyses show that the depth of the strain influence zone in the
strain influence diagram needs to be modified to account for the interaction between
footings. New strain influence diagrams for multiple footing conditions were presented. These were mainly based on the diagram of Schmertmann’s method proposed
for a single footing, with corrected depth of the strain influence zone as a function of
L1/B and L2/B for various multiple footing configurations. Design equations for the
influence depths associated with the modified strain influence diagrams obtained
from the finite element analyses were presented as well.
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ABSTRACT: The performance of pile foundations under axial compression loading
can be rationally evaluated within an elastic continuum framework using field results
from seismic piezocone tests (SCPTu). The SCPTu is an optimal means for collection
of subsurface information because it captures up to 5 independent readings in one
sounding: tip resistance (qt), sleeve friction (fs), tip or mid-face porewater pressure
(u1) and/or shoulder porewater pressure (u2), and shear wave velocity (Vs). The measurements obtained are at opposite ends of the stress-strain-strength curves: the peak
strength and stress state for capacity interpretations and the small-strain stiffness
(Gmax) for evaluating the initial deformations. Using a versatile Randolph-type elastic
pile model, the approach can be applied to evaluate the axial response of pile load
tests. The axial load distribution within the shaft is also evaluated. A case study is
presented illustrating application of this approach on a bored cast in situ pile tested in
glacial till near Grimsby, UK.
1 INTRODUCTION
Deep foundations in the form of driven piles and drilled shafts are commonplace for
large scale projects including high-rise buildings and multi-span bridges. Conventional investigation methods for subsurface characterization of deeper soil layers affecting the performance of these foundations (boring and sampling) are time consuming and tedious. The results are constrained by the effects of sample disturbance. Insitu tests using SCPTu provide an alternate, yet quick and reliable means of obtaining
soil engineering parameters of the soil layers of interested depth. For specific sites the
SCPTu provides up to 5 independent readings with depth in one sounding: qt, fs, u1
and/or u2, and Vs. The recent utilization of the SCPTu offers improved interpretation
procedures and correlations for the soil engineering parameters (Mayne 2005, Schnaid 2005). A multiple-readings based methodology has been devised for the analysis of
pile foundations, as opposed to the older methods, many of which were based solely
on qc alone. The measured qt is also corrected for u2 acting behind the tip (Lunne et
al. 1997). The penetrometer readings (qt, fs, u1 and u2) and downhole geophysics (Vs)
are at the opposite ends of the stress-strain-strength curves: the peak strength for capacity evaluation and the fundamental stiffness (Gmax or Emax) for the initial soil de-
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formations (s < 10-6%). These results have been successfully applied within the elastic theory (Poulos & Davis 1980, Randolph & Wroth 1978, 1979, Fleming et al.
1992) to evaluate the entire load-displacement-capacity behavior for axial loading
performance of deep foundations (e.g., Mayne & Elhakim 2002, Mayne & Zavala
2004, Mayne & Woeller 2008, Mayne & Niazi 2009).
Pile foundations analysis can be accomplished using the “rational CPT” assessments or the “direct CPT” approach, or a combination of both (Mayne 2007).
2 SOIL PARAMETER ASSESSMENTS BY CPT
In rational approach, the SCPTu data are used to classify the soil types, calculate soil
engineering parameters, and evaluate pile capacity.
2.1 Soil Classification
For general use, the method based on the normalized CPTu parameters provides a soil
classification index (Ic) (Jefferies & Been 2006):
𝐼𝑐 =

{3 − 𝑙𝑜𝑔
[𝑄 1 − 𝐵𝑞 + 1]}2 + [1.5 + 1.3 𝑙𝑜𝑔𝐹 ]2

(1)

where Q = (qt – vo)/vo', Bq = (u2 – uo)/(qt – vo), F = fs ∙ 100/(qt – vo), and vo' is the
effective overburden stress = vo – uo. As per Robertson (1990), the ranges of Ic values for different soil types are as follows; organic clay soils (zone 2): Ic > 3.22; clays
(zone 3): 2.82 < Ic < 3.22; silt mixtures (zone 4): 2.54 < Ic < 2.82; sand mixtures
(zone 5): 1.90 < Ic < 2.54; sands (zone 6): 1.25 < Ic < 1.90; and gravelly sands (zone
7): Ic < 1.25.
2.2 Soil Engineering Parameters
The unit weight (t) of soil layers needed to calculate the overburden stress (vo), frictional characteristics ('), shear wave velocity (Vs) for calculating fundamental stiffness (Gmax) and the equivalent Young’s Modulus (Emax), stress history (p'), geostatic
stress state (Ko = ho'/vo'), and undrained shear strength su of clays can be evaluated
from the CPT data using the relationships already well documented (e.g., Mayne
2007; Mayne et al. 2009; and 2010).
The (su / vo')NC for direct simple shear (DSS) mode has been shown suitable for direct use in the analysis of foundation (Ladd 1991). Values of (su/vo')OC for DSS mode
can be obtained using appropriate equations. Fissured soils exhibit half the strengths
associated with those of intact clays (Mayne 2007).
Gmax represents the elastic region of soil behavior. The value of G must be reduced
corresponding to strains for the applicable loads to utilize in the elastic continuum
equations. Fahey & Carter (1993) proposed the following algorithm:
G/Gmax = 1 – (1 / FS)g

(2)

where 1 / FS (reciprocal of factor of safety) = Q / Qult is the mobilized load level and
g is a fitted exponent = 0.3 +/– 0.1 for well behaved soils (Mayne 2007).
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2.3 Capacity Evaluation
The pile unit side resistance (fp) and end bearing (qb) can be obtained using relationships presented by Kulhawy et al. (1983), Lee et al. (2003), and Vesić (1977). The
axial compression capacity (Qt = Qult) of a circular pile foundation is calculated from:
Qt = Qs + Qb = (fpi dzi) + qbd2 / 4 – Wp

(3)

where fpi is the unit side resistance at ith soil layer, dzi is the shaft area of the ith soil
layer,and Wp = the pile weight.
3 DIRECT CPT METHOD
From the many available direct CPT methods, selected ones for the bored piles (relevant to the case study presented herein) are presented by Bustamante & Gianeselli
(1982); Eslami & Fellenius (1997); Takesue et al. (1998); Jamiolkowski (2003) and
Chen & Kulhawy (1994).
4 ELASTIC CONTINUUM SOLUTION
The axial load-displacement response and the fraction of load transfer to the pile base
(Qb) for top-down loading can be evaluated using an analytical closed-form elastic
continuum pile solution summarized in Figure 1 (after Randolph 2003, and Fleming
et al. 1992). This solution can accommodate soil models with constant G (homogeneous soils) or soils having a linearly-varying G with depth (Gibson-type soils). The
pile can be either a floating-type pile (GsL = Gsb) or end-bearing type where the pile
base rests on a stiffer stratum (Gsb > GsL). Figure 1 also presents the stacked pile
model for layered soils.
5 PILE LOAD TEST AT GRIMSBY RESEARCH SITE, UK
The Grimsby research site was located near Waltham, Grimsby, UK, 900 m north of
the nearest watercourse and 7.5 km southwest of the nearest coastline (Brown 2004).
Brown et al. (2006) report the ground conditions at the site as matrix-dominant glacial till underlain by cretaceous chalk bedrock; till being cohesive, overconsolidated
stiff to firm, grayish to dark brown, predominantly silty clay with cobbles, boulders
and pebbles. Index properties include liquid limit: 20 – 36%, plastic limit: 12 – 18%,
moisture content: 14 – 24%, specific gravity: 2.69, and clay fraction: 20 – 38%. Prior
to the load test on a 12.08-m deep and 0.6-m diameter bored pile, extensive site and
laboratory investigations were conducted. Of interest is a 20 m deep SCPTu sounding
(see Figure 2). The measured u1 readings were converted to u2 via the relationship: u2
= 0.742 ∙ u1 (Chen & Mayne 1994). Brown (2004) reports of the loss of saturation of
piezo-element in the upper layers for which probe was withdrawn and hole filled with
water before resumption of the operation. The related effects on the u2 profile can be
observed in Figure 2. The u2 profile has been reconstructed by averaging Bq values
between 9.7 and 20 m and applying it to depths: 4.4 to 9.7 m.
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The pile testing program at Grimby research site was designed to compare the results from rapid and static load tests: rapid load test (RLT) being performed first, followed by constant rate of penetration (CRP) test at 0.01 mm/s and maintained load
test (MLT) (Brown et al. 2006). For this study, only the measured results of CRP test
from Brown (2004) are considered, as presented in the subsequent section.

Figure 1. Elastic pile solution.

Figure 2. SCPTu sounding for pile load test at Grimsby research site, UK (after Brown 2004).
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6 PILE RESPONSE EVALUATION
Figure 3 presents the soil classification and engineering parameters obtained by the
post processing of SCPTu data using appropriate correlations. To validate the applicability of SCPTu based correlations, the measured values from Brown (2004) were
also plotted. For most part, the values obtained from the correlations match closely
with the measured values. Certain disagreements observed in the top layers may be
attributed to the fact reported by Brown (2004) that the sounding was disrupted due to
loss of saturation of the piezo-element and the final CPT data were formulated by a
combination from the pre-drilled sounding (0 – 2.5 m) and the resumed operation after re-saturation. The Bq values obtained for certain depths were outside the applicable range for use in appropriate correlation for estimating  ' for clays. So the  ' profile was also obtained using correlation developed for sands, and the mean ratio (1.3)
of the  ' from the two relationships over the remaining depths was applied to obtain
applicable values.

Figure 3. Soil parameters evaluation at Grimsby research site, UK.
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Treating the stratum at the site as layered soil, the ultimate capacities were estimated for each layer. Figure 4 shows the individual load-settlement response based
on the respective Gmax and the capacities thus calculated. fp and qb for each defined
layer were estimated from the various CPTu based methods. Summarized forms of
the results are presented in Table 1. The KTRI method tends to overestimate Qs,
while the LCPC method yielded the least estimates for Qs and Qb in this case. Summation of the mean values of Qs and Qb found from different CPTu based methods
(2386 kN) tends to match the measured Qt. Using hyperbolic fitting model proposed
by Kondner (1963), the estimated value of Qult (2372.5 kN) also goes with closely to
the measured Qt. Since Qb values from all three methods shown in Table 1 yielded
closer match, the maximum of these (307 kN) was selected. The difference of the estimated Qult from the hyperbolic fitting model and the selected Qb was taken as the
appropriate value for Qs (2065.50 kN). Cumulative load-settlement curves (Qt vs. wt,
Qs vs. wt and Qb vs. wt) in Figure 5 shows a fine match with the measured response.
Table 1. Calculated pile capacities from direct and rational CPT methods.
Mean unit skin friction (kPa)
Tip
Shaft
Method
capacity, capacity,
fp1
fp2
fp3
fp4
Qb (kN)
Qs (kN)
(0 - 0.74 m)
(0.74 - 1.96 m)
(1.96 - 2.96 m)
(2.96 - 4 m)

fp5
(4 - 12.1 m)

LCPC

264.63

711.76

12.43

13.04

35.00

35.00

34.79

Unicone

307.08

1077.6

29.27

26.40

85.9

59.58

45.79

4875.1

11.29

13.55

448.2

473.94

199.56

Beta

1378.33

7.30

13.53

73.3

72.68

69.36

Alpha

903.36

19.71

34.37

41.3

40.51

41.99

KTRI
Limit
plasticity

299.26

Figure 4. Pile shaft resistance and load distribution (SCPTu – based estimations vs. measured); and
Load-settlement curves based on respective Gmax and Qt (elastic continuum solution).
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Figure 5. Load-settlement response (elastic continuum solution).

7 CONCLUSION
Elastic continuum solution provides a rational framework for evaluating field load
test results on axially-loaded pile foundations. Various CPT based methods have been
revisited, along with their application to load test on a 12.08-m deep and 0.6-m diameter bored pile in clay till at the Grimsby research site, UK. Rational CPT methods
with -analysis have shown closest agreement with the measured results. Geotechnical soil parameters for the evaluation of deep foundations are conveniently obtained
from multi-independent readings (qt, fs, Vs, u1, u2) taken during SCPTu sounding conducted at the site.
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Case study of CPT application to evaluate seismic
settlement in dry sand
F. Yi
C.H.J. Incorporated, Colton, CA, USA

ABSTRACT: Interpretations of geotechnical parameters based on Cone Penetration
Test (CPT) data were performed and compared with Standard Penetration Test (SPT)
data and laboratory testing results collected from various sites in California. Specific
attention was paid to the estimation of fines content and conversion of CPT data to
SPT (N1)60 blowcounts since they are often needed in seismic settlement evaluation of
dry sand for the use of Pradal’s (1998) method. A new relationship between volumetric strain, cyclic shear strain, and normalized tip resistance was derived based on the
laboratory test data of Silver and Seed (1971) for dry clean sands. An example of the
proposed CPT-based method is presented with a comparison to the results calculated
using Pradel’s original method as well as with the results based on SPT data from adjacent borings.
1 INTRODUCTION
Since its development in the 1950’s, the CPT has become one of the most used and
accepted in-situ testing methods for geotechnical investigation due to advantages
such as continuum of sampling, repeatability, and economical efficiency. Since actual
soil samples are not recovered during CPT, no laboratory soil testing is performed.
Interpretation of CPT data with regard to soil parameters becomes important in the
application of CPT results to various designs. Robertson & Campanella (1983a,
1983b) published two major papers in 1983 on the interpretation of CPT data. Since
then, various papers have been published by researchers in this field (Mayne et al
2001; Mayne 2007; Robertson 2009).
CPT interpretations are widely applied in geotechnical engineering. Various methods have been established for the application of CPT results, such as evaluating
shallow and deep foundation bearing capacities, liquefaction potential, as well as liquefaction-induced settlement and lateral spreading deformation (Lunne et al. 1997;
Robertson & Wride 1998; Idriss & Boulanger 2008). However, there seems to be no
work on the prediction of seismic settlement of dry sand directly based on CPT data.
The intention of the present work is to compare various interpretations with measured
data and propose a new method to estimate seismic settlement of dry sand directly
based on CPT data. The validity of the proposed method has been verified by com-
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paring the settlement analysis results from adjacent SPT borings and the analyses performed using traditional methods for dry sand settlement using SPT data.
2 CPT DATA INTERPRETATION
2.1 Estimation of Fines Content
Fines content is an important parameter used in the evaluation of liquefaction potential as it relates to the correction to clean sand resistance. Several correlations have
been proposed in recent years (Robertson & Wride 1998; Suzuki et al. 1998; Idriss &
Boulanger 2008; Cetin & Ozan 2009). Robertson & Wride (1998) use the term, “apparent fines content” (referred to as FC hereafter), and suggest the following relationship correlated to soil behavior type (referred to as SBT hereafter) index ( I c ).
If I c  1.26 , FC  0%
(1a)
(1b)
If I c is between 1.26 and 3.5, FC (%)  1.75I c 3.25  3.7
If I c  3.5 , FC  100%
(1c)
If I c is between 1.64 and 2.36, and FR  0.5% , FC  5% (1d)
The expression for I c was derived by Robertson & Wride (1998) as
I c  [(3.47  log Qtn ) 2  (log FR  1.22) 2 ]0.5

(2a)

where Qtn is the normalized CPT penetration resistance and FR is the normalized friction ratio.
Qtn  qc   v 0  / pa  pa /  v 0 '

(2b)

FR  f s / qc   v 0   100%

(2c)

n

where  v 0 is the total overburden pressure,  v 0 ' is the effective overburden pressure,
qc is the measured tip resistance, f s is the measure sleeve friction, pa is atmospheric
pressure, and component n varies from 0.5 in sands to 1.0 in clays (Robertson &
Wride 1998).
Based on the data from Suzuki et al. (1998), Idriss & Boulanger (2008) derived a
correlation between FC and I c as
FC  2.8I c (%)
2.6

(3)

Cetin & Ozan (2009) proposed another approach based on a probabilistic method.
FC  RFC  238.50 / 1.75  100  20.93 (%)

(4a)

where. RFC is a parameter similar to I c .
RFC 

log(F )  55.42  log(q
2

R

t ,1, net

)  233.52

2

(4b)

where FR is as defined in Equation 2c and qt ,1, net is the normalized net cone tip resistance and is defined as
qt ,1, net  qt   v 0  /  v 0 ' / pa 

c

(4c)

where c is a power law stress normalization exponent with a value between 0.25 and
1.0. Iterations are needed to calculate c and qt ,1, net .
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The author collected 144 measured fines content results from 10 project sites. This
data and another 244 data points from Suzuki et al. (1998) were plotted on an I c versus FC chart in Figure 1 as originally constructed by Robertson & Wride (1998). The
“solid circles” in Figure 1 show the data collected from southern California sites. The
“empty circles” represent the data from 4 sites in Moss Landing obtained by Boulanger et al. (1995) in the investigation after the 1989 Loma Pieta earthquake. The diamonds illustrate data from Suzuki et al. (1998). Equations 1 and 3 as well as the SBT
zones defined by Robertson & Wride (1998) are also shown in the figure. It can be
seen that both equations underestimate the fines content, especially when I c is larger
than approximately 2.3. Moreover, by examining the relationship between FC and the
SBT zone, it is clear that the relationship is inconsistent with that based on the Unified
Soil Classification System (USCS) in which the fines content is defined as less than
5% for clean sand, between 5 and 12% for sand with silt, between 12 and 50% for silty sand, and higher than 50% for silt or clay. Although, Robertson & Wride (1998)
did not directly utilize the “Apparent Fine Content” to correct the equivalent clean
sand resistance, it is anticipated that this kind of correction may be performed by
readers erroneously.
4

Zone 2: organic soils - peats

3

Zone 4: clayey silt to silty clay
Zone 5: silty sand to sandy silt

Sand with silt

1

Silty sand

2

Clean sand

Soil Behavior Type Index, Ic

Zone 3: silty clay to clay

Zone 6: clean sand to silty sand
Zone 7: gravelly sand to dense sand

Robertson & Wride (1998)
Idriss and Boulanger (2008)
Recommended
This study
Data from Suzuki et al.(1998)

Silt to Clay

0
0

10

20

30

40

50

60

70

80

90

100

Fine Contents, FC(%)
Figure 1. Relationships of Soil Behavior Type Index, Fines Content and Soil Classification

Based on the measured FC data as shown in Figure 1, it is suggested that the following relationship could be utilized to predict the values of FC for a given value of
Ic .
FC (%)  0
I c  1.31 ,
(5a)
1.31  I c  2.325 ,
2.325  I c  3.2 ,

I c  3.2 ,
1.31  I c  2.36 and FR  0.6% ,

  I  2.325  
FC (%)  43.67 I c  57.2  10 sin   c
 
  1.015  
FC (%)  63.62 I c  103.59
FC (%)  100

FC (%)  5.0 FR
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(5b)
(5c)
(5d)
(5e)

The correlation between Equation 5 and the measured FC data as well as the soil
types based on USCS classification are also illustrated in Figure 1. Based on this relationship, the boundaries of soil behavior type proposed by Robertson (1990) could be
refined as shown in Table 1 to obtain consistency with respect to the USCS.
The comparison of the measured and calculated fines content is presented in Figure 2. Fines content predicted by Equation 3 is less than that predicted by Equation 1
when I c  2.47 and was not included in the comparison. It can be seen that Robertson
& Wride’s method seems to underestimate the fines content while Cetin & Ozan’s
method may overestimate the fines content when fines content is less than approximately 20 percent, although the data scatter of Cetin & Ozan’s and recommended
methods seems similar for fines content higher than 20 percent. Overall, it can be
seen that the proposed relationship (Eq. 5) generally provides better correlations with
measured data.
Table 1. Boundaries of soil behavior type (refined from Robertson 1990)
USCS Classification
Soil behavior type index, I c Zone
I c  1.31
7
Gravelly sand to dense sand
1.31  I c  1.61
6a
Clean sand
1.61  I c  1.81
6b
Sand with silt
6c
Silty sand
1.81  I c  2.05
2.05  I c  2.40
5a
Silty sand
2.40  I c  2.60
5b
Sandy silt
4
Silt mixture: clayey silt to silty clay
2.60  I c  2.95
2.95  I c  3.20
3a
Silty clay
3.20  I c  3.60
3b
Clay
2
Organic soils: peats
I c  3.60
100

100

Robertson & Wride (1998)
Cetin & Ozan (2009)
This study

Calculated (N1)60 from CPT Data

Calculated FC(%) from CPT Data

Fines content (%)
0
0 ~ 5.0
5.0 ~ 12.0
12.0 ~ 24.8
24.8 ~ 50.0
50.0 ~ 61.8
61.8 ~ 84.0
84.0 ~ 100
100
100

80

60

40

20

Robertson et al. (1986)
Idriss & Boulanger (2004)
Lunne et al (1997)

10

1

0
0

20

40

60

80

1

100

Measured FC (%)

Figure 2. Comparison of measured and calculated
fines content

10

100

Measured SPT (N1)60

Figure 3. Comparison of measured and calculated
(N1)60

2.2 Conversion to SPT Blowcounts
The conversion of CPT resistance to equivalent SPT (N1 )60 blowcounts may not be as
important as the prediction of fines content. However, if seismic-induced dry sand
settlement is an important issue for a site, the conversion between CPT data and
(N1 )60 becomes necessary due to the absence of a method to directly calculate of
seismic settlement of dry sand based on CPT data. Several methods have been pro-
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posed by individuals in past decades. Robertson et al. (1986) suggested (qc / pa ) / N 60
ratios for each non-normalized soil behavior type classification zone.
Jefferies and Davies (1993) proposed a relation of qc / N 60 and I c to provide a continuous variation with soil type. Lunne et al. (1997) revised Jefferies and Davies’ relationships by utilizing the dimensionless variable (qc / pa ) and a modified I c to give
the following equation.
(qc / pa ) / N 60  8.51  I c / 4.6

(6)

To evaluate liquefaction based on both SPT and CPT data, Idriss & Boulanger
(2004) reevaluated the correlation between (N1 )60 , normalized tip resistance ( qc1N ),
and relative density ( DR ) and recommended the following expressions.
qc1 N /( N1 ) 60  (2.092 DR  2.224) 3.788 / 46( DR ) 2

(7a)

For clean sand, Idriss & Boulanger (2004) suggested
DR  0.478(qc1N )0.264  1.063, ( qc1 N  21)

(7b)

The equivalent (N1 )60 calculated based on the above methods is compared in Figure 3 with the measured (N1 )60 . The data were collected from 10 sites including 6
sites from southern California (solid symbols) and 4 sites from Moss Landing, California (other symbols), for a total number of 241. Figure 3 indicates that, although a
large scatter exists, the relationship by Robertson et al. (1986) tends to overestimate
and Idriss & Boulanger’s method (Eq. 7a) tends to underestimate (N1 )60 . The relationship shown in Equation 6 gives a more balanced distribution and is suggested by
this author to be used when converting to (N1 )60 .
3 EVALUATION OF SEISMIC SETTLEMENT OF DRY SANDS
100

3.1 Relative Density

DR  85  76 log(qc1N ) (%)

Relative density, DR (%)

Silver & Seed (1971) indicated that one
of the important parameter affecting the
settlement of dry sand under cyclic loading is the relative density of the soil.
Several relations between relative density and tip resistance have been proposed
in the past. Tatsuoka et al. (1990) suggested a correlation as shown in the following equation.

80

60

40
Tatsuoka et al. (1990)
Jamiolkowski et al (2001)
Idriss & Boulanger (2004)
Recommended

20

(8)

0
0

50

100

150

200

Normalized tip resistance, q c1ncs

250

Based on chamber testing results for
Figure 4. Relations between relative density and
clean sands, Jamiolkowski et al (2001)
equivalent normalized clean sand resistance
found a mean relationship as expressed
in Equation 9. The original equation was slightly modified by using a consistent symbol for qc1N .
DR  26.8 ln(qc1N )  67.5 (%)

(9)
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The most recent work performed by Idriss & Boulanger (2004) is shown in Equation
7b. These relationships are plotted in Figure 4. Because the proposed relationships are
based on test results for clean sand, an equivalent normalized clean sand tip resistance
qc1N cs , instead of qc1N , was adopted for the abscissa in Figure 4. It can be seen that
above relationships generally give a range of the estimated DR where the difference
varies from approximately 10 to 20%. As such, an average value as expressed in Equation 10 is recommended.
DR  77.29 log(qc1N )  94.36 (%) , (qc1N  250)

(10)

3.2 Relationship between volumetric strain and shear strain of dry clean sand
Silver & Seed (1971) conducted a series of one-directional cyclic shear tests on dry
sand with relative densities of 45, 60, and 80%, and obtained relationships between
volumetric and shear strains as shown in Figure 5. The relationship is obtained under
15 equivalent uniform strain cycles, equivalent to a magnitude of 7.5 earthquake.
10
DR=45%
DR=60%
DR=80%

Vol. Strain due to Compaction, εvc,M=7.5 (%)

Vol. Strain due to Compaction, εvc,M=7.5 (%)

10

1

0.1
DR=30%
DR=45%

0.01

DR=60%
DR=80%
DR=90%

0.001
0.001

DR=45%, qc1Ncs≈64
DR=60%, qc1Ncs≈99
DR=80%, qc1Ncs≈180

1

0.1
q c1Ncs =40
q c1Ncs =50

0.01
q c1Ncs =100
q c1Ncs =150
q c1Ncs =200
q c1Ncs =250

0.001
0.01

0.1

1

0.001

Cyclic Shear Strain, γ (%)

0.01

0.1

1

Cyclic Shear Strain, γ (%)

Figure 5. Relationship between volumetric strain
and shear strain for dry clean sands (after Silver
& Seed 1971)

Figure 6. Relationship between volumetric strain,
shear strain and normalized CPT tip resistance for
dry clean sands

By adding Equation 10 into the relationships shown in Figure 5, the equivalent volumetric strain due to compaction could be expressed as a function of qc1N cs and cyclic
shear strain as in Equation 11 and as shown in Figure 6.
 vc, M  7.5  10 n  , n  18.4 (qc1Ncs ) 0.61  1

(11)

where γ is the cyclic shear strain and is calculated using Pradel’s method.
3.3 Corrections for earthquake magnitude and multidirectional shaking
The relationships shown in Figures 5 and 6 are for 15 equivalent uniform strain
cycles, equivalent to a magnitude 7.5 earthquake. By reviewing previous studies, Tokimatsu & Seed (1987) summarized a scale factor for earthquake magnitudes
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between 5.25 and 8.5. The original numerical data is expressed by Equation 12.
K vc , M   vc , M /  vc , M  7.5  0.26M  0.96

(12)

where M is the magnitude of an earthquake. Pyke et al. (1975) suggested that the volumetric strain should be doubled to account for the multidirectional effects. As such,
the volumetric strain for any magnitude could be calculated using following equation.
 vc , M  2  K vc , M   vc , M 7.5

(13)

3.4 Case study of proposed method
An example of the proposed modified CPT-based method is shown in Figure 8 for
Site A located in southern California. The procedures adopted by Tokimatsu & Seed
(1987) were followed in the calculation. The shear strain was calculated based on the
Pradel’s (1998) equation and the maximum shear modulus was estimated using the
equation recently proposed by Robertson (2009). Figure 7 presents the measured tip
resistance and the calculated shear strain, volumetric strain, and settlement. The volumetric strain and settlement calculated based on Pradel’s method utilizing the converted (N1)60 (Equation 6) are also shown in the figure. It can be seen that the calculated settlements generally agree with each other.
For comparison, the results from data obtained from a SPT boring approximately 5
feet away from the CPT sounding are also illustrated in Figure 7. These results indicate that the new method provides good agreement with SPT results.
Tip resistance, q c (MPa)
0
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50

Volumetric strain (%)
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Settlement (cm)
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Figure 7. Calculated shear strain, volumetric strain, and settlement of dry sand for Site A

4 CONCLUSION
Interpretations of geotechnical parameters were performed based on CPT data obtained from 10 sites. A set of equations have been proposed based on data collected in
this study and previous studies for calculating fines content, relative density, and the
volumetric strain under cyclic loading of dry sand. By incorporating these equations
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into the procedures adopted by Tokimatsu & Seed (1987) and Pradel (1998), seismic
settlement of dry sand was computed and compared with the results calculated using
Pradel’s method as well the results from adjacent SPT data. The results indicate good
agreements between these results and suggest that the proposed method could be used
in the prediction of seismic-induced settlement in dry sand based directly on CPT data. However, due to the absence of measured data, further verification of the proposed
method will be necessary.
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ABSTRACT: A large electric power generating station is being constructed on approximately 220 acres (0.89 km2) of hydraulically placed fill by dredging a shelly
sand layer located beneath previously mined limestone in western Palm Beach County, Florida. The dredged fill was placed to an elevation of +22 ft (+6.8 m) NAVD1988, which resulted in a fill thickness of approximately 15 to 20 feet (4.6 to 6.1 m).
Approximately 25 acres (0.1 km2) of the fill was found to be excessively loose and
soft at depth, and did not meet the differential settlement criteria required by project
specifications for large mat foundations. These areas were subsequently improved by
Deep Dynamic Compaction (DDC). This paper describes the use of 197 Piezocone
penetration tests (CPTU) before and after DDC to provide quantitative analysis of the
degree of improvement within the subsurface strata. The average degree of improvement was calculated by comparing the cone tip resistance (qc) recorded during
the original sounding to the tip resistance following DDC. (N1)60 blow counts calculated from CPTU tests were used to estimate initial and post-DDC differential settlements. In addition, back-calculated CPTU (N1)60 data were compared with 87 SPT
tests that were performed both prior and after the improvement. In general, the CPTU
data proved to be very consistent with the results of SPT borings made at the same locations. Extensive CPTU soundings enabled rapid and cost-effective evaluation of
the degree of soil improvement in this case, and also allowed for continuous soil
properties determination for settlement calculations.

1 INTRODUCTION
A large Electric Power Generating Station is being constructed on approximately 220
acres (0.89 km2) of filled land in western Palm Beach County, Florida. The property
is subdivided into three (3) rectangular areas consisting of (north to south) Areas A,
B, and C respectively. This study addresses the subsurface conditions within Area B,
located south of Area A, and encompassing approximately 70 acres (0.28 km2), and
Area C, located south of Area B, and encompassing approximately 50 acres (0.20
km2). Areas B and C were not mined, but organic soils were excavated and removed
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from the site. Prior to the placement of hydraulic fill, areas of unsuitable material,
consisting of either organic soil and/or soft clayey soil, were over-excavated and removed. The fill was placed to an elevation of +22 ft (+6.8 m) NAVD-1988 by dredging a shelly sand layer located beneath the previously mined limestone. The dredged
fill consisted of relatively well graded, clean and variably shelly sand having less than
5 percent fines passing the No. 200 sieve. The thickness of the fill was approximately 15 to 20 feet (4.6 to 6.1 m). Portions of the fill in Areas B and C did not meet the
allowable differential settlement criteria required for the project foundations. These
portions of Areas B and C were subsequently improved by Deep Dynamic Compaction (DDC), which was determined to be a more economical and faster method of soil
improvement than surcharging with an earth fill.
2 FIELD EXPOLORATION
Penetration techniques have been used by practitioners for many ground improvement projects completed utilizing DDC. Mayne et al. (1984) presented case studies
that used Pressuremeter Tests (PMT), Standard Penetration Tests (SPT), and static
cone penetration (CPT) tests to determine the degree of improvement by DDC.
Schmertmann et al. (1986) used CPT and dilatometer tests (DMT) to perform quality
control of a power plant site improved by DDC. Miller et al. (2005) used both Dilatomer (DMT) and Piezocone Penetration Tests (CPTU) for quality control of a major
highway relocation project where DDC was utilized to densify the foundation fill.
In order to evaluate the conditions both prior and after DDC for this study, a total
of eighty-seven (87) continuous SPT borings and one-hundred-and-ninety-seven
(197) CPTU soundings were completed following placement of the hydraulic fill material in Areas B and C. SPT borings were originally performed at nine (9) primary
locations prior to DDC between May 6, 2004 and February 2, 2005, and CPTU
soundings were performed adjacent to the SPT boring locations to assist in providing
correlations between the SPT and CPTU data. In general, the CPTU data proved to
be very consistent with the results of SPT borings made at the same locations.
Delineation explorations in the vicinity of the primary borings, where the deeper
portions of hydraulic fill were excessively loose and soft, indicated that approximately 25 acres (0.1 km2) of the fill (13 acres in Area B, and 12 acres in Area C) did not
meet the differential settlement criteria required by project specifications for large
mat foundations.
Ninety-two (92) CPTU soundings were performed within this 25 acre (0.1 km2)
area before the DDC to establish CPT profiles prior to improvement. Twenty-eight
(28) CPTU tests were performed following the initial Phase I of DDC, and seventyseven (77) CPTU tests were performed following Phase II in order to confirm the desired improvements. The DDC operations were performed in two phases to provide
complete coverage of the area and to permit the dissipation of excess pore water pressures, thus increasing the effectiveness of the compaction.
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3 SUBSURFACE CONDITIONS
Generally, the borings encountered relatively homogeneous subsurface conditions
consisting of medium dense to very dense hydraulic sand fill intermixed with shells
from the ground surface to a depth of about 10 feet (3.05 m), underlain by a generally
loose to very loose stratum of sand fill with shell (SP) down to natural ground at
depths varying from 15 to 20 feet (4.6 to 6.1 m). At some locations, the very loose to
loose stratum of sand fill was found to be thicker and intermixed with or underlain by
layers of clayey to very clayey and/or silty to very silty sands (SC, SM).
Beneath the sandy dredged fill, thin layers of dredged very soft clay (CL-ML, CL,
CH), ranging from a few inches to one (1) foot (0.305 m) in thickness, were encountered in some locations, just above the unmined, naturally-occurring clayey sand
(SC). Underlying the clayey sand, limestone rock was encountered. The soil stratigraphy is very consistent and uniform compared to most natural soil deposits. This is
to due to the homogenizing effect of the dredging operation, and the uniform nature
of the deep sand deposit that was dredged to provide the fill. Representative SPT boring profiles are shown in Figure 1.
Some of the very soft to soft silt/clay soils were naturally-occurring overconsolidated material, based on the results of consolidation tests. The nominal thickness of
the overconsolidated silt/clay layer, where it was found, was approximately six (6)
inches (0.15 m). The dredged silty and/or clayey material was found to be normally
consolidated.
The groundwater level was measured within Areas B and C during the period
March 24 to April 18, 2006. Water levels within Areas B and C ranged from approximately 12 feet (3.66 m) below ground surface to 6.5 feet (1.98 m), fluctuating in response to rainfall conditions.
4 SOIL IMPROVEMENT METHODOLOGY
Various alternatives for soil improvement were considered to remediate the portions
of the site with excessively loose/soft soils. Considering the time available, and the
need for improvement to depths on the order of 20 feet (6.1 m), it was decided that
the most economic and viable method was Deep Dynamic Compaction (DDC).
In order to determine the number of weight drops that would be required, two (2)
test grids were laid out. Each grid consisted of an 80-foot x 80-foot square (24.4 m x
24.4 m). Six (6) CPT sounding locations were staked within each grid to evaluate the
condition of the subsurface following a variable number of weight drops. A total of
sixteen (16) CPTU soundings were performed within the westernmost test grid, and a
total of eighteen (18) CPTU soundings were performed within the easternmost test
grid. Representative CPTU tip stress comparison profiles from the western test grid
before and after DDC are shown in Figure 2.
Data from the CPT soundings and SPT N values were used to estimate the relative
density of the sandy soil layers. All SPT blow counts (N-values) were corrected for
average hammer energy ratio, length of the rods, size of the borehole, type of sampler, and effective overburden pressure to obtain the respective (N1)60 values. Data
from the CPT soundings were also used to calculate corresponding (N1)60 values, us-
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ing relationships developed by Jefferies and Davies (1993). Measured SPT values
prior to DDC and calculated equivalent SPT values using the Jefferies and Davies
(1993) method from CPTU tests for pre- and post-DDC at the western test grid are
shown in Figure 3. In addition, a representative CPTU tip stress, sleeve resistance,
and pore pressure comparison profiles from one of the western test grid CPTU tests
for pre- and post-DDC are shown in Figure 4. Based on the results of the CPTU
soundings, the sands below a depth of about 7 feet (2.13 m) have gradually densified
since initial placement. It is expected that the loose sand zones will further densify as
the perched water table continues to decline in the fill.
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Based on an evaluation of the site conditions and the compaction of the two test
areas, the DDC operations were conducted using a tamper weighing approximately
12.5 tons. A drop height of 60 feet (18.3 m), with 3 drops at each location during
Phase I and 2 drops at each location during Phase II of the DDC were established for
DDC process. Spacing between footprints was set as 20 feet (6.1 m). Based on these
criteria, the maximum depth of improvement was anticipated to equal approximately
21 to 22 feet (6.4 to 6.8 m). A Manitowoc crawler crane with a lifting capacity of
25,000 pounds (12.5 ton) was equipped with a 100 foot (30.5 m) boom in order to lift
and drop the weight, and dynamic compaction was performed during the period June
21 through July 13, 2005.
5 SOIL IMPROVEMENT EVALUATION
Survey data were taken to measure the amount of surface settlement produced by the
compaction program. Grid point elevations were surveyed in the field prior to and
following Phase I and following the completion of Phase II. The total average settlement after deep dynamic compaction was 7.5, and 6.5 inches (0.19, and 0.17 m)
within Area B, and Area C, respectively. Examination of the CPT sounding logs performed subsequent to Phases I and II, confirms the increase in densification of the
soil profile (Figures. 2 and 3). A quantitative analysis of the CPT data was made to
establish the degree of improvement within the subsurface strata. The average degree
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of improvement was calculated by comparing the cone tip resistance (qc) recorded
during the original sounding to the tip resistance following Phase II. Representative
plots of tip resistance (qc) versus depth were prepared illustrating the degree of improvement with depth as shown in Figure 2. In addition to CPT tip resistance comparisons, calculated (N1)60 values, using relationships developed by Jefferies and Davies (1993) were also compared with SPT tests performed prior to improvement
(Figure 3). Based on the results of the CPT testing, the greatest degree of improvement was noted within the very loose to loose layer of sand encountered below 10
feet (3.05 m) and extending down to the silty/clayey sand layer. The percentage of
improvement within this layer varied between 25 and 500 percent based on CPTU tip
stress comparisons. The low end of this range likely corresponds to materials containing larger proportions of fines (silt and clay), and the high end corresponds to materials containing little or no fines. A similar degree of improvement was noted within those materials encountered below the silty/clayey sand layer extending to the
elevation of the rock. In addition, as shown in Figure 3, post-DDC calculated SPT
(N1)60 blow counts from CPTU tests showed great improvement for the very loose to
loose sand layer. The relative density of the sandy soils encountered within the upper
5 to 10 feet (1.52 to 3.05 m) generally decreased as a result of displacement and disturbance during dynamic compaction, as shown by the CPTU soundings following
Phase II (Figure 2). However, the improvement in soil properties in the deeper
loose/soft zones more than compensated for the decreased density in the upper layers,
which still remained relatively dense. In addition, the entire soil improvement areas
were subsequently rolled with loaded haul trucks, and with a vibratory compactor in
order to achieve high density in the near-surface sands.
6 CONCLUSIONS
Extensive CPTU soundings provided a rapid and cost-effective method for evaluation
of the degree of soil improvement of an approximately 20 feet (6.1 m) thick hydraulically placed sand fill. CPTU testing not only provided timely test results that were
sent electronically to the design engineers for analysis and evaluation, but also allowed continuous determination of soil properties. Calculated SPT (N1)60 blow counts
from CPTU continuous soil profiles were used for evaluating initial and post- improvement differential settlements.
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Statistical review of CPT data and implications for pile
design
P. Doherty & K. Gavin
University College Dublin, Belfield, Ireland

ABSTRACT: Natural soil variability can result in a range of pile capacities at a specific test site. Soil variability is ideally determined using in-situ testing techniques
such as the CPT. This paper presents a series of CPT profiles from a dense sand site
in Wicklow, Ireland. The qc value is detrended using a quadratic profile with depth
and the scatter in the remaining data is quantified using the coefficient of variation
(COV). In addition, the autocorrelation of each CPT trace is quantified using the scale
of fluctuation. The measured values from the site, including the trend, COV and
scale of fluctuation are subsequently incorporated into a Monte Carlo simulation that
generates multiple realisations of the CPT data from an underlying lognormal distribution. These realisations are applied to a simple pile design model to calculate the
variability in capacity that arises from the site specific variability. Spatial averaging is
shown to be highly influential in reducing the uncertainty in pile resistance, with long
piles and small scale of fluctuations demonstrating the lowest COV in the calculated
capacity.
1 INTRODUCTION
An ongoing program of research at University College Dublin (UCD) is currently investigating the influence of pile type and installation procedure on the ultimate axial
capacity of pile foundations. As part of this research a suitable test site was required
to compare the resistance developed by bored, driven and jacked piles, and also to assess the impact of end condition by installing both low displacement open ended steel
pipe piles and closed ended displacement piles. The ideal site selection would exhibit
uniform ground conditions across the site, with homogenous material yielding consistent strength properties. This would allow direct comparisons between different pile
tests, without having to consider the potential impact of the underlying soil conditions.
A potentially suitable sand site was identified at Blessington, Co.Wicklow which
was anecdotally described as consistent. Cone penetration tests (CPT) were used to
both characterize the underlying deposits and also quantify the in-situ variability. The
cone tip resistance qc soil variability was then applied to the pile capacity problem,
which quantified the expected variability in pile resistance. This paper describes the
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test site, the statistical properties of the qc data and the process which allowed the expected variance in pile capacity to be determined.
2 BLESSINGTON TEST SITE
The CPTs presented in this paper were performed as part of the characterization of a
geotechnical test site at Blessington, a small village located 25km to the southwest of
Dublin, Ireland. The site is within an active quarry, with the underlying deposits of
uniform sand confirmed by extensive excavations, as illustrated in Figure 1.
The geological history of the area has been investigated by a number of researchers (eg. Syge 1977) who describe the complex glacial movements that formed the underlying sand deposits. The CPTs were performed in horizontally bedded uniformly
graded sand deposited at the bed of a glacial lake, with the stratification clearly visible in Figure 1. The interbedded layers have a particle grading from silty sand to
coarser sand depending on the lake level at the time of deposition. The site is heavily
overconsolidated from a combination of post depositional glacial processes and more
recent excavations at the quarry, resulting in a maximum preconsolidation pressure of
800kPa at ground surface. The sand is classed as fine with D50 ranging from 0.10.15mm. The moisture content measured in a series of boreholes has a range of
10±2%.
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Figure 1: Uniform Sand at Blessington

Figure 2: CPTs compared to Mean value

3 CPT DATA AND STATISTICS
A total of four deep cone penetration tests, termed CPT1 to 4, were conducted at the
Blessington test site, to depths ranging from 14m to 19.6m. For uniformity, all CPTs
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will be analysed to the minimum depth of 14m, which equates to 560 data points. The
qc data was observed to increase from approximately 10MPa at ground surface to
30MPa at 13m depth, as illustrated in Figure 2. The CPT data is shown to follow a
second order polynomial trend function, μ, which was fitted through non linear regression analysis, in line with the recommendations described by Jaksa (1995). The
cone penetration tests are plotted on a Robertson (1990) classification chart in Figure
3, which identifies the material as overconsolidated clean sand to silty sand, with the
close grouping of the data highlighting the uniformity of the material. Some local
pockets of silt are also identified by two of the CPT traces; however the extents of
these lenses are typically less than 0.2m suggesting minimal influence on subsequent
pile capacities.
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The residual random fluctuating component of the data is determined by subtracting the mean trend from each qc trace, such that r = qc-μ. The inherent variability of
the CPT data can then be quantified through the standard deviation (σ) of the residual
component (r), which is defined using Equation 1 for a set of N qc values.



1 N 2
 (r )
N i 1

(1)

The standard deviation of the individual CPT traces yields average values ranging
from 2.6 - 3.7MPa. However closer inspection of Figure 2 highlights an increasing
variability with depth. The magnitude of the residuals typically increases with depth
in line with the increasing mean values, such that higher scatter about the mean trend
is observed for the higher values of qc. Considering this, the coefficient of variation
(COV), which is defined as the standard deviation normalized by the mean, is shown
to better represent the qc uncertainty. The COV ranges from 12.1-16.6% for the four
qc traces, with 14% forming a representative average. Adopting the assumption of a
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constant COV, results in the depth dependent standard deviation which is included in
Figure 2.
In order to completely describe the statistical properties of the underlying CPT data, the correlation structure of the residuals must also be considered. Any soil property which exhibits random fluctuations due to the inherent spatial variability of the underlying soil will tend to be autocorrelated. This means that the qc data at any
particular depth will be more likely to approximate the qc data points at adjacent
depths. As the distance between two qc data points increases the correlation between
these points decreases, up to a point where they become uncorrelated. The scale of
fluctuation, θ, represents a measure of the distance within which a soil property is
correlated. The scale of fluctuation was determined by assuming an exponential autocorrelation function, as defined by VanMarcke (1977) using Eqn 2.

 ( )  exp( / r0 )

(2)

Where  represents the lag distance between two values and r0 is a constant defined
as the distance where the function decays to a value of 1/e and is termed the ‘autocorrelation distance’. The scale of fluctuation is then calculated as twice the autocorrelation distance. The measured autocorrelation, ρ, for CPT3 is shown to provide a reasonable fit to a theoretical exponential function in Figure 4. The corresponding range
of θ values for CPT1 to 4 is 0.42 to 0.83m.
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Figure 4: Autocorrelation function for CPT3

4 MONTE CARLO SIMULATION OF CPT PROFILES
Considering the statistical properties of the measured CPT profiles, appropriate
base-line data can be used for simulation of multiple realizations of the CPT data,
within a simple MATLAB code. The global mean trend, μ, of the CPT data is
adopted for simulation purposes, with a constant COV, of 14% and a scale of fluctuation of 0.6m. The qc data are assumed to follow a log-normally distributed random
field, with an assumed exponential autocorrelation model. The autocorrelation matrix
is first decomposed into a lower triangular matrix (L) and its transpose, by the
process of Cholesky decomposition, and then multipled by a normally distributed
field, with a zero mean and unit variance. This results in a correlated standard normal
field, G. The mean and standard deviation are then transformed to the log-normally
distributed parameters, μln and σln using Equation 3.
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ln  ln   0.5 ln 2

(3a)

 ln  [ln(1  COV 2 )]0.5

(3b)

The log-normally distributed field qc is then determined by equation 4.

qc  e ln  ln .G

(4)

This process generates qc profiles with a given mean, COV and scale of fluctuation.
5 APPLICATION TO PILE DESIGN
The multiple qc profiles generated can then be used to determine multiple realizations of the pile capacity at the site by invoking a suitable pile design model. In this
case, the Imperial College model described by Jardine et al. (2005) was used to determine the pile shaft (Qs), base (Qb) and total capacity (QT) for each realisation of the
qc data. The shear stress, qs, was therefore determined from equation 5 and the unit
base resistance, qb, was determined from equation 6. For calculating the capacity, a
6m long pile with 0.2m diameter, D, was used, resulting in a slenderness ratio, L/D of
30.
qs = (0.027 qc (h/R)-0.38 (σ’v0 / Patm)-0.12 + 4G (∆r / R)) tan δ (5)
qb  qc ( av ) (1  0.5log( D / 0.036))

(6)

Where σ’v0 is the in-situ vertical effective stress, G is the small strain stiffness, Δr
is twice the surface roughness,  is the interface friction angle at failure and h/R is the
distance from the pile tip normalized by the pile radius. The base stress is calculated
using the average qc over a distance 1.5D above and below the pile tip, termed qc(av).
The results of this analysis, illustrated in Figure 5, yielded a total capacity of 765kN
and a COV of 6.55%, which is significantly lower than the 14% COV of the input qc
profile. The distribution of the base and shaft capacity can also be obtained from the
analysis, with the COV of Qb shown to be four times larger than the COV of Qs at
10.2% in comparison to 3.73%.
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Figure 5: Example of Pile Variability arising from the inherent scatter in CPT results
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The process of spatial averaging is responsible for the low COV of pile capacity in
comparison to the point variability of the qc data. Essentially as larger lengths of soil
are required to fail, high points tend to balance low points and the COV of the soil
property reduces as the failure zone increases in size. The pile shaft has a significantly large zone of influence, equal to the shaft length, in comparison to the pile base (a
zone of 3D) and therefore the shaft undergoes significantly more spatial averaging.
To further illustrate this point, the pile length was varied with the resulting L/D ratios
between 10 and 70 and the variation in pile capacity shown in Figure 6. The base capacity is independent of the slenderness ratio, with an approximately constant COV
of 10.5%, which is unsurprising since the zone of influence is only diameter dependent and therefore unaffected by the pile length. In contrast, the pile shaft variability
reduces with increasing slenderness ratio as the zone of influence increases. However, the most dramatic reductions occur at low L/D ratios with the rate of reduction decreasing with increasing slenderness. The total capacity has a variability which lies
between the shaft and base capacity and also decreases consistently with L/D. The
rate of reduction in the COV of total capacity is steeper than the shaft component, reflecting (i) the decreasing shaft variability and (ii) the lower proportion of base capacity in comparison to the total capacity.
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6 SENSITIVITY ANALYSIS
The final part of this study involved a sensitivity analysis, which was conducted to
assess the impact of the input parameters on the pile variability. A standard pile with
dimensions of 0.2m diameter and 6m length was used throughout the sensitivity analysis. The statistical parameters of the CPT data were then varied, within a reasonable
range while maintaining the same mean value. Specifically the COV of qc was varied
between 10 and 81%, and the scale of fluctuation was varied from 0.1 to 2.2m, in line
with the ranges reported by Phoon and Kulhaway (1999). This provides some insight
into the cross sensitivity between the soil variability, as determined from CPT data,
and the pile variability. This can then be used to identify other appropriate research
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sites which would lead to acceptably low levels of pile variability, based on the CPT
statistics.
Figures 7 illustrates the sensitivity of Q to both variations in qc and the scale of
fluctuation. A near linear dependence is observed between the COV of the pile capacity components and the COV of the input, with the base, shaft and total variability
approximately 70%, 45% and 25% of the variability in qc. In contrast the scale of
fluctuation exhibits a strongly non linear relationship with the pile variability, with
the COV of Q increasing with θ. This suggests that sites which exhibit highly correlated qc profiles will tend to yield more variable pile capacities. However, the rate of
increase is largest for small scale of fluctuations less than 1m.
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7 CONCLUSION
This paper used CPT profiles to determine the in-situ soil variability at a dense
sand site. This was subsequently used to predict the likely scatter in pile capacity at
the site. The COV of the qc data was determined to be 14%, however spatial averaging was shown to play a vital role in reducing the expected COV of the pile resistance
to 6.5%. Pile capacity variability was also shown to exhibit an inverse relationship
with the slenderness ratio. The final section involved a brief sensitivity analysis
which highlighted the interrelationship between pile capacity variability, qc variability and the scale of fluctuation. In conclusion, the Blessington test site is suitable for
conducting piling research due to the low variability of the expected capacities, particularly for the case of long tension piles which will have a capacity nearly unaffected by soil variability.
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ABSTRACT: The use of a high-resolution piezocone (HRP) to determine direction
and rate of groundwater flow in three dimensions will be presented and discussed.
The most current configuration operates via wireless interface, allowing for grouting
upon retraction, which is ideal for halogenated contaminant plume investigations.
Field hydraulic measurements are used to determine seepage velocity distributions
through interpolation methods and finite difference algorithms recently incorporated
into a Groundwater Modeling System platform. Probe data comprised of soil type and
co-located hydraulic information can be used for data fusion based interpolations.
Following contaminant concentration data collection, data processing allows for the
determination of mass flux distributions at improved resolutions and spatial configurations. Rapid well design capabilities based on soil type have also been incorporated
into the system. Single mobilization solutions based on field scale data collection, interpolation, modeling results, and long-term monitoring network design and implementation will be presented and discussed.
1 INTRODUCTION
Ground water assessment and remediation projects require cost-effective methods for
determination of the direction and rate of ground water and contaminant flow. Monitoring wells have typically been used to estimate these parameters. However, detailed three-dimensional ground water and contaminant flow pathways cannot typically be delineated using conventional monitoring well data. Understanding of flow
pathways, gradients, and contaminant flux is essential for proper remedial design, risk
determination, and evaluation of remediation effectiveness. In particular, contaminant flux can be used to optimize remediation approaches and evaluate remediation
system performance (Basu et al., 2007). Since wells are not adequate for determining
ground water and contaminant flow pathways in three-dimensions, their use can result in ineffective remediation, faulty monitoring strategies, poor model predictions,
and inaccurate risk assessments. Currently available methods capable of providing
the required level of resolution to evaluate site conditions in three-dimensions include
multi-level piezometer or sampler clusters, high-density soil sampling and laboratory
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analyses, and tracer tests. These options can be cost-prohibitive, especially at sites
where contamination may be spatially extensive or the site has complex hydrogeologic conditions.
An innovative direct push high-resolution piezocone (HRP) was deployed at a
small test site in California using a standard cone penetrometer system to determine
direction and rate of ground water flow in three dimensions. The key to determining
direction and rate of flow is to understand the spatial distribution of ground water
head, hydraulic gradient, soil effective porosity, and soil hydraulic conductivity.
When flow rates are coupled to contaminant concentration, contaminant flux distribution can be derived.
Saturated flow velocity, or seepage velocity (), is estimated using the following
form of Darcy’s Law:
Ki
 = -----
where: K = hydraulic conductivity
i = hydraulic gradient
 = effective porosity

(1)

Contaminant flux (F) is estimated using the following relationship:
F =  [X]
where:  = seepage velocity (length/time; m/s)
[X] = concentration of solute (mass/volume; mg/m3)

(2)

A HRP (U.S. Patents 6,208,940 and 6,236,941), is a recently developed probe capable of generating highly resolved hydraulic head values (plus or minus one inch of
water level) while simultaneously collecting critical soil type information. Direct
measurements of hydraulic head, hydraulic conductivity, and estimates of seepage velocity can be derived through deployment of the high-resolution piezocone. Calculation of contaminant flux requires measurement of concentration, which can be accomplished using other direct push technologies such as the membrane interface
probe (MIP) or by more conventional approaches (e.g., samples recovered from short
screened wells).
The DoD Site Characterization and Analysis Penetrometer System (SCAPS) is a
direct-push platform used for advancing hydrological and chemical sensor probes and
samplers into the subsurface. Probe data are managed through an integrated system
of data acquisition and processing software. Through this effort, HRP data acquisition functions are streamlined for rapid data processing. The sensor probe data is exported to a Groundwater Modeling System (GMS) (http://www.emsi.com/GMS/gms.html) for conceptualization, statistical rendering and graphical representations of the three-dimensional distribution of seepage velocity. This highly
resolved conceptual hydrogeologic model becomes available for fate and transport
modeling, risk assessment, and remediation design and optimization applications
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through simulation and predictive modules within the GMS platform. When concentration data is available, recent upgrades to GMS also allow for estimation of 3D contaminant flux distributions.
The Kram and Farrar Well Design Specification (WDS) approach (US Patent
Number 6,317,694) allows field personnel to rapidly select well construction materials based on penetrometer profiles. When placed in the proper context, single mobilization solutions that include chemical and hydraulic characterization, flux model
generation, and installation of long-term monitoring networks become possible because of the WDS and HRP technologies.
A field demonstration was performed to compare the high-resolution piezocone
approach to a more conventional approach using clusters of short screen piezometers
to characterize a small test site at the Naval facility in Port Hueneme, California.
Conventional hydraulic measurements were compared to direct push measurements.
In addition, simulation of a contaminant release was performed using models based
on both conventional and innovative data collection approaches, then comparisons
derived to evaluate the predictive capabilities of concentration and flux models derived using the high-resolution piezocone.
2 MATERIALS AND METHODS
The piezocone can record equilibrium pore pressures that can be converted to hydraulic head estimates. The piezocone is also capable of generating soil type estimates
based on measurements of cone resistance (qc) and sleeve friction (fs), or based on
pore pressure and qc. A HRP is capable of generating highly-resolved hydraulic head
values (plus or minus one inch of water level) while simultaneously collecting critical
soil type classification information as well as hydraulic conductivity and estimates of
effective porosity. Conventional piezocones typically yield hydraulic head resolution
on the order of one to two feet of water level, which is not adequate for determining
3D gradient or flow direction at small sites. Recent improvements include development of a wireless system to allow for coupled sensors, more efficient grouting and
higher production rates. Data is transmitted from the sensor to a receiver located
above the ground surface.
Project team members performed several pre-demonstration activities to prepare
and evaluate the demonstration test site, which consisted of direct push well clusters
set at specific depths and constructed with careful design constraints to allow for a
comprehensive comparison with probe push data. These activities included advancing three cone penetration tests (CPTs) around and within the footprint of the test facility to determine general lithologic characteristics in accordance with ASTM
D3441, D5778, and D6067, and specific well design criteria following the Kram and
Farrar WDS Method. Three monitoring wells (designed based on the CPT soil classifications) were installed around the perimeter of the proposed well cluster test cell in
accordance with ASTM D5521, D6724, and D6725. The final orientation of the centerline of the well clusters was determined based on a preliminary potentiometric assessment (i.e., interpolation of water levels in the three perimeter wells) as well as a
CaCl2 tracer released from the upgradient well and time lapsed resistivity efforts. Fifty (50) gallons of a CaCl2 solution at a concentration of approximately 215,000 mg/l
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were released in the most upgradient well at the test site. Time-lapse resistivity observations were used to track the migration of the tracer over a period of about 1.5
months. The resistivity geophysical data were then used to orient the configuration of
subsequent test facility piezometers and pushes, with the primary goal of establishing
a demonstration cell consisting of multi-level monitoring points and probe pushes parallel to the localized gradient. Thirty-nine 3/4-inch (1.905cm) diameter PVC piezometers with six-inch (15.24cm) prepacked screens were installed in thirteen clusters.
The test site configuration was based on preliminary SCAPS soil classification pushes, whereby soil types for depths of interest were converted to well design specifications based on the WDS package. At each cluster location, piezometers were
screened from approximately 8.0 to 8.5 feet (2.438 to 2.591m) bgs (100 sand with
0.006 inch [0.015cm] slot prepack), 10.5 to 11.0 feet (3.200 to 3.353m) bgs (20/40
sand with 0.010 inch [0.025cm] slot prepack), and 13.5 to 14.0 feet (4.115 to 4.267m)
bgs (20/40 sand with 0.010 inch [0.025cm] slot prepack). The piezometer depths
were chosen to screen three levels within a shallow sandy confined aquifer. Pneumatic slug-out and water slug-in tests were performed on each piezometer cluster in
triplicate using a Geoprobe Pneumatic Slug Test Kit to characterize the spatial distribution of hydraulic conductivity, which would serve as the control data set.
The GMS software required modification to allow for the development of a gradient builder, seepage velocity field, flux distribution, and three-dimensional visualizations of the probe-derived hydraulic parameters. To generate three-dimensional
hydraulic gradient vector values from scalar head value distributions, a finite difference solution was derived. The seepage velocity field was then derived from interpolated hydraulic conductivity, hydraulic gradient, and effective porosity values. This
velocity field was then used in MODFLOW (McDonald and Harbaugh, 1983) to establish ground water and contaminant transport simulations. Once the solute concentration distribution was determined, a mass flux calculator was used to multiply the
steady state seepage velocity distribution data set by the concentration distribution
data set to create mass flux distributions for each time step analyzed.
3 RESULTS AND DISCUSSION
Detailed results are presented in Kram et al., 2008. Figure 1 displays the hydraulic
assessment test site configuration. Each numbered dot represents a three piezometer
cluster. These were installed approximately every five feet within the test cell domain. Penetrometer probe pushes were advanced adjacent to each cluster for comparison.
Figure 2 displays HRP output, which consists of logs of soil type, hydraulic conductivity versus depth based on soil type conversion (Robertson and Campanella,
1989), hydraulic conductivity (K) versus depth based on t50 dissipation data (Parez
and Fauriel, 1988) relationships, effective porosity based on soil type relationships,
pressure dissipation tests for specific depths, and hydraulic head versus depth. Dissipation tests are used to determine K and head values for specific test depths. Each of
the hydraulic attributes (K, head, and effective porosity) are interpolated and used to
calculate seepage velocity distribution within GMS. Before doing so, head values are
converted to gradient using the gradient builder function within GMS. Once this has
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been completed, and K and porosity values are used to convert the probe data to seepage velocity distributions, chemical concentrations can be incorporated (using other
probes or analytical methods) to generate three-dimensional distributions of chemical
flux (representing seepage velocity times concentration).

Figure 1. Test Site Configuration. Numbered dots represent the well and push clusters. W-1, W-2
and W-3 represent perimeter monitoring wells.

Figure 2. Piezocone Test Output Example for a Single Push.
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HRP derived K values are classified as Kmean, Kmin, Kmax, Kform and Klc, where
mean, minimum and maximum K values are derived using the Parez and Fariel
(1988) relationships, where a Parez and Fariel formula is applied to the dissipation results, and where soil type is converted to K using a lookup chart embedded within the
data processing platform. These are compared to K values derived from aquifer tests
performed on the wells (Kwell). It was found, at this site, that the HRP derived hydraulic conductivity values were on average similar to those obtained from monitoring wells. Comparison of geometric mean values (Figure 3) shows that on average the
Kmean and Klc values are within about a factor of 2 of the Kwell values. On average the
Kmin, Kmax and Kform values fall within a factor of 5 or better of the Kwell values. K
values derived from piezocone pushes ranged more widely than those derived from
slug tests conducted in the adjacent monitoring wells. These differences may be attributed to averaging of the hydraulic conductivity values over the well screen versus
more depth discrete determinations from the piezocone, which is more sensitive to
vertical heterogeneities. While subtle differences can be seen, the overall agreement
appears to be very good.

Figure 3. Comparison of all K Values, Log Transformed. Circles are the geometric mean values.

Hydraulic head distributions resulting from both the well clusters and the HRP results span only .08 feet for both distributions throughout the 25 foot (7.62m) by 10
foot (3.05m) test cell domain (Kram et al., 2008). While there are some directional
nuances associated with each data set, the general gradients and head distributions
display similarities. This is critical, as the probe will typically be deployed with
much larger push spacing. Therefore, it is anticipated that by meeting these challenging field conditions, the HRP will be able to readily meet most field application requirements for relatively small sites (e.g., drycleaner, UST releases, etc.).
Gradient determination (critical for modeling efforts) required development of a
gradient field based on recent GMS upgrades, which enabled users to convert scalar
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head values to gradient distributions. Finite difference calculations were used to
transform adjacent grid node head values to gradient in three dimensions. When
coupled with hydraulic conductivity and effective porosity distributions, the critical
gradient builder step allowed for determination of seepage velocity distributions
through the GMS velocity builder. Seepage velocity distributions derived from well
hydraulic data and piezocone hydraulic data compared favorably (Kram et al., 2008).
Provided concentration distributions are known, and a velocity distribution has been
generated using the HRP data, GMS allowed for the determination of flux distributions in three dimensions. To develop concentration distribution predictions, boundary conditions were established through extrapolation of gradient values (derived
from head value observations), and then a Modflow transport model was generated to
develop realizations of tracer concentration distributions. These concentration distributions were then coupled with seepage velocity distributions to determine flux distributions for specific time steps using the new GMS flux builder tool.
4 CONCLUSIONS
The following conclusions can be derived:
1) The HRP allows for measurement of hydraulic head, and estimation of hydraulic conductivity (K), and effective porosity with good precision;
2) Using HRP data and GMS, 3D visualizations of seepage velocity, concentration, and flux distribution can be produced;
3) Once an initial model is established, well networks can be designed using the
WDS, installed and monitored to track changes in dynamic flux components (e.g.
hydraulic head and concentration) to evaluate remediation performance;
4) Use of the HRP and associated flux models can save significant amounts of
time (82 to 89 percent) and cost (62 to 81 percent) per application when compared
to conventional flux characterization approaches (Kram et al., 2008). The new
wireless HRP allows for even more rapid installation as well as grouting during
probe retraction.
This technology will be extremely useful during the Remedial Action Optimization (RAO) and Long-Term Monitoring (LTM) phases of a project. For instance, using this approach to determine the contaminant flux distribution will enable project
managers to prioritize and target areas of removal, remediation, and containment.
The models generated through implementation of this technology can be used to evaluate competing remedial action designs. For LTM applications, understanding direction of flow, rate of flow, flux distribution, soil type distribution, and plume configuration are critical for establishing a monitoring network and for generating time series
analyses appropriate for demonstrating plume attenuation. The HRP and CPT based
well design technologies represent significant single mobilization enabling opportunities capable of having a profound impact on project costs and timing. This technology
allows for generation of high-resolution conceptual and analytical models, optimized
remediation design, proper placement and design of monitoring well networks, and
represents a greatly improved approach for remediation performance evaluation.
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ABSTRACT: This paper discusses the use of piezecone penetration test (CPTU) for
estimating the consolidation properties of the Lake Bonneville clay in Salt Lake City,
Utah. The effectiveness of the CPTU in predicting the virgin compression ratio (CR),
1-D constrained modulus (M), preconsolidation stress (’p) and overconsolidation ratio (OCR) is evaluated. This is accomplished by correlating CPTU parameters with
results obtained from high quality sampling and constant rate strain consolidation
(CRS) laboratory tests using multiple linear regression (MLR) analyses to develop
correlations for CR, M, and ’p with CPTU parameters. Subsequently, the estimates
from the regression equations are compared with the laboratory test results to evaluate
the predictive power and reasonableness of the developed regression equations. These
evaluations show that the CPTU can reasonably estimate the consolidation properties
of the relatively soft, Lake Bonneville clay deposits. Thus, the proposed Multiple Linear Regression (MLR) equations can be used to reduce the cost and time involved
with conventional sampling and laboratory testing of these sediments and to expedite
primary consolidate settlement calculations for these deposits.

1 INTRODUCTION
The piezecone test (CPTU) involves measuring the tip resistance, qc, side friction, fs,
and excess dynamic pore water pressure, u. The use of this device was first developed in Sweden in the early 1970s. Currently, the CPTU is a widespread and very
convenient test method that allows for rapid, continuous soil profiling and provides
economical estimation of key soil properties for design proposes. Meigh (1987) stated
that the two main advantages of CPTU are: (1) providing a continuous, or virtually
continuous, record of ground conditions and (2) avoiding sample disturbance that is
typically associated with drilling and sampling in a conventional manner. Details of
the CPTU procedure are provided in ASTM D3441.
The Utah Department of Transportation (UDOT) funded a study to improve in situ
methods and their ability to estimate the consolidation properties for the soft to medium stiff Lake Bonneville clays that are found throughout the Salt Lake Valley,
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Utah. The objectives of this research were to correlate high quality constant rate of
strain (CRS) laboratory results with CPTU measurements so that the latter could be
used in future geotechnical evaluations and primary consolidation settlement calculations. Evaluation of the effectiveness of the CPTU in predicting the virgin compression ratio, CR, and the preconsolidation stress, was accomplished by statistical (i.e.,
regression) analyses and by comparing the results of those analyses with the original
CRS laboratory test results.
Undisturbed samples of Lake Bonneville Clay were taken in three locations in the
Salt Lake Valley near the Interstate I-15 alignment in down town Salt Lake City. A
B-80 mobile drill rig was used for drilling. At the South Temple Street location, two
sites were drilled, one underneath the northbound bridge at South Temple Street and
one in the embankment median of the interstate, just north of the north abutment of
the South Temple Street Bridge. At the North Temple Street site, the drilling was
done in a vacant lot northeast of the northbound bridge. For the North Temple Street
site, rotary wash drilling was used; for both South Temple Street sites, hollow stem
auger drilling methods was used.
CRS tests were performed on high quality undisturbed thin-walled piston samples
obtained at these sites. Also, additional Shelby tubes samples were obtained and used
for laboratory soil classification and determination of index properties. The overlying
and underlying Holocene and Pleistocene alluvium, respectively, were not sampled at
the research sites. These units are more granular and not as compressible; hence characterization of these sediments was less important from primary consolidation settlement standpoint.
Generally, the surficial Holocene alluvium at the research sites consists of about 5
m of poorly stratified clay, sand and minor gravel. The Holocene alluvium is underlain by about 15 m of compressible lacustrine deposits originating from the latePleistocene Lake Bonneville, which is a fresh-water predecessor of the Great Salt
Lake. This upper Pleistocene sequence consists of interbedded clayey silt and silty
clay, with thin beds of silt and fine sand found near the middle of the Lake Bonneville sequence. These interbedded sediments divide the major clay units of the Lake
Bonneville sediments into the “upper Lake Bonneville clay” and the “lower Lake
Bonneville clay,” respectively. The Lake Bonneville sediments are underlain by latePleistocene alluvium, which is predominately dense to very dense sands and gravels.
Beneath this alluvium are much stiffer clays associated with earlier lakes that predate
Lake Bonneville.
A very detailed and continuous classification profile of Lake Bonneville sediments
is presented in Bartlett and Ozer (2004) and Ozer (2005). In general, the upper Lake
Bonneville clay is more plastic than the lower clay and consists of MH, CL, and ML
soils. The interbeds are sediments deposited when the lake levels were very low and
therefore have more granular soils representing near-shoreline conditions. The interbeds are predominantly silts (ML), with some beds of clay (CL) and thin layers of
medium dense sand (SC). The lower Lake Bonneville clay is mainly CL soils with
some silt (ML) layers.
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2 REGRESSION MODEL FOR PRECONSOLIDATION PRESSURE
Values of qc have been used previously to estimate the preconsolidation stress. Tavenas and Leroueil (1979) proposed an equation for determining the preconsolidation
stress for Canadian clays, which includes qc. Mayne (1986) proposed an equation
that also depends on qc using correlations developed from a database with 49 different clays. Later, Mayne and Kemper (1988), using a large CPT data base from 50 research sites, correlated overconsolidation ratio (OCR) with the net cone resistance,
qc-vo, where vo is the total vertical (i.e., overburden) stress. Tavenas and Leroueil
(1987) showed that preconsolidation stress was correlated with the net corrected tip
resistance, qt-vo, where qt is corrected tip resistance, for 11 Canadian clays. Sugawara (1988) developed a relation between OCR and the net corrected tip resistance for
Japanese clays. In addition, a relationship between OCR and penetration pore water
pressure was proposed by Mayne and Bachus (1988) and in their later research
(Mayne and Bachus, 1989) proposed relations between preconsolidation stress and
pore water pressure.
The interbeds within the Lake Bonneville clays have interbedded fine sand layers,
which must be filtered out of the CPTU data before performing the subsequent regression analysis. (This was done so that these more granular units are not included
in the correlations. Also, no CRS testing was done in this zone). The filtering (i.e.,
removal) of the fine sand layers was done using the soil behavior type index, Ic (Jefferies and Davies, 1993). Data with Ic values less than 2.6 were considered to be granular material and were eliminated from the subsequent statistical analyses.
After this, the remaining CPTU readings were paired by elevation with the laboratory preconsolidation stress results from the CRS tests. For the analysis, the pairing
of the CPTU data with the laboratory test data was conducted using a 1-m average of
the CPTU readings. This average started 0.5 m above the elevation of each respective CRS sample location and continued 0.5 m below the CRS sample location.
These averaged CPTU measurements used in the regression analysis included qc, fs,
and uc. In addition, average values of vo were used in the regression analyses.
Exploratory regression analyses were conducted to find independent variables for
the regression model and to see the function form that these variables have with the
dependent variable. For example, in these exploratory analyses, CRS determined
values of ’p (dependent variable) were correlated with the independent variables
(e.g., tip resistance, qc, net tip resistance, (qc - vo), sleeve stress, fs, corrected tip resistance, qt, net corrected tip resistance, (qt-vo), total overburden stress,vo, and induced excess pore pressure, uc).
Because qt is calculated from qc and u and is also used widely in the literature, qt
was chosen over qc and u as the primary independent variable to correlate with’p.
Further, it was observed that fs has the lowest correlation (R2 = 54.3 %) with ’p
when compared with the other independent variables, thusly values of fs were eliminated from further consideration in the main regression model.
Ultimately, the independent variables chosen for the final multiple linear regression
(MLR) model were: qt, (qt-vo), and vo. These variables were used to predict ’p by
dividing them into seven different models as presented in Table 1. (From an application standpoint, the regression models should not be dependent on the stress units, so
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all variables were divided by atmospheric pressure, Pa, to make the regression variables dimensionless.)
All regression analyses shown in Table 1 were performed using Microsoft EXCEL.
These models have the general form:

y   o x11 x 2 2

(1)

This can be expressed in a linear form for multiple regression using:
log y  log  o   1 log x1   2 log x 2

(2)

Table 1. Data variables sets and linear regression equations for normalized preconsolidation pressure
Data
Set

Independent
Variables

A

 vo

B

qt

C

qt   vo 

D

E

Pa 

Pa 

 vo

Pa  , qt Pa 

 vo

Pa  ,

qt   vo 
F

G

Pa 

(%)

 p

88.1

 p

82.9

 p

 q   vo
 0.429 t
Pa
 Pa





 p

0.438

90.8

 qt

 Pa

 p

0.565

Pa 

Pa  , qt   vo  Pa 

 vo

Pa  , qt Pa  , and
Pa 

Equation (From the model given in Equation 1, and
regression output by using Microsoft EXCEL, the linear regression can be back transformed to):

87.5

90.9

qt

qt   vo 

R2

90.4

90.7


 0.932 vo
Pa
 Pa

q
 0.290 t
Pa
 Pa









0.892

0.863

 
 0.478 vo 
Pa
 Pa 

 
 0.632 vo 
Pa
 Pa 

 p

q
 0.192 t
Pa
 Pa

 p





1.953

 
 0.960 vo 
Pa
 Pa 

0.798





0.469

 qt   vo 


P
a



 qt   vo

 Pa

0.756

 qt

 Pa









0.693

0.342

1.046

 qt   vo 


 Pa 

0.842

A comparison of preconsolidation stress predicted from Model E (since it gave highest R2 value) of above table and laboratory CRS and IL consolidation test results can
be seen in Figure 1. The lines represent the results of Model E and dots represent the
laboratory test results. Model E provides reasonably close prediction of the laboratory
results for the Lake Bonneville clays.
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N. Temple Site
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CPTU with CRS
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Tests 'p vs.
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Figure 1. Comparison of preconsolidation stress values with Model E of Table 1

3 CORRELATIONS FOR COMPRESSION RATIO (CR) AND CONSTRAINED
MODULUS (M)
Laboratory determined values of compression ratio, CR, were correlated against vo,
qt, and (qt-vo), and the R2 values from those regressions were between 13.5 % and
25.3 %. Due to these relatively low R2 values for the CR correlations, in an attempt
to improve the models’ predictive performances, values of CR were converted to the
constrained modulus, M, at the preconsolidation stress level. As given below in Equation (3), M can be back-calculated from CR values.
 1  eo
M   v 
 Cc


2 .3
 ln 10   p
CR


(3)
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When laboratory determined values of M were correlated againstvo, qt, and (qtvo), and the R2 values from those regressions were between 81 % and 84 %, which
significantly improved the correlations. MLR models were applied to predict M values based on qt, and (qt-vo), and vo. As was done to evaluate the preconsolidation
stress in the previous section, independent variables were divided into seven different
models and regression analyses were performed. Models attempted for the constrained modulus are given in Table 2.
It was observed that model E of Table 2 has the highest R2 value. Values of CR
can be back-calculated from the using the definition of M given in Equation (3).
Comparison of M from Equation presented in Table 2 for Model E, and back calculated CR from Equation (3) from the laboratory results is given in Figure 2. As can be
seen in Figure 2, calculated values of M and back-calculated values of CR from Equation (3) are reasonably close to the laboratory values.
Table 2. Data variables sets and linear regression equations for normalized constrained modulus
Data
Set

Independent
Variables

A

 vo

B

qt

C

qt   vo 

D

E

Pa 

Pa  , qt Pa 

 vo

Pa  ,

qt   vo 

Pa 

(%)

Pa 

Pa 

1.148

85.1





q
M
 1.252 t
Pa
 Pa

1.125

87.8

83.3

 q   vo
M
 2.067 t
Pa
 Pa

89.5


M
 2.141 vo
Pa
 Pa

89.7

 
M
 3.240 vo 
Pa
 Pa 

89.1

q
M
 0.828 t
Pa
 Pa

Pa  , qt Pa  , and

qt   vo 

Equation (From the model given in Equation 1,
and regression output by using Microsoft EXCEL, the linear regression can be back transformed to):


M
 5.816 vo
Pa
 Pa

Pa  ,

qt   vo 
 vo

G

Pa 

 vo

qt
F

Pa 

R2

89.6









1.044

 qt

 Pa

0.655





0.704

 qt   vo 


 Pa 


 q   vo
2.218 t

 Pa


M
 12.284 vo
Pa
 Pa
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Figure 2. Comparison of M and CR from laboratory consolidation tests and CPTU results

4 CONCLUSIONS
MLR models based on CPTU parameters can adequately predict the preconsolidation
stress and constrained modulus of the Lake Bonneville clays. The use of the MLR
equations is recommended for geotechnical evaluations and settlement calculations
for locations underlain by the silty clay and clayey silt sediments of Lake Bonneville
in Utah. These clayey deposits constitute the “deep water deposits” of Lake Bonneville that are found in the lower elevations of many northern Utah valleys in Salt
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Lake, Utah, Davis, Weber and Box Elder Counties. Although the recommended correlations were developed specifically for the Salt Lake Valley Lake Bonneville deposits, we expect that the model will have adequate performance for other northern Utah
locales where the Lake Bonneville clays is found. This expectation is based on the
premise that because these clays have the same geologic origin, they will be reasonably similar in their geotechnical properties, regardless of the specific location. However, it may be prudent to perform additional sampling and CPTU and CRS testing to
verify the performance of our models for other Utah locales outside of Salt Lake Valley. Using this approach, and as the statistical basis for the MLR models grows with
additional data, we anticipate that the scope of geotechnical laboratory testing can be
significantly reduced for many UDOT projects where primary consolidation settlement is a project consideration. The reliability of these models from predicting behavior of other clay deposits of various origins and locations is unknown and should be
further researched.
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Application of CPT for adequate selection of pile driving techniques
I.B. Ryzhkov
BashNIIstroy, BGAU, Ufa, Russia

O.N. Isaev,
NIIOSP, Moscow, Russia

ABSTRACT. It is proposed to apply CPT data for evaluating pile driveability to specified depth on the basis of available soil data, pile strength and hammer capacity in
order to prevent pile damage and underdriving and to ensure adequate piling operations efficiency. Pile driving problems are reviewed in the case of high-strength soils
and large-size boulder occurrence. Known dependencies are used that relate pile resistance to set per blow (“refusals”), through which the number of blows is determined. Unification criteria for pile driving depth are proposed to exclude underdriving and trimming of underdriven pile heads.

1 INTRODUCTION
Practical application of footings on driven piles has demonstrated that, in spite of
correct pile bearing capacity evaluation, the assigned footing effectiveness is not
guaranteed without detailed elaboration of pile driving technology. During construction operations there may occur situations when piles do not reach the design depth
and/or are damaged during driving that result in contingent delays and possible updates of the project design.
The Russia’s standards (СП-50-102-2003), as well as those of other nations, relate pile hammer capacity to the pile design load with the allowance for some additional factors. Such approach does not fully reflect specific conditions of pile footing
application. The design pile load does not always characterize the problems of driving process. If a bearing bed occurs at several meters depth and is overlaid by soft
soils, then usually neither powerful hammers nor shock-resistant piles are required.
On the contrary, in hard clay soils pile driving to design depth can encounter difficult
problems even in the case of moderate pile loads (500…600 kN). The case of pile
driving in hard soils are quite frequent, especially when the upper layers feature stiff
soils, but unfit to bear shallow footings (collapsible loess soils, loess-like soils, expansible soils, etc.), which are to be “pierced through” by piles.
Extensive experience of driven piles application in Russia demonstrates that underdriving issues are facilitated if CPTs are used to reveal soil stratification peculiarities at many points of the surveyed site.
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2

EVALUATION OF PILE DRIVEABILITY INTO HARD SOILS

The method, discussed below, is based on compliance with the following two requirements:
- pile hammers shall ensure both the possibility of driving piles to predefined depth
and the required duration of such driving process (the design operations efficiency);
- pile strength shall exclude their damage in the course of driving.
Compliance with these two requirements is based on prediction of the number of
hammer blows to drive a pile to the specified depth. This number enables evaluation
of both the pile driving duration and the required shock resistance of such pile.
СРТ helps determine pile limit resistances Fu,j within the whole interval of its
“intermediate” driving depths (hj = 1, 2 , 3 … h, m ), through which it “passes” during driving before it reaches the design depth h. At the next stage of analysis these
values of Fu,j become input data for predicting the estimated set per blow at these
(“intermediate”) depths for a particular hammer. Known “dynamic” equations are
applied, which interrelate pile limit resistances with set (with the account of specific
features of piles, hammers, damping pads in pile helmet, etc.). Thereafter, the computed pile set sa are used as inputs for estimating the hammer blows number, and the
set inverse value is the number of blows per unit length (driving depth). Such computations are performed for each meter of driving depth, and the set is defined in terms
of meters, as follows:
ni = 1/sa,i,

(1)

with sa,i as estimated mean set per blow in the i-th meter of driving; ni as estimated
number of blows in the i-th meter of driving (from depth hi–1 to hi).
Summation of hammer blows number for each meter of driving ni (i = 1, 2, 3,
…h) yields the unknown number of blows N, required for pile driving to the whole
depth h in question
N = ∑ ni ,
i=h

(2)

i =1

The calculations are performed with the help of respective computer code (there
is computer code “INVESTIGATION” in BashNIIstroy). Accuracy of the obtained
results follows from the applied dynamic equation “sa~ Fu” and correctness of the
hammer blow actual energy (bounce height of diesel hammer depends on soil
strength). Fig. 1 shows typical comparison of actual and calculated numbers of
hammer blows in the course of pile driving process (prismatic concrete piles 9 m
long, delluvial hard plastic and hard clay loams, tubular hammer with 1250 kg striking ram). Dependence of set per blow on pile resistance was assumed as per “Gersevanov equation”, given in the above-mentioned Russian code СП 50-102-2003.
For large-scale construction projects (10..12 m long piles) a hammer option shall
ensure 5…10 minutes rate per one pile driving. Most diesel-hammers blow frequency is usually 50…60 min-1 i.e., the allowable Nt shall correspond to the range of
250…600 blows .
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Figure 1. Examples of calculated diesel-hammer blow counts (Nc) with actual ones counted during
pile driving (Nf); points, related to the same pile are connected with lines at its different driving
depths (Yenikeev, 1990)

In order to comply with the second requirement it is necessary to know the allowable number of hammer blows, Nult, which is not detrimental to piles. Detailed
information about it was obtained by G.F.Novozhilov (1987), who carried out a great
many experiments of pile “durability”, including destruction of hundreds of concrete
piles. There were obtained empirical relationships, connecting the value of Nult with
the design and strength of driven piles, and a pile impact strength classification was
proposed. Piles with steel-fiber concrete head feature the highest impact resistance,
steel-fiber-concrete being concrete reinforced with steel fibers i.e., thin steel fiber
pieces (usually wire). Lateral reinforcement and use of claydite concrete also ensures
BashNIIstroy diagrams for concrete piles (10-15 m long), most typical for Russian
construction applications.
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Table 1. Numbers of blows, non-destructive for concrete piles with tubular hammer, having
1.8 t striking ram

Pile type

Piles with lateral reinforcement and prestressed axial reinforcement

Pile with lateral reinforcement and nonprestressed axial reinforcement

Idem with steel-fiber-concrete head with
1% reinforcement

Type and
thickness
of pad

Min. compression
resistance of
concrete *,
МPа,
(class of
concrete)

Blow counts, causing
cracks
Total pile
head destruction

oak
s=0.15 m
oak
s = 0.2 m
oak
s =0.15m
oak
s = 0.2 m
oak
s =0.15 m

20
(В20)
25
(В25)
20
(В20)
25
(В25)
20
(В20)

<50

85

150

270

<50

90

200

370

300

600

oak
s = 0.2 m

25
(В25)

1200

2000

* Minimum strength of standard cube 15×15×15 cm

3

APPLICATION OF PILES IN BOULDER GROUNDS

Occurrence of large boulders is typical for some moraine grounds and marine deposits. Angular blocks occur in elluvial soils. These soils are usually rather compacted,
thus providing high bearing capacity for driven piles, therefore, pile footings could
be highly cost-effective in such conditions. Nevertheless, a great number of boulders may restrict application of pile footings because of the risk of many piles to be
underdriven. A pile, sitting on a boulder, does not always possesses the required
bearing capacity, it is especially so if pile encounters a boulder at a shallow depth.
This is why design of footings in such soils always requires prediction of the share of
piles, which would not reach the design depth due to collision with boulders. Such
problem can be successfully solved with the help of static penetration tests (CPT), as
the number of points, at which the site could be tested, would be much greater than
the number of piles.
Admissibility or inadmissibility of the expected underdriving rate (and pile
trimming rate respectively) depends on site conditions. Nevertheless, in most cases,
as is shown by experience, underdriving (trimming) shall not exceed 5…8 % of the
total volume of the project.
The boulder size, capable of stopping a pile or a cone probe, depends on many
factors (strength of soil under boulder, pile dimensions, power of hammer, cone penetration resistance, etc.). Nevertheless the research, done by the authors, showed
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that the dimensions of a boulder, capable of “stopping” a cone probe, are times 2…3
less than those of a boulder, capable of “stopping a pile (having 0.3×0.3…0.4×0.4
m). In most typical cases (e.g., a cone pushed down with 100 kN force into stiff clay
loam at 5…8 m depth) a 0.3..0.4 m dia boulder will stop a cone. The pile of above
dimensions could only be “stopped” by a 0.8…1.0 m boulder. In harder soils at
greater depths the boulder sizes in both cases would be slightly less.
Thus, cone penetration “failures” within the same site should happen more frequently than pile underdrivings. However, in order to quantify the percentage of
points, at which a cone probe would not reach the assigned depth, in terms of the expected percentage of pile underdrivings, the fractional composition of stone inclusions should be known.
Approximate data about the volume and fractional composition of boulders
could be borrowed from the available local operational and site survey experience.
The evaluation procedure is facilitated provided a geometrical feature of two-phase
media is taken into account. As is well known, the “bulk” porosity (the share of pores
in a volume), the “plane” porosity (the share of pores in an arbitrary cross section)
and the “linear” porosity (the share of line segments, belonging to pores, along an
arbitrary line, crossing the porous media) are roughly equal. It’s so-called “AkkerCavalieri principle” (Babkov & Polak 1965). This principle can be attributed to the
medium, in which instead of pores there occur solid alien inclusions (boulders in the
discussed case). Assume that distribution of boulders in soil massif is random, then
the boulders, revealed on the bottom and in the walls of an excavation, would prompt
a rough estimate of the boulder share in the soil massif as well as their fractional
composition. The following value plays a special role:
VD > Dc , pile
K pile / cone =
,
(3)
VD > Dc ,cone
with VD>Dc,pile as volume of boulders, irresistible for piles (i.e., having the diameter,
exceeding a certain “critical” value Dc,pile); VD>Dc,cone as volume of boulders irresistible for cone (i.e., having diameter, exceeding a certain “critical” value Dc,cone).
Fig. 2 shows the curves, obtained by calculating dependence of the share of cone
penetration “failure” points (i.e., the points, where the cone could not reach the assigned depth due to collision with a boulder) versus the share of piles, underdriven
because of boulders. The calculations were based on the assumption that the share of
boulders of a certain size (e.g. VD>Dk,pile in the volume of soil V i.e., VD>Dk,pile /V) was
defined as probability of such boulder occurrence in an arbitrary point of the soil
massif in question. Probability of a cone or a pile encounter with a boulder in this
massif was defined as probability of occurrence of “at least one boulder” on the cone
or pile path, whose size would be greater than the critical one (i.e., Dc,cone for cone
and Dc,pile for pile).
As is seen on Fig. 2, the less would differ boulder critical dimensions for piles
(Dc,pile) and for cone probe (Dk,cone) the less would differ percentages of pile underdrivings and “failed” cone penetration points. Minor difference between Dc,pile and
Dc,cone is characteristic of predominance of large-size boulder fractions i.e., in soils,
containing large-size boulders, the share of underdriven piles should not differ much
from the share of “failed” cone penetration points. On contrary, predominance of
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Figure 2. Calculated dependences between the share of points of “failed” penetration (i.e., points,
where the cone did not reach to the assigned depth due to encounter with a boulder) and the share
of piles, underdriven because of boulders. Кpile/cone is parameter, reflecting the ratio of boulders,
“irresistible” for cone or pile, defined by equation (3).

small-size boulders gives rise to the great difference. Fig. 2 shows that the admissible
5…8% of pile underdrivings could correspond to 55% of “failed” cone penetration
points (with Кpile/cone =0.1).
Notably, easier practical situations may occur, when adequate decisions require
neither calculation nor auxiliary graphs e.g., the absence of cone collisions with
boulders within the site prompts that the boulders are non-existent or they are so few
that their presence is negligible. On the contrary, if boulders were encountered at all
cone penetration points than pile option should be abandoned.
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4

PILE LENGTH DEFINITION IN DIFFICULT DRIVING CONDITIONS

The design lengths and number of piles in hard soils should be selected in combination with their driving technology. It stems from the fact that feasibility of piling
operations is not solely related to hammer and pile strength parameters. Sometimes it
is economically feasible to prevent underdriving of piles by reducing their length and
increasing their number. This is evident from the two cases of pile driving with the
help of the same hammer when erecting a footing bearing the same load No (Fig. 3).
On Fig. 3а piles are driven to “zero” set per blow (“zero” refusal), therefore, their
driving depths differ (as result of soil heterogeneity). Pile length has to be assigned
as per points with softer soils, otherwise, the design (“zero”) set per blow could not
be reached. As all n piles have identical “zero” set, their bearing capacity should be
identical i.e., corresponding to the maximum value for the given hammer capacity.
Fig. 3b shows piles, driven by the above hammer, but to equal depths, corresponding to minimal depth on Fig. 3a. The refusals would be greater than those on
Fig.3а, and would differ for different piles. Mean pile resistance (bearing capacity)
on Fig.3b would be lower than that on Fig.3 а, therefore, in order to bear load No for
the option on Fig.3b greater number of piles would be required (∆n piles more). But
no pile trimming is required for option on Fig.3b, which is unavoidable for option on
Fig.3a.
Fig.3 shows that the volume of concrete would be less in the option, in which the
sum of shaded portions of would be less (i.e., those of “underdriven” pieces on
Fig.3a, and those of “additional” piles on Fig.3b). It is evident that if the total volume
of “additional” piles (Fig.3b) is twice as great as that of “underdriven” piles than option 3a (driving to specified refusal) would feature lower material consumption, and
visa versa.
Research, carried out by BashNIIstroy, showed that the growth of pile resistance
with depth is essential. If 1 m greater (or less) depth increases (or lowers respective-

Figure 3. Pile driving options (а) to “specified refusal” and (b) to “specified depth”.
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ly) pile bearing capacity by less than 90…100 kN than option on Fig.3b would consume less material (pile driving “to assigned depth”). Otherwise, if pile bearing capacity strongly grows versus depth (as is the case of pronounced “bearing bed”) the
pile footing on Fig.3a, driven to “given refusal” would be more economical.
Solution of all these issues requires the data on pile resistance dependence on
depth at many points on the site that could be easily obtained with the help of СРТ
procedure.
CONCLUSION
The СРТ method is a convenient tool to solve a number of the following engineering
problems, pertaining to erection of footings on driven piles:
- Evaluation of pile driveability with the help of available equipment;
- Timely rejection of a piling option in the case of numerous large-size boulders
occurrence;
- Materials optimization of footings with the account of expected underdriven piles
trimming.
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Use of mini CPT to evaluate degree of compaction in
fine-grained soils
N. Squeglia & D. C. F. Lo Presti
University of Pisa, Pisa, Italy

ABSTRACT: An innovative procedure for assessing the degree of compaction of
earth works of fine grained soils has been developed and evaluated. The procedure is
described and example results presented. The procedure is based on mini-CPT results
performed on laboratory compacted samples. The method was evaluated at a river
embankment constructed using compacted fine-grained soils. Undisturbed sampling
was used to check the in situ dry density. The methodology was positively evaluated
with promising results.
1 INTRODUCTION
An innovative procedure for assessing the degree of compaction of earth works of finegrained soils has been developed and evaluated. The proposed method is mainly based
on the following hypotheses:
- the CPT tip resistance (qc) is not affected by the tip diameter, therefore we expect to
measure the same qc (in the same soil under the same conditions) using a standard cone
having a diameter of 35.7 mm and a mini – penetrometer with a diameter of 8 mm;
- the tip resistance measured in situ using a standard cone [qc(standard)] and that measured
in a mini – Calibration Chamber (mini – CC) using a mini-penetrometer [qc(mini)] under
the condition of no lateral strain are the same for the same soil, with the same density
and vertical effective stress;
If the above indicated assumptions are true, it is possible to measure qc(mini) in the laboratory using specimens reconstituted at the prescribed density in a Proctor – mold and
consolidated at different vertical pressures. We expect that qc(standard) measured in situ is
the same as qc(mini) for the same soil with the same density and vertical effective stress.
Therefore, we can (a – priori) establish which is the expected CPT qc corresponding to a
prescribed density.
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The assumptions have been experimentally verified and the proposed method has
been applied in a real case. The construction material was classified as A4 to A6 according to AASHTO M 145 (1991).
The practical application of the method gave a further verification of the correctness
of the previously indicated hypotheses. In fact, “undisturbed” samples were retrieved
with different methods at the river embankment, giving a direct evaluation of the soil
density in situ.
A similar procedure is described by XP P 94-063 (1997) and XP P 94-105 (2000).
This procedure is applied to coarse grained soils and requires the construction of a trial
embankment and the performance of dynamic penetration tests. This procedure is applied to the control of the degree of compaction for trenches (Setra – Lcpc 1994, 2007).
It is worthwhile to remark that there are few specific studies concerning the performance criteria of river embankments. As a consequence, in most cases the same design
prescriptions are adopted as for road embankments or for earth-dams, which control type
of material and degree of compaction.
2 MINI CALIBRATION CHAMBER AND MINI CONE
The mini calibration chamber equipment (Figure 1) consists of two end platens connected by three tie rods, an air piston fixed onto the lower end platen and a Proctor mold, which represents the mini – CC. The mold contains the test soil compacted to the
desired density and is located between the air piston and the upper end platen. The air
piston can apply a vertical pressure to the soil in the Proctor – mold through a rigid platen. The contrast is given by the upper end platen. Additional information on the equipment is available in Carelli (2009) and Vuodo (2009).

Figure 1. Scheme of mini calibration chamber and mini cone.
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3 EXPERIMENTAL ASSESSMENT OF THE WORKING HYPOTHESES
Two different types of experimental activities have been run to verify the working hypotheses. The first step was to verify that the qc(mini) is equal to qc(standard) under the same
site conditions. To this purpose in situ penetration tests using a standard cone and a mini
cone in the same site at close distances have been carried out. In a second step the hypothesis that the effects of the mini – chamber sizes can be considered negligible has been
verified. For this purpose some tests in the mini – CC with the mini – penetrometer using Ticino sand (TS) were performed. There is a huge literature concerning the cone penetration tests (CPT) run in CC on TS samples to which refer the results of tests carried
out in the present research (e.g. Baldi et al. 1986, Jamiolkowski et al. 2000, 2001).
3.1 In situ assessment
Four tests with a standard cone and four tests with a mini – cone were run in Calendasco
(PC – Italy) on dry sandy silts. The tests were performed at close distance from each
other (about 1m). The upper and lower envelopes obtained with the two different cones
are shown in Figure 2. There is very little discrepancy between the results obtained with
the two different cones.
3.2 Laboratory assessment
Penetration tests, using the mini – cone, were run on TS samples reconstituted to a given
relative density (about 50 %) in the mini – CC and consolidated under BC3 conditions
(no lateral strain) under a given vertical pressure (100 ÷ 400 kPa). More specifically the
so – called TS4 (dmin = 13.91 kN/m3; dmax = 17.00 kN/m3) was used for the tests. For
these tests the ratio between the mini - CC diameter and the cone diameter (Dc/dc) is
equal to 19.5.
The results were compared to those obtained in a large CC using the standard cone
under BC1 conditions (constant vertical and horizontal stresses). For these tests Dc/dc =
33.6.
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Figure 2. Comparison between standard CPT and mini cone at Calendasco site of dry sandy silt
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Figure 3 shows typical examples of mini cone tip resistance with depth in the mini CC. In one case the tip resistance attains a constant value, in the other case the tip resistance is continuously increasing. According to a well-established practice, the tip resistance at mid – height of CC was selected as reference value (Garizio 1997).
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Figure 3. Mini cone measurements in mini-CC on Ticino sand at 50% relative density

The correlations given for the TS by Baldi et al. (1986) and Jamiolkowski et al.
(1988) were used for comparison. More specifically the tip resistance in the large CC
with a standard cone was determined according to the following Equation 1:
qc = C0 (’v0)C1e(Dr C2)

(1)

where C0, C1 and C2 are empirical coefficients, respectively equal to 172, 0.51 e 2.73.
The term ’v0 is the applied vertical pressure and Dr is the relative density of the sample
in the mini - CC. The comparison is shown in Figure 4.
There are several reasons to suppose that qc(mini) in the mini – CC must be different
than qc(CC) in the large CC. More specifically:
The Dc/dc ratio is different. For this reason the qc(mini) is expected lower
than qc(CC). Several relationships have been suggested to take into account
this aspect of phenomenon (Mayne & Kulhawy, 1991, Tanizawa, 1992,
Garizio, 1997), but without a shared point of view;
Tests performed with the mini – penetrometer in the mini – CC were run
under BC3 condition. On the contrary the tests in the large CC were run
under BC1 condition which is more representative of the conditions in an
embankment. For this reason we also expect qc(mini) > qc(CC). Unfortunately
there are not enough experimental evidences to quantify this effect;
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-

The large CC has flexible boundaries (i.e. about nil fiction). On the contrary the mini – CC has rigid boundaries and therefore very high friction.
For this reason we expect that qc(mini) < qc(CC).
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Figure 4. Comparison of results obtained with mini cone in mini-CC with equivalent standard
cone in large CC using Equation 1

In the light of the above considerations, it is possible to assume that for the selected
relative density there is a sort of effect compensation of the recalled phenomena within
the pressure interval 100 – 300 kPa, so that qc(CC)/qc(mini) is about equal to 1. It is worthwhile to remark that the indicated interval contains the stress level involved in the real
case discussed in the next paragraph.
4 APPLICATION OF THE METHOD TO A REAL CASE
4.1 Design prescriptions
The main prescriptions for the contractor can be summarised as follows:
a material classified as A4 to A6, according to AASHTO M 145 (1991),
should be used for the embankment construction;
lift of 30 cm of compacted material should be realised;
minimum degree of compaction should correspond to a dry volume weight
not less than 90% of the optimum density, without any specification of
which optimum should be considered (Standard Proctor or Modified Proctor).
It is worthwhile to point out that, as a consequence of an especially wet season with
intense and continuous raining, when the embankment construction was initiated the water table was at the base of the embankment. There was no specific prescription in the
contract, which considered this adverse condition and possible countermeasures.

69

4.2 Soil type and classification
The following tests were performed on several samples of the construction material in
order to control its quality:
Standard Proctor (opt = 15.7 kN/m3; wopt = 12.3 %)
Modified Proctor (opt = 20.6 kN/m3; wopt = 9.6 %)
Grain size distribution (% sand = 40÷60; %silt = 30÷50; %clay = 10÷20)
Index properties (LL ~ 30%; PI ~ 9 %)
4.3 Control of the degree of compaction
The degree of compaction was evaluated in the following way:
-

-

-

Mini cone tests were performed in the lab on specimens reconstituted at
two different densities corresponding to 80 and 90% of the optimum
(Modified Proctor). For each density several specimens were reconsolidated at different vertical pressures. For each density data have been interpolated using the equation qc = C0 (z)C1;
CPT’s with the standard cone were performed in situ at three different locations in the embankment. For this purpose we used a TG63-200
static/dynamic penetrometer by Pagani Geotechnical Equipment (Pagani
2009);
Undisturbed (or partially disturbed) samples were retrieved at the same locations of the in situ CPT’s. More specifically three very shallow block
samples were retrieved. In addition, at two locations a specially devised
sampler (AF shallow coring system) was used (Principe et al. 1997, 2007).
The first sample extended down to a depth of 340 cm. The second only
reached a depth of 90 cm, because of a failure of the equipment.

The AF shallow coring system is a very light equipment (handly transportable) which
enables one to obtain up to 10 m long, continuous and partially disturbed micro-cores.
For the case under consideration 38 mm in diameter cores were retrieved. The penetration of the equipment and elevation of the top of the sample were frequently monitored
in order to account for a sample compaction during coring operations. The core diameter
after extraction was also measured.
Figure 5 shows the in situ CPT profile (at a given location), interpolation curves of
the laboratory mini cone tip resistance, dry unit weight from “undisturbed” samples as a
percentage of the optimum density (Modified Proctor) and end of the embankment.
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Figure 5. Results of in situ tests. Dots are referred to lower axis.

It is possible to observe that the measured laboratory and in situ values of tip resistances are consistent each other considering the in situ determined dry density.
The very low value of tip resistance at the bottom of the embankment is also quite
evident, as expected as a consequence of the very high water content of the first layer,
which probably was higher than 30 cm.
5 CONCLUSIONS
The proposed method was successfully applied as a quick control tool of the density of a
river embankment.
The authors believe that further research is necessary to clearly define the design criteria of river embankments. Probably the construction details and type of soil are more
relevant than the compaction degree.
Anyway, the proposed method seems applicable to any earthwork using fine soils.
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Assessment of LCPC CPT method for bored piles in
Brasilia clay
R.P. Cunha
University of Brasilia, Brasilia, DF, Brazil

W.P. Stewart
BCIT, Burnaby, BC, Canada

ABSTRACT: An extensive testing program has been carried out at the University of
Brasília research site. This site is underlain by unsaturated and collapsible “porous
clay”. Recently five bored piles were loaded to failure at this site. The results have
been evaluated using a CPT empirical load capacity method. The results were compared to the experimental measured data and have indicated that it is feasible to design
floating piles on this particular tropical deposit by using an internationally recognized
interpretation technique of the CPT test. The paper also aimed to evaluate new software developed for this particular purpose (Geo5 pile CPT interpretation module), in
order to verify its capabilities for practical local usage.

1 INTRODUCTION
The pre-designed Brazilian capital Brasília, located in the Federal District of Brazil,
was built to solely house the main Governmental administrative institutions and its
public employees. Nevertheless, the population has increased (and is still expanding)
much more than was initially forecast, advancing through distinct (geological) zones
of this region, and allowing the use of distinct techniques for deep foundation deployment and design.
Given such conditions, one can conclude that foundation and in situ testing are indeed two demanding research (and practical) topics in the Brazilian capital. Besides,
given its distance from the other major Brazilian cities (and its own foundation practice), as well as the particular conditions of the local tropical subsoil, specific local
design solutions must be applied on a daily basis. For instance, initial design solutions were incorporated with the accumulated experience of “outside” engineering
firms gathered during the construction of the city.
On the other hand, more sound and research-based solutions and techniques have
been more recently developed (and studied) with the support of the University of
Brasília “Foundation Group”, composed by Professors, technicians, students and
former students of the Geotechnical Graduation Program from this same university.
This participation is not only concentrated in terms of research, but also in terms of
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services such as fully instrumented pile load tests. The good academy-industry interaction has not only allowed a better knowledge of the existing technologies, but also
stimulated a pioneering use of advanced in situ tests (such as the CPT and the standard penetration test with torque measurement SPTT) in the tropical clay of the city,
in particular via initial studies within the university’s research site.
The paper is therefore another contribution to this line of research and knowledge,
since it contains a brief summary of part of a recently defended D.Sc. Thesis (Mota,
2003), which has focused on the area of foundation design and behavior, and studied
the behaviour of five fully instrumented bored piles in terms of load capacity, settlement and numerical assessment. For this purpose, this research has used the latest
field and laboratory testing information available for the “porous clay” of the experimental site.
2 UNIVERSITY OF BRASÍLIA RESEARCH SITE DETAILS
The Brazilian capital Brasília and its neighboring areas (Federal District) are located
in the Central Plateau of Brazil. This district has a total area of 5814 km2 and is limited in the north by the 1530’ parallel and in the south by the 1603’ parallel. The
University of Brasília (UnB) campus is located within the city of Brasília, portrayed
in Figure 1 by an “airplane” shape like form. The UnB foundation and in situ testing
research site is also marked in this figure.
Within the Federal District extensive areas (more than 80 % of the total area) are
covered by a weathered latosoil of Tertiary-Quaternary age. This latosoil has been
extensively subjected to a laterization process and presents a variable thickness
throughout the District, varying from few centimeters to around 40 meters.

Figure 1 University of Brasilia research site
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In this latosoil there is a predominance of the clay mineral kaolinite, and oxides
and hydroxides of iron and aluminum. The variability of the properties depends on
several factors, such as the topography, the vegetal cover, and the parent rock. In localized points of the Federal District the top latosoil overlays a saprolitic/residual soil
with a strong anisotropic mechanical behavior and high (SPT) penetration resistance,
NSPT, which originated from a weathered, folded and foliated slate, the typical parent
rock of the region.
The superficial latosoil is locally known as the Brasília “porous clay”, forming
a lateritic horizon of low unit weight and high void ratio, and often an extremely high
coefficient of collapse (Cunha et al, 1999). However the soil can vary from clay to
silt and in the upper portion of this site, silty sand. By breaking down the structure
with a deflocculating agent, the grain size curve of this soil changes into a greater
concentration of clay-size particles.
Figure 2 presents the average results of SPT blow counts, and CPT tip resistance and lateral sleeve friction, for each meter along the site. It also contains a simplified profile of the deposit, characterized by a surficial lateritic layer overtopping a
transition zone and a saprolite formed by the native rock of the region.

Yellowish silty clay to clayey silt

Figure 2. Typical soil profile at the research site at UnB
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3 TESTING AT EXPERIMENTAL SITE

3.1 Bored piles
The field load tests were carried out from Feb. 2000 to Oct. 2001 to include both
rainy and dry seasons, as part of a D.Sc. thesis from the University of Brasília (Mota
2003). The piles were mechanically bored, cast-in-place piles, 0.3 m in diameter and
lengths as noted in Table 1.
Each pile was excavated by using a standard mechanical flight auger, which was
introduced into the soil by rotation. The hydraulic mechanical auger was assembled
in the back part of a truck specially devised for this type of work. The soil was successively removed during continuous auger introduction and withdrawal, and, after
the final depth was reached, the auger was withdrawn leaving a freshly excavated
hole. This hole was subsequently filled with concrete poured by using the transport
service of a local concrete company. Each pile was loaded up to near its estimated
geotechnical failure limit.
The layout of the piles and the CPT´s is presented in Figure 3

Figure 3. Plan of experimental site showing test piles (E1-E5) and CPT PROBES
(CP1- CP17).
The instrumentation used strain gauges in all piles. They were connected to a
16 mm diameter smooth surface bar, which was positioned centrally to the foundation’s transversal cross section. The strain gauges were placed at distinct positions

76

along the pile, allowing the knowledge of the load transfer mechanism during the
load test, at different (head) load levels.
Details of the piles, experimental load, maximum settlement, and the estimated
failure loads based on various published methods are given in Table 1. It was concluded by Mota (2003) that the Van der Veen method seemed to give a reasonable
approach to define the failure loads, being both reasonably easy to apply and conservative enough to be used within this region of Brazil.
Pile
E-1
E-2
E-3
E-4
E-5

(m)
0.30
0.30
0.30
0.30
0.30

Pmax max Est. Failure Load (kN)
L(m)
Date
(kN) (mm)
A
B
C
D
7.65 Feb.2000 270 16.10 270
294
300
254
7.25 Aug.2000 300 3.82
360
500
520
310
7.80 Oct.2001 270 4.85
270
322
321
268
7.30 Mar.2001 210 5.72
260
370
370
300
7.85
June
270 8.92
310
416
398
330
2000

Legend:
A = method of Van der Veen (1953); B = method of Chin (1970);
C = method of Décourt (1999); D = method of Mazurkiewicz (1972).
Table 1. Experimental pile results and estimated failure loads.
3.2 Cone penetration results
A Hogentogler cone was used for a series of 17 CPT tests at various locations and at
various times (see Figure 5). The CPT hole closest to each of the piles was selected as
representative for calculating the ultimate pile capacity. The method adopted (and by
the tested software) to estimate pile capacity used only qc and these values next in
Figure 4.
4. RESULTS AND DISCUSSION
The CPT test nearest to each pile was used as the input data, along with the pile type
and geometry. This data was provided to the PILES CPT module of the commercial
program GEO5 (Fine 2007). The program only uses the tip data (qc) and allows four
different methods of analysis. For this paper, only one method will be used and discussed, that is the LCPC method, (Bustamante & Gianeselli, 1982).
For the LCPC method , the program uses the average cone tip resistance as given
by Lunne et al (1997). The original LCPC method used limits on the shaft resistance
(maximum of 15-35 MPa in clay depending on qc). The program uses no limits on the
unit shaft resistance and therefore is a modified version of the LCPC method An Excel calculation was done for one pile and it was found that the shaft resistance increased about 24% when the limits are ignored. Nevertheless, the pile capacities were
closer to the measured values when the limits are ignored and these capacities were
used. Fellenius (2009) indicates that it is common for users to either remove the limits or to adjust them.
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Figure 4. CPT records used to analyze piles using Geo5 program.
Figure 5 presents a picture of the 100 kN mobile hydraulic rig adopted for the CPT
tests at the site.

Figure 5. CPT rig used at the UnB site.
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The output from the program is summarized in Table 2, which presents the pile
characteristics and their maximum load and the forecasts given by the extrapolation
method (Van der Veen, VDV) and by the modified LCPC method. Table 2 also
presents the percentage of the relationship between calculated to reference values, respectively for both maximum and VDV reference loads.
Some major points can be noted:
 As already observed before by Mota (2003), the Van der Veen method yields reasonable value of failure loads, equal to or slightly above the maximum measured
capacity at each pile load test;
 By adopting the maximum load as the failure criteria, for instance, one concludes
that the modified LCPC method provides a close relationship between forecast and
experimental results. By averaging all the results, it is noticed that the modified
LCPC method yields an average estimated value around 90 % of the experimental
average one;
 By adopting the VDV load as the failure criteria, instead of the maximum load, the
average percentages will slightly decrease, towards the safe, conservative, side.
Nevertheless, the modified LCPC method will continue to give reasonable estimates to be used in practice, allowing economical and safe estimates.
Pmax
Pile L(m) (kN)
E1 7.65 270
E2 7.25 300
E3
7.8
270
E4
7.3
210
E5 7.85 270

Van der
Veen (kN)
270
360
270
260
270

LCPC
%
(kN)
Pmax
234
91%
219
77%
197
77%
203
106%
267
102%

%
VDV
91%
64%
77%
86%
102%

Table 2. Results of LCPC Analyses from Geo5 Pile CPT program.
5. CONCLUSIONS
The results of the modified LCPC analyses from the Geo5 pile CPT program gave
reasonable results compared to both the maximum experimental load and the estimated failure loads using the Van der Veen method. The Geo5 pile CPT program
seems to hold promise for local usage in pile design, but it adopts a distinct approach
from the original authors of the LCPC method. This point needs further discussion in
the future, as it seems that, without the limitations put forward by the original method, better results (and less conservative ones) are obtained.
Although limited in number, types of foundation, and geographic area, these results
provide a trend that can be readily adopted in preliminary analyses of foundation design of floating mechanically excavated piles founded in the typical Brasília porous
clay.
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CPT in glacial soils after deep excavation
T. Liao & K.R. Bell
Bechtel Power Corporation, Frederick, MD, USA
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ABSTRACT: A 35-m high bluff along the shoreline of Lake Michigan was cut for
construction of a large energy facility. Following the excavation, cone penetration
tests (CPT) were performed in both the excavated area, as well as in the shoreline
area between the bluff and the lake. For the underlying glacial soils in the excavated
area, empirical correlations were applied to the CPT measurements to estimate the
preconsolidation pressure, which is then compared with the calculated overburden
pressure before excavation. In the glacial soil deposits, the CPT tests were found especially helpful in detecting seams of geomaterial that may be missed by other tests.
1 INTRODUCTION
A large energy facility was constructed along the shoreline of Lake Michigan in the
State of Wisconsin. Before construction, this site was a steep bluff close to the shoreline of the lake, as shown in Figure 1a. The base of the bluff is at an elevation of
about 180 m above mean sea level (MSL). The topography of the plateau is relatively
flat to rolling with elevations generally ranging from about 210 m to 220 m above
MSL. In order to utilize the lake water, the energy facility needed to be placed near
the water level in the lake. Therefore, in an area of about 550 m x 350 m, approximately 35 m of the bluff was cut during construction to achieve the final grade close
to the bluff base level at the site. Presented in Figure 1b is an aerial photo of the excavated area during construction.
Although the excavated area would accommodate most of the structures for the energy facility, some structures, including the chimney, would be erected near the shore
in an area between the lake and the excavated area (Figure 1). The topography of the
shoreline area is relatively flat with elevations generally ranging around 180 m above
mean sea level (MSL).
Above bedrock, this site consists of vast quantities of glacial material due to multiple
glacial incursions in the area. These glacial deposits are typically either well sorted
water-laid deposits such as sand and gravel or poorly sorted ice-laid till deposits con-
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sisting of clay, silt, sand, gravel and boulders (Olcott, 1992). Since glacial soil deposits usually contain inter-bedded layers of fine and coarse grained materials, the cone
penetration tests (CPT) can be especially helpful in providing a continuous soil profile and detecting seams of geomaterials that may be missed by other tests.

(a)
(b)
Figure 1. Construction site along the shoreline of Lake Michigan: (a) before excavation; (b) during
construction.

2 EXCAVATED AREA
Subsurface investigation was performed in this area following a substantial amount of
excavation to lower the ground surface to the proposed final grade elevation. The
subsurface investigation consisted of cone penetration tests (CPT), standard penetration tests (SPT), suspension P-S velocity logging, and laboratory tests on selected soil
samples. The groundwater table is at the ground surface after excavation.
2.1 Test Results
Presented in Figure 2 are the typical results from a CPT sounding performed in the
excavated area. In the depth range from 1.5 m to 5 m, the tip resistance qT and sleeve
friction fs are relatively high, and the measured porewater pressure u2 is close to static
water pressure u0, indicating a quite clean sand layer. Although fluctuating CPT measurements were observed in the depth range from 5 m to 15 m, it can be seen that
most of the soils are clay with seams of sandy material, based on the readings of qT
and u2. Below 15 m in depth, two clay layers can be delineated with their boundary at
about 20.4 m in depth. The unusually high qT and u2 measurement in the lower clay
layer suggests it is very hard clay.
Figure 3 presents the blow counts N60 of four SPT borings performed within a distance of 50 m from the CPT sounding, along with selected lab test results (i.e., Atterberg Limits and fines content) for the soil samples from the excavated area. Based on
the collected soil samples, most of the soils above 4 m in depth are sand, which is underlain by thick deposit of clay. The sand layer has SPT N-value around 15 and fines
content around 10%. In the clay layer, the fines content is about 90%, and its SPT Nvalue generally increases with depth. The water content of the clay samples ranges
from 10% to 20%, which is approximately in the same range of their plastic limit.
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The liquid limit for the clay sample is in the range between 20% and 35%. Based on
the unified soil classification system (USCS), the clay at this site can be classified as
CL (Inorganic clays of low to medium plasticity).
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Figure 2. Typical CPT results in excavated area
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Figure 3. Other test results in excavated area

Figure 3 also shows the shear wave velocity Vs measured in the excavated area by
both downhole P-S logging and a seismic cone penetration test (SCPT). Measurements from the two tests agree well except in the depth range from 10 m to 17 m. The
significantly higher value of Vs at depth 23.5 m confirms the existence of a very hard
clay layer interpreted from the CPT sounding shown in Figure 2.
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2.2 Correlation Between CPT and SPT
The SPT N60-value can be estimated from the CPT tip resistance using empirical correlations. The ratio of CPT tip resistance qT and SPT N-value can be expressed as a
function of the mean grain size D50 (Kulhawy & Mayne, 1990):
(qT / p a ) / N 60  5.44 D50
(1)
where pa is atmospheric pressure, qT and pa have the same units, and D50 is in mm.
0.26

Based on lab test results on the collected soil samples, the sand and clay soils from
different depth are similar in terms of grain size distribution, with the average mean
grain size D50 for the sand and clay soils being 0.2 mm and 0.006 mm, respectively.
Thus, the CPT tip resistance qT can be correlated from N60 using equation (1), as
shown in Figure 4a. Comparison shows that the correlated qT is quite consistent with
the measured value in the clay layers, but they appear to be lower than the measured
value in the depth range in the top 7 m, which primarily consists of sand.
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Figure 4. Presentation of empirical correlations based on CPT results in the excavated area: (a) Comparison of measured and correlated CPT tip resistance; (b) Soil type index; (c) Comparison of measured and correlated SPT N-value.

The SPT N60 value can also be estimated from CPT tip resistance using the following
correlation suggested by Jefferies & Davies (1993):
qT / N 60  0.85(1  I c / 4.75)
(2)
where qT is in MPa, and Ic is the soil behavior type index which can be derived from
the CPT measurements (Jefferies & Davies, 1993). The Ic values computed from the
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typical CPT sounding (Figure 2) are shown in Figure 4. The Ic value is generally in
the range from 2 to 2.2 in the top sand layer. In the depth range from 5 m to 15 m, the
Ic value fluctuates with an approximate average of 2.5. The clay layers below depth
of 15 m have an Ic value between 2.6 and 3.0. The Ic value for the soil layers are consistent with those suggested by Jefferies & Davies (1993) for different soil types.
With the Ic value, the SPT N-value can be correlated from the measured qT as shown
in Figure 4c. The correlated N60 value agrees well with the measured value in the top
sand layer. However, in the clay layers below depth 5 m, the correlated N60 value
seems to be considerably lower than the measured values.
2.3 Preconsolidation Stress
The excavation at this site significantly changed the overburden stress of the underlying soils, which provides an opportunity to evaluate the various correlations to estimate the preconsolidation stress p’. Methods of estimating p’ in clay from CPT
measurements have been presented by a number of researchers (e.g., Schmertmann,
1978; Robertson, 1990). Some of the recently proposed methods are as follows (Demers & Leroueil, 2002; Chen & Mayne, 1996; Mayne, 2005):
 p '  0.33(qT   v 0 )
(3)

 p '  0.40(u 2  u 0 )

(4)

 p '  0.60(qT  u 2 )

(5)

The p’ derived from the different expressions is separately plotted versus depth in
Figure 5a, b, and c, and are compared with the removed overburden stress after excavation. It can be seen that the p’ values estimated using the three expressions all deviate from the calculated overburden stress to some extent. One possible reason is
that the onsite soils consist of fissured clay, which the three expressions are known
not to apply to. In addition, the soil might have experienced unknown stress history,
besides the overburden removal during excavation.
The overconsolidation ratio for sand can be estimated from the following expression
(Mayne, 2005):
(

1

)

 0.192(qT /  atm ) 0.22  sin  '0.27
OCR  
(6)
0.31 
 (1  sin  ' )( v 0 ' /  atm ) 
Where ’ is the effective stress friction angle of the sand, and atm is atmosphere
pressure. Taking ’ = 40o, Figure 5d shows overconsolidaton pressure derived using
the above expression. As can be seen, the estimated p’ agrees well with the removed
overburden pressure.
Mayne (2005) also suggested evaluating p’ from small-strain stiffness G0:
 p '  0.101 atm 0.102 G0 0.478 v 0 ' 0.420
(7)
Assuming the unit weight  = 17.5 kN/m3 for onsite soil, G0 can be derived from the
shear wave velocity Vs measured by P-S logging (i.e., G0 = (/g) Vs2). The p’ estimated from above expression is compared with the removed overburden pressure in
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Figure 5e. Except in the top 3 m, the difference between estimated p’ and v0’ is less
than 0.5p’.
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Figure 5. Evaluation of preconsolidation pressure of soils in the excavated area: (a) Clay - Equation 3;
(b) Clay - Equation 4; (c) Clay - Equation 5; (d) Sand - Equation 6; (e) Mixed soils - Equation 7.

3 SHORELINE AREA
Figure 6 shows a typical CPT sounding performed on the shoreline area, which lies
between the lake and the excavated area. From the CPT measurements, the soil profile can be derived, with a top sand layer of 4.8 m in thickness overlying a clay layer
of about 8 m in thickness. It was found from the CPT tip resistance qT that this clay
layer varied in consistency from relatively soft in the top to hard below depth of 6 m.
This clay layer was followed by a sand layer of about 2 m in thickness, and then underlain by a stiff clay layer.
Similar to the CPT sounding performed in the excavated area, the blow counts N60 of
3 SPT borings performed nearby are compared with the CPT tip resistance through
correlations, as shown in Figure 7. The correlation proposed by Kulhawy & Mayne
(1990) seems to give a better predication than that by Jefferies & Davies (1993). The
soil type index Ic value in the clay layers is consistently around 2.5 in most of the
depth range. The Ic value in the sand layers fluctuates, but is generally less than 2.0.
The Ic appears to be an excellent index to distinguish sand from clay at this site.
A 185-m tall chimney was planned to be built on the shoreline area (Figure 1b). From
the CPT measurements presented in Figure 6, there is a weak zone in the depth range
from 5 m to 7 m, which requires ground improvement to achieve relatively high bearing capacity and reduce predicted settlements to less than 2.5 cm. However, the SPT
N-values shown in Figure 7c missed such a soft zone. Jet-grouting was later used for
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ground improvement for the chimney foundation. Post-grouting settlement measurements taken during construction of the chimney showed that the improved bearing
capacity had reached expected range and that the settlement was within the acceptable range.
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Figure 7. Presentation of empirical correlations based on CPT results in the shoreline area: (a) Comparison of measured and correlated CPT tip resistance; (b) Soil type index; (c) Comparison of measured and correlated SPT N-value.
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4 CONCLUSIONS
For construction of a large energy facility, a 35-m high steep bluff was cut close to
the shoreline of Lake Michigan. Following the excavation, CPT tests were performed
in the excavated area, as well as in the shoreline area on the lake beach.
The change of overburden stress due to excavation provides an opportunity to evaluate various empirical correlations to estimate preconsolidation stress from CPT
measurements. It was found that for sand the estimated preconsolidation pressure
agrees well with the overburden stress before excavation. For clay soils, data scattering exists for all the correlation expressions, possibly due to fissures in clay or unknown stress history.
Because CPT tests can provide a continuous soil profile, it is very helpful in detecting
inter-bedded layers of geomaterials. This is evident by the CPT tests performed in the
shoreline area. The CPT measurements detected a weak zone of 1 m in thickness,
which was missed by the other tests.
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Characterization of postglacial clay for the design of
building foundations
W. Steiner
B+S AG, Bern, Switzerland

ABSTRACT: Postglacial clay, for two sites at 800 m distance, in a glacial basin in
central Switzerland was characterized using in-situ and laboratory tests. CPT-U tests
reached down to 25 m depth and a boring with DMT tests reached 40 m deep. The
conversion factor Nk for estimating Su from tip resistance qc was calibrated on the
undrained shear strength obtained with measurements from the flat Dilatometer
DMT. Preconsolidation stresses estimated from CPT-U tests indicated 100 kPa, from
incremental oedometer tests 60 kPa, whereas from CRS (Constant Rate of Stress) 200
kPa.
In the first site the average foundation load on the surface is about 40 kPa, the detailed site investigating allowed a raft foundation at the ground surface. The second
site involves an excavation where the net load is smaller. The savings of the pile
foundation amounts to forty times the cost of the site investigation.

1 INTRODUCTION
Various phases of glaciations have left complex surface conditions in Switzerland.
Moraines and fluvioglacial deposits form generally good foundation areas. However,
glaciolacustrine deposits left by the retreating glaciers behind terminal moraines poses substantially more difficult ground conditions for infrastructure and building construction. The denser urbanization requires building in such zones. Cost for foundations, deep excavations and basements may form a substantial part of the total
construction costs. Reliable ground investigations with good characterization of soil
properties are necessary to control the works technically and economically. Over the
past several decades the author has applied new and improved techniques (Steiner et.
al. 1992; Steiner, 1994; Steiner et al. 1998) and made good experience with CPT and
DMT tests combined with laboratory tests.
The zones of glacial and postglacial may extend only over few decameters or in
some zones over several kilometers and cover several square kilometers. Often such
clay deposits may be covered; by fluvioglacial deposits of a few meters thickness or
layers of organic soils (paleo-soil, peat or boglime). Two recent case histories located
800 m from each other in a large zone of glacial clay are presented.
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2 GEOLOGIC CONDITIONS AND CONSTRUCTION
2.1 General geologic conditions
The two cases are located about 8 kilometers (5 miles) south of the city center of
Bern, Capital of Switzerland, inside a former flood plain three kilometers wide and
several kilometers long. The shorter Gürbe valley joins the principal Aare valley,
both valleys are divided to the south by a 300 m high mountain ridge; formed by
horizontally bedded tertiary sedimentary rock. Below the valleys bedrock was encountered in a several sufficiently deep borings only in two to three hundred meters
depth. Up to forty meters depth the over-deepened valleys are mainly filled by fluvoglacial deposits and moraine and are thus not sensitive to settlements. In zones where
the glacier had stopped or re-advanced during the ice age, terminal moraines may
reach to the ground surface. Historically such zones with moraines had been used to
build villages and roads. Today infrastructure projects and new industrial areas are
located in zones with poorer ground. The poorer ground is covered in this area with
several meters of gravel deposits from the Aare River. The groundwater table is on
average about 1.5 meters below the surface, but during spring time flooding may occur in some areas.
2.2 Planned and built construction
The first site is located in the industrial zone, which has already buildings of different construction; some have one or two basements, thus leading to a compensation of
surcharge load. In case of a single basement and several above ground floors a waterproof basement is the chosen solution, for two basements uplift may become a
problem. Many of the at-ground level buildings were founded on driven or micropiles. The planned building consist of two parts, the production hall some 30 m wide
and 60 m long joined by a 15m long office part with at first two stories and the possibility of adding later a third story. The loads are in the order of 40 kPa evenly distributed. The site investigation included a core boring drilled to 40 m with DMT tests
at four different depths and two undisturbed sample taken with an Osterberg sampler,
and three CPT-U tests to 25 m depth. In the overlying 4m thick gravel pre-drilling
and backfilling with sand was necessary for the execution of the penetration tests in
the underlying clay.
The second site is a replacement structure for a wastewater treatment plant, built in
the 1960, which will be closed and the sewer system will be linked with a pumping
station to the wastewater treatment plant of the city of Bern. The existing plant was
built without piles and had performed well. However, during planning in a geologic
report, based only on a single boring with two SPT tests, the statement was made that
piles would be required. The new pump station and the storage basins are a 5m interior deep, 12 meter wide and 30 meter long, covered concrete structure. Based on the
experience from the first site the author proposed a site investigation with in-situ
(CPT-U and DMT) tests. The site investigations included a 15 m deep boring, where
two samples with Osterberg sampler were taken and two series of DMT tests over
1.8 m with readings every 20 centimeters were carried out. Two CPTU tests to 25 m
with 7 m pre-boring were carried out. In addition the report for the site investigation
of the initial treatment plant appeared (Zeindler, 1966).
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3 CHARACTERIZATION OF THE SOIL
3.1 Borings, in-situ tests and samples
The main objective of both site investigations was to characterize the geotechnical
properties of the clay, in particular the deformation characteristics and the preconsolidation stresses and the undrained shear strength with depth for the possibility
of design of piles. The results and interpretation will be described together, as this
will allow to compare the results from the in-situ and laboratory tests and to draw
conclusions. The tests carried out and the samples taken are shown on Table 1.
The flat dilatometer test (DMT) have been carried out every 20 cm over nearly
two meters depth, below the borehole as can be seen on Figures 3 and 4.
Table
1. Types of tests carried out
_______________________________________________________________________
Type of test RB1-1 CPTU-1-1 CPTU 1-2 CPTU 1-3 RB 2-1 CPT 2-1 CPT 2-2
m
m
m
m
m
m
m
_______________________________________________________________________
Begin
0
5
5
5
0
7.5
7.5
End
Depth
40
25
25
25
15
25
25
_______________________________________________________________________
DMT 1
16.2-18.0
8.2-10.0
DMT 2
21.2-23.0
12.2-14.0
DMT 3
28.2-30.0
DMT
4
36.2–37.4
_______________________________________________________________________
Osterberg
19.3-19.6
10.5-11.0
Sample
25.3-26.7
14.4–15.0
_______________________________________________________________________

3.2 Results of laboratory tests
For each undisturbed sample a consolidation test and classification tests were carried out. The classification tests presented in Table 2 indicate that the lean clay
(CM) is similar to other glacial clays.
Table
2: Results of laboratory classification tests on samples
_________________________________________________________________________________
Clay
Dry
Water
Liquid Plastic Plastic
Content Limit Limit Index Liq. Cont Akt.
Density Density
Class
_________________________________________________________________________________
Symbol
ρ
ρd
w
LL
PL
PI
LI
q
A
USCS
Units
t/m3
t/m3
%
%
%
%
-%
-_________________________________________________________________________________
RB1- 1
1.93
1.44
34
RB1 - 2
1.94
1.48
31.5
37.6
22.1
15.4 .607 52.5 0.293
CM
RB1 - 3
1.91
1.44
33.3
38.4
21.4
16.9
0.7 56.8 0.298
CM
RB1 - 4
1.92
1.47
31.1
40.4
21.4
19
0.51 ---CM
B4-1
1.966
1.522
29.2
32.7
18.5
14.2 0.79 47
0.302
CM
B4-2
1.945
1.486
30.9
31.6
17
14.6 .952 48
0.304
CM
__________________________________________________________________________________

The deformation parameters determined from laboratory tests are shown in Table 3.
The preloading stresses are shown on Figures 1 and 2. For site 1 (Figure 1) two consolidation tests were carried out with standard 24 hours load increments, the estimated preconsolidation stresses over vertical stress are 58 and 81 kPa only in comparison a constant-rate-of-strain oedometer gave a difference of 206 kPa. For the
second site (Figure 2) stress increments were applied after t100 + one hour which correspond to a stress increment of about 2 hours.
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Table
3: Data of compressibility from consolidation tests
__________________________________________________________________
Void
Initial
Coefficient of
Ratio
Reloading Unloading Loading
consolidation
Symbol
e0
Cr
Cru
Cc
cv
2
Units
m
/s
_________________________________________________________________
RB1 - 2
0.851
0.012
0.039
0.322
RB1 - 3
0.902
0.009
0.046
0.375
B2-1
0.82
0.073
0.045
0.25
8-12 x 10-7
B2-2
0.78
0.072
0.045
0.225
7-1.1 10-7
Design
0.90
0.034
0.034
0.285
_________________________________________________________________

Figure 1. Preconsolidation stresses evaluated from CPT tests and from laboratory consolidation tests
for site 1.
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Figure 2. Preconsolidation stresses evaluated for CPT, DMT and consolidation test for site 2
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Figure 3. Undrained shear strength obtained from DMT and CPT with Nk= 11 calibrated on DMT for
site 1
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Figure 4: Undrained shear strength for site 2 obtained from DMT and CPTU with factor Nk= 11 for
CPTU calibrated on DMT and compared to undrained shear strength obtained from field vanes during
the site investigation in1966 for existing plant.
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The resulting difference of pre-consolidation stress to overburden stress is 124 to 147
kPa which is closer to those obtained from in-situ tests. Longer load increments lead
to a lower preconsolidation stress (Ladd, 1977 &1990; Steiner et al. 1992).
3.3 Evaluation of preconsolidation stresses and undrained shear strength
For the two sites a reliable knowledge of preconsolidation stresses and undrained
shear strength is important. The data for the DMT and CPTU were evaluated with
the software available for instruments, commercially available software (CPeT-IT)
and further elaborated with spreadsheets and graphing programs.
The evaluated preconsolidation (Figs.1 and 2) are substantial above 15 m depth
and agree for both sites. The preconsolidation stresses based on the DMT-Method
(Fig. 2) tend to overestimate the true preconsolidation stresses.
Undrained shear strengths are presented in Figure 3 for site 1 and Figure 4 for site
2. The factor Nk to compute Su from tip resistance qc was calibrated on the Su values
determined by DMT, for both sites Nk =11 was estimated. At site 1 the boring
reached 40 m deep and the undrained strength measured with DMT indicates an increase with depth and a larger overconsolidation below 25 m depth, this may be due
to a temporary advance of the glacier. For site 2 (Fig. 4) the data from field shear
vanes determined in 1966 are shown, they underestimate the shear strength. From
DMT measurements (Figs. 3 and 4) one has to conclude that soil will be disturbed to
a substantial depth (nearly one meter), DMT measurements must therefore proceed
sufficiently (2 to 3 m) deep below the bottom of the boring.
4 CONCLUSIONS
The site investigations with a combination of in-situ and laboratory tests allowed a
reliable characterization of soft ground for building construction. The clay layer has
an over-consolidation pressure of 100 kPa and with a load of 40 kPa the raft is thus
loading the ground in the over-consolidated range. For site 1 a raft foundation
founded on the gravel layer has been proposed. Driven piles would terminate in similar quality clay as close to the surface. For the second site construction of the concrete structure is completed and has performed satisfactorily.
The costs of the site investigation amount to about 1/40th (2-3 %) of the piles.
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Pile Capacity Prediction using CPT - Case History
G. Togliani
Geological-Geotechnical Consulting, Massagno, Switzerland

ABSTRACT: The behavior of tapered precast centrifuged concrete piles, used for a
small piled raft, that penetrate lacustrine (often organic) soils to end into dense alluvial sandy gravelly soils, has been investigated. The predicted capacity, derived directly
from qc and fs values (CPT), has been checked at first by the Gates formula combined
with the Svinkin & Skov solution to quantify the set-up improvement and subsequently with a Static Loading Test, obtaining concordant and reliable results.
1 INRODUCTION
Generally the Author’s task is to choose on the base of the available data (often
alone CPT or DPSH), the type, the characteristics and the dimensions of the precast
centrifuged concrete piles best suited to the particular deep foundations.
This preliminary design serves to prepare an offer and then, if the job is acquired,
the consultant is often engaged to verify if the predicted pile capacities are in agreement with the in situ observations (almost always penetration logs, rarely PDA and
exceptionally Static Loading Tests).
Over the years the Author working at first with LCPC [Bustamante et al.,1982
(shaft and toe resistance)] and Gambini [Gambini, 1990 (taper resistance)] formulas,
has developed a method, using directly the CPT results, to predict the capacity of driven displacement piles adapting it, subsequently, also to small displacement, bored
and CFA piles (Togliani, 2008).
2 SOIL CONDITIONS
In the locality of Terranegra (Legnago, Italy), the soil is initially formed of a sandy
gravelly cover followed by a soft lacustrine deposit (clayey sandy silt sometimes with
organic lenses) and, at a depth of 17 m, by a dense alluvial deposit (sand, gravelly
sand).The site investigation consisted of two mechanical CPT with essentially similar
results.The geotechnical characteristics of the crossed soils are based on the worst
(CPT2) penetration resistances, represented in Figure 1 below.
The pile installation was carried out in a 5.5 deep excavation protected by sheet
pile and by dewatering the initial 2.5 m deep groundwater table.

97

qc (MPa)
0

4

8

12

fs (kPa)
16

0

Depth (m)

2

0

20

GWT

200

300

400

2
Excavation

4

4

6

6

8
10

100

0

8
Assumed qc

Assumed fs

10

12

12

14

14

16

16

18

18

20

20

Figure 1. CPT2 Histograms

The qc and fs schematizations (red line) have been necessary because the excavation has modified the overburden pressure and therefore the CPT results, that exactly
depend on overburden stress, must be realigned to the new condition.
The decrease of the “qc mean” has been valued around 30% while that of the fs
twice over, considering that the mechanical friction jack measures, at the connection
with the cone, also a part of the base resistance (qc) and for this reasons is often much
larger than fs derived by an electrical cone (Lo Presti et al., 2009; Togliani & Beatrizotti, 2004).
3 PILES DESIGN
For the planned small piled raft (8m x 22m), the required pile service load was <
300 kN. Considering that the selected tapered precast centrifuged concrete piles cannot penetrate without damages more than 1-1.5 meter in the dense alluvial deposit
and that the intermediate length between 12 and 14 meters is not standard, it has been
verified, first, that the capacity of the pile of shorter length is sufficient employing the
method explained below (Togliani,2008), especially referred to these displacement
piles.
3.1 Shaft Resistance (RS)
Rf = (fs/qc)100<1 RS= (dmean l) qc0.5{1.2[0.8+(Rf/8)]}
(1)
Rf > 2
RS =(dmean l) qc0.5[1.1[0.4+LN(Rf)]
(2)
0.5
1 < Rf < 2
RS =(dmean l) qc {1.2[0.8+(Rf/8)]+1.1[0.4+LN(Rf)]}/2 (3)
3.2 Taper Resistance (RC)
qc < 3 MPa
qc > 3MPa

RC= 0.785 (dsup2-dinf2)1.2 qc (dmean/dbase)
RC= 0.785 (dsup2-dinf2) qc (dmean/dbase)
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(4)
(5)

3.3 Toe Resistance (RT ; qc as the mean of the values between+8d and -4d)
qc < 15 MPa

RT=0.785 dbase2qc[0.2+(0.01 Lpile/dbase)]

(6)

The obtained result is summarized in Table 1 (Tab.1)
Table 1. Pile Length 12 m : Capacity at s/b=10% (RL)
Depth Pile Length qc
(m)

(m)

5.5
6.0
7.5
10.5
12.5
14.5
17.0
17.5

0.0
0.5
2.0
5.0
7.0
9.0
11.5
12.0

fs

(kPa) (kPa)

550
1000
1000
1000
1000
6000

16
20
20
20
20
50

 Pile Shaft Taper Toe RL

Rf

fp

(%)

(kPa)

(m)

(kN)

39
38
38
38
38
84

0.420
0.413
0.390
0.345
0.315
0.285
0.248
0.240

0
73
132
79
72
79
32

3.0
2.0
2.0
2.0
2.0
0.8

(kN) (kN) (kN)

0
16
48
26
21
21
17

0
88
268
372
465
565
116 731

Seeing that the proportions among the different resistances (RShaft = 465 kN, RTaper =
149 kN and RToe=116 kN) clearly advantages RShaft, that being RShaft slightly more
than 1.5 time the requested service load (QService =300 kN) correspondingly will have
small settlements and, finally, that RAllowable is larger than QService (RShaft/2 + RTaper / 2.5
+ RToe /3=331 kN), the pile of 12 m length was chosen and with this suggestion the
job was acquired. The above safe factors were selected as depending on the different
settlements that mobilize the shaft, taper and toe resistance.
4 PILE PENETRATION LOG
Using a Delmag D16-32, the first driven pile has given these results (Fig.2):

Figure 2. Penetration Log and Pile Sketch
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5 PILE CAPACITY PREDICTION INCLUDING SET-UP
The Chief Project Engineer was not satisfied with the result of the penetration test
and the March 4 2009 asked for a quick evaluation of the same.
The Author with the help of the Gates formula (WSDOT, 1998) for the calculation of RU (failure resistance) and of Svinkin & Skov solution (Svinkin & Skov,
2002), experimented in the past as able to evaluate the set-up capacity, two days later
sent the prediction on the future behaviour of the pile showed in Figure 3 [respectively 10, 40 and 100 days after the End of Initial Driving (EOID)], having assumed
that the hammer transferred energy was equal to the nominal mean energy penalized
by an efficiency factor of 0.35 as, on the other hand, written in the same Figure 3.
In detail the used formulas are:
5.1 Ultimate Resistance [Gates; TE (ft-kips), s (inch)]:
RU=27*[(TE)0.5]*(1-LOG s) where TE=Transferred Energy; s=set per blow (7)
5.2 Set-up Capacity (Svinkin and Skov):
RU(t)/RU(EOID)-1=B*[LOG(t)+1]

(8)

Other more recent methods (i.e. Bullock et al., 2005 ) were also examined but not
implemented, at least in this phase, for the difficulty in the evaluation of the set-up
dimensionless factor A, as no information on soil plasticity was available.
1400
Delmag D16-32 [TE=(29.14*0.35) ft- kips]
Tapered Precast Concrete Pile: 12m/0.42-0.24m
[Driven (EOID) 29-02-09; Restrike(RSTR): 02-03-09]
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Figure 3. Pile Capacities Prediction
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6 STATIC LOADING TEST (SLT)
The Chief Project Engineer was not yet convinced and March 18 2009 a Static
Loading Test (up to 1.5 time QService) on a different pile driven 13 days before with
the same EOID final refusal of the preceding analysed pile, was carried out.
The measured load-movement curve is illustrated in the graph below (Fig.4).
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Figure 4. Pile Load-Settlement Curve

7 LOAD-SETTLEMENT CURVE
The test was considered satisfactory but a further comment has been equally asked
to link the obtained results to the preceding predictions. To establish the connection is
first necessary that the curve above is “extrapolated” to the ultimate resistance (RU).
This can be done, in example, using the elastic continuum method presented by
Randolph & Wroth (1978-79) and Poulos (1989), as described in Mayne & Schneider
(2001), to evaluate the vertical axial pile movements. To apply this method it is necessary to know the maximum elastic soils moduli that can be deduced by qc and fs
values employing, in order, the following equations:
7.1 Shear waves velocity (Vs m/s)
Vs= 1.75 qc0.627
Vs= (10.1 LOG qc-11.4)1.67Rf0.3
Vs = 118.8LN(fs)+18.5

(Mayne & Rix,1995)
(Mayne & Hegazy,1995)
(Mayne, 2006b)

(9)
(10)
(11)

7.2 Shear Modulus (G0 )
G0=Vs2

(12)

7.3 Elastic Modulus (E0 )
E0 =[2(1+ )G0]

where=0.2
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(13)

The choice of the Mayne & Rix formula to obtain the wave shear velocity in the
lacustrine deposit (Vs=133 m/sec) and the average result derived by the others two
formulas for the alluvial deposit (Vs=312 m/sec), has allowed the practically perfect
overlap between the measured and the predicted Load-Movement Curves, as demonstrated by the following Figure (Fig.5).
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Figure 5. Measured-Predicted Load-Movement Curves

Using the chosen reference failure load (RU= 607 kN) and the limit resistance
(RL=562 kN at s/d=10%) as results of a restrike procedure, it has been finally possible to obtain other RU and RL values at 100 days after EOID, considered as the long
term capacities of the tested pile.
Assuming a dimensionless coefficient A=0.4, since A varies from 0.2 for sand to
0.6 for clay and applying then the Bullock et al. solution (2005), it has been possible
to also compare other deduced long term set-up pile capacities to the preceding ones
(Fig. 6).
The reference equation and the related results are specified below:
7.4 Long Term Capacities ( RL, RU )
Rt=RREF [1+ALOG(t/tREF)]

Bullock et al., 2005

(14)

RL=562[1+0.4LOG(100/13)]=761 kN
RU=607[1+0.4LOG(100/13)]=822 kN
8 PILE CAPACITIES COMPARISON
The next semi-logarithmic graph clearly highlights both the increase of the pile resistances with the time, function of the excess pore pressure dissipation developed
during the pile driving and the pretty near pile capacities obtained with the different
methods above proposed and summarily explained.
It is also to note that the numeration of the graph’s labels follows the sequence of
the done predictions and the intermediate tests.
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Figure 6. Pile Capacities

9 CONCLUSIONS
The examined case history has demonstrated that:
A critical analysis of the CPT results is essential to select the right qc and fs values;
With this “virtuous” choice the method by Togliani (2008) produces realistic pile
capacity predictions;
The generally very stigmatized and questionable dynamic formulas are, for the
small job, the only economic possibility to verify the predicted pile capacity and give,
using Gates with a proper choice of the transferred energy, also reliable results;
The set-up capacity can be correctly predicted with the Svinkin & Skov (2002) solution and, in second order, with the Bullock et al. method (2005);
Reasonable values of the shear wave velocity and consequently of the shear soils
moduli can be derived from CPT results;
Reliable Load-Movement Curves can be deduced by the elastic continuum method
as described in Mayne & Schneider (2001);
Combining all the cited methods or solutions, it has been possible to derive consistent and realistic pile capacity predictions [i.e. the approximation between the measured and the predicted ultimate resistances (RU) at 13 days after EOID is only off by
12% and considered excellent since the restrike (RSTR) value of a different pile had
been used; still, the approximation of the limit resistances at 100 days (RL) deviates
by + 4-5 % from the mean value while for the ultimate resistances (RU) the deviation
is + 6-7 %].
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Uncertainty-Based Optimization of Site Characterization
Using CPT
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University of Macau, Macau, China
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Sun Yat-Sen University, Guangdong, China

ABSTRACT: In the light of complexities and difficulties involved in geotechnical
site characterization, an uncertainty-based methodology based on a large number of
CPT records for optimizing CPT site characterization is proposed. In this paper, the
main features of the Uncertainty-Based Optimization of CPT site characterization are
discussed and an example for planning an optimum site characterization programme
for foundation design is demonstrated.
1 INTRODUCTION
One of the major difficulties involved in CPT site characterization is associated with the
determination of the appropriate amount and extent of works such as the layer depth, the
vertical testing interval and the spacing of soundings. Traditional procedures for CPT
site characterization vary with the geological conditions and general procedures of the
company involved. Borings or soundings are generally taken at locations of heavily
loaded structures and location of difficult soil conditions. The amount and extent of
works are generally selected based on engineering experience and the benefits obtained
from the characterization are usually not quantified (Hvorslev 1949, Weltman & Head
1983). Therefore, the traditional site characterization program is frequently ineffective.
More specifically, there are difficulties in the interpretation of observations and measurements derived from site characterization. These shortcomings may be attributed due
to the lack of mechanisms for proper accounting for the uncertainties involved in the site
characterization process. Numerous researchers have studied the effects of uncertainties
involved in the geotechnical analysis and design. (Vanmarcke 1983; Jaksa et al. 2004;
Phoon & Kulhawy 1999; Fenton & Griffiths 2003; Sivakumar Babu & Mukesh 2004;
Uzielli et al. 2005; & Wei et al. 2005 and it has been pointed out that the natural soil variability predominates among other sources of uncertainties. Therefore, in order to obtain
a more effective geotechnical site characterization, an uncertainty-based approach with
emphasis on the quantificationn of soil variability appears to be warranted. By modeling
the engineering properties of soils as a random field, the soil variability can be quantified in a probabilistic framework. The variability of soil properties is expressed by the
spatial coefficient of variation and the scale of fluctuation. In this study a method has
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been developed for determining the scale of fluctuation for different types of soils using
a large number of CPT data carried out in Macau. This parameter is used for determining
the vertical testing interval and exploration spacing for CPT soundings. Furthermore, a
method has also been developed for estimating the number of tests required for optimizing CPT site characterization.
2

PROBABILISTIC MODELING OF SOIL PROFILE

In order to have reliable solution to the geotechnical problems, probabilistic modeling of
soil profile should be considered for analysis. In a probabilistic soil profile, at least one
of the profile characteristic is treated as a random function of one or more of the coordinates. Recent approaches based on a random field model (Baecher 1984, Tang 1984,
Phoon & Kulhawy 1999, Fenton & Griffiths 2003, Jaksa et al. 2004) proposed by (Vanmarke 1977) provide statistical procedures for capturing the variable nature and interdependence of soil properties. More specifically, these models facilitate a proper accounting for the reduction in uncertainty in test results. In this investigation, the soil profiles
are modelled by a random field; the cone tip resistances along each soil profile of different types of soils are treated as separate random variables. In other to have an adequate
description of the spatial variability of the soil profiles, two parameters, namely, the
scale of fluctuation, , and the coefficient of variation, V, based on cone tip resistances
have been evaluated and are termed as variability parameters.
2.1 Evaluation of scale of fluctuation
The similarity in value for soil property at closely neighbouring locations can be described by the scale of fluctuation, . The scale of fluctuation gives an indication of the
degree of variability of a soil profile. Figure 1 illustrates the meaning of this parameter.

Ground Surface

Soil

BH1

x

h


1



y

BH2
Soil 1 (Low Variable)

z

~



Soil

Soil2 (High Variable)
2

z

Figure1. Scale of fluctuation of a soil property
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where  represents the scale of fluctuation varied with depth and h represents the horizontal scale of fluctuation. It shows that the soil property z fluctuates about its mean
~
value  with its standard deviation  of the entire layer. A highly variable profile will
have a smaller  while a slowly varying profile will result in larger . The scale of fluctuation of any stratum is referred to as the distance within which the soil property shows
relatively strong correlation. In view of this fact,  is termed as correlation distance in
this study and is derived from the variance function 2 (Vanmarke 1977). Therefore the
variance function of cone tip resistances is predicted from:
2
q~c n
 Z n   ~ 2
q
2

(1)

c

Where q~c n is the variance of the derived moving average series of degree n, and q~c is
the variance of the original data. If the spacing of the data is z , for large values of n,
these predicted values had approached the theoretical values:
2

2

n2 nz  

(2)

Equation 2 was solved graphically by plotting the  n versus n (Vanmarke 1983). However, it involves trial and error procedures, hence considerable uncertainty will be involved.
In view of this fact, a more reasonable method is proposed in this investigation for better
estimation of . Equation 2 can be written as:

 n    n2 nz

(3)

Where  n is the residual value and  n2 is the experimental values and  is a deterministic
constant. Therefore,  can be estimated by minimizing the sum of the squared errors and
finally leads to:
 n2 nz 

M 
n 1 
M

   

(4)

Based on equation 4, the correlation distance can be evaluated in a more systematic
way especially when the amount of data is large and therefore considerable uncertainties
can be minimized. Furthermore, the coefficient of variation, V, which is another soil variability parameter is a dimensionless parameter expressed by the ratio of the standard
deviation to the mean. It provides a more stable measure of consistency than its constituents represent the variability of soil properties. Once the soil variability parameters for
each soil type are estimated, the data can provide a potential benefit in the design of site
characterization programme and in the evaluation of their effectiveness. Table 1 presents
the statistical evaluation of , its uncertainty level V(and the coefficient of variation
of cone tip resistances V(qc) obtained from the proposed and Vanmarke’s methods.
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Table 1. Statistical evaluation of  and V for qc.
Soil Types

 (m)

Methods

Range
Mean V()
0.34~0.48 0.46 0.35
0.46~0.50 0.48 0.11
0.32~0.49 0.43 0.47
0.42~0.45 0.44 0.15

n*
42
42
38
38

- Vanmarke’s
Clay
V(qc) = 0.12
- Proposed
- Vanmarke’s
Sitly Clay
V(qc) =0.28
- Proposed
* n means the number of cases

It is observed that the variability of  obtained from the proposed method is relatively
low and its values generally lie in a narrow range whereas the level of uncertainty of 
obtained from Vanmarke’s approach is especially high and the mean values lie in a wider
range compared to the proposed approach for both types of soils. Similarly, the horizontal correlation distance h has also been estimated from the same CPT database derived
by placing a set of CPT soundings at constant spacing perpendicular to the vertical sampling direction as shown in Figure 2.
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Figure 2. Typical planning for horizontal analysis.

Estimation is proceeded to successive elevations separated by a predetermined depth
layer by layer within the same profile and each soil profile is analyzed in the same way.
The results of the horizontal analysis are shown in Table 2.
Table 2. Variability Parameters-Horizontal Analysis
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Soil Types
Depth (m)
9-12
12-15
15-18
18-21
Average

Clay

Silty clay

h (m)

Vh(qc)

h (m)

Vh(qc)

285
286
282
279
283

0.12
0.12
0.13
0.11
0.12

245
224
212
218
225

0.19
0.18
0.20
0.22
0.20

It is observed that the values of Vh(qc) in each depth level are very close to each other
although there is a gentle decrease in h with depth. It shows that the variability of both
types of soils in the horizontal direction is very small with depth.
3 OPTIMUM PLANNING FOR CPT SITE CHARACTERIZATION
3.1 Optimum vertical testing interval and exploration spacing
A fundamental requirement of sampling, in the statistical sense, is random selection of
the samples. Such that individual element of the samples will be independent of each
other. Otherwise the information obtained will be somewhat redundant. It is obvious that
the correlation distance can give an indication of choosing how far the individual elements of the sample can be regarded as independent from each other. It is proposed that
in order to avoid correlation among the properties of different samples, sampling distances should be chosen which are large in comparison with the correlation distance in
order to have an optimum planning of the extent for CPT characterization.
3.2 Optimum number of CPT soundings
For test results obtained from a set of samples to be meaningful, two main conditions
should be satisfied. First, the samples must be representative of the material from which
they are taken. Second, the number of samples must be sufficient. These circumstances
refer to the fact that correct sampling and testing methodology can be elaborated only by
statistical methods, adjusted to the given geotechnical conditions. Once the properties
are normalised, if it is warranted, then the second moment statistics are evaluated. For all
possible values of a property within a layer, there is a true mean, , and variance, 2.
However, in many cases the form of density function of a soil property,  , may not be
known. Therefore, the value of the mean of a population of a soil property has to be es~
timated from a set of sample values and the estimate of the mean,  , and variance,  2 ,
of CPT data are used for analysis in this study.

In order to determine the number of tests required for a proposed project, it is sug-
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gested to estimate how far away the sample value is from the actual mean value of the
population. This is achieved by a term called the standard deviation of the mean D 
and is computed from:



D   

~



N

M N
M 1

(5)

~
Where  is the standard deviation of the population, N is the required number of test
~
and M is the total number of elements of the sample. When  is not known, as is gener~
ally the case,  has been approximated by the empirical standard deviation, S and as according to a variant of the central limit distribution theorem, the mean soil property,  ,
was approximately of a normal distribution if N is sufficiently large, the interval

 

S
N

M N
M 1

(6)

covers approximately the expected value of the population consisting of M elements,
where  is a constant dependent on the level of confidence. In practice M can be regarded as infinite relative to N, while at the same time n is not sufficiently large for permitting to regard  as normally distributed. So, Equation 6 must be modified as follows:
S
  t
(7)
N
Where t  is the function value of the Student’s t-distribution belonging to the chosen
probability level  and degrees of freedom N-1. As the number of degrees of freedom
(n-1) is increased, the Student’s t-distribution approached a normal distribution. If the
expected value of the population is  , then the condition that the difference
   should be smaller with a probability of  than the value  according to the Equation 7 is:
t
N




S

(8)

Dividing the numerator and the denominator of the fraction standing on the right side of
Equation 8 by  , the following expression is obtained:
t

 r
(9)
V
N
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Where r is the maximum error committed in the estimation of the mean and V is the
coefficient of variation. It is assumed that any layer is fully characterized when the average value obtained from the data for that layer is within r% of the actual average which
is unknown. The required number of CPT values, n, needed to estimate the mean to the
above precision, with a confidence level, can be estimated by using Equation 9. Once the
required number of CPT data is determined, the maximum number of tests can be performed in each sounding is estimated by dividing the thickness of soil layer by the testing interval and the required number of CPT soundings, BN, can be estimated by dividing
the total number of the tests, N, by the maximum number of the tests, TN, at each sounding.

3.3 Numerical example and discussions
To illustrate potential applications of the proposed approach for CPT characterization
planning, a project involving the design of foundation is considered. Based on the prior
information of CPT data obtained near the site of the proposed project, the layer thickness for each type of soils is estimated and the variability parameters are computed.
Tables 3 summarized the results obtained from the proposed method.

Silty Clay

Silty Clay
Clay
r
Soil
Types
(%)
5

20
8
r / V
0.2632

0.5263
10
5

0.2941

10

0.5882

Clay

Results

Input

Table 3. Results based on Tip Resistances
Soil Types
Thickness(m)

V(%)

v (m)

h(m)

0.19
0.17

(%)
90
95
99
90
95
99
90
95
99
90
95
99

0.44
0.48
N

225
283
TN

BN

29
47
94
8
13
26
20
33
66
6
10
19

29
47
66
8
13
26
20
33
39
6
10
19

1
1
2
1
1
1
1
1
2
1
1
1

It can be seen from Table 3, for instance, for maximum error of 10% and a confidence
level of 95%, the number of CPT data (tip resistance) required for the silty clay of higher
variability (e.g., V = 0.19) is 13 while for soil with lower variability such as clay with V
equal to 0.17, the required number of CPT data is reduced to 10. However, if a higher
confidence level of 99% is required in the more variable soil, number of data should be
increased to 26. Furthermore, the number of CPT soundings also affected by the layer
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thickness, r and. With regard to the exploration spacing, the horizontal correlation
distances is chosen by selecting the largest value of h among all the soil types in order
to avoid redundant information of sampling. As a result, the spacing of 300 m is appropriate for the proposed project.
CONCLUSIONS
In view of the difficulties and complexities involved in geotechnical site characterization,
an uncertainty-based methodology for designing an optimum CPT site characterization
programme have been developed in this study. It provides a useful guideline for designing a more economical and reliable foundation. From this study, the following conclusions have been drawn:
(1)

A method has been developed for determining the vertical and horizontal correlation distances for planning CPT site characterization which are used for determining the vertical testing interval and the exploration spacing of CPT soundings.

(2)

Based on the correlation distances and the coefficient of variation, a method is
proposed for obtaining the amount of CPT tests required for a proposed project.
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ABSTRACT: The spatial variability of a soil deposit is something that is commonly
discussed but difficult to quantify. The heterogeneity as a function of lateral distance
can be critical to the design of long engineered structures such as highways, bridges,
levees, and other lifelines. This paper presents a methodology for using CPT measurements to quantifying the spatial variability of cone tip resistance along a levee in
the California Bay Delta. The results, presented in the form of a general relative variogram, identify the distance at which the maximum spatial variability is achieved
for a given soil strata. This information helps define minimally correlated stretches of
levee for proper failure and risk analysis. Presented herein are methods of interpreting, calculating, and analyzing CPT data to arrive at the quantified spatial variability
with respect to different static and seismic failure modes common to levee systems.
1 INTRODUCTION
Spatial variability of engineering properties in soil strata is inherent to the nature of
soil. Spatial variability is controlled primarily by the depositional environment where
high energy systems usually deposit materials with high spatial variability (e.g. alluvial gravels) and low energy systems usually deposit materials with low spatial variability (e.g. lacustrine clays). This spatial variability is generally taken into account
in geotechnical design in a qualitative empirical manner through appropriately spaced
borings to assess the changing subsurface conditions. There are times when quantifying the spatial variability can be useful, particularly when addressing engineered
structures that cover large spatial distances. This paper addresses the need for quantifying spatial variability of soil deposits associated with levee systems in the California Bay Delta. Methods for using the CPT to quantify spatial variability as part of
ongoing research into levee risk analysis are discussed.
The primary goal of defining the spatial variability is to determine the level of correlation, or conversely the statistical independence, between levee segments (often
called levee reaches). In risk analysis the length of a levee reach can have a large impact on the resulting probability of failure for a series system such as a levee or embankment. Quantifying the spatial variability determines what an appropriate reach
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length is with respect to the different failure mechanisms that levees are subjected to
(Moss and Eller 2007). Current practice tends towards neglecting the spatial variability (DWR 2009) or using a prescribed levee reach length (van Manen and Brinkhuis
2005) that has little to do with the actual spatial variability and the failure mechanism
of concern.
2 CPT DATA
The primary data set for this study is a limited number of CPT soundings from an island in the CA Bay Delta. Figure 1 shows the location of 12 CPT soundings that were
performed in 1998 as part of a grouting project to stabilize a levee made of primarily
granular material. In this study we use the pre-grouted CPT soundings that were
measured along the levee crest. This data set is too limited to perform a statistically
robust spatial analysis but is useful in demonstrating the methodology and for providing some sense of the spatial variability of the levee and foundation soils. The methodology presented here is general and can be applied to other types of in situ measurements (e.g., SPT, Vs, etc).
Estimates of the measurement uncertainty related to CPT soundings are included in
this analysis. Measurement uncertainty is the uncertainty due to the measuring
process that can be reduced through careful measurement techniques, standardized
testing equipment, proper calibration, and uniform procedures. Typical values of total measurement uncertainty (equipment+procedure+random uncertainty) are on the
order of 5% to 15% coefficient of variation for a modern CPT (Kulhawy and Mayne
1990).
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Figure 1. Map of Sherman Island (California Bay Delta) showing the location of SPT and CPT subsurface information. Twelve CPT were available for this levee (six along the levee crest and six in the
free field) covering a distance of approximately a kilometer along the south west corner of the island.
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3 DATA INTERPRETATION
In cone penetration testing, data is recorded in a relatively continuous manner in
comparison with other in situ measurements that record data at discreet depths. This
continuous sounding is useful for looking at the vertical heterogeneity of the soil profile but the data must be aggregated to look at the horizontal heterogeneity. Figure 2
shows the geomorphic or stratigraphic interpretation of the profile. The levee crest
soundings pushed through approximately 5 m of stiff material which is the levee itself, approximately 15 m of soft material which is the peaty organic foundation material, and then tipped out in a dense material at the base. Unfortunately not all the
soundings were provided with sleeve measurements, but when there are sleeve measurements the peaty organic soil layer can be easily identified by very low continuous
tip resistance in conjunction with high variable friction ratio.

Figure 2. Six levee crest CPT soundings spatially located with respect to each other. Shown are the
sounding and an interpretation of soil stratigraphy.

The electronic files for these soundings were not available so the traces were digitized by hand at relatively consistent sampling intervals but with an emphasis on not
aliasing any peaks or troughs. Because the traces were not digitized at a precisely
uniform sampling interval the spatially weighted average, as opposed to the sample
median, was the appropriate central tendency calculated. The tip resistance measurements from the soundings were then corrected for effective overburden pressure
(Moss et al. 2006). The overburden corrected tip resistances were then aggregated
into central tendency and dispersion values per layer for each sounding to prepare the
data for spatial variability analysis.
4 SPATIAL VARIABILITY FRAMEWORK
For this study a particular graphical representation of the spatial variability called a
general relative variogram (Issaks and Srivastava 1989) has been chosen because of
its utility (Moss 2009). The general relative variogram indicates the length of a levee
reach by defining the distance needed to achieve the maximum continuous spatial variability (i.e., the distance needed to achieve minimum statistical correlation). The
general relative variogram is also compatible with point estimates of measurement
uncertainty represented by one half the squared coefficient of variation. Figure 3
shows a theoretical general relative variogram with an exponential function
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representing the variability with distance and showing the measurement uncertainty at
zero distance. Variograms were originally developed for petroleum and mining exploration but have found favor in geotechnical engineering because of their applicability, statistical flexibility, and ease of use (e.g., Thompson et al. 2007).
The general relative variogram of the foundation soils for a reach are constrained by
the geomorphology and depositional environment of the soil, and the general relative
variogram of the levees are constrained by the borrow material, construction methods, and level of maintenance. Spatial variability in other levee studies, if is accounted for at all, is treated as a fixed pseudo-probabilistic value with an ambiguous
mathematical basis. However, probability of failure calculations are highly sensitive
to the reach length and a robustly defined reach length will provide a quantitative basis for eliminating this sensitivity.
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Figure 3. Conceptual diagram of exponential curve of a general relative variogram. The x-axis is the
separation distance. The y-axis is the semivariance divided by the squared mean of data for a given
separation distance. The intercept value is one half the squared coefficient of variation, a point estimate of measurement uncertainty. The reach length where the variance is at a maximum and the statistical correlation is at a minimum is at the plateau.

5 PROBABILITY OF FAILURE
Quantifying the spatial variability and defining the reach length for a particular failure mechanism is critical for accurately calculating the probability of failure. The
probability of failure of a single component can be calculated in a number of ways. If
statistical data is available then a frequency analysis can be performed to assess the
likelihood of failure in a given time frame (e.g., annualized frequency of failure) and
geographic location. In most engineering situations there does not exist sufficient or
detailed failure statistics to warrant a frequency analysis, therefore the component
probability of failure must be based on available information such as relevant lab or
field test data, numerical modeling, scale model test results, physical or analytical
analogs, and a general understanding of the physics controlling the failure mechanism. The defined or assumed probability distributions of the loading and resistance
are then posed in a reliability format to estimate the probability of failure using first
order second moment (FOSM), first order reliability method (FORM), second order
reliability method (SORM), and/or Monte Carlo Simulations (MC).
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In a series system, such as a levee, when any single component fails then the entire
system fails. This is a non-redundant system and as engineers it is something that we
try to avoid at all costs. Unfortunately levees are non-redundant and subjected to
many factors on the load and resistance side that makes for particularly fragile levee
components or levee reaches. In a system the total system probability of failure (pF)
of components that are positively correlated is defined as (Ang and Tang 1990);
pF

p E

where E

E

E

…

E

(1)

where Ei represents failure of each i component (which in this case is a levee reach),
and Es is union of all the component failures. The bounds of the probability of failure
for the system are (Ang and Tang 1990);
max pF

pF

∏

1

1

pF

(2)

which states that the lower bound is defined by the maximum component probability
of failure, and the upper bound is the compliment of the product of all component reliabilities (one minus the component probability of failure). For small component
probability of failure values the right hand side of the inequality becomes (Ang and
Tang 1990);
1

∏

1

pF

∑

pF

(3)

This means that the upper bound probability of failure of the system is the sum of the
component probabilities; the more components in a system the higher the upper
bound on the system probability of failure. Therefore if we reasonably define the
reach length for a particular failure mechanism from spatial variability analysis, we
can bound the system probability of failure on the low side as the maximum probability of failure for any reach, and on the high side as the sum of the probability of failure for each reach.
6 SPATIAL VARIABILITY RESULTS
Shown in Figures 4 and 5 are the general relative variograms of the levee embankment and the near surface peaty organic foundation soil. The limited amount of CPT
soundings restricts this analysis to qualitative at best, but does not limit our explanation of the methodology. The two variograms include a representation of the measurement uncertainty (assumed to be a 15% coefficient of variation) at zero distance.
The average separation distance between CPT soundings is 0.134 km.
The levee embankment variogram (Figure 4) shows a plateau at roughly one half of a
kilometer separation distance. Within that distance the maximum spatial variability is
achieved in this soil layer. The distance to the plateau can be taken as the levee reach
length when considering failure mechanisms associated with the levee embankment
material. The overall magnitude of the semivariance is high, showing high variability
between separation distances for the tip resistance measurements of the sandy material. Comparing the variogram of the peaty organic foundation soil (Figure 5) to that of
the levee embankment we see that a plateau is reached within a much shorter separation distance. The magnitude of the normalized semivariance is much lower with respect to the levee embankment, showing less variance between separation distances,
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but the variance rapidly becomes constant at the plateau. The peaty organic soil also
had very low tip resistance compared to sandy soil, often an order of magnitude or
more lower, which dramatically influenced the magnitude of the normalized semivariance.
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Figure 4. General Relative Variogram of the levee embankment material. A plateau is apparent at
roughly one half a kilometer separation distance.
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Figure 5. General relative variogram of the peaty organic foundation material. The plateau at a shorter separation distance is consistent with the smaller scale depositional environment of peaty organic
materials.
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The decrease in the normalized semivariance at a separation distance of just over a
half a kilometer can be attributed to the lack of data pairs at these longer separation
distances. For this limited study we have a set of 6 soundings available to us at an
average spacing of 0.134 km. The first data point on the plot at zero separation distance is the measurement uncertainty, the second data point is based on 5 data pairs,
the third 4 data pairs, the fourth 3 data pairs, the fifth 2 data pairs, and the sixth 1 data
pair. This is a meager amount of data and the accuracy of the data points at the larger
separation distances can become increasingly unrepresentative of the true semivariance. Interpretation of a variogram emphasizes the initial slope and the separation
distance at which the plateau is reached. A theoretical exponential curve similar to
that shown in Figure 3 would be fit to the data, and the decrease in semivariance with
separation distance would be ignored because of the paucity of data.
7 CONCLUSIONS
The spatial variability results provide guidance on how to properly carry out a failure
analysis of a levee system as a function of the failure mechanism of concern. For
failure mechanisms in the levee embankment and the peaty organic foundation soil
respectively the probability of failure must be calculated for the weakest or critical
cross-section within each levee reach, making this a system probability of failure
analysis. The levee reach length for the levee embankment material is much longer
than the levee reach length of the peaty organic foundation soil and this must be taken
into account. One approach to calculating the system probability of failure would be
to find a representative critical cross-section for each soil layer, calculate the component probability of failure for that levee reach, and then assuming it is representative
of each reach determine the system probability of failure by summing the reaches as
in Equation 3. This provides the upper bound on the probability of failure for the system. The component probability of failure (or the probability of failure for a single
reach) provides the lower bound or least conservative estimate of the probability of
failure for the system.
This paper demonstrates a methodology for arriving at the quantified spatial variability using CPT data. The limiting factor in this analysis is the lack of data both in
quantity and at reasonably equal spatial intervals to perform a robust statistical analysis. The spacing intervals should be controlled by the scale of the geomorphic features that are important to the design of the engineered structure and the controlling
failure mechanisms. The authors strongly encourage practitioners when they are
planning a site investigation to first consider the geomorphology, then consider the
scale of the geomorphic features with respect to the engineering design. This will
lead to subsurface investigations that can quantify not only the vertical heterogeneity
but also the horizontal heterogeneity with respect to the structure or lifeline.
8 AKNOWLEDGMENTS
This material is based on work supported by the U.S. Department of Homeland Security under Grant Award Number 2008-ST-061-ND0001. Administration of this grant
is conducted through the Department of Homeland Security Center of Excellence for
Natural Disasters, Coastal Infrastructure and Emergency Management (DIEM). The
views and conclusions contained in this document are those of the authors and should

119

not be interpreted as necessarily representing the official policies, either expressed or
implied, of the U.S. Department of Homeland Security.
9 REFERENCES
Ang, A. H.-S., and Tang, W. H. (1990). Probability Concepts in Engineering Planning and Design: Volume II-Decision, Risk, and Reliability, Published by the
Authors.
DWR. (2009). "Delta Risk Management Strategy (DRMS): Phase 1 Risk Analysis
Report."
California
Department
of
Water
Resources
<http://www.water.ca.gov/floodmgmt/dsmo/sab/drmsp>.
Issaks, E. H., and Srivastava, R. M. (1989). An Introduction to Applied Geostatistics,
Oxford University Press.
Kulhawy, F. H., and Mayne, P. W. (1990). "Manual on Estimating Soil Properties for
Foundation Design." EPRI Report EL-6800.
Moss, R. E. S. (2009). "Uncertainty Propagation in Geotechnical Earthquake Engineering." 6th International Conference on Urban Earthquake Engineering,,
Tokyo, Japan, March 2-4.
Moss, R. E. S., and Eller, J. M. (2007). "Estimating the Probability of Failure and
Associated Risk of the California Bay Delta Levee System." ASCE GeoDenver Conference, Denver, CO, February 18-21.
Moss, R. E. S., Seed, R. B., and Olsen, R. S. (2006). "Normalizing the CPT for Overburden Stress." Journal of Geotechnical and Geoenvironmental Engineering,
132(3).
Thompson, E. M., Baise, L. G., and Kayen, R. E. (2007). "Spatial correlation of
shear-wave velocity in the San Francisco Bay Area sediments." Soil Dynamics
and Earthquake Engineering, 27, 144-152.
van Manen, S. E., and Brinkhuis, M. (2005). "Quantitative flood risk assessment for
Polders." Reliability Engineering & System Safety, 90, 229-237.

120

CPTU characteristics and liquefaction resistance of
reclaimed land by dynamic compaction
C.S. Ku
I-Shou University, Kaohsiung, Taiwan

C.H. Juang
Clemson University, SC, USA

ABSTRACT: This paper presents results of an extensive field investigation of a
hydraulically-filled sandy site with piezocone penetration testing before and after
ground improvement by dynamic compaction (DC). The focus of the paper is to
examine the effect of DC on the piezocone penetration sounding characteristics and
liquefaction resistance at the site. The results show that DC can increase the cone
tip resistance (qc) and sleeve friction (fs) of soils in the expected depths of
improvement (roughly from 2 m to 10 m). However, the soil behavior type largely
remains unchanged.
The liquefaction resistance is increased significantly for the
predominately silty sands at this site.
1.

INTRODUCTION

Several large reclaimed lands were created by hydraulic filling along the
offshore of western Taiwan. Those reclaimed lands are generally created by
hydraulic filling of the dredged material, mostly consisting of loose silty fines sands.
Coupling with high groundwater table and active seismicity, these lands generally
have a high potential for liquefaction. To mitigate possible liquefaction hazards, it
is essential to density the reclaimed lands. For ground improvement over a large
area, dynamic compaction (Mayne et al., 1984; Chang et al., 2002) is often employed.
Dynamic compaction method was introduced by Menard in 1972. The general
theoretical framework and the way the procedure is carried out were initially
established by Menard and Broise (1975). The effectiveness of dynamic compaction
for ground densification depends on several factors, such as the type of soils, the
depth to the groundwater table, and the tamping pattern and parameters (grid
dimensions, number of passes, weight of tamper, height of drop, number of drops,
etc.). In many cases, trial tamping program (pilot test) may be needed.
In practice, in situ testing such as standard penetration test (SPT) or cone penetration
test (CPT) is often employed to investigate the site before and after dynamic
compaction. CPT is particularly suitable for such investigation because of its
capability of continuous profiling and superior measurement repeatability over other
in situ tests. In fact, it has become the most commonly used technique for quality
control of field compaction projects (Massarsch and Fellenius, 2002).
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In this paper, a case study of the effect of dynamic compaction at a reclaimed land for
mitigation of liquefaction hazards is presented. Numerous piezocone penetration
(CPTu) soundings were conducted before and after dynamic compaction. The
emphasis of the paper is placed on the examination of the cone penetration sounding
characteristics and liquefaction hazards at the site before and after dynamic
compaction.
2.

SITE GEOLOGICAL CONDITIONS

The study site is located in the Taichung Harbor Port, Taiwan, a man-made harbor,
which is designated for crude oil-related chemical industrial park. This site is a
reclaimed land that was created by hydraulic filling. Field investigations show that
the groundwater table is located at approximately 3.0 m to 3.8 m below the ground
surface. The layout of bored holes and cone penetration (CPT) soundings before
the ground improvement work at the site is depicted in Figure 1. Based on bored
holes information and CPT soundings, the subsurface soil profiles are depicted with
Figure 2. Basically, the subsurface to a depth of 20m at the site consists of the
following layers:
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Figure 1. Layout of field tests before the ground improvement work.

1) Silty fine sand layer: roughly from the ground surface to a depth of 8 m. It
mainly consists of gray silty fine sand, with trace of silty clay and sandy silt. The
SPT blow counts are generally in the range of 4 to 32, with an average of
approximately 10. The unit weight of the soil is 18.3 kN/m3 and the natural water
content ranges from 22.4% to 26.2%. This layer is best characterized as loose sand.
2) Silty sand or sandy silt: roughly between the depths 8 m and 20 m. This
layer mainly consists of gray silty fine to medium sand, with layers of sandy silt.
The SPT blow counts are generally in the range of 12 to 32, with an average of 21.
The unit weight of the soil is 19.1 kN/m3 and the natural water content ranges from
24.7% to 27.6%. This layer is best characterized as medium dense sand.
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Figure 3. Scheme of pilot test and the geometrical arrangement of the impact points.

3. DYNAMIC COMPACTION WORK
Dynamic compaction was selected for ground improvement. The site was divided
into 15 zones, each with an area of approximately 10000m2. Figure 3 shows the
typical layout of the dynamic compaction patterns and the in situ test locations. The
square symbol represents the locations of the first stage tamping, and the rhombus
symbol represents the locations of the second stage tamping. The smaller square
area (440 m2), shown at the lower right corner of Figure 3, is a pilot (trial) test area.
The weight of tamper is 25 tons and the drop height is 20 m. In each stage, the
number of drops is selected at 10 based on the trial tamping for effectiveness.
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According to the cases studied the above parameters were widely used in Taiwan.
These parameters were also confirmed by the pilot test.
4. CPTU CHARACTERISTICS BEFORE AND AFTER DC
These prior CPTu soundings along with the post-compaction penetration soundings at
near-by locations in these zones provide a basis for an examination of the soil
characteristics as altered by dynamic compaction. The variations in the soil
characteristics as reflected by the changes in cone tip resistance (qc), sleeve friction
(fs), and penetration porewater pressure (u2), are summarized in the following.
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Figure 4. Average change in qc versus depth.
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Figure 5. Change in the qc profiles before and after dynamic compaction.

Within the planned depth of ground improvement (approximately 10 m), qc values
increase significantly, especially in depths of 2 m to 7 m. Figure 4 shows the
average increase in qc values at various depths; typically, the increase ranges from 2

124

to 10 MPa. The increase in qc generally becomes less significant with depth. The
possible reason is that either at clayey layer exist or the original qc values at this depth
(8 m to 10 m) are already quite high (qc  8 MPa before dynamic compaction) and
thus less improvement can be achieved. Figure 5 shows the qc sounding profiles
before and after dynamic compaction in four zones. It is noted that in some
locations, there is virtually no increase in qc at a depth of about 8 m. This is likely
due to the existence of thin layer of clayey material.
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Figure 6. Change in the fs profiles before and after dynamic compaction.
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Figure 7. Changes in the penetration porewater pressure at selected locations.

Figure 6 shows the fs profiles before and after dynamic compaction at selected
locations. Similar profiles are observed at other locations. The results show that
except at the depth of 7 m to 8 m, the sleeve friction increases significantly as a result
of dynamic compaction. The exception at the depth of 7 m to 8 m is likely due to
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the existence of thin-layer of clayey material. Finally, it is should be noted that the
increase in both qc and fs indicate that the dynamic compaction alters soil resistance
in both vertical and horizontal directions.
In cohesionless soils, the penetration porewater pressure is usually less than the
hydrostatic water pressure, as the soil is in drained state; and in dense sands, the
penetration porewater pressure becomes negative. On the other hand, in saturated
clayey silt and silty clay, the penetration porewater pressure is usually greater than
the hydrostatic water pressure. The change in the penetration porewater pressure
after dynamic compaction offers another way to examine the effect of dynamic
compaction. Figure 7 shows typical changes in the penetration porewater pressure
at selected locations at the site. Similar behaviors are observed at other locations. In
general, the soils become denser as a result of dynamic compaction, which is
reflected in greater negative penetration porewater pressure.
5. VARIATION IN SOIL BEHAVIOR TYPES
Cone penetration involves no sampling, and soil classification according to CPT is
different from those carried out according to the Unified Soil Classification System
(USCS); soil type determined with CPTu data is referred to as the soil behavior type
(Been and Jefferies 1992; Robertson and Wride 1998). In theory, the dynamic
compaction generates stress waves that densify the soils, and thus, soil type at depths
will not be altered in the process (except at the point of contact where some change in
particle size and distribution might be possible). However, the dynamic compaction
can alter the values of qc, fs, and u2, as discussed previously. Thus, it would be of
interest to examine the possible variation of CPT soil behavior type.
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Figure 8. Soil behavioral classification before and after dynamic compaction in zone Z18 (rhombus
- before compaction; circle - after compaction).
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Figure 8 shows typical CPT results (data points plotted on the soil behavior
classification chart) from a selected location before and after dynamic compaction
(soundings CB23 and CA14 in Zone 18). Results from other locations reveal
similar patterns and are not shown herein. Although the data points have “shifted”
from looser state into denser state (mostly become overconsolidated sands as shown
in the classification chart), the soil behavior type remains almost unchanged. Before
the dynamic compaction, the soils are mostly in the range of type 6 (sands: clean sand
to silty sand) to type 5 (sand mixture: silty sand to sandy silt). After the compaction,
the classification largely remains the same, although the soils become denser.
Another way to examine this change is to compare the profile of soil behavior type
index (Ic) before and after the compaction. Although some changes in the numerical
values of Ic are observed, the soil behavior types largely remain the same.
6. VARIATION IN LIQUEFACTION-INDUCED SETTLEMENT
One effective way to examine the liquefaction hazards is to compute possible
settlements induced by liquefaction. Many investigators have contributed to this
subject (Tokimatsu and Seed, 1984; Ishihara and Yoshimine, 1992; Zhang et al.
2002; Cetin et al., 2009). In this paper, the procedure proposed by Ishihara and
Yoshimine (1992) is adopted for the analysis of liquefaction-induced settlement,
although other methods may also be used. Based on their field observations,
Ishihara and Yoshimine (1992) rated the ground damage as “Light to no damage” if
the settlement is less than 10 cm, “Medium damage” if the settlement is between 10
cm and 30 cm, and “Extensive damage” if the settlement is greater than 30 cm.
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Figure 9. Liquefaction-induced settlement before and after dynamic compaction.

Figure 9 shows the results of the settlement analysis for the site before and after DC.
At the amax = 230 gal shaking level, the computed settlements (before DC) all indicate
a “Medium damage.” After the dynamic compaction these settlement results all
indicate a “Low to no damage” even if amax is much greater than 230 gal. The
effectiveness of the dynamic compaction for reducing the liquefaction hazards at this
site is demonstrated. The results are consistent with field observations in the 1995
Hyogoken-Nambu earthquake. Ishihara and Cubrinovski (2005) reported that fewer
signs of liquefaction were found in reclaimed deposits that had been treated by
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ground improvement measures; only scattered sand boils and smaller settlement of
the ground were observed in the areas of compacted fill deposits.
7. CONCLUSIONS
A case study of the effectiveness of dynamic compaction at a reclaimed land created
by hydraulic filling is presented. The results show that dynamic compaction can
increase the cone tip resistance (qc) and sleeve friction (fs) of soils in the expected
depth of improvement (roughly from 2 m to 10 m). However, at some depths where
thin-layer of clayey soils exist, there is virtually no change in qc and fs.
Furthermore, the change in the penetration porewater pressure (u2) also signals the
densification by dynamic compaction. As the sands become more over-consolidated
after the dynamic compaction, the magnitude of the negative penetration porewater
pressure (u2) becomes more negative. While significant changes in qc, fs, and u2 are
observed after the dynamic compaction, the soil behavior type largely remains
unchanged. Finally, the changes in liquefaction resistance after the dynamic
compaction are observed. The liquefaction-induced settlement analysis results show
that the risk is significantly reduced by the dynamic compaction.
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A tool in groundwater remediation
S. J. Osborne
Fugro West Inc., Oakland, USA

ABSTRACT: Cone Penetration Tests (CPT) and HydroPunch (HP) technologies enabled the
characterization and remediation of a groundwater plume trichloroethylene (TCE). Over a 23
year period, successive CPT/HP surveys were carried out to identify the length, breadth, and
thickness of the contaminated aquifer, locate and design extraction wells, identify the source
of off-site contaminants that impinged on the TCE plume, locate gravel channels within the
plume in which new extraction wells were needed, and delineate the aquifer dimensions beneath city streets in San Leandro, California to inject chemicals to biodegrade the TCE.
CPT/HP technology provides these advantages: rapid investigation over a large area; ease in
re-mobilizing to continue characterization of the aquifer; reduction in the number of monitoring wells; rapid data collection to assist with design of extraction wells; delineation of the
zone for chemical injection; improved safety with respect to the public and field staff compared to conventional drilling techniques; and reduction in waste disposal.

1 INTRODUCTION
A manufacturing site in San Leandro, California produced heavy industrial equipment from about 1910 to 1980 and in the process released volatile organic compounds (VOCs) to the soil and shallow groundwater. Trichloroethylene (TCE) was
identified as the most important VOC released because of its toxicity and concentration. The plant used TCE as a degreaser, and the TCE migrated through the soil to the
groundwater and then flowed beneath a residential subdivision. The greatest impact
to the soil and groundwater conditions was identified at an on-site water treatment
plant and at a sump where waste liquids were contained. Harding Lawson Associates
(HLA) began working on this project in 1986, and Fugro West Inc. (Fugro) assumed
management of the remediation operations in 2002.
Studies were carried out for the assessment, characterization, and remediation
phases of the project to establish the lateral and vertical extent of the VOCs in the soil
and groundwater over a 1.6 kilometer long by 0.8 kilometer wide area. The shallow
aquifer extends between 8 and 25 meters below the ground surface (bgs). The TCE
migrated rapidly in a sand and gravel aquifer at a rate of between 30 and 60 meters
per year.
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In 1984, the former plant site was purchased to construct an office building. Preliminary studies indicated the presence of contaminants in the soil and groundwater,
and the former plant owner authorized the excavation, on-site treatment, and off-haul
of the contaminated soil to enable the construction to proceed. Concurrent with the
on-site remediation, characterization of the shallow aquifer and the extent of the TCE
plume were evaluated using two in-situ techniques. This paper presents a summary
of this case history to highlight the application of the cone penetration test (CPT) and
Hydropunch™ (HP) methods.
2 INITIAL CPT/HP SURVEY
Four deep borings were drilled, sampled, and logged to a depth of 45m to characterize the sediments at the former plant and immediately downgradient. A conductor
casing was used in each boring to avoid contaminating lower aquifers during the
drilling and sampling. To track the vertical and lateral extent of the plume, several investigation methods were carried out between 1988 and 1990, including soil borings,
soil-gas vapor studies, shallow monitoring wells, and CPT surveys with HP groundwater sampling. The CPT/HP technology provided the most useful, cost-effective and
reproducible data. CPT/HP surveys were conducted primarily in City streets. These
initial studies identified TCE as the main compound of concern in the groundwater.
The CPT and HP surveys were performed concurrently. The CPT survey consisted
of pushing the instrumented CPT tool to the desired depth, removing the CPT rods,
selecting the appropriate aquifer zone for sampling, installing tremie pipe, sealing the
hole with a continuous flow of neat cement, and removing the tremie pipe. The CPT
probes first extended to approximately 25 meters bgs. To complete the HP portion,
the rig was moved less than a meter, and the rig pushed the HP tool to within the aquifer. Upon reaching the designated depth, the CPT operator retracted the HP sleeve
to open a chamber into which the groundwater flowed. The technician bailed
groundwater from the saturated chamber, decanted the water into laboratory prepared
containers, and transported the samples to a chemical laboratory. HLA analyzed the
groundwater samples for VOCs using EPA Test Method 8260. The operator then
sealed the HP probe using a tremie pipe and neat cement grout.
Downgradient of the former manufacturing site, the groundwater passes beneath a
residential subdivision. CPT surveys were positioned in City streets at radial distances of approximately 500, 800, 1,000, 1,300, 1,600, and 2,000 meters from the
former manufacturing site. Figure 1 shows the first 46 CPT/HP locations performed
between 1988 and 1993. The City streets are aligned orthogonally to the direction of
groundwater flow at convenient radial distances. The surveys were extended in the
downgradient direction until the TCE concentrations in the groundwater aquifer declined to below the Maximum Contaminant Level (MCL) of 5 micrograms per liter.
The CPT/HP results showed that the shallow aquifer lay at approximately 8 meters
below grade at the former manufacturing site and dipped to greater depths in the direction of the groundwater flow.
The CPT/HP survey showed that clays and silts cover the former manufacturing
plant and the downgradient area. Variable thicknesses of sand-and-gravel underlie the
clays and silts. In the vicinity of the former manufacturing facility, the shallow aquifer consists of sand-and-gravel unit that extends between 8 and 12 meters bgs. The
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Figure 1 Supplementary CPT/HP Investigation, 1988 – 1993, San Leandro, California
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presence of this unit is less discernible near the downgradient portions of the investigation. The shallow aquifer zone deepens to approximately 25 meters bgs. In some
areas, the sand and gravel units are lenticular and laterally discontinuous. The discontinuous pattern is consistent with the typical branching of the stream channels within
an alluvial fan. The investigation also identified sand and gravel channels with much
higher hydraulic conductivities; the channels are aligned in the downgradient direction through the plume.
The survey also identified a second permeable zone within three meters below the
upper aquifer at the former plant site and immediately downgradient. While the permeable zone from 8 and 12 meters contained VOCs, the chemical results from the
CPT/HP in the second permeable zone had no VOCs. Three double-cased monitoring
wells were installed in this zone to demonstrate that the TCE had not migrated below
the shallow aquifer. The VOC concentrations in the monitoring wells replicated the
HP data.
3 INTERIM REMEDIAL ACTION 1992-1995
With the wealth of the CPT data, cross-sections and profiles of the subsurface stratigraphy were constructed. A rapid downgradient movement of the TCE was apparent
when the TCE concentrations were plotted, and interim remedial measures were required to control its movement. The consultants sought larger lots immediately
downgradient of the former manufacturing property and at the limits of the TCE
plume for the installation of groundwater extraction and treatment systems. Portions
of three properties were leased: one closest to the former manufacturing plant, and
two at the downgradient and lateral limits of the plume. CPT/HP surveys were conducted on each property while negotiating the lease agreements to confirm the appropriate aquifer thickness and contaminant conditions for the construction of a groundwater extraction wells. Three groundwater extraction and treatment systems with
granular activated carbon were designed and installed to remove the VOCs.
The CPT and boring logs indicated that the shallow aquifer materials comprise a
stratified series of gravels, sands, silts and clays. The sand and gravel channels act as
preferred flow and transport pathways. The permeability and saturated thicknesses
controlled the groundwater flow and plume transport. The consultants constructed
nodal cells and assigned hydraulic parameters from the CPT or boring logs and the
piezometeric elevations for each node. Using results from pumping tests, evaluation
of grain size distribution, and groundwater monitoring, they developed a numerical
model to simulate the hydrologic characteristics of the aquifer and extraction systems
and then incorporated the solute source and chemical characteristics of the VOC releases. The modeling results showed that the groundwater gradient diverges in
slightly different directions, following stream channels.
15-year lease agreements were negotiated for the three properties to allow the construction and operation of treatment systems. Extraction wells were then installed and
pumping tests were conducted. The results of the pumping tests, piezometeric levels,
and groundwater concentrations enabled the hydrogeologist’s complete predictive
simulations of the remediation of the TCE plume.
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4 INVESTIGATION OF SECOND AQUIFER
A California regulatory agency then required an assessment of the second aquifer to
confirm that TCE contamination in the shallow aquifer had not impacted the second
aquifer. A CPT/HP survey was conducted to evaluate the presence of TCE in the second aquifer and identified significant aquifer material at depths of 27 to 32meters bgs.
Groundwater samples in the two aquifers were collected in two separate HP probes
and analyzed for VOCs. The shallower sample had detectable concentrations of TCE,
but the deeper sample had none. Groundwater monitoring wells were installed and
sampled in each permeable zone and the results demonstrated the validity of the
CPT/HP results in subsequent sampling. Consequently, no further investigation of the
second aquifer was needed. However, the investigation also identified TCE concentration above the MCL in the shallow aquifer in an area where the modeling studies
had predicted no TCE impact.
5 ADDITIONAL CPT/HP SURVEYS
In 1994, after the treatment systems had operated for about a year, it became evident
that the assessment of TCE was incomplete. First, the investigations indicated that
TCE in the shallow aquifer had migrated downgradient further than expected. Second, the TCE plume in the downgradient wells continued to increase, indicating that
the extraction wells did not provide hydraulic capture of the TCE. Third, the monitoring of one treatment system detected Freon 12 and Freon 22, groundwater contaminants that had not been previously detected throughout the TCE Plume. These contaminants were not abated by the granular activated carbon in the treatment systems,
and their rising concentrations in the effluent threatened a violation of the discharge
permit. Additional CPT/HP surveys to further characterize the sand and gravel channels in the downgradient areas were completed to investigate the source of Freon 12
and 22 in the cross gradient areas and to re-negotiate discharge requirements with the
regulatory agency.
The locations of this CPT/HP survey are shown on Figure 2. This survey identified
two sand and gravel channels with the highest TCE concentrations within the entire
plume. The consultants shut down the treatment system, installed two additional
groundwater extraction wells, and plumbed the two new extraction wells to the nearest groundwater extraction and treatment system with subsurface piping below the
City streets. This treatment system had been designed to process a much larger flow
than the single extraction well that was initially connected to the treatment system,
and the subsequent extraction from the three extraction wells accelerated the removal
of TCE from the aquifer.
The concentrations of Freon 12 and 22 still did not abate. The consultants embarked on a three-phased approach to convince the regulatory agencies that the treatment system should be restarted: (1) demonstrate that Freon 12 and 22 emanated
from an off-site source unrelated to the site that released the TCE; (2) conduct literature research to show that Freon 12 and 22 were non-toxic compounds, and (3) conduct aquatic toxicity testing of the treatment system effluent to demonstrate that
aquatic species were not effected by discharge of Freon 12 and 22 to the storm drain.
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Figure 2 Supplementary CPT/HP Investigation,1994 – 2005, San Leandro, California
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The CPT/HP surveys in the cross gradient area detected Freon 12 and 22 with the
general absence of TCE. To confirm the chemical results and to demonstrate the direction of groundwater flow, three groundwater monitoring wells were installed in the
shallow aquifer in the suspected source area of Freon 12 and 22. Piezometric levels in
the three wells demonstrated that the groundwater with Freon 12 and 22 was impinging on the treatment system from a different source. The literature research on the
toxicity of Freon 12 and 22 showed that Freons were non-toxic and were used in
many consumer products including inhalers. The California regulatory agency also
modified the discharge requirements of the treatment systems: while the same discharge limitations applied to TCE, the concentrations of Freon 12 and 22 could exceed the permit limitation as long as the aquatic testing of an aquatic specie indicated
no toxicity.
Groundwater monitoring of the TCE plume continued with three operating treatment systems. In 2004, a “slug” of high TCE concentrations was observed migrating
toward the new extraction wells. Another technology was sought to accelerate the
degradation of the TCE using chemical injections directly into the zone of high TCE
concentrations and to speed the project toward closure. The regulatory agencies recognized that chemical treatment of the remaining portion of the TCE plume was a
better solution and authorized the shut down and demolition of the three treatment
systems within the following five years.
6 INJECTION OF HRC-X
More information was needed on the configuration of the aquifer and the magnitude
of the TCE concentrations in order to plan the chemical injection. Figure 2 shows the
next phase of CPT/HP survey. The survey extended across five City streets, and the
results indicated the confluence of gravel channels with higher TCE concentrations.
After selecting the street for chemical injection, another CPT/HP survey identified the
dimensions of the contaminated aquifer along the street that ran perpendicular to the
direction of groundwater flow. The contaminated aquifer beneath this street was 120
meter wide over a depth of between 14 and 17 meters bgs. The high TCE concentrations were again coincident with the aquifer.
The consultants injected HRC-X, HRC Primer, and BDI to expedite remediation
of the remaining TCE. These products are manufactured by Regenesis. HRC-X and
HRC Primer are food-grade products composed of glycerol polylactate and are specifically designed to release lactic acid when hydrated. BDI is a selected bacterial
strain that accelerates the dechlorination of TCE and other solvents. The hydrated lactic acid accelerates the biodegradation of chlorinated compounds such as TCE. HRCX dissolves slowly in the groundwater and makes the lactic acid immediately available for fermentation by subsurface microbes. HRC-X and BDI were injected in close
proximity along the same street and thereby created a barrier wall. The barrier wall
intercepted the migrating TCE and simultaneously dissolved in the groundwater and
migrated downgradient. The TCE concentrations abated upon contact with the barrier
wall. Between one and three years was estimated for the HRC-X to migrate in the
groundwater to the remaining TCE. After 2.6 years, the highest TCE concentrations
had declined to below the MCL. Monitoring of the TCE plume continues. With the
precipitous decline in TCE concentrations, closure was requested from the regulatory
agency. However, the residual TCE concentrations in selected monitoring wells re-
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main above the MCL. The regulatory agency has been considering closure since May
2009.
The multiple CPT/HP surveys between 1988 and 2005 resulted in no accidents or
damage to private property and no injuries to employees, subcontractors, or the public. The surveys produced no solid waste that required disposal, and the surveys generated only a small amount of liquid waste during decontamination of the CPT and
HP tools.
7 CONCLUSION
The 23 year investigation and remediation of the TCE has shown the following benefits of CPT/HP surveys: the efficient investigation of the lateral and vertical extent of
TCE over a large area; cost-effective re-mobilization of rig and crew; reduced number of groundwater monitoring wells; reduced cost to design extraction wells; reduced cost to characterize the dimensions of a shallow aquifer for the injection depths
of chemical products such as HRC-X; reduced impact to the public by completing
operations at each location within several hours; facilitated permitting efforts; negligible amount of waste products that required landfill disposal; and safer method to
determine soil parameters and to collect groundwater samples than conventional drilling and sampling techniques.
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ABSTRACT: Due to the geometric similarity and full displacement method of installation, it is logical to assess the end bearing of closed ended displacement piles using
cone penetration test (CPT) data. This correlation needs to be modified to allow for
the reduced level of soil displacement induced during installation of open-ended piles.
Correlations between axial pile resistance in compression and CPT parameters can
include compensating effects where end bearing is under-predicted and shaft friction
is over-predicted (or vice versa). This paper discusses physical mechanisms that influence correlations between CPT and driven pile parameters and presents data supporting a correlation between CPT qt and the end bearing of open and closed ended
displacement piles in siliceous sands. The performance of various CPT shaft friction
correlations combined with two versions of an end bearing equation are compared to
a database of driven pile load. Reduced uncertainty is observed when using the
UWA-05 end bearing formulation, particularly for open ended piles.

1 INTRODUCTION
One of the first uses of the cone penetration test (CPT) was to identify the location
of dense sandy layers underlying soft clays such that the length and ultimate end
bearing capacity of piles could be determined (Delft, 1936). Later, the CPT was applied to the evaluation of shaft friction of displacement piles in sands (e.g., Meyerhof,
1956). Since that time, dozens of CPT based axial pile capacity methods have been
proposed, but no consensus has been reached in the engineering community on a
‘preferred’ design method. Much of this disagreement stems from the limited size and
debatable quality of databases used to derive empirical correlations. Since correlations between CPT qt values and pile axial compression capacities can include compensating effects that lead to over-predictions of end bearing and under-predictions of
shaft friction (or vice versa), high uncertainties and the potential for bias exist when
extrapolating these methods to situations outside of the database to which they were
calibrated. Understanding the physical mechanisms controlling the correlation between CPT parameters and axial pile capacity is necessary to minimize these uncertainties and the potential for bias
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This paper first discusses such mechanisms and then compares pile compressive
capacities predicted using a variety of design method shaft friction formulations and
two versions of a correlation to end bearing resistance. Details relating to the design
method formulations and database of load test results are discussed by Xu et al.
(2008) and Schneider et al. (2008). The nomenclature adopted in the paper is summarised on Figure 1.

Figure 1. Nomenclature used when comparing CPT measurements to axial pile resistance

2 EVALUATION OF AXIAL PILE CAPACITY IN SILICEOUS SANDS
The total axial compressive resistance (Rt = Rb+Rs) of a driven pile is a combination
of the base resistance (Rb) and the shaft resistance (Rs). The base resistance (Rb =
qb·Ab) can be assessed as the unit end bearing (qb) acting over the area of the pile base
(Ab = πD2/4). The ultimate shaft friction (τf) acts over the area of a (circular) pile
shaft (As = πD·Lemb), and since τf varies along the length of the pile, the incremental
shaft friction (τf,z) is multiplied by the area and summed along the length of the pile:
R s = πD∑z =tipz
z

tip − L emb

τ f , z ⋅ ∆z

(1)

Pile base stress and pile shaft friction are correlated to CPT tip resistance, although,
that correlation is not unique and will vary with pile geometry, among other factors.
The following sections address factors influencing the correlation between CPT qt
and pile unit end bearing or incremental shaft friction.
Six driven pile design methods for assessing qb and τf are compared in this paper,
and identified by a short abbreviation consisting of initials and the year the method
was published: API-00 (API 2000), EF-97 (Eslami & Fellenius 1997), ICP-05 (Jardine et al. 2005), NGI-05 (Claussen et al. 2005), Fugro-05 (Kolk et al. 2005) and
UWA-05 (Lehane et al. 2005, 2008). The reader is referred to the original references
for a full description of the development of the respective formulations; summaries
are also provided in Xu et al. (2008) and Schneider et al. (2008).
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2.1 End Bearing
Similarities in geometry and displacement method of installation for driven piles imply that rational correlations between pile end bearing and CPT qt should evolve, and
are identified using the ratio of those parameters, qb/qt. Drained CPT qt and pile qb in
siliceous sands are both influenced by parameters such as friction & dilation angle,
shear stiffness and sand compressibility. Difficulties in application of theoretical
models to the calculation of pile end bearing are well known and hence correlations
with site specific CPT parameters are believed to provide the highest reliability.
Equivalence between qt and qb for a full displacement pile does not arise due to a
number of factors, including; (i) differences between the diameter of a pile and the
CPT probe, and (ii) partial mobilization of full end bearing resistance for piles. The
effects of pile diameter (or scale) are related primarily to the greater zone of influence
of a pile (e.g., Eslami & Fellenius, 1997; White & Bolton, 2005; Xu et al., 2008).
Numerical and centrifuge studies of Xu & Lehane (2008) indicate that when penetrating through a loose layer into a denser layer, qb and qt may start to increase from the
soft layer resistance value within 0.5 to 1.5D of the layer interface, although it may
take up to 16D below the layer interface to reach full steady state resistance (depending on the ratio of the resistance in each layer). Similar scale effects arise when approaching a dense layer from a loose layer. The discounting of soil layering effects in
the derivation of a properly averaged CPT qt profile has resulted in the inference of
diameter effects on the end bearing capacity formulation of ICP-05 (White & Bolton,
2005; Xu et al., 2008). Potential errors that result from overlooking soil layering effects in evaluation of qb may propagate into errors for evaluation of τf.
The ratio of pile qb to an appropriately averaged CPT tip resistance (qt,avg) can lie
below unity if the displacement required to mobilize the full capacity is not reached.
Pile failure is often defined at the maximum resistance prior to a tip displacement
(wtip) of ten percent of the pile diameter (0.1D). Jacked displacement piles have a stiff
base response and typically mobilize full end bearing (qb/qt,avg=1) within a tip displacement of 0.1D (e.g., White & Bolton, 2005, Lehane et al. 2008). Driven closed
ended piles usually require larger displacements to mobilize full end bearing resistance, with qb/qt,avg values typically lying between 0.6 (Xu et al. 2008) and 1.0 (e.g.,
Eslami & Fellenius, 1997, White & Bolton, 2005). Low displacement (open ended)
piles require significantly larger levels of displacement to mobilize full end bearing
resistance, although load tests are typically not performed to wtip greater than 0.1D.
Open ended piles installed in a coring mode over the final few diameters of driving
(FFR = ∆hp/∆z = 1) behave in a similar manner to (low displacement) bored piles,
with qb/qt,avg on the order of 0.15 to 0.2. If the pile (fully or partially) plugs towards
the end of installation, base stiffness will increase leading to the mobilization of a
greater proportion of qt,avg at wtip = 0.1D. The degree of mobilization of plug end
bearing (qplug) can be estimated using the final filling ratio (FFR) (e.g., Gavin & Lehane, 2003). Since resistance also develops capacity on the pile annulus (qann), Xu et
al. (2008) proposed use of a term referred to as the effective area ratio (Arb,eff ) to evaluate the base resistance of open and closed ended driven piles:
2

A rb ,eff

D
= 1 − FFR ⋅ i2
D

(2)

qb
= 0.15 + 0.45 ⋅ A rb ,eff
q t ,avg

(3)
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The Dutch/Schmertmann CPT qt averaging technique (e.g. Schmertmann, 1978) was
used to account for the difference in diameter between a cone and a pile. The performance of Equation 3 for a database of closed and open ended piles is summarized in
Figure 2. This same equation was used in the development of the UWA-05 method,
and is considered the most representative formulation for evaluation of pile end bearing from qt,avg based on discussions outlined in Lehane et al. (2005) and Xu et al.
(2008). The performance of shaft friction formulations for design methods mentioned
above are compared by using the end bearing formulation of UWA-05, as well as a
second linear correlation between qb/qt,avg and Arb,eff illustrated in Figure 2. Alternative 2 is not recommended as an end bearing formulation, but is explored here to investigate effects of different end bearing formulations on method statistics.

Figure 2. Ratio of measured pile base resistance to averaged cone tip resistance for closed and open
ended piles (after Xu et al. 2008)

2.2 Shaft Friction
The shaft friction of piles in sand is a function of the radial effective stress at failure
(σ'rf) on the side of a pile and the soil-pile interface friction angle (δf):
τ f = σ' rf tan δ f = (σ' rc + ∆σ' rd ) tan δ f

(4)

The radial effective stress at failure can be separated as the radial effective stress after
installation and consolidation/equalization (σ'rc) and the change in radial stress during
loading (∆σ'rd) (e.g., Lehane et al. 1993). Due to the difficulties in estimating radial
effective stress, σ'rf historically has been taken as a function of the vertical effective
stress through an earth pressure coefficient (σ'rf = Kf·σ'v0; e.g. API 2000). The ‘earth
pressure coefficient’ in sandy soils has been shown to change with pile embedment
and soil density (e.g., Lehane et al., 1993, Jardine et al., 2005), and also be influenced
by the relative level of soil displacement during pile installation (e.g., Gavin & Lehane, 2003). Use of pile shaft friction correlations between τf and CPT qt are now
common.
A multi variable expression relating τf to qt has been developed based on mechanisms influencing pile shaft friction and the assumed (relative density independent)
correlation between radial effective stress after installation and equalization and qt
(Lehane & Jardine, 1994, Gavin & Lehane, 2003):
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−c

f t  q t ⋅ A rs ,eff
h 
τf = 
max , ν  + ∆σ' rd  tan δ f
f c 
a
D 


(5)

Terms within equation (5) are illustrated in Figure 1, where ft/fc is the ratio of friction in tension to that in compression (taken as unity in compression), Ars,eff is the effective area ratio of the pile toe during installation and ‘h’ is the height above the pile
tip. Ars,eff is similar to Arb,eff discussed above for end bearing, although, is influenced
not solely by plugging at the end of driving (i.e., FFR). Ars,eff is affected by plugging
at various stages during installation, which is best assessed using the incremental filling ratio (IFR = ∆hp/∆z) that may vary with depth during driving. With the above expression, fitting parameters are related to various mechanisms that affect the correlation between qt and τf:
• a = parameter to account for the reduction in radial stress behind the pile tip
• b = parameter to account for differences between open and closed ended piles
• c = exponent to accounts for ‘friction fatigue’
• ν = parameter to accounts for and upper limit on (h/D)-c near the pile tip
It is noted that friction fatigue is the reduction in local friction, which occurs as a pile
tip is driven deeper into the soil (e.g., White & Lehane, 2004). Within the UWA-05
method the parameters a, b, c, and ν have been calibrated for piles in compression to
equal 33, 0.3, 0.5, and 2 (Lehane et al. 2005, 2008). The ratio of ft/fc in tension is taken as 0.75 within UWA-05 and the change in radial stress during loading is estimated
from elastic cylindrical cavity expansion theory (∆σ'rd = 4G·∆y/D). If the effects of
friction fatigue, area ratio, ratio of tension to compression shaft capacity, change in
radial effective stress during loading, and interface friction angle are ignored, the parameters c, b, ∆σ'rd, tanδf and ft/fc in Equation 5 become equal to 0, 0, 0, 1, and 1, respectively. Equation 5 therefore simplifies to:

τf =

qt
αs

(6)

which is commonly referred to as a CPT ‘alpha’ method. Eslami & Fellenius (1997)
recommend using αs equal to 250 for clean siliceous sands. The parameter αs is related to the parameter ‘a’ from Equation 5, but has a higher value since the effects of
friction fatigue, area ratio, ratio of tension to compression shaft capacity, change in
radial effective stress during loading, and interface friction angle are ignored. Use of
simplified αs values calibrated to empirical databases clearly induces bias when applied to conditions outside of the database used to calibrate the method.
3 ANALYSIS OF DATABASES OF COMPRESSION LOAD TESTS ON
DRIVEN PILES IN SILICEOUS SANDS WITH ADJACENT CPT RESULTS
The databases employed in this paper are subsets of the databases discussed by
Schneider et al. (2008) and Xu et al. (2008). Since parametric studies of end bearing
formulation are the focus of this paper, three subset databases are evaluated; (i) 32
closed ended piles in compression (CEC); (ii) 17 open ended piles in compression
(OEC); and (iii) the combined database of 49 piles in compression (C). The performance of each design method is assessed through the characteristic value and the level of uncertainty of the ratio of measured to calculated resistance (Rt,m/Rt,c). For ap-
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plication to reliability analyses, parameters are quantified using the lognormal distribution. The sample median of Rt,m/Rt,c (λ50,R) is used for the characteristics value, and
the uncertainty is addressed through the standard deviation of the natural log of
Rt,m/Rt,c (σlnR). The value of σlnR (squared) is related to the coefficient of variation
[COV; σln2 = ln(1+COV2)] and σln is approximately equal to COV for COV less than
0.5. Table 1 summarizes the statistical performance of the design methods analyzed
in this paper. The first pair of columns of each table presents the statistics based on
the specific recommendations of each method for both end bearing and shaft friction.
The second and third two pairs of columns use the design method formulation for
shaft friction, but a common method for calculating end bearing, namely one based
on effective area ratio (Arb,eff). The end bearing formulations are included in the
tables, and are also shown in Figure 2. The Dutch/Schmertmann CPT qt averaging
technique was used to determine qt,avg values for Alternatives 1 and 2.
The results of this study can be evaluated by comparing the median, λ50,R, and
standard deviation, σlnR, of calculations based on original method formulation (Columns 2/3) to those parameters with the alternative end bearing formulations (Columns 4/5 & 6/7). The level of conservatism is assessed by comparing respective λ50R
values while σlnR values provide a measure of the uncertainty of the calculation method. Deviations in λ50R from unity when the method has a lower level of uncertainty
indicate the potential for conservative or unconservative bias in the shaft friction formulation. Results indicate:
• The use of CPT qt based end bearing significantly reduces the uncertainty in the
API-00 method. For open ended piles, σlnR is reduced from 0.63 to 0.26, and overall σlnR is reduced from 0.53 to 0.31. Bias exists in the shaft friction formulation,
which needs to be accounted for.
• The use of end bearing Alternatives 1 or 2 for CEC does not lead to significant
changes in σlnR for any of the CPT based methods. A value of λ50R equal to unity
lies between Alternatives 1 (qb/qt,avg = 0.6) and 2 (qb/qt,avg = 1.0) for each of the
methods.
• Application of Alternative 1 to OEC (i.e., the UWA-05 method), reduces σlnR for
all methods. This implies that the CPT averaging technique and end bearing formulation recommended in UWA-05 are a significant improvement in the design of
end bearing capacity of open ended piles, as discussed by Xu et al. (2008).
• The most significant improvement in design method performance due to the application of the Alternative 1 (UWA-05) occurred for the EF-97 method. This method
assumes that qb/qt,avg for open (and closed) ended piles is equal to unity. The value
of λ50,R for the method is a highly unconservative 0.46; this becomes closer to unity, solely by changing the end bearing formulation with the value of σlnR dropping
from 0.27 to 0.15. The neglect of many mechanisms controlling shaft friction in the
EF-97 formulation raises doubts concerning its validity for large diameter and long
piles.
• While a λ50,R value equal to unity lies between Alternatives 1 and 2 for each of the
methods (except NGI-05) when using the OEC database, differences in σlnR tend to
imply that Alternative 1 is more appropriate for design than Alternative 2.
• For the entire compression database (C), end bearing Alternative 1 typically leads
to lower capacities than predicted by the respective approaches while Alternative 2
typically leads to higher capacities. Exceptions are API-00, where both alternatives
increase capacity, and EF-97 and Fugro-05 where both alternatives decrease capacity. Significant reductions in σlnR are observed for API-00 and EF-97, although lit-
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tle or no improvement is observed for the offshore CPT based methods. It is noted
that the database is weighted towards closed ended piles in compression which
weights the statistics in for database C towards that pile type.
Table 1. Statistics for comparison of pile load test results to analysis method shaft friction formulation
with different end bearing assumptions
method formulation qb
Alternative 1 (UWA-05)
Alternative 2
qb/qt,avg=0.15+0.45Arb,eff
qb/qt,avg=0.15+0.85Arb,eff
(1)
(2)
(3)
(4)
(5)
(6)
(7)
Method
λ50,R
σlnR
λ50,R
σlnR
λ50,R
σlnR
Closed Ended Piles in Compression (CEC) database (# of load tests, n=32)
API-00
1.20
0.48
1.07
0.34
0.83
0.32
EF-97
0.92
0.31
1.10
0.31
0.92
0.31
Fugro-05
0.85
0.37
1.22
0.39
0.90
0.39
ICP-05
1.09
0.32
1.13
0.31
0.90
0.33
NGI-05
0.97
0.39
1.11
0.41
0.86
0.41
UWA-05
1.13
0.32
1.13
0.32
0.88
0.34
Open Ended Piles in Compression (OEC) database (# of load tests, n =17)
API-00
1.20
0.63
1.15
0.26
0.94
0.25
EF-97
0.46
0.27
1.02
0.15
0.86
0.18
Fugro-05
0.92
0.30
1.07
0.28
0.90
0.31
ICP-05
1.12
0.27
1.02
0.20
0.86
0.22
NGI-05
0.98
0.25
0.95
0.23
0.84
0.26
UWA-05
1.02
0.19
1.02
0.19
0.87
0.24
Piles in Compression (C) database (# of load tests, n =49)
API-00
1.20
0.53
1.10
0.32
0.90
0.31
EF-97
0.70
0.42
1.05
0.27
0.87
0.27
Fugro-05
0.86
0.35
1.15
0.35
0.90
0.36
ICP-05
1.10
0.31
1.10
0.28
0.89
0.29
NGI-05
0.98
0.34
1.05
0.36
0.84
0.36
UWA-05
1.09
0.28
1.09
0.28
0.87
0.30

4 CONCLUSIONS
Assumptions related to the end bearing formulation have significant influences on
accuracy and reliability of design methods in sand. The end bearing formulation of
UWA-05 (Alternative 1) tends to lead to minimal change in σlnR for the full database
of load tests examined but leads to greatly improved predictions for open ended piles.
The statistical analyses presented here show how incorporation of the UWA-05 formulation for end bearing in other design methods leads to reduced variability in the
ratio of measured to calculated resistance. Significant errors can arise in the prediction of pile capacities due to inappropriate shaft friction formulations. While the
UWA-05 method produces relatively good predictions, it is clear that additional research is still required to quantify effects on the qt and τf relationship due to (i) the
‘rate’ and diameter dependence on friction fatigue; (ii) differences between open and
closed ended piles; (iii) changes in radial stress during installation and loading; and
(iv) increases in shaft friction capacity with time between installation and loading.
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ABSTRACT: Although there exist some consensus regarding seismic soil liquefaction assessment of free field sites, estimating the liquefaction triggering potential beneath mat foundations still stays as a controversial and difficult issue. This paper focuses on development of a framework based on findings of Unutmaz (2008), and
recently published strain estimation models of Bilge & Cetin (2008) and Cetin et al.
(2009) for the assessment of cyclically induced foundation settlements. The proposed
framework is validated using well-documented foundation settlement case histories
after the 1999 Kocaeli and Duzce earthquakes along with the related CPT data. For
each case history, settlements are assessed through the proposed methodology. The
proposed simplified procedures are shown to predict cyclically-induced foundation
settlements accurately within an accuracy factor of two (i.e. predictions fall within 1:2
and 2:1 limits of the measured settlements.)
1 INTRODUCTION
Contrary to the free field soil sites, liquefaction triggering assessment of foundation
soils is a controversial issue and draws significant attention. Very recently, Unutmaz
(2008) has proposed a framework for the assessment of liquefaction triggering of
these foundation soils. Using the framework of Unutmaz (2008) along with models of
Cetin et al. (2009) and Bilge & Cetin (2008) which were given for the cyclic straining
assessment of coarse- and fine-grained soils, respectively; it is possible to assess
seismically-induced foundation soil displacements.
Starting from a brief review of these models, case history data will be summarized.
Details of the calculation procedure for a sample case history are also included for the
purpose of illustration using available CPT data. Finally, the performance of the proposed model is evaluated by comparing the predictions with the observed foundation
settlements and the results of this evaluation study will be presented.
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2 PROPOSED SIMPLIFIED PROCEDURE FOR THE ESTIMATION OF
CSRSSEI,rep
Cyclic shear stresses induced on horizontal planes of foundation soils are mainly due
to seismic response of the structural and soil masses represented by maximum cyclic
base shear, τb,max and τsoil,max, respectively. Due to the complex nature of the interaction, as well as possibly out of phase occurrences of the individual maximum shear,
simple sum of these components could be overly conservative. Thus, the contributions (weighting) of these shear components are assessed as given in Equation (1) for
representative CSRSSEI values:

CSReq ,SSEI ,α =0,σ v '=100 kPa ( z ) = 0.65 ⋅

10.706 × e

0.028σ − 0.555

SA
h
− 0.797
PGA
B

⋅ τ b ,max + τ soil ,max

σ ' v , SSI ( z ) ⋅ K α ( z ) ⋅ K σ ( z )

(1)

where, σ′v,SSI(z) is the vertical effective stress induced by both the structure and the
soil at depth “z”, σ refers to soil-to-structure stiffness ratio, SA is the spectral acceleration corresponding to the fixed base natural period of the structure, and PGA is the
peak ground soil acceleration. The model coefficients for the SSEI (soil-structureearthquake-interaction) participation functions are estimated for representative
CSReq,SSEI values through maximum likelihood assessments (Cetin et al., 2002).
2.1 Estimation of shear stresses
The shear stresses beneath the structure and in the soil profile during and after seismic loading have been calculated by simplified formula in the simplified method. For
the case of structural base shear, the contribution of higher modes has been neglected
and the maximum base shear is:
Vb ,max = 0.8 Wbldg S A

(2)

and the dissipation of the shear stress with depth (z) is expressed by

τ b ,max ( z ) =

Wbldg
0.80 ⋅ S A
⋅
( B + 1 .6 ⋅ z ) ⋅ ( L + 1 .6 ⋅ z ) g

(3)

where Wbldg is the weight of the structure, B and L are the width and length of the
structure respectively.
Cyclic shear stress contributions due to soil mass itself can be estimated consistent
with Seed & Idriss (1971) simplified procedure, as given in Equation (4):

τ soil ,max ( z ) =

a max
⋅ γ n ⋅ z ⋅ rd
g

(4)

To account for the variability in vertical and shear stress conditions under static
conditions Kα and Kσ corrections are applied. For the purpose of estimating Kσ values, the methodology proposed by Idriss & Boulanger (2006) was adopted. For the
estimation of Kα corrections, a representative α field under the structures needs to be
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estimated first. Static α field is somewhat cumbersome to estimate unless 3-D static
soil-structure model results are available. For empirical assessment of the α field,
simplified formulation for representative α is proposed as given in Equation (5):
−0.12

 z − 1.48  Tstr
0.04
α rep (z ) = exp
× () 1, 60 )
×
 − 4.36  10.03

(5)

CSReq,SSEI,rep, simplified formula, α= 0,

σ= 1 00 kPa

where z is the depth from ground surface, Tstr is the natural period of the structure,
N1,60 is the representative, overburden and energy corrected representative SPT blow
count. For prediction of Kα, chart solutions proposed by NCEER (1997) were used.
The success of the outlined methodology for the estimation of CSReq,SSEI values is illustrated by Figure 1, which compares values using the simplified method with those
predicted using FLAC-3D analyses results. The unbiased trend as well as favorable
Pearson’s product (R2) values and almost all data pairs falling into the 2:1 and 1:2
bounds are concluded to be convincing for the success of the proposed methodology.
1.00
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R = 0.81
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CSReq,SSEI,rep, numerical analyses,,
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1.00

α=0 , σ=100 kPa

Figure 1. Comparison of calculated and predicted CSReq,SSEI, rep values

3 ASSESSMENT OF CYCLICALLY-INDUCED SOIL STRAINS
After predicting CSReq,SSEI, next step of the proposed framework is the estimation of
the cyclically-induced soil strains. Cetin et al. (2009) and Bilge & Cetin (2008) have
proposed probabilistic-based semi-empirical models for the assessment of cyclicallyinduced deviatoric and volumetric strains for coarse- and fine-grained soils, respectively. A brief review of these models and their further use in the proposed framework will be presented next.
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3.1 Cyclic straining of coarse-grained soils
For the deformation assessment of coarse-grained (sandy) soils, the procedure described in Cetin et al. (2009) has been utilized. Cetin et al. defined maximum shear
and volumetric strains as follows:

γ max =

− 0.025 ⋅ ) 1, 60 ,CS + ln (CSR SS , 20 ,1− D ,1atm ) + 2.613

(6)

0.001 ⋅ ) 1, 60 ,CS + 0.001

 780.416 ⋅ ln(CSR SS , 20,1− D ,1 atm ) − ) 1, 60,CS + 2442.465 
 + 5.583
636.613 ⋅ ) 1,60 ,CS + 306.732



ε v = 1.879 ⋅ ln 

(7)

In these equations, γmax and εv represent the maximum double amplitude shear and
post-cyclic volumetric strains respectively, both of which are in percent, N1,60,CS, is
the overburden and energy corrected SPT-N value for clean sands, CSRSS,20,1-D,1atm is
the CSR value corresponding to a 1 dimensional, 20 uniform loading cycles simple
shear test under a confinement pressure of 100 kPa (=1 atm.). In this paper, CSR has
been taken as the structural-induced representative CSR value (CSRSSEI,rep).
3.2 Cyclic straining of fine-grained soils
For fine-grained soils (silt and clay mixtures), the procedure described by Bilge &
Cetin (2008) has been utilized. According to that the study, the maximum shear strain
(deviatoric strain) is calculated using Equation (8):
2

γ max = ln 20.17

wc 

 0.75 LL 



22.88
ln (PI )

τ
 τ

0.84 −  st − 0.72  +  cyc + 0.60 
 su
  su

⋅
− 5. 2

2

(8)

The volumetric strain is then calculated by Equation (9):

ε v = 0.28 ⋅ γ max 0.68

(9)

where LL is the liquid limit, PI is the plasticity index, wc is the natural moisture content, su is the undrained shear strength, τcyc and τst are cyclic and static shear stresses
respectively.
3.3 Calculation of settlements:
As the proposed formulations require SPT N1,60 values, the available cone resistances
should be converted to standard penetration test blow counts using the following equation after Robertson (1990):

) 1, 60

qc
Pa
=
I 

8.5 × 1 − c 
 4.6 

(10)
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where qc is the cone tip resistance, Ic is the CPT soil behavior index which is a function of soil characteristics, such as, fines content, sensitivity, and plasticity.
After obtaining the required parameters from field and laboratory tests, the deviatoric and volumetric strains can be calculated separately for sandy and clayey layers
using the corresponding formulations (if the layer is sand, Equations 6 and 7 is utilized, if the soil is cohesive soil, Equations 8 and 9 are utilized). Then these strains
are multiplied with the thicknesses of the relevant layers to predict the layer’s settlement. Finally, to estimate the total settlement, the deviatoric and volumetric components for sandy and clayey layers along the soil profile are added up after being multiplied with the corresponding weighting factors (i.e. θdev and θvol) which were
calculated as 0.02 and 0.77 through maximum likelihood analysis.
4 CPT CASE HISTORIES AFTER 1999 TURKEY EARTHQUAKES
After the 17th August, 1999 Kocaeli and 12th November, 1999 Duzce earthquakes in
Turkey, a number of case histories including the soil and structural characteristics as
well as the settlements of the structures have been collected. 25 separate foundation
settlement case histories from 13 different sites were collected after Kocaeli Earthquake and 13 separate cases from 6 different sites were collected after Duzce Earthquake. However, only 13 of these cases, where CPT had been performed, were available to be used in this study. A summary of these case histories is presented in Table
1.
The foundation soil profiles of these case histories generally consist of silty soils,
sand-silt mixtures and silt-clay mixtures. Normalized CPT-qc values vary in the range
of 1 to 3 MPa in the upper 5 meters and gradually increase up to a maximum value of
17 MPa beyond depths of 5 to 8 m’s. Overlying structures are mainly 3 to 6 storey,
residential buildings with no basements. The structures were composed of frame elements of beams and columns. Most of the foundation systems were documented to be
mats, the missing ones were also assumed to be mats. Settlements at the corners of
the structures as well as tilting angles of these buildings were recorded at nearly each
building relative to the pavements, stairs, and etc. Details of these case histories, including the lay-out plan, structural dimensions, observed settlements, the soil tests
performed (SPT, CPT, Vs and etc.) have been presented in Unutmaz (2008).
Table 1. Summary of the available case histories after 1999 Kocaeli earthquake
Name
of the
Test
CPT-T3
CPT-T1
CPT-A5
CPT-C5
CPT-C5
CPT-E3
CPT-E3

EQ
Duzce
Duzce
Kocaeli
Kocaeli
Kocaeli
Kocaeli
Kocaeli

Name of the
Building
TIGCILAR
TIGCILAR
A2
C3
C4
E1
E3

Structural Properties
B
(m)
12.0
8.9
13.7
19.5
23.4
12.0
15.0

L
(m)
14.0
24.6
17.0
20.0
24.0
17.0
21.6
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H
(m)
11.2
15.4
14.0
14.0
14.0
14.0
14.0

Period (s)
0.40
0.55
0.50
0.50
0.50
0.50
0.50

SA
(g)
0.90
0.91
0.86
0.86
0.86
0.86
0.86

Observed
Settlement
(cm)
10.0
50.0
20.0
15.0
17.0
17.0
20.0

Table 1. (cont’d) Summary of the available case histories after 1999 Kocaeli earthquake
Name
of the
Test

Name of the
Building

EQ
Duzce
Duzce
Duzce
Duzce
Duzce
Duzce

CPT-C3
CPT-C3
CPT-C3
CPT-T1
CPT-T1
CPT-T1

ORNEK A.
CASE-4
CASE-5
CASE-3
CASE-4
CASE-5

Structural Properties
B
(m)
18.0
10.2
9.5
7.5
9.3
11.8

L
(m)
29.0
17.5
17.5
10.9
10.9
12.5

H
(m)
16.8
11.2
11.2
11.4
11.4
8.4

Period (s)
0.60
0.40
0.40
0.41
0.41
0.30

SA
(g)
0.79
0.79
0.79
0.79
0.79
0.70

Observed
Settlement
(cm)
60.0
20.0
50.0
18.0
15.0
10.0

Each case is separately investigated by following the procedure defined in Sections 2
and 3. For illustrative purposes, one of these cases (CPT-T1 and Tigcilar) is presented
in Table 2.
For the purpose of performance evaluation of the proposed framework, the observed and predicted settlement values are compared and presented in Figure 2 along
with the 2:1 and 1:2 bounds. This figure reveals that the proposed methodology can
successfully predict the amplitudes of foundation soil settlements due to seismic excitation with only two exceptions which were indicated by hollow circles. However, as
discussed by Unutmaz (2008), these significant foundation settlements (in excess of
50 cm) may be an indication of bearing capacity failure rather than simple settlement
problems.
60
Predicted Settlement (cm)

Cases with Settlements < 50 cm
Cases with Settlements > 50 cm

50
40
30
20
10
0
0

20

40

60

Observed Settlement (cm)
Figure 2. Comparison of predicted and observed settlements
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Table 2. An example calculation (CPT-T1, Tigcilar)
6

εv,rep

γ rep

19

Kα

18

α

17

Kσ

16

CSRrep

15

τsoil

14

τb

13

Thickness of
Layer (m)

12

CSRFF

11

σv,ssi'

10

rd

9

Vs

8

σV' (kPa)

7

Type of Soil

5

Depth (m)

4

SPT-N

3

Fr

2

qc

1

282
119
60
18
147
68
174
401
276
12
206
17
33
15
76
10

3
1
2
4
2
3
2
0
0
4
1
3
2
4
1
4

3
6
5
3
15
9
19
40
33
4
30
5
9
6
18
6

0.6
1.7
2.3
3.4
4.4
4.8
5.4
6.3
7.4
8.9
10.3
11.0
11.8
13.0
14.0
17.7

S
S
S
CL
S
S
S
SW-SM
S
CL
S
ML
S
CL
S
CL

10
28
36
44
50
55
61
67
76
87
98
105
112
120
134
191

169
180
162
133
221
184
232
292
268
130
250
136
163
141
200
131

0.985
0.954
0.930
0.885
0.838
0.816
0.784
0.737
0.683
0.618
0.568
0.548
0.530
0.510
0.497
0.472

223
213
201
191
184
180
177
174
173
172
174
176
178
182
188
226

0.224
0.217
0.257
0.281
0.289
0.293
0.292
0.285
0.274
0.257
0.241
0.237
0.231
0.225
0.223
0.221

1.13
0.86
0.88
1.03
0.71
0.53
0.76
0.99
1.27
1.46
1.08
0.73
0.97
1.09
2.39
11.88

167
167
167
167
167
167
167
167
167
167
167
167
167
167
167
167

2.3
6.4
9.9
14
17
20
23
26
31
36
41
45
49
53
60
89

0.049
0.074
0.094
0.125
0.144
0.165
0.178
0.181
0.250
0.261
0.320
0.307
0.326
0.341
0.379
0.447

0.90
0.90
0.93
0.95
0.86
0.92
0.89
1.00
0.84
0.96
0.84
0.95
0.94
0.95
0.91
0.93

0.19
0.15
0.11
0.08
0.08
0.06
0.05
0.05
0.03
0.02
0.02
0.01
0.01
0.01
0.00
0.00

0.782
0.828
0.870
0.852
1.000
0.926
1.000
1.000
1.000
0.969
1.000
0.984
0.987
0.992
1.000
1.004

-3.93
-0.99
0.73
2.19
-0.35
0.73
0.16
-0.40
0.00
3.36
0.44
3.35
2.60
3.20
1.70
3.73

0.00
0.00
0.00
11.66
0.00
3.54
1.23
0.00
0.60
40.13
3.84
41.21
25.71
38.21
13.95
55.36

9

866

21

Total Sett.
(cm)

Obs. Sett (cm)

0.456

Sγ,rep,(cm)

εv,FF,equivalent

0.341

Sεv,rep,equivalent
(cm)

εv,rep,equivalent

Table 2 (cont’d.) An example calculation (CPT-T1, Tigcilar)
20
21
22 23 24 25

21

151

SPT-N values in Table 2 were calculated using Equation 10. Mass participation factors (rd) were calculated according to Cetin & Seed (2004). Free field CSR values
(CSRFF) were calculated according to the simplified procedure of Seed & Idriss
(1971). Base and soil shear stresses (τb,max and τsoil,max respectively), overburden and
initial shear stress correction factors (Kσ and Kα, respectively) and the volumetric and
shear stresses (ε and γ) were calculated according to the procedures defined in the
preceding sections of this manuscript.
5 SUMMARY AND CONCLUSIONS
Within the confines of this manuscript a framework is presented for the assessment of
cyclically-induced foundation soil deformations based on recently published models
of Unutmaz (2008), Bilge & Cetin (2008) and Cetin et al. (2009). The case history
validation of the proposed framework is performed using foundation settlement case
histories after 1999 Kocaeli and Duzce earthquakes by using related CPT data. Performance evaluation study revealed that the proposed methodology produces fair estimates except for the bearing capacity failures (cases with settlements exceeding 50
cm). Considering the significance of this problem and various advantages of CPT, it
is concluded that a simple, yet robust method is proposed especially for the practitioners.
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CPT-based ultimate capacity of driven piles in residual
soil
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ABSTRACT: Two pile axial load tests were performed in a site in Depok, West Java,
Indonesia. The soil of the site is predominantly a silt-clay residual soil, characterized
by seven mechanical cone penetration tests (CPTs). The piles were 5.5 m long and
11.5 m long, 250 mm square piles, and the results of the load tests showed that the ultimate capacity was achieved. The axial load tests were subsequently back-analyzed
using an axisymmetric finite element model using PLAXIS. In the back-analyses, the
soil modulus and shear strength in the model, using the cone penetration resistance as
the reference, were adjusted so that the numerical load-settlement curves matched the
actual curves. The results of the back-analyses are then synthesized with the results
of the CPTs. Some recommendations are then proposed.
1 INTRODUCTION
A six-story building supported by pile foundations was being constructed in a site in
Depok, West Java, Indonesia. The soil of the site is predominantly a silt-clay residual
soil, characterized by seven mechanical cone penetration tests (CPTs). The piles are
250 mm square concrete driven piles. Two pile axial load tests, 5.5 m long and 11.5
m long piles, were performed. The load-settlement curves from the load tests indicate that the ultimate capacity of both piles was reached. These unique features (axial
load tests of piles with different lengths and load-settlement curves indicating failures) provide insights into the behavior of pile foundation in residual soil.
To examine the observed pile foundation behavior, the axial load tests were subsequently back-analyzed using an axisymmetric finite element model. In the backanalyses, the soil modulus and shear strength in the model were adjusted so that the
numerical load-settlement curves matched the actual curves. The cone penetration
resistance was used as the reference in the back-analysis process.
This paper describes the geotechnical conditions and the axial load tests performed. It continues with a discussion on the back-analysis process. It concludes by
highlighting the key observations.
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2 GEOTECHNICAL CONDITIONS
The geotechnical conditions of the site were characterized by performing a total of
seven (7) mechanical cone penetration tests (CPTs). The CPTs were conducted in
accordance with ASTM D3441 (2008). The cone with an apex angle of 60° is 10 cm2
in cross-sectional area and has a 150 cm2 friction sleeve. Three tests were performed
in 2007, while the rest were performed in 2009. The CPT results are presented in
Figure 1; all cone penetration resistance data, qc, are presented in Figure 1a, while the
mean values and the mean ± standard deviation values of both qc and the friction ratio, Rf, are shown in Figure 1b. In addition, the variability, represented by the coefficient of variation (= standard deviation / mean), for both qc (square & line) and Rf
(line) is also shown in Figure 1c. Based on the results, four geomaterial layers can be
identified: c depth = 0 – 5.0 m, d depth = 5.0 – 11.0 m, e depth = 11.0 – 14 m, and
f depth = 14.0 – 16.0 m.
The Robertson (1990) procedure was used to further interpret the CPT results of
the three first layers. As shown in Figure 2, the first layer is predominantly in the
Zone 3 (silty clay to clay) with higher OCR, the second layer is predominantly in the
Zone 3 with lower OCR, and the third layer is predominantly the Zone 4 (clayey silt
to silty clay) with relatively low OCR. Although the Robertson (1990) chart was
based on electric CPT data, it appears to provide reasonable results for the mechanical CPT’s at this site.
The qc is also corrected to the overburden effective stress of 1 atm. The overburden corrected cone penetration resistance, qc1, is computed by using an overburden
correction factor CN as follows:
qc1 = CN ⋅ qc

(1)

In this paper, the CN expression proposed by Liao & Whitman (1986) was used:
CN = (Pa / σ’vo) 0.5 ≤ 1.7

(2)

in which Pa = 100 kPa and σ’vo = overburden effective stress in kPa. The qc1 mean
values and the mean ± standard deviation values are shown in Figure 3, along with
those of qc.
The difference in qc and qc1 values with depth is represented by the resistance ratio, in which the average qc and qc1 values in the first layer is used as the reference
value. As shown Figure 3c, qc tends to increase with depth, while qc1 tends to decrease and to increase with depth.
3 AXIAL LOAD TESTS
A total of 179 250-mm-square-concrete piles were installed for the six-story building.
A 15 kN drop hammer was used to drive the piles. Two of the piles were driven to
depths of 5.5 m and 11.5 m, respectively, and the tip elevation of these piles relative
to the CPT results are shown in Figure 3.
Axial load tests were subsequently conducted for the two piles in accordance with
ASTM D1143 (2008). The load frame consisted of a kentledge system and a hydraulic jack. The applied load was measured with a pressure gauge calibrated for the hydraulic jack. Pile settlement was measured with four dial gauges capable of reading
movements of 0.01 mm. The piles were loaded in increments of 200 kN.
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Figure 1. Results of mechanical CPT’s
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a) 0.4 – 5.0 m
b) 5.0 – 11.0 m
Figure 2. Q and F of averaged CPT values on Robertson (1990) chart

c) 11.0 – 14.0 m

The results of the two pile load tests are shown in Figure 4. The 5.5 m long pile
was loaded in two cycles, while the 11.5 m long pile was loaded in three cycles. The
axial load tests were terminated as the pile settlement became greater than 25 mm.
Both load tests ended in less than 12 hours. The load-settlement curves of both piles
indicate that the ultimate capacity of the piles may have been achieved.
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The L1-L2 method proposed by Hirany & Kulhawy (1988) was used for interpreting the “failure” load or “ultimate” capacity of foundations. A typical foundation
load-displacement curve has an initial elastic region, and the load defining the end of
this region is interpreted as QL1. In the concluding part of the load-settlement curve,
the load at the initiation of the final linear region is defined as QL2. The load level between QL1 and QL2 comprises the nonlinear transition region. The QL2 is defined as
the “interpreted ultimate load”. Based on these load-displacement curves and the L1L2 method, the interpreted ultimate load of the 5.5 m long pile is 300 kN, while that
of the 11.5 m long pile is 500 kN.
4 NUMERICAL ANALYSES
The axial load tests were subsequently back-analyzed using an axisymmetric finite
element model; the software used was PLAXIS (Brinkgreve, 2002). In the backanalyses, the soil modulus and shear strength in the model were adjusted so that the
numerical load-settlement curves matched the actual curves.
Figure 5 shows the typical finite element model that was developed to analyze the
axial loading tests. A 300 mm in diameter axisymmetric pile model was used in order to account for square pile geometry, which caused 13% error in the tip resistance
area and 6% error in the side resistance area. The loads were represented as distributed loads applied at the top of the pile. The mesh consisted of 15-node triangular
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Figure 4. Results of compression axial pile load tests for 5.5 m and 11.5 m long piles

a) Typical mesh
Figure 5. Typical PLAXIS mesh

b) Pile butt

c) Pile tip

Table
1. Model properties
___________________________________________________________
Material/
γ
E
ν
φ
Soil Depth
(GPa)
(°)
(m)
(kN/m3)
___________________________________________________________
Concrete
24
28
0.2
Elastic
0 – 5.0
16
see Table 2
0.4
0
5.0 – 11.0
16
see Table 2
0.4
0
11.0 – 14.0 16
see Table 2
0.4
0
14.0
–
16.0
16
see
Table
2
0.4
Elastic
___________________________________________________________

elements, and interface elements were used between the pile and soil elements. A
Mohr-Coulomb model with φ = 0 condition was used to describe the geomaterial behavior; this model was chosen so that, for any given layer, the soil strength around
the pile tip and the side resistance would not vary with depth. The soil layer with
depth greater than 14 m and the pile concrete were modeled as a linear-elastic material. The material parameters are given in Tables 1 and 2. The load-displacement
curves were generated at the top center point of the pile.
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Table
2. Geomaterial properties
________________________________________________________________________________
Depth
Series
I
Series II
____________________________________________
(m)
Sub-series I-A
Sub-series I-B
E (MPa)
c (kPa)
E (MPa)
c (kPa)
E (MPa)
c (kPa)
________________________________________________________________________________
0 – 5.0
40.0
52.0
30.0
37.0
24.0
54.0
5.0 – 11.0
50.0
65.0
37.5
46.3
18.0
40.5
11.0 – 14.0 80.0
104.0
60.0
74.0
24.0
54.0
14.0
–
16.0
100.0
Elastic
75.0
Elastic
30.0
Elastic
________________________________________________________________________________
Note: φ = 0 condition assumed; E and c values relative to E and c values for depth = 0 – 5.0 m,
respectively, based on resistance ratio shown in Figure 3c
Series I: based on qc resistance ratio; Series II: based on qc1 resistance ratio

Table
3. Comparison of pile capacity
_______________________________________________________________________________
Pile
Load test
Series I
Series II
______________________________
length Ultimate
Sub-series I-A
Sub-series I-B
(m)
Capacity (kN)
Ultimate
Ultimate
Ultimate
Capacity (kN)
Capacity (kN)
Capacity (kN)
_______________________________________________________________________________
5.5
300.0
299.6 (99.9%)
213.3 (71.1%)
286.3 (95.4%)
11.5
500.0
701.6
(140.3%)
496.9
(99.4%)
521.6
(104.3%)
_______________________________________________________________________________

Two series of analyses were performed to match the interpreted ultimate loads and
the initial part of the load-settlement curve of each numerical model to that of the actual corresponding curve. In Series I, the geomaterial elastic modulus and cohesion
values were set based on the qc resistance ratio while, in Series II, the values were set
based on the qc1 resistance ratio (See Figure 3). Series I consisted of two sub-series,
in which the sub-series I-A was performed to match the load-settlement curve of the
5.5 m long pile, while the sub-series I-B was performed to match the curve of the
11.5 m long pile. Table 2 summarizes the geomaterial properties used for all the series.
The load-settlement curves of all series are shown in Figures 6 and 7, compared
with those of the actual load tests. For Series I, Figure 6a shows that, when the results for the 5.5 m long pile were matched, the results for the 11.5 m long pile could
not be matched. On the other hand, Figure 6b shows that, when the results for the
11.5 m long pile were matched, the results for the 5.5 m long pile could not be
matched. Table 3 summarizes the difference in the interpreted ultimate loads from
both the load tests and the numerical analyses, and the difference is about 30 – 40%.
For Series II (resistance ratio based on qc1), Figure 7 shows that the loadsettlement curves of both the 5.5 m long and 11.5 m long piles could be matched with
the same geomaterial properties. As indicated by Table 3, the difference in the interpreted ultimate loads is in about 5%.
The cohesion values in Table 2 represent the side resistance of the piles. The ratio
of the average qc1 values to the model cohesion values is about 44. This ratio is similar to the ratio recommended in the Canadian Foundation Engineering Manual,
CFEM (Canadian Geotechnical Society, 1992), which is 40 for clayey geomaterial
with qc = 1 – 5 MPa. Furthermore, the ratio of the model elastic modulus to qc1 is
about 10.
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Figure 6. Comparison of results of load tests and Series I numerical analyses

5 CONCLUSIONS
Two (2) pile axial load tests were performed in a site with predominantly silt-clay residual soil. The axial load tests were subsequently back-analyzed using an axisymmetric finite element model. In the back-analyses, the soil properties in the model,
using the cone penetration resistance as the reference, were adjusted so that the numerical load-settlement curves matched the actual curves.
The key observations from the comparison include the following: 1) the normalized cone penetration resistance qc1 provides a basis for better curve fitting and 2) the
recommendation in CFEM appears to be applicable for residual soil.
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Figure 7. Comparison of results of load tests and Series II numerical analyses
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Verification of a deep soil-bentonite barrier wall using
the CPTu
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ABSTRACT: The remediation of a former steelworks site in Newcastle, Australia included the construction of the deepest open-trench groundwater barrier wall in the
world (at the time of construction). Piezocone tests (CPTu) were undertaken down the
centre of the wall, to the clay base. The use of the piezocone to verify the wall backfill in situ was a notable innovation and overcame a number of challenges to be successful. A total of 23 tests were completed at regular spacing along the wall. The success was aided by the preparation and implementation of a specific test procedure that
surpassed industry best practice and exceeded the requirements of the Australian
Standard for CPT. The project demonstrated that the piezocone could be successfully
used as a valuable adjunct to quality assurance verification of deep soil-bentonite
walls.
1 INTRODUCTION
The remediation of a former steelworks site at Mayfield in Newcastle, Australia, included the construction of the deepest open-trench soil-bentonite groundwater barrier
wall in the world (at the time of construction).
The strategy adopted for remediation of the former steelworks site was containment and comprised the following key elements:






Construction of an up-gradient groundwater barrier wall diverting flows away
from the most heavily contaminated part of the former steelworks site (known
as ‘Area 1’), thereby substantially reducing the flux of contaminants entering
the Hunter River.
Sealing the site surface area with an inert capping layer, which both prevents
the infiltration of surface water, and provides a physical barrier between contaminated soils and humans on the site. This was undertaken subsequent to
construction of the barrier wall.
Improved drainage infrastructure and contouring of the site, which will contribute to both the reduction of surface water infiltration and the management
of possible contaminated surface water run off from the site.
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The completed barrier wall is 1510 m long, 0.8 m wide and has depths ranging from
25 m to 49 m, constructed primarily through saturated sand and keyed into the basal
confining layer of clay or weathered rock. The maximum required permeability of
the wall was 10-8 m/s.
The location of the site and the Barrier Wall is shown in Figure 1. The wall was
constructed around three sides of ‘Area 1’ which remained ‘open’ to the Hunter
River.

Figure 1. Location of Barrier Wall
2 SOIL BENTONITE WALL CONSTRUCTION
2.1 Construction
Soil bentonite walls are low permeability groundwater barriers constructed by excavating a trench under bentonite slurry. The slurry stabilizes the excavation and prevents it from collapsing, even below the water table, as described in Ryan &
Spaulding (2007). The permeability achievable with this technology is a function of
the nature of the blended soils and of the percentage of dry bentonite added, and is
typically in the range 1 x 10-7 m/s to 1 x 10-10 m/s.
Given the range of depths of excavation, two pieces of equipment working in sequence were used: a backhoe modified to dig to 25 metres to complete the first phase
of the trench, and a mechanical clamshell to excavate the deeper material down to the
final depth and key into the basal stiff clay or weathered rock. As the excavation proceeded, the trench was backfilled with a low permeability mixture, consisting of a
blend of excavated soil (predominantly sand), imported natural clay and bentonite
slurry.
Mixing of the constituents generally proceeded along the trench in a linear fashion.
The composition of the completed wall was 75% sand, 23% clay and 2% bentonite,
and therefore described in geotechnical terms as clayey sand. Laboratory permeability tests during the mix design stage showed this mixture had a permeability lower
than the specified 1 x 10-8 m/s.
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2.2 Quality Control
Quality control of the bentonite slurry properties was important to ensure trench stability so that the backfill material could be properly placed. The tests on the slurry
included viscosity (using a Marsh Funnel) and filter press. Specific on-site testing of
blended backfill material was performed daily before incorporation in the trench. It
included daily fines content (passing 75m sieve) to verify that the minimum 20%
fines criterion was achieved (a total of 220 sieve tests were undertaken), slump tests
to check consistency and densities. In addition, mud-balance densities of in-trench
backfill was monitored from samples taken at different depths (including 2 m from
the bottom) to check that backfill remained heavier than in-trench slurry by at least
0.25g/cm3.
Once the soil-bentonite backfill material was placed to form the barrier wall, there
was no simple test to verify the continuity and integrity of the completed wall. In additional to the above-mentioned conventional quality assurance checks during blending and placement of the soil-bentonite backfill, the client requested a test to provide
confirmation of the integrity of the completed wall at selected locations. Piezocone
testing down the centre of the wall, right to the clay base key-in, was selected as
likely to be the most effective and practical test.
The use of the piezocone (CPTu) to verify the wall backfill in situ was a notable
innovation and overcame a number of challenges to be successful. The purpose of
these tests was to confirm the uniformity of the soil-bentonite backfill, the absence of
sand layers and verify a clean key into the basal stiff clay. The main challenge was to
maintain verticality down the centre of the 0.8 m wide wall to depths over 40 m. A
secondary challenge was to correctly interpret the resultant test plots.

3 PIEZOCONE TEST PROCEDURE
A total of 23 successful CPTu were completed at regular spacing along the wall. The
success was aided by the preparation and implementation of a specific test procedure
that surpassed industry best practice and exceeded the requirements of the Australian
Standard for CPT AS1289.6.5.1 (Standards Australia 1999).
For the 0.8 m wide soil-bentonite wall the average deviation from vertical could
not exceed 0.6, assuming that the test commenced in the centre of the wall (i.e.
0.4 m from the side walls). The following summarises the test procedure that was
adopted to achieve this:





The CPT rig was levelled using the hydraulically operated jacking legs and inbuilt spirit levels, then double-checked using a hand held spirit level.
The piezocone used was near-new with minimal wear on the face of the cone,
as eccentric wear could lead to a tendency to drift horizontally. The wear and
uniformity of the cone was visually checked prior to each test.
The piezocone was laboratory calibrated before the field work commenced,
and the “zero” readings checked at the start of each test. If significant departures were recorded the cone was substituted or re-calibrated as appropriate.
The piezocone had an in-built verticality sensor (inclinometer) which indicated
the verticality to 0.1 and was continuously displayed on the computer monitor
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during the test. The verticality was also recorded at 2 cm intervals and was
plotted on the CPT charts.
In the event that a test did not start vertical or drifted off vertical in the first
5 m, the test was aborted, relocated 1 m to 2 m and attempted again (maximum
three attempts before moving to the next test location).



The piezocone testing is illustrated in the diagram shown in Figure 2.

Figure 2. Diagrammatic representation of stratification and piezocone testing down
completed Barrier Wall (the wall construction replaces the in-situ strata with a continuous panel of soil-bentonite).

The successful tests ranged in termination depth from 29 m to 48.0 m. Details of
the success rates are given in Section 4.
4 PIEZOCONE RESULTS
A typical piezocone plot down the centre of the soil-bentonite wall is shown in
Figure 3. Most of the tests undertaken exhibited similar features, which included:






Corrected cone tip resistance (qt) in the range 0.2 to 0.4 MPa.
Friction ratio of 2% to 4% for the upper 10 m, usually reducing to about 2%
with depth but not always.
Excess pore pressure ranging from zero to about 100 kPa.
The inclination of successful tests generally remained below 1 for the entire
test.
A ‘clean’ key into the basal very stiff clay or weathered rock was clearly
demonstrated.
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Figure 3. Typical piezocone test through soil-bentonite backfill

The minor spikes visible in many of the tests were attributed to either thin sandy
lenses or clayey lumps being pushed aside by the advancing cone. Neither of these
were considered substantial enough to affect the overall hydraulic performance of the
barrier wall.
A few of the tests indicated a lower sleeve friction, friction ratio and excess pore
pressure over the last few metres of the test, such as the test in Figure 3. This raised
the question of whether the sand content was higher towards the base of the wall, or
whether it was due to the sensitivity of the fluidised sand-clay-bentonite mix. Excess
sand could possibly occur if the sand component of the slurry did not stay in suspension and was not displaced by the backfill, or if sand fell into the trench due to inadequate trench stability. Regular soundings of the trench before and during backfill
placement, plus the quality control tests on the backfill, indicated that sand accumulations were not occurring, and the observed effect was most likely due to the sensitivity of the backfill mixture.
The numbers of successful and unsuccessful tests are presented in Table 1. All unsuccessful tests, due to either side wall strike or early deviation from vertical, were
repeated within 1 m horizontal distance until a successful test was completed.
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Table 1. Number and Success Rate of Piezocone Tests
Category
Number of Tests
Successful (without qualification)
19
Side wall strike during test
4
(but ultimately successful)
Aborted based on test procedure 5
(early deviation)
Totals
28

Percentage of Tests
68%
14%
18%
100%

All four tests that appeared to strike the side wall of the trench were continued to the
clay base, and therefore still provided good information on the backfill consistency
and base key-in. These were regarded as a qualified success, meaning that 82% of
tests were effective.

Figure 4. Example of a piezocone test that struck the side wall of the trench

The test shown in Figure 4 appeared to penetrate a sand layer between 5.8 m and
7.2 m depth. This was of concern so the following actions were taken to verify: two
additional piezocone tests were carried out 1 m either side of the initial test, and a
test bore drilled to 7.5 m depth at the initial test location to sample the layer of interest. The results revealed no evidence of a sand layer, and it was postulated that the
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‘anomoly’ was caused by the cone striking and pushing down a coarse inclusion such
as a clay lump which was eventually pushed aside. It is noted that the side wall strike
that occurred from 26 m depth had a different ‘signature’ to the anomaly, and was
accompanied by a straightening of the cone to vertical. It appears that the cone deflected off the side of the trench. Further, it is postulated that in most tests there was
a tendency for the cone to follow the ‘path of least resistance’ and stay within the
soft soil-bentonite backfill.
5 SHEAR STRENGTH OF SOIL-BENTONITE
A further matter of interest was whether or not the undrained shear strength of the
soil-bentonite backfill could be estimated from CPT, and if so the appropriate cone
bearing factor. Despite the backfill predominantly comprising sand, the clay and bentonite content resulted in a cohesive soil with clay-like properties.
The undrained shear strength of a cohesive soil is given by:
Su = (qt - vo)/Nkt

(1)

where qt = total (corrected) cone tip resistance; vo = total vertical overburden pressure and Nkt = cone bearing factor.
A test bore was drilled within 1 m of one CPT location (CPT 18), about one month
after placement of the backfill, and before final capping of the wall with a geo-grid
reinforced bridging layer designed to allow traffic over the wall. This meant there
was a limited window of time to perform any comparison tests. Shear vane tests were
performed at regular depth intervals through the base of the bore. The results were
compared to estimates of shear strength from CPT using Equation 1, as shown in
Figure 5.
The corrected shear vane strengths ranged from 5 kPa to 18 kPa, and did not exhibit a clear increasing trend with depth as might be expected. It is possible that the
backfill was still consolidating and also experiencing arching effects. The varying
sand content also appears to have affected both vane readings and CPT-estimated
shear strengths. As a result the correlation between vane shear and CPT-estimated
shear strengths is poor at some depths but good at most depths.
The best fit to the data was given by an Nkt value of 17, which is within the range
commonly reported of 15 to 20 (Lunne, et al 1997). Although this value is consistent
with a slightly under-consolidated to normally consolidated soil, it is considered that
these results should be treated with caution.
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Figure 5. Shear vane results from CPT 18 compared to profiled shear strength.

6 CONCLUSIONS
The use of piezocone (CPTu) to verify the wall backfill in situ was a notable innovation and overcame a number of challenges to be successful. The success was aided
by the preparation and implementation of a specific test procedure that surpassed industry best practice local standards for CPT. Subsequent correlation of CPTestimated shear strengths with shear vane testing at one location had mixed results
but indicated that a cone bearing factor of 17 gave the best fit; however, this result
may have been affected by the sand content of the backfill and should be treated with
caution.
The project demonstrated that the piezocone could be successfully used as a valuable adjunct to quality assurance verification of deep soil-bentonite walls.
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Comparing CPT and DPSH in Lithuanian soils
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ABSTRACT: In Lithuania, in-situ tests are usually performed using the CPT. Most
geotechnical parameter are calculated from the cone penetration values using local
correlations. When there are complicated geological conditions, like gravelly soils or
pebbles, dynamic probing – super heavy (DPSH) is used to establish soils properties
at depth. When the DPSH is used in geotechnical analysis, some difficulties emerge,
because in Lithuania, the data received during CPT are used for the designing foundations. Therefore, it is very important to establish the connection between DPSH and
CPT data. Large geotechnical research was performed in the territory of Ignalina
Nuclear Power Plant. The received information allowed comprehensive data analysis,
to establish correlation links between qc and qd parameter values. The results allowed
applying DPSH method in further analysis in this region more widely.
1 INTRODUCTION
Before joining the European Union, Lithuania was committed to close the Ignalina
Nuclear Power Plant (INPP), one of the largest nuclear power plants in the world,
until December 31, 2009. In 2005 projection works of storage facilities for spent nuclear fuel were initiated. By the year 2011 the Landfill Facility for short-lived very
low level waste must be completed near INPP. This Landfill Facility must consist of
buffer storage with capacity 4000 m3 and three modules for disposal with capacity
20000 m3 each.
In the summer of 2008 detailed engineering geological investigations at the site of
the future Landfill Facility were conducted. In these investigations, with the aim of
establishing soil stratigraphy, soil types, geotechnical properties and describing the
hydrogeological situation, boring, cone penetration test (CPT) and dynamic probing
(DPSH-A) and laboratory testing were carried out (Urbaitis, 2008). The main method
applied for evaluation of the above mentioned conditions was CPT. For many years
this method has served as one of the main sources in evaluation of soil properties and
building base projection works in field investigations in Lithuania. However, dense
and heavy pebble soils make application of CPT difficult. Therefore, super heavy
dynamic probing (DPSH-A) was chosen. The DPSH-A method of field investigation
complicates the analysis of obtained values and its final presentation to designers.
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Super heavy dynamic probing results must be evaluated and presented to designers in
a comprehensible expression, which corresponds to soil coefficients obtained from
the CPT (e.g., cone resistance – qc).
Favorable geological conditions and complexity of investigations allowed conducting parallel CPT and dynamic probing (DPSH-A) testing at the INPP site, to
compare parameters of soil strength and provide correlations, which may be applied
in future works with similar geological conditions.
2 OVERVIEW OF GEOLOGICAL STRUCTURE OF INVESTIGATION AREA
2.1 Geomorphology
The site is located at the southwest edge of Ignalina NPP industrial platform. From a
geomorphological point of view the site is in the Baltic Highland, in zone of marginal deposits formed during Nemunas age, in Gaide glaciodepression, located southwards from Druksiai Lake. The eastern part contains filled soil mounds. In northern
part technogenic slope is formed. The average elevation of investigation area is
155.0m (measured according to Baltic Height System) (Basalykas, 1965).
2.2 Geological structure
The investigated geological cross-section at the Ignalina NPP Landfill Facility site is
very variable in stratigraphic terms. At a relatively shallow depth (until 30.0m) soil
layers of different ages occur (Fig. 1).
At the upper part of investigated site Holocene sediments prevail. Northern part
contains thicker anthropogenic filled soil (tIV), under which (and in other parts) biogenic (bIV) and limnic (lIV) sediments occur locally. This is peat, various sandy and
clay soil with a dash of organics. Total thickness of Holocene sediments in investigation areas varies from 0.2m to 8.0m.
Under the Holocene sediments in all areas of the site upper Pleistocene Baltic
marginal glaciolacustrine deposits (lgtIIIbl) of various thickness (until 8.0m) and moraine (gIIIbl) sediments occur. Baltic stadial sediments consist of different sandy and
clayey soil.
The main and thickest layers consist of upper Pleistocene Baltic and Gruda stadial
aquaglacial sediments (agIIIbl-gr). They include sandy soil of various coarseness and
density. The thickness of aquaglacial sand layer reaches 22.0m.
Geological cross-section of the site is finished by upper Pleistocene Medininkai
stadial glaciolacustrine (lgIImd) deposits and by moraine (gIImd) sediments in its
central part. Glaciolacustrine sediment layers consist of various sandy and clayey
soils. Basal till is clay characterized by low plasticity and lenses of silty sand.
2.3 Hydrogeological conditions
In site groundwater was encountered at different depth. Depending on relief, this water occurs close to the surface or in 11.0m depth. This water is in sandy soil of upper
Pleistocene Baltic and Gruda stadials and in sand lenses of clay soil.
The top of Medininkai stadial saturated layer begins at 23.0m depth. This is confined groundwater. During the investigations, the head level in 4.6-4.7m depth from
the surface. Water is in silty sand.
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Figure 1.Typical borehole of investigation site.

2.4 Geotechnical properties of soils
Geotechnical properties of soils are presented in table 1. Values of c, φ, E were determined by local experience from qc dependences (Buceviciute 1997, Simkus 1987).
3 RESULTS AND DISCUSSIONS
The purpose of the engineering geological investigations at the Landfill Facility was
to establish; the geological composition of the building platform, hydrogeological
situation, and soil geotechnical coefficients by application of direct field investigation methods. For this purpose, CPT, casing-hammering boring including sampling
of undisturbed samples, dynamic probing (DPSH-A), laboratory researches of soil
physical and mechanical properties were conducted. Following the requirements set
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by IAEA, DIN and Construction Technical Regulation of the Republic of Lithuania
STR 1. 04. 02:2004, 11 basic boreholes were made using casing-hammering until
20m – 30m depth, and 14 intermediate boreholes until 8-10m depth. Geotechnical
tests were also carried out. 21 CPT tests and 9 dynamic probing tests (DPSH-A) were
conducted. Geotechnical information obtained from these tests allowed to conduct a
comparative analysis of cone resistance (qc) and dynamic cone resistance (qd) values
(see equation 1), obtained during static probing tests and dynamic probing tests, and
to adjust the classification limits of Lithuanian sandy and clay soils physical properties values according to the results of soil laboratory researches.
Table 1. Geotechnical properties of soils (Urbaitis, 2008).
EGE Soil description
ρ
γ(γsb)
c
φ
Mg/m3 kN/m3
kPa
degree
1
Fine sand, loose
1.54
15.11
33
(9.35)
2
Fine sand me1.65
16.19
1
36
dium dense
(9.92)
3
Fine sand dense
1.79
17.56
2
39
(10.17)
4
Fine sand very
1.80
17.66
2
42
dense
(10.17)
1
37
5
Medium sand,
1.67
16.38
(10.21)
medium dense
6
Medium sand,
1.80
17.66
2
39
dense
(10.37)
7
Silty sand, me1.63
15.99
2
32
dium dense
(9.45)
3
37
8
Silty sand,
1.77
17.36
(10.11)
dense
9
Sandy silty clay
2.20
21.58
34
23
till, firm
10
Sandy silty clay
2.26
22.17
39
26
till stiff
11
Silt very stiff
2.10
20.60
20
30
12
Clay very stiff
2.05
20.11
68
20
2.01
19.72
21
18
13
Silty clay, firm

qc
MPa
3.7

E
MPa
11.0

7.2 – 11.5
9.5
16.9 – 19.2
18.8
22.8 – 28.8
26.5
6.8 – 13.5
11.0
15.8 – 29.3
18.7
5.3

32.0 – 44.0
39.0
58.0 – 64.0
63.0
72.0 – 85.0
80.0
30.0 – 49.5
43.0
55.0 – 86.0
62.0
25.5

15.6 – 27.0
21.0
1.8 – 3.3
2.5
4.0 – 5.8
4.8
11.4
9.0
3.3

55.0 – 81.0
68.0
20.5 – 32.0
26.0
37.0 – 50.0
43.0
56.0
50.0
23.0

Correlation dependencies used in Lithuanian engineering geological surveys to establish the density of sandy soils knowing their grain size distribution according to
cone resistance values obtained from CPT, are provided in a table 2.
Table 2. Density of sandy soils (Simkus, 1987)
Sandy soils name
Sand density, qc MPa

Gravely, coarse and medium
sand
Fine sand
Silty sand, not saturated
Silty sand saturated

Dense

Medium dense

Loose

> 15

15-5

<5

> 12
> 10
>7

12-4
10-3
7-2

<4
<3
<2

A large part of soils encountered in the investigation are sandy soils below
groundwater level of various coarseness and density. In addition to CPT, which were
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conducted to 20-30m depth, dynamic probing tests using super heavy dynamic probe
(DPSH-A) were conducted. The DPSH-A method is relatively recent in Lithuania. It
has been used only in certain cases and only for 7-8 years now. Therefore no regional
correlations to assess geotechnical properties of soil have been established. Information provided in German Standard DIN 4094-3:2002-1, and later in EN ISO 224762:2005 has been used. These documents do not provide correlation dependencies using DPSH-A; except for density coefficient (ID). ID is provided only for soil above
groundwater level; sandy soil names follow DIN classification. Many researches
(Meyerhof, 1965; Seed at al., 1983) have established a relationship between the cone
resistance (qc) and SPT – N value. Such information does not satisfy professionals of
Lithuanian engineering geology, because, firstly, most companies use DPSH equipment, classification of soils according to density is based on coefficients of cone resistance (qc); the large part of soils used for future basis of buildings are below
groundwater level.
So, after processing the investigation material, dependencies more suitable for local region were obtained. Soils were classified according to coarseness and density
based on results of static probing tests, descriptions of boreholes and laboratory researches. They are all saturated. Most soils consisted of medium-coarsen, medium
dense and dense sands; slightly smaller layers of loose and of fine dense sand and
small layers of silty dense sand were found. For fine sand, additionally layers of very
dense fine sand were distinguished, because in cross-sections the layers with values
larger than 20 MPa stood out. Silty sand was only medium dense and dense. Clay
soil was found only locally and only very little, therefore it was not analyzed.
Based on results of dynamic probing, the number of strokes for each 20 cm were
measured, and, according to EN ISO 22476-2:2005, values of dynamic cone resistance (qd) were calculated (1):

qd 

E  m 


A  e  m  m' 

(1)

where E = hammer energy in J; A = area at the base of cone in m2; e = average penetration in m per blow; m = mass of hammer in kg; m’ = total mass of extension rods,
the anvil and the guiding rods at the length under consideration, in kg.
Statistical regression analysis did not provide satisfactory results. Correlation coefficient R < 0.60. Therefore it was decided to form certain intervals for N20 and qd and
to establish a ratio of cone tip resistance to a number of blows and a ratio of cone resistance to dynamic cone resistance. Statistical parameters of fine sands are provided
in a table 3.
Table 3. Statistical values of fine sand soils parameters.
Soil
Statistical
qc
N20
qd
value
2.9
4.3
1.9
Average
Fine sand loose
3.6
6.0
2.7
max
(qc<4 MPa)
2.0
3.0
1.3
min
12.0 12.0
12.0
count
0.8
1.3
0.6
stdev
0.7
1.6
0.3
var
Average
9.3
9.6
4.5
Fine sand memax
12.1 12.0
6.2
dium dense
min
5.4
7.0
3.3
(4<qc, MPa<12)
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qc/qd

qc/N20

1.6
2.7
1.1
12.0
0.7
0.5
2.1
3.7
1.5

0.7
1.2
0.5
12.0
0.3
0.1
1.0
1.3
0.8

Fine sand dense
(12<qc, MPa<20)

Fine sand very
dense
(20<qc, MPa)

count
stdev
var
Average
max
min
count
stdev
var
Average
max
min
count
stdev
var

13.0
2.2
4.9
16.8
19.8
14.0
21.0
1.5
2.2
26.3
38.0
20.0
48.0
4.6
21.0

13.0
2.0
4.1
20.7
32.0
13.0
21.0
6.3
39.5
35.4
61.0
19.0
48.0
13.5
182.1

13.0
1.3
1.6
7.8
10.8
4.3
21.0
1.8
3.2
11.4
19.5
6.0
48.0
3.2
9.9

13.0
0.6
0.4
2.3
3.5
1.3
21.0
0.6
0.4
2.5
4.9
1.0
48.0
0.8
0.7

13.0
0.2
0.01
0.9
1.3
0.4
21.0
0.3
0.1
0.9
1.5
0.4
48.0
0.3
0.1

Statistical parameters of medium coarse sands are provided in a table 4.
Table 4. Statistical values of fine sand soils parameters.
Soil
Statistical
qc
N20
qd
value
11.7
9.5
4.1
Medium sand
Average
14.9
15.0
7.0
medium dense
max
6.0
2.0
6.0
(5<qc, MPa <15) min
172.0 172.0
172
count
2.5
1.4
1.8
stdev
3.4
6.3
1.9
var
20.5
25.0
9.3
Medium sand
Average
29.6
48.0
16.0
dense (5<qc,
max
15.0
4.0
15.0
MPa <15)
min
205.0 205.0 205.0
count
7.8
2.8
3.6
stdev
13.0
61.1
8.1
var

qc/qd

qc/N20

2.3
3.4
1.7
172.0
0.6
0.4
2.3
4.3
1.0
205.0
0.8
0.6

1.1
1.6
0.4
172.0
0.3
0.1
1.0
2.7
0.4
205.0
0.4
0.1

Statistical values of silty dense sand are provided in table 5.
Table 5. Statistical values of saturated dense silty sand soils parameters.
N20
qd
qc/qd
qc/N20
Soil
Statistical
qc
value
Silty sand dense Average
21.7
62.1
16.9
1.3
0.4
max
(7<qc, MPa)
35.7
90.0
23.8
2.0
0.5
min
12.0
34.0
9.2
0.7
0.2
count
20.0
20.0
20.0
20.0
20.0
stdev
6.0
16.4
4.1
0.4
0.1
var
35.7
269.7 16.6
0.1
0.01

Unlike recommendations provided in EN ISO 22476-2:2005, according to which
it is possible to calculate density of sandy soil according to ID in concordance with
the results of dynamic probing, the obtained results allow to assess soils according to
qd and N20 values and provide approximate density value limits of saturated sandy
soils (see table 6).
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Table 6. Density of sandy saturated soils by CPT and DPSH-A tests values
Soil
Density
qc
qd
Silty sand
dense
>7
>9
Fine sand
loose
<4
<2
4 – 12
2–6
medium dense
dense
12 – 20
6 – 10
very dense
> 20
> 10
Medium coarse
loose
<5
<2
sand
medium dense
5 – 15
2–7
dense
> 15
>7

N20
> 35
<6
6 – 12
12 – 30
> 30
<6
6 – 15
> 15

Also, aware of data and qd or N20 values, obtained in dynamic probing alone, it is
possible to find approximate qc values (see table 7).
Table 7. Coefficients of correlation (α, β) between qc and qd and qc and N20.
Soil
Density
qc = α · qd and qc = β · N20
α
β
Silty sand
dense
1.2
0.4
Fine sand
loose
1.6
0.7
medium dense
2.1
1.0
dense
2.3
0.9
very dense
2.5
0.9
Medium coarse sand
medium dense
2.3
1.1
dense
2.4
1.0

4 CONCLUSIONS
Soils that constitute investigations territory are characterized by diversity of properties and compositions. Sandy and clay soils of aqueous deposits of this region Quaternary can not be characterized as very strong. Therefore there was a possibility to
conduct field tests (cone penetration and dynamic probing) at quite high depth (to
30m). The data obtained from field investigations allowed conducting a comparative
analysis of coefficients of static and super heavy dynamic probing qc, qd and the
number of blows N20.
Comparative analysis were conducted for data obtained from using DPSH-A. Data was compared to cone resistance (qc), measured during CPT. All investigated soils
were saturated.
In Lithuania a usual practice often used for calculation of building base is to use
coefficients obtained from CPT – cone resistance (qc) and local friction (fs). The data
obtained from this project allows to conduct field investigations according to dynamic probing data and to turn it into approximate values of cone resistance (qc). It may
be useful in future investigations in the region, also because engineering geological
surveys are planned for new Visaginas nuclear power plant, which will be built several kilometers away from our investigation site.
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Misclassification in CPT liquefaction evaluation
J. W. Pease
Kleinfelder, Inc. Reno Nevada

ABSTRACT: This paper presents two case studies in Carson City, Nevada, and Imperial County, California, where CPT overly-predicted soil granularity and liquefaction susceptibility in explorations with low measured friction ratio. Direct application
of the Robertson & Wride (1998) method identified greater liquefaction in multiple
layers that were predicted non-liquefiable by other methods. This paper presents the
adaptations of the CPT methods used to incorporate site-specific soil correlation, and
compares Robertson & Wride (1998) and more recent methods.
1 INTRODUCTION
Correlations between CPT parameters and soil behavior type are used to allow for automated inference of the soil profile from CPT data alone. Commonly-used methods
include Robertson & Campanella (1983), and Robertson & Wride (1998), where the
latter method is incorporated into liquefaction analysis. CPT sometimes results in
cases where the friction ratio is either above or below the average relationships and
data are offset from the published soil-type correlations. The effect of this offset can
be magnified when data are used for liquefaction assessment or other quantitative
calculations. This paper presents two such case studies in Carson City, Nevada and
Imperial County, California, including the adaptations that were made to the CPT liquefaction evaluation methods.
As noted by Robertson and Wride (1998) the correlation between soil classification
and CPT soil behavior type is approximate, since the CPT may respond to many factors such as fines content, soil plasticity, mineralogy, sensitivity, and stress history.
Site-specific comparison between samples and CPT is recommended. While Robertson and Wride (1998) suggests site-specific modifications to their method should be
considered, the actual modification approach is left to the engineer’s judgement.
2 CARSON CITY PROJECT
The Kings Canyon Channel Bridge consists of two parallel, 120-m-long, 2-lane
bridges that are part of a new freeway around Carson City, Nevada. The bridge is

177

founded over low-gradient alluvium of the Eagle Valley which is derived primarily
from decomposed granitic bedrock in the surrounding ranges. The bridge was designed with pile foundations penetrating 14 to 18 m below grade. The project was
investigated in 2003 to 2004 for the Nevada Department of Transportation (NDOT)
and construction is presently complete.
A preliminary exploration with five conventional borings sampled at 1.5-m intervals
showed differing consistency in adjacent samples which ranged from mediumgrained sand to clay. It was suspected that layering was more-closely spaced than
shown in the boring logs so that thin-layer effects were important to both SPT results
and to pile tip resistance. The borings included standard penetration test (SPT) resistances in silty sands (interbedded with clayey sands and clays) in the range of 7 to 35
blows per foot in the top 8 m, with occasional low blow counts in deeper sand layers.
Therefore, liquefiable layers potentially existed when the site would be subjected to a
design-level earthquake of 7.0 M magnitude and maximum surface acceleration, amax
= 0.4g. It was suspected that most of the low SPT for liquefaction evaluation were
affected by adjacent layering or thin-layer effects. The need to evaluate thin soil layers led to the conclusion that CPT would be a useful tool for final geotechnical investigation of the bridge site.
The final geotechnical exploration for the bridge consisted of one additional boring
and five CPT soundings. The additional boring (B-24) was drilled approximately
1.5m from one CPT (C-06), and another CPT (C-10) was pushed about 6m from a
previous boring (B-08), for the purpose of obtaining a site-specific correlation. The
same general stratigraphy was seen by comparing the boring and CPT sounding logs,
including transitions between soil layers. As expected, the CPT provided a much
more detailed profile of the highly interlayered soils with much better estimates of
layer thickness than from the SPT at 0.75 to 1.5m intervals. However, the predicted
soil types using CPT appeared to be somewhat more granular than results in the boring logs due to low measured friction ratio values. On initial evaluation of liquefaction using Robertson & Wride (1998) we observed that the method indicated 1 to 2 m
more liquefiable thickness and depth than the original SPT evaluation at both abutments and piers. Therefore site-specific correlation was evaluated in detail.
3 SOIL-BEHAVIOR-TYPE EVALUATION
Initial site-specific evaluation looked at plots of the soil types measured from laboratory testing using the Unified Soil Classification System (USCS) versus soil behavior
type (SBT, Robertson & Campanella, 1983) and normalized soil behavior type
(NSBT, Robertson & Wride, 1998), as shown on Figure 1. USCS symbols are plotted at the cone tip resistance and friction ratio ordinates associated with the CPT
sounding at the same depth. Note that the SBT and NSBT charts use different SBT
zones that are numbered differently as either zones 1 to 11 or 1 to 9.
Moderate to large amounts of scatter and overlapping of USCS classifications occur
on both plots, and trends are hard to determine on these plots. Robertson & Wride
(1998) recommend that liquefiable soils (soils generally with less than 35 percent
fines) occur within NSBT zones 5 through 7 or above and to the left of the dashed
line labeled Ic = 2.6. Only one or two of the fine grained samples potentially fall be-
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Figure 1 Carson City Site-Specific Classification Data on (a) Robertson & Campanella
(1983) Soil Behavior Type Chart and (b) Robertson & Wride (1998) Normalized Soil Behavior Type Chart. Shaded symbols are clays or silts, two samples with highest fines content
indicate fines content, two points NP = non-plastic silts.

low and to the right of this line, and would be correctly judged to be non-liquefiable
clayey sands, clays or silts. Many actual silt, clay, and clayey sand (ML, CL, SC)
samples fall above the division. The plots do indicate that nearly all the samples are
probably aged, cemented, or overconsolidated, which matches our understanding of
the Pleistocene age and depositional environment of these deposits.
Figure 2 shows regressions of the measured fines content directly with SBT and
NSBT. SBT was obtained directly from the logs generated by the CPT firm, and the
NSBT Ic parameter was calculated by spreadsheet. Figure 2a compares SBT and
fines content, where there is reasonable, if approximate, correlation. Soils up to 40
percent fines show an increase in fines content with decreasing SBT category; however, the few data with greater than 50 percent fines do not continue decreasing in
SBT category to properly identify these soils as Zones 3 through 6.
Figure 2b compares measured fines content with Ic, a parameter developed by Robertson & Wride (1998) to estimate apparent fines content from NSBT chart. Ic is a parameterization of the nearly-circular soil boundaries shown on Figure 1b, and so is
calculated from the normalized tip resistance and friction ratio. Soils with Ic less than
1.31 fall in the upper left hand corner of Figure 1b, and correspond with clean sands;
Soils with Ic between 1.3 and 2.6 fall within the curved wedge corresponding primarily to silty sands to clayey sands. For their liquefaction evaluation procedure, Robertson & Wride (1998) apply a correction multiplier, Kc, to account for apparent fines
content for soils with Ic between 1.31 and 2.60. Soils with an Ic greater than 2.60 are
considered sufficiently fine-grained that liquefaction is not possible, or cannot be determined using direct penetration-resistance methods. The standard Robertson &
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Figure 2 – Plot of Carson City Site Specific Fines Content Data versus (a) Robertson &
Campanella (1983) SBT and (b) Robertson & Wride (1998) Ic Parameter

Wride (1998) formulation predicts that Ic versus fines content data should fall along
the curve near the top of the graph. As observed on Figure 2b, the regressed site data
are much lower, and 35 percent fines content corresponds to an Ic of about 2.0 rather
than 2.6. Using the recommended standard Ic correlation, little of the Carson City site
CPT profiles would have been correctly identified as silt or clay. The fit curve shows
that Ic should be adjusted upward considerably to provide the correct fines content estimation and Kc corrections.
Robertson & Wride (1998) recommend two components of the “Chinese liquefaction
criteria” that fine-grained soils are non-liquefiable if they have a liquid limit of greater than 35 percent, or a water content over liquid limit ratio (w/LL) less than 90 percent of the liquid limit. Figure 3 is a plot of the w/LL ratios obtained from soil samples plotted on the SBT chart at the adjacent cone tip resistance and friction ratio
ordinates. Most of the silty sand, clayey sand, silt, clay, and silt samples tested in the
laboratory were stiff and had w/LL ratios considerably less than 90 percent. Liquefaction potential with consistency could not be predicted for non-plastic soils. Of the
laboratory soils with a w/LL ratio of less than 90 percent, 85 percent of these locations on the CPT profile were predicted to liquefy using unmodified Robertson &
Wride (1998) method.
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Figure 3 – Plot of Carson City Site Specific w/LL Data versus Robertson & Campanella
(1983) SBT

As an alternate to using the site-specific Ic correlation, an additional screening criteria was developed for the w/LL ratio to define non-liquefiable soils. We used SBT
(Figure 3) for this adjustment because at the time it seemed more fundamental to
modify than NSBT. Based on Figure 3, we considered soils within SBT zones 6 and
below, Zone 7 with Qt greater than 70 bar, and SBT Zones 10 and 11 would not be
liquefiable regardless of other methods. The remaining data were evaluated using
Robertson & Wride (1998) method without further adjustment.
Results of both modified liquefaction evaluations (modifying Ic for site-specific fines
or eliminating SBT categories based on non-liquefaction using a w/LL criterion)
showed no liquefaction potential at the abutments, and only minor liquefaction zones
less than 1 m thick at two of the piers. Thin-layer conditions were used to justify
elimination of a number of individual CPT data at boundary/transition zones were
calculated as liquefiable not considering the effect of close layering of the site. The
revised analysis avoided issues of reduced stability under the approach embankments,
whereas the pier piles could provide vertical support to resist transient lateral movements and post-liquefaction consolidation.
4 IMPERIAL COUNTY, CALIFORNIA PROJECTS
In 2007, a number of geotechnical investigations were carried out for geothermal
power plants in the Imperial Valley of California. A previous investigation had suggested severe liquefaction potential at one site from about 4 to 15 m depth (with typically 150 to 200 mm of post-liquefaction consolidation) based primarily on CPT data,
requiring extensive pile foundations. The site was about 20 miles south of the Salton
Sea and 2 miles from the New River. An additional boring was drilled to obtain
samples for correlation with the existing CPT data and for cyclic liquefaction testing.
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Figure 4 – Imperial Valley Site, Plot of Site Specific Fines Content Data versus Robertson &
Wride Ic Parameter

The Imperial Valley sites are located in the ancient lakebed of Lake Cohuilla, a large
freshwater lake that has developed periodically over Pleistocene to recent time, due to
the Colorado River delta draining north into the Imperial Valley rather than south into
the Gulf of California/Sea of Cortez. The last episode of Lake Cohuilla high stands is
estimated to have been as recent as 400 to 1000 years before present, after which time
the lake dried up to below current Salton Sea levels. Therefore, the subsurface conditions over a broad area consist of uniform overconsolidated moderate-plasticity clay
with occasional silt and infrequent sand interbeds.
Liquefaction in the area has been observed almost exclusively along the New River
and Alamo River channels in the 1979 7.9M Imperial Valley earthquake (USGS,
1982), 1997 6.9M Superstition Hills earthquake (Youd & Holzer, 1994), and in various former delta areas within 10 miles of the Salton Sea in the 1982 5.9 M Westmoreland earthquake (Youd & Weiczorek, 1984). Based on the plains being largely
clays and no reported evidence of liquefaction anywhere in these extensive plains
throughout the Imperial Valley, extensive liquefaction was considered unlikely.
Based on the additional exploration, Figure 4 compares the NSBT parameter Ic with
laboratory fines content for one of the Imperial Valley sites As before, the Ic/fines
relationship does not follow the proposed parabolic curve developed by Robertson &
Wride (1998). Adjustment to the R&W curve also did not provide a good fit, but at
least the data had a positive, approximately linear relationship. Therefore, for this
site, the liquefaction criteria was modified by changing the Ic correlation to the indicated linear regression.
Re-evaluation with the site-specific Ic correlation allowed for evaluation of greatlyreduced liquefaction potential, both by eliminating a significant portion of the deposits as being fine-grained, but also by providing the fines correction multiplier, Kc, on
the actual materials with up to 35 percent fines content. Instead of 10 m of liquefiable soils approximately indicated by the initial study, the second study was able to
more closely identify approximately 0.5 to 1 m of potentially liquefiable silts in two
layers at at 3 m and 11 m depth. Additional liquefaction evaluation was performed
on these specific layers using cyclic triaxial testing.
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5 DISCUSSION
As noted in the introduction, Robertson & Wride (1998) recommend site-specific correlation and suggest possible variations in NSBT, but leaves the modification approach undetermined. Their paper notes that the fines content/Ic correlation is
somewhat variable, and suggests higher curves for soils with high-plasticity fines and
lower curves for soils with non-plastic fines. However, the suggested corrections are
opposite of the ranges of soil plasticity and observed deviation for either of the subject sites, except for limited layers of non-plastic silt. Rather, the data for both sites
suggest a systematic shift for all soil types regardless of plasticity.
Idriss & Boulangier (2004) recommend incremental refinements to previous CPT liquefaction evaluation methods but do not propose an alternate system for response of
dirty sands. They conditionally support the Ic correlation method, but note concerns
about its accuracy, and strongly support the use of site-specific correlation to justify
the Ic results.
Moss et al. (2006) substantially revise CPT liquefaction evaluation using a probabilistic framework. In development of their method, they screen out case studies with
w/LL of greater than 0.80 to 0.85 depending on plasticity indices, and screen out case
studies with fines content of 20 to 35 percent or greater depending on the plasticity
index in the soil. However in the final evaluation method, they provide a different
“fines correction” which is assessed based on friction ratio, but is reported “superior”
in that it has no actual relationship to fines content or soil correlation. Therefore, it is
difficult if not impossible to check the Moss et al. (2006) method against site-specific
data (unless Robertson & Wride is used first), or to make corrections if the soil behavior types are shifted. Also, fine-grained soils need to be identified in order to reliably apply fine-grained liquefaction criteria. Not considering fine-grained liquefaction
criteria, both Idriss & Boulangier and Moss et al. predict similar or greater occurrence
of liquefaction for these two CPT data sets than the unmodified Robertson & Wride
(1998) approach, even though the modified analyses above indicate the sites are
largely non-liquefiable.
The variation in soil behavior type correlation result from a relative shift between the
cone tip and sleeve friction resistances. Mechanical explanations are possible but
could not be evaluated with the available data. Sleeve/tip dimensions were not measured for the Carson City investigation. Data from three different CPT investigations
in Imperial Valley (at different locations within several miles of each other, and with
different CPT exploration firms), all showed lowered SBT and Ic relationships. Cone
tip and friction sleeve diameter measurements were measured for one of these investigations within ASTM tolerances. All the investigations discussed in this paper
used 15-cm2 cones, whereas relationships may have been developed with the 10-cm2
cone.
Mismatch of soil stratigraphy or minor sample-depth differences between the side-byside borings and CPT are potentially possible, however would be expected to have a
random rather than systematic shift in CPT response. Boundary effects between sand
and clay layers are important, where increased tip resistance due to an adjacent sand
layer in stiff fine-grained soils would decrease the apparent friction ratio and flatten
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Figure 7 – Graphic Comparison of CPT Data and Tested Boring Samples, Portion of Carson
City CPT C-06 Profile Showing Correlation Difficult in Highly Layer Strata

the Ic/fines regression. Initial evaluation of the Carson City data resulted in a flat regression (no increase in Ic with fines content, which led to the development of the alternate w/LL relatonship) which was later improved by very careful graphic comparison of sampled depth and appropriate CPT values, as shown in Figure 7. Some data
were eliminated due to poor definition in thinly-layered zones or layer boundary transitions. Geology is questioned as a possible source of the observed variations.
7 CONCLUSIONS
Soil correlation of fines content or soil behavior type is critical to assessment of the
relatively accuracy of the CPT parameters, to allow accurate assessment of fines content effects on predicted liquefaction. Fines content evaluation is critical both to corrections to equivalent clean sand behavior, and to properly identify fine-grained soil
that can be eliminated by other criteria. Site-specific correlation is critical in case either the CPT measurement or the soil response vary.
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ABSTRACT: Incremental loading of a CPTU cone performed in addition to a
dissipation test is a major improvement of a standard CPT. Executed by successive
steps until the rupture of the surrounding soil, this Cone Loading Test gives access to
new information such as stress-strain relationship linking the applied pressure on the
cone to the measured settlement. Furthermore, use of an electric cone allows
derivation from sleeve friction measurement the mobilization curve (t-z curve) of
local side friction at each test level. A new approach transforming the tip resistance
and sleeve friction curves point-by-point into the pile load settlement (or t-z) curves is
proposed. This paper presents a practical approach for the estimation and
normalization of t-z curves, the direct design method proposed for settlement
prediction and a comparison with pile loading tests on instrumented piles from LCPC
database.

1 THE CONE LOADING TEST APPROACH
Determining the working load of a pile so as to be close to its actual bearing capacity is still
very difficult. In most countries, development of piling techniques were made simultaneously
with the establishment of specific design methods. At the same time, significant efforts have
been made to improve the soil investigation techniques on which these methods were based.
In direct design method the ultimate bearing capacity Qu of a pile is computed from:
Qu = Qpu + Qsu
where: Qpu is the ultimate pile tip capacity and
Qsu the ultimate shaft resistance capacity.

(1)

This separation of the pile capacity into two terms is a common feature of all the design
methods used in practice: i.e. ’-c’, CPT, SPT, PMT. The tip capacity is related to a mean
value of the shear strength deduced from laboratory or in situ tests multiplied by a factor
related to the failure mechanism and adjusted for the soil type and for the remoulding effect of
the installation technique. The shaft term accounts for the change of soil properties in the
vicinity of the pile after it has been installed, for the soil variability and for the (complex)
pile-soil interaction. For laboratory as for in situ tests there are intrinsic limitations such as
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penetration speed for the CPT, length of the sampler for SPT and finite length of the probe for
the pressuremeter test. All of them are also affected by the variation of the soil profile. Hence,
for every segment of the shaft, shaft resistance has to be computed from the shear strength
times a factor depending of the three influences above.
1.1 Test principle
After several attempts to develop a test method using a penetrometer test based on either the
plate bearing test or static pile loading test procedures to reach a stress strain relationship
(Haefeli and Fehlmann, 1957; Ladanyi,1976; Sanglerat, 1974) a new procedure has been
recently proposed leading to possible improvement of direct design method. This test, called
Cone Loading Test, can be carried out during a Cone Penetration Test (CPT) as a
complementary, fast and economic test. After a dissipation test performed with the rods
unclamped, a loading of the cone is done by a minimum of ten successive steps lasting 60
seconds or at constant very slow speed until the cone resistance of the soil is reached
(Faugeras et al, 1983; Arbaoui et al., 2006; Reiffsteck et al., 2009). The stress-settlement
curve links the pressure applied on the cone to the settlement of the top of the push rods at the
end of each loading stage (Figure 1). The curves consist of a linear part at small strain level,
then a curved part at the onset of plasticity and a linear part at higher strain level.

Qt

cone resistance
pore pressure sleeve friction
fs
q and u
CLT

2

qc

z

h

h

z

h
cone settlement

Figure 1. The principle of the cone loading test

This test can be performed with a standardized electrical cone penetrometer (CEN/ISO,
2005). In case of use of a piezocone, increase of pore pressure and shear resistance on the
friction sleeve are measured.
However, the cone loading test requires several corrections resulting from the push rods
compression effect or the initial conditions of the test. A comparison of correction methods of
the measured displacement shows that the use of a friction reducer imposes a precise
measurement of the thrust force applied at the top of the rods (Qt). The calculation of the
correction, proved to be reliable, is to estimate of a mean friction deduced from the difference
between the force measured at the top and at the cone level (Ali, 2008). At shallow depth
deviation of rods is neglected but if deeper tests are planned use of inclinometer is suggested
(CEN/ISO, 2005).
1.2 Typical Cone Loading test results: Merville experimental site
The test site located at Merville lies within the Flandres clay zone located in northern France.
Silts of low to medium plasticity occur at the test site to a depth of about 2.4 m underlain by a
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very plastic and overconsolidated clay layer (Figure 2.b). CPT profiles are given on Figure
2.a.
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Figure 2. Location of Merville site and cone penetration results

The Figure 3.a shows that curves of cone resistance versus cone displacement are very regular
and also the test is repeatable observed by loading tests made at 4, 7.1, 8 and 9.8 m on three
profiles C1, C2 and C3. The results present a fairly good homogeneity.
80
PD1 1 m
PD1 2 m
PD1 3 m
C1 4 m
C1 7,1 m
C1 8 m
C1 9,8 m
C2 4 m
C2 7,1 m
C2 8 m
C3 6,5 m
C3 7,1 m
C3 9,8 m

2

1,5

1

0,5

70
sleeve friction f s (kPa)

cone pressure load Pp (MPa)

2,5

C1 4 m
C1 7,1 m
C1 8 m
C1 9,8 m
C2 4 m
C2 7,1 m
C2 8 m
C3 6,5 m
C3 7,1 m
C3 9,8 m

60
50
40
30
20
10
0

0
0

5

10

15

20
25
settlement h (mm)

30

35

40

a)

45

0

5

10

15

20
25
settlement h (mm)

30

35

40

b) 45

Figure 3. (a) Curves of cone loading tests performed in Merville (b) Measured shaft resistance during cone
loading test

Figure 3.b shows the mobilisation curves for the sleeve friction fs CLT versus cone
displacement obtained in Merville at different levels from 3 different soundings. In Table 1,
the final stage of the loading test also called limit pressure qCLT reached is close to the mean
value of conventional cone penetration resistance qc mean measured 5 cm above and under the
test level. Limit pressures qCLT stay lower than qc mean with a constant difference of 25%. This
difference has already been investigated by Sanglerat (1974) for constant rate of displacement
tests.
The elastic modulus Epn derived using equation (2) from the linear part of cone loading test,
the Menard pressuremeter modulus EPMT and limit pressure Pl obtained at the same depths, are
also given in Table 1.

E pn 
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Table 1. Modules derived from Merville tests (Flandres clay)
Sounding depth Epn
qCLT qc mean fsCLT EPMT
(m) (MPa) (MPa) (MPa) (kPa) (Mpa)
C3
2
4.5
0.8
0.52
60
4.5
C1
4
7.5
1.04 1.38
68
13.8
C2
4
12.4 1.13 1.52
65
C3
6.5
8.4
1.78 1.93
80
15.8
C1
7.1
12.9 1.72 2.25
86
C2
7.1
14.7 2.13 2.51
97
21
C3
7.1
15.8 1.74 2.04
88
C1
8
9.1
1.55 1.94
79
18.7
C2
8
9.3
1.99 2.68
99
C1
9.8
8.9
1.64 2.1
90
19.7
C3
9.8
9.45 1.77 2.36
98

plPMT
(MPa)
0.37
0.79
1.01
1.06
1.07
1.29

The mobilization law curves of side friction can also be made in a very similar way to that
used to obtain shaft friction during a static pile loading test equipped with a removable
extensometer (Reiffsteck, 2009). In evaluating the sleeve friction fs CLT the stable post peak
values are used and not the peak values (Figure 3.b & Table 1).
2 CONE LOADING TEST DIRECT DESIGN METHOD
By considering that the cone penetrometer is a reduced pile model, and that the deformation
of the soil around a cone indicates effects similar to the soil deformation observed around a
full-scale pile during loading, then, the cone loading test curves reflect the interaction between
a slender pile and the surrounding soil. A very useful and interesting repercussion of this
statement is the potential of the cone loading test to be a foundations dimensioning tool. As in
a pile loading test, during a cone loading test, we record the applied cone pressure according
to displacement in each loading stage. In the same manner, it is possible to determine the
curve of sleeve friction mobilization law on the friction sleeve in each loading stage as shown
on Figure 4. Values of the measured force acting on the friction sleeve divided by the area of
the sleeve can be identified to the unit skin friction resistance qs used in the PMT direct design
method and determined during a pile loading test with removable extensometer (MELT,
1993).

Figure 4. Principle of load transfer method to estimate pile settlement

Then if CLT results are used, in the general case of a layered ground for which the
distribution of penetrometer limit cone resistance qCLT with depth are known, each of these
terms will be computed from the following equations:
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where:

Qpu = [qo+kp.(qCLT)]B²/4

(3)

Qsu =in ks.fs.B.li

(4)

qo is the total vertical pressure,
kp is the bearing factor,
ks is the shearing factor,
B is the diameter of the pile,
fs is the limit unit shaft friction of the ith layer,
l the thickness of the ith layer.
qCLT the limit cone resistance obtained near the tip of the pile.

The comparison and the correlation between the mobilization curve obtained from the cone
loading test and that of the static pile loading test, for the same site and same ground type,
give access to influence factors. However, there are some singularities which depend on the
cone geometry used in the cone loading test, as well as the friction sleeve influence. Indeed it
is necessary to integrate a correction factor which takes account of the scale factor between
the friction sleeve and the pile shaft ks and cone and pile tip kp.
3 METHOD VALIDATION
To investigate the potential of the suggested CLT method, the prediction of the bearing
capacity under axial load is compared to results of an axial pile load test. The pile, drilled
using a continuous flight auger, 0.5 m in diameter and 12 m deep was installed on the same
experimental site and was loaded axially and instrumented by LPC removable extensometers
over its entire length. The static pile loading test is carried out in accordance with European
standard EN ISO 22477-1-1. It is a staged loading test, which consists in loading the pile by
increments ΔQ equal to 0.1Qmax until Qmax is reached. The limit load Qu is conventionally
defined as the settlement at pile head equal to the higher of the two values: either 20 mm or
B/10, which is here equal to 50 mm (Figure 5) (MELT 1993). Defining the total limit load Qu
and using the LPC removable extensometers to find the limit point resistance Qpu permits the
determination of the limit shaft friction Qsu (Figure 6.b). It gives Qu = Qpu + Qsu = 373 + 939 =
1312 kN for 50 mm of displacement. The settlement yo at the top for a 500 kN load is 1 mm.
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Figure 6. Test results (a) Unit skin friction qs mobilisation versus displacement y of ith segment (b) Load
transfer along the shaft

The shaft resistance-displacement curves are determined directly for each segment of the pile
(Figure 6.b) and load transfer along the shaft for each step (Figure 6.a).
Table 2 Comparisons between some design methods used to derive the bearing capacity
Q
(MN)

Load
test

Qpu
Qsu
Qu

0.373
0.939
1.312

F62-V
EC7-2 E
PMT
0.346
0.901
1.248

CLT
0.428
1.491
1.919

Prediction of load transfer and limit state using CLT parameters gathered in Table 2 is
represented on Figure 6.b. It is noticed that there is a ratio of 0.7 between the bearing capacity
obtained from static pile loading test and that obtained from cone loading test approach. This
difference represents the scale and form effect between the pile and the conical shape of the
cone penetrometer.
4 PREDICTION OF SETTLEMENT
The goal of this research was to develop a method that would give a prediction of a complete
load settlement curve for pile based on the analysis of the friction mobilization curves (t-z
curves) at different levels of the cone loading test. The approach consists of transforming the
CLT sleeve friction and cone resistance curves representative of the soil along the shaft and
below the tip into a settlement curve for that foundation. It consists in transforming the tip
resistance and sleeve friction curves point-by-point into the pile load settlement (or t-z) curves
(Figure 7.a). The way this new method has been developed is very close to one described by
Briaud and also used in NEN6743 (Briaud, 2007, Larsson and Bengtsson, 2008, NEN, 1991).
The reason for selecting the CLT curves is that observation made in previous paragraph show
an obvious correspondence between pile loading test and cone loading test compared to
expansion test such as PMT (Figure 7.b).
The settlement of the top of the foundation wfound can be determined as a function of the pile
load as the sum of the value of the settlement of the upper end of the pile and the settlement
due to compression of the soil layers situated below the pile point level. The settlement of the
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upper end of the pile includes the settlement relative to the pile point due to elasticity of the
pile.
w found  w skin  w tip  w el
(5)
where
 wtip and wskin are deduced from relative load settlement curve constructed with the average
cone resistance and sleeve friction versus the relative settlement s/B,
 wel is function of the assumed linear variation of the vertical effort in the pile (Figure 7.b).
Figure 7.b gives a comparison of CLT relative curve for Merville clay and load transfer curve
for Ménard pressuremeter and CPT according to NEN.
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Figure. 7 Settlement prediction
Table 3 Settlement yo prediction at Q=500 kN

Parameter origin
Parameter values
yo (mm)

Load
test
1

CLT

Fasc. 62-V

CLT
2.1

PMT
EM=20 MPa
3.3

NEN
6743
CPT
table 1
3.9

Poulos &Davis
(1974)

Bowles
(1997)

Triaxial
Es=50 MPa
1.2

SPT
N=25
1.6

As defined in Fascicule 62-V (MELT 1993), settlement of the pile can be determined using a
load transfer q-z curves as a function of Ménard pressuremeter modulus (marked “t-z” on
Figure 7.b) as proposed by Frank and Zhao (1982). In addition the smoothed curves given in
NEN 6743 marked “NEN” is given. Figure 7.c shows the proposed load-settlement curves as
calculated according to Fascicule 62-V and to NEN 6743 and as proposed by the CLT direct
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design method compared with the actual pile load test curve. For clarity purpose, only two
soil layers were considered in this example (see Figure 2.b).
Under a 500 kN load, the settlements estimated by PMT and CPT methods and more classical
methods are very similar (Table 3). It is difficult to judge the accuracy of these computations
as the measured settlement is very small. The methods have overestimated the settlement by
an average ratio of 2.4.
5 CONCLUSION
The present paper has tried to describe a new direct design method based on the cone loading
test taking advantage of the intrinsic quality of the CPT test: reproducibility, precision and
furthermore giving access to strength but also stiffness. This new design method offers high
potential application to spread footing design. Further research need to collect case studies on
different sites and soils: loam and sand to define the adapted rheological factors.
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Pile capacity prediction in Minnesota soils using direct
CPT and CPTu methods
G.R. Reuter
American Consulting Services, Inc., St. Paul, Minnesota, USA

ABSTRACT: A test pile program was performed consisting of static loading tests on
two test piles, a 304 mm diameter and a 406 mm diameter steel pipe pile. A seismic
piezocone (SCPTu) sounding was performed at the test pile site, and the results of the
static loading tests are compared with published direct Cone Penetration Test methods, three CPT based methods and three CPTu based methods, to evaluate the appropriateness for use of these methods in this area. It was found at this site that direct
CPTu based capacity methods predicted more accurately than CPT based methods,
and provided very good agreement, all within 20%, of the results of static loading
tests taken to failure. In addition, the results of down hole seismic shear wave velocity tests taken during advancement of the SCPTu sounding are applied to elastic continuum theory to evaluate the axial load-movement response. The results at this site
are in very good agreement to the conventional top-down static loading test results.

1 INTRODUCTION
Driven piles are the most common deep foundation type in Minnesota. Historically,
the prediction of pile capacity was based on the Standard Penetration Test (SPT).
The piezocone provides an alternate field test to characterize the subsurface conditions.
A test pile program was performed at Trunk Highway 212 Bridge No. 10038, located about 20 km southwest of Minneapolis, Minnesota. The test pile program was
performed in order to obtain design information for the new bridge by assessing the
axial capacity and drivability of two steel pipe piles having different diameters.
2 GEOLOGY
The project area is overlain by glacially derived sediments which are largely the result of several distinct glacial advances that occurred during the Pleistocene Epoch.
The uppermost soils are part of the New Ulm Formation, a clayey glacial till deposited by the Grantsburg sublobe of the Des Moines lobe of the late Wisconsinan gla-
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cial ice sheet approximately 25,000 to 10,000 years BP. These clayey deposits are
overconsolidated, and generally highly calcareous and rich with shale fragments. The
glacial soils in the area are approximately 60 m thick, overlying Ordovician age sedimentary bedrock.
3 SITE INVESTIGATION
A seismic piezocone (SCPTu) sounding was advanced at the site of the test pile program using a dedicated 200 kN CPT truck. The resulting profiles are presented in
Figure 1. The testing was performed with a standard piezocone having a 15 cm2 conical tip with a 60° apex angle and a 210 cm2 friction sleeve. Penetration pore pressures were measured along the shoulder at the u2 position. Down hole seismic shear
wave velocities (Vs) were also measured at various depths during the advancement of
the piezocone.

Figure 1. SCPTu profile at the site of the test pile program, which includes a graphic showing the penetration depth of test piles S-1 and S-2.

The SCPTu sounding penetrated 14.3 m of stiff to very stiff clay loam glacial till
(manually classified from an adjacent conventional soil boring) having uncorrected
cone resistances, qc, of about 1.7 to 4.1 MPa. Two notable alluvial sand strata were
found, an upper, approximately 1.4 m thick sand layer at a depth of 14.3 m, and a
lower sand layer at a depth of 16.8 m. This lower sand layer extended beyond the 21
m depth of the sounding. The sand layers were separated by an intermediate, 1.1 m
thick stratum of clay loam till. The sand strata were dense to very dense; the upper
sand stratum had qc values on the order of 55 to 75 MPa and the lower sand had qc
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values on the order of 27 to 41 MPa. The intermediate till layer was very stiff, having
qc readings of about 4.8 to 6.9 MPa.
Measured Vs values within the upper clay loam glacial till were fairly uniform
ranging from 244 to 351 m/s. The interpreted Vs at the 17.7 m depth was substantially larger at 677 m/s and was influenced by the dense sand strata.
4 PILE TESTING PROGRAM
4.1 Description
Two test piles were driven at the site; a 304 mm outside diameter steel pipe, designated test pile S-1, and a 406 mm outside diameter steel pipe, designated test pile S-2.
Both piles had a wall thickness of 9.5 mm and were driven closed-ended with a conical steel tip welded to the pile toe. The piles were driven in the vicinity of each other, with a center-to-center spacing of 1.07 m. Each pile was driven to a depth of 15.9
m below grade, and each was purposely driven through the upper dense sand stratum
to bear within the intermediate till layer. Dynamic testing was performed on each test
pile during initial driving and during restrike at 0.1 days and 35 days. Each test pile
was filled with concrete about a week after initial driving. A static loading test was
performed on test pile S-1 at 30 days after end of initial driving and on test pile S-2 at
31 days after end of initial driving.
4.2 Static Loading Test Results
Graphical results of the loading tests are presented in Figure 2, which show applied
load versus pile top movement. The load-movement curves exhibit a well defined
plunging failure condition. Test pile S-1 had a Davisson Offset Limit of 2080 kN,
and test pile S-2 had an Offset Limit of 3560 kN.

Figure 2. Load-movement diagrams from the static loading tests on test piles S-1 (304mm diameter)
and S-2 (406 mm diameter).

At end of initial driving, based on dynamic measurements and signal matching analyses, test pile S-1 had a predicted resistance of 1246 kN, and test pile S-2 had a predicted resistance of 1784 kN. Comparing the static loading test results with the dy-
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namic test results from end of initial driving found that the capacity increased by a
factor of about 1.9 to 2.0 over the approximately 30-day wait period through side
shear set-up.
5 PILE CAPACITY PREDICTIONS
5.1 Introduction
Six direct methods were used to evaluate the pile capacity; 3-CPT based methods and
3-CPTu based methods. Direct methods use the measured cone resistance and sleeve
friction to directly calculate pile capacity, whereas indirect methods first correlate to
various soil parameters, such as friction angle and undrained shear strength, and then
calculate pile capacity. The direct methods evaluated are:
 CPT based methods
1. de Ruiter and Beringen (1979), also known as the Dutch Method or European Method
2. LCPC method, also known as the French Method or the Bustamante
Method (Bustamante and Gianeselli, 1982)
3. Nottingham and Schmertmann Method (1975, 1978)
 CPTu based methods
1. Eslami and Fellenius (1997)
2. Takesue et al. (1998)
3. Togliani (2008)
For the CPTu methods, the cone resistance was corrected for the pore pressure u2
acting on the shoulder (qt). The uncorrected cone resistance, qc, was used in the de
Ruiter and Beringen, LCPC, and Nottingham and Schmertmann CPT based methods,
since these methods were originally developed for use with mechanical or electric
friction cones, prior to the widespread use of the piezocone. The Eslami and Fellenius, and Takesue methods use the measured pore pressures directly in the analyses;
however, the Togliani method does not, but is included in the CPTu category since qt
is used rather than qc. Pore pressure measurements were not considered in the CPT
based methods. No modifications were made to the methods of calculation or recommended constants used in any of the methods. Since the Takesue method only
evaluates shaft resistance, toe resistance calculations followed the Eslami and Fellenius toe resistance calculation method, as suggested by Mayne and Schneider, 2001.
5.2 Results and Discussion
The total pile capacity, Qt, obtained from the static loading tests and the predicted total pile capacity by the various pile capacity prediction methods are presented in Table 1 for test pile S-1 and Table 2 for test pile S-2. The ratio of measured total capacity, Qtm, to predicted total capacity, Qtp, is also presented, along with the absolute
percent difference between the predicted and measured capacities.
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Table 1. Comparison between static loading test results and capacity predictions for test pile S-1
Qt
Absolute
Difference (%)
Basis
Method
(kN)
Qtm/Qtp
Static Loading Test
2082
1.00
0
Measured
Nottingham and Schmertmann
2060
0.99
1
CPT
Togliani
2184
1.05
5
CPTu
Takesue, et.al
1917
0.92
8
CPTu
Eslami and Fellenius
1677
0.81
19
CPTu
de Ruiter and Beringen (Dutch)
1508
0.72
28
CPT
LCPC (Bustamante)
1326
0.64
36
CPT

Table 2. Comparison between static loading test results and capacity predictions for test pile S-2
Qt
Absolute
Difference (%)
Basis
Method
(kN)
Qtm/Qtp
Static Loading Test
3560
1.00
0
Measured
Takesue, et.al
3643
1.02
2
CPTu
Eslami and Fellenius
3327
0.93
7
CPTu
Togliani
3221
0.90
10
CPTu
de Ruiter and Beringen (Dutch)
2420
0.68
32
CPT
Nottingham and Schmertmann
2273
0.64
36
CPT
LCPC (Bustamante)
1922
0.54
46
CPT

All three CPTu based methods (Eslami and Fellenius, Takesue, and Togliani) had
predicted capacities for both test piles within 20% of the capacities determined by the
30-day static loading tests, with the Takesue and Togliani methods both predicting
within 2% to 10% of the measured capacities for both test piles. The Eslami and Fellenius method predicted within 10% for test pile S-2 only.
For the CPTu based methods, no limit on the calculated toe or shaft resistance is
imposed in the Eslami and Fellenius method. Also, no limit was imposed on the shaft
resistance calculation for the Takesue method since the data (friction ratio and excess
pore pressure measurement) from the SCPTu sounding falls within the range of published data the method was originally based upon. The Togliani method normally
imposes a limit on the toe resistance for driven concrete piles, upon which the method
was originally developed, but this limit is removed for the driven steel pipe piles in
this study (Togliani, 2009).
None of the CPT based methods predicted within 20% of the measured capacity,
except for the Nottingham and Schmertmann method for test pile S-1 only, which
predicted within 1% of the measured value. The accuracy of the Nottingham and
Schmertmann method for test pile S-2 was considerably less due to the limiting toe
resistance imposed in this method which does not consider the effect of the underlying dense sand layer encountered below 16.8 m at the SCPTu sounding. This sand
layer is located within 2.4b beneath the pile toe of pile S-2, and 3.2b beneath the pile
toe of S-1, where b is the pile diameter; therefore, if considered, the sand layer should
have a greater effect on the toe resistance prediction for pile S-2 than S-1. The other
two CPT based methods, the de Ruiter and Beringen method, and LCPC method,
both impose an upper limit on both the calculated toe and shaft resistances.
The CPT based methods tended to under-predict the 30-day pile capacity; however,
the LCPC method was found to provide an excellent prediction of the end of initial
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drive capacity for both test piles, with Qtm/Qtp of 1.06 and 1.08 for test pile S-1 and S2, respectively.
6 PILE LOAD-MOVEMENT EVALUATION
6.1 Introduction
The axial load-movement response was evaluated using elastic continuum theory
(Mayne, 2000, Mayne & Schneider, 2001) assuming a Randolph-type pile model
(Randolph & Wroth, 1979). The small strain soil stiffness necessary for the analysis
was calculated from the SCPTu shear wave velocity measurements, and the large
strain response was represented as the ultimate geotechnical capacity. A modified
hyperbola was used to model the degradation of the initial stiffness with increasing
load level, resulting in a nonlinear load-movement response.
6.2 Results and Discussion
Assuming an average Vs of 287 m/s and drained Poisson’s ratio of 0.2 for the small
strain region, results in an average initial small strain stiffness of 399 MPa for the
clay loam glacial till. A compressible pile was assumed for the analyses, along with
modified hyperbola constants f = 1 for both piles, and g = 0.3 for pile S-1 and g = 0.5
for S-2. The calculation of total load versus movement at the top of the pile are presented in Figures 3 and 4, and are compared to the measured axial load versus pile
top movement for each test pile.

Figure 3. Measured and calculated load-movement behavior of test pile S-1.
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Figure 4. Measured and calculated load-movement behavior of test pile S-2.

The calculated axial load-movement response for both test piles is in excellent
agreement with the measured pile top movement response. The ultimate geotechnical
capacities used in the analyses were 2224 kN for test pile S-1 and 3955 kN for test
pile S-2, which are within 10% of the static loading test results.
7 CONCLUSIONS
Seismic piezocone (SCPTu) tests provide a considerable amount of information to
characterize the geotechnical properties at a particular site needed for pile capacity
and movement response prediction. The time of the measured pile capacity from end
of initial driving is an important consideration when attempting to predict pile capacity in high set-up clayey soils, such as are found at this site. It was found that direct
CPTu based capacity methods (Eslami and Fellenius, Takesue et al., and Togliani)
provided very good agreement, all within 20%, of the results of the 30-day static
loading tests taken to failure at this site, with the Takesue and Togliani methods both
predicting within 2% to 10% of the measured capacities for both test piles. None of
the CPT based methods predicted within 20% of the measured capacity, except for
the Nottingham and Schmertmann method for test pile S-1 only, which predicted
within 1% of the measured value.
The down hole Vs measurements taken during performance of the piezocone
sounding provide information needed to apply elastic continuum theory for the calculation of the load-movement response, and the results at this site are in very good
agreement to the conventional top-down static loading test results.
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Use of multiple induced fluorescence tools at a pipeline
site to characterize residual LNAPL
K. R. Patton
AECOM Environment, Camarillo, California, USA
S. M. Kuhlman
Consultant, Yorba Linda, California, USA

ABSTRACT: To remediate an unmapped residual light non-aqueous phase liquid
(LNAPL) serving as a continual source of aromatics and oxygenates to groundwater,
an understanding of its lateral and vertical extent was needed. Despite the
construction of over 35 groundwater monitoring wells and implementation of a longterm monitoring program, the geographic distribution of the LNAPL remained
unknown. To map the LNAPL and refine the site conceptual model, the ultraviolet
induced fluorescence tool and the ultraviolet optical screening tool were used in
conjunction with the cone penetration test device. Limitations, benefits, and results
from the use of each tool are presented. A detailed 3-dimensional (3D) depiction of
the entrapped LNAPL body was produced. The 3D residual LNAPL body footprint is
an integral component used to determine the most appropriate means to further
remediate the Site. Additional techniques are planned to refine volume and mass
estimates of the LNAPL source area.

1 INTRODUCTION
The objectives of the investigation were to:
 Use a cone penetration test (CPT) device along with an ultraviolet induced
florescence (UVIF) tool and an ultraviolet optical screening tool (UVOST) to
assess the lateral and vertical extent of residual light non-aqueous phase liquid
(LNAPL) in the subsurface acting as a continuing source to groundwater
impacts;
 Evaluate the lithology and potential migration pathways; and
 Use the resulting data to evaluate potential remedial alternatives for subsurface
media, as warranted.
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2 SITE OVERVIEW
The Site, located in southern California, consists of approximately two acres of land
that includes multiple pipeline junctions with seven petroleum product pipelines that
originate, terminate, or continue at the Site. The control boxes have operated as a
long-term routing station for an extensive pipeline network.
In the early 1990s, a release of over 150,000 gallons of gasoline was reported at
the Site. Approximately 100,000 gallons of product were recovered during emergency
response activities and follow-up remedial activities; however, a portion of product
infiltrated into the underlying soil and groundwater. Groundwater impacts include
oxygenates along with benzene, toluene, ethyl benzene and xylene.
An LNAPL recovery system and a soil vapor extraction (SVE) system were
installed to reduce the source. The LNAPL recovery system was operated for six
years; and the SVE system operated almost 10 years, after which the system was shut
down due to a high groundwater table. Enhanced fluid recovery and groundwater
monitoring continued.
3 GENERALIZED GEOLOGY AND HYDROGEOLOGY
Regionally, the Site is located within the Los Angeles Basin, which is an elongated
northwest-trending coastal plain. It is bounded on the north by the Ballona
Escarpment, to the south and west by the Pacific Ocean, and to the east by low hills.
It is in an area comprised of several thousand feet of Tertiary and Quaternary marine
deposits. The Site also lies within an ancient backfilled ancestral Los Angeles River
trench, which overlies marine sediments that traverse the area.
Locally, the lithology at the source zone area consists of poorly graded sands
underlain by silts, clays and sands from 6 to 14m (20 to 45 feet) below ground surface
(bgs). The lower permeability silts and clays provide a natural inhibitor to migration
of the dissolved phase from the Site.
Two water bearing units within the recent alluvium, designated as the shallow
zone and deeper zone, were reported in previous investigations. The shallow zone
consists primarily of silty sand to sandy silt with isolated beds of clay, and is present
beneath the Site from approximately 6 to 10m (20 to 35 ft) bgs. It ranges in thickness
from approximately 0.6 to 4.5m (2 to 15 feet). The deeper zone consists primarily of
silty sand to sandy silt, is generally encountered between 10 to 14m (35 to 45 ft) bgs
and extends to at least 18.2m (60 ft) bgs.
Groundwater elevations at the Site are near historical highs (approximately 4.2m,
14 feet bgs), as the water table has risen about 6m (20 feet) since the release occurred.
The historical low occurred in 1999.
As a result of the rise in the water table, roughly half of thirty four monitoring
wells have submerged screens. The horizontal extent of the dissolved-phase plume is
known with non-detect monitoring wells to the south, east and estimated to the west
of the Site; however, limited information is available to the north and northeast of the
Site.
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4 RESIDUAL LNAPL
LNAPL thicknesses were measured up to 10m (32 feet) in monitoring wells at the
Site shortly following the release. Since that time, measurable LNAPL has
significantly declined and in December 2007 measurable LNAPL (about 300mm, 12
inches) was observed in only one well; sheen was observed in others. However,
dissolved-phase concentrations have not decreased over time. This fact, along with
the historical increase in the water table elevation noted above, suggests that residual
LNAPL is entrapped below the groundwater surface and is a continuing source to
groundwater impacts. As a result, an investigation was performed to determine the
lateral and vertical extent of the residual LNAPL source area.
5 LIF INSTRUMENTATION
To map the extent of residual LNAPL, laser induced fluorescence (LIF) tools were
selected because they operate on the principle that aromatic hydrocarbons, mixed
with soil and groundwater fluoresce when irradiated by ultraviolet light (Gregg
Drilling & Testing, Inc., 2009). Lighter compounds (e.g. gasoline) tend to fluoresce at
shorter wavelengths and heavier compounds (e.g. diesel, motor oil) fluoresce at
longer wavelengths.
The LIF tool provides the excitation wavelength. When the hydrocarbons in the
formation absorb the excitation light, the energy state of the hydrocarbon molecule is
altered and light is re-emitted at a longer wavelength. This change in wavelength is
termed the Stokes shift. The emission wavelengths ranged from about 280 nm (with a
benzene spike at approximately 290 nm) to about 340 nm.
Since the LIF tool not only sends out the excitation wavelength but also receives
the emitted wavelength, an appropriate photomultiplier tube is required to receive the
desired wavelengths and convert the corresponding wave energy into a voltage
reading. The UVIF excitation wavelength is 250 nm, therefore a bandpass filter is
required to clip out this excitation wavelength from the receiver along with those
undesirable wavelengths at the longer end of the spectrum (greater than 340 nm). The
specifications for the photomultiplier tube and bandpass filter were reviewed to
ensure they were appropriate for the gasoline range of hydrocarbons (e.g., 290 to
310nm).
It should be noted that neither the UVIF tool or UVOST are designed to detect nor
measure dissolved concentrations. They are designed only to measure re-emitted light
from the residual LNAPL. In addition, outputs from the UVIF are measured in volts
while those from the UVOST are a percentage of the reference emitter. While both
the UVIF tool and UVOST are used as screening tools to identify the depth at which
hydrocarbon impact exists, only the UVOST can identify the type of LNAPL
composition since it measures emission decay with time at several wavelengths (350
nm, 400 nm, 450 nm, and 500 nm) (Dakota Technologies, 2009). To verify this
feature, a sample of source (bailed from one of the monitoring wells containing
LNAPL) along with fresh samples of gasoline and diesel were used to calibrate the
field response of both instruments and used as daily baselines prior to each sounding.
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6 FIELD PROCEDURE
For this investigation, the UVIF tool was selected for the first 15 soundings while the
UVOST was used on the remaining seven soundings. The UVIF tool and UVOST
were coupled with the CPT rods and made ready to be hydraulically advanced
simultaneously into the subsurface.
The CPT soundings were conducted using a 27-ton down pressure capacity CPT
rig equipped with a 20-ton capacity cone with a tip area of 15 square centimeters
(cm2) and a friction sleeve area of 225 cm2. The cone is designed with an equal end
area friction sleeve and a tip end area ratio of 0.80. Measurements taken by the cone
include cone bearing (qc), sleeve friction (fs) and penetration pore water pressure (U)
at 5-cm intervals during penetration to provide a nearly continuous hydrogeologic
log. CPT soundings were performed in accordance with revised (2002) ASTM
standards (D 5778-95).
As the CPT was advanced, a continuous soil lithologic log was produced, and the
LIF tool measured fluorescence and provided semi-quantitative measurements for the
subsurface media it passed through. The depths explored ranged from 18 to 27m (60
to 88 feet) bgs.
In the known source area, and at various depths in the subsurface where LIF
response was observed, soil samples were collected and analyzed for total petroleum
hydrocarbons in the gasoline, diesel and oil ranges to validate the LIF response.
7 RESULTS
Formatted data was provided in real time in the field. The CPT ratio (Rf) of cone tip
resistance (qc) to sleeve friction (fs) values and definitions (as developed by
Robertson, et al., 1986) were assigned an equivalent Unified Soil Classification
System designation in order to depict lithology consistent with those definitions and
previous bore logs at this Site. Raw data from the soundings were compiled and
loaded into RockworksTM as downhole geophysical point data. The data were then
plotted on strip logs and output for the development of cross sections using ArcGIS;
and for 3-dimensional (3D) modeling of the voltage.
The CPT/UVOST data included fluorescence intensity in terms of percent of the
reference emitter. Lighter LNAPLs (e.g. gasoline) are represented by the blue peaks
within waveforms while the heavier aromatic molecules are illustrated progressively
by the green (e.g. diesel) and to a smaller degree by the red and gray peaks of the
waveform plots.
A 3D residual LNAPL object of LIF voltage was generated in Rockworks using an
inverse distance algorithm. The 3D LIF object was filtered to show an isosurface
greater than one volt, which represented a reasonable cutoff of background noise
(Fig.1).
Slices of the 3D model at various depths in the residual LNAPL source area
revealed a maximum extent foot print of the residual LNAPL at the Site (Fig. 2). The
3D model also identified a small remnant of residual LNAPL to the west of the
historic release area at a depth of approximately 6.7m (22 ft) bgs. The main body of
the residual LNAPL was identified immediately east of and adjacent to the pipeline
junction where the historic release occurred. The bottom of the residual LNAPL is
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located at about 13.7m (45 ft) bgs. A portion of a cross section illustrates how the
CPT lithology data was developed as well as the LIF response with depth (Fig.3).

Figure 1. 3D residual LNAPL object of LIF voltage.

Figure 2. Slice of the 3D model at depth in the residual LNAPL source revealing a maximum
extent foot print of the residual LNAPL.
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Figure 3. Portion of cross section depicting CPT lithology data as well as the LIF response
with depth.

The main body of the residual LNAPL appears to be present in the sand to silty
sand unit as well as in the deeper sand unit but appears to be partly constrained by the
overlaying sandy silt to clayey silt and clay units.
The soil profile data collected do not indicate that a coarser more permeable
pathway exists in this direction; rather the fine-grained interbedded soils are
persistent across the Site. The data shown on cross-section A-A’ in Figure 3 indicate
that LNAPL migrated downward during the release and penetrated the water table
due to a large driving head. This is based on the historic water level being more than
6m (20 feet) higher than the maximum depth of impacts. Additionally, gauged
thicknesses on the order of 10m (32 feet) also support these large driving heads
during and immediately after the release.
The impacts generally are deepest near the pipeline junction and become shallower
with distance. However, even with distance away from the pipeline junction, the
LNAPL impacts remain within the deeper sand and coarse sand material. This
indicates that once LNAPL reached the sand unit it was below the water table and it
could spread more easily in the saturated coarse materials than in the fine grained
unit. Some impacts exist within the fine grained unit as well but do not represent the
majority of impacts at the Site.
The lower permeability silts and clays also appear to be providing a natural
inhibitor to migration of the dissolved phase from the Site especially on the west side
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of the pipe junction. The LNAPL entrapped in this area is isolated and shallower than
the main LNAPL body to the east. The migration pathways for the residual LNAPL
on the east side of and immediately adjacent to the pipeline junction appear to be
limited to the south and north by thicker clay to clayey silts. The main body of the
residual LNAPL appears to be confined to a maximum areal extent depicted on
Figure 2.

8 CONCLUSIONS
The LIF tools were effectively used to delineate the lateral and vertical extent of
residual LNAPL beneath the Site, and the lithology was refined and improved as a
result of using the CPT soundings. The main body of residual LNAPL was mapped
deeper east of and immediately adjacent to the pipeline junction, primarily in the
lower sand unit. On the west side of the pipe junction the residual LNAPL plume
appears relatively shallow, somewhat isolated and constrained by clayey soil.
Additional techniques may be used to further evaluate the volume and mass of the
residual LNAPL at the Site.
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SCPT for design of shallow bridge foundations in
Minnesota
J.G. Bentler & M.J.L. Hoppe
American Engineering Testing, Inc., St. Paul, Minnesota, USA

ABSTRACT: Seismic cone penetration testing (SCPT) was used extensively for assessment and design of shallow foundations for bridges during a design-build highway project in Minnesota. Geotechnical information provided during the bid phase
consisted exclusively of standard penetration test (SPT) borings at structures. Based
on the existing geotechnical information, the winning design-build contractor had
planned to support all the highway and pedestrian bridges on piling, although shallow
foundations were considered feasible and worthy of additional geotechnical study for
several bridges. SCPT soundings, in combination with laboratory soil tests, provided
data that allowed a total of seven bridges to be supported on shallow foundations. An
overview of the methods of investigation and analysis is provided for two bridges,
both of which had some level of construction monitoring.
1 INTRODUCTION
The $238 million Trunk Highway (T.H.) 212 Design-Build highway project constructed through suburbs located about 30 km southwest of Minneapolis, Minnesota,
included 19 km of new freeway, more than 21 km of connecting streets, 7 interchanges, and 28 bridges. Standard penetration test (SPT) soil borings had been provided along the roadway alignment and at structures by the Minnesota Department of
Transportation (Mn/DOT) in the project’s Request for Proposal. Site geology consisted predominantly of overconsolidated glacial till. Based on geotechnical analysis
of the soil boring information, the winning design-build contractor had planned to
support all bridges on driven closed-end steel pipe piles, although shallow foundations were considered feasible and worthy of additional geotechnical study for 11
highway bridges and two pedestrian bridges. Supplemental geotechnical investigations using seismic cone penetration testing (SCPT) were performed by American
Engineering Testing (AET), the project geotechnical engineering firm, at several of
these bridges during the design phase to provide the data necessary for analysis of
shallow foundations.
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2 BACKGROUND INFORMATION
2.1 Local Experience with CPT
While CPT in Europe dates back to the first half of the 20th century, its usage in many
areas of the United States, has lagged. Beginning in about the early 1990s, geotechnical engineering consultants in the Minneapolis area began using CPT (Reuter
2009), and since about 2000, Mn/DOT has used CPT regularly for geotechnical site
investigations (Dasenbrock 2004). However, it was in 2002, during the initial soil exploration phase of the T.H. 212 project, that CPT was used perhaps the most extensively on a Mn/DOT project to that point. CPT soundings were performed in several
swamp areas during the planning phase for the project to assess depth of organic
soils.
Research has shown that the OCR for many types of clay can be assessed either
qualitatively (Lunne et al. 1997) or quantitatively (Mayne et al. 2002) using the shear
wave velocity, which can be quickly measured during seismic CPT soundings. Because correlations used to estimate soil parameters can vary based on local geology,
both consolidation tests and SCPT soundings had previously been performed on
many projects in the Minneapolis area, determining that the published correlation in
Mayne et al. (2002) between OCR and shear wave velocity generally provide a good
estimate for the low plasticity clayey soils common in local glacial till deposits. However, local experience has shown that a reduction factor of about 0.8 is needed for the
CPT-estimated values to match laboratory consolidation test results.
2.2 Other Project Applications of CPT
CPT was used for other purposes during the project besides geotechnical explorations
for bridge foundations. For example, in areas of thick swamp deposits, particularly in
areas where excavation of these soils was performed underwater, numerous CPT
soundings were performed after the excavations had been backfilled in order to quickly assess the success of the soil correction process. In areas where pockets of organic
soils had been trapped below the excavation backfill, surcharging was often used to
reduce post-construction settlements. The speed with which CPT soundings could be
performed made them more economical than continuously sampled soil borings. CPT
soundings were also performed through the planned embedment depth of precast concrete posts for noise walls on top of large fill embankments meant to serve as noise
barriers. While density testing had been performed on the embankment fill, the CPT
data allowed for reliable estimates of soil strength and stiffness used in the lateral resistance design of the noise wall posts against wind loads.
2.3 Use of SCPT to Facilitate Shallow Foundation Design
As previously mentioned, the preliminary design for each bridge on the project included foundation support by closed-end, cast-in-place, steel pipe piles either 31 or 41
cm in diameter. This foundation type would be consistent with typical Mn/DOT practice for bridges supported over soil. However, early in the project two pedestrian
bridges were redesigned for support on shallow spread footings, and one of these utilized SCPT soundings to better define site stratigraphy. Supplemental SCPT sound-
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ings were also performed to provide design recommendations for spread foundations
of five roadway bridges. Four of these bridges were for secondary highways constructed over T.H. 212 and were located in areas of cut, ranging from about 3 m to 8
m at pavement elevation. All substructure foundations for these four bridges were
founded at least 1 m below original grade.
An overview of the methods of investigation and analysis for the project is highlighted by the examples of two bridges, located about 2 km apart and both founded
on clayey glacial till. The supplemental investigation for the first bridge (referred to
as the T.H. 41 Bridge) included both SCPT soundings and an additional soil boring to
collect samples for laboratory consolidation tests. The second bridge (referred to as
the C.R. 110 Bridge) was redesigned for spread-footing support at the abutments
when foundation analysis revealed that compression of the underlying soils under the
height of new embankment fill would cause significant downdrag on the piling, resulting in highly inefficient foundations. SCPT data were used in the foundation analysis for the C.R. 110 Bridge and allowed for correlation of consolidation parameters
to the T.H. 41 Bridge site.
3 T.H. 41 BRIDGE OVER T.H. 212
3.1 Bridge Information
The T.H. 41 Bridge over T.H. 212 is a two-span bridge with 1.83-m deep prestressed
concrete girders and a total length of about 71 m. T.H. 41 is a four-lane divided
highway, and the approximate width of the bridge is 42 m. The abutments are cast-inplace reinforced concrete cantilever retaining walls. Bearing elevations for the spread
foundations were about 1 m below original grade at the abutments and about 5 m below original grade at the pier. The T.H. 212 roadway alignment below the bridge was
cut about 3 m below original ground surface. Approach embankment fill behind the
abutments was about 5 m above original ground surface.
3.2 Geotechnical Information
The 10 SPT borings performed for the T.H. 41 Bridge indicated predominantly stiff
to very stiff sandy lean clay and clayey sand glacial till. Occasional layers of relatively dense sands and silty sands divided the cohesive till layers into a maximum continuous thickness of about 6 m. Unconfined compression testing had been performed
on many thin wall samples collected during the borings; resulting values of undrained
shear strength ranged from 60 to 240 kPa.
Additional geotechnical investigation consisted of six SCPT soundings with an
SPT boring adjacent to one sounding. The SCPT sounding adjacent to the supplemental soil boring is shown in Figure 1. Two of the SCPT soundings included pore pressure dissipation tests at a depth of 6.1 m. The dissipation tests indicated a coefficient
of horizontal consolidation ch of about 5x10-3 cm2/sec. Two specimens trimmed from
thin wall samples of sandy lean clay retrieved from depths of about 2.5 m and 9 m
underwent laboratory consolidation testing. Based on the test results, the specimens
tested had been somewhat disturbed by the sampling process, making an accurate as-
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sessment of the OCR difficult. However, unload-reload cycling during the consolidation test provided useful data about the recompression properties of the soil.

Figure 1. Example SCPT sounding performed for spread footing design of T.H. 41 Bridge.

3.3 Analysis
The strength of the glacial till soils was evaluated using the unconfined compression
test results, as well as through correlation with corrected cone tip stress (Lunne et al.
1997), using an Nkt value of 15 based on the typical liquid limit values (about 22 to
26) of the clay till soils (Möller et al. 1995). The CPT-estimated undrained shear
strength values were typically in excess of about 110 kPa and averaged at least 140
kPa. The allowable bearing pressures assumed in design by the structural engineer
were 190 kPa for the abutments and 230 to 250 kPa for the pier foundation. Conventional bearing capacity analysis showed safety factors of at least 3.
The OCR profile for the glacial till soils was estimated by correlation with the
measured shear wave velocities as discussed previously (Fig. 2). Foundation settlements were calculated using both the recompression portion of the consolidation test
results and as discussed by Mayne (1999), assuming that the glacial till soils behaved
in a nonlinear elastic manner up to their respective preconsolidation stresses. Analysis
showed that the addition of the foundation bearing pressures to the in-situ effective
overburden stresses did not exceed the assumed preconsolidation stresses of the till.

Figure 2. Estimated OCR profile with depth from measured shear wave velocities.
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Settlement estimates ranged from 18 to 23 mm at the abutments and from 8 to 15
mm at the pier. Estimated time for 95% of settlements, using a cv of about 5x10-3
cm2/sec and assuming two-way drainage, was about 4 to 6 months.
3.4 Settlement Monitoring
Settlements of the abutments and the pier were monitored occasionally. (Monitoring
was not a project requirement, and the owner and contractor were not involved in this
effort.) Basic surveying methods and equipment (e.g. engineer’s level and survey rod)
were used to monitor points on the abutment footings and on the pier columns, and
estimated accuracy was about 3 to 5 mm. After the footings were backfilled, points on
the abutment walls were monitored. Unfortunately, at various times during construction, the survey reference points were either obstructed or filled over before reference
elevations could be transferred by surveying multiple points. Essentially, for each
substructure of the bridge, there was a break in the continuity of the surveying data.
However, because these “breaks” did not occur simultaneously, one can assume
that the missing increment of settlement at a given substructure would be about the
same magnitude as that recorded during the same time period at another substructure.
Using this assumption to add to the data recorded provides settlement curves that
suggest the estimates of foundation settlement were relatively accurate (Fig. 3). The
accuracy of the settlement rate predictions is not easily assessed because of the lack
of data about the loads associated with various stages in the construction of the
bridge. However, for the south abutment, the time between the completion of backfilling and when the settlements stopped was about 4 months. Recall that a time period
of 4 to 6 months had been estimated for 95% consolidation.

Figure 3. Settlement monitoring data for T.H. 41 Bridge (with notes on construction progress).
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4 T.H. 212 BRIDGE OVER COUNTY ROAD 110
4.1 Bridge Information
The C.R. 110 Bridge has cast-in-place, reinforced concrete abutments and center
piers, as well as 2.06-m deep prestressed concrete girders. There are two 47-m spans,
one over Carver County Road 110 and one over Chaska Creek. To maintain an acceptable roadway profile for T.H. 212, the bridge was designed about 5 m taller than
required for normal clearance over a county road, resulting in abutment walls up to
11.6-m tall and grade raises of up to 15 m above original ground surface. Design
bearing pressures at the abutments were about 290 kPa.
The center pier was supported on piling because of the scour potential caused by
the adjacent Chaska Creek. Downdrag was not a factor at the center pier piling owing
to minimal grade changes at that location. The bridge profile is shown in Figure 4.

Figure 4. C.R. 110 Bridge Profile.

4.2 Geotechnical Information
Soil borings performed during Mn/DOT’s original subsurface investigation indicated
soils at the abutments consisted of about 2 to 4 m of soft topsoil and clay over competent glacially deposited clay till interlayered with sands and gravels. However, settlement analyses indicated that the soils in the upper 8 to 17 m of the soil profile would
compress under the 15-m thick approach embankments. The resulting downdrag for
the piles at the abutments would be significant, reducing the useable structural capacity such that piling was uneconomical (Bentler et al 2009).

Figure 5. Example SCPT sounding performed for spread footing design of C.R. 110 Bridge.
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A supplemental geotechnical investigation, consisting of two SPT borings and four
SCPT soundings, was performed. A log of the SCPT sounding that encountered the
softest clay till is shown in Figure 5. An additional CPT sounding was advanced adjacent to one of the others to perform a pore pressure dissipation test at a depth of 16.8
m, with a resulting coefficient of horizontal consolidation ch of about 1x10-3 cm2/sec.
4.3 Analysis
Based on the SCPT data, the till was determined to be overconsolidated sufficiently
such that the foundations and embankments would not load the soils beyond their
previous maximum stresses; therefore, spread footings were feasible. The SCPT data
were used to predict settlements of the glacial till assuming nonlinear elastic behavior. Excavation of the upper compressible soils was recommended, to be followed
by backfilling with clean sand. Estimated foundation settlements were up to about 46
mm, and it was recommended that 15-m thick preload embankments be constructed at
and behind the planned abutments to initiate settlement sooner and thereby reduce
post-construction abutment settlement to not more than the required maximum of 25
mm. Estimated preload time for 65% consolidation was about 4 months.
However, while this method of analysis had been used for shallow foundation analyses of previous bridges on the project, their foundation bearing elevations had all
been below original grade. The fact that the foundations for this bridge would be
placed at or above existing grade, on fill soils, in combination with the high approach
embankments and with a different foundation type at the center pier raised some concerns for Mn/DOT about whether the bridge abutments would meet performance requirements (Bentler et al. 2009). It became evident that predictions and monitoring of
foundation and abutment behavior during construction were needed.
While using SCPT data to estimate magnitudes of settlements was relatively
straightforward, predicting the rate at which these settlements would occur during a
staged construction process, although possible, was not. Fortunately, the results of the
SCPT soundings at the C.R. 110 Bridge were similar to those performed at the T.H.
41 Bridge located about 2 km away; therefore, the consolidation test results from that
bridge could be used to predict time-dependent consolidation settlements, using
commercial foundation stress and settlement analysis software. In this way, detailed
analyses of stresses and settlements were performed for each abutment foundation at
various stages of the anticipated construction process (Bentler et al. 2009).
4.4 Instrumentation & Monitoring
A cooperative instrumentation program was developed to monitor bridge performance during construction and provide data for comparison with the anticipated
foundation response. Monitoring data from optical survey targets, inclinometers, earth
pressure cells, and tiltmeters indicated overall good agreement between predicted abutment behavior and the measured response. In-depth discussion of the instrumentation plan, results and findings can be found in Bentler et al. (2009). Settlements of the
abutments in conjunction with backfill height are shown in Figure 6. It is apparent
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that settlements occurred relatively quickly during construction as loads were applied.
Final abutment settlements were just under the allowed 25 mm.

Figure 6. Settlement of abutment walls after start of backfilling (from Bentler et al. 2009).

5 CONCLUSIONS
Seismic cone penetration testing allowed for economical and detailed assessment of
stratigraphy, strength, and settlement characteristics of the glacial till soils at each
bridge site. SCPT testing has proven to be an effective means of performing subsurface investigations for shallow foundation design of bridges supported on soil in the
Minneapolis-St. Paul metropolitan area of Minnesota.
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CPT-based evaluation of liquefaction potential for finegrained soils
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ABSTRACT: Recent ground failure case histories after 1994 Northridge, 1999
Kocaeli and 1999 Chi-Chi earthquakes revealed that low-plasticity silt-clay mixtures
generate significant cyclic pore pressures and can exhibit a strain-softening response,
which may cause significant damage to overlying structural systems. In this study,
results of cyclic tests performed on undisturbed specimens of ML, CL, MH and CH
types were used to study cyclic shear strain and excess pore water pressure
generation response of fine-grained soils. Based on comparisons with the cyclic
response of saturated clean sands, a shift in pore water pressure ratio (ru) vs. shear
strain (max) response is observed, which is identified to be a function of PI, LL and
(wc/LL). Within the confines of this study, i) probabilistic based boundary curves
identifying liquefaction triggering potential in the ru vs. max domain were proposed
as a function of PI, LL and wc/LL, ii) these boundaries were then mapped on to the
normalized net tip resistance (qt,1,net) vs. friction ratio (FR) domain, consistent with
the work of Cetin & Ozan (2009). The proposed framework enabled CPT-based
assessment of liquefaction triggering potential of fine-grained low plasticity soils,
differentiating clearly both cyclic mobility and liquefaction type soil responses.
1 INTRODUCTION
Seismic liquefaction of soils, defined as significant loss in shear strength and stiffness
due to increase in pore pressures, has been one of the major reasons for damage and
loss of life during earthquakes. Since the 1964 Niigata and Great Alaska earthquakes,
numerous research studies have been performed to better understand this
phenomenon. Almost five decades have passed, and meanwhile the number of both
case histories and high-quality laboratory test data has increased. Yet, more needs to
be done to understand liquefaction potential of fine grained soil’ which will be scope
of this manuscript.
In their state-of-the-art work, Seed et al. (2003) introduced key components of
liquefaction engineering, where identifying liquefaction susceptible soils was referred
to as the starting point for assessment. Regarding liquefaction triggering
susceptibility aspect, until Haicheng (1975) and Tangshan (1976) earthquakes, it was
believed that only “clean sandy soils” with few amount of fines liquefy. Cohesive
soils were considered to be resistant to cyclic loading due to cohesional component of
shear strength. However, recent earthquakes of 1994 Northridge, 1999 Adapazari and
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1999 Chi-Chi once again showed that silty and clayey soils can undergo seismicallyinduced soil liquefaction. Consistent with the advances in seismic soil liquefaction
engineering, susceptibility assessments of fine grained soils revolved from pioneering
Chinese Criteria 1979, to the methodologies of Seed & Idriss 1982, Seed et al. 2003,
Bray & Sancio 2006). Considering the limitations of these studies, which will be
presented later in this paper, an alternative framework with a theoretical background
is proposed to assess the liquefaction susceptibility of fine-grained soils. The
inspiration behind the proposed framework is due to the observation that cohesionless
soils have a unique pore water pressure ratio (ru) vs. shear strain (max) response, and
compared to saturated clean sands, a shift in pore water pressure ratio (ru) vs. shear
strain (max) response is observed in cohesive soil samples. This shift is identified to
be a function of PI, LL and (wc/LL). Thus, (ru) vs. shear strain (max) domain is
decided to be used to differentiate ‘sand-like’ and ‘clay-like’ responses. The proposed
framework provides liquefaction susceptibility boundary curves as a function of soil
index parameters (PI, LL, wc/LL). The boundary curves developed in ru vs. γmax
domain are then mapped on to CPT domain (qt,1,net vs. FR), consistent with the recent
study of Cetin & Ozan (2009).
After a brief review of existing methodologies, data compilation and process
efforts, and development of proposed framework will be discussed in the following
sections of this manuscript.
2 EXISTING LIQUEFACTION SUSCEPTIBILITY CRITERIA
Based on liquefaction-induced ground failure case histories compiled from predominantly fine grained soils sites after 1975 Haicheng and 1976 Tangshan earthquakes,
Wang (1979) proposed liquefaction susceptibility assessment rules widely referred to
as Chinese Criteria. Chinese Criteria and its improved versions have been widely
used (e.g. Seed & Idriss 1982, Andrews & Martin 2000) in practice. However, the
ground failure case histories after 1989 Loma-Prieta, 1994 Northridge, and especially
1999 Kocaeli and 1999 Chi-Chi earthquakes revealed that neither Chinese Criteria
nor these improved versions can successfully discriminate potentially liquefiable and
non-liquefiable fine grained soils. Inspired from this gap, Seed et al. (2003), Bray &
Sancio (2006), and Boulanger & Idriss (2006) proposed new liquefaction susceptibility criteria based on field observations and laboratory test results. A summary of these
criteria is presented in Table 1.
For the assessment of liquefaction triggering potential, first step is to determine
whether the soil is potentially liquefiable or not. For this purpose, “Chinese Criteria”
had been widely used for many years. However, contrary to Chinese Criteria, recent
advances revealed that i) non-plastic fine grained soils can also liquefy, ii) PI is a
major controlling factor in the cyclic response of fine grained soils. These criteria are
then modified by Andrews & Martin (2000) for USCS-based silt and clay definitions.
Bray et al. (2001) has concluded that the use of Chinese Criteria percent “clay-size”
definition may be misleading and rather than the % of clay size material, their
activities are judged to be more important. Seed et al. (2003) recommended a new
criterion inspired from case histories and cyclic testing of “undisturbed” fine-grained
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soils compiled after 1999 Kocaeli and Chi-Chi earthquakes. These criteria classify
saturated soils with a PI < 12 and LL < 37 as potentially liquefiable, provided that the
wc is greater than 80% of the LL (0.8·LL). Recently, Bray & Sancio (2006), based on
mostly cyclic triaxial and some simple shear test results performed on Adapazari
undisturbed fine grained soils developed their liquefaction susceptibility criteria,
summarized in Table 1. Valid for both Seed et al. and Bray & Sancio methodologies,
laboratory test-based liquefaction triggering definition was not clearly presented.
Bray& Sancio (2006) adopted 4 % axial strain as liquefaction triggering criterion.
However, tests were performed under CSR levels of 0.3, 0.4 and 0.5 and loading
cycles were continued if and until this strain level was reached. Thus, their conclusions are judged to be constrained by CSR and durational levels adopted for their testing program. The most recent attempt for determining potentially liquefiable soils
was by Boulanger & Idriss (2006). Based on cyclic laboratory test results and an
extensive engineering judgment, they have recommended new criteria summarized in
Table1. As part of this new methodology, deformation behavior of fine-grained soils
are grouped as “Sand-Like” and “Clay-Like”, where soils within the sand-like
behavior region are judged to be susceptible to liquefaction and have substantially
lower values of cyclic resistance ratio, CRR, than those within the clay-like behavior
region. The main drawback of the methodology is the fact that the y-axis of Figure 1
is not to scale, thus a direct comparison between CRR of “clay-like” and “sand-like”
responses is not possible. Also, very little, to an extent of none, is known about if and
how identical or comparable “sand-like” and “clay-like” samples were prepared.
Table 1. A summary of available liquefaction susceptibility criteria for fine grained soils
Test for a Decision
Non-liquefiable
Assessment Method Potentially Liquefiable
Otherwise
Chinese Criteria
- FC ≤15%
Wang (1979)
- LL ≤35%
- wc ≥ (0.9*LL)%
Andrews and Mar- Clay content, CC<10% - CC<10% & LL≥32%
- CC≥10% & LL≥32%
tin (2000)
- LL < 32%
-CC ≥ 10% & LL < 32%
- 12 < PI < 20
Otherwise
Seed et al. (2003)
- PI < 12%
- 37 < LL < 47
- LL < 37%
- wc/LL > 0.85
- wc/LL > 0.8
- 12 < PI < 18
Otherwise
Bray and Sancio
- PI<12%
- wc/LL > 0.80
(2006)
wc/LL > 0.85
Boulanger and
Idriss (2006)

- PI < 3%

- 3≤ PI ≤ 6

- PI ≥ 7

Although these studies are judged to be improvement over earlier studies, they suffer
from one or more of the following issues: (i) there is no unique definition of liquefaction and hence, each criterion is developed based on different understandings regarding what liquefaction response is, (ii) the amplitude of cyclic loading is not specified
in max- or ru-based exceedence of threshold definition; as a consequence there exist
ambiguity under which cyclic stress conditions these criteria are applicable, and iii)
most of these studies fail to differentiate cyclic liquefaction and mobility type soil responses.
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3 DATABASE COMPILATION EFFORTS
For the purpose of discriminate between the responses of cohesionless and cohesive
soils, cyclic test results of both types of soils were studied. The databases studied and
compiled consist of tests performed on: i) laboratory reconstituted clean sands (Wu et
al. 2003 and Bilge 2005) and ii) “undisturbed” fine-grained soils (Pekcan 2001,
Sancio 2003, and Bilge, in prep.). The compiled database is composed of 158 cyclic
test results including ru vs. max histories, Atterberg limits along with moisture content
of specimens, consolidation and applied cyclic shear stress conditions. Table 2 briefly
summarizes the data sources used in this study, and compiled data is presented on ru
vs. max domain in Figure 2. More detailed information regarding these data sources
and details of data processing can be found in the original references.
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Figure 1. Criteria for discriminate between sandand clay-like soil behavior (Boulanger & Idriss
2006)
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Figure 2. Compiled database in ru vs. max domain

Table 2. Summary of the data sources used in this study
Type
Data Source
# of data
Test Type
Wu et al. (2003)
50
Simple Shear
Coarsegrained
Bilge (2005)
36
Cyclic Triaxial
Pekcan (2001)
7
Cyclic Triaxial
FineSancio (2003)
15
Cyclic Triaxial
grained
Bilge (in prep.)
50
Cyclic Triaxial

Tested Material
Monterey No.0/30 Sand
Kizilirmak Sand
“undisturbed” Adapazari
“undisturbed” Adapazari
“undisturbed” Adapazari, Ordu

4 DEVELOPMENT OF PORE WATER PRESSURE GENERATİON MODEL
As discussed earlier, the shift in (ru) vs. shear strain (max) response of cohesive soils
relative to cohesionless ones is identified to be a function of PI, LL and (wc/LL).
Thus, (ru) vs. shear strain (max) domain is decided to be used to differentiate ‘sandlike’ and ‘clay-like’ responses. The proposed framework provides liquefaction susceptibility boundary curves as a function of soil index parameters (PI, LL, wc/LL).
Selection of a limit state model capturing the important features of the observed behavior is the first step for development of a probabilistic model. The limit state function has the general form of g = g (x, Θ) where x is a set of descriptive parameters
and Θ is set of unknown model coefficients. Inspired by previous studies and ob-
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served trends from tests, it is concluded that for cohesive soils, key parameters affecting ru response are max, PI, LL and wc/LL. Inspired mainly by the recent study of Cetin & Bilge (in prep.), given for cohesionless soils, various functional forms have
been tested (Pehlivan 2009) and consistent with maximum likelihood methodology
the following functional form is selected as the limit state model as it results in greater likelihood value and smaller model error, which are the indications of a superior
model.

gˆ (ru ,  max )  ln(ru )  ln1  exp( )   ln( ru )


(1)

 max

1   2  ln(  3  PI  1 )   5  ln(  6  LL  1 ) 7   8  ln(  9  wc / LL  1 ) 10
4





(2)

where  is a random model correction term to account for possibilities of i) missing
descriptive variables, and ii) imperfection of the adopted mathematical expression. It
is reasonable and also convenient to assume that  follows a normal distribution with
a mean of zero for the aim of producing an unbiased model. The standard deviation of
 () is unknown and must be estimated. Both the unknown coefficients and  were
determined via maximum likelihood analysis and their corresponding values are
presented in Table 3. Figure 3 presents the boundary curves developed for the mean
values of compiled database, PI=22, LL=45, wc/LL=0.82 along with + one standard
deviation () curves and compiled data. This figure revealed that proposed model
and the suggested error bands captures the observed soil response successfully.
Rather than considering only soil index parameters, this correlation also accounts
for the accumulated shear strain which is related to amplitude and duration of cyclic
loading. Moreover, by this way the mechanisms governing cyclic response of soils
can be taken into account. Cyclic stress-strain relationships of soils are usually
defined through degradation of shear modulus as a function of cyclic shear strain. As
pointed out previously (e.g. Seed & Idriss 1970) remolding (i.e. strain accumulation)
and loss in effective stress (i.e. pore water pressure generation) play an integral role
in stiffness degradation. The other factors affecting this degradation response have
been studied by various other researchers (e.g. Vucetic & Dobry 1991). Founding on
this theoretical background, a robust relationship between ru and max is developed
and this relationship will be the basis of our framework which will be consequently
valid for any liquefaction definition, take into account the significance of stress
amplitudes and also be able to differentiate cyclic liquefaction and mobility type soil
responses.
5 NEW LIQUEFACTION CRITERIA
Development of new liquefaction susceptibility criteria requires a definition for
triggering of liquefaction. Considering both previous efforts and trends observed
from available experimental data, for fine-grained soils liquefaction is defined as
follows: For max = 7.5%, if induced ru is between 0.85 and 1.0 then soil is classified
as potentially liquefiable (sand-like). If ru is less than 0.7 at max = 7.5%, then it is
classified as potentially nonliquefiable (clay-like) and in between these limits further
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testing may be required. Validity of these criteria is assessed by using available test
data and it was observed that the error in identification of cohesive soils susceptible
to liquefaction was not greater than 10%. Figure 4 presents the proposed liquefaction
susceptibility criteria for wc/LL=1.0 condition on plasticity chart.
Table 3. Model coefficients
CoarseFineGrained
Grained
θ1

-1.576

-1.576

θ2

0.067

0.067

θ3

0

0.055

θ4

14.020

14.020

θ5

7.007

7.007

θ6

0

0.006

θ7

0.134

0.134

θ8

3.304

3.304

θ9

0

1.702

θ10

4.143

4.143
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0.485
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Figure 3. Proposed ru generation model along with the compiled
database

Figure 4. Liquefaction susceptibility criteria for wc/LL=1.0 condition

In Figure 4, LL boundaries were estimated by solving the Equation 1 for max =7.5%
and wc/LL=1.0. On the other hand, PI boundaries were defined according to the
“database boundary line”. This line is determined by considering the upper limits of
LL and PI of the compiled database and it is defined as follows:
PI  0.83  LL  11.46

(3)
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6 ASSESSMENT OF LIQUEFACTION SUSCEPTIBILITY ON CPT DOMAIN
Although by using Equation 1, it is possible to assess liquefaction susceptibility for
different combinations of max, PI, LL, and wc/LL values. Due to page limitations only
the solution for max =7.5% and wc/LL =1.0 will be presented. Proposed Equation
could be mapped on the CPT tip resistance and friction ratio domain by using Cetin
& Ozan (2009) relationships. Figure 5 presents the minimum ru levels induced by max
=7.5%. Similarly, the proposed liquefaction susceptibility margins are also mapped
on CPT domain as shown in Figure 6 for max =7.5% and wc/LL = 1.0. For comparison purposes on the same figure, liquefaction susceptibility boundary of Robertson
and Wride (1998) is also shown. Close agreement between these two fundamentally
different methods is judged to be mutually supportive. However, it should be noted
that such close agreement can not be achieved if wc/LL is adopted as lower than 1.0.
It is observed that as the selected max decreases or wc/LL increases boundary between
of “liquefiable” and “test” moves toward right.
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Figure 6. Proposed liquefaction susceptibility
margins for max =7.5% and wc/LL=1.0

7 SUMMARY AND CONCLUSIONS
Within the confines of this manuscript, a new framework is proposed for the assessment of the liquefaction susceptibility of fine-grained soils considering the major
drawbacks of the existing criteria. The proposed framework involves development of
probabilistic-based boundary curves to define liquefaction triggering potential in ru
vs. max domain as a function of PI, LL and wc/LL. Then these boundaries were
mapped on to the CPT domain (qt,1,net vs. FR) consistent with the recent work of Cetin
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& Ozan (2009).The proposed methodology is considered to provide a robust and defensible basis for assessment of liquefaction susceptibility of fine-grained soils, as it
i) uses the relation between ru vs. max rather than using a specific liquefaction definition like its predecessors, ii) considers the level of cyclic loading through max, iii) differentiates cyclic liquefaction and mobility type soil responses, and iv) proposes a
practical approach to assess liquefaction susceptibility based on CPT data.
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Post earthquake shear strengths of clay by CPT and vane
testing methods at Scoggins Dam
J.A. Farrar
U S Bureau of Reclamation, Denver, USA

ABSTRACT: Investigations where performed at Scoggins Dam in Northwest Oregon
to evaluate increased earthquake loadings predicted on the Cascadia subduction zone.
Earthquake events of magnitude 9.0 are now predicted with accelerations exceeding 1
g and durations of over one minute. The foundation of the dam is mostly clay soils
and cyclic failure of the clays must be considered. Investigations consisted of Cone
Penetration Tests (CPT), Vane Shear Tests (VST), and laboratory tests. The post
earthquake strength of clay is a remolded strength. Laboratory cyclic tests with post
monotonic loading have difficulty determining post earthquake shear strengths due to
strain limitations. Field tests such as VST and CPT can provide remolded strength
data in clays. This paper shows comparisons of sleeve friction data from CPT and
remolded strengths from VST tests in stiff clays. The remolded shear strengths from
the CPT sleeve friction and VST where very comparable. The results indicate that
CPT sleeve friction can provide an estimate of post earthquake shear strengths which
can be supplemented with fewer, more costly, VST testing.
1 INTRODUCTION
Scoggins Dam is located on Scoggins Creek, a tributary to the Tualatin River, about 5.5
miles southwest of Forest Grove, Oregon. The embankment dam is approximately 36m
(120 ft) tall and has two cutoff trenches. The foundation is primarily clay soils believed
to be deposited as outwash from the ancient lake Missoula flood event. The clay soils
have moderate PI ranging from 13 to 30 percent, are inorganic, and are not varved.
New earthquake loadings from the Cascadia subduction zone predict an earthquake of
magnitude 9.0 with accelerations exceeding 1g and durations of over one minute.
Based on the new loadings, Reclamation (USBR) performed investigations to evaluate
seismic stability. Under these high loadings cyclic failure of the clay foundation soils
need to be evaluated. Investigations included cone penetration test (CPT) and field
vane shear test (VST), Standard Penetration Tests (SPT), and 125 mm (5 inch) thin
walled undisturbed sampling.
Twenty nine CPT soundings were performed at Scoggins Dam. A line of CPT’s were
performed along the toe. CPT 08-1 through -15 extend along the toe with CPT 08-15
towards the right abutment. Three CPT’s where located on the drainage berm which is a
5:1 slope with overlying compacted embankment about 6 to 9 m thick.
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Eight VST holes were performed at Scoggins dam. Four holes were located at the toe
of the slope (DH-08-17, -18, -19 and -20) and four were located on the slope transition
at the mid-slope of the 5:1 drainage berm (DH08-14, -15, -16 and -21).
Figure 1 shows a plan view of the dam and the locations of cross sections. Cross section A-A is near the right abutment (looking downstream). Cross section C-C is located
in the middle of the dam and section D-D on the left side of the dam. Pre-construction
investigations had indicated weaker clay strengths towards the right abutment. Also,
seepage along the right abutment contact has been observed.

Figure 1 Plan view of Scoggins Dam

2 TEST PROCEDURES AND EQUIPMENT
CPTs were performed in accordance with ASTM standard D-5778-95. The CPT equipment was manufactured by Vertek/Applied Research Associates, Inc. in 2006. The
cone equipment is a digital Electronic Field Computer System (EFCS4) originally manufactured Hogentogler (now Vertek). All cones used were 100 kN (10 ton) subtraction
piezocones.
VSTs were performed in accordance with ASTM procedure D 2573. VST was carried
out using a Nilcon M-1000 Vane Borer. This mechanical vane system has low area ratio vanes with friction slip coupling. The vane shear torque head was calibrated by the
vendor (Roctest) after the testing was completed.
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Vane testing was performed using two drill rigs. The first VSTs were carried out using
an Ingersoll Rand T3 drill with 150mm casing. The casing was advanced by fluid rotary drill and drive method. A CME 45 drill with 107 mm inside diameter hollow-stem
auger was used on some holes. The general, procedures for the VST consisted of testing in 0.5m increments below the casing. After the test at 0.5m below the casing the
vane was pushed an additional 0.5m for the next test. The vane was pressed for 6 tests
ahead of the casing. Then the borehole was advanced another 2.75 m and testing was
repeated. CPT data were not used to target the test depths.
3 FIELD TEST RESULTS
Table 1 summarizes peak undrained shear strength (su), undrained strength ratio (su/v’)
and overconsolidation ratio (OCR) for the clay layers estimated from the CPT. The interpretations were performed using the program CPeT-IT (Geologismiki,
www.geologismiki.gr). This program performs engineering interpretations in accordance with the procedures outlined by Lunne, Robertson and Powell (1997). An Nkt
factor of 15 was used to estimate the peak undrained strength of the clays. The program
can also estimate properties over a thickness of clay and include statistical data.

Undrained Strength
Ratio, Sucpt/’v'

Overconsolidation
Ratio - OCR

2.4 to 7.3
1.8 to 5.5
6.4 to 10.4

98
86
77

1.44
1.96
0.6

11.3
15
3.91

Toe
Toe
Berm

2.4 to 5.5
6.4 to 9.1
7.9 to 10.3

77
74
73

1.56
0.85
0.47

12
6.05
2.92

Toe
Toe
Berm

2.4 to 6.1
2.4 to 10.4
10.7 to 16.8

50
47
57

0.85
0.6
0.28

6.2
4.12
1.54

Toe
Toe
Berm

Comments

Undrained Strength
Sucpt (kPa, Nkt = 15)

Section DD left side of dam
2
D-D
3
D-D
26
D-D
Section CC middle of dam
7
C-C
7
C-C
24
C-C
Section AA right side of dam
14
A-A
15
A-A
25A
A-A

Clay Layer Depth
Interval - m

Cross Section

CPT
Sounding Number

Table 1 - Summary of clay layer strengths, based on CPT

Data on Table 1 show that clays are stronger toward the left side of the dam and weaker
near section AA. Note that, at the berm locations, where berm thickness is 6m to 9m,
the undrained strength ratio and degree of OCR values are reduced due to the weight of
the compacted fill.
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Figure 2, shows CPT and VST peak strengths for berm and toe locations on sections AA, plotted versus elevation. The results of these comparisons indicate that the VST
peak strengths consistently exceed the CPT predicted strengths. This is not unusual in
stiff clays. The vane tests a large area and therefore includes macroscopic effects such
as possible thin drainage paths. It is common practice in geotechnical engineering to
correct vane shear strengths downward for stability analysis. This practice started with
Bjerrum’s review of case history failures in clay (Bjerrum, 1972) and continues today.

Figure 2 - Summary of peak strengths for section A-A

Figures 3, 4 and 5 show remolded strengths from the VST and CPT sleeve friction plotted versus elevation for berm and toe locations for cross section A-A, C-C, and D-D.
VST remolded strengths were performed at 360 degree and 1080 degrees (5 revolutions). The data show that the remolded strengths from the VST are very similar to the
sleeve friction values measured from CPT.
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Figure 3 Summary of remolded strengths for Section A-A

Figure 4 Summary of remolded strengths for Section C-C
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Figure 5 – Summary of remolded strengths for Section D-D

4 CONCLUSIONS
Investigations performed for evaluation of seismic stability at Scoggins dam included
Vane Shear (VST) and Cone Penetration Testing (CPT). Under extreme seismic loadings the clay layers under the dam may yield and undergo “Cyclic Failure.” The remolded strength of the clay layers is important to evaluate earthquake stability. The investigations also included laboratory cyclic tests with post cyclic monotonic loading.
However, the laboratory data are limited by strain limitations.
Field tests using VST and CPT methods can provide large strain remolded strengths
suitable for post earthquake stability analysis for clays. Test results at this site in stiff
clays showed that the sleeve friction values from CPT are equivalent to VST remolded
strengths. The results show that CPT sleeve friction can be used for accurate prediction
of remolded shear strength.
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Evaluation of liquefaction risk by a revised LPI approach
A. Özocak & S. Sert
Sakarya University, Adapazarı, Turkey

ABSTRACT: The liquefaction potential index (LPI) is an alternative approach where
the rapid piezocone test is used. Furthermore, the CPTU is able to detect and
distinguish even the thinnest liquefiable and nonliquefiable layers precisely which is
usually difficult to achieve through rotary drilling. However the LPI method has also
been found to run into difficulties in the study of fine grained soils.
A massive SPT/CPT database, including about 700 boreholes and 300 cone
penetration tests (CPTU), established following the 1999 earthquakes in the city of
Adapazarı, Turkey, has been used to perform a comparative evaluation of
liquefaction. A modified approach was developed whereby the thicknesses of
liquefiable and nonliquefiable layers were determined reliably. Priority was given to
silts of low plasticity, especially nonplastic silts. It was found that the LPI criteria
developed for a depth of 20 m can be converted to 10 m with minor errors.
1 INTRODUCTION
Liquefaction evaluation studies have mostly been performed by the use of standard
penetration test (SPT) N values which are done every 1.5 m, until recently. The
shortcomings of this method, especially for the diagnosis of the liquefaction potential
of fine grained soils have been compensated by the introduction of piezocone (CPTU)
measurements where almost every property of the soil can be measured with
confidence and abundance. The most notable feature of the CPTU is its reliability and
repeatibility as well as eliminating human error in measurements. The analysis of
liquefaction by the use of CPTU is similar to the traditional SPT method for sands
where the cyclic shear stress applied by the earthquake (CSR) is compared to the
resistance of the soil. The resistance offered by the soil is expressed as CRR, which is
a function of the pore pressure changes as well as the mechanical properties which
are not measured in the SPT measurements. The claims that silts can liquefy as well
as sands have secured the prominence of the piezocone, because silts can give
misleading information of the properties of silts because of their relatively low
hydraulic conductivity. The methods using physical properties (e.g. grain size and
consistency limits) of the silts for the identification of liquefaction have been found to
be of limited success.
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The CPTU data from two well documented sites from the city of Adapazarı have
been employed to evaluate liquefaction using the liquefaction potential (LPI) concept.
The special feature of this study is the attempt to calculate LPI not for 20 m depths as
stipulated by Iwasaki et al. (1978) but to interpret it for depths down to only 10 m, for
the simple reason that ground failures during the 1999 earthquakes in the Marmara
region of Turkey have provided strong clues to that effect.
2 THE IDENTIFICATION OF LIQUEFACTION POTENTIAL BY CPTU
2.1 CSRCRR Method
Seed at al. (1985) developed a comprehensive methodology to estimate the potential
for cyclic liquefaction due to earthquake loading. The methodology requires an
estimate of the cyclic stress ratio (CSR) profile caused by the design earthquake and
the cyclic resistance ratio (CRR) of the ground. If the CSR is greater than the CRR
cyclic liquefaction can materialise The CSR is usually estimated based on a
probability of occurrence for a given earthquake. A sitespecific seismicity analysis
can be carried out to determine the design CSR profile with depth. A simplified
method to estimate CSR was also developed by Seed and Idriss (1971) based on the
maximum ground surface acceleration (a max) at the site. The simplified approach can
be summarized as follows:

CSR =

éa ùæs ö
t av
= 0.65 ê max ú ç vo' ÷ rd
'
s vo
ë g û è s vo ø

(1)

Where tav is the average cyclic shear stress; amax is the maximum horizontal
acceleration at the ground surface; g = 9.81 m/s2 is the acceleration due to gravity;
sv0 and sıv0 are the total and effective vertical overburden stresses, respectively; and
rd is a stress reduction factor which is dependent on depth. The factor rd can be
estimating using the following bilinear function, which provides a good fit to the
average of the suggested range in rd originally proposed by Seed and Idriss (1971):
if z < 9.15 m Þ

rd = 1.0 - 0.00765 z

if z = 9.15 m - 23 m Þ rd = 1.174 - 0.0267 z

(2)

where z is the depth in metres. These formulae are approximate at best and represent
only average values since rd shows considerable variation with depth.
Seed et al. (1985) also developed a method to estimate the cyclic resistance ratio
(CRR) for clean sand with level ground conditions based on the Standard Penetration
Test (SPT). Recently the CPT has become more popular to estimate CRR, due to the
continuous, reliable and repeatable nature of the data (Youd et al. 2001). The
resulting recommended CPT correlation for clean sand can be estimated using the
following simplified equations (Robertson & Wride 1998):
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3

if 50< ( q c1N )cs £ 160
if

( q c1N )cs <50

é(q ) ù
CRR7.5 = 93 ê c1 N cs ú + 0.08
ë 1000 û

(3)

é ( qc1 N )cs ù
ú + 0.05
ë 1000 û

CRR7.5 = 0.833 ê

The factor of safety against liquefaction is defined as:

FS =

CRR7.5
MSF
CSR

(4)

where MSF is the Magnitude Scaling Factor to convert the CRR7.5 for M = 7.5 to the
equivalent CRR for the design earthquake. MSF is given by MSF = 174 / M 2.56 .
2.2 LPI Method
Iwasaki et al. (1978) developed the concept of liquefaction potential index (LPI) to
assess the liquefaction potential of soils. The extent of liquefaction is a function of
1. The thickness of the stratum studied,
2. The proximity of the layer to the surface,
3. The zones where the factor of safety (FS) is smaller than unity.
The factor of safety represents the ratio of the demand of the earthquake to the
resistance offered. Due to the fact that the influence of liquefaction in layers deeper
than 20 m is minor on the surface structures, the evaluation is limited to the top 20 m.
20 m

LPI =

ò

(5)

Fw( z)dz

0

where z denotes the depth to the layer and w is the depth weighting factor with

FS£1 for F = 1FS

(6)

FS>1 for F = 0

(7)

w(z) = 100.5 z

(8)

One can estimate the liquefaction potential using Table 1. Toprak & Holzer (2003)
have studied the surface manifestations of the 1989 Loma Prieta earthquake and
proposed that liquefaction damage appeared typically when LPI was greater than 5.
Table 1. Liquefaction severity as a function of Liquefaction Potential Index (LPI)
Liquefaction Severity
Little to none
Minor
Moderate
Major
LPI
LPI=0
0<LPI<5
5<LPI<15
15<LPI

3 SOIL PROPERTIES IN THE STUDY AREA
After the 17 August 1999 KocaeliAdapazarı earthquake, it was seen that silts which
can be encountered at different depths and areas of Adapazarı City liquefied or clays
showed cyclic softening (Önalp et al. 2001). Most of the buildings which have
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various dimensions and mass exhibited damage patterns like tilting, sinking or
toppling as a result. The origin of these silts is River Sakarya which flows in the
southnorth direction along the eastern border of the city. Because of flat topography
of the plain (Akova plain) Sakarya river showed a meandering character until recent
times (Bol, 2003). There are different subfacies in a meandering fluvial system like
channel lag deposits, levees, pointbar deposits, crevasse splays and floodplain or
backswamp deposits. Each subfacies shows variation with its grain size and
geotechnical properties. In a meandering fluvial system the grain size decreases
upwards. There are gravels or coarse grained sands at the bottom (channel lag
deposits), then sands and fine sands exist above it (pointbar deposits) and fine
grained soils like clays or silts (flood plain or backswamp deposits) are found at the
top of an idealized meandering cross section. This idealised section can be corrupted
by meandering migration or by crevasse splays which have fine sands and silts and
that were deposited as a result flooding in wet seasons (Bol et al. 2005).
4 THE REVISED LPI METHOD
The LPI method calculates the LPI values over a depth of 20 m . The observations of
ground failure following the 1999 earthquake in the City have shown however that
liquefaction was overwhelmingly confined to the top 10 m depths and dense and hard
layers were seldom affected by the adverse effects of the Mw=7.4 earthquake. This
suggested the possibility that in such shallow profiles one naturally would obtain
smaller LPI values than the cases where evaluation was made for 20 m. In contrast, if
liquefiable layers were deeper than 10 m, one would then obtain an overestimate of
the liquefaction potential index. Remembering that the Ishihara (1985) criterion
suggests that the effect of liquefaction for layers deeper than 10 m would not possibly
reach the surface, one can see from Figure 1 that a 500 gal earthquake would not have
an effect on surface structure, which supports the above statement. Assuming now
that the effect of liquefaction at layers deeper than 10 m would not be manifested at
the surface, Equations 5 and 8 can be revised as
10 m

LPI =

ò

(9)

Fw( z)dz

0

w(z)=202z

(10)
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Figure 1. Proposed boundary curves for surface manifestation of liquefaction induced damage
(Ishihara, 1985)

Figure 2 and Figure 3 illustrates the CPTbased LPI analyses for a liquefaction and a
nonliquefaction site, respectively. The first profile is from a district where
widespread ground failure and liquefaction was recorded. In this profile, the values of
soil type behaviour index (Ic) were found to be confined in the interval 1.7 to 2.6. The
revised LPI computation performed for this site gave values greater than the 20 m
depth. The Ic and FS values were calculated using the CPTbased method by
Robertson and Wride (1998). The higher LPI values, using a depth range of only 10
m, are due to an increased weighting on shallow zones of liquefaction.
The second soil profile is from a district where no ground failures of any kind were
reported. The liquefiable layer was found to be at a depth of 7 m and was of limited
thickness. When the LPI analyses were performed for 10 and 20 metres, it was found
that the LPI computed for 10 m depth came out to be slightly smaller than that
provided by the 20 m profile.
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Figure 2. Result of LPI analysis from Yenigun district
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Figure 3. Result of LPI analysis from Bekirpaşa district

5 CONCLUSION
The “classical” LPI analysis as first described by Iwasaki et al (1978) assumes a soil
depth of 20 m for liquefaction analysis into consideration. However, this depth is
overlooking the criterion suggested by Ishihara (1985). It can be deduced from the
Ishihara (1985) curves that any soil situated at depths more than 10 m would most
probably have little to no adverse effect on the surface for the usual earthquake
magnitude moments.
The fact that surface observations and tests for liquefaction susceptibility
following the 1999 event had shown that liquefaction was mostly confined to the silts
interbedded with seams of sand within the top 10 m depths, the Iwasaki method was
revised for evaluation at the top 10 m.
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It can be claimed that the LPI value computed for the top 10 m would accordingly
be higher than the 20 m profile.
It is intended to extend this study to the sites where simultaneous surface
observations, boreholes and cone penetration testing have been kept in the database in
order to revise Table 1 for 10 m depths.
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Drainage characterization of tailings from in situ test
F. Schnaid, J. Bedin
Federal University of Rio Grande do Sul, Porto Alegre, Brazil
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ABSTRACT: A four years consecutive site investigation of bauxite residue storage in
northern Brazil provided an opportunity to examine the conditions of tailings from
operational conditions to closure. The investigation program comprised both laboratory and in situ tests. This experience combined to previously reported data from other
tailings geo-materials and natural silty deposits enabled the in situ drainage of intermediate permeability soils to be characterized. It is then possible to establish the transition of drained to partially drained and to undrained response of piezocone penetration and vane test rotation. Evaluation of drainage conditions is necessary to avoid
properties from field test interpretations to be overestimated, in particular the undrained shear strength.

1 INTRODUTION
The assessment of the flow and consolidation characteristics of natural deposits and
man-made geomaterials is a crucial first step in geotechnical design. Countries with
large mining industry operations face serious environmental risks resulting from
large-scale mining activities. Although there has been significant improvement in the
design and management of tailing storage facilities, there are still major economic
and technical constraints that cause important environmental impact in discharge
areas. From a technical perspective, investigation of water table configuration, aquifer boundaries, site characterization and determination of short and long term properties of tailing materials are important requirements for engineering design (Andrews
and Martin, 2000; Shuttle and Cunning, 2007; Robertson, 2008). Characterization of
mass permeability is a preliminary requirement for interpretation of in situ tests, assumed to be undertaken under fully drained or fully undrained conditions. Tailings
often exhibit coefficients of hydraulic conductivity in the range of transitional soils, a
range over which partial drainage is often observed for currently adopted rates of penetration. Implications are that the undrained shear strength derived from penetration
tests can be grossly overestimated. This paper discusses the recommendations for
evaluating partial drainage from in situ testing data considering a plot of nondimensional velocity versus degree of drainage. In this plot partial drainage can be
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identified and which enables the errors introduced in the predicted soil properties to
be avoided.
Recent research projects in Brazil allowed in situ tests (vane shear and piezocone
penetration test) and laboratory tests (triaxial and oedometer test) to be carried out in
active iron ore, gold and bauxite residue storage facilities. Part of this experience is
presented here.
2 BACKGROUND
Tailings often exhibit a scattered grain size distribution and variations in mineralogy
and clay content, features that have a dominant effect on soil permeability and hence
on in situ behaviour at given loading rates, producing geomaterials in the so called intermediate permeability range of 10-5 to 10-8 m/s. At present there are no standardized
recommendations to guide engineers on how to perform in situ tests or interpret test
results in these materials, as extensively discussed by Schnaid et al (2004; 2005).
Recent studies put emphasis on the normalization of penetration results which are
represented by a “drainage characterization curve” of penetration resistance against
rate effects. This curve is expressed by the dimensionless penetration ratio V (Randolph, 2004; Randolph and Hope; 2004):

V

vd
cv

(1)

plotted against a normalized degree of shear strength (Schnaid et al, 2006; Bedin,
2006):

U

qt  qtund 

qt dr  qtund 

(2)

where d = diameter of the penetrometer, v = penetration velocity, cv = coefficient of
consolidation, qtund = undrained tip cone resistance, qtdr= drained tip cone resistance
and qt= cone resistance at any penetration velocity.
It is interesting to notice that equations 1 and 2 can be adopted in the interpretation
of other in situ tests such as the Vane Test by replacing cone penetration by torque
measured at different rotation rates v:

U

Tc  Tund 
Tdr  Tund 

(3)

where Tcund = undrained torque, Tcdr= drained torque and Tc= torque at any rotation
rate.
Applicability of this approach in determining drainage conditions from in situ tests
is evaluated in the present work. Piezocone tests (CPTU) in gold and bauxite tailings
carried out in Brail under the current research program (Bedin, 2006; 2008) are analyzed in conjunction to vane tests in gold and gypsum tailings (Blight, 1965). Comparisons are made against the behaviour of clay from tests presented by Randolph and
Hope (2004).
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3 IN SITU TESTING PROGRAMME
CPTU soundings and pore pressure dissipation tests are the preferable alternative to
assess tailing properties and hydrogeologic conditions within the impoundment. Parameters measured during CPTU are cone resistance qt, sleeve friction fs and pore
pressure u, from which soil stratigraphy, spatial variability and soil segregation of
storage facilities can be evaluated. Cone tests are generally carried out at a standard
rate of 20 mm/s. At this penetration rate, tests in clay soils are expected to be fully
undrained and in sands fully drained for a regular 35.7 mm diameter cone (10 cm2
area). In intermediate permeability soils partial consolidation may occur ahead of the
advancing cone, depending on the coefficient of consolidation, Cv.
Effects of partial drainage in typical piezocone profiles are presented in Figures 1
and 3 for bauxite and gold tailings, respectively. Tests were carried out at different
penetration rates corresponding to 1mm/s, 2mm/s and 20mm/s. At a standard rate of
20 mm/s, in the bauxite area values of the pore pressure parameter Bq range from 0.5
to 0.8 indicating undrained paths during cone penetration whereas tests carried out in
the gold impoundment produced Bq values ranging from 0.1 to 0.5, a range in which
partial drainage is likely to occur. In both impoundments, as the penetration rate was
reduced the pore pressure decreased with a slight increase in resistance. This effect is
less clear in Figure 3 than in Figure 1.
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Figure 1. Influence of piezocone penetration rate in bauxite impoundments.
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Figure 2. Dissipation test results, bauxite (depth=12m).

u,uo(KPa)

qt (KPa)

Depht (m)

0

2500

5000

7500 10000

0

0

0

-2

-2

-4

-4

-6

-6

-8

-8

-10

-10

-12

-12

-14

-14

-16

-16

-18

100

200

300

-18
GOLD RESÍDUE

-20

CPTU (20 mm/s)
CPTU (1mm/s)

-20

Figure 3. Influence of piezocone penetration rate in gold impoundments.

246

400

300

pore pressure (kPa)

250
200
150
100

t50

50

t50
0
1

10t50

Time (s)

100

1000

Figure 4. Dissipation test results, gold (depth=12,5m).

For penetration tests, with the cone driven into the soil at a constant penetration
rate of 20mm/s, insertion was halted at every meter to measure the decrease of pore
pressure with time. Examples of CPTU dissipation tests at a depth of around 12m are
presented in Figures 2 and 4. These dissipation tests show the characteristic features
of normally consolidated geomaterials with smooth pore pressure decay with time.
The Teh and Hoslsby (1991) solution captures the dissipation path and produces ch of
the order of 0,02 cm2/s. The combination of different penetration rates and different
permeability layers allows a complete characterization of a drained curve in the V
versus U space (Figure 3). Interpretation is produced by plotting the average resistance measured over 1 m intervals along the whole testing depth.
Despite the scatter produced by experimental data shown in Figure 3, it is possible
to define a normalised drainage characteristic curve for each material. Since each deposit exhibits particular waste characteristics (ore type, mine processing, mineralogy),
as well as a distinctive placement process during disposal, the geomechanical behaviour of each tailing is unique and is reflected by its own drainage characteristic
curve. The transition point from drained to partially drained conditions starts at a
normalized velocity ranging from V  10-1 to 1; the transition from partial drained to
undrained occurs at a normalized velocity of around 10+1 for gypsum and around 10+2
for gold tailings. The rate of decrease (in log-scale) does not change significantly
from one geomaterial to another, the main difference being the starting transition
points.
Once the “normalized drainage characteristic curve” is properly evaluated, an appropriate rate law can be selected to describe the patterns generated by the derived
numerical data (Schnaid, 2005). An equation varying from unity (U =1 for V  0 )
and reducing to a decimal value greater than zero can be conveniently expressed as a
hyperbolic cosine function, Schnaid (2005):
U  a  (1  a)

1
cosh(bV c )

(4)

where a, b and c are fitting parameters. Note that parameter a represents the ratio between the undrained and the drained shear resistance, whereas b and c control the rate
of change from drained to undrained conditions. Table 1 presents the values of the
parameters a, b and c for the curves shown in Figure 3.
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Tabble 1. Curve fittting coefficientts for the varioous geo-materiaals.
____
_____________
__________________________________
Coe
efficients
in
equ
uation 4
____
_____________
____________
______________________
a
b
c
Clayy – piezocone
0.01
1.2
0.5
Aluumina – piezoco
one 0.01
0.12
0.7
Gold – vane
0.01
0.28
0.7
Gyppsum – vane
0.01
0.8
0.6
Gol
d
–
piezocone
0.01
0.12
0.58
____
_____________
_________________________________

ween the unddrained and the drainedd shear resistance that defines the
Thee ratio betw
coeefficient a is not affectedd by soil typee, i.e. coefficcient a was shown to bee insensitive
to the
t soil prop
perties of theese tested geo-materials and for this reason was assumed as
a constant and equal to 0.001 in the preesent analysses. Coefficient b has too be experimenntally determ
mined beforre attemptinng to evaluaate the drainnage path inn any given
geoomaterial. As already disscussed by Schnaid
S
(20005) the norm
malized drainned characteriistic curve iss fairly sensiitive to soil stiffness
s
andd it is therefoore suggestedd that b is a
funnction of botth rigidity inndex and oveerconsolidattion ratio. A moderate change
c
was
obsserved for co
oefficient c, with experim
mentally determined valuues ranging from 0.5 to
0.7.
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4 CONCLUSIONS
A methodology developed to evaluate the effects of drainage that take place during a
shear test – either a piezocone (CPTU) or a vane – is presented in this paper in an attempt to identify the transition of drained to partially drained to undrained response
of intermediate permeability soils. A series of tests carried out under different shear
rates is presented and a normalized drainage characteristic curve is determined for
gold, alumina, gypsum and clay. This curve is represented in a plot of dimensionless
velocity V versus degree of drainage U. It is suggested that drainage conditions can
be evaluated once the normalized curve is defined for a given material. It is premature to give general recommendations for field tests in intermediate permeability soils
but since the rate of penetration is one of the few parameters that can be controlled in
field tests, it appears reasonable to change the penetration ratio to avoid tests that
yield dimensionless velocities within the range of about 10-2 to 10+2, as recommended
by Schnaid (1995). In this range, partial drainage is expected to occur and properties
obtained from field cone penetration tests interpretation can be overestimated, in particular the undrained shear strength.
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Diagnosing liquefaction potential by the dissipation test
in fine grained soil
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ABSTRACT: Extensive ground failures observed in the city of Adapazari, Turkey,
during the 1999 Marmara earthquakes have generally been attributed to liquefaction.
The main culprit for liquefaction were not the fluvial sands deposited by River Sakar
ya but silts and sandy silts deposited by the annual floods in the form of overbank
sediments. The CPTU has proved to be an efficient way to diagnose liquefiable and
nonliquefiable soils. The Adapazari Criteria, developed as a follow up to the so
called Chinese Criteria was used to diagnose liquefiability by physical properties.
Observations of surface features right after the quakes were also used to confirm
liquefaction sites. The pore pressure dissipation approach was then attempted to
perform a faster diagnosis of liquefiability, because the ground water table is almost
at the surface, and non plastic silts are very difficult to sample for laboratory testing.
About 226 dissipation tests were performed in situ, 49 of which were conducted by u1
measurements. The penetration was arrested at depths where the presence of silts had
been detected by previous sounding and drilling and t50, t90 and t100 were determined
analytically. Results indicate that t90 values have a potential for diagnosing soils
susceptible to liquefaction. This was demonstrated by a t90 < 300 seconds for
liquefiable layers, whereas considerably longer periods are required for non
liquefiable silts. This feature is illustrated by presentation of several typical
dissipation curves.
1 INTRODUCTION
The city of Adapazari with a population of 350,000 is one of the rare cities in the
region that carries extraordinarily high seismic risk. It is located almost on the North
Anatolian Fault (NAF), which is known to have become active (Mw≥7) almost every
decade. The NAF shows a striking similarity to the San Andreas fault both showing
rightlateral strikeslip. Almost whole of the city is founded on recent alluvial
deposits of the River Sakarya flowing northwards toward the Black Sea. A recent
borehole drilled at the center of the city failed to reach rock at 200 m (Bol 2003) and
it was claimed that the depth of the alluvium here may be as deep as 1000 m
(Komazava et al. 2001). Numerous investigations carried out following the 1999
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event concluded that a major part of the soils had liquefied throughout the city and
building damage had been caused by those poor soils. The surveys and research
carried out by Sakarya University since then have proven that this was a hasty
diagnosis. It was discovered that nonplastic silts with sand layers were dominant at
sites of liquefaction, from which the Adapazarı Criteria were derived and a
liquefaction map was drafted (Bol et al. 2005, Bol et al. 2008b).
The CPTU porewater dissipation test has been used to determine the horizontal
coefficients of permeability and there are only a few publications showing its use for
liquefaction susceptibility studies. Yang & Elgamal (2002) had determined that
permeability is of primary importance for the rise and dissipation of excess porewater
pressures leading to liquefaction. This was investigated by a layered soil model with
different hydraulic conductivities comprising alternating silt and gravel layers. It was
emphasized that determining the permeabilities in the soil profile was an important
part of any liquefaction study. Sharp et al. (2003) reached a similar conclusion,
stating that permeability was an important factor in the dissipation rates, leading to
surface settlements after liquefaction takes place. Permeability and cyclic triaxial test
results by Bol et al. (2008a) show that mixtures with clay contents above 10% do not
exhibit initial liquefaction and this transition is marked by a coefficient of
permeability of around 2.1x10 8 m/s. Soils with higher values of k are likely to
liquefy. It is only logical then that one can infer from the rise and dissipation of pore
pressures during a CPTU whether liquefaction is possible because dissipation is a
clear demonstration of permeability.
Boreholes have been drilled at silty sites where there was no liquefaction and those
where liquefaction was clearly detected and undisturbed sampling was implemented.
The samples were tested for consistency, grain size distribution, consolidation with
single or double drainage as well as cyclic triaxial compression. Simultaneous
CPTUwas performed next to the borehole and dissipation tests were performed.
2 LIQUEFACTION OF FINE GRAINED SOILS
Because of high SPT N values and cone tip resistances of sands along the buried
channels, and their conspicuous absence in other parts of the alluvium, the
liquefaction potential of fine grained soils were evaluated. The most popular
plasticity based criteria are the “Chinese Criteria” which was developed following the
earthquakes in China between 1966 and 1976 (Wang 1979). “Modified Chinese
Criteria” (Wang 1979, Seed & Idriss 1982), which represents the criteria widely used
for defining potentially liquefiable soils over the past two decades. According to
these criteria, fine (cohesive) soils that plot below the Aline are considered to be of
potentially liquefiable type and character if: (1) there are less than 15% “clay” fines
(based on the Chinese definition of “clay” sizes as less than 0.005 mm), (2) the liquid
limit wL is ≤ 35%, and (3) a current insitu water content greater than or equal to 90%
of the liquid limit.
A detailed comparison of the laboratory test results and field observation revealed
that the socalled Chinese criteria worked much better for Adapazari
nonsensitive/nonplastic silts if they were revised to satisfy the following conditions:
A silt is identified as liquefiable if it classifies as ML and the liquid limit is less than
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30%, clay content (<2 µm) less than 15%, and liquidity index higher than 1.
Subsequent investigators developed similar approaches to judge submerged silts
during earthquakes of Mw>7 by requiring (Önalp et al. 2006, Bol et al. 2008b): a)
Liquid limit < 33%, b) Liquidity index IL>0.9 (or wn/wL if soil is NP), c) Clay content
less than 10% and d) Average particle size D50 smaller than 0.06 mm. In addition, a
description of the “gray” zones where advanced testing would be required is given in
Table 1 (Önalp et al. 2008).
The Adapazari Criteria were then applied to points where silty layers were
encountered by making use of Table 1. Accordingly, a layer of soil was graded 1 if
the criteria were satisfied and zero if it did not liquefy. 0.5 was used for cases that
required further testing. This enabled the investigators to appoint four values to each
layer using different properties in Table 1. The totals in the end varied between one
and four, where 4 represented soils that are liquefiable and 0 shows soils satisfying
none of the criteria employed. Since the values may attain values between 0 and 4,
thus requiring further testing, a classification shown in Table 2 was adopted.
Table 1. Evaluation of the Adapazari Liquefaction Criteria
wL
Clay (%C) D50 (mm)
Criteria Þ
Liquefaction
w L ≤ 33
%C ≤ 10
D50 > 0.06
Test zone
33<wL≤35 10<%C≤15 0.02<D50≤0.06
No Liquefaction
w L > 35
%C > 15
D50 ≤ 0.02

IL or wn/wL
IL or wn/wL ≥ 0.9
0.75 ≤IL or wn/wL < 0.9
IL or wn/wL < 0.75

Value
1.0
0.5
0.0

Table 2. Liquefaction evaluation for fine grained soils
Liquefaction
Total Values
Yes
3.5 ≤ S Value ≤ 4.0
Test
2.5 ≤ S Value < 3.5
No
S Value < 2.5

3 DISSIPATION TESTS
The pore pressures that have increased due to the formation of a spherical cavity
formed by the penetration of the cone will start dissipating as soon as the penetration
is halted. The rate of dissipation is a function of the coefficient of consolidation, the
compression index and therefore the hydraulic conductivity k h. The test is carried on
until a fixed period of dissipation or a degree of dissipation is reached. Dissipation
ratio U is expressed by

U=

ut - uo
ui - u o

(1)

where ut is the porewater pressure u at time t, and u i is its value at the start of
dissipation. The test is continued until at least 50% of the dissipation is recorded. The
test has to be kept running until no changes in the u value is observed if an
equilibrium value is desired. Equilibrium is attained rapidly in sands whereas several
days may be required to reach the same state in clays of high plasticity. Dissipation
test performed in soft, fine grained silts and clays measure monotonically decreasing
porewater pressures. However, dissipation tests performed in heavily
overconsolidated silts and clays often record dilatory porewater pressure behaviour,
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showing a temporary increase in porewater pressure with time followed by a
decrease and return to hydrostatic pressure (Burns & Mayne 1998).
About 226 dissipation tests were performed in situ, of which 49 were conducted
with u1 measurements. The tests yielded six different shapes of dissipation curves.
These are illustrated in Figure 1, using t (log) abcissae, where t is in seconds.
Included in Figure1 are the number of tests with u1 and u2. It is believed that the
different curves emanate from the type of soil, overconsolidation ratio, plasticity and
the permeability of the layers above and below the level where dissipation was
measured. It can be seen that the majority of measurements were made in silt layers,
the level of which had been determined by previously made borehole investigation.

Figure 1. Six types of dissipation curves plotted on Log t – (1U) axes

It is found that 183 of 566 total laboratory index tests correspond to insitu
dissipation test levels. The results of 175 classification tests for the samples
corresponding to the u 1 and u2 dissipation measurements are given in Table 3. It can
be seen that Type 1 dissipation curves predominate for the low plasticity to non
plastic ML type silts.
Table 3. Number of soil types where dissipation tests were peformed
Soil Class è
CH
CI
CL
ML
MI
MH
u1 or u2 è u1 u2 u1 u2 u1 u2 u1 u2 u1 u2 u1 u2
Type1
0
1
1 17 2 12 10 30 0 4 0 0
Type2
0
2
1
0 0
1
2
3 0 0 0 0
Type3
1
5
1
8 2
3
2
4 0 0 0 1
Type4
0
3
0
7 1
3
2
5 0 2 0 0
Type5
2
2
3
1 0
0
2
0 3 0 0 0
Type6
0
1
0
0 0
0
0
2 0 0 0 0
3 14 6 33 5 19 18 44 3 6 0 1
S

SM
u1 u2
1 16
0
2
0
1
0
3
0
0
0
0
1 22

3.1 Liquefaction Evaluation Based on Dissipation Curve
Table 4 shows the liquefaction potential classification made by the use of different
filters. Type 1 appears as a characteristic curve for the dissipation curve in ML soils
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and it may be claimed that silts that exhibit Type 1 curve have a high probability that
they will liquefy in earthquakes of Mw≥7. In contrast, soils that yield Type 4 and
Type 5 curves for u1 measurements are unlikely to liquefy. ML silts do not exhibit
Type 6 curves. It can be claimed inspecting Table 4 that similar results have been
obtained for u2 measurements, suggesting that the position of the filter may not be
significant in diagnosing liquefaction susceptibility.
Table 4. Comparison of liquefaction susceptibility in ML soil using different type of filter
Filter Liquefaction Type1 Type2 Type3 Type4 Type5 Type6
Yes
9
1
1
0
0
0
u1
No
1
1
1
2
2
0
Yes
20
2
1
1
0
1
u2
No
10
1
3
4
0
1

3.2 Dissipation Rates and Liquefaction Evaluation
Soil samples procured from sites of liquefaction and nonliquefaction were tested and
their liquefaction susceptibility were evaluated using the Adapazari Criteria (Table
1). Samples carrying the symbol S were assumed as susceptible with the knowledge
of their conditions of deposition in Adapazari. Table 5 summarises the results of Type
1 dissipation curves with their averaged dissipation rate values as well as their
conformity to the Adapazari Criteria.
The values in Table 5 indicate that liquefiable silts indicate u 2 dissipation curves
with U50 values of 55 seconds or less whereas non liquefiable ones show U50=327 s.
The corresponding times for 90 per cent dissipation are 125 s or less for liquefiable
and 713 s for non liquefiable silts. U90 values were measured as 125 s or less and 713
s and U100 times at 315 s or less and 1285 s, respectively. These values suggest that a
careful examination of dissipation values can lead to detection of liquefiable layers.
The values calculated for MI silts, although not too many in numbers and of a
different curve type, seem to contradict the statement above because U50 of MI silt
was found to be smaller than that of ML. U90 on the other hand is markedly higher. It
can therefore be stated at this stage.that U90 may be a good indicator of liquefaction
susceptibility
Tablo 5. Average values of dissipation rates for Type1 curves
Class
Filter U50 U90
U100 Adapazarı Criteria
S
u2
31
86
256
Yes
Yes
ML
u2
55
125 315
Yes
ML
u1
21
191 947
ML
u2
327 713 1285
No
No
MI
u2
113 300 768
No
CL
u2
235 687 1185
No
CICH
u2
460 1048 2001

The U50, U90 and U100 times are plotted against clay content in Figure 2. One can
see from these data that dissipation times tend to increase with increasing clay
contents as expected. It is however difficult to make a distinction of liquefiable and
nonliquefiable silts looking at U50 ve U100 values. It is evident that U50 values for
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liquefiable and nonliquefiable soils overlap at around 175 s, and U100 values
similarly overlap at around 850 s, and one is unable to differentiate the two states.
The U90 values on the other hand, seem to separate the two zones for ML silt at
around 300 s with the exception of a single point.
Although more data is clearly needed to assert as a rule, one tends to state that
liquefaction in ML silts with U90 of 300 s or less is “possible and highly probable”
with the existing evidence. In addition, we are now making the classification as
“liquefaction”, “test” and “no liquefaction” as opposed to “yes” or “no” as done in
the preceding section.
Table 6 lists the average dissipation times corresponding to the evaluation criteria
described above. The dissipation curve types 1, 2, and 3 have been used for the
evaluation as these types were applicable to ML silts.
30

30
ML, LQ: Yes

25

U50: 175 sn

15

10

5

5

0
10

U90: 300s n

15

10

1

ML, LQ: No

20
% Clay

20
% Clay

ML, LQ: Yes
25

ML, LQ: No

175

100
U50, Log (t)

0
1000

10000

1

10

100
U90, Log (t)

300

1000

10000

30
ML, LQ: Yes
25

ML, LQ: No
U100: 850 s n

% Clay

20
15
10
5
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0
1

10

100
U100, Log (t)

1000

10000

Şekil 2. The U 50, U90 and U100 times versus clay contents measured in ML silts
Tablo 6. Dissipation times for liquefaction states for Type1 curves
Liquefaction S Value U0
U50
U90
No
01
193.3 734.21 1524.2
No
24.73 263.63 762.53
1.52
Test
6.97 189.79 424.03
2.53
Yes
5.31 66.54 148.17
3.54

U100
2231.92
1388.47
805.13
344.65

4 CONCLUSIONS
A great number of CPTU dissipation tests conducted in different soils of Adapazari
have shown curves which are dissimilar. The curves were eventually identified in six
typical groups. The different types of curves observed in various types of soils are
formed depending on the consistency limits, overconsolidation ratio, the thickness of
the layer and the permeability of the over and underlying strata.
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When dissipation measurement is done with the u2 filter, Type1 curves are
exhibited by silts of low plasticity (ML), silty sands (SM), and possibly clays of low
and intermediate plasticity (CI, CL). Type3 curve is characteristic of clays of high
plasticity (CH). Type5 and Type6 dissipation curves are seldom encountered when
measurement with u2 is performed. In Adapazari soils the majority of measurements
showed Type1, Type3 and Type4 in order of frequency while the other types were
obtained occasionally.
The fact that dissipation times are increased by increasing clay content of the soils
was confirmed. Data collected so far suggest that time corresponding to 90 per cent
of dissipation is a realistic indicator of liquefaction potential. It was determined that a
U90 of 300 seconds formed a significant limit between liquefiable and non liquefiable
ML silts, where one can state that any ML silt showing U90 < 300 s is liquefaction
susceptible. So, soil behaviour type (SBT) zones 4 and 5 in the Robertson (1990)
CPT SBT chart that are encountered in the CPTU profile may be judged by this
criterion.
The study implemented over five years has shown the authors that dissipation
measurements in the CPTU may be a powerful and rapid method in the prognosis of
liquefaction. Further studies are therefore being done to extend it to other types of
soils.
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ABSTRACT: The success of in-situ groundwater remedies depends on a detailed understanding of the permeability structure of the contaminated aquifer because all systems are heterogeneous and anisotropic. A key requirement is to distinguish the permeable sand and/or gravel facies, where groundwater and contaminants move by
advection, from the lower permeability silt- and/or clay-rich facies, where solute mass
is stored and transport is dominated by diffusion. High-resolution stratigraphic data
can be collected using cone penetrometer testing (CPT), direct push injection logging
(DPIL) and direct push permeameter (DPP) methods. Conventional CPT soil behavior types group soils based on similar geotechnical mechanical properties, rather
than the site-specific facies that capture meaningful aquifer permeability structures.
The site depositional setting provides the framework to evaluate the facies trends between soundings using geological interpretations. The resulting high-resolution stratigraphic data can be analyzed with methods successfully used in the petroleum industry, enabling characterization of facies trends/depositional forms (in simpler systems)
or classification of the depositional regime (in more complex systems). Through a
process of site-specific calibration, these tools can be used to develop hydrostratigraphic interpretations that can be correlated to relative permeability. Concepts are illustrated through case studies where combinations of these techniques were utilized,
highlighting advantages and disadvantages of each tool. These techniques are utilized
to design and implement successful groundwater remediation solutions. An investigation strategy is advocated consisting of calibrated CPT to map general facies trends,
and focused DPIL and DPP in areas where more detailed permeability measurements
are required for the higher-permeability facies.
1 INTRODUCTION
High-resolution stratigraphy mapping techniques are essential for success in groundwater remediation projects, as local-scale variability of the permeability structure can
have a controlling influence on groundwater flow, transport, and reagent distribution.
In contrast with water supply projects, where definition of the average hydraulic
properties of each hydrostratigraphic unit is sufficient, remediation projects require
stratigraphic mapping methods that enable assessment of permeability trends that can
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be correlated with lithologic trends. High-resolution stratigraphic profiling is critical
because even apparently homogeneous sand aquifers such as the Borden in Ontario
show many orders of magnitude variability in permeability within a few meters
thickness (Julian et al. 2001). Because advective flow and transport is concentrated in
the highest permeability sand and gravel facies in an aquifer, which is referred to as
the mobile porosity, long-term pumping tests tend to average-out the detail resulting
in dramatic under-predictions of transport velocities in many cases. In addition, diffusive contaminant mass exchange to and from the less permeable silt and clay facies,
which is referred to as the immobile porosity because transport is dominated by diffusion, results in much slower velocity in these aquifer segments than average hydraulics would predict (Payne et al., 2008). The resulting transport behavior leads to “rebound” following treatment via fast-acting methods such as in-situ chemical
oxidation, or pump and treat remedies that continue decades after conventional approaches would predict site cleanup.
The goal is to map the stratigraphy at sufficient vertical resolution to show facies
trends such as fining upward sequences, channels, and interbedded zones to facilitate
geologically-based interpretation at and between soundings, while allowing sitespecific calibration of relative permeability measurements against point permeability
estimates in a manner similar to Liu et al. (2009). Fortunately, CPT and direct push
injection logging (DPIL) techniques provide a near-continuous stratigraphy profiling
that can be readily calibrated using pore-pressure dissipation and point permeability
testing methods for the low- and high-end of the permeability spectrum, respectively.
In this paper, these methods of stratigraphic profiling are evaluated and compared
with an emphasis on using the data to evaluate facies trends and permeability structure in aquifers. An alternative approach to CPT data interpretation is presented that
uses the shape and magnitude of response of the tip, sleeve, and pore-pressure sensors
to interpret the data, much like in geophysical logging. This approach de-emphasizes
the literal interpretation of soil behavior type and focuses on relative permeability
profile and facies correlations that can be made more quantitative using site-specific
calibration. The discussion is presented in the following sections using case studies to
illustrate the concepts.
2 CASE STUDIES
2.1 Case Study 1 – Quantitative Stratigraphic Profiling
The goal of this case study was to create a high-resolution map of the hydrostratigraphy and contaminant distribution to explain complex plume behavior and select an
appropriate remedy. The site is located in a coastal depositional setting with a shallow
surficial aquifer composed of a sequence of beach ridge and dunes (clean sands) transitioning to shallow marine terraces (interbedded silts, clays, and sands) and a marine
clay at the base. The site hydrostratigraphy consists of an Upper Sand (fine to very
fine sand); an Interbedded Zone, which consists of thin beds of silt, clay, and fine
sands that are sometimes dissected by fine to medium sand channels; the Lower Sand
(fine to medium sands with coarse to very coarse shell hash); and the underlying regional confining unit (marine clay). A combination of CPT, electrical conductivity
(EC), direct push injection logging (DPIL) and pneumatic slug tests (PSTs) were used
to develop a quantitative hydrostratigraphy model.

260

Figure 1 shows the typical hydrostratigraphic profile obtained at the site and compares the results obtained using CPT, EC, DPIL and PSTs during the site-specific calibration process that was used during the project. The two panels on the right of the
figure illustrate the SBTs, CPT responses, and hydrostratigraphic unit (HSU) designations at the site. The three panels to the left show the normalized DPIL pressure (using a Geoprobe hydraulic profiling tool (HPT) injecting at nominally 500 milliliters
per minute); EC logging obtained during membrane interface probe (MIPs) soundings, which was performed during the CPT; and a comparison of PST hydraulic conductivity estimates, which were collected during groundwater sampling using a direct
push rig using a 1m (3-ft) retractable screen, with the DPIL-inferred hydraulic conductivity.
In developing the hydrostratigraphy model for the site, the results of the porepressure, tip, and sleeve sensors were used to interpret the facies trends by evaluating
the shapes of the curves. The first step in the process was to use the pore-pressure response to identify relatively low permeability marker units for correlation: the dominant low permeability feature was the interbedded zone, which was shown by the serrated, elevated pore-pressures between 12.2 and 14.6 meters below ground surface
(bgs); and the confining unit, which occurred at depths below 16.2 m bgs. The Upper
Sand (0 to 12.2 m bgs) and Lower Sand (14.6 to 16.2 m bgs) were identified based on
modest pore-pressures above the hydrostatic pressure trend. The shapes and magnitude of the CPT responses were used to evaluate facies trends (grain size and bed
morphology) for correlation between the soundings. Calibration of the HSU facies interpretations was completed using PSTs and DPIL-inferred permeability estimates, as
discussed below.
The DPIL normalized pressure mirrors the pore-pressure response from the CPT
and provides a consistent facies interpretation, based on the shape and magnitudes of
the response curves. DPIL results identify low permeability facies with pressures
above three to five tons per square foot (TSF) (note: 1 TSF = 95.7605 kPa) and relatively permeable facies with pressures near two TSF (3rd panel from right, Figure 1).
Note that slightly better resolution of the Upper Sand facies variability is obtained using DPIL in the top 6.1 m as a result of continuous water injection during advancement. The relative permeability profile can be inferred from the DPIL results using
the instantaneous flow measurements divided by the normalized pressure response
(subtracting hydrostatic pressure) after Butler et al. (2007) and Liu et al. (2009). The
DPIL-inferred hydraulic conductivity correlated with PST estimates (5th panel from
the right, Figure 1). However, as with the CPT pore-pressure response, the DPIL has
a thresh-hold DPP limit of resolution that is determined by the injection flow rate and
precision of the pressure transducer (based on results obtained from site-wide analysis not included in this paper). This DPP limit is shown by the “flat-line” response on
the order of 10-2 cm/s (note 1 cm/s = 10-2 m/s) in Panel 5. This approach was used at
several calibration soundings to develop a quantitative mapping between facies and
permeability in a three-dimensional hydrostratigraphy model for the site.
The utility of the EC logging and CPT SBT classification for quantitative facies
correlations was limited at this site. In the case of EC response, there was a reasonable correlation between the high-response in the interbedded zone and lower marine
clay, but the resolution of depth intervals and relative magnitude of response did not
show a consistent pattern that could be correlated with relative permeability. As
shown in Panel 4 (Fig. 1), the EC response missed the lower conductivity lense at approximately 7.6 to 8.5 m bgs and averaged-out the interbedded nature of the shallow
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Figure 1. Case Study 1, showing pneumatic slug tests, electrical conductivity, DPIL pressure, CPT curves, and soil behavior types.
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DPIL/CPT responses between 3.4 and 5.5 m bgs. In general, the SBT classification
provided a better match to the relative permeability profile obtained from DPIL;
however, the averaging associated with the graphical output often requires evaluating
the pore-pressure to understand the bed morphology and facies trends, which was a
key objective for this project. At other sites not considered here, site-specific calibration has led to very good correspondence between SBT and relative permeability profiles.
2.2 Case Study 2 – Dissipation Testing and Permeability Profilingin Low-K
Sediments
The goal in this project was to refine a conceptual site model where potential DNAPL
occurrence in fine-grained sediments would have a significant impact on remedy options. The site’s depositional setting consists of a sequence beach ridge and dunes
(clean sands) transitioning from the ground surface to shallow marine sediments
(massive to interbedded silty clays) at the base of the CPT soundings. In this case,
CPT was used for stratigraphic profiling as discussed above, but the focus was on
profiling the permeability of the aquifer using pore-pressure dissipation tests (PPDT)
to calibrate pore-pressure responses across the site in low permeability silts and clays.
An additional goal was to determine the upper-limit of resolution for PPDTs to estimate hydraulic conductivity.
During the CPT profiling, PPDTs were recorded at 1 foot intervals at several calibration soundings in the early stages of the project. As the CPT was performed with a
MIP, the “pause” required to stabilize the MIP equipment was used as an opportunity
to perform fixed duration PPDTs, using the truncated recovery approach described by
Parez and Farriel (1998). Figure 2 compares the CPT pore-pressure response (right
panel) with the calculated hydraulic conductivity from 29 PDDTs over a 9.1 m interval. While there were a limited number of PDDTs that led to unusable data at other
sounding locations due to long recovery times or poor data quality, the results at this
location were consistently good. As shown in the plot, there is a strong correlation between the magnitude of excess pore-pressure above the hydrostatic line and decreasing permeability. Note that the PPDT results between 5.5 and 8.5 m, where CPT
pore-pressures were negligible, the hydraulic conductivity was estimated at >10-3
cm/s based on the signal-to-noise ratio for pressure transducers at very low excess
pore-pressure. The range of permeability for the sands in this interval was estimated
using the Kozeny-Carmen relationship (Payne et al., 2008) for grain-size analysis between 10-2 and 10-3 cm/s at other locations.
One of the key advantages of this approach is that after calibrating the porepressure response via PPDTs, it is possible to use the raw pore-pressure data in a
more quantitative way to understand the relative permeability in profile. So, while the
calibration process is time intensive, it’s not necessary to perform the PDDTs at every
MIP- or rod-break for the remainder of the investigation process.
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Figure 2. Case Study 2, showing pore pressure dissipation test results and CPT pore pressure.
Note: 1 cm/s = 10-2 m/s; 1 TSF = 95.7605 kPa; 1 ft = 0.3048 m.

2.3 Case Study 3 – DPIL Calibration Using DPP
The goal in this project was to develop a refined conceptual site model and develop a
remedy strategy. Based on prior soil sampling, it was expected that the stratigraphy
for the site was a sequence of Aeolian dunes and associated fluvial deposits ranging
from very fine to coarse sands and isolated silts. Prior hydraulic conductivity estimates obtained through mill-slotted, polyvinylchloride well screens ranged from 10-4
to 10-3 cm/s.
The stratigraphic profiling was conducted using CPT, DPIL, and direct push permeameter (DPP) and a deliberate calibration procedure. As expected based on the
relatively high permeability of the aquifer, limited excess pore-pressure was observed
in the CPT soundings as shown in the right panel of Figure 3. DPIL was completed
using experimental HPCone developed by The In-Situ Group (Orlando, Florida),
which consists of a CPT string modified to include an injection flow port with flow
control and back-pressure transducer and three additional pressure transducers placed
at 0.05 m, 0.15 m, and 0.40 m above the flow port. The CPT pore-pressure sensor is
placed 0.40 m below the flow port. The equipment was operated in two modes –
DPIL with a steady flow of 0.5 L/min (8.3 x 10-6 m3/s) and DPP with the capability to
inject at up to 3.0 L/min (5.0 x 10-5 m3/s). During DPP mode, the operator would wait
for pressure dissipation following DPIL and then run a sequence of DPP tests between 0.5 and 3 L/min, while logging the pressure response at the 3 DPP pressure
transducers. Based on instrument calibration, it was expected that the instrument
would resolve hydraulic conductivities up to 10-2 cm/s in DPIL mode and up to 5 x101
cm/s in DPP mode.
The DPIL and DPP data were analyzed using the methods described in Liu et al.
(2009). The results are shown in the left panel of Figure 3. In this case, the DPIL re-
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sults that are shown were normalized using the DPP data and a least-square regression approach. This approach translates the DPIL curve in hydraulic conductivity
space to align the estimates better with the DPP results. As shown on Figure 3, the
hydraulic conductivity ranges from the upper-limit of DPP resolution at 5 x 10-1 cm/s
near the top of the sounding to 2 x 10-2 cm/s near the bottom. The DPE-calibrated
DPIL conductivity profile shows permeability that extends beyond this level, in some
cases by more than an order of magnitude, which raises questions about the need to
truncate DPIL estimates in these intervals.
As for the PPDT calibration process described above, the goal is to calibrate the
DPIL response using DPPs so that subsequent investigation efforts can be completed
with less frequent DPE testing. In an attempt to provide better resolution of the highpermeability facies that were encountered in the example on Figure 3, the DPIL injection rate was increased to 2 to 3 L/min; however, modest permeability at these other
soundings (not shown) resulted in issues with flow control and back-pressure transducer limits, as well as longer pore-pressure dissipation between each DPIL run. Due
to these equipment limitations, more reliable and repeatable results were obtained using DPIL injection rates of approximately 0.5 L/min followed by DPP up to 3 L/min.
While this approach limits resolution of the most permeable facies in the aquifer, the
approach was successful in accurately resolving hydraulic conductivities almost two
orders of magnitude higher than CPT or HPT alone.

Figure 3. Case Study 3, showing DPP, DPIL and CPT results.
Note: 1 cm/s = 10-2 m/s; 1 TSF = 95.7605 kPa; 1 ft = 0.3048 m.
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3 CONCLUSIONS
CPT methods can be extended to relative permeability mapping using the porepressure sensor response. Comparison with HPT and DPIL shows a consistent and
accurate differentiation of low-K from high-K facies, which is one of the first steps in
developing quantitative hydrostratigraphy models for groundwater remediation sites.
A key advantage of the CPT tool is the capability to perform PPDTs at each rodbreak, which provides accurate estimates of permeability up to approximately 10-3
cm/s. Site-specific calibration using PSTs or DPP enables resolution of higher conductivity values, which extends the facies correlation techniques advocated.
DPIL and DPP techniques provide a window into a higher range of conductivity in
the coarser-grained facies, extending the resolution limit up to 10-2 and near 100 cm/s.
When used in combination for a site-specific calibration, it is possible to use the
DPIL curve response to map the facies and correlate the curves to all but the highest
absolute hydraulic conductivity values. While continued advancement in measurement techniques and instrumentation will undoubtedly extend the DPIL resolution in
the future, for now the best approach is to test the limits at our sites and determine
when PSTs are required to extend the range beyond 10-0 cm/s.
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Forensic evaluation of an embankment on soft ground
using CPT
W. M. Camp, III, & A. D. Goldberg,
S&ME, Inc., Mount Pleasant, SC, USA

D. L. Bellamy
South Carolina State Ports Authority, Charleston, SC, USA

ABSTRACT: Development of a new container terminal in North Charleston, South
Carolina required the construction of a roadway embankment. In consideration of
very low soil strength, the embankment design included prefabricated vertical drains
and within critical areas, two layers of high strength geotextiles as basal reinforcement. The majority of the embankment performed adequately during construction but
lateral movements and instabilities occurred within one main segment. A forensic
exploration program, that included field vane testing and additional CPT soundings,
was performed to develop a remediation plan. Additionally, a closely spaced array of
CPT soundings was used to identify geotextile layers and the pre-existing crust.
Since the geotextile layers and crust served as “markers”, an approximation of the
failure surface was developed that greatly improved the back-analysis and subsequent
remediation plan.
1 INTRODUCTION
A new container terminal, known as the Charleston Naval Base Container Terminal
or CNBCT, is currently under construction in North Charleston, South Carolina,
USA. As shown in Figure 1A, the site consisted of salt marsh and tidal creeks as recently as 1939. Over the next 20 to 30 years, much of the site was filled for land reclamation and a significant portion of it was used as a dredge spoil disposal area. The
original marsh deposits and the more recently placed dredge spoil consist of predominantly fine-grained, very soft, high plasticity, soils. The low strengths and high
compressibility of the soils were considered in the design of the new roadway embankment but approximately 0.2 km of the 1.5 km long embankment experienced
large lateral movement during construction. The area of movement or embankment
failure is indicated in Figure 1 by the dotted blue line.
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Figure 1. Aerial photos of the project site from 1939 (A) and 2009 (B). The red line in (A) indicates
the area of the proposed container terminal and the dotted green line indicates the area of movement
that is the focus of this paper. The embankment runs along the western edge of the property (North is
down), turns to the east, and then parallels Shipyard Creek.

2 DESIGN-PHASE SITE CHARACTERIZATION
The entire 100 hectare CNBCT site was explored and characterized using cone penetration testing (CPT), Marchetti dilatometer testing (DMT), standard penetration testing (SPT), and laboratory testing on disturbed and “undisturbed” tube samples. In
general, stratigraphy was delineated using CPT and then selected strata were targeted
for additional in situ testing and sampling. A previous exploration of a similar site located across the river included field vane testing (FVT) and DMT. The DMT data
were used to estimate undrained shear strength using the following correlation:
su = 0.22σ 'vo (0.5 K D )

1.25

(Marchetti 1997)

(1)

The undrained strength estimates using the Marchetti 1997 correlation were in excellent agreement with the FVT. As a result of this experience and considering the difference in speed and efficiency, FVT was not performed at the CNBCT site and DMT
was the primary in situ method used to estimate undrained shear strengths.
As noted previously, the site contains various uncontrolled fills that were used to
reclaim marsh, tidal flats, and creeks. Additionally, a significant portion of the site
was used as a dredge disposal basin, which received pumped spoil material. As a result, the subsurface conditions would be expected to be quite variable. During the design phase, the designers faced two basic choices: 1) attempt to delineate all of the
variations in the subsurface and to then design accordingly for the different conditions across the site or 2) generalize the subsurface conditions and to then design for
some base case profile. The first approach would have significantly increased the
costs and time of the site characterization program but more importantly, it would
have substantially complicated the construction plans for the initial site stabilization
(i.e., multiple construction stages and surcharge heights for multiple areas). A more
detailed delineation of conditions across the site was therefore not warranted and approach 2 was adopted.
For approach 2, the base case profile could be selected as a worse case profile, thereby significantly reducing the chances of a failure during site stabilization or a failure to meet performance objectives. However, use of worse case conditions across
the large site would have greatly increased construction costs. Therefore, “average”
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conditions were used to develop base case profiles for representative portions of the
site. The exploration locations were arranged in a grid pattern with a spacing of
about 90 m to 120 m between soundings/borings. The data from a typical CPT
sounding is presented in Figure 2. For design-phase analyses in the area of the new
roadway embankment, we assumed the shear strength at the top of the soft clay stratum was equal to 11 kPa (230 psf) and increased linearly with depth at a rate of 1 kPa
per m of depth (7 psf per ft of depth). This strength profile was generally confirmed
in the field during the construction and monitoring of two design-phase test embankments (Goldberg et al., 2007).

Figure 2. Typical CPT data from the general area of the embankment.

3 ROADWAY EMBANKMENT CONSTRUCTION
The roadway embankment design consisted of the placement of a clean sand drainage
blanket (0.5 m thick), the installation of prefabricated vertical drains (PVDs) in a triangular grid with a spacing of 1.5 m, the placement of two high-strength geotextiles
(separated by 0.5 m of fill), and the placement of approximately 4.5 m of granular
fill. A temporary mechanically-stabilized-earth wall, with a height of 1.4 m, was required along the western edge of the embankment to allow for the required surcharge
height.
Approximately 1.5 m of settlement was anticipated following a surcharge period of 9
months, and the remaining 1 to 2 m of surcharge or temporary fill was to be stripped
prior to paving. Vibrating wire piezometers (VWP), magnetic extensometers (ME),
groundwater observation wells (GOW) and settlement plates (SP) were installed
along the embankment alignment to monitor the surcharge. Fill was generally placed
at a rate of about 1.5 m per week and most of the embankment construction proceeded without problems. However, between stations 59+00 and 64+50, large lateral
(>3m) and vertical movements (>1m up and down) occurred shortly after the fill
reached a height of about 3.7 m. Large differential movements were apparent across
the crest of the embankment but a scarp was not visible. This may have been due to
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Elevation, ft

continued fill placement and grading as the failure was occurring. A large bulge was
apparent beyond the western toe of the embankment. The last surveyed cross section
prior to the movement and the post-failure survey are shown in Figure 3A and a picture showing the lateral displacement of the MSE wall is shown in Figure 3B. An instrumentation cluster was located near the center of the failed segment at station 62.
The data are presented in Figure 4.

Distance, ft

Figure 3. A) Surveys made approximately 1 week before failure (blue line) and 1 week after failure
(red line) and B) photo illustrating the lateral displacement of the MSE wall.

Figure 4. Pore pressure, expressed as piezometric elevation, and settlement data recorded near the midpoint of the embankment failure. The majority
of the movement occurred on October 7.

4 FORENSIC EXPLORATION
Following the failure, the height of the embankment was approximately equal to the
final design subgrade elevation (i.e., post-surcharge). Since substantial settlement
was still anticipated, the performance of the roadway within the area of the failure
would not meet the design objectives (i.e., pavement and utilities would be compromised by post-construction settlement) and a do-nothing approach was therefore not
appealing. Consequently, a forensic evaluation was performed to provide a better
understanding of the cause of the movement and to develop alternatives that would
allow construction to continue while meeting the original design objectives.
The forensic exploration consisted of 23 CPT soundings and 5 soil borings with
field vane testing (FVT) using an Acker Drill manually-operated geared drive-head
vane system. A companion CPT sounding was performed at each vane shear test
hole. The FVT results, which were corrected for soil plasticity in accordance with
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Chandler 1988, were used to “calibrate” the CPT undrained shear strength correlations. Three CPT to Su correlations were considered:
Su = (qt – σvo)/NkT - where 15 ≤ NkT ≤ 20 (Lunne et al, 1997)

(2)

Su = (u2 – uo)/Nu - where 7 ≤ Nu ≤ 9 (Mayne & Holtz, 1988)

(3)

0.2

Su = 0.091(σvo΄) (qt – σvo)

0.8

(Duncan & Wright, 2006)

(4)

where qt is corrected tip stress; σvo and σvo΄ are total and effective vertical stress, respectively; u2 is the dynamic porewater pressure measured at the shoulder position; uo
is the hydrostatic pressure, and NkT and Nu are empircal factors. Using the FVT results as the reference undrained shear strength, NkT and Nu factors were backcalculated that would yield reasonably good correlations with the expectation that the
“best-fit” factor would be used at the CPT locations without FVT results. However,
the agreement between the CPT strength correlations and the FVT results was inconsistent. One method and empirical factor would underpredict at one location and
overpredict at another location. Some of these data are presented in Cargill and
Camp (in press – this volume). Ultimately, the approach by Mayne & Holtz (1988)
with Nu equal to 9 was selected as the most representative correlation. It should be
noted that the exploration was performed using a 10 cm2 cone penetrometer with a tip
load cell capacity of 100 kN and a manufacturer’s reported accuracy of 0.2%. The
recorded tip stresses may have been near the lower-bound limit of the penetrometer
while the u2 pore pressures were within the normal range of operation.
A summary plot of the estimated shear strength at 13 CPT locations is presented in
Figure 5. A plot of the “base case” design profile is also included in Figure 5 for
comparison. In general, the estimated strengths are considerably less than the design
profile. In some cases, the estimated strengths from the supplemental soundings were
only half of the strengths assumed in the design profile. The supplemental soundings
were concentrated around the perimeter of the failure site and more than tripled the
amount of subsurface data as compared to what was obtained during the original subsurface exploration.

Figure 5. Summary plot of estimated undrained shear strength using Mayne & Holtz 1988 with Nu =
9. Assumed strength profile used for design is shown for comparison.
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The supplemental exploration data clearly indicated that the strength within the
area of the movement was anomalously low as compared to the assumed design profile. These new estimated strength profiles were obviously useful in evaluating the
embankment failure but additional information was still needed. More specifically, it
was not clear if the embankment had experienced a conventional rotational/bearing
capacity failure or if a lateral squeeze failure had occurred (Bonaparte & Christopher,
1987). Consolidation induced strength gain would gradually improve the bearing capacity thereby making it possible to eventually increase the fill height. However,
since lateral squeeze failures are generally controlled by the conditions adjacent to the
embankment and outside of its footprint (i.e., a zone that will generally not experience consolidation induced strengthening), such a failure would mean that fill could
not be added without additional measures (e.g., structural retention, ground reinforcement along the embankment perimeter, etc.) regardless of the available waiting
period. Additionally, the back-analyses were very sensitive to the assumed condition
of the two geosynthetic layers. The location of much of the vertical movement coincided roughly with the back edge of the upper geosynthetic (i.e., the failure surface
could have passed behind it rather than through it) but a rotational failure surface
would have had to pass through the lower geosynthetic layer.
To address these remaining uncertainties, an array of 15 CPT soundings was performed perpendicular to the embankment alignment within the area of greatest observed movement. The first sounding was located on the eastern slope of the embankment and each successive sounding was performed approximately 1 m to the
west of the previous sounding. A schematic depiction of the embankment crosssection, the CPT sounding locations and the interpreted subsurface conditions is
shown in Figure 6.

Figure 6. Cross-section of embankment with 15 supplemental CPT sounding locations spaced at 1 m
intervals. The interpreted position of geosynthetic layers and pre-construction base course is also
shown as well as the tip stresses from each sounding.

The CPT tip stress data were reviewed in an effort to identify the geosynthetic layers. The presence of the fabric was generally apparent as a slight increase followed
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by an immediate decrease in the tip stress, all occurring over a very short distance.
Additionally, the CPT operator reported hearing/sensing a slight “pop” when the apparent geosynthetic “signature” occurred. The fabric was generally identifiable but it
was not possible to conclusively determine if it had ruptured. The signature at the
likely location of rupture (C-9) was not as obvious but it may still have been present.
Additionally, a fabric signature was not observed in two locations where rupture was
unlikely (i.e., upper fabric was apparent). However, an unanticipated component of
the supplemental data was very beneficial.
The portion of the embankment that failed was located over a previously paved
parking area, where the pavement was stripped but the relatively thin base course of
sand and coarse aggregate was not removed prior the embankment construction. This
“crust” material was readily apparent in all but one of the CPT soundings. The base
course was missing in sounding C-9, which was located just beyond the end of the
upper geosynthetic layer and where the failure surface would have likely passed
through the crust. Back analysis indicated that if a rotational failure (as opposed to
the end of a lateral squeeze failure) were to have occurred, the slip surface should
have passed beyond the upper geosynthetic layer and through the base course near the
location of CPT C-9. It was therefore concluded that a shear displacement had occurred at the location of C-9 thereby indicating that a bearing capacity/rotational displacement was the primary mode of failure.
5 REMEDIATION PLAN AND EPILOGUE
After concluding that the large horizontal and vertical movements were primarily due
to bearing capacity/rotational failures, conventional limit-equilibrium stability analyses were used with the additional shear strength estimates from the forensic exploration to back-compute the strength profile at the time of the failure. In general, the
back-computed strengths were in agreement with the strengths from the FVT and
CPT correlations. Consolidation analyses and the results from CIU triaxial testing
and the design-phase test embankments were used to estimate the consolidationinduced strength gain with time. Based on these findings, the embankment construction was modified to include two idle periods followed by two fill stages and then a
final idle period before stripping to the design subgrade elevation. The modifications
resulted in a total idle or surcharge period that was slightly longer than the originally
anticipated period and a slightly lower final surcharge height. The large movements
had damaged many of the instrumentation clusters and the revised plans included replacement instruments, additional monitoring (e.g., position surveys of the temporary
MSE wall), and more frequent monitoring during fill placement.
The first stage of filling following the post-failure idle period proceeded without
incident. Movements were not excessive and pore pressures and settlements generally responded as expected following the fill placement. Following the 2nd idle period, fill was placed to the final revised surcharge height and again, movements and
instrumentation data were reasonable. However, 3 days after final filling, a small
scarp (approximately 200 mm tall) appeared within the segment of embankment that
experienced the previous failure. As compared to the previous movements, the scarp
was located closer to the center-line of the embankment or west of what was previ-
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ously determined to be the likely slip surface. The scarp height or differential between the eastern crest and the embankment mass to the west, gradually increased
and reached a maximum value of about 1 m approximately 3 weeks after the completion of filling. It was speculated that the very slow gradual progression of this second
failure is due to creep of the geosynthetic or progressive rupture of the fabric. It
should be noted that the location of the scarp indicates that the slip surface likely
passes through both layers of geosynthetic.

REFERENCES
Bonaparte, R. and Christopher, B.R. (1987). “Design and Construction of Reinforced Embankments
over Weak Foundations.” Transportation Research Record 1153, Transportation Research Board,
Washington, D.C., pp. 26-39.
Duncan, J.M., and Wright, S.G. (2006). Course Notes from Short Course “Shear Strength & Slope
Stability”, S&ME, Inc. Seminar, Charlotte, NC, Jun. 15.
Cargill, P.E., and Camp, W.M. (2010). “Strength Evaluation of Soft Marine Deposits in Atlantic
Coastal Plain Using Various In-Situ Testing Methods,” CPT ’10 - 2nd International Symposium on
Cone Penetration Testing, Huntington Beach, CA.
Chandler, R.J. (1988). “The in-situ measurement of the undrained shear strength of clays using the
field vane.” Vane Shear Strength Testing in Soils: Field and Laboratory Studies, ASTM STP 1014,
(ed.) A.F. Richards, ASTM, Philadelphia, 13-44.
Goldberg, A.D., Canivan, G.J, and Smith, D.N (2007). “Stabilization of Dredge Spoil Basin and Filled
Marsh for Container Terminal Development at the Former Charleston Naval Base,” Proceedings of
Ports 2007 – 30 Years of Sharing Ideas, ASCE, Reston, VA.
Lunne, T., Robertson, P.K., & Powell, J.J.M. 1997. Cone Penetration Testing In Geotechnical Practice.
London: Blackie Academic & Professional
Marchetti S. (1997). "The Flat Dilatometer: Design Applications". Proceedings of Third Geotechnical
Engineering Conference, Cairo University. Keynote lecture, 26 pp, Jan. 1997.
Mayne, P.W. and Holtz, R.D. (1988). “Profiling Stress History From Piezocone Soundings,” Soils and
Foundations, Vol. 28, No. 1, pp. 16-28.

274

Identification of consolidation conditions of copper ore
post-flotation sediments in tailings
W. Tschuschke

University of Life Science, Poznań, Poland

ABSTRACT: The design and structure of large mine wastes dumps, especially in situations when the waste material is deposited by upstream method and is re-used to
build up dams surrounding the dump, result in the different course of deposit consolidation in different parts of the tailings dump. The time and consolidation ratio of deposits have a direct effect on strength and deformation characteristics of tailings, and
need to be taken into consideration in the stability analysis. The trend analysis of penetration characteristics from cone penetration tests (CPTU), routinely conducted in
this type of tailings dumps, are used in the assessment of deposit consolidation conditions.
1 INTRODUCTION
The structure of tailings dams build using the upstream method results in a situation
where new sections of the dam are founded directly on beaches formed from
previously deposited tailings. During the outflow process tailings undergo natural
sedimentation segregation, as a result deposits with coarser grain size undergo
sedimentation on beaches near the discharge points, while tailings with the finest
grain size accumulate with the waste water in the pond. Depending on the grain size
distribution of tailings and outflow energy the sedimentation process leads to the
formation of laminations in the mass of deposited tailings. The amount and thickness
of fine-tailings laminations, having a decisive effect on the stability and bearing
capacity of the tailings mass, increase with the distance from the discharge points.
The presence of these laminations is crucial for deposit drainage and consolidation
conditions. Penetration characteristics from CPTU effectively identify the above
mentioned laminations and facilitate assessment of grain size distribution of postflotation sediments.
2 THE OBJECT OF THE STUDY
The object of the study was the Żelazny Most post-flotation tailings dump, located in
western Poland, where tailings from 4 copper ore mines are deposited. The dump has
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been operating since 1977 and at present is one of the largest such hydraulic engineered objects in the world. The size of the tailings dump is defined by the following
parameters: the volume of dumped tailings over 350 million m3, dump area of 1,394
ha, dam length of 14.3 km and dam height locally exceeding 50 m. Ultimately the
dump is to be expanded to the final capacity of 1 billion m3 and dam height of approximately 100 m. Due to the size of this dump, the adopted method of expansion
design and several complex local factors, in 1992 a Team of International Experts
was appointed to coordinate geotechnical studies facilitating the safe and economical
operation of the Żelazny Most dump. Taking into consideration the number, diversity
and duration of geotechnical investigations and observations conducted at the
Żelazny Most dump this site may be viewed as the largest Polish geotechnical proof
ground.
3 TESTING METHODS
A basic type of tests, conducted continuously since 1987 to the present, is penetration
testing using different types of cones, piezocones and dilatometers. The crucial element in this configuration of investigations is the standard CPTU with pore pressure
dissipation tests at different depths of penetration. The CPTU’s are conducted routinely and continuously on beaches, the crown and shelves of the dam as well as the
dump forefield, while periodically, i.e. every several years of the dump operation, also within the pond. In the analysis of the assessment of deposit consolidation conditions two testing nodes were selected, located on the dump beach and within the
pond, where replication tests were conducted after a 10–year operation of the tailings
dump.
4 ANALYSIS OF RESULTS
The issue of the trend is closely connected with the penetration process of the subsoil.
An analysis of this problem has led, among other things, to the normalization and
standardization of penetration parameters and the utilization of the knowledge of the
trend to estimate several parameters, such as OCR and Su (Sanglerat et al. 1982, Senneset et al. 1989). Thus, when considering penetration results presented in the form of
curves of changes in recorded penetration parameters as function of depth, the value
measured by Yk(z) may be split into two components and written in the form of the
sum of the systematic component – the trend T k(z) and a measure of variation around
this value – noise ε k(z).
In homogenous, normally consolidated subsoil, such as e.g. sea clay, the theoretical
line of trend for cone resistance connected with a change in the state of stress may be
determined by dependence (Lunne et al. 1997), presented by the following equation:
qt = (3.75 ± 1.25) σ’vo

(1)

where qt = corrected cone resistance; σ’vo = effective overburden stress.
In post-flotation sediments, excluding factors connected with the applied testing
method, the effect of trend is related to a change in the state of stress in the deposit
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mass and the non-uniformity of grain size distribution. Both these factors occur simultaneously and practically may not be separated. This problem was analyzed using
results of replication tests conducted on the beach of the Żelazny Most dump (Fig. 1),
arranged in the square grit with a 1.5 m spacing (Fig. 2), assuming the linear trend
model (equation 2):
T k(z) = Y k(z) - ε k(z)

(2)

where k = the number of replication.

Figure 1. CPTU replication test profile

Figure 2. Location scheme of CPTU replication tests at the east dam beach of the Żelazny Most dump

277

The trend was determined using the method of linear regression (equation 3) for three
penetration characteristics recorded routinely with a frequency of every 2 cm penetration depth increment:
T k(z) = αk + ßk · Zi

(3)

where T k(z) = trend of penetration parameter, qc, fs, uc, respectively; αk, ßk = trend parameters; Zi = depth.

Figure 3. Regression functions for penetration characteristics at different locations

Characteristic values of trend parameters of penetration characteristics with depth
(Fig. 3), determined based on the replication test (Młynarek et al. 2004), indicate
(αśr>0, ßśr>5 σ’vo) that sediments deposited within the experimental plot were subjected to mechanical consolidation caused by filling and drainage works in the beach
fragment adjacent to the dam, which is to constitute an element of the future build up.
The overconsolidation ratio of deposits indicates a spatial and time variation in the
dump mass. In beach deposits the overconsolidation ratio increases as the distance
from the dam decreases and is reduced in the vicinity of the pond. This thesis is confirmed by the results of CPTU’s repeated after 10 years of the dump build up. If we
consider a point located on the beach with pre-determined coordinates, then - as a result of the adopted upstream technology of dump expansion - the elevation of dams
causes the dam axis to approach the analyzed point. This fact results in the intensifi-
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cation of construction works, changing deposit density and creates more advantageous filtration conditions, i.e. a change of conditions which promote to consolidation
of tailings. In the analyzed profile of deposits the beach build up moving from 147 m
above sea level in 1993 to 157 m above sea level in 2002 resulted in a change of the
distance of the testing node in relation the dam axis from 90 m to 40 m (Fig. 2).
Graphs of penetration characteristics from CPTU’s performed in 1993 and repeated
in 2002 are presented in Figure 4.

Figure 4. Parameters of cone resistance trend determined on the basis of replication test within the
dump beach

Changes in penetration parameters seen on the graphs and trend parameters determined on their basis for penetration characteristics differentiate the analyzed profiles
as follows: αqc(2002) > αqc(1993) > 0 and ßqc(2002) > ßqc(1993) > ßqc(NC). A change in parameter α results from a change in the state of stress and relative density, while an increase
in the value of parameter ß is the effect of mechanically consolidation connected with
density strengthening.
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A completely different consolidation model of deposits is observed within the pond
area (Fig. 5).

Figure 5. Parameters of cone resistance trend determined on the basis of replication test within the
pond

Distributions of cone resistance with depth indicate that in the pond deposits the consolidation process has not been completed (qc < 2,5 σ’vo). Trend parameters for the
distributions of cone resistance are connected with the following dependence αqc(2002)
= αqc(1993) < 0 and ßqc(2002) = ßqc(1993) < ßqc(NC). Parallel trend lines indicate only a
change in the state of stress in the deposit mass, caused solely by the increased volume of deposited tailings, a lack of cementation effects and structural changes in the
deposits.
The analysis of the second penetration characteristic, i.e. excess pore water pressure, confirms the thesis presented above, identifying the material deposited within
the pond as the medium in which the consolidation process has not been completed.
A study by Tanaka and Sakagami (1989) showed that normally consolidated sea
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clays, in which a series of CPTU’s were conducted, meets the condition expressed by
penetration parameters, which may be written in the form of equation (4):

u2 – u0 = 3/4 (qt - σvo)

(4)

where u2 = pore pressure measured behind cone; u0 = in situ pore pressure; σvo = total
overburden stress.
In case when equation (4) is transformed into an inequality which left side has a
higher value, this condition identifies underconsolidated clays. In the opposite case
clays are considered to be overconsolidated. A similar analysis was performed in relation to post-flotation sediments, found in different fragments of the Żelazny Most
dump (Tschuschke 2006). Results of the analysis are shown in Figure 6, at the same
time confirming the argumentation presented earlier that post-flotation sediments deposited within the dump beach may be treated as normally consolidated soils, whereas deposits undergoing sedimentation in the pond – as soils in which the consolidation process is still underway under the current overburden stress. Deposits embedded
in the dams and subjected to the compaction process have characteristics of slightly
overconsolidated soils.

Figure 6. Relationship between excess pore pressure and corrected cone resistance for tailings deposited in the pond of Żelazny Most dump.

5 CONCLUSIONS
Identification of consolidation conditions for mine tailings during their deposition in
wet dumps found in the state of permanent build up is a crucial element in the assessment of strength parameters of those deposits and as a result – also in the analysis
of stability of a given object. The CPTU is a reliable method which facilitates such an
identification. The analysis of trend parameters of penetration characteristics makes it
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possible to localize in the dump mass the tailings with characteristics of underconsolidated, normally consolidated and overconsolidated geomaterial and to forecast
changes in the overconsolidation ratio of deposits, occurring in time under the influence of the dump build up.
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Assessment of strength parameters of copper ore postflotation deposit based on CPTU
W. Tschuschke

University of Life Science, Poznań, Poland

ABSTRACT: The CPTU results in mine tailings, a material defined as non-textbook
soil, with properties different than those of natural soils, may be used in the identification of shear strength parameters. In the interpretation of penetration characteristics
of post-flotation sediments it is necessary to take into consideration several significant factors limiting tailings strength. These factors include drainage and consolidation conditions, the type of grain size distribution and the character of profile stratification. This study presents the effect of these factors on the assessment of shear
strength parameters of a post-flotation deposit and as a consequence, also the results
of analysis of stability of dams formed from deposited tailings.
1 INTRODUCTION
The construction of large tailings dumps by upstream method using fluming and deposition of the material results in a situation when, with an increase in the level of deposition, the built up dams are founded on layers of previously deposited tailings with an
adversely changing grain size distribution and deteriorating physico-mechanical properties. The selection of adequate shear strength parameters of deposited post-flotation
tailings, facilitating their strength characteristics, has to be preceded by an analysis of
testing conditions. This is made possible by the analysis of results of CPTU with pore
pressure measurements. Distributions of the friction ratio established on the basis of
penetration characteristics and water pressure distribution with depth as well as normalized excess pore pressure may constitute criteria for the selection of an adequate
type of a parameter describing shear strength of post-flotation tailings.
2 THE OBJECT AND METHODOLOGY OF THE STUDY
The Żelazny Most post-flotation tailings dumps has, for almost twenty years, served
the role of the central and only currently operating tailings dump for the copper ore
mining industry in Poland. In the area of almost 1,400 ha, surrounded with dams with
the length of 14,3 km and height in places exceeding 50 m, over 350 million m3 tailings have been deposited with the forecasted expansion to the capacity of 1 billion m3.
Continuous outflow of tailings requires constant building up of dams surrounding the
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dump, which are constructed by upstream method using post-flotation sediments with
the coarsest grain size, deposited in the dump. When designing dam superstructure the
observation method is applied. This requires an on-going performance of specialist
analyses, observations and geotechnical monitoring. In the case of the Żelazny Most
dump a key role in these investigations is played by the cone penetration test (CPTU).
For the last 20 years over 3,000 CPTU’s have been performed on the dump and in its
vicinity, occasionally at considerable depths, up to 70 m (Tschuschke et al. 2001). For
the purpose of interpretation of CPTU results in post-flotation sediments a tailing classification system was developed (Młynarek et al. 1998, Tschuschke et al. 1995) together with an interpretation procedure facilitating the assessment of physical, shear
strength, deformation and filtration parameters of tailings deposited under different
storage conditions (Tschuschke 2006).
3 IDENTIFICATION OF SHEAR STRENGTH OF POST-FLOTATION TAILINGS
BASED ON CPTU RESULTS
Tailings deposited from the crown of dams on the tailings beach are subjected to the
process of natural sedimentation segregation, as a result of which the grain size distribution of deposited post-flotation tailings changes as a function of distance from the
discharge site. Deposits with the coarsest grain size corresponding to fine sands undergo sedimentation first in the outer part of the beach, while the finest slimes with the
grain size of silty clay accumulate in the pond. The global, spatial variation in deposit
grain size distribution is disturbed by numerous local laminations of varied thickness.
Results of CPTU’s are used in order to determine the stratigraphy of deposit mass layers in the profile and identify grain size distribution of tailings building these layers.
For this purpose a tailing classification system was developed (Młynarek et al. 1998,
Tschuschke et al. 1995), combining two classification charts, of which the first, basic
one on the basis of recorded penetration characteristics qc and fs facilitates the determination of the type of tailing grain size, while the other, auxiliary system based on
the corrected and normalized penetration parameters qt and Bq is used for the detailed
classification of cohesive slimes. Classification in terms of grain size distribution is
supplemented with the classification of deposits in terms of drainage conditions. In
this case the classification criterion is normalized excess pore pressure, a parameter estimated on the basis of the results of pore pressure dissipation test, according to equation 1:

U

ut  u0
u2  u0

(1)

where u2 = pore pressure measured behind cone (t = 0 sec.); u0 = in situ pore pressure;
ut = pore pressure at time (t = 600 sec.).
Characteristic values of parameter U, defining drainage conditions, were determined
for post-flotation tailings:
- U <0.2 fully drained conditions
- U > 0.6 undrained conditions
- 0.2 < U < 0.6 partial drainage conditions.
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Usually the classification of deposits concerning grain size distribution is consistent
with their classification in terms of drainage conditions. This fact considerably simplifies the identification of testing conditions, if for their assessment we introduce a parameter connected with grain size distribution, i.e. friction ratio Rf, thus eliminating
the need to perform pore pressure dissipation tests in each isolated deposit layer.
In the construction of a dependence between shear strength of post-flotation sediments
and penetration parameters from CPTU’s, empirical relationships were used, which introduce coefficients determined applying statistical methods from a large number of in
situ tests, conducted under controlled conditions of variation in grain size of the deposits and their physical characteristics. Due to the diverse tailings deposition conditions
in the assessment of shear strength two parameters are applied, i.e. undrained shear
strength – Su and effective friction angle –  ’.
In non-cohesive sediments, which are identified in the dump mass by the following
boundary conditions of penetration characteristics: Rf < 1.3% and U < 0.3 (full drainage conditions), to assess shear strength the effective friction angle was used, estimated on the basis of the modified Mayne (2001) formula (equation 2):

   d  9.8 log(q c1 )

q c1

 q  p
  c   a
 p a    ' vo





(2)

0 ,5

(3)

where  d = dry density of tailings; qc1 = normalized cone tip resistance; pa = reference
stress equal to one atmosphere (100 kPa); σ’vo = effective overburden stress.
In the modification of the original Mayne formula (2001) values of regression coefficients were changed, one being replaced by dry density of tailings, which through effective overburden stress is functionally connected with cone resistance. Variables
found in equations 2 and 3, connected with the state of stress and sediment density,
may be determined empirically (Tschuschke 2006) on the basis of statistical relationships, developed for large sized samples (n > 2000). In the construction of empirical
relationships the penetration characteristics were used, which differentiate tailings in
terms of grain size distribution (the friction ratio) and density (cone resistance in relation to penetration depth). In order to increase the statistical significance of these relationships the estimation of physical parameters of sediments was diversified in relation
to filtration conditions, which result directly from deposit grain size composition and
may be identified in CPTU by the friction ratio. Taking into consideration the above
limitations the following relationships were obtained:
- for sediments of sandy behavior (Rf < 1.3%)



qc 


 Rf  Z 

 d  16,504  1,574 ln 

(4)

- for slimes with the predominant silty fraction (Rf ≥ 1.3%)

 d  14,743  2,415 ln (qt )

(5)
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- for cohesive and non-cohesive tailings lying in the saturated zone below the phreatic
surface

wn  28,47  (1,95  R f ) ln (q c )

(6)

where γd = dry unit weight; wn = water content; Z = depth; qt = corrected cone resistance.
The above dependencies, facilitating the assessment of physical properties of tailings
directly on the basis of penetration characteristics, are not dimensionally uniform, but
they are characterized by high statistical significance, which measure are correlation
coefficients R2 = 0.89 for equation 4, R2 = 0.86 for equation 5 and R2 = 0.83 for equation 6.
In cohesive tailings, identified by boundary conditions Rf > 1.3% and U > 0.3, undrained shear strength may be a reliable strength parameter. The value of this parameter on the basis of cone resistance may be estimated from equation 7:
Su 

q t1   v 0
N kt

(7)

where qt1 = corrected cone resistance; σvo = total overburden stress.
Cone factor Nkt, found in the denominator of equation 7, is functionally related with
the plasticity index of tailings, which value in a homogenous material may be identified by the penetration parameter related with grain size distribution, i.e. friction ratio
Rf. This fact was used to construct an empirical dependence (Tschuschke 2006), in
which cone factor is expressed in the function of the friction ratio (equation 8).
Nkt = 17.0 – 12.5 exp (-0.5 Rf)

(8)

Another important element, affecting the assessment of undrained shear strength of
deposits characterized by laminations, is the spatial arrangement of layers in the profile related to cone geometry (Lunne et al.1997, Tschuschke 2006). The most disadvantageous type of testing was the one in which the thickness of isolated sublayer falls
within the range between the diameter of the cone and height of the friction sleeve, i.e.
between 4 cm and 20 cm. In case of sublayers with a smaller thickness cone recording
of penetration parameters does not digitize these layers, giving a global, averaged
bearing capacity of deposits. Sublayer with a bigger thickness are as a rule easily identified, as the recording of penetration parameters in such a sublayer is no longer burdened with the effect of measurements from adjacent layers usually exhibiting a different bearing capacity.
In case of an identified sublayer of soft cohesive slimes, found in the complex of
sandy sediments, the problem pertains to the reduction of recorded cone resistance
values caused by a change in rigidity of the medium in the plastic zone around the
cone. For the purpose of interpretation a correction coefficient kr was introduced, reducing the recorded cone resistance depending on the thickness of the identified sub-
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layer of cohesive tailings (equation 9) while maintaining the following boundary conditions: 4 cm < h < 20 cm and 0 ≤ kr ≤1, then:
kr = 1 – exp (-0.19h)

(9)

qt1 = kr · qt min

(10)

where h = thickness of sublayer; qt min = minimum value of corrected cone resistance
in analyzed sublayer.
In most engineering problems, solved on the basis of CPTU penetration characteristics, the value of static pore water pressure is equated with hydrostatic pressure determined from the theoretical distribution. An analysis of the distribution of dynamic
pore water pressure values recorded in CPTU in different fragments of the Żelazny
Most dump shows that, similarly as in case of the diverse consolidation and drainage
conditions of deposits, distributions of water pressure in individual zones of the dump
are also varied. Analysis of the extensive experimental material showed that results of
traditional piezometric observations do not diverge considerably from those obtained
from pore water pressure dissipation tests - they are convergent and in spite of the different measurement methodology results of piezometric observations based on the
analysis of the pore water pressure dissipation curve from CPTU may be predicted
with high probability (Fig. 1).

Figure 1. Comparison of results of excess pore pressure dissipation tests from CPTU and piezometer
measurements.
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The knowledge on water pressure at any point of the deposit profile makes it possible
to determine the actual distribution of pressure as function of depth, which shape is
usually different from the hydrostatic distribution. Examples of different water pressure distributions in the Żelazny Most dump embankment, dependent on many local
factors, such as the location of the profile within the dump, deposit grain size distribution, including the intensity and thickness of cohesive sublayers and filtration properties of the subsoil are presented in Figure 2.

Figure 2. Observed models of water pressure distribution in tailings of Żelazny Most dump

Knowledge on the actual distribution of water pressure in the profile is of great practical importance, since it significantly affects the strength assessment of deposits and
changes conditions of dam stability analysis. This opinion is especially justified when
effective overburden stress is included in the assessment of the shear strength parameter (Vidic et al. 1995). Examples of such parameters are normalized cone tip resistance
used to estimate the effective friction angle (equations 2 and 3) as well as undrained
shear strength expressed in the form of ratio Su / σ’vo.
Figure 3 shows a significant difference in the trend of changes in ratio Su / σ’vo, when
the assessment of this ratio includes the actual distribution of water pressure in the
profile (Su / σ’vo (u)) or the hydrostatic distribution is adopted a priori (Su / σ’vo(z)). This
figure also presents changes, occurring with depth, in the effective friction angle in
tailings, which in terms of grain size distribution were classified as non-cohesive post–
flotation sediments.
4 CONCLUSION
The study presents an interpretation procedure for CPTU data, facilitating an assessment of strength of a specific geomaterial, such as post-flotation sediments deposited
on a wet dump. Within this procedure adequate shear strength parameters were determined and boundary conditions for their selection were identified. In the assessment of
shear strength of post-flotation deposits several significant factors were shown and
taken into consideration, such as drainage conditions, grain size distribution, the effect
of laminations and water pressure distribution in the profile. Correlation relationships
between CTPU penetration parameters and shear strength parameters, proposed in the
procedure, were determined using statistical methods for a large sized sample.
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Figure 3. An example of CPTU testing results along with an interpretation of shear strength parameters of deposits
including hydrostatic distribution of water pressure and adopting water pressure distribution determined from pore
pressure dissipation tests.
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Using CPT to refine subsurface characterization for
a subway project
H. Yang, A. Tang, M. Fong, and T. Lee
Parsons Brinckerhoff, San Francisco, USA

ABSTRACT: The San Francisco Bay Area Rapid Transit (BART) Warm Springs
Extension (WSX) includes a segment of project referred to as the Fremont Central
Park Subway Project, which involves an approximately 2.3-km-long alignment of
cut-and-cover structure. Following the preliminary subsurface geotechnical investigation mainly using auger borings, three phases of CPT investigations comprising 50
CPTs with depths ranging from 9.8 to 29.6 m (32 to 97 feet) were performed between
2002 and 2007. Downhole seismic shear wave velocity measurements were also performed in 4 CPTs and dissipation tests were conducted in 8 CPTs. This paper describes how the CPT investigations have significantly refined the subsurface characterization, supplemented the boring data, been used to evaluate the extent of the
potentially liquefiable soils, and for geotechnical design and construction considerations. Selected CPT results are also presented and discussed.
1 INTRODUCTION
The BART WSX will extend BART service south along an 8.7-km-long corridor
from the Fremont Station to just north of Mission Boulevard in the city of Fremont,
California. This extension will include a proposed Irvington Station and a Warm
Springs Station. The segment of BART WSX project referred to as the Fremont Central Park Subway project involves an approximately 2.3-km-long alignment which
cuts through South Tule Pond and Fremont Central Park (Figure 1). The project begins just south of Walnut Avenue, crosses through South Tule Pond and under the
Fremont Central Park, and ends north of Paseo Padre Parkway. The alignment will
consist of fill embankments over South Tule Pond and a subway box with transition
structures at the north and south subway portals.
Following the preliminary subsurface geotechnical investigations mainly using auger borings until 2002, three phases of CPT investigations with a total of 50 CPTs
were performed between 2002 and 2007. The CPTs have significantly supplemented
the boring data and refined the subsurface characterization as described in this paper.
In addition, the CPT data was used for evaluation of the lateral extents of potentially
liquefiable soil layers. Selected CPT results are also presented and discussed.
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Figure 1. Project location and alignment

2. LOCAL GEOLOGICAL CONDITIONS
The WSX alignment is located on the San Francisco Bay plain, which is composed
primarily of alluvial deposits ranging 150 to 300 m in thickness. The subway alignment is underlain by Holocene age alluvial fan and basin deposits. In general, four
soil units have been indentified for the subsurface along the subway alignment; i.e.,
Fill (mainly consisting of silty clay), Young Alluvium (consisting primarily of clays,
with medium dense silty sand and sandy silts), Basin Deposits (consisting of soft to
firm clays, organic clay and loose to medium dense silts) and Older Alluvium (consisting primarily of dense sand and gravels). The Basin Deposits only exist near Lake
Elizabeth. The depth to water table along the subway route has ranged from 4.6 to 10
m (15 to 33 feet) in recent years.
3. FIELD EXPLORATION PROGRAMS
Several boring exploration programs and three phases of CPT investigations were
conducted along the subway project alignment, as summarized in Table 1. The boring
investigations were conducted between 1989 and 2002 and included a total of 28 rotary-wash, hollow or solid stem auger borings. This information was used to establish
preliminary subsurface conditions for the project.

Item
Boring
CPT

Phase 1*
Phase 2**
Phase 3***

Table 1. Summary of Boring and CPT investigations
No. of
No. of CPTs with
No. of Seismic
Year
Pore Pressure
Holes
Performed
Tests
Dissipation Tests
28
24
11
15

4
-

6
2

1989 - 2002
2002
April 2007
July 2007

Approx.
Depth (ft)
From
To
16
102
32
97
47
56
49
53

* CPT-1 to CPT-18 and CPT-W1 to CPT-W6.
** CPT-19 to -27, -29 and -30 (CPT-28 was not advanced
due to existing utility conflict).
*** CPT-31 to -32 and -34 to -46 (CPT-33 was not attempted due to
time constraint). Note: 1 m = 3.28 feet.
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A total of 24 CPTs were conducted for the project in 2002. Continuous readings
of cone tip resistance, sleeve friction, and pore pressure were digitally recorded.
Downhole seismic shear wave velocity measurements were performed in 4 CPTs
(CPT-15 through CPT-18). The seismic CPT system includes the basic thrust system,
a seismic cone assembly, a seismic wave source, and a digital recording seismograph.
Seismic data were acquired to as great a depth as practical or until refusal was
reached. The seismic CPT depths ranged between 10.4 and 22.6 m (34 and 74 feet).
In April 2007, a phase 2 CPT investigation comprising 11 CPTs were completed.
All locations except CPT-22 were hand-augered to a depth of 1.5 m to ensure clearance of shallow underground utilities before penetration of the CPT probe. The CPT
soundings provided depths to the contact between the Young and Older Alluvium
along the proposed alignment.
In July 2007, a phase 3 CPT investigation comprising 15 additional CPTs were
conducted to further define the Young/Older Alluvium interface in the vacant unlandscaped area immediately north of Lake Elizabeth. The penetration depths of these
CPTs extended a few feet into the Older Alluvium.
Dissipation tests were conducted in 8 of 26 CPTs of phases 2 and 3 investigations
at depths between 6.1 and 16.2 m (20 and 53 feet), as summarized in Table 2. The duration of dissipation tests ranged from five minutes in sandy material to two hours in
fine-grained material. Results of the dissipation tests are discussed in Section 5.

CPT No.
CPT-20
CPT-22
CPT-23
CPT-26
CPT-29
CPT-30
CPT-40
CPT-45

Table 2. Summary of CPT dissipation tests
Total
Estimated
Test
Depth
Soil Type
GWT
Depth
Depth (ft)
(ft)
(ft)
40.0
23.1
Silty Sand
50.2
45.0
--Sand
50.2
40.0
21.0
Sand
48.6
47.0
21.8
Sandy Silt
47.0
21.5
Silt
53.2
50.0
21.5
Sand
22.0
2.5
Silty Clay
56.1
37.0
8.0
Clayey Silt
20.0
5.0
Silt
55.8
55.8
24.2
Silty Sand
49.2
49.2
20.4
Sand
53.2
53.2
20.9
Sand

Test
Duration
(minute)
10
15
10
40
22
9
120
120
30
4
5
5

Note: 1 m = 3.28 feet.

4. REFINEMENT OF SUBSURFACE PROFILE BASED ON CPT RESULTS
Based on the results of the boring explorations and the Phase 1 CPT investigation, a
preliminary subsurface profile was developed for the project alignment. The area near
the north of Lake Elizabeth has the most complex subsurface conditions, as presented
in Figure 2, which comprises a layer of basin deposits within the Young Alluvium.
The profile also indicates that the contact between the Young and Older Alluvium
generally drops towards the Lake.
The results of Phase 2 CPT data were reviewed with respect to the preliminary
geologic profile. Plotting of Phase 2 CPT data on the geologic profile reduced the
spacing between CPTs/borings and resulted in some significant changes to the contact between Young and Older Alluvium, particularly in the area between well WSX-
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B8-M and Lake Elizabeth. Thus, additional CPT (i.e. the Phase 3 CPT) were performed in July 2007 between WSX-B8-M and Lake Elizabeth to ensure that the geologic contact between Young and Older Alluvium was well defined in this transition
area where the contact depth is increasing towards the lake. Figure 3 shows the geologic profile after incorporating the Phase 2 and Phase 3 CPT results, which have refined the geologic contact between the Young and Older Alluvium north of the lake.

Figure 2. Inferred geologic profile near north of the lake based on borings and Phase 1 CPT investigation. (Note: vertical axis is elevation in feet and horizontal axis is station number in feet)

Figure 3. Inferred geologic profile near north of the lake updated with Phases 2 and 3 CPT investigations. (Note: vertical axis is elevation in feet and horizontal axis is station number in feet)
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Figure 4. Inferred geologic profile for the subway alignment. (Note: vertical axis is elevation in feet and horizontal axis is station number in feet)

The final geologic profile for the entire
subway alignment is depicted in Figure 4, which
incorporates the portion of the profile shown in
Figure 3. As indicated in Figure 4, the contact
between Young and Older Alluvium are relatively shallow from the beginning of the subway
alignment to the ventilation structure, and becomes relatively deep from the ventilation structure to the end of the subway alignment. The
Basin Deposits were only encountered from
near the ventilation structure to end of the subway alignment. The Basin Deposits, with a
maximum thickness of about 9.1 m (30 feet),
are sandwiched by the Young Alluvium at north
side of the lake, but are only underlain by the
Young Alluvium at south side of the lake.
5. SELECTED CPT RESULTS AND DISCUSSIONS
The CPT results have mainly been used for the
interpretation of the subsurface conditions and
development of the geologic profile. Details of
some of the CPT results are presented and discussed in this section.
5.1 Selected CPT results
Results of representative CPTs (CPT-16, -17
and -30) are presented in Figure 5. CPT-16 is
located about 91.5 m (300 feet) north of the
ventilation structure; CPT-17 is located near
Lake Elizabeth; and CPT-30 is located at the
south portal (Figure 4). Results of CPT-16
clearly indicate the distinction between the
Young Alluvium and the Older Alluvium at the
depth of about 6.7 m (22 feet). The tip resistance (qt) ranges from 0 to 80 tons per square
foot (tsf) and from 100 to larger than 400 tsf in
the Young Alluvium and the Older Alluvium,
respectively. The skin resistance (fs) ranges
from 0 to 4.5 tsf and from 0.6 to 4.0 tsf in the
Young Alluvium and the Older Alluvium, respectively. Results of CPT-17 suggest the
thickness of the Fill is about 1 m as indicated by
the qt and fs values that are significantly higher
than the immediately underlying soil. The distinction between the Young Alluvium and the
Older Alluvium is also evident, as can be seen
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from the dramatic increase in qt and fs at the depth of about 14.0 m (46 feet). CPT-30
also clearly distinguishes the Young Alluvium from the Older Alluvium at the depth
of about 15.2 m (50 feet). However, both CPT-17 and CPT-30 could not definitely
determine the contacts between the Young Alluvium and the Basin Deposits; the contacts were based more on the nearby borings.

0

qt (tsf)
100 200

300

400

0

1

fs (tsf)
2
3

4

Shear wave velocity, Vs (ft/s)
0
400
800
1200

5

0

0

10

10

10

20

20

20

30

30

30

40

40

40

50

50

50

60

60

60

0

CPT-15
CPT-16
CPT-17
CPT-18

Depth (ft)

Depth (ft)

CPT-16
CPT-17
CPT-30

Figure 5. Logs of selected CPT soundings

Figure 6. Vs profiles

5.2 Seismic shear wave velocity
The profiles of the shear wave velocity (Vs) performed in 4 CPTs are presented in
Figure 6. These profiles are consistent with the corresponding CPT profiles (Figure 5)
and the interpreted geologic profile (Figures 3 and 4). The Vs profiles clearly indicate
the depth of the contact between the Young and Older Alluvium. The depths of the
contact and the ranges of Vs as interpreted for the Vs profiles are summarized in Table 3. However, similar to the qt and fs profiles of CPTs, the Vs profiles for the Basin
Deposits and Young Alluvium as encountered in CPT-17 and CPT-18 are not distinctive.
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Table 3. Summary of interpretation of shear wave velocity results
Approx. Depth to
Vs in Young
Vs in Older
CPT No.
Alluvium/ Basin
Top of Older
Alluvium (ft)
Alluvium
Deposit (ft)
CPT-15
44
320 - 780
550 - 1,320
CPT-16
22
360 - 790
680 - 1,600
CPT-17
44
440 - 760
>760
CPT-18
44
320 - 720
>720

5.3 Selected CPT dissipation test results
CPT dissipation tests provided estimated depths to groundwater as reported in Table
2. In general, the tests indicated depths to groundwater ranging from about 6.4 to 7.3
m (21 to 24 feet). However, the testing at CPT-29 and CPT-30 indicate possible
perched groundwater. A total of four dissipation tests were performed at CPT-29 and
CPT-30, as reported in Table 2. Three of the tests were performed in Young Alluvium at depths ranging from about 6.1 to 11.3 m (20 to 37 feet), and the fourth test
was performed in Older Alluvium at the depth of 17.0 m (55.8 feet). The tests in the
Young Alluvium indicated groundwater depths as shallow as about 0.8 to 2.4 m (2.5
to 8 feet), whereas the test performed in the Older Alluvium indicated groundwater at
the depth of 7.4 m (24.2 feet). The shallow groundwater levels measured in the
Young Alluvium may have been influenced by rain that had occurred prior to the testing, as well as being influenced by the surface water elevation in Lake Elizabeth.
Pore pressure versus time for selected dissipation tests are presented in Figure 7.
It can be seen that it takes much longer time for the pore pressure to dissipate (or to
reach equilibrium) in fine-grained soil (as the two tests at CPT-29) than in coarsegrained soil (such as the two tests at CPT-26), as expected. The time to achieve 50
percent dissipation was correlated with soil permeability using the recommendations
by Robertson et al. (1992). However, the dissipation tests can provide a rough estimate of permeability in fine-grained material, but are not considered reliable for permeability estimates in coarse-grained material. Therefore, permeability values for
tests run in coarse-grained sediments of the Older Alluvium were not estimated. The
correlation indicates that the permeability of the Young Alluvium at locations CPT29 and CPT-30 is between about 10-9 and 10-6 cm/s.
6. FURTHER APPLICATIONS OF THE CPT RESULTS
Liquefaction analyses based on the CPT data were performed using the method as
recommended in the 1996 NCEER and 1998 NCEER/NSF Workshops (Youd et al.
2001). A design ground motion resulting from a magnitude 7.1 earthquake with a
peak ground acceleration of 0.75g was assumed. The results of liquefaction evaluations indicate potentially liquefiable layers were encountered in the northern half of
the subway alignment. However, these potentially liquefiable layers are deep below
ground surface and are confined and localized in nature. They are expected not to impact the below-grade structures. The southern half of the subway alignment generally
has a low to very low liquefaction potential.
Due to the presence of an aquifer used by the local municipal water agency for
storage and recharge, it was BART’s intent to minimize the impact on the aquifer by
not dewatering during construction of the subway box. Water-tight walls with a bottom jet-grout plug were specified to limit the amount of groundwater entering the excavation. Two types of walls were selected, cement deep soil mix (CDSM) and con-
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ventional sheet piling. Conventional sheet piles were selected where the soils are
generally cohesive while CDSM was selected in areas where the soils are gravelly.
Information collected from the Phase 2 and 3 CPT investigations allowed the interface between the CDSM and sheet piling to be shifted north to Station 2264+00. In
addition, the CPT data provides valuable information to the jet grouting subcontractor
on the location of the Young Alluvium (cohesive) to Older Alluvium (non-cohesive
soils) interface.
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Figure 7. Pore pressures versus times for selected dissipation tests. (Note: result of CPT-26 at 47.08 ft
is plotted in both Figures 7(a) and 7(b) for comparison. 1 psi = 6.89 kPa.)

7. SUMMARY AND CONCLUSIONS
Three phases of CPTs were performed on the subway project alignment and the results considerably refined the subsurface characterization. The CPT data was also
used for liquefaction potential evaluations and geotechnical designs and construction
consideration.
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Evaluation of liquefaction resistance of non-plastic silt
from mini-cone calibration chamber tests
C.D.P. Baxter, M.S. Ravi Sharma, N.V. Seher, & M. Jander
University of Rhode Island, Narragansett, USA

ABSTRACT: Much of Providence, Rhode Island is underlain by thick layers of nonplastic silt and it is important to know if the existing field-based liquefaction potential
evaluations (Youd et al. 2001) are accurate. The objective of this research was to critically evaluate the applicability of CPT-based liquefaction approaches to the Providence silts. This was accomplished through a laboratory testing program involving
mini-cone calibration chamber and cyclic triaxial tests. A 1 cm2 piezo-cone was inserted into the center of 45 cm diameter samples of silt prepared by a modified moist
tamping method. All the samples were isotropically consolidated to 100 kPa prior to
cone testing. Ten tests on saturated and unsaturated specimens of Providence silt were
conducted to determine a relationship between relative density and tip resistance.
These results were combined with a cyclic resistance - relative density relationship
obtained from a previous study, and a new relationship between cyclic resistance ratio
and tip resistance for Providence silt was developed. The new relationship was compared to field based approaches proposed by Robertson & Wride (1998) and Moss et
al. (2006). There was reasonable agreement between the approaches which supports
the use of the existing field-based CPT methods for assessing the liquefaction potential of non-plastic silts.
1 INTRODUCTION
Field based approaches are typically used to relate the cyclic resistance of soils with
in situ tests such as the standard penetration test (SPT) and the cone penetration test
(CPT). In these methods, penetration test data from sites where earthquakes have occurred are plotted against the estimated cyclic stress caused by the earthquake, and a
line is drawn separating data where liquefaction did or did not occur (see Youd et al.
2001). In all the field based approaches, corrections are applied to account for soils
with varying amounts of fines, typically up to 35%.
Many of the coastal areas surrounding Providence, Rhode Island are underlain by
thick deposits of loose, non-plastic silts with fines contents greater than 95%. As
such, there is considerable uncertainty in the literature about the applicability of the
field based approaches when dealing with pure silts. Recently, there have been several studies performed at the University of Rhode Island (URI) to address this issue, including an evaluation of disturbance during sampling (Page 2004), sample prepara-
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tion methods for laboratory testing (Bradshaw and Baxter 2007), the development of
a soil-specific relationship between shear wave velocity and cyclic resistance (Baxter
et al. 2008), and a detailed site response and liquefaction analysis for a site in downtown Providence (Bradshaw et al. 2007a; Bradshaw et al. 2007b).
The primary implications of the URI work are that existing SPT and CPT based
approaches, as outlined in Youd et al. (2001), provide reasonable predictions of cyclic resistance of non-plastic silt when the recommended fines content corrections are
applied. The SPT methods in general yield the most conservative results. In addition,
it was found that the relationship between shear wave velocity and cyclic resistance is
soil specific, and field based approaches using shear wave velocity should not be
used.
The objective of this study was to continue to evaluate the applicability of CPT
based approaches for evaluating the cyclic resistance of Providence silts. This was
accomplished through a laboratory testing program involving mini-cone calibration
chamber and cyclic triaxial tests. A mini-cone calibration chamber was built for this
study and used to determine a relationship between relative density and tip resistance
for the silt (Seher 2008). Results of cyclic triaxial tests performed by Bradshaw
(2006) were used to establish a relationship between cyclic resistance and relative
density. Combining these two relationships, a laboratory based liquefaction curve for
the CPT was generated specifically for the Providence silts.
2 MINI-CONE CALIBRATION CHAMBER TESTING PROGRAM
A mini-cone calibration chamber was designed and built to test 45 cm diameter samples of non-plastic silt using a 1 cm² piezocone. The mini-cone was built by FUGRO
Engineers B.V., Netherlands, and consisted of two, 5 kN load cells connected in series to measure the tip and sleeve resistance and a 10 MPa pore pressure transducer
mounted on the shoulder of the cone tip (i.e. the u2 position). The chamber was modeled after a triaxial cell in that samples were encased in a rubber membrane and consolidated isotropically (i.e. BC1 boundary conditions). Back pressure saturation was
used for some of the tests. Photographs of an exposed sample, a sample encased in a
rubber membrane, and the sealed calibration chamber are shown in Figure 1. Details
of the design and construction of the chamber and calibration of the instruments can
be found in Franzen (2006), Jasinski (2008), and Seher (2008).
The mini-cone was mounted in the baseplate of the chamber and pushed upwards
into the sample using a hydraulic piston. The penetration rate was controlled with a
needle valve and measured using a linear displacement transducer manufactured by
Celesco™. The penetration rate for all the tests ranged from 1.81 to 2.5 cm/s, with an
average rate of 2.05 cm/s.
2.1 Properties of Soil Tested and Sample Preparation Methodology
The Providence silts were deposited as proglacial lake sediments during the last glacial retreat (Murray 1988). The silts are angular in shape and were deposited as a sequence of seasonal varves, with alternating finer-grained layers in winter and coarsergrained layers in summer.
The silts tested in this study were obtained from three sites located in the Providence area (Bradshaw 2006) and were blended together to obtain the necessary
amount of soil for calibration chamber testing. A summary of their geotechnical
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properties is given in Table 1. The Atterberg Limits of the silts could not be determined, and thus the silts are considered to be “non-plastic”. The silts are classified as
ML according to the Unified Soil Classification System (USCS).

(a)
(b)
(c)
Figure 2. a.) 45 cm diameter, 56 cm high sample of non-plastic silt after sample preparation, b.) the
sample encased in a rubber membrane, and c.) the sealed chamber prior to application of cell and back
pressure (a standard triaxial cell is shown for scale).
Table 1. Properties of the silts used in this study (Seher 2008).
Specific
% < 0.074
% < 0.005
Soil
D50 (mm)
Gravity
mm
mm
Providence
Silt

2.75

98

17

0.013

Maximum
Void Ratioa

Minimum
Void Ratiob

1.15

0.59

a. Maximum void ratio determined by placing a slurry and allowing it to settle in a graduated cylinder.
b. Minimum void ratio determined from a modified compaction test (ASTM D 1557).

Samples were prepared using a moist tamping method (Ladd 1978). In this approach,
samples are compacted in layers, and either the compactive effort or layer density is
adjusted for each layer to achieve uniform samples. Bradshaw and Baxter (2007)
showed that the molding water content used during tamping has a significant influence on the cyclic resistance of silts. The strengths of samples tamped at an initial saturation (S) of about 55% matched the strengths of both normally consolidated samples prepared from a slurry, as well as overconsolidated specimens trimmed from a
block sample of Providence silt. At lower molding water contents, however, the cyclic resistance was significantly higher due to differences in fabric. Therefore, all the
samples tested in this study (both the mini-cone tests and the cyclic triaxial tests)
were prepared to an initial degree of saturation of 55%.
3 RESULTS OF MINI-CONE CALIBRATION CHAMBER TESTS
The results of the 10 mini-cone calibration chamber tests are summarized in Table 2.
Relative densities of the samples ranged from 30% to 85%, and all the samples were
consolidated isotropically to an effective stress of 100 kPa. Six samples were saturated using a back pressure of 300 kPa, and four samples were tested at the molding
water content (i.e. unsaturated). Based on measured mini cone pore pressures for the
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saturated tests and good agreement between measured penetration resistances of the
saturated and unsaturated samples, it is believed that the penetration tests occurred
under drained conditions. Also shown in Table 2 are the average tip resistance (qc),
sleeve friction (fs), and friction ratio (Rf) for each test. These values were obtained by
averaging the cone data from 10 to 45 cm within the samples.
Figure 3 shows detailed results from the test performed on a sample prepared to a
relative density of 61%. The plots of tip and sleeve resistance show some variation
corresponding to the layers formed during compaction of the samples, but are otherwise fairly uniform. The pore pressure response during penetration was approximately 300 kPa, which was the back pressure used in this test. The relative density of the
sample was calculated from the overall volume and mass of the sample as well as
from the measured density of each layer during compaction. Small constant volume
“plug” samples were taken at several depths following cone testing to verify the density measurements.
Table 2. Summary of mini-cone penetration test results.
Relative
qc
Rf
Density
fs
(MPa)
(MPa)
(%)
(%)
30
2.16
0.022
1.02
30
1.45
0.015
1.03
50
4.83
0.047
0.98
58
4.97
0.048
0.96
60
5.72
0.067
1.17
61
2.25
0.021
0.92
65
6.08
0.047
0.78
77
8.09
0.081
1.00
84
18.45
0.144
0.78
85
15.56
0.136
0.87

Cell
Pressure
(MPa)
0.1
0.4
0.1
0.4
0.1
0.4
0.4
0.4
0.1
0.4

Back
Pressure
(MPa)
0
0.3
0
0.3
0
0.3
0.3
0.3
0
0.3

Effective
Stress
(MPa)
0.1
0.1
0.1
0.1
0.1
0.1
0.1
0.1
0.1
0.1

4 SOIL SPECIFIC CRR-qc RELATIONSHIP
Figure 4 shows the relative density-tip resistance relationship derived from the 10
mini-cone calibration chamber tests. Since the effective stress for all tests was 0.1
MPa (i.e. 1 atm), qc = qc1. Error bars are included on each data point to illustrate the
variation in measured tip resistance and relative density observed in each test.
Figure 5 shows the relationship between cyclic resistance and relative density for
the Providence silts (Bradshaw, pers. comm.). Bradshaw (2006) performed cyclic
triaxial tests on the Providence silt from three different sites in Rhode Island, and the
silts from two of these sites were blended together for the calibration chamber tests.
Samples were prepared using moist tamping at an initial saturation of 55% (Bradshaw
& Baxter 2007) and were isotropically consolidated to an effective stress of 100 kPa.
The relative densities of the samples tested ranged from 42 to 83%. The cyclic resistance ratio (CRR), defined as the shear stress required for liquefaction divided by the
effective confining stress, was determined using 5% double amplitude strain as the
failure criterion, and the CRR corresponding to 15 cycles to failure was considered to
be equivalent to the CRR for a magnitude 7.5 earthquake. The results were corrected
for field stress conditions assuming Ko=0.45 (Baxter et al. 2008).
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Figure 3. Mini-cone calibration test results for a sample of Providence silt prepared to a relative density of 61%.

Figure 4. Relative density-tip resistance relationship from the mini-cone calibration chamber tests.
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Figure 5. Relationship between cyclic resistance ratio and relative density from cyclic triaxial tests for
the Providence silts used in this study.

Using relative density as the link between the calibration chamber and cyclic triaxial test results, the cyclic resistance corresponding to the measured tip resistances
in Table 2 were calculated using the equation shown in Figure 5. These results are
shown in Figure 6.
5 COMPARISON WITH EXISTING FIELD BASED APPROACHES
The Providence silt-specific relationship developed from the mini-cone calibration
chamber and cyclic triaxial tests was compared to two existing field based liquefaction approaches from the literature. The approach developed by Robertson and Wride
(1998) is widely used and is considered to be the state-of-the practice (Youd et al.
2001). Moss et al. (2006) proposed a probabilistic approach for assessing liquefaction
resistance from cone data.
Both methods require normalizing qc to an in situ vertical effective stress of 1 atm
(i.e. qc1) in order to estimate the CRR. This creates an issue because the calibration
chamber tests were consolidated isotropically, which is generally not representative
of in situ conditions. Because qc is known to be primarily a function of horizontal effective stress (and relative density), it was assumed that the calibration chamber test
results performed at an isotropic stress of 100 kPa were equivalent to in situ tests at a
vertical effective stress of 222 kPa and a horizontal effective stress of 100 kPa (i.e.
Ko= 0.45). Thus, the qc values in Table 2 were normalized using 222 kPa, and the resulting estimated CRR values from each method are shown in Figure 6.
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There is reasonable agreement between the existing field based approaches and the
results of the laboratory based study. This is encouraging for sites where the fines
content is significantly greater than 35%, and the implications of this study are that
the existing CPT-based approaches developed by Robertson and Wride (1998) and
Moss et al. (2006) provide reasonable predictions of the cyclic resistance of nonplastic silt when the recommended fines content corrections are applied.

Figure 6. Comparison of liquefaction resistance curves for Providence silt from mini-cone calibration
chamber and cyclic triaxial tests (this study) and published field based methods.

6 CONCLUSIONS
The objective of this paper was to critically evaluate the applicability of CPT-based
liquefaction resistance approaches to non-plastic silts commonly found in Rhode Island. Ten mini-cone calibration chamber tests on saturated and unsaturated specimens
of Providence silt were conducted to determine a relationship between relative density and tip resistance. These results were combined with a cyclic resistance - relative
density relationship obtained from a previous study, and a new relationship between
cyclic resistance ratio and tip resistance for Providence silt was developed. The new
relationship was compared to field based approaches proposed by Robertson and
Wride (1998) and Moss et al. (2006). There was reasonable agreement between the
approaches which supports the use of the existing field-based CPT methods for assessing the liquefaction potential of non-plastic silts.
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Derivation of CFA pile capacity in a silty clay soil using
CPTu
K.V. Pardoski

P. Machibroda Engineering Ltd., Saskatoon, Saskatchewan, Canada

ABSTRACT: Conventional axial pile load testing was undertaken on two full-scale
CFA piles installed in silty clay soils in Prince Albert, Saskatchewan, Canada. Prior
to installation of the test piles, piezocone penetration tests (CPTu) were undertaken at
the proposed centre location of each pile. Pile capacity estimates utilizing two direct
CPT methods and two indirect methods (with CPT derived soil parameters) are presented. An examination of the results revealed that the indirect method of Coleman
and Arcement (2002) provided the closest agreement between the measured (QM) and
predicted (QP) pile capacity for both test piles, with a value of QP/QM of 1.09 and
0.96, respectively. The LCPC (1982) and Eslami-Fellenius (1997) direct methods
also performed well for one of the test piles with a predicted capacity within approximately 4% of measured. With the exception of the LCPC prediction for TP2,
the agreement between QP and QM was very good as seven of the eight predictions
were within approximately 13 percent of the measured pile capacity.

1 INTRODUCTION
Unstable soil conditions were identified in the geotechnical investigation undertaken
for a site in Prince Albert, Saskatchewan, Canada that warranted the use of an alternative piling system to conventional drilled piles. Continuous Flight Auger Piles (CFA)
were considered to be a practical alternative and were chosen as the foundation system. To the author’s knowledge, this was the first project in the Prince Albert area to
use CFA piles. Due to the lack of knowledge on the behaviour of CFA piles in this
area, pile load testing was undertaken to optimize the design of the piles.
Piezocone penetration tests (CPTu) were conducted on August 18, 2008 at the location of each proposed test pile. The CFA piles were installed on August 26, 2008
and load tested 9 and 10 days after installation, respectively.
CPTu testing and CFA piles are relatively new technology to this region of Canada. This project provided a good opportunity to compare how well empirical pile
prediction methods pertain to Saskatchewan soils. CPTu derived pile capacity estimates as well as the results of the pile load testing are presented.
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2 SITE CHARACTERIZATION
2.1 Soil Stratigraphy
The soil conditions encountered at the site within the depth of interest of the test piles
(i.e. 16 metres below existing grade) consisted of a glacio-lacustrine deposit of silty
clay. Sand/silt layers were encountered within the clay at varying depths. The clay
was medium to highly plastic and generally stiff in consistency. The water table was
situated at a depth of approximately 3 metres below existing grade. Glacial till was
encountered below the bearing elevation of the piles at approximately 22 metres below existing grade.
2.2 Piezocone Penetration Testing
To assist in the interpretation of the pile load test results, a piezocone penetration test
(CPTu) was conducted at the centre of each test pile prior to pile installation. A standard piezocone with a 60° tip, 10 cm2 base area and a 150 cm2 friction sleeve was
used on this project. The filter element for measurement of pore pressure was located
behind the cone in the u2 position. The test plots generated during the cone soundings, including the interpreted soil behaviour type (SBT) profile according to the soil
profiling method of Robertson (1990), have been presented on Figures 1 and 2. For
comparison, the soil conditions encountered in a Test Hole drilled adjacent to TP2 is
shown on Figure 2 along with the SBT of Eslami-Fellenius (1997).

Figure 1. CPTu results at TP1.

An examination of the figures revealed that measured tip readings (qt) in the clay
within the depth of interest ranged from approximately 700 to 3000 kPa with an average of about 1800 kPa. In general, higher tip readings were encountered at the location of TP2. Based on Eq. 7 presented in Section 3.2, the average CPTu derived
undrained shear strength of the clay soils within the depth of interest was approximately 85 kPa at TP1 and 120 kPa at TP2.
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The elevated tip and negative pore pressure readings measured at TP1 indicate the
presence of silt/sand layers at depths of 7 to 8 metres and 13 to 14.5 metres. A thin
sand/silt layer was interpreted at the location of TP2 between about 5 to 6 metres
from ground surface.
Contrast to the interpreted SBT, the soil conditions observed in test holes drilled at
the site were predominantly cohesive. The implications of this on the pile capacity
estimates are discussed further in Section 5.

Figure 2. CPTu results at TP2.

3 AXIAL PILE CAPACITY PREDICTIVE METHODS
3.1 Introduction
As with other pile types, the ultimate capacity of a single CFA pile (Rult) is equal to
the summation of load carried by the pile shaft (Rs) and pile toe (Rt) and is given by

R ult = R s + R t =
where

∫ C r dz
s s

+ At rt

(1)

Cs = circumferential area of the pile shaft
rs = unit shaft resistance over depth dz
At = pile toe area
rt = unit toe resistance

There are two general types of methods for estimating pile capacity, those that are
based on soil parameters and those that are based on in-situ tests. Soil parameter
methods (otherwise known as “indirect” when using CPT results) determine pile capacity using classical soil mechanics principals whereas in situ test methods correlate
pile capacity with SPT or CPT test results directly. A discussion of the “direct” and
“indirect” pile predictive methods used in this study is presented in the following subsections.
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3.2 Indirect Methods
The soil conditions encountered at the site consisted predominantly of silty clay. For
piles installed in cohesive soils, it is common practice to determine the ultimate pile
capacity utilizing a total stress approach which relates undrained shear strength to
shaft and toe capacity through the use of coefficients. Unit shaft and toe resistance
are commonly determined using the following relationships

r s = α su

(2)

rt = Ncsu

(3)

where su is undrained shear strength, α is an adhesion coefficient and Nc is a bearing capacity factor commonly set at 9.
Recently, Brown et al (2007) published a state-of-the-practice manual regarding
the design and construction of continuous flight auger piles. In their report, predictive methods were identified that appeared to generally provide reliable and accurate
estimates of static axial capacity of single CFA piles. Two total stress methods identified in their report were utilized in the analysis for this study. They were the methods presented by Coleman & Arcement (2002) and O’Neill & Reese (1999), otherwise known as the FHWA 1999 method.
Research on the results of load tests conducted on instrumented drilled piles has
shown that α is not constant and varies with the magnitude of undrained shear
strength. Coleman & Arcement suggest the following relation for determination of α.

α = 56.192su

−1.0162

for 0.35 ≤ α ≤ 2.5

(4)

Similarly, O’Neil & Reese also suggest α varies with magnitude of undrained
shear strength according to the following:

α = 0.55

for su ≤ 150 kPa

(5)

α = 0.55 − 0.001( su − 150)

for 150 kPa ≤ su ≤ 250 kPa

(6)

The magnitude of undrained shear strength was determined based on the results of
the CPTu testing and the following empirical equation

su = qt − σv
Nkt

(7)

where qt is corrected cone tip resistance, σv is total overburden stress and Nkt is an
empirical cone factor. Based on local experience, a value of Nkt = 17 was assigned to
the clay stratum at this site.
The β Method, according to Coleman & Arcement (2002), was utilized to estimate
the unit skin friction in the silt/sand layers interpreted between 7 to 8m and 13 to
14.5m at TP1 and from 5 to 6m at TP2. Otherwise the soils were treated as cohesive.

310

3.3 Direct Methods
Two direct CPT methods, that utilize the measured cone tip readings directly for deriving pile capacity, have also been included in the analysis. These are the methods
of Eslami and Fellenius (1997) and Bustamante and Gianeselli (1982), otherwise
known as the LCPC method.
Most CPT based equations for deriving pile capacity relate the cone resistance to
pile shaft and toe resistance using constants that vary with soil and pile type. The
general format of the CPT derived equations are as follows

rs = csqc

(8)

rt = ctqc

(9)

where cs and ct are constants, and, qc is measured cone tip resistance. The Eslami
and Fellenius method differs slightly from Equation 8 and 9 above in that the method
uses an “effective” cone stress (qE = qt – u2) in place of qc for determination of unit
shaft and toe resistance.
Full details of the appropriate shaft and toe constants to apply to both methods, in
addition to the averaging procedures to obtain a characteristic qc or qE beneath the
pile toe are discussed elsewhere by Lunne et al. (1997) and Fellenius (2009). It
should be noted, the maximum limits presented for the LCPC Method for unit shaft
resistance were not applied in this study.
4 PILE LOAD TESTING PROGRAM
CFA piles are installed by drilling a continuous flight, hollow stem auger (that is
plugged at the base) into the ground, followed by pressure injection of concrete
through the stem and simultaneous extraction of the hollow stem auger. For a detailed overview of the construction sequence and their benefits/limitations for use, the
reader is referenced to the publication prepared by Brown et al (2007).
Conventional non-instrumented pile testing, with the load applied at the pile head,
was undertaken during this project. The load testing program consisted of the testing
of two CFA piles. The piles were nominal 406 mm in diameter and extended to
depths of 10 metres and 15 metres below existing grade, respectively. The static load
testing procedure was undertaken in accordance with the Quick Testing Method as
described in the Canadian Foundation Engineering Manual (4th Edition, 2006).
The failure load of each pile was determined based on the interpretation method
presented by Hirany and Kulhawy (1989). The method was developed specifically
for the interpretation of load test results conducted on drilled foundations under axial
compressive, tensile and lateral loading (L1-L2 Method).
Axial pile compression and tension load movement curves generated during a load
test normally have three distinct regions: initial linear, transition and final linear. According to the L1-L2 Method, the interpreted failure load (QL2) is determined graphically and is defined qualitatively as the load beyond which a small increase in load
produces a significant increase in movement (i.e., transition point to final linear region). An example of the method is illustrated on Figure 3 for the load movement
curve generated for TP1.
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Figure 3. Load–movement curves for TP1 and TP2.

Examination of Figure 3 revealed that the shape of the load movement curve for
TP2 had only 2 distinct regions, initial linear and transition. A distinct final linear region is not obvious, which makes it difficult to define the failure load for this pile according to the L1-L2 Method. Although the determination of a failure load for TP2 is
not obvious, the shape of the load movement curve can assist in determining a safe
working load and thus an estimate of what the failure capacity may be.
As discussed by Hirany & Kulhawy (2002), the maximum design load should be
located within the initial linear region of the load-movement curve, preferably less
than or equal to the load at which the shape of the load-movement curve changes
from the initial linear region to the transition region (i.e. elastic limit load, QL1). This
ensures that the pile-soil behaviour will be essentially elastic and pile displacements
at working loads will be small. Application of a factor of safety (FS) of 2 or greater
to QL2, will, on average, give a safe working load equal to or less than QL1 (Hirany &
Kulhawy, 2002). In essence, doubling QL1 would provide an approximation of the
value of QL2. Based on this rational and the shape of the load-movement curve for
TP2, QL1 ≈ 450 kN, which results in QL2 ≈ 2(450) ≈ 900 kN.
Based on the work done at Cornell University on a database of load tests undertaken on CFA piles (Kulhawy, 2004), QL2 was found to occur at an average displacement of approximately 3.4% B (where B=pile diameter). For this study, QL2 occurred at a pile displacement of 3.6% B and 3.5% B for TP1 and TP2, respectively.
The good agreement between the load-movement behaviour of the piles in this study
with the general framework presented for the L1-L2 Method suggests that QL2 = 900
kN is a reasonable estimation of the failure load for TP2.
A summary of the interpreted failure capacity and resulting average shaft resistance for both test piles has been presented in Table 1.
Table 1. Load test interpreted pile capacities.
Pile number

Shaft Diameter
mm

Shaft length
m

Interpreted failure capacity

*

Average unit shaft resistance

kN
kPa
TP1
406
15
1010
49
TP2
406
10
900
57
*Based on deducting toe bearing contribution (i.e. 9su) from interpreted failure capacity.
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5 RESULTS, DISCUSSION AND CONCLUSIONS
The CPTu derived pile capacity estimates (QP) have been shown normalized in Figure 4 with respect to the measured pile capacity (QM). Although not determined during the load testing program, the contribution of the pile shaft and toe to the total capacity for each predictive method has been shown on the figure. A discussion of the
results is presented below.
1. The indirect method of Coleman & Arcement agreed very well with the results of
the load testing with a value of QP/QM of 1.09 and 0.96, respectively.
2. The LCPC and Eslami-Fellenius direct methods had excellent agreement with the
results from TP1 with a predicted capacity within approximately 4% of measured.
3. Better overall agreement was attained between the predicted and measured capacities for TP1 as all 4 methods were within approximately 10% of the interpreted pile capacity.
4. Both direct methods underpredicted capacity for TP2. However, the LCPC
method underpredicted pile capacity by a greater margin (i.e. 26% vs. 13%).
5. In the analysis, the LCPC prediction utilized the SBT soil profiling method of
Robertson (1990) whereas the Eslami-Fellenius Method used its own profiling
chart. Examination of Figure 2 shows the soil to be predominantly sandy silt, as
per Robertson (1990), whereas the Eslami-Fellenius profile is similar but shows
more clayey silt layers. The soil conditions in the test hole drilled adjacent to TP2
consisted of deposits of silty clay and clayey silt. The under prediction by both
methods is likely attributed to the disparity between the soil conditions recorded
at the test hole and the SBT determined by the CPT.
6. The coefficient utilized for determination of unit shaft resistance for sand/silt soils
is approximately 30 to 40 percent smaller as compared to the value used for
silt/clay soils for both direct CPT methods. If one assumes the SBT for both
methods for TP2 to be predominantly silt/clay, the predicted total capacities come
into close agreement with the measured pile capacity (i.e within 1% - EslamiFellenius and 8% - LCPC).
The findings of this study demonstrate that when used directly or indirectly with
the four predictive methods presented, the CPTu was well suited to predicting the capacity of CFA piles installed in a silty clay deposit at this study site. The lower
agreement between QP and QM for TP2 (when using the direct methods) demonstrates
the importance of the accuracy of the CPTu interpreted soil type as compared with
the actual soil conditions. Conventional drilling and sampling should be used in conjunction with the CPTu to assist in the interpretation of the CPTu results.
The CPTu results are also useful when interpreting the pile load-movement results.
The load-movement response for TP2 suggests that the soil is stiffer at this location
of the site. This is confirmed by the CPTu as the average tip stress (qt) along the pile
length at TP2 was approximately 41% stronger as compared to TP1.
The results of the pile load testing were successful in optimizing the design of the
CFA foundation piles at this site. Combined with utilizing a lower factor of safety (as
a result of conducting the pile load testing), the allowable skin friction utilized for design increased by about 70 percent as compared to the initial geotechnical recommendations.
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Figure 4. Predicted vs. measured pile capacity for TP1 and TP2.
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Direct CPT method for footing response in sands using a
database approach
P.W. Mayne and F. Illingworth
Georgia Institute of Technology, Atlanta, GA USA

ABSTRACT: A direct CPT method for evaluating footing response on clean sands is
developed based on a special database of 30 shallow foundation load tests situated on
12 different sands. Only large size footings have been considered, having widths from
0.5 m to 6 m. A characteristic stress vs. square root of normalized displacement curve
(s/B) is shown to be applicable for these cases. When the applied stress is normalized
by the cone tip resistance, all footings follow a unified trend in their behavior.
1 INTRODUCTION
The evaluation of shallow foundations in sands using cone penetrometer testing
(CPT) can be made using either indirect (rational) and direct methods. In the rational
approach, a two-step procedure is followed with the first task covering the interpretation of soil engineering parameters (e.g. t, ', K0, OCR, E', ') from the measured
CPTs and the second task involving the use of theory to assess bearing capacity and
displacements. Commonly, limit plasticity solutions are used to calculate bearing capacity and elastic continuum theory applied for displacement evaluations. Alternatively, direct methods provide a means for scaling the CPT results immediately to obtain the capacity or settlement estimates in a direct one-step procedure.
The drained bearing capacity of shallow foundations on sands via limit plasticity
theory is usually expressed:
qult = ½ B· * ·N

(1)

where B = foundation width, * = operational unit weight (i.e., total or effective unit
weight, depending on water table elevation), and N = bearing factor. One difficulty
that arises is the well-known dependency of Non foundation size. That is, the bearing factor Nhas been shown to decrease with B, as now verified by small- and largescale experiments (Kusakabe et al., 1992), centrifuge modeling (Kimura et al., 1985),
and numerical computer simulations (Mase & Hashiguchi, 2009).
The magnitude of foundation displacements or settlements (s) for shallow spread
footings can be calculated using elastic theory, commonly given by:
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s = q·B ·I·(1-2)/E'

(2)

where q = applied footing stress, I = elastic displacement influence factor (e.g., Poulos & Davis, 1974), E' = drained elastic soil modulus, and  = soil Poisson's ratio. A
difficulty lies in the highly nonlinear behavior of E' that starts at Emax in the nondestructive region and progressively decreases by over one order of magnitude as the
applied stress approaches the strength (Tatsuoka & Shibuya, 1991; Mayne 2005).
In terms of direct CPT methods for shallow foundations, solutions have been proposed based on analytical studies (e.g., Schmertmann, 1978; Eslaamizaad & Robertson, 1996; Eslami & Gholami, 2005), experimental chamber tests (e.g., Berardi &
Bovolenta, 2003), and finite element simulations (Lee & Salgado, 2005). Herein, a
new direct CPT is developed from the measured load-displacement behavior of 30
shallow footings on sand.
2 CHARACTERISTIC STRESS-NORMALISED DISPLACEMENT CURVES
The load-displacement behavior of footings has been shown to be unique for a given
sand, when the results are presented in terms of a characteristic stress vs. normalized
displacement curve (Fellenius, 1994; Briaud & Gibbens, 1999; Lutenegger & Adams,
2003; Briaud, 2007). This can be illustrated in Figure 1a with the results of applied
load (Q) vs. measured displacement (s) behavior from 3 footings of varied sizes that
were load tested on loose sand at Fittja, Sweden (data from Bergdahl, et al. 1985).
The individual responses of the footings becomes singular when plotted in normalization terms of stress (q = Q/B2) vs. pseudo-strain, s/B, where B = equivalent footing
width, as presented in Figure 1b.
As the observed curve can be represented as a power function (Decourt 1999), a
further post-processing can be adopted using the square root of s/B, as evidenced in
Figure 2. This results in a single parameter (rs) to represent the sand formation, where
rs = slope of applied stress vs. sqrt(s/B):
q  rs  (s / B)

(3)
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Figure 1. Measured footing response for 3 large footings at Fittja: (a) load-displacement curves;
(b) characteristic stress vs. normalized displacement behavior (data from Bergdahl, et al. 1985).
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Figure 2. Stress vs. square root of (s/B) response for footings on Fittja sand.

For the Fittja sand results presented in Figure 2, the site-specific value of rs = 2.03 is
observed which can be used to regenerate the load-displacement response for all three
footings using equation (3).
As no clear peak is observed during the load testing of foundations on sand, the definition of bearing capacity of sands must be specified. In this case, one well-known
criterion is to define the capacity as the stress required for the settlement to reach a
value equal to 10% of the footing width; i.e., qcap occurs at (s/B) = 0.1. In terms of
the square root plot, Fig. 2 shows that equation (3) can be used to calculate the bearing capacity for the specified sand under study. For Fittja, the bearing capacity can be
interpreted as qcap = 640 kPa for the loose glaciofluvial sands using the s/B = 10% criterion. Otherwise, Lee & Salgado (2005) suggest a bearing capacity defined at s/B =
20%, and thus equation (3) could be used here to obtain comparable results.
3 FOOTING DATABASE
A database of 30 footings on 12 different sands that were subjected to vertical loading
in the field was compiled for this study. The origins of these sands included marine
sediments, dunes, and compacted sand fills. The footings included 18 square, 7 rectangular, and 5 circular shallow foundations, with the equivalent footing width B varying from 0.5 to 6 m. Only large foundations were considered in order to avert
aforementioned difficulties associated with 1-g model tests. Table 1 provides a brief
summary listings of the sand sites, locations, type of sand, and reference sources. Table 2 provides the footing geometry and sizes (in terms of an equivalent square footing with side B), embedment depth (ze), groundwater depth (zw), and footing performance results (rs and qcap) from the measured load-displacement data.

317

For each site, a representative average cone tip resistance (qc(av)) has been assigned
to the sand. In actuality, a qc value for each footing was appointed, corresponding to
the mean over 1.5 B deep below the bearing elevation. From theoretical viewpoints,
limit plasticity specifies a value over 1B deep, while elastic theory considers the
range over 2B deep. However, for most all of the cases reported herein, the differences between arithmetic and geometric means over these depth intervals were small
and thus only a representative qc is given for each site.
Table 1. List of Sand Sites, Footing Geometry, and Reference Information
SITE

LOCATION

TYPE SAND

FOOTINGS

Alvin East

Texas

Alluvial sand

2 Circular: D = 2.2 m

Tand, et al. (1994)

Alvin West

Texas

Alluvial sand

2 Circular: D = 2.35 m

Tand, et al. (1994)

Durbin

REFERENCE SOURCE

South Africa

White fine sand

1 Square: B = 6.09 m

Fittja

Sweden

Glaciofluvial sand

3 Rect: B=0.6m, 1.7, 2.4 m

Grabo T1C

Sweden

Compacted fill (38)*

1 Square: B = 0.46 m

Phung Duc Long (1993)

Grabo T2C

Sweden

Compacted fill (67)*

1 Square: B = 0.63 m

Phung Duc Long (1993)

Grabo T3C

Sweden

Compacted fill (62)*

1 Square: B = 0.80 m

Phung Duc Long (1993)

Green Cove

Florida

Brown silty sand

1 Circular: D = 1.82 m

Anderson et al. (2006)

Kolbyttemon

Sweden

Glaciofluvial sand

4 Rect: B = 0.6, 1.2, 1.7, 2.4

Bergdahl, et al. (1984)

Labenne

France

Dune sand

5 Square: B = 0.7 and 1.0 m

Amar et al. (1998)

Australia

Siliceous dune sand

4 Square: B = 0.5 and 1.0 m

Lehane (2008)

Texas

Pleistocene sand

5 Square: 1, 1.5, 2.5, 3 m

Perth
Texas A&M

Kantley (1965)
Bergdahl, et al. (1985)

Briaud & Gibbens (1999)

*Note: sand relative density, DR (%), shown in parentheses.

Table 2. Additional information on sands, footing performance, and CPT resistances
SAND

Embedment

GWT

Grain Size

Slope rs

qcap (MPa)

CPT

Ratio hs =

SITE

ze (m)

zw (m)

D50 (mm)

(MPa)

at s/B=0.1

qc (MPa)

rs/qc

Alvin East

2.2

1.9

0.11 - 0.14

4.06

1.28

6.72

0.60

Alvin West

2.35

1.9

0.11 - 0.14

5.46

1.73

10.46

0.52

0

1.2

na

1.96

0.62

3.66

0.54

Durbin

0.4 to 1.1

1.5

0.2 - 0.4

2.03

0.64

3.2

0.63

Grabo T1C

0

>5

0.34

0.46

0.15

0.88

0.53

Grabo T2C

0

>5

0.34

1.85

0.58

3.86

0.48

Grabo T3C

0

>5

0.34

1.66

0.52

2.87

0.58

Green Cove

0.6

3

na

5.41

1.71

9.78

0.55

Kolbyttemon

0.4 to 1.1

8

0.3 - 0.4

5.51

1.74

10.72

0.51

Fittja

Labenne
Perth
Texas A&M

0

3

0.32

2.65

0.84

4.01

0.66

0.5 to 1.0

5.5

0.42

1.51

0.48

3.44

0.44

0.76

4.9

0.2

4.86

1.54

7.5

0.65

Notes: ze = footing embedment depth, zw = groundwater depth, D50 = mean grain size, slope rs = q vs. (s/B)0.5,
qcap = bearing capacity stress defined at settlement (s) equal to 10% footing width (B), qc = cone tip resistance.
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4 CPT NORMALIZATION FOR FOOTING RESPONSE
The characteristic qapplied vs. sqrt(s/B) curves for the full set of 12 sandy soil formations are presented in Figure 3. In each case, least squares regression analyses were
used to obtain a best-fit line (b = 0) and the corresponding slope of stress vs.
sqrt(s/B), designated rs, as listed in Table 2. The coefficient of determination in the
fitting of the regressions gave r2 > 0.94 and the average n = 24, where n = number of
data sets (Note: for the Florida site, however, n = 5). Single lines are used in Figure 3
to represent each of the derived slopes (rs) and the corresponding CPT qc is shown adjacent to each lines for each sand.
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Footing Stress, q applied (MPa)

qc = 10.72 MPa Kolbyttemon

Summary:
30 Footings
on 12 Sand Sites

1.6

qc = 10.46 Alvin West
qc = 9.78 Green Cove
qc = 7.52 Texas A&M

1.4
qc = 6.72 MPa Alvin

1.2

rs = qapplied/sqrt(s/B)

1.0

qc = 4.01 MPa Labenne

0.8

qc = 3.21 Fittja
qc = 3.66 Durbin
qc = 3.86 Grabo T2C

0.6

qc = 2.87 Grabo T3C

0.4

qc = 3.44 Perth

0.2

qc = 0.88 MPa Grabo T1C

0.0
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0.3

0.4

0.5

0.6

Sqrt Normalized Displacement, (s/B)0.5
Figure 3. Summary of stress-square root (s/B) responses for all footing responses at 12 sand sites.

It is evident that the site-specific slopes (rs) for each sand are proportional with their
corresponding representative qc values. Briaud (2007) has suggested the normalization of the stress axis with in-situ test measurements; in his preferential arguments,
using the limit pressure from pressuremeter tests. Herein, the same concept is utilized
with the footing stresses normalized by their respective qc values of the sands, as presented in Figure 4.
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Figure 4. Characteristic relationship for shallow foundation response on clean sands in terms of CPTnormalized stress (qapplied/qc) vs. square root (s/B)

The normalization provides a standalone approach to evaluating the loaddisplacement behavior of spread footings on sands, given by:
q applied
qc



3
5



s
B

(4)

This statistical expression, derived from full scale experimental footing test results,
compares favorably with the finite element results given by Lee & Salgado (2005).
For the adopted s/B = 10% criterion, the above equation (4) gives a simple
straightforward evaluation of bearing capacity for shallow foundations on sand as:
qcap = 0.18 qc

(5)

which agrees similarly with the value of 0.16 recommended by Eslaamizaad and Robertson (1996).
A validation on the approach can be further checked by comparing the measured
footing applied stresses vs. the calculated stresses given by equation (4). Figure 5
presents the statistical fitting and shows that a reliable evaluation is obtained, having
an associated coef. of determination r2 = 0.976 and standard estimate of the independent value of SEY = 0.083 MPa

320

Footing Response on Sands
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Figure 5. Comparison of applied vs. predicted stress using the direct CPT approach on sands.

5 CONCLUSIONS
The characteristic curves for applied foundation stress vs. pseudo-strain (s/B) for
footings on sands can be linearized using sqrt(s/B) plots. A database of 30 large shallow spread footings (0.5 ≤ B ≤ 6 m) resting on 12 different sands has been assembled
to develop a direct CPT method for evaluating footing response. Footing stresses are
normalized by the mean cone tip resistance of the sand (over a depth of 1.5B) to obtain a dimensionless expression that is useful for site-specific evaluations of clean
quartz to silica type sands.
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Comparing in-situ cone resistance and pile jacking force
M. Marchi, L. Balbarini & G. Gottardi
DISTART University of Bologna, ITALY

L. Zambianchi
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ABSTRACT: Pile jacking is a relatively recent piling technique, characterized by low
vibrations during execution, small size installation equipment and good axial bearing
capacity performance. These features make it a viable alternative to traditional dynamic pile driving, particularly for historical buildings and urban sites. The prediction
of the short-term resistance encountered during installation, generally different from
the medium-term bearing capacity, is important in any application of the technique.
For this purpose, a correlation between the short-term jacked pile installation force
and the CPT tip resistance will improve the prediction reliability. Data from a well
documented field study in Italy are reported, in which a number of jacked piles were
installed and their short-term base resistance recorded. The subsoil is composed of a
predominantly clayey and silty fraction with local sandy layers. Data analysis is provided and comparison with previous studies and CPT-based design methods discussed.
1 INTRODUCTION
1.1 Background
Cone penetration testing (CPT) has recently gained importance in pile design, due to
both the reduction of the cost of such investigations and the need for more precise and
accurate estimations of the bearing capacity of piles. The growing interest in constructing on-shore and, above all, off-shore pile installations has prompted several design
codes to adopt new and more refined CPT-based design methods. Even the most recent
version of API RP2A (2007) has accepted four modern techniques based on CPT
(UWA-05, NGI-05, ICP-05, Fugro-05), replacing the traditional approach based on plasticity theory. Among the existing types of piles a relatively new one, known as jacked or
pressed-in piles, is becoming more widely used. Jacked piles combine a high bearing capacity and stiffness, even higher than driven piles (Deeks et al., 2005; Yetginer et al.,
2006), with low levels of noise and vibration during installation (White et al., 2002),
which makes them particularly suitable for urban applications. However, the fact that
existing design methods are, at least partly, calibrated on data coming from dynamically
installed piles, requires designers to pay particular attention. The possibility of getting
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accurate records of the installation resistance, through instruments applied to the hydraulic jacks, gives the designers additional information for evaluating the pile behaviour.
Recent studies on driven closed-ended piles based on load-test data (White & Bolton,
2005) suggest that, taking into account the correct reduction factors, the ultimate unit
base capacity qb and the cone tip resistance qt assume very similar values – i.e. qb/qt =
0.9 - confirming the analogy between piles and penetrometer behaviour. Considering
jacked piles, which are driven into the soil by a pseudo-static force in the same way as
the penetrometer, the analogy is even more consistent and, therefore, similar values for
qb and qt are expected. However, studies carried out on base installation resistance qb of
jacked piles in sandy and silty soils (Jackson, 2007; Jackson et al., 2008) have shown
that the qb values can be significantly lower (approximately α = qb/qt = 0.35 for sands
and 0.45 for silts). These results are assumed to be related to the effect of different degree of partial drainage during penetration in such soils. In this paper a particular type of
jacked pile, known as Soles® pile, is investigated and installation data discussed. The
base resistance records qb have been analysed and compared with qt values. The prediction of the short-term resistance encountered during installation, generally different from
the medium-term bearing capacity, plays a major role in efficient project design.

Figure 1. Pile schematic sections: (a) detail of foundation with pile installation assemblies; (b) pile
driving operations.
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1.2 The jacked piling technique
The Soles® pile (Figure 1) is a specific type of jacked pile, installed by means of special
hydraulic jacks (Figure 2) and cast in-situ. This relatively new piling technique offers
many advantages over traditional dynamic pile driving. In particular, the low level of
noise and vibration produced during installation make the use of this pile particularly
suitable for applications in historical buildings and urban sites. In addition, the small size
installation equipment can be easily handled in restricted spaces. The schematic section
of Figure 1 shows the main pile components. The pile steel hollow tube (Figure 1b) is
driven into the ground via a static jacking force applied by hydraulic jacks (Figure 2).
The foundation raft serves as counterweight and creates a connection between piles and
superstructure by means of the driving assembly, previously positioned inside the
concrete foundation. The pile base is closed by two flanges, a base flange and a widening flange. During installation, the flanges create an annular space between pile and soil
which is filled with micro-concrete, maintained under pressure during installation. Consequently, the pile-soil contact surface is quite rugged and the shaft resistance improved.
At the end of the installation process, the inner part of the pile is filled with concrete.

Figure 2. Pile installation process.

2 A CASE STUDY
2.1 Installation and test methodology
Data herein presented and discussed come from a site in Forlì (Italy), where 43 piles
(lay-out in Figure 3) were installed in February 2008 at a penetration rate ν≈20 mm/s.
The diameter of the widening flange was D=450 mm. The pile installation was part of a
major intervention of raising a traditional farmhouse (see the view of the building in
Figure 4), in order to reach the current roadway and to create extra height for a basement
below the existing structure. The building was jacked vertically upwards, using an electronically controlled system to keep the whole structure in plane during lifting - a technique developed by the company to move buildings intact. The old structure was prepared for jacking by construction of a new mat in which driving assemblies were
positioned and piles installed. The unit base resistance qb of 12 piles was automatically
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recorded by calibrated pressure cells. Note that, due to the fluid lateral micro-concrete,
the shaft resistance during installation is negligible.
2.2 Foundation soil profile
A geotechnical site investigation was carried out, which mainly consisted of one continuous coring borehole and six piezocone tests (see Figure 3); in addition, a number of
dissipation tests in low permeability soils were performed and several undisturbed soil
samples extracted for the subsequent laboratory tests. A schematic section of the relevant subsoil, together with four testing logs, are shown in Figure 4.
The soil profile underlying the building consists of three distinct soil units:
• Unit A: alternating layers of silty clay and clayey silt;
• Unit B: silty sand;
• Unit C: sandy gravel.
The CPT results (Figure 4 and Figure 5) indicate that the strata in the area are laterally inhomogeneous - the sandy layer (unit B) thickness being locally variable. This
problem has major repercussions on data analysis, as discussed in the next section. The
pile bases rest on the lower gravelly bed (Unit C), approximately at 28 m depth.
3 RESULTS AND ANALYSIS
Figure 5 shows all CPT tip resistance data (Figure 5a) and the unit base resistance qb
(Figure 5b) recorded during installation of all the 12 instrumented piles. As observed,
since during jacking the external micro-concrete is still liquid, the shaft friction is negligible. Thus, the force applied by hydraulic jacks at the pile head is practically equal to
the base resistance Qb developed during installation. For conventional closed-ended piles
the unit base resistance qb is calculated dividing the total base resistance Qb by the sur-

Figure 3. Plan of the building with piles lay-out and location of geotechnical investigations.
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face area of the tip. The pile tip in this case is a structure made of two flanges separated
by a steel tubular section (Figure 1b), so the way of calculating qb deserves some attention: a specific study has been carried out to understand how the tip shape affects the
base resistance during installation and it turned out that double flange piles require a
jacking force approximately ten per cent higher than single flange piles, the difference,
almost constant for variable piles and depths, being possibly related to the development
of some lateral friction along the shaft between the two flanges, where liquid concrete is
missing. However, further investigation is needed for the full understanding of the phenomenon. Here, the unit base resistance qb was calculated by dividing the jacking force
Qb by the surface area of the widening flange, as a circular shape; this method should
provide acceptable results for the purpose of this study, although qb might be slightly
overestimated. Comparing Figures 5a and 5b, the correspondence between pile jacking
force and piezocone tip resistance is clearly visible, due both to the similar geometry and
to the application of a pseudo-static installation force. The qb curves are much smoother
than CPT logs, not only because the instruments used to record the jacking force of the
piles are less accurate than CPT equipment but, above all, because of the different scale

Figure 4. Schematic section (A-A in Figure 3) of the subsoil, from the in-situ testing logs and view of the
building.
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effect induced by the significant diameter size difference between cone and piles, when
penetrating soil layers of variable thickness; therefore, the presence of thin layers barely
affects the unit base resistance curves. Considering the qb curves in the depth ranges
where the soil is laterally homogeneous (Figure 5b), the piles show a rather consistent
and repeatable behaviour. For a reliable analysis to be developed, attention was focused
on the three following layers: a first silty clay layer, from 4 to 8 m below ground level, a
second sandy layer from 14 to 17 m and a third silty layer from 25 to 28 m. As shown by
CPT logs (Figure 4), the sandy layer (Unit B) must be handled with care, because of its
variable thickness within the site and of the diffused silty lens. In Figure 6 the ratio between qb and qt (α = qb/qt) is plotted for such three homogeneous layers, with qt from the
most representative CPT 2 only. The mean values of the ratio for each section is plotted
with a solid red line. The other dashed lines show the results of previous relevant studies
and design methods; note that two of them (White and Bolton, 2005 and UWA-05) are
related to medium-term behaviour, as they were obtained from pile load test databases.
A more relevant comparison can be made with the work by Jackson (2007), who analysed closed-ended jacked piles. Figure 6 shows for this study the strong dependence of
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Figure 5. (a) CPT tip resistance data and (b) records of jacking force during pile installation.
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the qb/qt ratio on the grain size confirming Jackson’s trend: the finer the soil, the higher
the ratio. Nevertheless, average values here are typically higher: 0.5 for sand, 1 for silt
and 1.1 for silty clay. Such values for the sand layer, confirm the importance of partial
drainage effects (Jackson et al., 2008): variable degrees of drainage, in fact, differently
affect the tip resistance of devices of variable size, when penetrating soil layers of intermediate behaviour. In particular, ratios obtained in silt tend to unity (i.e an ideal value,
usually not reached even for medium-term capacity), as both cone and piles tend to the
same undrained regime. For this specific type of pile, in case of silty clay the ratio
reaches values consistently greater than one and in other sites, where piles have been
jacked in pure clay, values up to 1.3 have been obtained. The fact that qb is slightly
overestimated by the presence of the double flange can partly give reason of the results,
but a better understanding of the relative importance of partial drainage during penetration and of its implications in the correct estimate of the parameter α = qb/qt requires further investigation, from fully drained to fully undrained conditions, suitably expressed
by the dimensionless normalized velocity νD/ch.
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Figure 6. Comparison between this case and previous studies.

4 CONCLUSIONS
An extensive field test, carried out near Forlì (Italy) with the aim of comparing the shortterm jacked pile installation force and the CPT tip resistance, has been presented in the
paper. For this purpose, a number of piles were installed and 6 CPT tests performed. A
rather innovative pile jacking technique and devices for recording relevant data have
been described. The close analogy between CPT and jacked piles installation processes
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has been discussed, thus confirming that modern pile design methods based on CPT parameters are especially suitable for predicting their long-term performance. The specific
case study was selected among other reported test sites, both for the quality of available
data and for the presence of different natural soils, i.e. predominantly clayey and silty
fractions with local sandy layers. The investigated test site shows a ratio between the
jacked pile installation force and the CPT tip resistance rather consistent with the few
reported data in the literature and strongly dependent on the soil type. In particular, in
silty sand layers, variable degrees of partial drainage during penetration are likely to occur on devices of different size, providing a ratio considerably less than unity. On the
other hand, in finer layers, such ratio tends to increase and become even higher than one.
Data analysis has been shown and comparison with previous studies discussed. CPT data
appear to provide a better understanding of the jacking mechanisms and hence enable to
predict the short-term resistance that will be encountered during installation.
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Design of cut-and-cover tunnel in quick clay based on
CPTU and laboratory tests
E. Tørum, R. Sandven, S.G. Hovem & S. Rønning
Multiconsult, Trondheim, Norway

ABSTRACT: The Norwegian Public Roads Administration plans to build a new major highway between Trondheim and Stjørdal in Central Norway. The tunnel passes
under an urbanized area, where a more than 20 m deep excavation will be made in
soft and sensitive soil. The soil conditions in the area consist mainly of a top layer of
fill and debris materials over partly soft and very sensitive (quick) clay. The ground
investigations included amongst others CPTU and retrieval of undisturbed block
samples. In the laboratory, anisotropically consolidated, compression (CAUC) and extension (CAUE) triaxial tests, direct shear tests (DSS) and continuous consolidation
tests (CRS) were carried out to provide comparison for the interpreted CPTU data.
1 INTRODUCTION
The Norwegian Public Roads Administration (NPRA), Central Region shall establish
a new highway (Euro-route 6) between the municipalities of Trondheim and Stjørdal
in Central Norway. The consulting company Multiconsult was at an early stage engaged to pre-design a part of this highway system in Trondheim city, the so-called
Dayzone west section. This section will partly be built as a”cut-and-cover” – tunnel,
continuing eastwards in a rock tunnel.
The planned section requires a deep excavation in quick clay, 22.5 to 30 m wide
and 20 m deep at the most. To reduce deformations and maintain sufficient safety
against bottom heave in the building pit, a design with internally strutted sheet pile
walls and soil stabilization with jet pile ribs or lime cement columns beneath the excavated level was suggested in the pre-design phase. The sheet pile wall is designed
with a base depth of maximum 9 m beneath the bottom of the building pit. The final
design of the excavation will be made in a joint process between the NPRA and a
consortium of contractors and engineering consultants. The final design will not be
similar to the solutions presented herein.
2 GROUND CONDITIONS AND PERFORMED INVESTIGATIONS
The ground conditions in the project area consist mainly of a top layer with fill
masses and debris, above partly sensitive silt and clay. In general, the stratification
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can be subdivided in 5 layers, see Multiconsult (2007a, b, c) and NPRA (2007 a, b)
for a more complete and detailed description and soil data. The top fill is continuous
along the whole road section. In the northernmost part of the ”cut-and-cover”-tunnel,
a sand layer is encountered, whereas silt or silty soils have been found in most of the
section. Deeper down, clay is encountered, which in the southern part is classified as
quick clay. The quick clay is increasing in thickness towards the entrance of the rock
tunnel. Some of the highly sensitive materials have a composition closer to silt, but is
classified as quick clay herein due to their low remoulded shear strength and high
sensitivity. The depth to the rock surface varies over the area, with the rock surface
sloping from south to north along the tunnel section.
The field investigations comprised various types of soundings: 6 rotary pressure
soundings, 38 total soundings (rotary pressure sounding combined with drilling 3 m
into the rock surface), 18 piezocone penetration tests (CPTUs), undisturbed soil sampling using piston sampling and Sherbrooke block sampling, installation of piezometers (3 locations, a total of 4 piezometer probes). The sampling was carried out in 5
locations using a standard Geonor φ54 mm piston sampler, with a total of 55 cylinders. The Norwegian Geotechnical Institute (NGI) performed 2 boreholes with the
Sherbrooke φ250 mm block sampler (boreholes 809 and 823). A total of 8 block
samples in the depth interval of 6 – 24 m were obtained, including both silts and
quick clays.
Multiconsult carried out laboratory tests on the φ54 mm cylinder samples, whereas
NGI carried out laboratory tests on the block samples. The latter samples were transported to NGI in Oslo in private cars to reduce the impact of sample disturbance during transport as much as possible.
The extensive test programme in the laboratory included standard index testing,
anisotropically consolidated, compression (CAUC) and extension (CAUE) triaxial
tests, direct shear tests (DSS) and continuous consolidation tests using the CRS test
procedure. Results from previous investigations in the area have also been examined
and used as supplementary data.
3 SOIL SAMPLING AND PARAMETER INTERPRETATION FROM
LABORATORY TESTS
Soil sampling should normally provide a basis for identification of the sampled soils
and determination of mechanical properties. The latter requires samples of satisfactory quality with a minimum of sample disturbance, truly reflecting the in situ strength
and stiffness properties of the materials. In Norway, the sample quality is presently
divided into three classes, according to the guidelines issued by the Norwegian Geotechnical Society (NGF), depending on a rough classification of the sample disturbance: Undisturbed samples (Class 1), disturbed samples (Class 2) and remoulded
samples (Class 3). This classification is now being changed into five Quality classes,
complying with the new Eurocode 7 and the ISO CEN standard on soil sampling.
However, neither the Eurocode 7 nor the NGF classification systems introduce objective criteria for division between the five Quality classes.
Normally, the φ54 mm Geonor piston sampler is used to produce samples in the
best quality classes, obtaining satisfactory results in clays and fine silts. This requires
that the sampling equipment is well maintained and designed, and that recommended
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procedures are followed in the sampling operations, both in the field, during transport
and handling in the laboratory.
The Sherbrooke block sampler, described by Lefebvre & Poulin (1979), is a specially developed sampler for retrieval of φ250 mm x 300 mm intact soil samples. The
method is used occasionally in commercial projects in Norway, more frequently in
research. It is particularly useful where other sampling methods fail to give samples
of sufficient quality, particularly in lean, sensitive clays. The block sampling operations require a special soil auger for pre-drilling of a φ400 mm pilot hole, into which
the sampler is lowered. The borehole is usually cased and filled with a support fluid.
Before sampling, the borehole has to be cleaned and smoothened by a flat auger, otherwise the soil debris may interfere with the rotation of the sampler and influence the
geometry and quality of the soil block.
After insertion of the sampler down to the sampling level, it is rotated slowly in
the borehole. By this, the cutting knives mounted in front of the three hollow legs
carve a trench along the periphery of the sampler, and a cylindrical block is formed as
the sampler advances deeper. The debris is removed by drilling fluid, flushing
through the hollow legs. After carving the block to its complete length, the sample is
released from the surrounding soil. This is done by pushing the knives into the bottom of the soil block, triggered by a blow on a release spring mounted on top of the
sampler. The sampler is then slowly rotated to shear off the block completely. The
sampler is then hoisted slowly to the surface, while the soil block is resting on the
three cutting knives. The sample has no confinement other than the drilling liquid
supporting it during this process. Arriving at the surface, the sample is cleaned, lifted
over to a base plate and sealed by PVC foil and wax before transport to the laboratory.
4 INTERPRETATION OF SOIL PARAMETERS FROM CPTU
In this project, results from CPTU profiles are used to interprete and evaluate strength
and stiffness parameters, as well as stress history and preconsolidation stress. The
presentation herein concentrates however only on interpretation of the undrained
shear strength.
4.1 Local correlations
In the interpretation of undrained compression shear strength (suC), local correlations
are made with the measured strength from CAUC triaxial tests on block samples. By
performing CPTU and block samples in the same borehole locations, a local correlation between results from CPTU and CAUC tests was established. For the fine
grained, soft and sensitive soils encountered in this project, the undrained shear
strength was derived from pore pressure based correlations, since the relative influence of errors is believed to be less for the pore pressure than for the cone resistance.
The undrained shear strength is hence determined as:
Δu
N Δu
where, Δu = u2 – uo, recorded excess pore pressure
NΔu = pore pressure cone factor
s uC =
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(1)

Results from previous investigations on high quality block samples shows that the
cone factor NΔu increases approximately linearly with increasing pore pressure ratio,
Bq, e.g. Lunne at al (1997a). The pore pressure ratio Bq is defined as:
Δu
qn
where, qn = net cone resistance
Bq =

(2)

In the design evaluations, the excavation was divided in different sections, based
on ground conditions and required support level. Two different approaches were used
in the interpretation of CPTU results. First, local CPTU correlations were used for
quick clay, clay and silty materials, respectively. For all materials, the following general correlation was introduced for interpretation of suC:
N Δu = C1 + C 2 ⋅ B q

(3)

The constant C1 = 1, whereas C2 = 7.5 in the quick clay and C2 = 9.0 in clay and
silt layers, were used. These values are in good agreement with the previously proposed empirical values by Lunne et al (1997a). As a second approach, interpretation
of CPTU, using the more recent correlations presented by Karlsrud et al (2005), were
also carried out. The latter method separates between correlations for high and low
sensitivity (threshold value St = 15), and depends on overconsolidation ratio (OCR)
and plasticity (Ip).
The interpreted results from the two boreholes with block sampling are shown in
Figure 1. The two different approaches show very good agreement in the quick clay
for depths larger than about 7 m, shown in Figure 1a.
It should be mentioned that Norwegian practice introduces a reduction in interpreted shear strength of 15 % on the peak shear strength, when results or correlations
are based on block samples. This is due to the brittle nature of block samples often
seen in laboratory tests.
Approaching the rock surface, the interpretation of the undrained shear strength
from CPTU becomes somewhat uncertain. Figure 1a shows this effect from 20 – 21
m depth below the terrain level, where both pore pressure and cone resistance decreases in the CPTU profile. This results in a reduction of suC, using the Bq- related
interpretations, both for pore pressure and cone resistance based correlations. It is assumed that this behaviour may be caused by the prevailing drainage or pore pressure
conditions approaching the rock surface, probably due to an artesian pore pressure effect. The soil in this area also contains thin seams and layers of sand that may influence the CPTU records.
Due to a lack of good samples in this depth, only one passive triaxial test is available for comparison. Based on the results from this triaxial test, along with common
values of anisotropy ratios, the results indicate that the shear strength is increasing
with depth even for depths close to the rock surface, also in borehole CPTU 823.
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Figure 1. Interpreted suC in borehole 823 (quick clay) to the left and borehole 809 (silt and clay at larger depths) to the right.

Figure 2. Variations in measured pore pressure (left), and cone resistance (right) in quick clay.
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4.2 Variations in shear strength within the quick clay zone
The variations in ground conditions over the area are well documented through the
performed CPTUs. Figure 2 shows the recorded pore pressure and cone resistance for
the section with quick clay. The results show a relatively large variation in recorded
values of the cone resistance. However, as shown in Figure 2, the variation in measured pore pressure is significantly less than the measured cone resistance for the
quick clay/clay layer below approximately 10 m depth. Accordingly, these variations
also results in variations of the interpreted strength for the quick clay layer.
5 COMPARISON AND DISCUSSION OF RESULTS
Interpretation of parameters is based on CPTU soundings and sample series from
block sampling and φ54 mm piston samples. In design, special emphasis is put on
tests carried out on block samples, together with interpretation of strength and stiffness parameters from CPTU. The CPTU-profiles are also used to extrapolate the data
from local block samples to other parts of the soil profiles where block sample results
are not available. The results from laboratory tests on block samples and CPTU were
subsequently used as input to numerical analyses of the support structures, such as
FEM-analyses.
5.1 Evaluation of sample quality
The evaluation criteria based on volumetric strain εvol (Andresen & Kolstad (1979))
and change in void ratio Δe (Lunne et al (1997b)) during consolidation were introduced for classification of sample quality in the tests. Special tests and CPTU interpretations indicate that the overconsolidation ratio OCR is less than 2, except for borehole 809 between 6.4 and 6.5 m depth.
In general, sample specimens taken by φ54 mm piston sampler were somewhat
disturbed and placed in Quality class 2-4, according to the classification given by
Lunne et al (1997b). The highest Quality class (Class 1) was obtained for 3 of the 8
triaxial tests on block samples. These samples range in quality from Class 1 to Class
3, representing very good to poor quality. The poorest sample quality was obtained
for the deepest sample in the quick clay layer (Borehole 823, ca. 18 m depth). This
may partly be explained by the poor soil properties of the quick clay and the large
sampling depth. Moreover, the effective stress level at this depth may have been
overestimated due to the possible presence of artesian pore pressure, causing too high
consolidation stresses applied on triaxial test specimens.
The results from block samples show a brittle behaviour at failure for undrained
tests on high quality samples, where the strain level at peak strength is about 0.5 %.
The tests performed on φ54 mm piston samples show considerably softer behaviour,
caused by a higher degree of sample disturbance. The determination of the characteristic undrained shear strength profile is hence mostly based on results from block
samples and CPTU. To ease the comparison, the strength values are presented as
peak values or strength values at 1-2 % axial strain level, if the test does not reveal a
distinct maximum peak value. The strain levels used are included in Figure 1. The
strength values presented herein should not be considered as design values for the
project.
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5.2 Comparison between shear strength from CPTU and laboratory tests
Figure 1 shows interpreted undrained shear strength for boreholes 809 and 823,
where block sampling was carried out. Interpretation of the CPTU-results is based on
NΔu, determined from empirical correlations with Bq and the laboratory parameters Ip,
St and OCR. The correlations are all based on active (compression) triaxial tests
(CAUC) on block samples as described in Section 3. For the final determination of the
cone factor NΔu in this project, a local correlation with CAUC triaxial strength data
from block samples was made, see Section 4. These local correlations gave cone factors in good agreement with values reported by Lunne et al (1997a) and Karlsrud et al
(2005). The values are also in good agreement with the range in values of this factor
from analytical approaches. The interpreted undrained shear strength values for laboratory tests on the silty soils plot somewhat higher than the corresponding values
interpreteted from CPTU. This is not an uncommon observation and may be caused
by sample disturbance and compaction of the loose silt during sampling and consolidation in the triaxial tests.
Values for the anisotropic shear strength are taken from various shear tests on the
block samples for three different conditions (suC, suDSS and suE). The relationships between the soil strength are frequently used in geotechnical engineering, and are normally determined from an empirical database, based on a high number of tests. Values obtained in this project are reported in Table 1.
Table 1. Recorded values of anisotropy ratio from block samples.
Borehole 809

Borehole 823

D=12.85m

D = 19.45m

D = 9.15m

D = 18.15m

Silty clay

Clay

Quick clay

Quick clay

Direct shear tests, suDSS/suC

0.76

0.56

0.58

0.62

Extension tests, suE/suC

0.42

0.29

0.28

0.23

The anisotropy ratios for the quick clay are generally somewhat lower than previously reported values based on φ54 mm piston samples. More data is however needed to
say that this is characteristic for block samples of quick clay. In this project, very
small values of the plasticity (Ip = 5 - 8 %) were measured for quick clay and silt.
This is typical for marine lean and sensitive clay in this region of Norway. In general,
the ratios between direct, extension and compression modes of the su – values reduces
in value for reducing values of the plasticity. In this context, the findings in this
project represent extreme conditions in the result database. Further research and systematic studies are however necessary to extend the database for such ground conditions.
6 CONCLUSIONS
In this paper, special emphasis has been put on interpretation of the undrained shear
strength from CPTU and the results from laboratory tests on block samples, both with
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respect to testing in compression, extension and direct shear modes. The results have
been used to develop local correlations between recorded data from CPTU and interpreted shear strength parameters from laboratory triaxial tests on block samples, including anisotropy effects.
Correlations between parameters interpreted from CPTU and laboratory test results generally require good sample quality. In this project, the combination of sensitive clays and sampling beyond 20 meters depth made undisturbed sampling very
challenging. This may explain why samples obtained by the φ54 mm piston sampler
generally were somewhat disturbed. Most of the block samples showed excellent or
satisfactory quality, and were thus in much better shape than the piston samples.
Experiences in this high risk project show that CPTU is a very good method to
provide reliable soil parameters, particularly if local correlations between high quality
laboratory tests and CPTU data can be made.
7
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Finite element analysis of the CPT for design of bored
piles
A. Tolooiyan & K. Gavin
University College Dublin, Dublin, Ireland

ABSTRACT: This paper initially describes the procedure involved in performing finite element analysis to model the development of the cone tip resistance (qc) during
Cone Penetration Tests in cohesionless soils. The predictive capability of two stiffness models; namely the Mohr-Coulomb Model and Hardening Soil Model were
compared to field measurements of qc recorded at the University College Dublin,
dense sand test bed site in Blessington, Ireland. These revealed that predictions of the
cone tip resistance made using the Hardening Soil model showed very good agreement with the field measurements. Estimates of the cone resistance derived using the
Hardening Soil model were then compared to measurements of the end bearing resistance mobilized by model bored piles tested as the site to investigate the value of the
empirical reduction factor () which links the pile end bearing resistance and the qc
value.
1 INTRODUCTION
The combined results of Cone Penetration Tests (CPT) and Finite Element Methods
(FEM) are ideally suited for estimating the base resistance mobilized by bored piles
installed in sand because such piles cause minimal stress and density changes during
installation. Recent research effort has led to improvements in our ability to estimate
the ultimate base resistance of driven piles in sand. These techniques often estimate
the base resistance at relatively large displacements, typically 10% of the pile diameter, qb0.1. The geometric similarity of piles and CPT instruments makes it possible to
develop a proportional relationship between CPT qc and the end bearing capacity of
pile as in Equation 1.

qb   qc

(1)

where qb is pile base resistance,  is empirical coefficient which is less than unity,
and qc is CPT tip resistance. Numerical analyses reported by Lee and Salgado (2003)
suggest that  reduced as the relative density of sand at the pile base and the pile diameter increased. Lehane et al (2008) report a database of static load tests on bored
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piles and suggest that  varied with pile length or stress level (depth). DeCock (2003)
reported a review of pile design practice in Europe whereby a wide range of  factors from 0.15 to 0.8 were used in practice. These empirical factors derived from local experience do not typically depend on the diameter or the length of the pile. In
this paper, FEM analysis was used to model the cone penetration test qc resistance
mobilized in sand. The ability of two stiffness models to predict the CPT qc resistance
was assessed and the resultant numerically derived CPT qc values were used to explore the possible dependence of the  value on pile diameter and depth.
2 FIELD AND LABORATORY WORK
The field tests were performed at the University College Dublin (UCD) dense sand
test bed located at Blessington, Co. Wicklow. The material is heavily overconsolidated as a result of a history of glacial action, sand extraction and water level
variation. Extensive CPT testing carried out at the site revealed that CPT end resistance qc values are typically in the range 10 – 20 MPa. The natural water content obtained from samples taken above the water table level was approximately 11-12%,
indicating that the material at this level is partially saturated. Sand replacement tests
indicated that the relative density of the in-situ material is close to 100%. The degree
of saturation is estimated to be in the region of 71%, while the unit weight of the material is 20kN/m3. The material is heavily over-consolidated as a result of glacial action. The effect of the stress history on the coefficient of earth pressure at rest (K0 =
horizontal/vertical effective stress) at the test site was determined as recommended by
Mayne and Kulhawy (1982) and is shown in Figure 1. The shear wave velocity profile was obtained using the Multi Channel Analysis of Surface Waves (MASW)
method (Park et al. 1999) and the small strain stiffness E0 profile estimated is presented in Figure 2. A series of triaxial tests were performed to estimate the sand stiffness at different strain ranges. The triaxial samples were prepared in the laboratory
using the methodology described in Tolooiyan (2010) which involved samples being
reconstituted to the in-situ density at the natural moisture content. Oedometer tests
were performed in order to estimate the oedometer stiffness.
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3 MODELING THE CONE PENETRATION TEST
The CPT test measures the large strain resistance of a cone pushed many metres into
the sand deposit. Such large strain analyses pose significant numerical difficulties in
FEM models. An approach whereby the cavity expansion pressure was estimated at a
number of depth increments was used to model the large strain CPT test (See Xu and
Lehane 2008). Bishop et al. (1945) pioneered the development of limit pressure solutions for cavity expansion theory and this approach has been applied widely for modeling pile and penetrometer resistance. According to this theory, the penetration of a
cone can be simulated by expanding a cavity of finite radius in a soil mass as the
pressure inside the cavity increases, the cavity expands until a limit pressure (Plimit) is
achieved. The Plimit value can then be related to the cone resistance.
Salgado et al. (1997), Huang et al. (2004) and Xu and Lehane (2008) employed
FEM to model the cavity expansion and estimate the CPT qc. Xu and Lehane (2008)
used the linear-elastic Mohr-Coulomb (MC) and non-linear Hardening Soil model
(HS) in FE analysis of cavity expansion. They compared the results of the model with
the closed-form solution proposed by Yu and Houlsby (1991) and found good agreement for all approaches. However, Salgado et al. (1997) noted that the results of cavity expansion predictions of limit pressure are affected significantly by soil stiffness
non-linearity, and therefore linear-elastic perfectly plastic soil models are of limited
relevance.
In this paper, both the MC and HS model were employed to model cavity expansion. The commercial finite element code PLAXIS Ver.8 (2002) was used to perform
both the cavity expansion analysis and the pile load tests analysis. The Hardening
Soil (HS) model described by Schanz et al. (1999) and the Mohr Coulomb (MC)
model were used in the cavity expansion analysis.
The MC model is an elastic perfectly plastic model while the HS model assumes a
hyperbolic stress-strain relationship between deviatoric stress and axial strain in conventional tri-axial loading. The stiffness adopted in the MC model was varied until a
reasonable agreement between the measured and predicted qc values was obtained.
The soil stiffness in the HS model is stress dependent, with a parabolic dependence
controlled by the (m) factor. A number of stiffness values are required for the HS
model namely; E50ref, Eurref, Eoedref , defined as the stiffness at 50% of the peak shear
stress, the reloading stiffness and the odeometer stiffness respectively. These were
measured using the results of laboratory triaxial and oedometer tests. The soil model
input parameters used for Blessington sand are illustrated in Table 1.
The soil mass was modeled assuming axi-symmetrical conditions with fixed horizontal and vertical boundaries at the base and horizontal fixity at the side boundary.
Unified 15-noded triangular elements with 12 gauss stress points in each element
were employed. Cavity expansion was modeled by applying positive volumetric
strain to the spherical soil cluster. A layer of dummy material was inserted over the
soil cluster in which the cavity expansion was performed. The unit weight of this
layer was varied in the cavity expansion analysis to model the effect of increasing soil
depth.
The Plimit values estimated from the cavity expansion analysis of the HS and MC
model were converted to the cone resistance using Equation 2 proposed by Randolph
et al. (1994):
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qc  plim it (1  tan   tan  )

(2)

where  is the internal angle of friction and  (the cone angle) is 60o for a standard
cone penetrometer. The FEM CPT predictions are compared to four field profiles of
the cone resistance measured at the Blessington test bed site in Figure 3. It is clear
from this figure that the results using the MC model were very sensitive to the assumed stiffness value, with E = E0 resulting in a significant overestimation of the qc
values, whilst a relatively good prediction was determined with E = 0.5 E0. The results of the HS model, where the stiffness values were measured from laboratory
tests, show excellent agreement with the field test results.
CPT qc (MPa)

Table 1. Parameters of Blessington sand.
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Figure 3. CPT qc profile of Blessington sand.

4 PILE LOAD TEST
4.1 Field pile load test
Two model bored piles were installed at the test site. Pile TP1 was a two metre long,
100 mm diameter, steel-reinforced grouted pile, which was formed using a hand auger. The reinforcement frame comprised of four No. T8 steel bars with welded links
at 150 mm centres. Six levels of electrical resistance strain gauges (four gauges at
each level) were glued to the reinforcement frame at the levels shown in Figure 4,
alongside the CPT profiles. The pile was formed using high strength grout (of 55
N/mm2 nominal strength) which was pumped into the bore and allowed to cure over a
30-day period. Whilst TP1 was installed in 2005, TP2 was installed three years later
at which time the surface level of the quarry had reduced by approximately 4 m. TP2
was located approximately 35 metres south-west of the TP1 location. The CPT profiles and positions of the strain gauge arrays for this second test location are presented
in Figure 5. Pile TP2 was 3 metres long and had a diameter of 200mm. The bore for
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this pile was constructed using a shell and auger rig, while the reinforcement frame
consisted of T16 steel bars, with T10 links welded at 500 mm centres.
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0

CPT qc (MPa)

10

15

20

25

30

0

5 10 15 20 25 30 35

0

0.5

0.5

1
Depth, z (metres)

Depth, z (metres)

0

5

1
1.5
2

1.5
2
2.5
3
TP2

2.5

3.5

TP1

3

4

Figure 4. CPT qc values at location of TP1.

Figure 5. CPT qc values at location of TP2.

End bearing resistance, qb (kPa)

The end bearing resistance (qb) settlement plots for the two test piles are shown in
Figure 6. Both piles exhibited a relatively stiff pressure-settlement response for pile
head settlements below 0.5 mm. Test pile TP1 mobilised the highest end bearing resistance at all displacement levels, reflecting the higher qc values in this test area. The
maximum bearing pressure mobilised at a pile head settlement of 10 mm (10% of the
pile diameter) for the TP1 pile was 4,500 kPa. The test on the 200 mm diameter test
pile (TP2) was terminated at a pile head settlement of 8 mm due to the failure of one
of the four tension anchors used to test the pile. The maximum end bearing resistance
mobilised at this displacement level was 3,400 kPa.
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Figure 6. Measured end bearing resistance mobilised in model pile tests.
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4.2 FEM pile test

End bearing resistance, qb (kPa)

The effect of the pile diameter and length on the end bearing resistance predicted using the FEM model for a 0.1 m diameter, 2 m long pile and a 0.2 m diameter, 3 m
long pile installed in soil profile 2 (See Figure 5) is shown in Figure 7 which suggests
qb increased with pile depth (or overburden stress).
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Figure 7. Predicted pressure-settlement curve of pile base.

4.3 Normalizing pressure settlement curves
The average CPT qc values measured within two pile diameters of the tip of the model piles was 15,500 kPa (TP1) and 15,765 kPa (TP2). These qc values were used to
normalise the qb values measured on the model bored piles which are plotted against
the normalised settlement (s/B) in Figure 8. These are compared to the qb values predicted using the FEM approach which were normalised by the appropriate qc values
estimated by HS model shown in Figure 3.
The FEM predictions which were based purely on the interpreted soil properties
are in good agreement with the measured values. The FEM predictions are very close
to the measured resistance for pile head displacements up to 7% of the pile diameter.
The analysis presented in Figure 8 shows that both the measured and predicted qb/qc
values were constant and were therefore independent of the pile depth (or stress
level), pile diameter or absolute qc value. As shown in Figure 8, the ratio of qb/qc increased from 0.22 at a pile head displacement of 5% to 0.33 at 10% relative settlement.
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Figure 8. Comparison of field and FEM tests

5 SUMMARY AND CONCLUSIONS
The results of FEM analysis and field experiments of the base pressure-settlement response of model bored piles in sand are reported. Two stiffness models, the HS and
MC models were employed for the FEM analysis of cavity expansion to model the
CPT test were considered. Comparisons between HS and MC model shows that the
use of the Hardening soil (HS) model with easily measurable laboratory test data
yielded excellent estimates of actual CPT resistance developed in Blessington sand.
The results of the MC model were extremely sensitive to the constant stiffness value
assumed. An input stiffness equal to 50% of the small strain stiffness provided a good
prediction of the actual CPT qc profile.
The base resistance mobilized by the test piles and normalised by the CPT qc values were found to be independent of both pile diameter and pile length for the two
pile geometries considered. The numerical analyses were shown to predict similar
pressure-settlement profiles to those measured in the model tests. A combination of
field experiments and FEM analyses confirmed that a unique pressure-settlement
curve, which was independent of pile geometry was obtained for the site.
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ABSTRACT: This paper presents a piezocone penetration test (CPTu) method for
evaluating soil liquefaction potential. In this approach, the adjusted cyclic stress
ratio is calculated with a recent formula created by Idriss and Boulanger, and the
cyclic resistance ratio is determined as a function of both adjusted cone tip resistance
(qt1N) and soil behavior type index (Ic). This method is shown to be applicable to a
wider range of soils, including geomaterials that were previously considered “too
clay-rich to liquefy.” Case studies of selected ground failure sites in Adapazari using
the proposed method yield results that agree well with field observations in the 1999
Kocaeli earthquake.
1. INTRODUCTION
Many investigators have contributed to the development of the CPT-based simplified
models for liquefaction evaluation (e.g., Robertson and Wride 1998, Juang et al.
2003, and Moss et al. 2006). Among these CPT-based methods, that developed by
Robertson and Wride (1998) is the most widely used. An important recent update has
been provided by Robertson (2009).
The existing simplified methods, such as Robertson and Wride (1998) and Youd et al.
(2001), were originally developed for clean sands. For the evaluation of sands with
significant fines content (FC), the concept of “equivalent clean sand” was employed,
suggesting that liquefaction resistance would increase as FC increases. However,
liquefaction of soils with high fines content (as high as 90%) in the past earthquakes
has been observed (Bray et al. 2004). Laboratory cyclic simple shear tests, cyclic
ring-shear tests, and cyclic triaxial tests suggest that soil plasticity, and not
necessarily the fines content alone, plays a major role in the liquefaction resistance
behavior. In other words, the liquefaction resistance increases as the plasticity
increases. On the other hand, for sands with significant non-plastic fines content,
the effect of fines content on the liquefaction resistance is less conclusive based on
laboratory cyclic test results.
For sand-like soils, liquefaction during earthquake shaking is well observed and can
be analyzed effectively with simplified methods. For clay-like soils, significant
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strength losses and ground deformations during and after earthquake shaking have
also been reported (Bray et al. 2004). Boulanger and Idriss (2007) suggest that the
term “cyclic softening” be used to describe this cyclic behavior of clay-like soils;
they further suggest that different approaches, in lieu of simplified methods, be taken
to analyze the cyclic softening potential of clay-like soils. Robertson (2009),
however, proposed a unified approach, in which two sets of equations are created for
sand-like and clay-like soils, respectively, within the same CPT-based framework.
One basis of this unified approach is the recognition of soil behavior type index Ic as
an index for mechanical behavior classification; there is no need to correlate Ic with
FC for the purpose of gauging the effect of fines on liquefaction resistance, as was
done previously.
In this paper, a version of Ic that includes excess pore pressure ratio in the
formulation, as defined by Jefferies and Davies (1993), is adopted as a basic
parameter for modeling liquefaction resistance. The excess porewater pressure ratio
Bq correlates well with the behavior of fine-grained soils and has been incorporated
into soil classification charts (Robertson 1990, Jefferies and Davies 1993). Thus,
inclusion of Bq in the formulation of Ic appears suitable for extending the existing
CPT-based evaluation from sands and silty sands to soils that are described as “too
clay-rich to liquefy.”
Furthermore, a model for liquefaction resistance is derived based on case histories.
In essence, knowledge is “extracted” from collected case histories using an artificial
neural network (ANN). This knowledge is then used to develop a new simplified
model based on piezocone penetration testing (CPTu). The developed CPTu-based
model is assessed and demonstrated with recent liquefaction case histories.
2. LEARNING FROM CASE HISTORIES - ARTIFICIAL NEURAL NETWORK
In these previous studies, ANNs were trained using databases of case histories in
which field observation, in the binary form of “yes” or “no,” was available. If the
ANN has “learned” adequately from case histories, it may then be used for
“forecasting” whether liquefaction could occur under a given scenario. Thus, the
trained ANN may be used as a tool for assessing liquefaction potential of a soil in a
given seismic loading. Recently, Juang et al. (2003) took this approach a step
further. They developed a procedure with which the limit state for liquefaction
triggering, commonly expressed as a boundary curve, can be established based on the
trained ANN. It should be noted that the limit state for liquefaction triggering is
essentially a model of CRR at a given CSR.
To allow ANN to learn from case histories, each case history must be characterized
using both seismic and soil data. Selecting CSR as an input variable is the obvious
choice because, in any cyclic stress-based method that follows the simplified
procedure of Seed and Idriss (1971), CSR is used to characterize the earthquake load
for assessing liquefaction potential. Throughout this paper, the variable CSR is the
adjusted cyclic stress ratio as defined by Idriss and Boulanger (2006). It is expressed
as:
   a 
 1  1 
CSR  0.65  v   max  (rd ) 
(1)


 MSF   K 
  v   g 
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where v and v are the total stress and the effective stress, respectively, of the soil
of concern at a given depth, g is the acceleration of gravity, which is the unit for peak
ground surface acceleration amax, rd is the depth-dependent shear stress reduction
factor, MSF is the magnitude scaling factor, and K is the overburden correction
factor for cyclic stress ratio. Both v and v are in same units, and rd, MSF, and K
are dimensionless. It should be noted that this definition of CSR (Equation 1) is
already adjusted to the conditions of moment magnitude Mw = 7.5 and v = 100 kPa.
This adjustment is essential to process case histories that were collected from
different earthquakes of various magnitudes and to unify the influence of confining
pressures. The intermediate parameters, rd, K, and MSF as defined by Idriss and
Boulanger (2006) are employed herein.
In addition to the data of earthquake loading as represented by CSR, the data of
liquefaction resistance are needed to completely characterize a case history. Selecting
the most suitable input variables to characterize liquefaction resistance of soils based
on CPTu measurements is not a trivial task. In a CPTu, profiles of cone tip
resistance qt, sleeve friction fs, and porewater pressure u2 are recorded. Various
derived dimensionless parameters are used to characterize the soils encountered in the
CPTu measurement, including friction ratio Rf, normalized cone tip resistance Qt,
excess pore pressure ratio Bq, and normalized friction ratio F (Robertson 1990;
Jefferies and Davies 1993). Additional derived parameters such as stress-adjusted
cone tip resistance qt1N and soil behavior index Ic have also been used.
Using knowledge from previous studies (Juang et al. 2006), two derived parameters,
qt1N and Ic, are selected as input variables for the intended ANN model.
The adjusted cone tip resistance qt1N is determined as follows (Idriss and Boulanger
2006):
q t1N = C N q t / atm
(2a)


 
C N =  atm   1.7
 σ v 
α = 1.338  0.249(q t1N )0.264

(2b)
(2c)

where  atm is the atmosphere pressure (1 atm = 1.013 bars = 101.3 kPa).
Equation 2 was proposed by Idriss and Boulanger (2006) in conjunction with their
CPT-based method for evaluation of liquefaction resistance of sands. This equation
was derived using the concept of “state” parameter and an empirical relationship with
relative density. In this paper, the parameter qt1N is used to capture the resistance
behavior of clean sands and the effect of fines type and content is included by the soil
behavior type index Ic.
The parameter Ic used in this paper is defined as follows (after Jefferies and Davies
1993):





2

3  log10 Q t 1  Bq   1  + 1.5+1.3  log10 F 
(3)




It should be noted that in the original formulation, the bracket {Qt(1-Bq)+1} was
expressed as {Qt(1-Bq)+1}. The value “1” is added here to prevent the bracket from
becoming negative should Bq be greater than 1 (in such cases, Qt is very small and
{Qt(1-Bq)} is less than 1). Moreover, according to Shuttle and Cunning (2007), the
Ic =
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2

dimensionless term {Qt(1-Bq)+1} is “fundamental for the evaluation of undrained
response during CPTu sounding,” which allows for greater differentiation between
silty clays and clayey silts.
A database of case histories, consisting of 190 liquefied cases and 123 non-liquefied
cases, was compiled from five well-documented sources (Moss et al. 2006, Ku et al.
2004, Lai et al. 2004, Bray et al. 2004, and PEER 2007). The binary criterion of
liquefaction/no-liquefaction was judged primarily based on surface manifestation of
liquefaction, such as sand boils, ground settlement, and lateral spreading (or lack
thereof), and in some cases (such as those reported by Bray et al. 2004), critical layers
were identified by field observations supplemented with detailed dynamic finite
element analyses or confirmed by multiple existing liquefaction evaluation methods.
Figure 1 shows the soils in these cases in the soil behavior type classification chart.
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Figure 1. Case histories in the database plotted on
the CPT classification chart (Juang et al. 2008)

Figure 2. Family boundary curves of the
proposed model (Juang et al. 2008)

It should be noted that the CPT data reported in the database of Moss et al. (2006) did
not include Bq. An examination of all other CPTu data revealed that for those cases
with Ic,RW < 2.2 and friction ratio Rf < 1.5%, the values of Bq are very small (0.06 <
Bq < 0.02). Assuming Bq = 0 for these cases will cause a maximum error in the
computed Ic of less than 2%. Thus, the database from Moss et al. (2006) was
screened with the criteria of Ic,RW < 2.2 and Rf < 1.5%, and 116 cases were selected.
These cases are assumed to have Bq = 0 and are included in the new database for the
present study. The rest of the data in this new database were derived from the 1999
Chi-Chi, Taiwan Earthquake and the 1999 Kocaeli, Turkey Earthquake where Bq was
directly included.
3. BOUNDARY SURFACE SEARCHED WITH AID OF NEURAL NETWORK
The search procedure that utilizes ANN for locating data points on the unknown
boundary surface, referred to herein as the limit state surface, was developed by
Juang et al. (2000). Here, a limit state function CRR = f (qt1N, Ic) can be established
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once a large number of data points have been “found” through the search. In this
study, 91 data points were successfully generated.
A series of least-squares regression analyses were conducted on the 91 boundarysurface data points that were “found” in the search process using the developed ANN
model. The following least-squares expression was obtained:
(4)
CRR  0.05  exp  A  B  (q t1N /100)C 

where
A  I c  (q t1N / 100)  10.455

B  0.669  I 3c  5.55  I c  12.993
C  0.284  0.0214  I c2
and where qt1N is per Equation 2 and Ic is per Equation 3. These definitions must be
strictly followed whenever Equation 4 is employed for evaluating CRR, and the
resulting CRR must be compared to CSR defined in Equation 1 for assessing
liquefaction potential, as Equations 1, 2, 3 and 4 were calibrated as a whole in the
ANN learning and interpolation.
In short, the proposed CPTu-based method involves evaluation of CSR by Equation 1
and CRR by Equations 2, 3, and 4. The liquefaction potential is then assessed with
factor of safety (FS) defined as FS = CRR/CSR.

4. CAPABILITY AND ACCURACY OF PROPOSED CPTu-BASED METHOD
It is desirable to compare the new CPTu-based method with the existing methods.
Because the existing boundary curves (CRR models) are all presented in 2-D graphs,
it is necessary to present the developed model accordingly. Figure 2 shows a set of
“family” CRR-qt1N boundary curves that correspond to different soil types implied by
Ic. Each of the boundary curves represents the intersection of a given plane Ic =
constant (say, Ic = 1.51) and the boundary surface (Equation 4) in the 3-D space.
One interesting observation is that for a given qt1N, the liquefaction resistance is the
lowest at Ic  1.51, which is approximate at the midpoint of the range of Ic for “sands”
(where the lower end of the range is Ic = 1.25 for gravelly sand, and the higher end is
Ic = 1.8 for silty sand; see Table 1). The soils with lower Ic, such as “gravelly sands”
(Ic ≤ 1.25), is found to have higher liquefaction resistance than those soils with Ic 
1.51 (clean sands). In other words, for soils with the same qt1N, the liquefaction
resistance increases as Ic decreases from 1.51 to 1.25. It is easily understood as the
soils in this range (Ic = 1.25 to 1.51) contain practically no fines, and the liquefaction
resistance increases with the increase in the particle size and strength. On the other
hand, for soils with the same qt1N, the liquefaction resistance increases as Ic increases
from 1.51 to 1.8 (Figure 2), which is also easily understood as the soils in this range
[from Ic = 1.51 (clean sand) to 1.8 (silty sand)] tend to have greater liquefaction
resistance due to the effect of the fines.
It is of interest to show all case histories with different soils in the same 2-D graph of
CRR (or CSR) versus qt1N, at least from a historic perspective. This necessitates the
development of the so-called “clean sand equivalence” of cone tip resistance for any
given soil. Robertson and Wride (1998) developed a correction factor Kc that can be
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Figure 3. Base boundary curve with transformed data (Juang et al. 2008)

applied to the normalized cone tip resistance qc1N to yield the “clean sand
equivalence,” qc1N,cs. Their idea was to transform an empirical model, CRR = f(qc1N,
Ic,RW), into a new model, CRR = f(qc1N,cs), subject to the constraint that both models
yield the same liquefaction resistance. In the procedure recommended by Robertson
and Wride (1998), the correction factor Kc is a function only of Ic,RW. However, as
discussed previously, at different levels of qt1N, the influence of Ic differs, and the
correction factor Kc then becomes a function of both soil type (represented by Ic) and
normalized cone tip resistance (qt1N). Thus, development of an empirical model for
Kc will be of little practical value. Nevertheless, numerical solutions for an equivalent
qt1N value at a reference level of Ic = 1.51 (where the liquefaction resistance is the
lowest for a given qt1N) can be obtained for all cases (Ic  1.51) by satisfying the
constraint: f ( qt1N ,1.51)  f ( qt1N , I c ) where qt1N is the equivalent qt1N value at Ic =
1.51, and f is the function for CRR expressed in Equation 4. Figure 3 shows all
transformed data points along with the “base” boundary curve, which is obtained by
plotting Equation 4 at Ic = 1.51.
For comparison, two other Ic,RW-based CRR models are shown in Figure 3. It is
important to emphasize that this comparison of the three boundary curves is only
approximate, as the definition of the “base” boundary curves by Robertson and Wride
(1998) and Juang et al. (2006) is not exactly the same as that adopted in this study.
In addition, the CRR model developed in this study is based on CPTu, whereas the
other two models are based on CPT. Nevertheless, the results show that the base
boundary curve of the new model, in which the effect of Bq is negligible, is
comparable to those of the existing models.
5. LIQUEFACTION POTENTIAL OF SILT MIXTURE – CASES STUDY
One unique feature of the proposed CPTu-based method is its capability to assess
liquefaction potential of “silt mixtures” (i.e., clayey silt to silty clay) using the Ic that
considers porewater pressure ratio (Bq). To this end, it is of interest to demonstrate
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this capability by back-analysis of well documented case histories from the August
17, 1999 Kocaeli earthquake that involved soils considered to be “too clay-rich to
liquefy.” An extensive site investigation program was conducted in Adapazari,
Turkey after the Kocaeli earthquake (Bray et al. 2004). All available CPTu sounding
profiles were analyzed in this study and similar results were obtained.

Figure 4. Results of the analysis of CPT-C4 (Juang et al. 2008)

Using the CPTu data and the seismic parameters of Mw = 7.4 and amax = 0.40g,
liquefaction potential in terms of factor of safety is calculated with both the proposed
model and the Robertson and Wride (1998) method. Figure 4 shows results of the
analysis of Adapazari CPT-C4. In the critical layer where Ic,RW > 2.6, direct
application of the Robertson and Wride (1998) method would yield “no liquefaction”
(it should be noted that in case of Ic,RW > 2.6, Robertson and Wride actually suggested
use of other criteria to confirm this assertion), whereas the application of the
proposed method would yield FS much less than 1, indicating “liquefaction.” In this
case, the results obtained by the proposed model agree with field observation.
6. SUMMARY AND CONCLUDING REMARKS
A CPTu-based method for evaluating liquefaction potential of soils is presented
which incorporates excess porewater pressure ratio (Bq) in the formulation of soil
behavior type index (Ic). The proposed CRR model is a function of two derived
variables, qt1N and Ic. The model described here is applicable to a wide range of
geomaterials, including soils that were once considered “too clay-rich to liquefy”
using the existing method.
The results of the analysis of cases from critical layers at selected ground failure sites
in Adapazari using the proposed CPTu-based method agreed well with field
observations in the 1999 Kocaeli earthquake.
REFERENCES
Boulanger, R. W., and Idriss, I. M., (2006). “Liquefaction susceptibility criteria for silts and clays.”
Journal of Geotechnical and Geoenvironmental Engineering 132(11), 1413–1426.
Boulanger, R. W. & Idriss, I. M. (2007). Evaluation of cyclic softening in silts and clays. Journal of
Geotechnical and Geoenvironmental Engineering 133, No. 6, 641– 652.

353

Bray, J.D., Sancio, R.B., Durgunolu, T., Onalp, A., Youd, T.L., Stewart, J.P., Seed, R.B., Cetin, O.K.,
Bol, E., Baturay, M.B., Christensen, C., and Karadayilar, T. (2004), “Subsurface characterization
at ground failure sites in Adapazari, Turkey,” Journal of Geotechnical and Geoenvironmental
Engineering 130, No. 7, pp. 673-685.
Bray, J.D. and Sancio, R.B. (2006), “Assessment of the Liquefaction Susceptibility of Fine-Grained
Soils,” Journal of Geotechnical and Geoenvironmental Engineering 132, No. 9, pp. 1165-1177.
Idriss, I.M. and Boulanger, R.W. (2006), “Semi-empirical procedures for evaluating liquefaction
potential during earthquakes,” Soil Dynamics and Earthquake Engineering, Vol. 26, pp. 115-130.
Jefferies, M.G. and Davies, M.P. (1993), “Use of CPTu to Estimate Equivalent SPT N60,”
Geotechnical Testing Journal 16 (4), pp. 458-468.
Juang, C. H., C.J. Chen, W.H. Tang, and D.V. Rosowsky (2000), “CPT-based liquefaction analysis,
Part 1: Determination of limit state function,” Geotechnique, Vol. 50, No. 5, pp. 583-592.
Juang, C.H., Yuan, H., Lee, D.H., and Lin, P.S. (2003), "Simplified CPT-based method for evaluating
liquefaction potential of soils," Journal of Geotechnical and Geoenvironmental Engineering 129,
No. 1, pp. 66-80.
Juang, C.H., Fang, S.Y., and Khor, E.H. (2006), “First order reliability method for probabilistic
liquefaction triggering analysis using CPT,” Journal of Geotechnical and Geoenvironmental
Engineering 132, No. 3, pp. 337-350.
Juang, C.H., Chen, C.H. and Mayne, P.W. (2008), “CPTU simplified stress-based model for evaluating
soil liquefaction potential,” Soils and Foundations, Vol. 48, No. 6, pp. 755-770.
Ku, C.S., Lee. D.H., and Wu J.H. (2004), “Evaluation of soil liquefaction in the Chi-Chi, Taiwan
earthquake using CPT,” Soil Dynamics and Earthquake Engineering 24, pp. 659-673.
Lai, S.Y., Hsu, S.C., and Hsieh, M.J. (2004), "Discriminant model for evaluating soil liquefaction
potential using cone penetration test data," Journal of Geotechnical and Geoenvironmental
Engineering 130, No. 12, pp. 1271-1282.
Moss, R.E.S., Seed, R.B., Kayen, R.E., Stewart, J.P., Der Kiureghian, A., and Cetin, K.O. (2006),
“CPT-based probabilistic and deterministic assessment of in situ seismic soil liquefaction
potential,” Journal of Geotechnical and Geoenvironmental Engineering 132, No. 8, pp. 1032 1051.
PEER web site (2007), Soils and liquefaction data on 1999 Kocaeli, Turkey Earthquake,
http://peer.berkeley.edu/publications/turkey/adapazari/index.html.
Robertson, P.K. (1990), “Soil classification using the cone penetration test,” Canadian Geotechnical
Journal 27, No. 1, pp. 151-158.
Robertson PK, and Wride CE. 1998. Evaluating cyclic liquefaction potential using the cone
penetration test. Canada Geotechnical Journal 35(3): 442-459.
Robertson, P.K. (2009). Performance based earthquake design using the CPT. Proc. IS-Tokyo 2009,
June 2009, Tokyo, Japan.
Shuttle, D.A. and Cunning, J., (2007). “Liquefaction potential of silts from CPTu.” Canada
Geotechnical Journal 44, 1–19.
Seed, H.B. and Idriss, I.M. (1971), “Simplified procedure for evaluating soil liquefaction potential,”
Journal of the Soil Mechanics and Foundation Div., ASCE, 97 (SM9), pp. 1249-1273.

354

Instability assessment of Loess using a CPT-based
evaluation method
J.P. Karam
Bonnard and Gardel – Consulting Engineers, Lausanne, Switzerland

Y.J. Cui, C. Yang
Ecole Nationale des Ponts et Chaussées, CERMES, Université Paris-Est, France

J.M. Terpereau
Société Nationale des Chemins de Fer (SNCF), France

ABSTRACT: In order to understand and evaluate the instability mechanism of
French loess submitted to actions of high speed trains, a large campaign of CPT tests
was conducted in both initially unsaturated and saturated boreholes. Results showed
that the soil manifested a decrease in its penetration resistance once the soil is fully
saturated. On the other hand, a numerical method based on shear wave velocity
measurements was used in order to evaluate and predict such instability. The method
consists of determining the initial shear wave velocity in soil using a CPT-Vs
proposed correlation and some basic geotechnical parameters, such as fines,
calcareous and water contents. The instability risk was evaluated by calculating a
factor of safety representing the ratio of the soil’s cyclic shear resistance after its full
saturation to the soil’s induced cyclic shear stress. A comparison made between the
observed in situ behavior and the predicted results shows that the loess cyclic shear
resistance is highly dependent on its initial geotechnical characteristics and its water
content: a significant decrease in the measured penetration resistance and shear wave
velocity were recorded with an increase in water content. The CPT-Vs based method
has been found to be an efficient tool in identifying layers with high instability risk.
1

INTRODUCTION

Aeolian soils, like loess deposits, are geologically unstable by nature, and can be eroded
very readily. Some recent laboratory tests conducted on loess taken from northern
France confirmed the results in the literature regarding its nature: it is a homogeneous,
typically non-stratified, porous, friable, slightly coherent, often calcareous, fine-grained,
silty and pale yellow sediment (Marcial et al, 2002; (Author Marcial is not in ref list?
Karam et al, 2006).
Between 1999 and 2004, numerous sinkholes were observed on the ground surface
after long rainy periods along the Northern French TGV (high speed rail line). These
holes can reach about 5 m diameter and 1 m depth. For the holes situated far from the
railway line, their origin was identified and attributed to cavities that had existed since
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the First World War and other existing quarries. This represents 60% of the identified
cases; the remaining 40% involved the zone of less than 25 m from the railway, for
which the collapse couldn’t be explained by cavity presence. It is worth mentioning that
the high speed train railway is subjected to an equivalent 3,500 cycles per day and
around 1270000 cycles per year. In 2003, numerical simulations by finite element modelling were performed by Geodynamics Company in order to evaluate the cyclic loads
the soil is subjected to. It was reported that until 5 m away from the railway, the vertical
cyclic shear stress varies from 11 to 23 kPa up to 4 m depth at a frequency of 20 Hz. The
load amplitude considerably decreases beyond 5 m.
In this paper, the studied loess was taken from a particular site referenced Km 140
located at 140 km North of Paris and tested for instability assessment.
2 MATERIAL
The soil’s sampling was carried out according to the French Standard (AFNOR 1994) in
a trench of 1.5 x 9 m that is 25 m from the railways. Four different depths (1.2, 2.2, 3.5
and 4.9 m) were considered. The geotechnical properties of the samples are presented in
Table 1. The liquid limit (wL) varies from 26 to 30%; the plasticity index (Ip) varies from
6 to 9 %; the dry density is rather low (d = 1.39 to 1.55 Mg/m3) that correspond to high
porosity (n = 0.43 – 0.49) or high void ratio (e = 0.76 – 0.93); the carbonate content is
quite high (% CaCO3 = 5-15%). The grain size distribution analysis showed that the clay
fraction (< 2 µm) ranges from 16 to 20%.
Table 1: Geotechnical properties of loess at Km140

Depth
(m)
1.2
2.2
3.5
4.9

%<
2µm
20
16
16
18

wL
(%)
30
28
26
30

Ip
(%)
9
9
6
9

d
(Mg/m3)
1.52
1.39
1.54
1.55

wnat
(%)
18.9
18.1
16.6
23.7

Ca
(%)
5
6
15
9

Sr
(%)
66
53
55
82

3 OVERVIEW OF THE INSTABILITY ASSESSMENT METHOD
The details of this method can be found in Karam (2006). The main input data required
to proceed with the assessment method are the fines and carbonate percents, initial water
content, dry density (or void ratio) and CPT measurements.
Step 1: Under initial in-situ conditions, CPT values are transformed into shear wave velocity profile using appropriate CPT-Vs correlation (see paragraph 4).
Step 2: Under small deformations, the passage from unsaturated shear wave velocity
profile to fully saturated conditions can be expressed using the following proposed equation:

356

 ws

f1  R  (Vs ) rec
 41  ln 
 1
(1)
f (e)
 w  wr

where f1 / f (e) is an adjustment factor that is a function of water content change, applied
vertical stress and initial void ratio. It was assumed that the void ratio doesn’t change
significantly with water content variations.
ws, wr and w are the saturated, the residual and the measured water content respectively. (Vs)rec is the shear wave velocity measured in reconstituted soil (carbonate bonding were removed by crushing then sieving the soil sample).
This equation shows that Vs can be decomposed into two terms. The first one reflects
changes in the measured shear wave velocity due to macrostructure changes due to loading, volume reduction or reduction of carbonates’ effects. The second term reflects the
effect of water content.
The term R reflects the hydro-mechanical behavior of loess due to the presence of
carbonates and clay bonding. It has been shown (Karam et al., 2009) that the clay bonding is weak but has a direct effect on the measured shear wave velocity: indeed Vs increases with an increase in the inter-particles contact surface. However, when the applied pressure increases beyond the pre-consolidation pressure or when the water content
increases significantly, the bonding are eliminated and the pore volume is reduced. R
can be expressed by the following equations:
Vs 

, P  75kPa
 a  P  b
R
m
 max(k  P ,1) , P  75kPa

(2)

where a’, b’ are function of the equivalent fines content (FC)e and P is the applied vertical pressure. The pre-consolidation pressure of the studied loess is around 75 kPa. (FC)e
represents an equivalency in bonding created by both carbonates and clay particles. It
can be expressed as follows:

% Fines

 (1  Sr ), 3.5) , P  75kPa
max(%C  
Pc 

%(FC)e  
 P 
 pre 

%C
, P  75kPa


(3)

where %C is the percent of carbonates content, Sr is the degree of saturation and Pc is
the applied pressure.
Step 3: The initial shear modulus can be calculated using the following equation:
G0 max  Vs2
(4)
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Step 4 : After a large number of undrained cyclic triaxial tests conducted on saturated
samples, a decrease in effective confining stress was observed due to an increase in the
pore pressure (Karam et al. 2009). Large deformations were also registered. Using the
liquefaction resistance curves, a correlation between the shear modulus and the equivalent number of cycles Nequ was proposed. Nequ is defined as the number of cycles needed
to reduce the shear strength of the soil by 90% (usually this phenomenon is observed at
small deformations). The proposed correlation can be expressed under the following
equation:


  

N equ  
(5)
 G0 max 
where  and  are function of the cyclic loading qcyc and the percent of cementation of
the soil. A schematic representation of the shear modulus degradation during cyclic
loading is shown in Figure 1.
Log G
G0max
90% loss in
shear modulus
Ginst
Gres

Nequ

Log N

Figure1: Schematic representation of cyclic degradation of shear modulus in triaxial test

Step 5: The cyclic resistance ratio can then be calculated using the following equation

RCR (trx )    N equ
(6)
where  and  are constants depending on the equivalent fine content of the soil.
The triaxial resistance ratio can be transformed into in-situ cyclic resistance ratio by
using the expression established by Castro et al. (1975) and which was used by other authors, such as, Finn et al. (1971) and Seed et al. (1975):
 1  2k0 
(7)
RCR (in  situ )  0.9  
  2  RCR ( trx )
 3 3 
Step 6: The cyclic stress ratio can easily be calculated using the common equation proposed by Seed and Idriss (1971):
a    
(8)
RCS  0.65   max    vo   rd
 g    'vo 
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Step 7: Finally, a safety factor (Fs) profile against cyclic instability can be calculated using:
RCR (in  situ )
(9)
Fs 
RCS

4 EFFECT OF SATURATION ON PENETRATION RESISTANCE OF LOESS
In order to evaluate the proposed testing method and to better understand the effect of
water content on the mechanical behaviour of loess, two types of CPT measures were
conducted at a site referenced Km 140. The first test, CPT101, was conducted at initial
conditions with a water content comprised between 18 and 20%. The second test, CPT1,
was conducted after wetting of the borehole area. The in-depth water content and the
cone penetration resistance profiles are shown in Figure 2. As results show, the water
content increased after wetting to around 26% at 2m depth and to 23% at 4m depth. It is
worth mentioning that the saturation water content of tested loess at 2.2m is 34%. To
water content change corresponds a significant decrease in the penetration resistance:
qc0.1 MPa between 2.2 m and 3.1 m depth after wetting. Beyond 5m, the water content
does not change significantly, neither did the cone penetration resistance’s profile.
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Figure 2: Water content and CPT profiles at initial conditions (CPT101) and after wetting (CPT1) (site
Km 140, SNCF)

5 PROPOSED CORRELATION BETWEEN VS AND CPT PARAMETERS
Many correlations between cone penetration parameters and shear wave velocity were
proposed in literature. Below are two equations proposed by Andrus et al. (2003) to determine the shear wave velocity using CPT values measured in uncemented sand and
clay:
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Vs  26.3q 

0.199

 f s 0.003 . ASF

for sands

(10)

Vs  14.3q 

0.428

 f s 0.108 . ASF

for clays

(11)

where ASF is the aging scaling factor.
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Figure 3: Comparison between measured Vs by SASW and by using CPT-Vs correlating equations proposed by Andrus et al, 2003.
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Figure 4: Calculated Vs profile in loess soil using a new CPT-Vs correlation equation.
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In order to evaluate these equations, Spectral Surface Wave Analysis (SASW) was
performed in order to determine the shear wave velocity in initial site conditions. A
STRATAVIZOR central acquisition of 48 channels was installed and connected to 48
geophones of 10 Hz. A 10 kg hammer was used as a dynamic source. The distance between the source and the first geophone was 10 m. The shear wave velocity was measured every 1.2m depth.
A comparison between the measured shear wave velocity and the calculated ones
(based on equations 10 and 11) is shown in Figure 3. The results show that for the first
2m, Vs follows the sand-correlation profile and then changes to the clay-correlation profile between 2 and 4 m depth. For larger depth, the results are erratic and no conclusion
can be made. This may be explained by the cemented nature of the loess and also to the
uncertainties in the measured values of Vs by the SASW method beyond 6 m depth.
This is why a new correlation was proposed in this paper in order to include the particular cemented nature of loess. The adjusted equation can be expressed as follows:
R
(aZ  b)
(12)
Vs  Vs1
f (e )
where Vs1 is the equation (10) proposed by Andrus et al (2003) for uncemented sand, Z
is the depth in meters. The new calculated Vs profile is shown in Figure 4. Note that for
the soil layers beyond 5 m depth, the initial geotechnical characteristics have not been
determined and a back analysis was conducted in order to match the calculated and the
measured shear wave velocity profiles.
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Figure 5: Vs profile in wetted conditions and safety factor against instability calculated using the proposed
assessment method
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6 APPLICATION OF THE INSTABILITY ASSESSMENT METHOD
The assessment method was applied directly. First the Vs profile was determined under
saturated conditions, then a cyclic loading of 23 kPa was applied and a safety factor profile was calculated (Figure 5). The results show that (except the first 0.50 m depth) the
soil layers located between 1.8 m – 2.4 m, 6.2 m – 7.8 m and 10.4 m – 11.6 m have the
lowest safety factors (0  Fs  1). The cyclic triaxial tests that were conducted on soil
specimen taken at 1.2 m, 2.2 m, 3.5 m and 4.9 m respectively showed that the soil at
2.2 m has the lowest cyclic shear resistance (Karam et al. 2009).
7 CONLUSION
A CPT-Vs based instability assessment method was applied on French loess in order to
evaluate its cyclic instability along the Northern TGV Line. When effect of particle
bonding created by clay and carbonate were taken into consideration, results have shown
good agreement between the evaluating method and the laboratory cyclic triaxial tests:
the soil situated at 2.2m has the lowest cyclic shear resistance and the soil located at
4.9m has the largest cyclic shear resistance. The instability detected in loess beyond 6m
should be considered with precaution since no laboratory data was available and a back
analysis was conducted using the SASW profile in order to determine the initial soil parameters.
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ABSTRACT: Coastal land reclamation, hillside land development, and construction of earth
structures and embankments involve placement of large quantities of fill. Such fills
sometimes need to be evaluated post-placement for a number of reasons – the need to certify
an old, undocumented fill, for forensic investigations, or to perform a more rigorous fill
quality evaluation by continuous profiling. Fill certification is a time consuming and
expensive task. This paper presents a simple methodology to use Cone Penetrometer Testing
(CPT) as a fast, relatively inexpensive way to estimate compaction of large areal fills. An
application example is presented using data from a coastal site in Southern California. The
results show that log-normal functions adequately model the relationship between relative
compaction and normalized cone tip resistance. The authors assert that with some limitations,
this method can be used for fill control in many situations.

1 INTRODUCTION
Cone Penetration Testing (CPT) has proven capable of providing reliable correlations
for various geotechnical engineering parameters. Some of the widely used CPT
correlations include soil classification (Robertson & Campanella 1983, Kurup &
Griffin 2006), estimating Standard Penetration Test blow counts (Robertson et al.
1983), and soil shear strength parameters (Chen & Juang 1996, Jamiolkowski et al.
2001). Such correlations of fundamental parameters have subsequently led to derived
parameters and analyses of earth material behavior such as liquefaction (Robertson &
Campanella 1985).
This paper presents the use of CPT for estimating relative compaction, perhaps the
most common task in geotechnical engineering, but where the use of CPT is minimal.
CPT can be a useful tool for monitoring fill compaction, especially when dealing with
large areal fills where it is a time consuming task and can quickly become very
expensive.
A fast and relatively inexpensive way to estimate the relative compaction of
existing fills is needed when post-construction evaluation has to be done for large
quantities of artificial fill placed during coastal land reclamation, hillside land
development, or construction of earth structures and embankments. Although such
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fills are usually placed under engineering control, sometimes they still need to be
evaluated after they have been placed. This may happen for a number of reasons. A
fill may be old and undocumented, and needs to be certified for a different
development. A fill needs to be independently evaluated as part of a forensic
investigation. The original compaction monitoring and testing data is judged to be
sparse or otherwise inadequate, and a more rigorous fill quality evaluation is desired.
This paper demonstrates that CPT provides such a way.
A simplified method of estimating relative compaction of both cohesionless and
cohesive soils using correlations with CPT data is presented. A comparison with
relative compaction determined by conventional field density testing was made and
found to be in good agreement.
2 CASE STUDY
A case study using data from a coastal site in Southern California is presented. The
sample site (“Site”) included 68.8 ha (≈ 170 acres) with fill thickness ranging from 3
to 18 m (10 to 60 feet). The fill material throughout the site consisted of a mixture of
sandy clays (CL) and silty sands (SM) with some interspersed gravel content and
local areas of lean clays (CL).
The fill certification process was on a fast track, and so to satisfy the time
constraints, CPT was used in conjunction with test pits/trenches and boreholes to
estimate the relative compaction of the fill within the top 4.5 to 6 m (15 to 20 feet),
the primary zone of interest.
2.1 Field data collection
As the first step, bulk samples of representative fill materials were collected from
thirty-three test pits/trenches and an approximately equal number of other surface
locations across the site. These samples were tested in the laboratory to obtain the
maximum dry densities and optimum moisture contents.
Next, data from the laboratory compaction curves was used to evaluate the
compaction of the existing fill across the site. Relative compaction was estimated
from field density data obtained by nuclear gauge testing or from in-situ density
values from ring samples collected from borings. Field density tests using a nuclear
gauge were performed at depths up to 1.8 m (6 feet) in test pits/trenches excavated in
existing fill areas. Ring samples for density testing were collected from nineteen
hollow-stem auger borings drilled at critical building locations.
Finally, CPT soundings were advanced at 91 locations, placed in a rough grid
pattern with a center-to-center distance of approximately 100 m, predominantly at the
locations of critical building sites.
2.2 Relationship between CPT and relative compaction based on existing
correlations
As the data were collected, the first attempt to model the relationship between the
relative compaction and cone tip resistance was based on existing correlations
between CPT data and soil behavior parameters. All soil types were categorized into
two broad groups, sandy and clayey, based on the classification of soil materials into
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soil behavior type (SBT) zones based on CPT data, as suggested by Douglas & Olsen
(1981) and Robertson & Campanella (1983) and summarized in Table 1. Sandy soils
comprise zones 7, 8, 9 and 10, with the other 8 zones comprising clayey soils.
Table 1. Numerical Designation of Soil Behavior Type (SBT) Zones
Soil Behavior Type (SBT)

Zone No.

Sensitive Fine Grained

1

Organic Material

2

Clay

3

Clay to Silty Clay

4

Clayey Silt to Silty Clay

5

Sandy Silt to Clayey Silt

6

Silty Sand to Sandy Silt

7

Sand to Silty Sand

8

Sand

9

Gravelly Sand to Sand

10

*Very Stiff Fine Grained

11

*Sand to Clayey Sand

12

2.2.1 Sandy soils
For sandy soils, the percentage relative compaction is estimated by following the
steps outlined below.
Step 1 – Estimate the relative density using the relationship suggested by
Schmertmann (1976):

Q 
DR  0.415 Ln  t 
 157

(1)

where DR = relative density expressed as a percentage; and Qt = overburden
normalized cone tip resistance (dimensionless).
Step 2 – Estimate the maximum and minimum void ratios using Equation 2 below.

e 

SG   w
1 d

(2)

where γd = in-situ dry density; SG = specific gravity, 2.7; γw = density of water; and
e = void ratio.
The maximum void ratio, emax, is computed from Equation 2 with γd = 1,520 kg/m3
(≈ 95 pcf), corresponding to a relative compaction of 80% (Holtz & Kovacs 1980).
The minimum void ratio, emin, is computed from Equation 2 with γd corresponding to
the maximum dry density, γmax, obtained as per ASTM D 1557. In cases where a
representative bulk sample of the soil is not tested, γmax = 2,000 kg/m3 (≈ 125 pcf) is a
good approximation for the fill material used at the site.
Step 3 – The in-situ void ratio, e, is iteratively computed as:
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where DR = relative density, computed using Equation 1; emax = maximum void ratio;
and emin = minimum void ratio, computed using Equation 2.
Step 4 – Estimate the in-situ dry density using the in-situ void ratio, computed
from Equation 3, as follows:

d 

SG   w
1 e

(4)

Step 5 – The relative compaction is now computed by definition as:

RC 

d
 max

(5)

where RC = relative compaction expressed as a percentage; γd = in-situ dry density
from Equation 4; and γmax is the maximum dry density as defined above.
2.2.2 Clayey soils
For clayey soils, the percentage relative compaction is estimated using the
relationship suggested by Schmertmann et al. (1986):

 Q  C1 
  C3
RC   t
C
2



(6)

where C1, C2 and C3 are empirical constants specific to the fine-grained fill material
used at the site. Table 2 lists the different sets of empirical constants developed for a
range of cone tip resistance for the clayey fill materials present at the site. The
corresponding RC computed using Equation 6 is also presented in Table 2.
Table 2. Relative Compaction Estimation For Fine-Grained Fill Materials
Qt Range

C1

C2

C3

RC Range (%)

Qt < 15

0

3.0

79

79 – 84

15 ≤ Qt < 63

15

8.0

84

84 – 90

63 ≤ Qt < 135

63

18.0

90

90 – 94

135 ≤ Qt < 245

135

27.5

94

94 – 98

Qt > 245

–

–

–

> 98

2.2.3 Findings based on existing correlations
Although the relative compaction estimated from the cone tip resistance using the
procedures outlined above matched well with the relative compaction obtained from
conventional methods, the process was not considered suitable because it required
individual assessment and manual tweaking for each CPT sounding to account for
material changes – at a considerable cost in time. Additionally, the results varied
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appreciably if a different maximum density-moisture content curve was assigned.
Therefore, a decision was made to look for a simpler, more direct measure.
2.3 Proposed simple, direct approach to estimating relative compaction from CPT
The data set were examined to see if groupings could be found by location within the
site or by soil type. Although most of the measured density–CPT data pairs were not
distinguishable, 24 distinguishable data groupings could be extracted. These data
groupings were then separated into data from predominantly clayey soils (CL) and
data from predominantly sandy soils (SM/SP/SC).
The data groupings are plotted as Figure 1. The best-fit trend lines represent the
correlations between Qt and RC for the two major soil classifications, and are as
follows:
RC = 11.9 Ln(Qt) + 33.7 (R2 = 0.79)

(7)

for sandy material, and
RC = 9.2 Ln (Qt) + 47.9 (R2 = 0.72)

(8)

for clayey material, where RC and Qt are as defined above; and R2 is the Coefficient
of Determination of the correlation.

RC, Relative Compaction (%)
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Qt, Overburden Normalized Cone Tip Resistance (dimensionless)
Figure 1. Correlation between Normalized Cone Tip Resistance and Relative Compaction estimated
from in-situ density data

When the correlations from Equations 7 and 8 were used to estimate the relative
compaction from CPT data, the results were consistent. Figure 2 graphically depicts a
log of the relative compaction estimated using data from a CPT sounding, and the
corresponding relative compaction computed from density data obtained from field
and laboratory tests. The log of relative compaction estimated using existing
correlations is also depicted in Figure 2. These results are typical. Similar plots for
other CPT soundings, where field and laboratory density data was available for
comparison, show that the relative compaction estimated from CPT data matches well
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with in-situ density data obtained from test pits and boreholes. The results show that a
simple log-normal function adequately models the relationship between relative
compaction and normalized cone tip resistance.
Relative Compaction (%)
80

85

90

95

100

0.0

0.5

1.0

Depth (meters below ground)

1.5

2.0

2.5

3.0

3.5

4.0

4.5

5.0
Estimated from CPT data using a sequence of existing correlations
5.5

Estimated from CPT data using authors' simplified approach
250-mm average of RC estimated from CPT data using authors' simplified approach
Computed using field and laboratory density data

6.0

Figure 2. Typical log of relative compaction estimated from CPT Data and that obtained from conventional field testing

Use of the CPT may result in “too much” information, creating a challenge in
certifying the fill. In the conventional fill certification process, one compaction test
may be conducted for every 2,000 m3 of fill and 30 cm of fill height. Less than the
specified minimum compaction (commonly 90%) would not be allowed at any of the
tested spots. The challenge of too much information in using CPT for estimating
relative compaction comes because the number of ‘compaction test data points’ can
be orders of magnitude higher, and inevitably, there will be a a small section in the
soil column where the estimated compaction is less than the minimum specified
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value. This ‘failing’ data is not directly comparable to the data from conventional
testing because each estimated compaction data point from a CPT sounding
effectively represents the compaction status of a much smaller volume of soil than
that represented by a conventional compaction test data point. The CPT-estimated RC
data should therefore be averaged to match the test frequency that a conventional
compaction specification for the same site would have called for.
In the present example, 91 CPT soundings were advanced to an average depth of
6 m below ground, penetrating between 0.3 to 5 m of fill, with a site-wide average of
3 m. Since the site area is 68.8 ha, a 3 m average thickness of fill means that the site
has approximately 2,000,000 m3 of fill. CPT data was recorded at 50 mm intervals,
resulting in a total of approximately 5,500 estimated RC data points. Thus, each CPTestimated RC value represents about 380 m3 of fill compared to 2000 m3 for each
conventional RC test. Consequently, in order to obtain an approximate equivalency,
CPT data would need to be averaged over a depth of 250 mm rather than 50 mm.
CPT-estimated RC values can now be compared in a more realistic manner to
conventional RC values by averaging the former CPT values over 250 mm depths
and taking care to avoid averaging across material change boundaries. Such a
250-mm-averaging for the CPT-estimated RC is shown as the rhombuses on Figure 2.
As can be seen, several thin zones that ‘failed’ a minimum-90%-RC criterion now
‘pass.’ This is particularly evident for the fill material present at depths between
approximately 1 m and 1.5 m below ground.
3 CONCLUDING REMARKS
Recently, there has been an increasing interest in automating and improving the fill
quality control process. Costs can be reduced if compaction can be evaluated more
rapidly and quality can be improved if such rapid tests can reliably be applied to
check fill conditions at more points. However, attempts to estimate RC from rapid
indicators also come with obstacles. First and foremost is the issue of reliability of
correlations. Then, there are the regulatory constraints until new techniques are
standardized and adopted.
Intelligent Compaction (IC) or Continuous Compaction Control (CCC) systems
approach this problem by utilizing soil stiffness or modulus as the indicator of RC
(Van Hampton 2009). Modulus based systems have shortcomings in how materials
below the contact surface are evaluated. For example, if a well-compacted layer
overlies less compacted fill a few lifts below, the modulus criteria may be met, but
long-term settlements may occur. Changes in soil type also pose challenges since
different soil types are not identified in IC as directly as in CPT. Nevertheless, a
modulus based interpretation is useful in that it is essentially a proof-rolling test.
Another related, though less sophisticated method is the Dynamic Cone
Penetrometer (DCP), used for quality control of fill compaction (ASTM D 6951).
This is a hand-driven or machine driven cone penetrometer of limited depth and
limited correlative/interpretive capability. Its success in RC correlations for fill
evaluation has been limited (Amini 2004).
A possible step forward in the endeavor of automating fill compaction evaluation
is to use a combination of the concepts discussed in this paper. An IC system could
benefit from a modified, short-stem CPT system mounted onto the roller that would
not require a separate operator. CPT data can be gathered and evaluated in
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conjunction with other data to obtain more robust site-specific correlations to RC. An
example of such correlations and their validation with conventional field density
testing were presented in this paper.
The authors expect that any method that supplants conventional RC testing will be
a tough sell to reviewing agencies, particularly in areas such as Southern California
where many residential areas are situated on thick canyon fills and fill settlement
problems can persist for decades and the fear of litigation haunts all parties, including
the permit issuer. As such, there is little incentive for grading permit issuers to
consider new approaches. Nonetheless, the hope is that in other arenas such as
transportation, where the regulatory agency itself is often the financial stakeholder,
innovative approaches may be more readily adopted.
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Evaluation of clay behavior in dam core based on CPT
Z. Skutnik
Warsaw University of Life Sciences, Poland

ABSTRACT: Usually the quality of the earth works during construction is estimated
based on samples taken from each completed layer using standard index properties
and Proctor compaction tests. During the core construction of the Czorsztyn Dam in
situ tests such as cone penetration test (CPT) among others were carried out. In
1992-1996 during the construction stage, within the dam core many cone penetration
tests (CPT) were performed at the end of each construction season. After 10 years of
Czorsztyn Dam exploitation, in 2006 two CPTs, each up to 50m in depth were carried
out in the dam core. In the case of the Czorsztyn Dam, the CPT results have been
aimed at determination of clay core homogeneity and verification of some geotechnical parameters, such as; undrained shear strength τfu and compressibility modulus M.
1 INTRODUCTION
The Czorsztyn Dam, at 55 m high, is the biggest zoned embankment dam in Poland.
The typical cross-section of the dam consists of a central silty clay core, based on a
concrete gallery, surrounded by two transition (filter) layers, and external coarse
gravel shells (Fig. 1). The dam foundation consists of sedimentary rocks, mainly
limestone. The construction of the core imposed the solution of complex design and
executive problems. The geotechnical investigations executed during construction
had the following purposes: allow determining the appropriate method of quality control of the clayey mass, verify the strength and compressibility parameters,

Figure 1. Typical cross-section of Czorsztyn Dam
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define the construction details (layer thickness, number of passes of compaction
equipment) so as to guarantee the maximum efficiency of the construction method
and assess homogeneity within the clay core, and to identify actual stress state within
the core to detect zones of stress concentration which may result in unfavorable phenomena as hydraulic piping etc.
2 STANDARD COMPACTION CONTROL TEST RESULTS

520
515

1994

1993

510

500

1992

17,5 m

505

1990-1991

6,5m

Elevation [m a.s.l.]

525

1995

5m

530

Date

Figure 2. Schedule of the Czorsztyn Dam core construction
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Construction of the core was conducted from April to the end of September each year
since 1990 to 1996. Specifications for control of compaction have been based on percentage of standard laboratory maximum dry density, that was 95 % of the maximum
dry density for each layer. The schedule of the dam core construction is shown in Fig.
2. In the first year of the core construction, the soil material used was up to 5 % wet
of optimum. It caused difficulties to achieve required percentage of dry density. Additionally shear planes were revealed in a trial pit done within the core indicating the
so-called overolling effect (Seed and Chan, 1961, Barański et al. 1994). In 1992 the
progress of the earthworks was big. At the end of this year it was decided to perform
in situ tests within the compacted mass of the dam core. The CPT, Dilatometer
Marchetti Tests (DMT) and BAT permeability tests were carried out. Also holes were
drilled within the core to obtain samples for laboratory tests. The undisturbed soil
samples by means of Shelby tubes were taken in the vicinity of the soundings profiles.
During the construction period 2170 control compaction tests were performed. Table 1 shows the results of the control compaction test statistics. Figure 3 shows the
distribution of water content and dry density within the core.

Table
1. Summary of earthwork control statistics
______________________________________________________
Statistical
w
ρd
ρdmax
wopt.
Is
w-wopt.
3
3
parametr
%
t/m
t/m
%
%
______________________________________________________
No. of tests
2170 2170 2170 2170 2170 2170
Av. value
16.00 1.816 1.874 14.20 0.97
1.80
Stand. dev.
1.38
0.029 0.015 0.80
0.014 1.342
Xmin.
10.40 1.700 1.770 12.00 0.95
-3.10
X
19.70
1.890
1.940
17.40
1.00
5.70
max.
______________________________________________________
Water content, w [%]
1,7
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530

530

525
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Elevation [m a.sl.]

Elevation [m a.s.l.]
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average w ater content
construction w ater content
optimum w ater content

1,95

515

500

485

Dry density ρ d [t/m3]
1,75
1,8
1,85
1,9

average dry density
dry density
maximum dry density
95% of maximum dry density

Figure 3. Water content and dry density values of the dam core material from control compaction tests

3 CONE PENETRATION TESTING
In regular engineering practice CPT is mainly carried out in order to assess the subsoil conditions. Normal methods of interpreting CPT data (Lunne et al. 1997) are
generally based on measured qc and fs parameters and knowledge of in situ stress
state. In the case of the Czorsztyn dam, they have been aimed at determination of clay
core homogeneity and verification of the clay core geotechnical parameters (Barański
et al. 1997). A qualitative estimation of the clay core homogeneity was possible based
on distribution of cone resistance qc in the profile. Soil classification was not an issue,
as soil type was well known. Undrained shear strength τfu and compressibility modu-

373

lus M, have been determined from CPT tests on the basis of cone resistance qc and
previous experience using the equations:

)

(1)

M = 1 / m = 5q
v
c

(2)

τ fu

(

= q −σ
/N
c
v0
k

where σv0 – overburden pressure, Nk – cone factor, assumed 17.
In spring 1993, before construction season started a few CPT and DMT soundings
were performed within the dam core. Next at the end of each construction season it
was repeated up to year 1996. In the year 2006, after 10 years of Czorsztyn Dam exploitation, two control CPTs were carried out within the dam core up to the top of
core concrete foundation slab. The special procedure of rods lubrication has been applied to achieve the desired depth. CPT was performed by GEOTEKO Geotechnical
Consultants Ltd. The soundings points were localized near the cross sections where
dam monitoring equipment has been installed. There are four monitoring cross sections in the Czorsztyn Dam.
Figure 4 shows the longitudinal section of the dam, the location of testing profiles
done during construction and in the year 2006 as well as monitoring cross sections
(1-1, 2-2, 3-3 and 4-4).
Figure 5 shows the test results (tip resistance, undrained shear strength and compressibility modulus) for the CPTs performed at the end of construction season in
1996. These tests were carried out in the upper part of the dam core which was made
of much more plastic and wet clay. Low tip resistance (less than 2 MPa) were encountered to the elevation 527 m a.s.l. (to a depth 8 m). In this zone the undrained
shear strength is 50 kPa to 200 kPa, while compressibility modulus less than 20 MPa.
It should be mentioned that for the upper part of the core construction, the clay from a
different borrow pit has been used.
CPT2’2006

CPT1’2006

1995
1994
1993
1990-92

Figure 4. Longitudinal section and location of CPT profiles at Czorsztyn Dam core.
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Figure 5. CPT results at the end of construction in 1996.

Figure 6 shows the more detailed comparison of the qc of the CPTs performed during construction of the core with the tip resistance of CPT 1 and 2 in 2006, executed
after 10 years of the dam exploitation. The detailed comparison of tip resistance was
made for the dam core from elevation of 535 m above sea level (a.s.l.) to elevation
525 m a.s.l. and for the elevations from 505 m a.s.l. to elevation 495 m a.s.l., and it is
shown in Figure 7. As we can see in Figure 3, at these zones the clay was most wet or
most dry. It can be observed that if the moisture content is at optimum or less than
optimum the core is more heterogeneous because the top of each built up soil layer is
more compacted than the bottom. If the soil is compacted on wet side the saturation
state is higher and the core becomes more homogenous. On the basis of the variable
tip resistance profiles (see Figure 6) it can be concluded that tip resistance value is
very sensitive to soil water content, much more than on dry density of the soil after
compaction. Changes of cone resistances after ten years of dam exploitation and consolidation are negligible and can be neglected for the analysis.
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Figure 6. Comparison of tip resistances of CPT performed during the core construction with profiles of
CPT 1 and CPT 2 done in the year 2006
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Figure 7. Comparison of tip resistances of CPT performed during the core construction with profile of
CPT 1 done in the year 2006 for a most soft and stiff part of the dam core.

4 CONCLUSIONS
Evaluation of the operational safety of a dam requires quantitative and qualitative information about the dam during construction, first filling of the reservoir and during
subsequent operation of the reservoir. Measurements provide the inputs for both engineering design and theories, and they tell us whether our design and theories work in
practice (DiBiagio, 2000). Measurements during construction may also be required to
verify that the project is being carried out according to the specification in the contract. The use of instrumentation to monitor and control construction activities is the
most common application of all type field measurements.
Geotechnical in situ investigations especially soundings CPT (described in the paper) and others like DMT or BAT tests can be used for estimation and verification of
the dam core geotechnical parameters (Skutnik, 2000). The main idea of this way is
to cover the whole dam core body and exchange the point measurements into tested
profiles. Additionally it allows distinguishing in the core zones of uniform parameters
that considerably improve the accuracy of numerical calculations. The determination
of shear strength parameters as well as the deformation and hydraulic parameters for
in situ stress-state conditions allows estimating the performance quality of the dam
properly and predict future behavior. All records and observations gathered on the
site may be included into system of safety evaluation of the dam.
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Use of CPT-UVOST to characterize disparate
hydrocarbon plumes in a heterogeneous environment
C. S. Laber
The Source Group, Incorporated, Thousand Oaks, California, U.S.A.

ABSTRACT: There are many challenges faced when characterizing the hydrogeologic and environmental conditions at large petroleum facilities. These include multiple
contaminant sources, contaminant types, and wide investigation areas. By applying
an adaptive sampling strategy, the Cone Penetrometer Test with laser induced fluorescence Ultra-Violet Optical Screening Technology (CPT-UVOST) was used to rapidly characterize multiple contaminant sources and determine the lateral extent of
environmental impacts while simultaneously identifying target remedial testing areas
at a large facility located in a geologically complex environment. The advantage of
using CPT-UVOST in the reconnaissance phase of assessment was demonstrated by
the ability to simultaneously characterize the pollutants and their transport pathways
over a broad area thereby reducing the time needed to implement appropriate remedial action. It also provided the rationale to focus successive assessment and remediation effort on source areas rather than downgradient areas. By integrating CPTUVOST with traditional methods, a significant costs savings was realized.

1 INTRODUCTION
The successful characterization of environmental sites where transport of contaminants occurs with groundwater flow requires a thorough analysis of the physical characteristics of the subsurface. The CPT piezocone tool provides data which can be
used to indicate the relative permeability of soils through which fluids travel. Pore
pressure data and pore pressure dissipation tests provide an understanding of
groundwater levels which profoundly affect the distribution of pollutants in both the
separate- and dissolved-phases. By comparing this data from location to location
over a broad area, an effective hydrostratigraphic model can rapidly be developed to
identify potential pollutant transport pathways and reveal controls on distribution.
Yet, this is only a part of the characterization task. The other critical need is to identify the nature, extent, and concentration of the pollutant itself. The Ultra-Violet Optical Screening Technology (UVOST) tool addresses this need for petroleum hydrocarbon sites by measuring the relative concentration and general hydrocarbon type
based on the fluorescent response of subsurface fluids to in-situ irradiation by ultraviolet light. Ultimately, the location, type, and concentration of hydrocarbons is inte-
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grated with the hydrostratigraphic model and used to develop monitoring and/or remediation strategies.
This project demonstrates the successful application of CPT-UVOST to the characterization of environmental conditions at a large petroleum refining facility where
the pollutants were poorly understood and their subsurface transport pathways were
previously unknown. The study had three main goals. First, rapidly characterize the
subsurface conditions in accessible areas in a short period of time at minimum cost.
Second, prioritize successive work areas based on the results of the initial characterization. Third, characterize the conditions in the potential source area to a degree sufficient to support reasonable remedial strategy development. An adaptive data acquisition approach was developed in accordance with ASTM Designation E1912.
2 INITIAL RECONNAISSANCE PHASE
2.1 General Description of Project Area
Due to the sensitive nature of the project, a limited amount of information can be
provided on the study area. The anonymous petroleum refining site is located in an
urban-industrial area on a geologically- young (Plio-Pleistocene-age), tectonically active coastal plain surrounded by uplifted siliceous crystalline rock. Although the
coastal plain is relatively narrow (less than 15 miles wide), sediment accumulation
has been relatively rapid due to the proximity of sediment source areas. The sedimentary package is 500 to 600m thick and materials range from clay to gravel-size.
Most sediments within project vicinity are believed to have been deposited in fluvial
and/or shallow-marine/intertidal environments. Although the sediments at the depths
investigated (less than 20m below ground surface) are generally flat-lying, considerable variability in grain size and physical properties occur within short distances. This
geologic heterogeneity is due to the proximity of the study area to the sediment
source areas and the highly variable depositional processes.
2.2 Reconnaissance Phase Study Design
Prior to implementing the initial phase of work, the study area was divided into
four subareas and prioritized based on the known or suspected environmental receptors (Figure 1). Area 3 was chosen for the initial phase since it held the most sensitive human and environmental receptors. Area 1 was given the second priority since
it was likely the source area for at least a significant portion of the plume mass.
Areas 2 and 4 were given lowest priority due to limited accessibility and lack of sensitive receptors.
In order to adequately evaluate the ten acres of Area 3, a rectangular sampling grid
was developed with 12 soundings located at an approximate spacing of approximately 30m and a total cumulative depth of investigation of approximately 20m. A greater number of sample locations were installed closer to the refining facility with the
goal of defining likely transport pathways between the facility and the potential
downgradient receptors. The presumed transport pathway was migration with regional groundwater flow.
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Figure 1. Project Map
The goals and data objectives for the initial reconnaissance phase were:
1. Develop a conceptual lithologic model in the field based on the generalized
CPT soil classification charts developed by Robertson (1990). The supporting
data was derived from piezocone data collected in accordance with ASTM
Designation D5778-95.
2. Develop a hydrostratigraphic model in the field that identified whether one or
more water-bearing zones existed in the study area based on pore pressure
dissipation test results.
3. Identify the type, concentration, and location of high concentrations of petroleum hydrocarbons. Qualitative hydrocarbon concentrations would be derived from the ultraviolet response measured by the Dakota Technologies
UVOST tool. Default hydrocarbon speciation developed by Dakota Technologies would be used to interpret different hydrocarbon types.
4. Integrate the hydrostratigraphic model and the hydrocarbon data to identify
zones of likely contaminant transport. Once the pathways were identified, design a discrete-depth groundwater sampling grid to characterize subsurface
conditions. Where no non-aqueous phase liquid (NAPL) was found, the samples were analyzed for dissolved volatile organic compounds (VOCs) and petroleum hydrocarbons in a mobile laboratory using agency-approved methods.
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2.3 Reconnaissance Phase Results
The results of the initial field study satisfied each of the intended goals and objectives for the program. The piezocone data supported the development of a hydrostratigraphic model that consisted of 4 different layers: Layer 1: a shallow unsaturated
zone consisting of sand and silt soil behavior types (SBTs); Layer 2: an unsaturated
semi-confining zone that consisted of interbedded silt and clay SBTs, Layer 3: a single saturated water bearing zone consisting of sand and silty sand SBTs interbedded
with discontinuous silty SBTs; and Layer 4: a deep low-permeability zone that likely
vertically separates Layer 3 from underlying regional aquifers believed to exist at approximately 35m (Figure 2). Pore pressure dissipation test results indicated that approximated phreatic surface relative to mean sea level was similar at each of the
depths and locations tested 14.35m MSL +/- 0.12m. They also indicated that there
was likely only one water-bearing zone within the depth range evaluated. Lastly,
they indicated that the silt/clay materials lying above the water-bearing zone were
acting as a semi-confining layer under the current high groundwater conditions.
The UVOST data indicated there were literally no occurrences of significantly
elevated fluorescence above background concentrations at any sounding location.
The highest values observed were less than 2% of the reference fluid response (diesel
fuel) and these occurred at four locations in the eastern portion of the grid. Although
these values were far lower than was originally anticipated, they were used as the basis for the development of a depth-discrete groundwater sampling grid. Groundwater
samples were collected from depths corresponding to the elevated UVOST responses
and at other depths and locations where the conceptual hydrostratigraphic model suggested higher relative permeability exist. These samples corroborated the low
UVOST response and indicated only low concentrations of dissolved hydrocarbons.
As predicted by the UVOST response, no NAPL was observed in the samples.
2.4 Significance of Reconnaissance Phase Results
The ability of the CPT-UVOST to capture large of amounts of detailed data in a
very short period of time profoundly influenced both the technical and financial direction of the project. Initially, it was anticipated that much of the project would be
focused on characterizing all of Area 3. The results of the Reconnaissance Phase
demonstrated much of this effort would be unnecessary since the observed concentrations were relatively low and nearly sufficient monitoring was in place for the upper
portion of Layer 3. The results also revealed a profound absence of monitoring for
the deeper portion of Layer 3. Prior to the Reconnaissance effort, there was no monitoring of this portion of Layer 3, nor any recognition that it represented a potential
contaminant transport pathway. This monitoring gap is critical because it represents
the last sentinel monitoring or remedial opportunity between the shallow impacted
water bearing zone and the broader regional aquifer. Thus, the study revealed that future monitoring and possibly remedial activities would have to more closely consider
the three-dimensional transport of contaminants.
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Figure 2. Conceptual model developed in Reconnaissance Area and applied to source
area with interpreted hydrocarbon concentrations and types.
Initially it was believed that considerable financial resources would be committed
to characterizing conditions in Area 3 through classic drill and sample methods.
Once the potential threat to receptors was determined to be minimal, project resources were redirected towards characterization of conditions in Area 1. Rather than
the weeks that would normally have been required to reach these conclusions had only conventional techniques been used, they were reached over the course of several
days. The use of the CPT-UVOST coupled with limited verification sampling likely
resulted in at least a 50% cost reduction for characterization efforts in Area 3.
3 SOURCE AREA CHARACTERIZATION PHASE
3.1 Source Area Characterization Study Design
Historic assessment activities suggested the bulk of the contaminant mass likely
resided in a 4 acre region near the center of Area 1. Much like the reconnaissance
study, an adaptive sampling grid was developed across the 4-acre area. Ten locations
were planned with additional locations to be added if the initial soundings failed to
adequately characterize conditions. The goals for the source area characterization
study were:
1. Determine whether the conceptual model developed in Area 3 was applicable to Area 1. Verify the anticipated soil properties through sampling with
traditional drill and sample methods.
2. If possible determine the extent of the highest concentrations of hydrocarbons in support of total mass estimation calculations.
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3. Identify the type, concentration, and location of high concentrations of petroleum hydrocarbons and if possible, identify the potential source areas
based on depth and concentration of hydrocarbon response.
3.2 Source Area Characterization Study Results
As with the reconnaissance phase, the results of the source area characterization
demonstrated that the CPT-UVOST effectively met the established goals for the
study. The CPT data reasonably predicted the observed soil types and verified that
conceptual hydrostratigraphic model developed in Area 3 was applicable to Area 1.
As part of the initial data analysis, a real-time comparison of the SBTs interpreted by
the piezocone and the directly-observed lithology was performed. In this area a CPT
sounding was advanced less than 4.5m from two continuously-cored hollow-stem auger borings. Throughout most of the evaluated depth (0-19m), the SBTs accurately
predicted soil types similar to those observed in the cored borings. A consistent exception was observed for soils between approximately 4.5m and 9.1m below ground.
In this interval the soil observed (logged according to the Unified Soil Classification
System by ASTM Method D2488) had a greater sand fraction than was interpreted by
the SBTs. This was especially true for intervals identified as SBT 6 (sandy silt to
clayey silt) and SBT 7 (silty sand to sandy silt) according the Robertson (1990) CPT
classification chart. It is possible the relatively recent age of deposition combined
with virtually no post-depositional compaction resulted in a sandy soil that demonstrates lower sleeve friction and thus higher friction ratio (%) than would be expected.
These phenomena result in the classification of a sandy soil as a finer-grained material on the Robertson (1990) charts. This phenomenon was not observed in sandy soils
evaluated at greater depths. A summary of the comparison for the 4.5- 9m range is
shown in Table 1.
Table 1. Comparison of SBTs and observed lithology from soil samples.
Depth
CPT - A
Hole O2
Hole O3
meters
Zone-SBT
USCS Lithology
USCS Lithology
4.5-5.1
8 - Sand to silty sand
Fine to medium sand
Fine to medium sand
(SP)
(SP)
5.1-5.6
7 - Silty sand to sandy silt
Fine to medium sand
Fine to medium sand
(SP)
(SP)
5.6-5.8
6 - Sandy silt to clayey silt
Fine to medium sand
No recovery
(SP)
5.8-6.8
7 - Silty sand to sandy silt
Fine to coarse sand
Fine to coarse sand (SW)
(SW)
6.8-7.0
8 - Sand to silty sand
No recovery
Fine to coarse sand (SW)
7.0-7.3
7 - Silty sand to sandy silt
No recovery
No recovery
7.3-8.2
3,4 - Clay to silty clay
Sandy silt (MLs)
Fine to medium sand
(SP)
8.2-8.8
4,5 - Clay to clayey silt
Fine to medium silty
No recovery
sand (SM)
8.8-9.1
6 - Sandy silt to clayey silt
Fine sand with silt
No recovery
(10%) (SP-SM)
All depths saturated
CPT-Soil Behaviour Type (SBT) after Robertson (1990)
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The conceptual hydrostratigraphic model for Area 1 was correlated to conditions observed in Area 3. The correlation indicates the layered stratigraphy is laterally continuous across the study area and the general orientation of the geologic layers parallel
the topographic slope present at the ground surface.
The UVOST data collected in Area 1 accurately identified areas of elevated fluorescence (greater than 75% of the reference solution) surrounded both vertically and horizontally by areas of background concentrations. By plotting the UVOST response
in cross–section over the hydrostratigraphic model, it was determined that the vertical
migration of hydrocarbons was likely controlled by the interbedded lithology (Figure
2).
To verify these high concentrations and to identify the general hydrocarbon types that
may exist in the subsurface, soil samples were collected from hollow-stem auger soil
borings advanced in close proximity (less than 4.5m) to at least two CPT-UVOST locations. The default waveform “fingerprints” developed by Dakota Technologies
were compared to laboratory analysis of the soil samples performed by U.S. EPA
Method 8015 for total petroleum hydrocarbons modified for carbon chain characterization. The Dakota Technology “fingerprints” reasonably predicted three of the four
hydrocarbon types determined to be present by laboratory analysis of soil samples
and recovered liquids including diesel fuel, kerosene, and oil (grouped as C12-C44 in
Figure 2). A fourth hydrocarbon type identified from laboratory results as a light distillate containing primarily non-aromatic, short chain compounds (C6-C12) was not
consistently identifiable by the UVOST possibly due to the paucity of polycyclic
aromatic hydrocarbons in the parent material.
By analyzing the spatial distribution of hydrocarbon response, it was determined
there were different source areas for each hydrocarbon type with pervasive commingling once parent materials reached groundwater (generally between 4.5m to 5.5m
below ground surface). The three-dimensional analysis of peak values demonstrated
that shorter chain hydrocarbon types were consistently found at shallower depths than
the longer chain hydrocarbons suggesting the longer chain hydrocarbons were released prior to the short chain hydrocarbons.
3.3 Significance of Area Source Characterization Results
Much like the Reconnaissance Phase, the effective integration of the CPT-UVOST
and conventional sample and analysis method resulted in a more rapid and detailed
characterization of the Source Area. The close correlation of SBTs with actual soil
types confirmed most aspects of initial hydrostratigraphic model and provided the
ability to extend a detailed understanding of subsurface conditions over a broad area
in a short period of time. It also provided the means to understand the potential contaminant transport pathways that may exist between the source area and the downgradient sensitive receptors.
The relatively close correspondence of UVOST response to the laboratory-derived
hydrocarbon concentrations in soil sample provided the ability to interpret contaminant concentrations over a broad area while limiting the expense of additional soil
sample analysis. The detailed UVOST hydrocarbon concentration and type data pro-
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vided the ability to isolate potential source areas and develop targeted remediation
strategies. The confirmation of the hydrostratigraphic model and the identification of
high concentration mass areas allowed the rapid development and implementation of
a pilot-scale remediation system. It also provided the means to develop long-term
remediation strategies with a higher likelihood of success.
4 CONCLUSIONS
This practical application of CPT-UVOST demonstrates its effectiveness as an environmental assessment technology because of ability to capture large amounts of detailed lithologic and chemical data in a relatively short period of time. This capability
allows the end-user to focus more detailed and expensive compliance-driven sampling efforts on smaller data gap areas or previously undefined transport pathways
where laboratory performed analyses are required. By integrating this tool with more
traditional assessment methods, the user can rapidly define subsurface conditions
over broad areas. The UVOST tool provides the ability to simultaneously evaluate
multiple contaminant types in a single data collection event thus promoting more efficient characterization. The use of the CPT-UVOST system resulted in the redirection of resources to the resolution of environmental conditions.
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Investigation and design of a fly ash road embankment in
India by CPT
A.K.Sinha, V. G. Havanagi, S. Mathur & U. K. Guruvittal
Central Road Research Institute, New Delhi, India

ABSTRACT: A sub-soil investigation was carried out for the proposed construction
of a 4 km pond ash road embankment from Kalindi Colony to Kalindi Kunj in New
Delhi, India. The proposed alignment runs along the bank of the river Yamuna and
there is a barrage towards the downstream side slope of the river. The flood back water along with sewage water gets accumulated and remains in water logged condition
almost for 6 months in a year along the proposed site. This has created soft condition
of the sub soil. In-order to evaluate the sub soil condition, field tests were carried out
by Standard Penetration Test (SPT) and Cone Penetration Test (CPT). Soil samples
were collected and their geotechnical characteristics were investigated. This paper
presents the details of the sub-soil strata in the proposed alignment, analysis and interpretation of the field and laboratory tests, settlement analysis and stability analysis
of the pond fly ash embankment. Based on the laboratory and field results, the design
of pond ash embankment with and without berm was also carried out in sudden draw
down and steady seepage condition with seismic factor.

1 INTRODUCTION
The Public Works Department, State Government of Delhi has taken up construction
of the Kalindi bye pass from Kalindi colony, Ring road to Kalindi Kunj, Delhi, India. This road alignment takes off from the ring road near Kilokri and passes
through Khizrabad, Okhla and Jasola villages and would be linked to National
Highway (NH)- 2. This alternative road is expected to decongest the NH-2. The total
length of the road alignment is about 3.6 km. During monsoon season, the flood waters from the Yamuna river and sewage from the adjoining residential colonies form
ponds in the proposed road alignment. The majority of these ponds dry up during
summer. After the detailed survey and marking the lay out at the site, it was found
that certain stretches of the proposed road were having soft slushy soil of varying
thickness. Hence, detailed sub soil investigations were taken up and obtained the data on sub-surface conditions at the site so as to evaluate the soil parameters, which
would help to determine the design and stability of the proposed road embankment.
This paper discusses the results of the sub-soil investigation, settlement analysis, and
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design and stability analysis of the designed fly ash embankment. Construction of
the fly ash embankment was in progress in 2009, as shown in the Fig. 1

Fig. 1 Typical cross section of fly ash embankment construction is in progress

2.
2.1

SUBSOIL INVESTIGATION
Standard penetration test (SPT)

For carrying out subsoil investigations, bore holes were drilled at different locations
along the road alignment up to hard strata. The sub soil investigations were carried
out in accordance with the guidelines given in BIS 1892. After studying the available information and conducting field reconnaissance of the existing site conditions,
it was decided to drive six bore holes in the 3.6 km stretch which was under investigation. The depth of bore holes was varied from 9 m to 15 m. As the road alignment
passes through the water logged area, pond fly ash filling was carried out in such
areas to create a working platform for the sub soil investigation work. This working
platform was later incorporated as a part of the road embankment. Initially bore
holes of 150 mm diameter were drilled using hand auger and were then advanced using power driven hydraulic drilling machine. Seamless flush jointed casing of 150
mm internal diameter was used to prevent collapsing of the borehole. Representative
samples of subsoil were collected at regular intervals. Standard penetration tests
(SPT) were conducted at various depths inside the bore holes as per BIS 2131. The
number of blows required for the 30 cm penetration of the split spoon sampler was
recorded as SPT ‘N’ values. The SPT N values were corrected as per the standard
procedure. The presence of soft slushy subsoil and very low SPT values indicated
that sandy subsoil is in a loose state and may experience considerable settlement due
to construction of road embankment. This led the designers to consider adopting
suitable ground improvement techniques. However adoption of such technique
would have increased the project cost considerably and created problems during implementation due to densely populated areas adjoining the stretch. Pond fly ash, being a light weight material, was an obvious choice for embankment construction in
this project. However it was also decided to undertake further studies on sub soil using Cone Penetration Test (CPT) equipment to realistically assess the in-situ sub soil
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strength. Typical subsoil investigation results by SPT (N values corrected) are presented in Table 1.
Table 1 Typical SPT values along the proposed embankment
Depth
(m)

Type of
Test

BIS Soil
Classification

3.0

SPT

5.0
7.0

SPT
SPT

Loose greyish
sandy silt
(SP)

8.5

SPT

9.5

SPT

13.0

SPT

Loose to medium dense
fine sand (SP)

Plasticity
properties

Gravel
(%)

Sand
(%)

Silt
(%)

Clay
(%)

SPT
‘N’
Value

Non
Plastic

8

81

11

0

2
3
5

Non
Plastic

0

79

21

0

4
9

Non
Plastic

0

92

8

0

17

Bore hole terminated

2.1.1 Discussion of SPT result
Starting from chainage 400 m (near Kalindi) to 2800 m, the subsoil property is not
much varying. At the proposed road location, no rock outcrop is seen. There exits
about 1 to 2 m thick loose to medium dense fill material at the top. Below this layer,
very soft loose grayish silty sand (slushy soil) exists for a thickness of about 1.5 to 3
m. Beneath this layer, loose to medium dense grayish sandy soil with mica particles
is found up to a depth of about 9 to 10 m. The subsoil below this depth is quite dense
and has concretions of nodules of varying sizes made up of impure calcium carbonate (kankar). SPT N values below 10 m were observed to be more than 20. The water table was found at a depth of 1m below the existing ground level from chainage 0
m to 800 m and almost at the ground level from chainage 800 m to 3600 m. The
SPT N values for very soft slushy soil were very low (less than 5). The natural moisture content in slushy subsoil was found to be in the range of 60 to 70 %. There was
no organic matter present in the subsoil. Clay content in the subsoil was also found
to be negligible. The subsoil up to 10 m depth is predominantly fine grained sand.
2.2 Cone Penetration Test (CPT)
Cone Penetration Test was carried out at different locations along the proposed embankment as per BIS 4968 (Part 3). Cone penetration resistance is measured by mechanical cone penetration test equipment. Cone resistance versus depth is plotted in
Fig. 2.
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Fig. 2 Depth versus Cone resistance (CPT Test) (Note: 1 kg/cm2 = 98 kPa)

2.2.1 Discussion of CPT result
From the Fig, 2, it was observed that the values of cone resistance from CPT is
around 1 kg/cm2 up to 6 m depth, 20 kg/cm2 from 6 to 8m depth and more than 20
kg/cm2 beyond 10 m depth.
3. SETTLEMENT CALCULATION FOR THE EMBANKMENT
As already pointed out in the previous section, the sub-soil in the proposed alignment consists of sandy soil up to a depth of about 15 m. For granular soils (which
include sand) the allowable pressure which may be applied on the sub-soil is governed by considerations of settlement, rather than that of the shear strength of soil.
For this reason, accurate prediction of the settlement of structures founded on granular soils is of considerable practical importance. Keeping this view, the ‘Schmertmann (1978) method’ based on cone penetration test (CPT) was adopted for settlement calculations.
3.1 Settlement calculation using Schmertmann & Hartman (1978) method
The Schmertmann and Hartman (1978) method utilising an empirical relationship
between sub-surface investigation data and soil properties to approximate the pattern
for vertical strains in the stressed soil zone, offers a procedure to calculate settlement
resulting from the combined effect of volume distortion and compression in sand
deposits. The Schmertmann and Hartman (1978) gives the following equation for
calculating settlement ():
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I 
δ  C 1 C 2 Δp   z  z
E

(1)

Where
Δp = increase in effective overburden pressure at ground level
Δz = thickness of layer under consideration
C1 = depth embedment factor
C2 = Correction factor for creep
Iz = Strain influence factor
E = Young’s Modulus
Obtaining exact value of E through testing soil samples is very difficult and
hence correlations have been developed to relate this soil modulus to CPT resistance, qc. The approximate values of E for different soil types are given below Table
2:
Table 2. Young’s modulus (E) of soil

Soil type
Sand silt mixture
Fine to medium coarse
sands
Sand-gravel mixtures

Approximate value of E in terms of qc
1.5qc
2qc to 3qc
(depending on density and compactness)
4qc

Correction factor C1 is applied to compensate for the effect of foundation depth
(or embedment), where
 σ' 
C1  1  0.5 0 
 qn 

(2)

Where  '0 = effective overburden pressure at foundation level and qn = net foundation pressure
The correction factor C2 for creep is given by
 t 
(3)
C 2  1  0.2 log10 

 0 .1 

where t is the time in years at which the settlement is calculated.
3.2 Typical settlement calculations at chainage 1600 m
Calculation of overburden pressure (Δp) at ground level due to embankment
Considering the height of the embankment, bulk density of the fill materials and
assuming the water table assumed to be at ground level, the total overburden pressure (Δp) due to embankment and pavement would be about 9.3 t/m2 (91 kPa).
Calculation of depth embedment factor C1
Correction factor C1 is applied to compensate for the effect of foundation depth
(or embedment). In the present case, the embankment would be located above
ground level and there will not be any removal of earth. Hence C1 = 1.0
Calculation of correction factor for creep C2
The correction factor C2 for creep is given by C 2  1  0.2log10  t  where t is
 0.1 

the time in years at which the settlement is calculated. Assuming the time period for
completing the construction to be 1 year, C2= 1.20
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Calculation of strain influence factor Iz
Iz = Maximum strain influence factor = 0.5  0.1 Δp
σZ

2

Δp = Net overburden pressure = 9.3 t/m (91 kPa)
σz = Vertical pressure at depth B/2 below embankment (prior to construction
of embankment)
Substituting these values, σz = 45 t/m2, so IZ = 0.546
The maximum value of Iz would be adopted for settlement calculation.
Calculation of E
The subsoil is sandy soil. So E = 2qc. Usually the CPT data is divided into several
layers representing similar sub-soil characteristics. At chainage 1+600, the CPT results are more or less similar and there is not much difference in qc values with
depth. Hence from the CPT data, the average value of qc at chainage 1+600 = 16
kg/cm2 = 160 t/m2
So E = 2 x 160 = 320 t/m2
Calculation of Δz
From the field data it is observed at chainage 1+600, the height of fly ash embankment is about 3.2 m and depth of sandy sub-soil strata is about 7.6 m. Below
the sandy sub-soil hard stratum is encountered. This hard stratum is not expected to
undergo any settlement and settlements would be confined to the sandy soil strata of
7.6 m thickness. Hence Δz = 7.6 m
Substituting the values of Δp, Δz, C1, C2, Iz, and E in equation (1),
 = 0.1447 m  About 14.5 cm
In this manner settlement was computed at different chainages using CPT data.
The computed settlement values generally vary from about 7 to 14.5 cm. The maximum settlement would be occurring from chainage 1600 m to 2000 m and it would
be about 14.5 cm. However because of the high permeability of sandy soils, most of
the settlement will occur during the course of embankment construction itself. After
the end of construction, therefore only minor settlements due to creep are likely to
occur.
4. DESIGN AND STABILITY ANALYSIS OF THE FLY ASH EMBANKMENT
Considering the results obtained from the field and laboratory investigation of sub
soil samples and embankment fly ash fill materials, design of high embankment
(5m) was carried out. Fly ash embankment was designed with soil cover of 2m
thickness and with or without a berm of 3m width. The side cover soil has a plasticity index (PI) in the range of 5 – 9 %. The side slopes of the embankment were kept
1(V):2(H). The river side of the embankment slope is protected by providing stone
pitching.
It is observed that the fly ash embankment is subjected to both sudden draw down
and steady seepage conditions under the highest flood level with seismic effect.
Sudden draw down conditions develop when flood waters recede at a very fast pace
as may happen during opening of the barrage gates during flooding.
Stability analysis was carried out using computer software. It is observed that
Factor of Safety is critical (FoS = 1) under sudden draw down with side cover of
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thickness 2m. To increase the Factor of Safety (FoS = 1.29) an additional 3m berm
was provided on either side of the embankment. The results of stability analysis are
tabulated in Table 3.
Table – 3 Results of the stability analysis of 5m high embankment
Embankment side slope conditions considered for
Bishop’s
analysis
Method
Sudden draw down condition – 2 m side soil cover
1.00
Sudden draw down condition – Berm of 3 m thick1.29
ness + 2 m side soil cover
Sudden draw down condition – Berm of 3 m thick1.57
ness + 2 m side soil cover

Petterson’s
Method
1.01
1.28
1.55

5. CONCLUSIONS
A subsoil investigation was carried out for the proposed construction of 5m high
embankment in order to evaluate the sub soil condition. Stability analysis was
also carried out to investigate the stability of designed embankment.
 The sub soil stratum in the proposed alignment of Kalindi Bye pass predominantly consists of ‘Poorly graded fine sand (SP)’. Further at shallow depths (up to
about 3 m), this material was observed to be in a loose state especially in between
the chainage 800 m to 2200 m. However this layer is devoid of clayey soil.
 Sand layer between 3 m to 15 m depth was found to be loose to medium dense.
Sub-soil below 15 m depth was found to be in a densely compacted state having
‘N’ values in excess of 20. The results of CPT tests also confirm this finding.
 Berm of width equal to 3 m and height 5 m may be provided by the river side of
the embankment from chainage 2150 m to 3000 m. This is essential to prevent
any failure of embankment side slope during to sudden draw down conditions.
 The settlement of the embankment in the total reach from chainage 00 to 3600 m
was computed to be between 7 to 14.5 cm. The maximum settlement of 14.5 cm
is expected to occur in the reach between 1600 to 2000 m. The total construction
period of the project is expected to be about two years. As the sub-soil undergoing settlement is mainly sandy type, the settlement would occur during the
construction phase itself.
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Sensitivity of CPT and DMT to stress history and aging
in sands for liquefaction assessment
Silvano Marchetti
L’Aquila University, Italy

ABSTRACT: Sand liquefaction resistance depends on a large number of factors,
some of which are arduous to detect. Without the possibility of retrieving
undisturbed samples in sands and reproducing their natural structure in the
laboratory, evidence of stress history, aging and similar factors – not easy to capture
- must be obtained from in situ tests. This paper deals with the possibilities offered
by CPT and DMT to capture stress history and aging. Consideration is also given to
the fact that even the state parameter  may be an incomplete indicator of the
liquefaction resistance CRR, since , according to its definition, does not contain the
possible benefits of stress history and aging to liquefaction resistance.

1 INTRODUCTION
Sand liquefaction resistance depends on a large number of factors. A possible list
includes: relative density Dr, in-situ Ko, stress and strain history, aging, bonding,
structure. Some of these factors have substantial influence on liquefaction resistance.
For example, most natural soils are microstructured so that, at a given void ratio, they
can sustain stresses higher than could the same material without microstructure. At
the same time, however, some of these factors are arduous to detect. Detecting them
by laboratory testing is not viable in practice, since taking undisturbed samples in
sand for laboratory testing can be complicated and prohibitively expensive.
Testing on sand specimens reconstituted even at exactly the same in situ density is
“highly questionable" (Ladd, 1977). Different reconstitution methods result in
different fabric and structure, and loss of natural bonding. Moreover estimating Dr in
situ may involve considerable error. The different structure of natural and
reconstituted specimen can result in highly different behaviour. Experiments by
Høeg et al. (2000) showed that natural silty sands exhibited a dilative behaviour,
while reconstituted specimens with the same void ratio exhibited a contractive
behaviour, which is a big difference when assessing liquefaction resistance. Given
the impossibility of analysing in the laboratory aging, bonding and similar factors,
they must be deducted from in situ tests. This paper discusses the capability of CPT
and DMT to capture stress history and aging.
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2 THREE CASES Of SENSITIVITY OF CPT AND DMT TO STRESS HISTORY
AND AGING IN SANDS
2.1 CASE 1: Sensitivity of KD to prestressing – Florida Calibration Chamber
One of the most difficult factors to detect in soils is prestressing (or prestraining).
Lambrechts and Leonards (1978) measured on laboratory triaxial sand specimens
both the initial modulus and qt before and after prestressing along the Ko line. They
found that prestressing increased the initial moduli by one order of magnitude, but
increased qt negligibly. Marchetti (1982) performed similar experiments in the
Florida calibration chamber. The dilatometer blade was inserted in the sand in two
stages. The top half of the specimen was penetrated in its just deposited NC state, the
lower half after prestressing. The results indicate that prestressing increased
considerably KD (KD = (po-uo)/’vo) but negligibly ED. MDMT also increased
considerably, as MDMT is interpreted from both ED and KD. The indication from the
above experiments was that KD is considerably more sensitive than qt (and ED) to
prestressing.
2.2 CASE 2: Sensitivity of CPT and DMT to aging – Enel Milano Calibration
Chamber
Jamiolkowski and Lo Presti (1998), using the large calibration chamber, showed that
KD is much more sensitive to cyclic prestraining than the penetration resistance qD of
the DMT blade, and presumably of the cone penetration resistance. Both qD and KD
were measured before and after prestraining the sand in the chamber. The
prestraining consisted of increasing both the vertical and horizontal stress
maintaining a constant Ko, then removing both increases, thereby returning to the
same initial stress state before the DMT testing – five cycles. In a series of tests of
this type the increase in KD caused by prestraining was found  3 to 7 times the
increase in qD. Cycles of prestraining may be viewed as a type of "simulated aging"
(at least for the mechanical non-chemical mechanism responsible of aging, consisting
in the grains gradually slipping into a more stable configuration). Prestraining speeds
the slippage of particles, which would otherwise occur over long periods of time. The
indication from the above results was that KD is considerably more sensitive to aging
than penetration resistance.
2.3 CASE 3: Reaction of KD and qt to stress history and aging under a full scale
embankment.
The Treporti (Venezia) embankment was a full-scale cylindrical heavily
instrumented test embankment (40 m diameter, 6.7 m high, applied load 104 kPa)
built on the highly stratified sandy and silty deposits typical of the Venezia lagoon.
The attention is concentrated here on the sand layer between 2 and 8 m depth. The
site is geologically normally consolidated (KD ~2), though various phenomena (like
desiccation and sea level fluctuations) have produced overconsolidation-like effects
in the top few meters. The embankment was initiated in 2002 and completed in 6
months. It applied its load for 4 years, and was removed in 2007-2008. All the
materials at the site, silts and sands, were freely draining, and never generated excess
pore pressure. Hence the end of construction coincided essentially with end of
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Figure 1. Treporti (Venezia) Test Embankment. All profiles are for the sand layer 2 to 8 m depth. (a) Influence on the various parameters of the
overconsolidation caused by the embankment. (b) How the various parameters reacted to stress history and aging.

primary consolidation. Subsequent settlements were due to creep, not to
consolidation. CPT and DMT soundings were executed: (1) before construction (2)
at the end of contruction and (3) after complete removal. The results are presented in
Fig. 1. Fig. 1a focuses on the sensitivity of CPT and DMT to the effects of
overconsolidation, and Fig. 1b on the sensitivity to the effects of aging.
Fig. 1a compares the profiles of shear wave velocity, VS, MDMT, and qt with the
post-removal profile. All the soundings in Fig.1a were executed from “green grass”,
i.e. without embankment, the only difference being the overconsolidation caused by
the embankment. By observing the pre-construction profile and the post-removal
profiles is can be noted that the overconsolidation is reflected almost negligibly by VS
(or Go), to a maximum degree by MDMT, to a medium degree by qt. It is worth noting
the “parallelism” between the in situ trend and laboratory results (e.g. Yamashita et
al. 2000). Yamashita et al (2000) showed that the benefit of overconsolidation on
modulus is practically negligible at small strains, maximum at “operative” strains,
modest at high strains.
Fig. 1b compares the profiles of MDMT, KD, qt with the end-of-construction and the
final (i.e. post-removal) profiles. The last scheme in Fig. 1b shows the settlements
under the embankments at the end of construction (end of primary) and after 4 years
of permanence of the embankment. In the 4 years the settlement under the centre
increased from an end-of-primary value of 36 cm to 48 cm, i.e. a surprisingly large
12 cm additional settlement due to creep. By comparing the end-of-primary profiles
of MDMT, KD, and qt with the after 4-years-creep profiles it can be noted that the 4years-creep effects are most vividly reflected by KD (and to some extent by MDMT).
The data presented suggest that DMT (in particular KD) is considerably more
sensitive than CPT to stress history and aging, which, as already noted, influence
considerably liquefaction resistance.
The influence of stress history on liquefaction was emphasized by Baldi et al.
(1985): "reliable predictions [of liquefiability] in complex stress-history deposits
require the development of some new in situ device [other than CPT or SPT] more
sensitive to the effects of past stress and strain histories". The quantitatively
important influence of aging on liquefaction is discussed in the next section.
3 INFLUENCE OF AGING ON LIQUEFACTION RESISTANCE
Leon et al. (2006) explicitly highlighted the importance of aging when assessing
liquefaction potential. They pointed out that commonly used correlations for
estimating the cyclic resistance ratio, CRR (from SPT, CPT, VS) were derived mostly
for young or freshly deposited sands, where the aging effect is negligible or anyway
smaller than in older soils, and are not strictly valid in older sands. They also
observed that penetration resistance is a poor indicator of the in situ conditions of
sand deposits when aging is found. The poor ability of SPT and CPT to capture the
effects of aging is ascribed by Leon et al. (2006) to their insufficient sensitivity to
detect minor changes in soil fabric that can increase liquefaction resistance, since the
disturbance during these tests may destroy or seriously damage the microstructure
effects that result from aging. In the sands studied by Leon et al. (2006), ignoring
aging effects and using a CRR evaluated from in situ tests insensitive to aging (SPT,
CPT, VS) underestimated CRR by a large 60 %.
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4 INDICATIONS EMERGING FROM THE REPORTED DATA
As observed by Monaco and Schmertmann (2007), disregarding aging is equivalent
to omitting a primary parameter in the CRR correlations. This omission may explain
the frequently observed dispersion of the CRR predictions, ultimately leading to the
generally accepted recommendation "evaluate CRR by as many methods as possible"
(e.g. Youd et al, 2001).
Since the data previously reported suggest that KD is more sensitive to stress
history and aging than other parameters obtained in situ, it would seem that KD might
have a chance to be uniquely well correlated to CRR. Of course this expectation
needs field verification.
5 COMMENTS ON METHODS FOR EVALUATING CRR
5.1 CRR from qt
At present, the basic method to evaluate liquefaction is to use CPT with the most
recently developed correlations between CRR and ‘clean sand equivalent’
normalized cone resistance, Qtn,cs (Robertson, 2009). Reviews of the methods to
determine the ‘clean sand equivalent’ can be found in Schnaid (2009) and Mayne et
al. (2009). Mayne et al (2009) also present alternative correlations to CRR having the
particularity that they contain multiple curves, rather than a unique curve. Mayne et
al (2009) also suggest the possibility of multiple CRR-Qt1n curves, depending on the
various sands. A possible reason of this multiplicity could be that a different
structure, all things being equal, may result in a similar qt but in a different CRR.
Since ignoring aging and structure is equivalent to omitting an important parameter,
it could be that the multiple curves would be reunited in a narrower band, if aging
and structure were taken into account. This reunion might perhaps occur by using
KD, which is sensitive to these factors.
5.2 CRR from Vs
The most popular among the CRR-VS correlations is the one proposed by Andrus and
Stokoe (2000) and by Andrus et al. (2004). However, these authors suggest that there
is high uncertainty associated with the correlations. Doubts about the validity of
CRR-VS correlations are also suggested by the Treporti field results in Fig. 1a. Those
results indicate scarce reactivity of VS to stress history, hence, a scarce aptitude to
correlate to CRR, considerably influenced by stress history. Doubts about possible
CRR-VS correlations are also expressed by Jamiolkowski and Lo Presti (1992), who
illustrate the lack of sensitivity of VS to the strain or stress history (Fig 2). Finally, a
concern is expressed by Andrus and Stokoe (2000) who note that, when using VS to
evaluate CRR, the VS measurements are made at small strains, whereas liquefaction
is a medium- to high-strain phenomenon. This concern is significant for bonded
soils, in which VS may be high due to (even weak) interparticle bonding, but these
may be destroyed at medium-high strains. Weak interparticle bonding can increase
VS, while not necessarily increasing CRR. For the above reasons, when using the
Seismic DMT (SDMT), which routinely provides two independent estimates of CRR,
one from KD, another one from VS, it is believed that considerable more weight should
be attributed to CRR derived from KD.
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Figure 2. Vs measured on sand specimen in the
calibration chamber during loading and
unloading (Jamiolkowski and Lo Presti, 1992)

Figure 3. CRR-KD curves for evaluating
liquefaction resistance from DMT

5.3 CRR from KD
Marchetti (1982) and later studies (Robertson and Campanella 1986, Reyna and
Chameau 1991) suggested that KD from DMT is a suitable index parameter of
liquefaction resistance. KD, besides being reactive to Dr and Ko, is noticeably reactive
to stress history, prestraining, aging, cementation, structure, all factors increasing
liquefaction resistance. Fig. 3 summarizes the various CRR-KD correlations
developed in the years. The latest is the bold curve in Fig. 3, derived by Monaco et
al. (2005). Additional details on using KD for evaluating CRR may be found in
Monaco and Marchetti (2007). An extensive database of liquefaction- nonliquefaction
CRR- KD data is badly needed for better defining the location of the curve.
5.4 CRR from KD via state parameter 
Recent research supports viewing KD from DMT as an index linked to the in situ
state parameter . Yu (2004) identified the average correlation KD -  shown in Fig.
4a (predictions for four well-known reference sands, falling in a narrow band). The
state parameter (void ratio difference between the current state of the soil and critical
state at the same effective mean normal stress p’), combines relative density and
stress level, and is rightly considered a more rational parameter for correlations with
CRR. However,  is a parameter difficult to determine, given the difficulty of
accurate estimates of the void ratio in situ. Hence, the desirability of methods for
determining  in situ, such as the curve in Fig. 4a. It should be noted, however, that
 alone is an incomplete indicator of the tendency of a sand to dilate or contract, and
in general of the liquefiability. In fact, equality of  does not imply equality of CRR.
The soil structure effect is missing in , e.g. two soils from two identical deposits,
having identical void ratio and , but with only the second soil with structure, would
have different CRR. To be related to CRR,  of the structured soil should be
increased to match the increase of CRR due to the structure. On the other hand,
despite the equality of , KD of the structured element would expectably be higher,
due to the stress history and aging effects already incorporated in KD, and could
possibly be better related to CRR.
A note of caution: while a KD -  curve derived for fresh sand could be conceptually
unique (see Fig. 4a) , for structured sands it is expectable that there will be multiple KD  curves (the higher the structure effect, the higher the KD for a given ).
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(a)

(b)

(c)

Figure 4. (a) Average correlation KD - in situ state parameter  (Yu 2004). (b) CRR as a function of
state parameter  (Jefferies and Been 2006) (c) KD -CRR correlation “derived via  ” ,
i.e.resulting from the combination of the equations in (a) and in (b).

Interestingly, a direct CRR- KD correlation can be derived by combining the KD - 
correlation in Fig. 4 with the recently developed (Jefferies & Been, 2006) correlation
CRR- (Fig. 4b). By assuming Ko=0.5, the rightmost curve KD -CRR in Fig. 4c is
obtained. The location of the resulting curve appears somewhat irrealistic – it would
predict liquefaction too often. The reason could be, at least in part, that the combined
curve is based on two semi-theoretical curves derived for fresh sand. It is finally
noted that, while the link KD - suggests in a generic way usefulness of KD for
liquefaction, the fact that  does not incorporate the benefits of structure, while KD
does, suggests the possibility (to be explored) that KD might be an index even closer
than  to CRR.
6 CONCLUSIONS
Liquefaction resistance depends on a large number of factors including: relative
density Dr, in situ Ko, stress and strain history, aging, bonding, structure. Some of
these factors, in particular stress history and aging, are very difficult to sense, both
for the impossibility of reproducing the characteristic structure of natural sand in
laboratory specimens, and for the scarce sensitivity of in situ penetration tests to such
factors. The results reported in this paper, along with additional evidence presented,
suggest that the parameter KD is considerably more sensitive than qt to stress history
and aging, two factors strongly influencing the resistance to liquefaction. On the
other hand this result was expectable, considering that the less disruptive insertion of
the blade, compared with the cone, destroys less the effects of stress history and
aging. Since ignoring aging is equivalent to omitting an important parameter in the
correlations with CRR, it is not surprising that current correlations with CRR are
dispersed or, as hypothesized by Mayne et al. (2000), may be multiple. It seems
expectable, on the other hand, that, using as liquefaction index a parameter sensitive
to aging and stress history, will results in correlations with CRR less dispersed than
previous correlations.
Recent research has identified a link between KD and state parameter . In this
regard it is noted that the state parameter alone is an incomplete indicator of the
tendency of a sand to dilate or contract, and in general of the resistance to liquefaction.
In fact, equality of  does not imply equality of CRR. The structure effect is missing in
. To be related to CRR,  of a structured element should be increased to match the
increased level of CRR due to the structure. It does not appear illogical to expect that
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KD, being a parameter related to , but at the same incorporating stress history and
aging effects, could be uniquely well correlated with CRR.
In order to verify the above expectation, it is not possible to use as reference for
calibration the CRRs from laboratory or from penetration tests. The only way
appears the accumulation, in the CRR- KD correlation, of real life experimental
liquefaction- nonliquefaction data. Good field evidence is better than somewhat
flawed theories and laboratory results.
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ABSTRACT: Following some damage to monitoring instruments in the
Masjed-Soleyman dam in Iran, an international panel was held to analyze the stability
of the dam and behavior of the clay core. A comprehensive investigation program,
using Cone Penetration Tests, was planned and executed to characterize this problem.
The 177 m height Masjed-Soleyman zoned rockfill dam was constructed in
south–west Iran on the Karun River. In this paper, the results of the CPTU
(qt, fs and u) conducted in the clay core zone are used to obtain the strength
parameters including undrained shear strength (su), over consolidation ratio (OCR)
and shear strength parameters (c’, φ’). Moreover, based on cavity expansion (CE) and
critical state (CS) theories for stiff clay soils, empirical and theoretical correlation
equations are extended and compared with the results of laboratory tests on
undisturbed soil samples.

1. INTRODUCTION
The use of the piezocone test (CPTU) for geotechnical site investigation offers
direct field measurements of soil behavior. Its execution time is much less in
comparison with conventional drilling and sampling procedures commonly used and
offers a great opportunity to accelerate the field work, thus reducing operation cost.
The CPTU provides a better understanding of the spacial variation of soil properties
and obtains strength and deformability characteristics via empirical and semiempirical
correlations. Although extensive experience exists with performing and interpreting
CPTU in sands and soft clay, relatively little experience exists with performing and
interpreting CPTU in stiff clays. A number of methods exist to infer, or predict, soil
strength parameters from CPTU data. These methods include classical soil strength
analysis charts based on cavity expansion theory, critical state theory and extensive
experience on different types of soils (Lunne et al., 1997). Soil behavior is very
complex phenomenon and too many parameters are important in the analysis of the
CPT. The main drawback of CPTU soil strength analysis charts and existing
nontraditional techniques is that they are unable to model multivariable relationships.
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Among strength parameters of soils, over consolidation ratio, undrained shear strength
and effective stress strength parameters (c’, φ’) will be discussed in this paper.
Following some damage to monitoring instruments at the Masjed-Soleyman dam,
an international panel was held in Iran Water and Power Company to analyze the
stability of the dam and behavior of the clay core. A comprehensive investigation
program was planned and executed to characterize this problem. The 177 m height
Masjed- Soleyman zoned rockfill dam was constructed in south–west Iran on the
Karun River. In order to estimate the strength parameters of core zone of a high zoned
rockfill dam (177 m high) that has been completed and impounded on November
2000 the seismic piezocone penetration test (SCPTU) was planned and executed.
This study explores the capabilities of classical soil strength analysis methods
based on cavity expansion theory, critical state theory in predicting soil strength
parameters from CPT measurements in the overconsolidated stiff clay core of the
Masjed-Soleyman dam.
2. METHODOLOGY
2.1. Masjed-Soleyman Dam
The purpose of the Masjed Soleyman (MS) hydroelectric power project is to
generate annual energy of 3700GWH to meet increasing power demands. The project
is located in south-west of Iran, in Khuzestan province on the Karun River. The
embankment of the main dam was completed in November 2000 and the reservoir
impounding commenced on December 2000 and completed in April 2000. The height
of MS Dam, a rockfill dam with center core is about 177m and the length and width
of the crest are about 480m and 15m, respectively. The crest elevation is 382m while
minimum operating, full supply and Probable Maximum Flood (PMF) levels are 369,
372 and 380m; respectively. The core material of the MS Dam, in general, is lean clay
(CL) with small proportion of GC material which was compacted with eight times
passing of 32 ton sheep foot roller in layers with thickness of about 20cm after
compaction. Table 1 presents a summary of strength parameters based on
reconstituted samples and laboratory testing.
Table 1: Strength Parameters of Masjed-Soleyman Dam from Laboratory Tests

Material

Saturated
Clay

ρ (kg/m3)

2200

Poisson’s
Ration(υ)

0.34

Shear

Friction

Dilation

Strength

Angle

Angle

(c) (MPa)

(φ) (o)

(ψ) (o)

0.4

19

0

Young’s modulus (E) (x
108 Nm2)
Depth (m)
12

31

43

93

148

-

0.3

-

0.7

1.2

2.2.In Situ tests on Masjed-Soleyman Clay Core Dam
According to as-built drawings, position of instruments and water level of
up-stream, 5 locations were chosen for the CPTU. These places should be near
enough to instruments and also minimum disruption on dam crest should be caused by
drilling during the tests. These positions are shown in Figure 1.
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Figure 1: Position of CPTU on MS Dam crest

In the first step at test location facilities that can develop sufficient reaction to
counteract the CPT thrust force were provided. In the next step dam crest was drilled
to the top layer between dam crest and the top of the core.
The CPTU rig must have a maximum thrust capacity of 200kN (20 tons). The
necessary reaction was provided by 6 large concrete blocks with total weight of 12
tons on top of the rig. During sounding an automatic data acquisition system
continuously recorded tip resistance, sleeve friction, pore water pressure together with
depth of penetration of the cone. The cone was pushed continuously downward with a
velocity of 2cm/s. All the CPT soundings were performed according to the guidelines
established by International Society for Soil Mechanics and Geotechnical Engineering
(ISSMGE). Table 2 shows brief report of CPT sounding on boreholes.
Table2: Summary report of soundings on MS Dam

CH(m)

Position

Sounding

Sounding Depth (m)

Sounding Method

160-1

4.2

Cable

160-2

23.3

Cable

260-1

15.8

Cable

260-2

23.5

Microphone

160

D/S(-3.8 m)

260

D/S(-5 m)

270
360

U/S(14 m)

270

26.0

Cable

D/S(-2.4 m)

360-1

23.6

Cable

440-1

4

Microphone

440-2

15.8

Microphone

440-3

23.3

Cable

440

D/S(-2.0 m)

The Piezocone test readings for 2 bore holes (BH 270 and BH 360) are shown in
Figure 2.
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Figure 2: CPTU profiles at clay core of Masjed-Soleyman dam

3. UNDRAINED SHEAR STRENGTH
Literature review shows that there is no single undrained shear strength. The in-situ
undrained shear strength, su, depends on the mode of failure, soil anisotropy, strain
rate and stress history. Many of the theoretical solutions and empirical correlations for
estimation of undrained shear strength related to natural normally consolidated clays.
In rockfill dams density and method of compression and clay content of clay core are
also important in evaluation of shear strength and available correlations may not be
used in such stiff clay.
The classic and most common approach to determine the undrained shear strength
(su) is based on correlating the tip resistance (qc or qt) or net resistance (qt-σv0) with
the result from laboratory tests (e.g., unconfined or triaxial compression tests) or with
the field tests by means of the correlation factor Nk (Nk = qtnet or qc/su); where su
corresponds to the undrained shear strength determined in the laboratory. Using this
approach and with the results from undrained triaxial tests (UU), a value of Nk =
15.63 was obtained which is in the range compared with the empirical and theoretical
correlations recommended by (Lunne et al., 1997).
In the following the undrained shear strength is estimated from total cone
resistance. Based on theoretical reasoning, the following relationship is used between
cone resistance and su.

qc = N c .Su + σ 0

(1)

Where: Nc = theoretical cone factor
σ0= in situ total pressure, this may be σv0, σh0, σmean
Estimation of su from CPTU is now based on equation 1 which takes the form:
Su =

(q c − σ v 0 )
Nk

(2)
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Where: Nk = empirical cone factor, σv0 = total in situ vertical stress and qc = measured
cone resistance. Obtaining shear strength with equation 2 depends on Nk (cone factor)
and σv0. Usually, σv0 can be estimated with sufficient accuracy from the overburden.
In this study pore pressure measured by CPTU sensors were negligible to ensure that
CPT equipment is working properly and to select correct form of density (Dry, Wet or
Saturated) to use in σv0= γ.h, seepage analysis was performed. The steady state model
has been analyzed by PLAXIS 2D in 10 stages (staged construction). Result shows
that ground water level is below the depth of CPT sounding and therefore σv0= γ.h can
be used (Figure 3).
28.7 m

Figure 3: Seepage analysis of Masjed-Soleyman dam with PLAXIS 2D

Based on the above analysis and equation 2, profiles of shear strength are calculated
and presented in Figure 4.
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Figure 4. Undrained shear strength and overconsolidation ration profiles

Result shows that, average obtained shear strength for the Masjed-Soleyman clay core
dam is 165 kPa.
4. OVERCONSOLIDATION RATIO (OCR)
Since about 1978 the geotechnical literature has been rich with different
approaches to obtain OCR from CPTU data. There are three main methods to derive
OCR from CPTU data which are OCR estimation based on undrained shear strength,
OCR estimation based on shape of CPTU profile and OCR estimation based on direct
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CPTU data. None of the above theories and correlations appears to be valid for all
soils. Campanella and Robertson (1988) stated that “a review of published
correlations show that no unique relationship exists between pore pressure ratios and
OCR, because the pore pressure measured at any location are also influenced by clay
sensitivity, preconsolidation mechanism, soil type and heterogeneity”.
In this research OCR was calculated based on undrained shear strength and direct
CPTU data. In the first one, su is estimated from CPTU data as outlined in previous
part. Then effective vertical stress (σ’vo) is calculated from soil profile and su/σ’v0 is
computed. Plasticity Index was obtained according to (Jafarzadeh F. 2005). Finally
OCR was estimated from correlation presented by (Andresen and Berre, 1979). The
second method is the cavity expansion-critical state method proposed by (Mayne
1991), which has been applied at several sites with satisfactory results. Herein the
original equation proposed for type 2 piezocones was used. The correction factor
ζOCR= (0.029+0.409M) was used, so the original equation can be rewritten as follows:
1.33

⎡
⎛ q − u ⎞⎤
1
2
OCR = 2 ⎢
⎜ T
⎟⎥
⎢⎣ (1.95M + 1) ⎝⎜ σv 0′ ⎠⎟ ⎥⎦

In Figure 4, the CPTU estimated OCR profiles obtained by these two methods are
shown. Table 3 summarizes estimated OCR for clay core of MS Dam.
Table3: Summary result of CPTU test on MS Dam
OCR by Andressen

OCR by Mayne

Φ’ (o)

BH No.

Ave.

Ave.

Min

Max

Ave.

Min

Max

Ave.

160

16.08

33.88

21.21

37.68

24.54

0

408.8

67.8

260

11.52

25.51

15.61

36.38

24.19

0

285.7

71

270

15.94

34.52

13.99

39.19

23.74

0.2

369.2

71

360

15.03

34.48

14

38.97

24.51

0.1

466.2

65.7

440

11.77

26.32

23.33

41.06

23.9

0.5

271.7

64.6

Average OCR=23

c’ (kPa)

Average φ’ =21

o

Average c’= 48 kPa

5. STRENGTH PARAMETERS ( ϕ ’, C’)
The effective shear strength parameters c’, φ’, are important factors of the
geotechnical design. An effective stress interpretation method has been developed by
(Senneset et al. 1989). A bearing capacity formula in terms of effective overburden
stress, σv0, can be expressed as:
qt − σ v 0 = N m (σ v′0 + a )

(3)

Where:
Bq =

Δu
qt − σ v0

(4)
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Nm =

Nq −1
1 + N u Bq

(5)

β = angle of plastification and a = attraction,

1
2

Nq = bearing capacity factor = tan 2 (45+ ϕ ′)e (π-2β)tanϕ ,
′

Nu = bearing capacity factor = 6 tan ϕ ′(1- tan ϕ ′) ,

Δu = excess pore pressure (measured immediately behind the cone).
Conceptually it is difficult to estimate the effective stress (drained) strength
parameter (c’, φ’) from a complex undrained penetration test like the CPT. Although
theoretical solutions have been proposed in an attempt to correlate CPTU parameters
with c’ and φ’, these methods are subject to serious problems. Any solution must
make major assumptions as to the distribution of total stresses and pore pressures
around and advancing cone. Unfortunately, the distribution of stress and pore
pressures around a cone is extremely complex and has not been adequately modeled
or measured, except perhaps for a soft, normally consolidated clay. The methods
should therefore be viewed as highly empirical and approximate.
Friction angle was obtained by using a recursive algorithm ,which was written by
the author, based on (Senneset and Lunne 1988) equations and charts. In this
algorithm β = -30 based on the soil conditions. Figure 5 shows profile of friction angle
for MS Dam. Table 3 also summarizes the results.
Result shows that, maximum φ of Masjed-Soleyman clay core dam is 41o and
minimum is 14o. Average obtained φ is 21o which is reasonable when compared to the
results from triaxial tests where the obtained friction angle of the core of MS Dam by
laboratory tests is 19o.
Method of (Sellountou et al., 2000) has been used to calculate effective cohesion
c’. In this method attraction (a) was extracted using total overburden (p), effective
overburden (p’) and Nm. for further detail please refer to (Sellountou et al., 2000).
Profiles and summary of information are shown in Figure 5 and Table 3.
The average estimated effective cohesion based on the CPTU for the clay core of MS
Dam is 48 kPa. Results from triaxial tests shows that the average effective cohesion of
core of MS Dam is 40 kPa.
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Figure 5: Friction angle and effective cohesion profiles

6. CONCLUSION
Based on comparison of piezocone records and laboratory data at 5 boreholes in
the overconsolidated stiff clay of Masjed-Soleyman Dam in Iran, it appears that it is
possible to evaluate su, OCR, φ’ and c’ with CPTU records by means of the
application of methods based on empirical and cavity expansion theory and it is
important to have previous knowledge of the range of values of φ’ and c’ for the site.
The su profiles estimated with Nk factor were similar to each other and the
differences caused by non-homogeneous core material. They also fitted with during
construction laboratory test results.
It was observed that estimated OCR with the (Andresen et al. 1979; Mayne 1991)
method are similar to each other for this material and comparison between theoretical
correlations and obtained profiles shows that these methods can be used for
overconsolidated stiff clay.
Obtaining strength parameters of soils by a complex undrained penetration test
like the CPT is difficult and inaccurate. Using empirical method by Senneset et al. with
a designed recursive (trial and error) algorithm results in acceptable estimation of c’, φ.
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Pile capacity for Omega piles in an unsaturated Brazilian
soil using the CPT
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ABSTRACT: An assessment of the pile capacity for omega piles through cone penetration test (CPT) is presented in this paper. Three omega piles, instrumented along
the shaft with strain-gages, were built in a Brazilian tropical soil found in the experimental test site at Unicamp (State University of Campinas), Sao Paulo, Brazil.
The soil profile and its properties have been carefully characterised and is composed
of: a 6m thick porous clay over a residual soil classified as clayey silt. Several electrical CPT tests were done in order to use the data to estimate the pile capacity of the
piles using existing CPT-based methods. Pile load tests results were also available,
that provided a comparison between measured and estimated values of pile capacity.
The results have shown that some methods for estimating the pile capacity of the
Omega piles, give extremely low values when compared to the pile load test results.
Comparisons between tip resistance and lateral friction obtained through load test
and the CPT-based methods, have shown some differences as well.

1 INTRODUCTION
Assessing pile capacity in piles through cone penetration test (CPT) has been a research theme for many years. Geotechnical engineering practice has developed several CPT-based methods and approaches to estimate axial pile capacity. Because the
CPT is a very simple test that supplies a great amount of information with depth in a
short time, and also because of its similarity with pile installation, it has become a
good tool to assess the capacity of piles. Unfortunately, differences are often found
between the estimated and real axial pile capacity, especially in unsaturated tropical
soils, and that is why further research is still needed. The assessment of pile capacity
of omega piles using CPT-based methods and comparison with static load tests carried out (both in the same season, in order to avoid differences) is presented in this
paper. The soil profile is composed of two soil layers, a porous clay overlying a
clayey silt residual soil.
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2 MATERIALS AND METHODS
2.1 Materials
The experimental test site at Unicamp, was used to install three omega piles. The
omega piles were 11.4m is length and 0.39m diameter. The Omega pile, also called
screw pile, is a soil displacement auger pile based on a screwing in - screwing out
sequence. The execution can be outlined as follows: the auger head is inserted into
the soil by rotation, and the same CFA piles machine may be used; the soil is displaced downward and laterally by the oriented slots fixed on the auger’s head at different well-selected locations on the flanges; when drilling is over, along with auger
removal with rotation, concrete is injected under pressure. Concrete, with values of
slump of around 240mm, will have a minimum consumption of cement of 400kg/m3.
The soil at the Unicamp experimental site is formed by the Serra Geral geologic formation (Vicente&Bjomberg, 1993). The first layer is a 6m thick transported sandy
silty porous clay with an NSPT < 5. The second layer is a residual diabasic soil
(clayey silt), 14m thick, with an NSPT varying from 5 to 29. The ground water level
was reached at 17m. High quality undisturbed block samples were recovered and an
extensive laboratory testing program was carried out in order to get physical and mechanical characteristics properties of both layers, which are presented in Tables 1 and
2. Five electric CPT’s were performed near the piles, to a depth of 15m. The equipment was an electrical penetrometer with a TG 73200 hydraulic system. The cone
had a friction sleeve area of 150cm2 and the point had 10cm2 with a 60 at point. The
drive speed was 2cm/s. The average electric CPT results are presented on Figure 1
(Carvalho et al. 2000).
Table 1. Principal physical soil properties at the UNICAMP experimental site. (after Albuquerque
2001)

Depth
(m)
1
2
3
4
5
6
7
8
9
10
12
14

L
(%)
52
52
51
52
49
58
62
66
69
73
70
64

P
(%)
35
38
36
37
37
41
43
47
48
49
46
43

f
(kN/m3)
13.4
13.0
13.0
13.0
15.4
15.4
14.8
15.0
15.1
16.1
16.4

Gs
2.97
2.91
2.95
3.01
3.01
2.91
2.95
3.01
3.01
2.96
3.06

w
(%)
24.3
23.4
22.8
23.7
24.6
26.3
28.1
29.9
30.5
33.8
32.8

e
1.77
1.76
1.79
1.86
1.44
1.40
1.56
1.60
1.60
1.46
1.48

n
(%)
63.8
63.7
64.1
65.0
59.0
58.2
60.1
61.5
61.6
59.4
59.7

S
(%)
40.8
38.7
37.6
38.4
51.4
54.7
53.1
56.2
57.4
68.5
67.8

f: in situ unit weight of the soil, Gs: specific gravity, w: moisture content, e: void ratio, n; porosity, S:
degree of saturation, ωL: liquid limit, , ωp: plastic limit.
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Table 2. Grain size distribution, mechanical properties and NSPT data of the soil at the UNICAMP experimental site. (after Albuquerque 2001)
Depth Clay
Sand
Cohesion* Friction angle  *
((kPa)l)
(m)
%
(%)
(º)
1
63
27
5
31.5
2
65
25
11
31.5
3
67
26
2
30.5
4
61
26
0
26.5
5
60
26
6
44
34
18
18.5
7
45
25
31
22.5
8
39
28
18
22.5
9
36
28
64
14.5
10
35
29
78
22.8
12
29
31
87
18.3
14
26
34
76
19.1
* Friction angle and cohesion – total stress values

qt (M Pa)
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4
3
2
4
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6
6
6
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8
8
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fs (M Pa)
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Figure 1. Average results of electric cone with the depth at experimental site of Unicamp

2.2 Pile Load Tests
Slow maintained load tests were performed for each pile, according with the Brazilian Standards (NBR12131/92), adopting slow load (SML). The loadings were performed in increments of 120kN, up to the load at which the displacements indicated
rupture of the pile-soil connection. Unloading was made in consecutive stages, with
load reductions of 25% of the total load achieved in the test. To perform the load test,
a 2000kN capacity load unit was used, installed between the reaction beam and the
pile head block.
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3. METHODS DESCRIPTION
The CPT-based methods by; Philippont (1978); De Ruiter &Beringen (1979); P.P.
Velloso (1981) and Bustamante & Gianeselli (1998), were used to assess the ultimate
capacity of the omega piles, but just the Bustamante–Gianeselli method, was developed to Omega piles. The procedures of each method used in this paper are:
3.1.Philipponat (1978) method.
The Philipponat (1978) method, uses the CPT results to estimate the ultimate bearing
capacity of the piles. The rupture load is considered as the sum of the skin friction
plus the point resistance.
n

Q totalcalc   U.f ui z i  A p  p q c

(1)

i 1

fu  f .

q ci
s

(2)

Where: U = perimeter of the pile, Zi = considered depth over which Ui and fui are
taken constant, Ap = cross section area of the pile tip, αp = coefficient which depend
on the soil type, qc = point resistance of the cone, αs = coefficient which depend on
the soil type and αf = coefficient which consider the pile type
The proposed values for αs and αf can be found in Philipponat (1978). In this case,
the αf value was taken as for a pressed pile.
3.2. De Ruiter and Beringen (1979) method

In the De Ruiter and Beringen (1979) method the rupture load is considered as the
sum of the skin friction plus the point resistance. The values of unit skin resistance
and unit point resistance are illustrated in table 3
n

Q totalcalc   U.f p z i  A p q p

(3)

i 1

Table 3. De Ruiter e Beringen method (1979)

Unit skin resistance (fp)
Unit point resistance (qp)

Sand
Minimum value of:
f1 = 0.12 MPa
f2 = cone friction sleeve
f3 = qc/300 (compression)
f4 = qc/400 (traction)
Minimum qp found near to the point tip

The author adopted a limit point resistance value of 15MPa.
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Clay
fp =  Su
where:
 = 1 for NC clays
 = 0.5 for OC clays
qp = 9Su

3.3. P.P. Velloso (1981) method

The P.P. Velloso (1981) method considers both the pile type (driven or bored) and
the kind of load applied (compression or traction). The frictional resistance can be
computed as:
n

Qtotal calc   pp p  U i f ui Z i   pp  qcp Ap

(4)

i 1

Where: αpp = coefficient which consider the pile type (for driven pile αpp is taking as
1 and for bored pile αpp is taking as 0.5), λp = coefficient which consider the kind of
load applied on the pile (1 for compressed pile and 0.7 for tensioned one), fui = cone
sleeve friction, Ap = cross section area of the pile, qcp : average cone resistance near
to the pile tip, β = coefficient of point load, For compression piles   = 1.016 –
0.016 (d/Dc)  0.2, For tensioned piles   = 0, d : diameter of the pile, Dc: cone diameter
In this method, the omega pile was considered as a driven pile.
3.4. Bustamante and Gianeselli (1998) method

Bustamante and Gianeselli (1998) presented a method for computing the ultimate
pile capacity for omega piles. The ultimate pile capacity is assumed to be:

Q total calc  f s .A  k BG .q c .A p

(5)

Where: fs = soil-pile friction obtained for correlations according with the pile type
and cone resistance, A = perimeter of the pile section, kBG = coefficient which depend on soil type, Ap = cross section area of the pile tip, qc = cone resistance near to
the pile tip.
The friction sleeve values from the electrical cone used in all methods were taken as
the average for each soil layer. The pile was taken as a driven pile in order to consider the pressed effect produced by the auger into the soil during execution of the hole.
4. RESULTS AND DISCUSSION
4.1 Results of the Pile Load Tests

The pile load vs settlement curves obtained from the slow load tests are presented in
Figure 2.
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Figure 2. Pile load vs settlement curves

The values of the rupture load and maximum settlement for each pile are presented in
Table 4.
Table 4. Values of load and maximum settlement obtained from load tests
Pile
Ultimate Load (kN) Settlement (mm)
Omega 1
1545
64.57
Omega 2
1420
61.83
Omega 3
1320
22.52

The average ultimate load values obtained for this type of pile were about 1428kN,
with a standard deviation of 113kN. The average unit lateral shaft friction resistance
was about 86kPa and the ultimate pile tip stress was about 16.65MPa.

4.2 Estimation of pile capacity

Notice that in Figure 3 the diagonal lines indicate perfect agreement between calculated and estimated pile capacity. The broken line represents a deviation of  20 %
from perfect agreement which has been assumed as an acceptable difference in the
estimated value by Eslami & Fellenius (1997). The estimated values presented on
Figure 3 for all the methods used in this paper, correspond with the estimated pile
capacity considering the minimum, average and maximum value of qc, fs and Rf from
all the field CPT's done at the experimental test site. The measured pile capacity plotted on the same figure corresponds with the average load test value obtained.
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Figure 3.Correlation between measured and estimated pile capacity for an omega pile by different
methods

According to the results presented in Figure 4 it can be seen that there is a large scatter between the estimated results of pile capacity and real (measured) values. Only
the P.P. Velloso (1981) and Bustamante-Gianeselli (1998) method’s give an estimated value approximately near the measured one. However the P.P.Velloso (1981)
method gives a large dispersion (variation coefficient = 24%), despite it shows a
good average, while the Bustamante-Gianeselli (1998) method, gives a good estimation of load capacity with the variation coefficient of about 7%. Figure 4 shows the
results of all the methods using in the average value of cone (qc, fs and Rf).
After performing the load tests, an Omega pile was extracted, with the objective of
knowing its geometric characteristics. A complete examination of the pile was performed, revealing important data of the shaft surface, its geometry. Albuquerque et
al. (2004) showed that the shaft presented a screw spiral-shape (like a ‘nervure’) and
a good rough surface that could help to increase the lateral friction of the pile significantly.
5. CONCLUSIONS
Pile load tests were performed on three omega piles installed in soils at a test site at
Unicamp (Sao Paulo, Brazil). Four CPT-based methods were evaluated to predict the
axial pile capacity: the Bustamante-Giasenelli (1998) method gave results similar to
average the measured axial capacity, although the estimated values were approximately 20 % less than the measured value. The Bustamante-Gianeselli (1998) method also showed that using the minimum, medium and maximum parameters obtained from the five CPT tests, the variations of results was very small, at about 7%.
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Effect of load test interpretation on the resistance factors
of driven piles
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ABSTRACT: The effect of pile load test interpretation methods on the resistance factors () of driven piles was investigated using a load test database of thirty-four
square precast prestressed concrete (PPC) piles tested to failure. For each pile load
test, the ultimate load carrying capacity was determined using nine different load test
interpretation methods. In addition, the capacity of each pile was calculated from
cone penetration test (CPT) soundings using three CPT methods and from borehole
data using the static -method. Analysis was conducted to evaluate the effect of the
load test interpretation on the resistance factors needed for load and resistance factor
design (LRFD) of single driven piles. Resistance factors for the investigated methods
were determined using reliability-based analyses, while other design input parameters
were determined based on the AASHTO LRFD design specifications for bridge substructure.
1 INTRODUCTION
This paper presents an evaluation of the effect of pile load test interpretation methods
on the resistance factors of single driven piles. The evaluation was based on a pile
load test database of thirty-four square precast prestressed concrete (PPC) piles tested
to failure. Each tested pile in the database has cone penetration test (CPT) soundings
and borehole data adjacent to its location. The ultimate load carrying capacity for
each pile was determined using nine different load test interpretation methods. The
load carrying capacity of each pile was also calculated from the CPT soundings using
three CPT methods and from borehole data using the static -method. Analysis was
conducted to evaluate the effect of the load test interpretation methods on the resistance factors needed for load and resistance factor design of single driven piles using
the CPT methods and the static -method. Resistance factors for the investigated methods were determined using reliability-based analyses, while other design input parameters were determined based on the AASHTO LRFD design specifications (1998)
for bridge substructure.
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2 PILE LOAD TEST DATABASE
Titi and Abu-Farsakh (1999) developed a load test database of thirty-four square precast prestressed concrete (PPC) piles and the corresponding soil exploration data including CPT soundings in Louisiana soils. All piles included in the database were
friction piles that showed a plunging failure during the load test. The same load test
database was used in this paper to evaluate the effect of different load test interpretation methods on the resistance factors for pile design using CPT methods and static
-method.
Analysis was conducted on each pile load test (load-settlement curve) to estimate
the ultimate capacity using nine different interpretation methods. The ultimate pile
capacity estimated from the load test using the interpretation methods (i.e. measured
pile capacity) is designated as Rm. For all test piles in the database, the coefficient of
variation of Rm, estimated using all interpretation methods, ranges from 1.1 to 11.9%.
This indicates that there is a variation in the measured pile capacity as determined by
the different interpretation methods. Therefore, the resistance factors are influenced
by the load test interpretation method used in the calibration.
3 CPT METHODS
In this research, three CPT methods were used to determine the load carrying capacity of each test pile in the database. These methods are: Schmertmann (1978), De Ruiter & Beringen (1979), and Bustamante & Gianeselli (1982). The pile load carrying
capacity determined by CPT methods is referred to as Rn. Briaud & Tucker (1988)
used the Log Normal distribution to evaluate the performance of the pile capacity
prediction methods. The Log Normal distribution is acceptable to represent the ratio
of Rn/Rm, however, it is not symmetric around the mean, which means that the Log
Normal distribution does not give an equal weight of underprediction and overprediction of the method. Therefore, the Log Normal distribution was used to evaluate the
different methods based on their prediction accuracy and precision. This was
achieved by evaluating the mean and standard deviation of the predicted to measured
capacity ratio (Rn/Rm). The use of CPT methods for the design of driven piles via
LRFD requires the determination of resistance factors as well as other input parameters. Only the resistance factor for the Schmertmann (1978) method is given in the
AASHTO LRFD Bridge Design Specifications.
4 LOAD AND RESISTANCE FACTOR DESIGN
The load and resistance factor design for highway bridge substructures is described in
details by Withiam et al. (2001). The LRFD concept hinges on the principle that the
material resistance must exceed the effect of loads, which can be expressed as:

Rn  i iQi

(1)

where, Rn is the nominal resistance,  is the resistance factor, Qi is the load effect, i is
the load factor and i is the load modifier that accounts for the effects of ductility, redundancy, and operational importance.
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In reliability-based analysis, the probability of failure is used to quantify the safety of piles. The probability of failure is expressed as:

p f = P( R < Q )

(2)

The probability of failure can also be expressed using the reliability index . The
reliability index used in this paper is based on Level I probability theory (first order
second moment reliability theory), which is considered accurate by Withiam et al.
(2001) for most purposes.
The reliability index for the CPT methods and the -static method can be estimated from the load test database and the factor of safety associated with these methods, from the following expression:


 QD

 1
 R FS 
2
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 QL
 1  COVQD  COVQL 
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ln 1  COVR2 1  COVQD
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(3)

where COVQD, COVQL, and COVR are the coefficient of variation values for the dead
load, live load, and resistance, respectively; QD, QL and R are the bias factors for
the dead load, live load, and resistance, respectively; QD/QL is the dead load to live
load ratio; and FS is the factor of safety used in these methods. The bias factor for the
resistance is the ratio of the measured resistance (Rm) to the nominal value (Rn):

R 

Rm
Rn

(4)

The ratio of dead load to live load varies depending on the span length (Hansell,
& Viest 1971). The AASHTO LRFD specifications provided values for QD/QL for
different span lengths. These values along with the values presented by Withiam et al.
(2001) are shown in Table 1.
As an example of the relationship between reliability index and probability of
failure, a reliability index of  = 2.5 corresponds to a probability of failure pf = 0.62%
for normal distribution and pf = 1 % for Log Normal distribution. Reliability index
values for common methods (e.g. -method) used to predict the capacity of driven
piles were reported in the range of  = 1.5 to 3.0 (Barker et al. 1991).
The reliability index was calculated using the load test database for the CPT methods and the static -method. The reliability index for these methods ranges from 
=1.28 to 2.19. For QD/QL of 1.58 (corresponds to span length of 27.0 m), the static method reliability index is  =1.66. These values are consistent with the range of 
reported by Barker et al. (1991).
In order to determine the resistance factors for the three CPT methods and the
static -method using the load test database, a target reliability index has to be identified. Withiam et al. (2001) indicated that a target reliability index range T = 2.0 to
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2.5 (pf = 2.5 to 0.62%) for single driven piles is reasonable. Therefore, the analysis in
this paper was conducted using reliability index values of  = 2.0 and 2.5, which will
result in probability of failure values pf = 2.5 and 0.62%, respectively.
Table 1: Variation of dead load to live load ratio (QD/QL) with span length
Span length (m)
QD/QL
AASHTO LRFD

Withiam et al. (2001)

9

0.52

0.52

18

1.06

1.04

27

1.58

1.56

36

2.12

2.07

45

2.64

2.59

50

3.00

2.88

60

3.53

3.46

The resistance factor () is determined using the Log Normal distribution of resistance with considerations of dead and live loads from the following equation:




R   D


2
2
 1  COVQD  COVQL
QD
L 
1  COVR2
QL






QD
2
2
 QL  exp T ln 1  COVR2 1  COVQD
 COVQL

 QD
Q


L



(5)

where D and L are the load factors for dead load and live load, respectively.
The resistance factors for design of single driven piles using the CPT methods
were evaluated based on load test database. The resistance bias factor R and the
coefficient of variation COVR for each method were determined from the load test database. Values for other variables in Equation 5 were obtained from the 1994 AASHTO LRFD Bridge Design Specifications. These values are QD = 1.08, QL = 1.15, D
= 1.25, L = 1.75, COVQD = 0.13 and COVQL = 0.18.
The results of analysis conducted to determine the resistance factors for the CPT
methods and the static -method using a target reliability index T = 2.5 are summarized in Table 2. Inspection of Table 2 indicates that the resistance factor () for each
prediction method (i.e.  and CPT methods), with respect to any load test interpretation method used, decreases with the increase of the span length (i.e. the dead load to
live load ratio QD/QL). As an example, the  value for -method with respect to Butler-Hoy interpretation method decreases from 0.55 for span length of 9.0 m to 0.49
for span length of 60 m. This is due to the fact that the dead load has lower uncertainty and COV compared to the live load. Among the investigated load test interpretation methods, using De Beer & Wallays method resulted in the lowest resistance values for the static -method and the CPT methods. The highest resistance values
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Table 2. Variation of resistance factor with prediction and load test interpretation methods for different
span lengths.
Resistance Factor ()
Span
Load Test Interpretation
Length
De Ruiter & BeSchmertmann
Method
LCPC
-method
(m)
ringen
0.55
0.50
0.68
0.65
Butler-Hoy
Fuller-Hoy
0.58
0.49
0.69
0.64
Davisson
0.57
0.50
0.69
0.66
De Beer & Wallays
0.52
0.46
0.63
0.62
9
Hansen-80%
0.57
0.51
0.72
0.64
Hansen-90%
0.57
0.51
0.70
0.66
Chin
0.62
0.50
0.69
0.64
Mazurkiewicz
0.57
0.52
0.71
0.67
Vander Veen
0.62
0.53
0.71
0.69
0.51
0.46
0.63
0.60
Butler-Hoy
Fuller-Hoy
0.54
0.46
0.64
0.60
Davisson
0.53
0.47
0.64
0.61
De Beer & Wallays
0.49
0.43
0.59
0.57
27
Hansen-80%
0.53
0.47
0.67
0.59
Hansen-90%
0.53
0.47
0.66
0.61
Chin
0.57
0.47
0.64
0.60
Mazurkiewicz
0.53
0.48
0.66
0.62
Vander Veen
0.58
0.49
0.66
0.64
0.50
0.45
0.62
0.59
Butler-Hoy
Fuller-Hoy
0.53
0.45
0.63
0.58
Davisson
0.52
0.46
0.63
0.60
De Beer & Wallays
0.48
0.42
0.57
0.56
36
Hansen-80%
0.52
0.47
0.66
0.58
Hansen-90%
0.52
0.46
0.64
0.60
Chin
0.56
0.46
0.63
0.58
Mazurkiewicz
0.52
0.47
0.65
0.61
Vander Veen
0.57
0.48
0.65
0.63
0.49
0.44
0.60
0.57
Butler-Hoy
Fuller-Hoy
0.51
0.44
0.61
0.57
Davisson
0.50
0.45
0.61
0.58
De Beer & Wallays
0.46
0.41
0.56
0.55
60
Hansen-80%
0.51
0.45
0.64
0.56
Hansen-90%
0.50
0.45
0.62
0.58
Chin
0.55
0.45
0.61
0.57
Mazurkiewicz
0.50
0.46
0.63
0.60
Vander Veen
0.55
0.47
0.63
0.61
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were obtained when Vander Veen method was used to determine the measured capacity from the pile load test.
Figure 1 shows a bar chart of the resistance values for span length of 9.0 m and
reliability index 2.5. Examination of the figure indicates that on the prediction methods side, the De Ruiter & Beringen (1979) method showed the highest  values
while the Schmertmann (1978) method showed the lowest  values when considering
each individual load test interpretation method.
The Davisson (1972) method is one of the most commonly used method by practicing engineers. The US Army Corps of Engineers Manual on Design of Deep Foundations (1998) listed the following methods for estimating the ultimate capacity from
pile load tests: Davisson method, Butler-Hoy, Hansen-80% and Hansen-90% method.
Inspection of Table 2 shows that the  value determined for -method based on Davisson method, Hansen-80% and Hansen-90% method varies between 0.5 and 0.57,
depending on the span length. The resistance factor ranges from 0.49 to 0.55 in case
of using Butler-Hoy method. Among the four load test interpretation methods, the
Davisson (1972) method reflects the average and therefore regarded in this paper as a
suitable method for calibrating the resistance factors.
The results of the reliability-based analyses to determine the resistance factors for the
-method and the three CPT methods with target reliability index values of T = 2.0
and 2.5, for different span lengths, are summarized in Table 3. The analysis is based
on the four methods of estimating the ultimate capacity from the pile load test, which
are Davisson method, Butler-Hoy, Hansen-80% and Hansen-90% method. Among
the four methods, using Butler-Hoy method resulted in the lowest resistance values of
 for T = 2.0 and 2.5 (pf = 2.5 and 0.62%). For example, the  value for span length
= 9 m (i.e. QD/QL=0.52) ranges from 0.67 to 0.80 for T = 2.0 (pf = 2.5%), and from
0.55 to 0.68 for T = 2.5 (pf = 0.62%).
The highest resistance values were obtained when Hansen-80% method was used
to estimate the ultimate capacity from the pile load test. For example, the value for
span length = 9 m ranges from 0.70 to 0.84 for T = 2.0, and from 0.57 to 0.72 for T
= 2.5.

Figure 1. Variation of resistance factor for the CPT methods and the static -method with respect to
different load test interpretation methods for span length of 9.0 m.
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Table 3. Summary of the analysis of resistance factors
Pile Capacity
Load Test
Interpretation Prediction
Method
Method

Davisson

Butler-Hoy

Hansen80%

Hansen 90%

Span Length (m)
9

27

36

60

 =2.0  =2.5  =2.0  =2.5  =2.0  =2.5  =2.0  =2.5

-Method

0.68

0.57

0.64

0.53

0.62

0.52

0.61

0.50

LCPC

0.77

0.66

0.71

0.61

0.70

0.60

0.68

0.58

Schmertmann

0.61

0.50

0.56

0.47

0.55

0.46

0.54

0.45

De Ruiter

0.81

0.69

0.75

0.64

0.74

0.63

0.72

0.61

-Method

0.67

0.55

0.62

0.51

0.61

0.50

0.59

0.49

LCPC

0.76

0.65

0.70

0.60

0.69

0.59

0.67

0.57

Schmertmann

0.60

0.50

0.56

0.46

0.55

0.45

0.53

0.44

De Ruiter

0.80

0.68

0.75

0.63

0.73

0.62

0.71

0.60

-Method

0.70

0.57

0.65

0.53

0.64

0.52

0.62

0.51

LCPC

0.75

0.64

0.70

0.59

0.68

0.58

0.66

0.56

Schmertmann

0.62

0.51

0.57

0.47

0.56

0.47

0.55

0.45

De Ruiter

0.84

0.72

0.78

0.67

0.77

0.66

0.75

0.64

-Method

0.69

0.57

0.64

0.53

0.63

0.52

0.61

0.50

LCPC

0.77

0.66

0.71

0.61

0.70

0.60

0.68

0.58

Schmertmann

0.61

0.51

0.57

0.47

0.56

0.46

0.54

0.45

De Ruiter

0.82

0.70

0.77

0.66

0.75

0.64

0.73

0.62

5 CONCLUSIONS
This paper presented an evaluation of the effect of pile load test interpretation methods on the resistance factors () of single driven friction piles. A pile load test database of thirty-four square precast prestressed concrete piles tested to failure was used
to calibrate the resistance factors. For each pile load test, the ultimate load carrying
capacity was determined using nine different load test interpretation methods. In addition, the load carrying capacity of each pile was calculated using three CPT methods and the static -method.
Resistance factors for the investigated methods were determined using reliabilitybased analyses, while other design input parameters were determined based on the
AASHTO LRFD design specifications for bridge substructure. Results of the analysis
showed that the resistance factor values depend on the pile load test interpretation
method. The highest and the lowest resistance factor values were obtained when
Vander Veen and De Beer & Wallays methods were used to determine the ultimate
capacity of the pile, respectively. The analyses also indicated that using Davisson method resulted in  values that are close to the average value of all investigated methods.
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