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ABSTRACT: The cone penetration test (CPT) and piezocone penetration test (CPTU)
with the measurement of pore pressure are some of the more powerful site investigation tools especially for soft clay. Most of the correlations with geotechnical data
were developed based on 10 cm2 international CPT and CPTU results, but in China
there are 15 cm2 and 20 cm2 CPT devices. Firstly, the difference between the Chinese
CPT and the international modern multifunctional digital CPTU techniques are compared. Results are presented comparing various sizes and configurations of China
double bridge CPT and CPTU in Jiangsu clays of China. According to the CPT and
CPTU tests at five sites, parameters measured by the 10 cm2 CPTU are presented and
compared to China double bridge 15 cm2 CPT. The findings provide added confidence to use the 10 cm2 international CPTU in engineering practice in China.
1 INTRODUCTION
The Cone Penetration Test (CPT) and in particular the Cone Penetration Test with
measurement of pore water pressure (CPTU) commonly referred to as the “piezocone
test” are widely used for geotechnical and geo-environmental site investigations.
However one must have confidence in the results being obtained. During the gathering of data it was found that in China the most commonly used CPT devices are the
single bridge CPT and the double bridge CPT, and the cone size was either 10, 15, or
20 cm2 cones and not the 10 cm2 device more commonly used elsewhere in the world.
The 10 and 15 cm2 refer to the cross sectional area, Ac, in Figure 1; the cones also
having different friction sleeve areas, As.
The International Reference Test Procedure for the CPT/CPTU (IRTP, 1999) only
deals with the 10 cm2 cones but allows for variation in x-sectional area: 5 cm2 to 20
cm2. For example, a larger piezocone is more robust and, depending on the load cell
arrangement and specification, can give more accurate cone resistance data in soft
soils; a smaller one can give better detection of thin layers, via the pore pressure response (Lunne et al. 1997; Tumay et al. 2001).
When different sizes of CPT and CPTU are employed, the question of scale effects
inevitably arises. For piezocones ranging in area from 5 to 15 cm2, the usual assumption, based on experience summarized by Lunne et al. (1997), is that scale effects are
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negligible in soil layers of sufficient thickness relative to the cone diameter: that is,
quantities such as the cone resistance and excess pore pressure do not depend on the
size of the piezocone. However, in highly interbedded soils, significant scale effects
are to be expected. This issue was studied theoretically by Vreugdenhil et al. (1994)
for cone resistance, and a scale effect on pore pressure was demonstrated experimentally by Hird et al. (2003), who compared the results from 1 cm2 and 5 cm2 piezocones in specially constructed soil models. Powell and Lunne (2005) compared the
results using the 10 cm2 and 15 cm2 piezocones in UK clays. Hird and Springman
(2006) presented the comparative performance of 5 cm2 and 10 cm2 piezocones in a
lacustrine clay.

Figure 1. Section through piezocone showing pore pressure effects on measured parameters (after
Lunne et al. 1997)

Most of the correlations developed for the CPT and CPTU are based on the results
from 10 cm2 test equipment. It is known that many factors can affect the results of
CPT tests if care is not taken in the specification of the equipment and testing, however little has been reported on the effects of size of device, both diameter and area of
friction sleeve, on the measured results. Based on the difference between the Chinese
CPT and the international modern multifunctional digital CPTU, this paper summarizes the testing results undertaken with 10 cm2 modern CPTU and 15 cm2 double
bridge CPT devices in well documented Jiangsu clay test sites. The findings should
give added confidence to the use of 10 cm2 modern piezocone penetrometers in geotechnical engineering practice.
2 COMPARISONS BETWEEN CHINA CPT AND INTERNATIONAL CPTU
Since the development of the original CPT in about 1932 in Holland, the CPT has
now established its position as a routine, reliable, and expedient means for geotechnical site investigation. Experiences about CPT operation and application have been
largely accumulated. Many literatures and manuals have been published. Research on
CPT continues to have high priority in USA and Europe since the origin of CPT. CPT
in China before the late 1980’s had reached the same development level as that in
Western countries. However, in the years following, the theory research and the application practice of CPT in China have been markedly lagging compared with western developed countries.
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2.1

Comparison of CPT probe standards

During the period of the early 1960’s ~ the late 1970’s, the international communication between China and western countries was few in geotechnical engineering. As
for the development of CPT, the different technical standards and specifications were
established in China, including the equipment, testing procedures and data interpretations (Liu and Wu 2004). At present stage, the single bridge CPT is only used in China. Although the double bridge CPT is developing gradually in China, its technical
standards are different from the international CPT standards, see Table 1.
2.2

Comparisons of application and its reliability

The use of CPT establishes an excellent site investigation practice, with no disturbance when compared with traditional boring methods like auger drilling, and others.
So the CPT technology is developing internationally and innovating rapidly since its
origin. However, due to the different probe standards and the lagging sensor technologies in China, the interpretation of CPT data is different and its reliability is low.
The reliability and precision of modern CPTU and its derivatives is much higher than
Chinese single or double bridge CPT.
Detailed comparisons on the applications between China and the western countries
are as follows:
2.2.1 Soil classification
Table 1 shows the different measured parameters of Chinese CPT and multifunctional CPTU. The single bridge CPT measures only one parameter, specific penetration resistance (ps) which includes cone tip resistance and sleeve friction. The
double bridge CPT can measure two parameters, qc and fs. In China, most of the
classification charts have been related to qc, fs and friction ratio, Rf = (fs/qc)•100%.
The measurements of modern CPTU include corrected cone resistance, qt , fs and u.
Several classification charts have been developed using qt, Rf and Bq, [Bq=(u-uo)/(qt σvo)], uo = static water pressure, σvo = total overburden stress (Robertson et al. 1986;
Robertson 1990). As mentioned above, the classification scheme used in China is
less accurate and reliable than that of western countries. Especially, the modern multi-functional CPTU system can provide a large amount of information in real time
during a single penetration, integrated with inclination-, seismic-, resistivity-, and
other modules.
Table 1. Measured parameters of modern CPTU and Chinese CPT (Liu, 2004)
CPT Type

ps
(MPa)

qc
(MPa)

Chinese single


bridge CPT
Chinese double


bridge CPT

Multi-functional

(qt)
CPTU
(Note: -available, -not available )

fs
(kPa)

u
(kPa)

Resistivity
(Ω•m)

Vs (m/s)

Temperature































3

2.2.2 Soil profile
Compared to the single and double bridge CPT in China, the ability of the modern
CPTU to distinguish between sands and clays is more accurate, especially if dissipation tests at specific test depths are done. Due to the sensitivity of 5 mm porous element and continuous profile, the thin sand layer among soft clay or the thin soft
layer among sands can be detected accurately. While the borings often ignore these
thin layers, which is sometimes important to foundation design.
2.2.3 Soil engineering parameters
Except for the parameters measured by the single and double bridge CPT, the measurements of the modern CPTU and its derivative parameters have been diversified.
Flow and consolidation properties are not obtained by the single and double bridge
CPT tests. However, these parameters are useful for settlement computing of soft
clay foundation as well as the improvement schemes design.
3 GROUND CONDITIONS
The test sites are located in the Jiangsu province, which geologic element comprises
the Quaternary deposits. These Quaternary deposits are located in Nanjing, Lianyungang, Changzhou, Suzhou and Taizhou city respectively (Figure 2). The Quaternary
deposits are backswamp, marine, alluvial and lacustrine, including clay, silty clay, silt
and silty sand. Results have been gathered from five well documented test bed clay
sites and data from these will be presented in this paper to illustrate the findings in the
following soil types;1 slightly overconsolidated marine clay, 2 moderately overconsolidated alluvial and lacustrine clays and 3 normally overconsolidated backswamp
clays. Details of their basic properties are given in Table 2.
N

Lianyungang

Jiangsu Province
CPT/CPTU testing sites
China Map

Nanjing

Taizhou
Yangzi River

Changzhou
Suzhou

China Beijing

Figure 2. Location of the five CPT/CPTU test sites

4 PIEZOCONE PENETROMETER EQUIPMENT
The specifications of the available China double bridge CPT and modern CPTU cones, are given in Table 3. The modern CPTU piezocone used in this study had shoulder
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filters for pore water pressure measurements (u2). The cones were calibrated over the
range of loads likely to be encountered on the sites.
Table 2. Soil properties of the clay sites
Sites
Jinling library
Lianyan expressway
Ningchang expressway
Husuzhe expressway
Taizhou

w (%)
41-43
74-76

wp (%)
20-22
37-39

wL (%)
37-39
63-65

Ip
16-17
23-25

e
1.187-1.206
1.992-2.116

γ（kN/m3）
17.3-17.8
15.3-16.6

23-25

19-22

38-39

17-18

0.603-0.733

19.4-19.9

53-54
37-39

21-23
18-20

41-43
30-32

18-20
12-13

1.005-2.093
1.056-1.185

15.3-18.5
17.6-17.8

Table 3. Details of CPT/CPTU used
Cone type
Modern CPTU
China CPT

Apex angle (°)
60
60

Cross sectional
area-cone (cm2)
10
15

Surface area of friction sleeve (cm2)
150
300

Area ratio a
0.80
-

The baseline tests were performed using a 10 cm2 single-element Hogentogler
electronic cone with an interchangeable tip (Hogentogler & Co., Columbia, Md.), capable of measuring u2 pore water pressures. The vertical force on the end of the cone
was measured with a load cell of 100 kN capacity. The combined force on the end of
the cone and on a friction sleeve of area 150 cm2 was similarly measured, and the
force on the friction sleeve was calculated by subtraction. The China cone was connected to 10 cm2 driving rods by a tapered connector. Note that modern electronic
cones provide the signal conditioning and amplification of data downhole within the
penetrometer, whereas electric (China) cones require amplification of the signals by
the data acquisition system at the ground surface.
It is well established that pore water pressures in the ground generated as a result of
the cone penetration influence the measured results (Lunne at al. 1997; Cai et al.
2006). Due to the “inner” geometry of a cone penetrometer the ambient pore water
pressure will act on the shoulder area behind the cone and on the ends of the friction
sleeve, as shown on Figure 1. For the cone resistance the unequal area is represented
by the cone area ratio “a” which is approximately equal to the ratio of the crosssectional area of the load cell or shaft, An, divided by the projected area of the cone Ac
as shown in Figure1. The corrected total cone resistance is given by the equation:
qt  qc  u 2 (1  a )

(1)

where u2 = pore pressure acting behind the cone. The determination of the cone area
ratio “a” is best made by the use of a simple calibration vessel and not by idealized
geometrical considerations (Lunne et al. 1997). It has been shown that when applying
the correction to qc consistent results can be obtained in terms of the corrected cone
resistance qt when comparing a variety of 10 cm2 cones with different internal geometries (Lunne et al. 1997).
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5 EXPERIMENTAL RESULTS
The CPT measures 2 parameters, namely the cone resistance (qc) and the sleeve friction (fs). While the CPTU measures 3 parameters, which are the cone resistance (qc),
the sleeve friction (fs) and the pore pressure (u). It has been usual to present these
measurements as profiles plus the friction ratio (Rf = fs/qc expressed as a percentage).
As a result of the foregoing discussion all measured cone resistances were corrected
for pore water pressure effects but the sleeve frictions were left uncorrected as u3 was
not measured. The CPT and CPTU tests were carried out at 28 locations. Typical
spacing between adjacent CPT and CPTU was 2 m for reducing the soil variability.
The elevations of the ground surface at different sites were measured and the difference in elevation considered.
To quantify the differences between CPT and CPTU measurements, the ratios of
the CPTU to CPT cone resistance (qc or qt) and sleeve friction measurements were
calculated for each site. The depth increment of 10 mm was used and the data were
averaged over the depth interval before calculating the ratio. The ratios with depth are
shown in Figure 3 for the five sites, respectively. The reference line positioned at a
CPTU to CPT ratio equal to one in the plots of average ratios represents the theoretical value if soil variability was eliminated and if there was no effect of cone size. In
general, the ratios of cone resistance and sleeve friction measurements fluctuate near
one, and the measured values increase with depth. For each increment, the mean and
coefficient of variation of the qc (or qt) and fs CPTU to CPT ratios were calculated.
The average CPTU to CPT qc ratios are in range of 0.75-1.25, while the average fs ratios range from 0.87 to 1.53. The coefficient of variation for CPTU/CPT ratios ranges
from 8% to 28%. The coefficient of variation of the fs ratios is on average 25% larger
than the qc ratios. Further insight into the factors that affect both the qc and fs ratio
values is obtained when the soil profiles are distinguished. It should be mentioned
that the tendency of variation is dependent on the soil types. For the soft clay sites
(Figure 3b and d), the average ratio of the friction sleeve is always significantly
greater than the average qc ratio. For the topsoil such as fill and silty clay, the ratios
CPTU to CPT fluctuate drastically.
Both the qc and fs ratios contain some horizontal variability. However, soil variability is not the sole source of the large increase observed in the fs measurement, since
the fs ratios are much larger than the qc ratios. If soil variability was the only cause for
the ratios to be greater than one, the ratios of qc and fs would be similar (if not equal).
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Figure 3. Statistical analysis of qc and fs ratios at the five sites

6 CONCLUSIONS
Firstly, the difference between the Chinese CPT and international modern CPTU
techniques are compared. The comparison includes the different standards, specifications, measurement functions and their reliability. CPT and CPTU soundings performed at the five Quaternary clay deposits sites in Jiangsu province of China have
provided valuable information on the penetration resistance and pore-water pressure
behavior observed in different soils. The CPT and CPTU soundings and dissipation
tests were completed using two different penetrometers including two sizes (10 and
15 cm2) equipped with shoulder u2 filter elements.
Measured cone resistance is a function of individual cone inner geometry. Corrected cone resistance appears unaffected by cone size when pore water pressure effects are taken into account. Measured sleeve friction would appear to be very similar
for two cones and, within a general scatter band, implying it to be independent of
sleeve diameter and sleeve area. However in soft soils the inaccuracies may mask end
area effects. It appears that there is little difference between 150 and 300 cm2 friction
sleeves on cone penetrometers. Most consistent parameter especially in soft soil is the
pore water measurements provided good saturation is achieved and maintained. Provided care is taken in calibration and cone set up then results from 10 and 15 cm2
cones are generally comparable in clay soils.
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The general implications for engineering practice are that correlations based on 10
cm2 piezocones can be used with the same confidence for 15 cm2 China double bridge
cones. The information available with regard to 15 cm2 cones will be significant in
concluding the debate on size of friction sleeves when standardization of the 15 cm2
devices is completed.
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Safely uncovering deep foundations and services with
magnetometer cone
S. N. Elgun, C.A.H.M. van Isselt & R. Jansch
Fugro Ingenieursbureau B.V., Leidschendam, the Netherlands

ABSTRACT: A recurring issue for drillers, building contractors, water board districts, service and energy companies is the lost or lacking knowledge on the dimensions or positions of existing underground structures and obstacles such as unexploded ordnance (UXO). There are problems with old barriers and reinforced dams,
where the length of old sheet-pile walls are often unknown. To build safely close to a
water-retaining structure, the position of ground anchors need to be known to avoid
problems during pile driving. When adding more power lines to existing suspension
towers, the position and length of the reinforced foundation piles needs to be known.
A CPT penetrometer with built-in tri-axial magnetometer has been developed. With
this combi-cone, ferromagnetic materials in the underground can be detected. Together with the earth’s magnetic field strength in 3D, the normal CPT parameters
such as point resistance, sleeve friction, slope and pore pressure can be measured.
1 INTRODUCTION
In 2004 Fugro developed a cone with a built-in magnetometer. With the magnetometer ferro-metallic objects in the underground can be detected. In addition to the magnetic field, the normal CPT parameters, like point resistance, sleeve friction, slope
and pore pressure, can also be measured with this cone.
This paper briefly highlights the rationale to develop this combi-cone, its technical
implementation and the application possibilities by means of examples. The advantages of this combi-cone over traditional detection techniques is also discussed.
2 MOTIVATION FOR DEVELOPMENT
The reason for developing the magnetometer cone was two-fold. The first reason was
the desire to improve safety conditions during regular CPT work. Engineers and contractors can encounter many problems with underground high voltage cables, pipelines, etc., often forming a dense network of obstacles. In addition, unexploded ordnance (UXO) from World War II also causes unsafe situations and risks for the
operators and equipment in the field.
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The second reason for developing the combi-cone was the ongoing request from
clients for more information on the underground and the location of constructions
and obstacles. There were requests from water board districts regarding the determination of the length of steel sheet pile walls and the location, length and inclination
of the ground anchors connecting the sheet pile wall. There were also requests from
building contractors regarding the length and inclination of underground concrete
foundation piles.
3 TECHNICAL PERFORMANCE
The Fugro magnetometer cone is a combination of a normal cone, with sensors that
measure parameters such as point resistance, sleeve friction, slope and pore pressure,
and a magnetometer sensor that measures the earth’s magnetic field strength in 3D.
For the magnetometer sensor, a magnetometer chip was selected that fits in the same
housing as the normal sensors, while the housing itself is demagnetised steel that prevents measuring inaccuracies. The magnetometer sensor measures the earth’s magnetic field strength in three orthogonal directions, with an accuracy of 20 nT. For a
schematic presentation see Figure 1.

Figure 1: Schematic magnetometer cone

The cone is available as a stand-alone tool (i.e. magnetometer + inclinometer) or
as a combination tool that includes regular Fugro cones (i.e. sleeve, friction, slope,
pore pressure). Certain special cones (i.e. seismic, ROST and MIP) can also be
equipped with a magnetometer sensor.
For logging of the magnetometer data the standard Fugro acquisition software has
been adapted. Because the sensor measures the magnetic field in 3 orthogonal directions (X, Y, Z), metal objects located under the cone tip are also detected. The CPT
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data logging system continuously collects and displays tip resistance, cone friction,
and magnetic field strength in real time, allowing immediate decision making on the
presence of metal objects such as UXO. The probe is fitted with two perpendicular
inclinometers to monitor the direction of the probe. See Figure 2 for an example of
the online display screen.

Figure 2: Screen shot of online logging software, showing the following data in the top window with the corresponding colours in the graph: Depth [m], Cone resistance [MPa], Sleeve friction [MPa], Magnetic Field in Z direction [nT], Magnetic Field in Y direction [nT], Magnetic Field in X direction [nT], Slope in X direction [Deg],
Slope in Y direction [Deg], Total Magnetic Field [nT], Friction Ratio and CPT velocity [cm/s]. In the middle window on the right-hand side the coordinates are displayed. The lower window on the right-hand side shows a rose
with cone direction of the cone and offset from the vertical.

4 APPLICATIONS
4.1 Cables & Pipelines
The location and depth of deep buried power cables and pipelines are often unknown.
To determine the exact location and depth of a buried high Voltage power cable or
pipeline, a series of magnetometer CPT’s perpendicular to the direction of the cable
or pipeline are executed. The first CPT is normally set at a 2.5m offset from the theoretical position of the cable/pipeline, the following CPT’s are set 0.5 m from the previous CPT’s in the direction of the cable/pipeline. An average of 3-4 CPT’s is sufficient to determine the location and depth of the cable/pipeline.
Figure 3 shows an example of CPT data acquired with the magnetometer cone
next to a buried pipeline.
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Figure 3: Example of a CPT plot with magnetometer data performed next to a buried pipeline at a
depth of 12.5 m. The first window on the left side shows the regular CPT data, with the measured cone
resistance and the sleeve friction and the calculated friction ratio. The second window shows the
measured magnetic values in the X, Y and Z direction. The third window shows the calculated total
magnetic field gradient and the calculated horizontal magnetic field gradient. The last window shows
the calculated horizontal angle and the calculated vertical angle.

4.2 UXO
During World War II, Europe was severely bombed and it is estimated that 10% of
the dropped bombs did not explode. A large portion of this unexploded ordnance
(UXO) is still present in the underground and can be hazardous during groundwork,
such as digging, drilling, foundation works, piling, dredging, etc. In the soft soil in
the western part of Holland, UXO’s are found up to a depth of 18 m below ground
level, to deep for surface detection.
Locations marked as suspicious regarding the presence of UXO's require that
CPT’s and drillings are carried out during geotechnical or environmental investigations. The geotechnical investigation can only take place safely, if a pré-research to
the possible presence of UXO’s has been done.
The top 3 metres of a site is investigated using various surface detection methods,
while the magnetometer cone is used for the deeper investigations. By using the combined magnetometer and regular cone, or combi-cone, the geotechnical investigation
can be extended to investigate possible presence of UXO’s, saving money and time.
Regular types of ordnance can be detected at distances of 2 metres from the probe,
extending the separation between test points to 2.8 metres and reducing ground disturbance.
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Conducting CPT work in areas with possible UXO's using the combi-cone is therefore safer, quicker and cheaper than the more old-fashioned alternative of drilling
holes, installing casings, deploying a magnetometer probe in the casings and finally
performing regular CPT’s.

4.3 Foundation piles
Placing extra power cables or antenna’s on the power pylons owned by energy companies is always associated with an investigation of the strength requirements of the
construction and foundation of the pylons. As most of the pylons are already decades
old, the foundation data is often lost. Fugro is engaged to provide the missing foundation data of the pylons and the foundation blocks by means of geophysical surveys.
Since the foundation piles for power pylons consist mainly of metal or reinforced
concrete, the magnetometer cone has been successfully used to determine pile length,
brace position, and the number of piles per pylon.

Figure 4: Example of an interpretation of magnetic CPT data of a foundation pile. The blue line is the
measured data, the red line is the interpretation of the model, both plotted against depth. The first five
windows from left to right showing respectively: the measured magnetic field in X, Y and Z, the calculated total magnetic field and the calculated vertical gradient of the total magnetic field. The last window shows a model of the foundation pile in red and the CPT in green, both plotted against depth.
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4.4 Steel and reinforced sheet pile walls
With the rising of the water level in channels, rivers and at the coast, several water
board districts encounter problems with barriers and dams. A part of the problem is
the unknown length and strength of old sheet-pile walls. The combi-cone determines
both the length of the sheet pile wall as well as the soil structure of the underground.
Contractors building close to a water-retaining structure such as a sheet pile wall
will encounter ground anchors with their foundation piles. To build safely, the position, length and inclination of the ground anchors needs to be known. With two or
three magnetometer CPT’s per anchor, and the GPS position of the visible anchor
head in the sheet pile wall, the position, length and inclination of the ground anchors
can be determined.
5 CONCLUSIONS
The development of the combi-cone cone opens up many new possibilities for detecting metal obstacles in the ground. The combination of magnetometer and regular
CPT has shown many applications and advantages. Performing CPT’s with the
combi-cone is safer than without. The magnetometer cone (combi-cone) has solved
many problems caused by lack of good documentation or missing data on foundation
structures and has been successfully deployed in UXO projects for over 5 years.

Figure 5: Schematic of different applications for the magnetometer cone.

14

Estimation of u1/u2 conversion factor for piezocone
J. Peuchen

Fugro, Leidschendam, Netherlands

J.F. Vanden Berghe & C. Coulais
Fugro, Brussels, Belgium

ABSTRACT: The use of piezocones with a pore pressure filter at the u2 position (located just above the cone tip) suits a wide range of soil conditions. For more demanding conditions, such as highly stratified and heavily overconsolidated soils, the u1 position located on the face of the cone tip can offer more effective and robust
piezocone penetration test (CPTU) profiling. In these conditions, the pore pressure
measuring system at u2 position can lose saturation where the u1 position will not.
Loss of saturation leads to sluggish pore pressure response and reliable pore pressure
data may not be consistently obtained.
A simple-to-use equation is presented for obtaining the so-called K-factor required
for calculating total (or corrected) cone resistance from measurements obtained with
an u1 piezocone penetrometer. No input is required from laboratory tests or other
sources external to the CPTU. Equation results compare well with field measurements.

1 INTRODUCTION
Measuring pore water pressure during a piezocone penetration test (CPTU) allows (1)
greater sensitivity in the detection of soil behaviour types (SBT) and layer boundaries
and (2) harmonizing results from different cone penetrometer designs. The pore water
pressure may be measured at different positions on the cone penetrometer, as shown
on Figure 1a. The common location is just above the cone tip, at the shoulder between the cone and the friction sleeve. This location is called the u2 location. Measurements at the u2 location are used directly to derive the corrected (or total) cone resistance qt, by correcting for the effect of water pressure on the cone force
measurement.
In highly stratified or heavily overconsolidated soil conditions, the tendency for
soil dilation can generate pore water suction at the u2 location. This can cause desaturation of the pore pressure measuring system. In these circumstances, it may be
preferable to measure the pore pressure on the face of the cone, at the u1 location.
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However, the interpretation of such test results requires a correlation to be used to
deduce the magnitude of pore water pressure at the u2 location.
This publication presents a simple-to-use equation for computing pore water pressure at the u2 location from measurements obtained with an u1 piezocone penetrometer. The focus is on accurately predicting qt in soils where u2 contributes significantly
to qt. A significant u2 contribution typically applies to soils with Qt < 20, where Qt is
the normalized cone resistance as defined in Figure 2.

1(a)
1(b)
Figure 1. Typical pore pressure sensor locations and pore water pressure distribution in saturated soil
during CPTUs based on field measurements (adapted from Robertson et al. 1986).

2 ASSESSMENT OF U2 BASED ON U1
2.1 K-factor correlation
In a saturated soil loaded in an undrained manner, an increase in the total normal
stress will generate positive water pressure, while an increase in shear stress may
yield either positive or negative pore pressure, depending on the SBT and its stress
history or relative density.
During penetration, the pore water pressure distribution in the soil around the cone
penetrometer is complex and depends on the soil behaviour type. Both the zone beneath the cone and the zone around the friction sleeve are subjected to shear stresses.
However, in the zone beneath the cone, the large increase in normal stress dominates
the pore water pressure response. Around the friction sleeve, immediately behind the
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cone itself, there is typically a zone of normal stress relief in which shear stresses
dominate the pore water pressure behaviour. The consequence of the above is a significant reduction in pore water pressure at the cone shoulder in most soil behaviour
types (see Fig. 1b).
Figure 1 also illustrates some complications with the u2 location. The gradient of
u/u0 is relatively small for normally consolidated clay. This means that permissible
tolerances in filter geometries for u2 incorporated in CPT standards (e.g. ISO, 2010)
will have little influence on qt when comparing results from different cone penetrometers. The high gradients for many other SBTs imply probable u2 scatter when
comparing results from different penetrometers. The u1 location is more robust in this
regard.
Another u2 complication is the standardized assumption of the measured u2 value
being equal to the pore pressure acting in the groove between the cone tip and the
friction sleeve. This assumption ignores combined contributions from (1) relative
movements between cone tip and friction sleeve when penetrating layered soils, (2)
possibility of gas trapped in the groove and (3) the presence of rubber rings that prevent soil ingress into the groove. The u2-versus-groove assumption probably offers a
reasonable approximation for a range of SBTs but will inevitably lead to scatter when
comparing qt results from different penetrometers.
Based on the variations on Figure 1b, Sandven et al. (1988) suggested a correlation
to assess u2 when only u1 was measured. This correlation is based on a K-factor defined as the ratio of the pore pressure u2 to the pore pressure u1 relative to the in-situ
equilibrium pore pressure u0:
K=

u2 − u0
u1 − u 0

(1)

From Equation 1, the K-factor represents the drop in pore water pressure at the cone
shoulder with respect to the pore pressure measured on the cone itself. As would be
expected from Figure 1b, K varies considerably with SBT, stress history, soil strength
and sensitivity. Sandven (1990) proposed typical values for K depending on SBT.
2.2 K-factor function
To expand the set of K-values proposed by Sandven (1990) to all SBTs, expected
variations of the K-factor were plotted on the Robertson (1990) classification chart
for CPTU data. Those variations are described below and illustrated on Figure 2:
− A K-factor of 0.8 was assigned to normally consolidated clay as high excess pore
water pressure is expected in such soil at the u2 location.
− As no excess pore water pressure is expected during penetration in coarse clean
soils (pure sand, gravel), the lower bound of the K-value range for dense sand was
attributed to sand zones (i.e. most of zone 7 and zone 8).
− Overconsolidated or very stiff fine grained soils dilate when sheared. Therefore, K
is expected to decrease as OCR or stiffness increase. Very low or negative excess
pore water pressure is expected in zone 9. A K value of 0 was chosen.
− In loose sand, especially with a high fines content (i.e. zone 5 and left part of zone
6), some excess pore water pressure is expected as loose sand is compressible and
fines reduce the soil permeability. A K-factor of 0.4 was selected. The K-factor is
expected to be lower with low fines content and to decrease when the relative
density increases.
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− A highly sensitive soil would yield to significant strain softening during cone penetration and result in disturbed soil around the friction sleeve. This phenomenon
should result in a low excess pore water pressure at the u2 location. K is thus expected to decrease when the sensitivity increases.

Figure 2. General trends for K-factor variation within the Robertson Classification Chart (adapted from
Lunne et al. 1997 and Sandven 1990).

Based on these general considerations, a continuous mathematical expression of K
was developed, related to Qt and Fr. K values are limited to the range 0 to 1 and may
be evaluated over the complete range of combinations of Qt and Fr (even outside the
Robertson classification ranges). This function accounts mainly for SBT, stress history and soil strength and sensitivity.
K = 0.91 ⋅ e

− 0.09Q t 0.47

⎛
1
⎜
− e − 2Fr
⎜
⎜ 1 + F (0.17 + 0.061(Q − 21.6) 13 )
r
t
⎝

⎞
⎟
⎟
⎟
⎠

(2)

The above expression is plotted on the Robertson classification chart on Figure 3.
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Figure 3. Continuous K-factor function in Robertson (1990) classification chart.

3 VALIDATION EXAMPLES
The proposed correlation was tested for 4 sites with 18 CPTU profiles for which simultaneous measurements of u1 and u2 were available. Soil conditions encountered
include normally consolidated or slightly overconsolidated clay, layered silty clay
and clayey silt, and interbedded soft soils with dilative thin layers (sand or overconsolidated clay).
For each CPTU, K derived from the measured u2 (using Eq. 1) and K values computed with the correlation (Eq. 2) were compared. The measured pore water pressures
u1 and u2 and the calculated pore water pressure u2 using the correlation were also
compared. Figure 4 shows an example.
The results for all CPTU profiles are plotted together on Figure 5. The data was
sorted based on the value of the measured K-factor. For easy comparison, the limits
of the coloured zones presented in Figure 3 are also indicated on Figure 5 (for K =
0.2, 0.4, 0.6 and 0.8).
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Figure 4. Measured and calculated results for uniform soil.

The following observations can be deduced from Figure 5:
− The highest K values are concentrated in zone 3 of the Robertson chart (normally
consolidated clay).
− The K values tend to decrease as the normalized friction ratio Fr increases, and
toward zone 4 on the Robertson chart (clay-silt mixture).
− In zone 5 (sand) and zone 6 (sand-silt mixture), measured K oscillates between
very low (<0.1 or negative) to very high (> 1) values and no clear trend can be
found.
− The correlation matches well the measured data in normally consolidated to
slightly overconsolidated clay (zone 3, low Fr). The results exhibit an average error on the u2 pore pressure from 0 to 20%.
− The error between the computed and the measured u2 increases as the degree of
consolidation in the clay increases (zone 3, high Fr). The relative error on u2 is of
the order 60% to 100% for overconsolidated clay.
− In zone 4, the correlation provides generally good results.
− In zones 5 and 6, the average error on u2 is higher than 80%.
Figure 6 indicates that the error of the correlation on qt is typically below 3% (for
80% of the data – about 5400 data points).
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Measured data
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0.4 < K < 0.6
0.6 < K < 0.8
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Figure 5. Measured K values in Robertson (1990) classification chart.
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4 SUMMARY AND CONCLUSIONS
A mathematical equation is presented for computing the pore water pressure in a
CPTU at the location u2 when only the one at the location u1 is measured.
The equation provides a continuous variation of K computed from normalized friction ratio Fr and normalized cone resistance Qt, with limiting K-values to a range
from 0 to 1. The equation requires iterative processing of CPTU results since Qt uses
qt.
The correlation results were compared with CPTU field data at 4 sites where both
u1 and u2 were measured. In clayey soils, the calculated pore water pressure u2 shows
good agreement with the measured values. Less agreement is observed for soils with
a complex structure, especially when dilative layers are imbedded in softer soil. This
may be partly attributed to complications with the standardized u2 location, notably
dependency on precise cone penetrometer design. The relative error on the corrected
total cone resistance qt was found to be less than 3% for 80% of the available data.
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A Cone Permeameter for determining hydraulic
conductivity in unsaturated soils
Y. Homma, T. Ishida and T. Shimotashiro
Toyo University,Saitama, Japan

ABSTRACT: The cone permeameter test is a generally accepted field test by
geotechnical engineers for determination of infiltration characteristic of unsaturated soils (Kodešovā et al., 1998). In this study, cone permeameter test is conducted for estimating soil moisture characteristic and hydraulic conductivity
curves from in-situ measurement. Results show that the saturated hydraulic
conductivity is well estimated and the soil moisture characteristic curve lies between the wetting and drying curves obtained from other standard laboratory
methods.

1 INTRODUCTION
Recently, a record rainfall has caused a large number of riverbank failures in
Japan. In a structure like a riverbank the seepage condition are constantly
changing. So there are complicated moisture behavior on the boundary between saturated region and unsaturated region. Consequently, definition of the
hydraulic properties of unsaturated soils is increasingly necessary for geotechnical applications. Knowledge of the soil-moisture characteristic and hydraulic
conductivity curves, θ and K, is particularly important for accurate numerical
modeling of variably saturated flow (Mualem and Dagan, 1978). These soil
properties can be determined in the laboratory, but in-situ measurements are
often preferred. The definition of the hydraulic properties of unsaturated soils
is increasingly necessary for geotechnical applications.
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2 METHODS
A Cone permeameter device was modified for in-situ hydraulic testing
which can be used easier than a prototype test. A Cone permeameter method is
used to obtain data of hydraulic conductivity in-situ in unsaturated soils that
can be analyzed using inverse program after measuring the pressure heads and
volume of water content. Additionally, it would be possible to cut down waste
of time and easily to use.
A Cone Permeameter device was made of stainless-pipe, with a shapened
cone tip.
For the test, it is necessary to dig the hole in-situ soils and then, install the
probe into the hole. This device is able to pour water into the in-situ soils
through a porous element 1 mm in diameter at the cone tip. Above the porous
element, there are two tension rings that can measure in-situ pressure heads.
Pressure heads and Cumulative water flow that are measured with the Cone
permeameter are recorded to a data logger through the control unit.
The Cone permeameter is 30 mm in diameter, and length is 118.5cm. The
capacity of the water tank is 10 ℓ that it is possible to carry by one person. A
more detail of this method of Cone permeameter device set-up, as shown in
Photo 1.

Photo1.

Cone permeameter device set-up
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The cumulative water flow and pressure heads at the two locations are recorded with time. Two porous rings serving as tensiometers are located 5 and 9cm
above the screened section. After the Cone permeameter is install in the soil, a
constant head is applied to the screen using a microprocessor-controlled solenoid valve assembly.
The obtained data is able to get unsaturated infiltration characteristics using
an inverse solution based on finite element method.
3 THEORY
3.1 Numerical solution of unsaturated hydraulic conductivity
Van Genuchten (1980) made an attempt to find an analysis formula for unsaturated hydraulic conductivity based on Mualem and Dagan (1978), as follows.
k    k・
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In equation 1, there are factors for; unsaturated hydraulic conductivity : k(φ),
saturated hydraulic conductivity : ks , pressure heads : ψ, and the effective of
saturation : Se are defined in (2).
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Where θs refer to maximum water content; θr refer to minimum water content. Equation 2 is a simple integral equation, having a characteristic that it can
easily calculate unsaturated hydraulic conductivity by defining a continuous
function for an estimated moisture characteristic curve. Van Genuchten (1980)
proposed equation 3 for an estimated equation of moisture characteristic curve
that can be used in equation 2 to get the equation for leading unsaturated hydraulic conductivity and water content ratio. They refer to equations 3, 4, 5,
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(3)
(4)
(5)
(6)

4 RESULTS
4.1 Cumulative water flow
We compare the measurement results with the estimated results. Figure 1
and Figure 2 refer to time-dependent change of cumulative water flow which
are sand and loam. These estimated data are obtained using the Van Genuchten
numerical model (1980). Measured and simulated cumulative flow data which
is sand and loam in time from the inverse solutions is plotted in Figures.1 and2.
In case of sand, the predicted cumulative flow data fit the measurement data
so good. In case of loam, the predicted and observed data doesn’t approach at
the end of measurement time.
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Figure 1.

Comparison the measurement result with the predicted results that Cumulative
water flow of sand
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4.2 Pressure head
Figures 3 and 4 show the comparison between the measurement results with
the estimated results of pressure head. In case of sand, the predicted data both
of upper and lower pressure head tracked closely to measurement data. On the
other hand, in case of loam, the measurement pressure head at the lower tensiometer showed higher suction at the beginning of measurement. However,
predicted pressure head and measurement pressure head run through closer.
When we measured at the in-situ ground that is loam, the measured pressure
head shows considerable variation. The cause could be attributed to difference
of density along the Cone permeameter device and in-situ ground. Therefore,
the case of in-situ measurement could be different between the predicted results and the measurement results.
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4.3 Moisture Characteristic curve
The in-situ soil moisture characteristic and relative hydraulic conductivity
measurements are presented in Figure 5. For visual valuation, two representative curves are showed that the cone permeameter test can be obtained reliable
data. The reason why these curves can be trusted is possible to see characteristic of each soil sample.
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5 CONCLUSIONS
Although Japan is known for its narrow and small area, there are many rivers. For that reason, when the riverbanks have failed, it was necessary to repeatedly build up the riverbanks. Therefore, the geological materials of the riverbanks have become a heterogeneity material year by year. In order to
comprehend the infiltration condition of heterogeneity layer, we have been
produced the test device imagined from the thesis (Kodešovā et. al. 1998) that
can make the time shortened and get the specify data that is achieved to a large
extent. This device was proposed by Kodešovā et. al. (1998), it is predictablyeffective as engineering equivalent.
The proposed device consists of two porous ceramic rings and cone measuring as pressure heads and cumulative water flow. We evaluate the device is
closely to our experimentally device from a case of inverse solution data. As a
matter of fact, we implemented the measurement and calculation in many
times, especially pressure head it has been hard to fit the predicted data and
measurement data. Though we have made all kinds of efforts, there are not reliable results. Moreover, this device consists of two ceramic ring but there is a
problem of strength performance, So we will have to keep pursuing improvement of our Cone permeameter device.
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CPT in polar snow - equipment and procedures
A.B. McCallum
Scott Polar Research Institute, Cambridge, UK

A. Barwise & R. Santos
Gardline Geosciences, Great Yarmouth, UK

ABSTRACT: Although manual cone penetration testing in snow has been practised
since the 1930’s, modern hydraulically-driven CPT equipment has not been used.
Collaboration with the British Antarctic Survey will allow the first use of commercial
CPT equipment in polar snow. This paper provides an introduction to polar snow, and
outlines how existing CPT equipment has been adapted for Antarctic use. The interpretation techniques that will allow the determination of physical and mechanical
properties of the snow pack are then briefly described. The knowledge gained through
this research will contribute to improvements in design and construction of polar infrastructure.

1 INTRODUCTION
Investigation of snow pack physical properties has long been of interest to researchers, both as a means of assessing avalanche potential, and for estimating the load
bearing capacity of snow pavements. Although Abele (1975) outlines three methods
of strength assessment, surface load tests, sample testing and probing, only probing
provides a time and cost effective insitu means of assessment.
The Swiss rammsonde, a portable impact penetrometer has been used since the
1930’s to assess snow stratigraphy and the relative resistance of snow layers; it is
still used today. Whilst rammsonde data can be interpreted to measure driving energy
per unit penetration (cm-kgf/cm) (Mellor, 1975), and can be valuable in assessing the
depth of weak layers, it is of limited value in calculating reliable empirical or physical relationships due to the rate-dependency of snow.
In 1985, Schaap and Fohn (1987) used a modified electric cone penetrometer with
a cone diameter of 11.3mm that was manually pushed into the snow, to conduct preliminary investigations in alpine snow. Although the smaller cone allows high resolution of snow layering, the manual insertion method and restricted capacity limit the
usefulness of a similar device in Polar snow.
Numerous other instruments have been developed for assessing snow strength and
stratigraphy (Bradley, 1968; Dowd & Brown, 1986; Mackenzie & Payten, 2002;
Schneebeli & Johnson, 1997) however they are all limited in depth and capacity, and
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are not suited for assessing dense polar snow packs where strength in uniaxial compression may approach 3 MPa (Mellor, 1975).
The use of existing geotechnical cone penetration test (CPT) equipment provides
suitable robustness and capacity for conducting CPT in hard Polar snow packs.
2 THE NATURE OF POLAR SNOW
Polar snow is a sedimentary geomaterial consisting of ice and air; free water is rarely
found within a polar snow pack. It is typically laid down seasonally, and undergoes
metamorphism under overburden pressure and insitu temperature and vapour gradients. Mass is typically transported towards the surface, ice grains increase in size,
and compaction and sintering result in densification with depth. Snow strength is correlated with snow density (Fig. 1), although variations in both snow microstructure
(bonded or unbonded) and testing rate result in variation about this projection.

Figure 1. Snow strength vs density (from Mellor, 1975)
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Figure 2. Snow strength vs deformation rate (from Shapiro et al., 1997)

Subjected to cone penetration at a penetration rate of 20mm/sec, polar snow is expected to behave in an elastic brittle manner, possibly similar to cemented soils. Substantial compaction is expected to occur up until the close-packed density of ~ 550
kg/m3.
The primary constituent of snow, ice, is a rate-dependant material (Fig. 2). Accurate knowledge of the penetration rate enables an effective strain-rate to be estimated,
so that comparisons with laboratory determined strength indices can be made.
3 FIELD TESTING
With the assistance of the British Antarctic Survey, access will be provided to the
environs of Halley Base on the Brunt Ice Shelf Antarctica (Fig. 3). Construction of a
new base consisting of modules weighing up to 60 tonne (Fig. 4) is currently underway, and assessment of snow stratigraphy and mechanical properties via CPT may
prove valuable.
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Figure 3. Test location (from http://www.smitha.demon.co.uk/zfids/index.htm)

Figure 4. Halley VI Base module (courtesy British Antarctic Survey)
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Testing will occur to a depth of 5-10m depending on snow conditions, across a
variety of natural and compacted snow surfaces. Assessment of snow density, unconfined compressive strength and pressure bulb extent will also occur to assist in the interpretation of CPT results. GPR will be used to investigate spatial extent of distinct
layers.
4 EQUIPMENT
A set of 10kN ‘basement’ rams with a stroke of 70cm was mounted within a fabricated steel box and connected via rigid framework to a proprietary steel A-frame, designed to attach to a standard agricultural tractor three-point hitch (Fig. 5). This hitch
is standard upon the agricultural tractors to be utilised in Antarctica. The standard
three-point hitch cannot counter an upward reaction force, hence an additional rigid
link is required connecting the base of the A-frame with the upper tractor-link connection. Additional screw anchors can be attached to the box should additional reaction force be necessary. This arrangement should allow rapid testing over a large area
using whichever vehicle is available.
Hydraulic drive is provided using down-rated flow of 10 L/min from the tractor,
and electrical power is provided via an inverter mounted within the ‘box’, connected
to the tractor’s 12V electrical system. A. P. van den Berg 35.7mm ‘scientific’ compression cones will be used, along with standard “Gonsite!” software
(http://www.apvdberg.nl/index.php?page=content.php&page_id=172&language_id=
23.)

Figure 5. CPT equipment, Lankelma UK 11 (Courtesy Lankelma)
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5 CONE CALIBRATION
Cone calibration was conducted in the Cold Rooms of the Scott Polar Research Institute (SPRI) to verify the zero-shift and linearity of the cones over the expected operational temperature range. Four cones similar to those that will be used were tested for
linearity at room temperature, and dissipation tests (i.e. monitoring readings with
time as the cone adjusts to constant room temperature) were conducted on two cones,
measuring the variation in qc, fs, and u over the temperature range +23oC to –20oC.
The variation in tip resistance at zero applied load is presented for two cones (Fig 6).

Figure 6. qc zero-shift versus temperature

These preliminary results suggest that at temperatures greater than 8oC, temperature
compensation is achieved by the cone temperature compensation system, but below
this temperature, the zero-shift is inversely proportional to temperature. Consistent
with the physics of thermal conductivity, it appears that the rate of temperature equilibration decreases as the thermal gradient decreases. The operational consequence of
this preliminary testing is that below 8oC, cones should be allowed to equilibrate
with environmental conditions for at least one hour before use, and that at sub-zero
temperatures, limited zero-shift is expected in a test duration of approximately ten
minutes.
Plots of cone millivolt output versus applied load were generated for two cones at
temperatures of +20oC, 0oC, and –20oC. In each of these tests, although limited data
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were available, the gradient in each test was essentially constant (R = 0.88), with the
axial intercept varying with temperature as defined by the dissipation tests.
This preliminary calibration testing concluded that cone output (mV) appears to
vary linearly with applied load (N) throughout the operational temperature range,
with only the axial intercept varying with temperature.
6 ADDITIONAL CONSIDERATIONS
Aside from cone calibration, additional modifications to the CPT need to be incorporated to allow accurate testing in the Polar environs. Snow has been observed to
sinter or to re-bond within sub-second timescales (Szabo & Schneebeli, 2007) hence
sintering of disaggregated grains ahead of the cone, as well as refreezing of melt water generated during penetration may occur. Such mechanisms will likely result in
anomalous ‘spikes’ within the data, and will need to be considered. Tests will be
conducted at staggered depths to ensure a complete data record.
Laboratory testing of cones in snow suggests that a compacted zone of fractured
material may move ahead of the cone, effectively displacing the bearing surface
ahead of the cone. Such mechanisms need to be verified to allow for accurate interpretation, and additional laboratory testing will occur to further investigate this phenomenon.
The use of a standard 35.7mm cone means that thinner strata, often evident within
snow packs may not be detected during testing, however comparison with manual
density and stratigraphy data, should allow deflections in the signal due to convolution of such layers to be identified.
7 INTERPRETATION
Dense polar snow is expected to yield in a brittle manner before substantial compaction and possibly strain-hardening may occur. Although snow is typically modeled
using a Mohr-Coulomb or Drucker-Praeger model (Shoop & Alger, 1988; Johnson,
2003), dense polar snow is expected to behave in a manner similar to soft, porous
rock. Behaviour may be similar to that described by Houlsby et al. (1988) during penetration of model piles into layered carbonate soils. An elastic brittle stress-strain
model will be assumed whereby frictional strength of the fractured granular material
will not be realised until after cohesion is lost upon initial brittle fracture of the material.
Interpretation of the CPT tip-resistance signal will be attempted using numerous
methods:
1. Direct comparison with density measurements, using qualitative microstructure assessment,
2. Attempted signal deconvolution using estimated pressure envelopes ahead of the
penetrating cone, and comparison with the density record,
3. Closed form analysis and FEA of the cavity expansion solution in a infinite porous
elastic-brittle material, and
4. Equating Work in penetration with estimated summative bond strength.
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Further discussion on the analysis of results will be presented in subsequent forums.
8 CONCLUSION
Assessment of snow strength for the design of polar infrastructure may be efficiently
assessed through the use of a hydraulically driven, rate-constant, portable cone penetrometer. The ability to adequately interpret such data may prove of substantial benefit in the design and construction of infrastructure in the cold regions of the world.
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Influence of rate of penetration on CPT tip resistance in
standard CPT and in CPTWD (CPT while drilling)
M. Sacchetto & A. Trevisan
S P G drilling company, Adria (Ro) Italy
ABSTRACT: Sometimes performing the CPT with standard penetrometer is not
possible; in these cases it is possible to use a wireline rotary drill-rig equipped with
CPTWD (Cone Penetration Test While Drilling) but often the tests are carried out at
significanlty low rate of penetration (RoP). Comparative tests with different RoPs
between standard CPT and CPTWD have been perfomed to evaluate the influence of
both method of pushing and RoP. A tentative correlation between qc and the RoP is
suggested. CPT results to a depth of 30m using CPTWD at a slow RoP are presented
at a site where the standard CPT could not be carried out due to stiff soils. The
interpretation of CPT results with “unconventional” ways of pushing the cone into
the soil (e.g. CPTWD) involve a challenge to derive geotechnical parameters for a
wider range of soil types compared to “standard” CPT.

1

INTRODUCTION

Cone Penetration Testing (CPT) as a general way of getting data by penetrating the
soil with a cone has become a “standard” because the geometry of the cones is
standardised as well as the way of pushing and the rate of penetration (RoP). At
present there are several different types of cones, measuring additional parameters
but the basic rule for CPT defines that the RoP should be constant around 2 cm/s
(+/- 10%), meaning that to get correct data according to the standard the RoP should
range from 1.8 to 2.2 cm/s. For example the RoP can decrease: when pushing into
dense or stiff layers; when the reaction of the pushing system is insufficient to
provide a stable reaction; when the penetrometer is oscillating (i.e. operating from
the top of a non-heave-compensated-barge); when the pushing is done with nonstandard methods, for example CPTWD (Cone Penetration Test While Drilling).
2

CPTWD (Cone Penetration Test While Drilling)

The CPTWD (Cone Penetration Test While Drilling) system is an integration
between a standard CPTU and a wireline coring system; sometimes the MWD
(monitoring while drilling) recording is also added, so as to have a matrix with all the
CPTU parameters and the MWD parameters (Flow, Torque, thrust, Rop, etc) all
together versus depth every 2 cm. The CPTWD also allows to alternate CPTU
strokes with sampling, coring, and down-the-hole testing. Also at the end of the test,
since the hole is always cased with rods whose inner diameter is 107 mm, there is the
possibility to install almost any geotechnical instrumentation (piezometers,
extensometers, inclinometers, etc.).
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In summary the system is made up of:
• Drilling rods (or "casing") inside which a “core barrel” can be latched.
• Core barrel or drilling tool: this is placed inside and it is lowered/lifted by a
cable/wire (wireline): the corebarrel is designed in order to make the cone protrude
up to 50 cm beyond the drill bit, to recover it when the total thrust on the cone
exceeds its max. capability, and to create a calibrated flush of mud around the upper
part of the cone-rod for lifting drill-cuttings up
• standard or special CPTU cone mounted in the special corebarrel and protruding 50
cm
To date, the CPTWD has always been used with standard drill rigs, having a nominal
thrust ranging from 8 to 12 tons and not balanced, in the sense that the point of
application of the thrust was not close to the center of gravity of the rig. In addiction
there is not always the possibility to keep a constant RoP while varying the thrust in
drill rigs. The execution of the CPTWD test has to be made while searching for the
right balance between thrust and water/mud flushing in order to make the cone
penetrate at a reasonably constant RoP close to the standard without making the drillstring get stuck. For the abovementioned reasons sometimes the CPTU strokes in
CPTWD tests were not performed at a constant RoP and sometimes not at the
standard RoP, very often significantly slower.
However, in general, the results of the CPTWD always appeared to be good and,
when comparison with standard CPTU was possible, the two show very good
agreement when the results are superimposed (Sacchetto et al., 2004).
The biggest challenge for making a significant comparison between CPTWD and
standard CPTU is that to carry out deep CPTU tests it is necessary to deploy a
powerful penetrometer and a drill rig for making preholes once the penetrometer
reaches its limit; therefore statistically we do not have a significant numbers of tests
made with both methods in a wide range of comparable soil types.
A CPTWD test (see Figure 1) was performed in a site where the stratigraphy is
unusual: from 0 to 13 m sandy gravel, and from 10-12 m to 160 m very dense silt,
sometimes more or less sandy or clayey, but apparently uniform based on visual
observation of the cores. In that site, after a pre-hole 13.4 m deep and anchoring the
drill-rig to increase the reaction force, we were unable to push with both the standard
CPTU and the Marchetti’ dilatometer (DMT). Then we tried with CPTWD with
extremely low RoP, and we were able to get continuous data from 17 to 30.5 m and
we could have tested deeper.
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Figure 1: CPTWD carried out at very low rate of penetration in very stiff silt

The results of the CPTWD shown in Figure 1 show that the qc is very high,
constantly over 25 MPa, as well as the fs; the u (u2 position) appears to sense the
percentage of clay/sand in the silt.This CPTWD test was carried out about10 m from
a continuous core borehole with samples and in situ (SPT, pressiometer) testing.
However, the borehole results are currently not yet available. The CPTWD results
appear to capture the correct stratigraphy.

3. COMPARATIVE TESTS
3.1 Standard CPTU
Three series of CPTU were carried out with the following equipment and procedures:
• Standard cone penetrometers, 200 kN and 300 kN rigs anchored with 2 or 4 augers;
digital piezocone with measurement of qc, fs, u, inclination and RoP every 2 cm.
• Execution of a CPTU at the standard RoP = 19.6 – 20.0 mm/s; execution of a
second CPTU at RoP = 15 mm/s (medium); execution of a third CPTU at RoP = 7.410 mm/s (slow). Each CPTU was spaced no more than 70 cm apart.
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These comparison tests were carried out at three sites (around 50-80 km distance one
from the other) where the soil profiles are typical of the shallow sediments of Padana
Valley: i.e. alternate thin layers of clayey silt or NC silty clay and sandy silt with
several sand layers. At all the sites there are sometimes very thin layers of organic
clay or overconsolidated clay.
For each site the CPTU results were superimposable and showed no significant
difference between the qc values. An example comparison from one site is shown in
Figure 2. In order to consider the soil stratigraphy changes (although tests were very
close one each other) all the qc values to be compared in the 2 non-standard-Roptests have been “bandpass” filtered, setting apart all the values lower than 80% and
higher than 110% of qc at the standard RoP and keeping the others as comparable.
Different bandwidths have been set in filtering qc values since the differences in the
layers were not negligible in spite of the proximity of the tests.
The ratio between qc at different RoP and the standard rate of 20 mm/s have been
calculated: i.e. qc15/qc20 and qc7.4/qc20 for RoP of 15 and 7.4 mm/s, respectively. The
average ratios were also calculated along the whole depth, firstly not distinguishing
soil type (i.e. clay, sand, silt) and then repeated only in specific layers: sand and clay
(not counting mixed layers, or very interlayered strata).
An average ratio for the fully profile was found for the three sites: qc(x)/qc(standard) =
0.879 ≈ 0.931 depending on the site.
Repeating the analysis in either clays or sands (see Figure 3):
qc(x)/qc(standard) = 0.931 ≈ 0.954 and in sands:
qc(x)/qc(standard) = 0.831 ≈ 0.892
The comparison of sleeve friction (fs) values at different RoP was not feasible,
because the soil had too many layers, and the tests were slightly different. The
superimposed u profiles did not show a significant variation. It would appear that the
penetration pore pressure (u) values are more affected by other factors (stratigraphy,
saturation) than by the RoP. In general decreasing the RoP the profile of u became
less detailed, and the variations passing from clay to sands or viceversa are less fast
(i.e. the reaction of the pore pressure is slower). The same general behaviour was
observed in deep CPTWD tests carried out at low RoP, but not having any standard
CPTU to compare with. Figure 3 shows that the trend of decreasing of qc(x)/qc(standard)
is more or less linear with the decreasing of the RoP, but there is a difference
between clays and sands. The slope of the line for sands is more steep. It would
appear that, at these sites, the penetration resistance in sand is more sensitive to RoP.
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Fig.2 qc profiles of standard CPTU executed at different Rates of penetration (CPTU 19.6 :
Rop=19,6 mm/s; CPTU 7.4 : Rop: 7,4 mm/s; CPTU 15.1 Rop = 15,1 mm/s)

43

Fig.3: correlation between rate of penetration and ratio qc(non standard rate) /qc(standard rate)

3.2

CPTWD

There are few tests in which a statistically significant comparison can be made
between “standard” CPTU and “special” CPTWD for deep penetration. CPTWD
results can also be affected by the method of pushing, because in CPTWD the total
protruding length outside the drill bit is no more than 50 cm, so it could have been
difficult to split the influence of “method” from that of the RoP. Figure 4 presents a
comparison between a CPTWD and a standard CPTU in terms of measured tip
resistance qc. The scale of the plot has been enhanced in order to point out the
differences. During this CPTWD test the RoP was on average in a range from 1.0 to
1.5 cm/s in cohesive soils and around 0.8 to 1.0 cm/s in sands (sometimes less); the
same cone penetrometer was also used for both tests. The tests were made in a site
located on the delta of the River Po, with “normal-consolidated” silty clay down to
31 m and then alternating clay and sand to the maximum reached depth of 120m.
Similar to the results presented in Figure 3, there is a general slight decrease of qc in
CPTWD compared to qc in CPTU The sleeve friction (Fs) and penetration pore
pressure (u) did not show a significant variation. The differences in qc could be given
by the different method of pushing and some by the natural variation of the soil,
especially in sands (the 2 tests were made 20 m far from each other).
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Fig.4: superimposition of qc in CPTWD (in red) and CPTU (in blue) tests – the scale of qc is
enhanced

Figure 5 shows a CPTWD test carried out in the same site (delta of Po River).
Included in Figure 5 is the variation in RoP versus depth, together with qc, fs, u. The
RoP varies between 6 to 18 mm/s, in average around 12 mm/s

Fig.5 Example CPTWD profile at site in Po River Delta including Rate of Penetration
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4 CONCLUSIONS
There are basically two main differences between CPTWD and standard CPTU: the
way the cone is pushed into the soil (the “method”) and the Rate of Penetration
(RoP). In order to better understand the different contributions due to “method” and
RoP, comparisons were made between standard CPTU and CPTWD and results of
shallow tests made with standard CPTU but at different RoPs. In both cases (deep
and shallow) the results confirm the expectations: qc decreases proportionally to the
decreasing of RoP, fs and u do not seem to be significantly affected by RoP. The
variations of u appear to depend more on other factors, like saturation and/or the
natural variation of the soil (very interlayered in all the shallow tests). The few
comparative deep tests (CPTU vs. CPTWD) show the same trend. Therefore, the
slight difference in qc (especially in clays) can likely be attributable to the RoP, and
not to the “method” and nor to the depth. On the other hand performing tests with
non-standard methods and non-standard RoPs in “non-penetrable” soils and/or to
much deeper depths opens a wider scenario.
Once ascertained that CPTWD (as a “method” of pushing) contributes to the possible
variations of data mostly due to variations in the RoP, the requirements for using
CPTU data obtained by this non-standard method in a correct way would be to at
least: (a) determine correlations between RoP, qc, fs, u based on a much wider
number of tests (shallow and deep) run in different types of more uniform soils; (b)
the data should also be confirmed with other kind of tests; (c) assess and compare
the field data with those coming from advanced mathematical models; (d) once
found a valid correlation between CPTU parameters and RoP improve the
interpretation software not only considering qc, fs, u vs. depth for calculating
geotechnical parameters, but also Rate Of Penetration.
It has to be pointed out that the evaluation of the geotechnical parameters (such as cu,
Ø, etc) made with the usual correlations and the usual softwares is normally more
affected by several other factors than the slight variation of qc, fs, u with a slower
RoP than standard. Therefore, it could be useful for the engineers to know also the
RoP for eventually correcting the parameters according to different Rates of
Penetration.
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Real-time temperature compensation technique on the
CPT using FBG sensor
R. H. Kim, J. S. Lee, S. W. An, K. D. Bae & W. J. Lee
Korea University, Seoul, Korea

ABSTRACT: Since the cone penetrometer is usually made of materials with a relatively high coefficient of thermal expansion, the temperature change during the penetration causes an error in measuring the cone tip resistance. In this study, a small
7mm micro-cone penetrometer equipped with two different types of transducer are
developed; conventional electrical strain gauges and the fiber Bragg grating (FBG)
strain gauges with a small temperature transducer of 0.5mm diameter. The design
concept includes the cone configuration, sensor installation and temperature compensation process. Application tests performed on a clay sample in the calibration chamber show that the temperature change during penetration can be effectively monitored
by a FBG temperature transducer. The qc values acquired from the conventional strain
gauges and the FBG sensors show different tendencies; the former is affected by temperature change and the latter appears to be independent of the thermal variations. It
is also found that qc values measured by conventional strain gauges can be compensated through an indirect method that is consistent with those from the FBG sensor. It
is verified that that FBG sensors can compensate temperature effects with high reliability.
1 INTRODUCTION
Cone penetration testing (CPT) has been acknowledged as one of the essential field
test methods for soft soil characterization. The cone tip resistance, sleeve friction and
pore-water pressure measured by the penetrometer are affected by temperature
change because most of the penetrometer is outfitted with electrical strain gauges.
Lunne et al. (1986) and Kim et al. (2009) observed from field and laboratory tests
that the measurements are affected by temperature change regardless of cone size or
type. To minimize the temperature effect, several standards suggest the initial baseline reading before and after the sounding (ASTM Standard D5778-95 2000, ISSMFE
1989).
The temperature change induces the shift of the base line at zero loading condition
and, therefore, causes an error of cone tip resistance and sleeve friction. Despite previous studies, the temperature effect on the measurements has not been evaluated
quantitatively and the test results appear to be dependent on the test condition and
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procedure. Lunne et al. (1986) reported the thermal zero shifts of 960kPa and 28kPa
in the cone tip resistance and sleeve friction due to a temperature change of 25 oC in
the laboratory test. Lunne et al. (1986) also observed the 180kPa offset in the tip resistance due to the change of 7 oC ambient temperature in the field. However, Post &
Nebbeling (1995) presented the 1.3MPa cone tip resistance change caused by a temperature change of 14 oC and about 10kPa change in cone tip resistance due to the 5 oC
temperature change in a data acquisition system. Buteau et al. (2005) observed the 2.5oC
change in the underground temperature up to 20m cone penetration in the permafrost field.

However, the proper technique compensating the measurements for the continuous
change in temperature could not be suggested because the uncertainty caused by the
temperature change in the cone penetrometer is difficult to assess quantitatively.
In this study, the small size temperature transducer which can be installed in the
micro cone penetrometer is developed by using FBG (Fiber Bragg Grating) sensor in
order to assess the temperature effect on the cone tip resistance. The features of FBG
sensor, temperature transducer and cone design concept, including sensor calibration,
are also introduced. In addition, the temperature compensation technique by using
FBG sensor is described.
2 DESIGN CONCEPT FOR TEMPERATURE COMPENSATION

FBG sensor is a kind of fiber optic sensor that has reflection band called as Bragg
grating at the core. The incident light propagates through the core and the light corresponding to the specified Bragg wavelength is reflected at the Bragg grating (Lee et
al. 2004). When the strain is caused by the external force or temperature change, the
interval of Bragg grating is contracted or expanded. The strain or temperature change
can be evaluated by analyzing the wavelength shift of the reflected light from the
Bragg grating. FBG sensor is a corrosion resistant one and is free from the electromagnetic interference (Kersey et al. 1997, Zhou et al. 2003). Because of the multiplexing capability and simple measuring system, FBG sensors have been widely used
to substitute for the strain gauges (Kanellopoulos et al. 1995, Gornall & Amarel
2003). In this study, FBG sensors are adopted to measure accurate strain and temperature change. The details on the FBG sensor configuration are given by Kim et al.
(2009).
The temperature transducer and small size micro cone penetrometer were manufactured by using FBG sensors to correct the temperature effect during the penetration. Figure 1a shows the FBG temperature transducer used in this study. To fabricate
the temperature transducer, the FBG sensor was inserted in 0.5mm diameter stainless
steel tube and, then, the inner space of tube was filled up by using the cyano-acrylate
based fiber optic sensor glue (CC-33A). In addition, the 7mm diameter cone penetrometer in Figure 1a is designed to measure both the electrical output voltage of
strain gages and the wavelength change of FBG sensors. A couple of small strain
gages with a 1.0mm sensing length and a couple of active FBG sensors are diametrically attached on the inner tube for measuring tip resistance.
Figure 1b shows the concept of real-time temperature compensation method using
FBG sensors. The micro cone penetrometer consists of two active FBG sensors measuring the strain and one FBG temperature transducer, as shown in Figure 1b. The active FBG sensors measure the wavelength shift due to both the cone tip resistance and
temperature change during cone penetration. At the same time, FBG temperature
transducer installed in the inner tube measures the wavelength shift induced due to
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the temperature change around the cone penetrometer. The pure wavelength shift,
∆λcompensated, due to only cone tip resistance, therefore, can be calculated by subtracting the wavelength shift due to temperature change, ∆λtemp, from the measured total
wavelength shift of the active sensors, ∆λcone. Because of the higher resolution
(100Hz) of the manufactured FBG temperature transducer, the simultaneous process
of temperature compensation is possible during cone penetration. The details about
real-time temperature compensation procedure are described by Kim et al. (2009).

compensated  cone  temp

(1)

The FBG sensors (Technica SA), which have a range of 1520~1590nm in wavelength, and the small size electrical strain gauges (Kyowa) with 1mm gauge length
were used in this study. The generation of the optical energy and the detection of the
reflected wavelength were done by using an optical sensing interrogator (Micronoptics, SM130). The output voltage of strain gauge, which was amplified by a half active Wheatstone bridge with two dummy strain gauges, was measured by a digital
multimeter (Agilent, 34411A). The penetration rate of the 7 mm cone penetrometer
was 1mm/s, which can be considered as an undrained condition. The details about
penetration rate and devices are explained in Lee et al. (2009).
3 CALIBRATION
The calibration of the temperature transducer installed in the cone penetrometer is required to compensate the cone tip resistance for the underground temperature change
during cone penetration testing. The calibration was performed in the expanded polystyrene icebox which can maintain the temperature change less than 0.1 oC for 10 minutes. The temperature change was accurately monitored by using the digital thermometer with readable sensitivity 0.1 oC. Also, the measurement was compared with
that of the analog thermometer.
(a)

(b)

Figure 1. FBG temperature transducer: (a) FBG temperature transducer (Dia. 0.5mm) and micro cone
penetrometer (Dia. 7mm); (b) Concept of the temperature compensation method using FBG sensor.
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Figure 2. Calibration results of FBG temperature transducer: (a) Measured wavelength at each temperature; (b) Correlation between temperature change and wavelength shift.

FBG temperature transducer was submerged in the water filled in the icebox and,
then, sealed. The wavelength shift was measured with increasing water temperature
from 9 oC to 30 oC by stages. Figure 2a shows the constant wavelengths of FBG temperature transducer measured at each temperature. The shift of FBG wavelength is
getting larger in proportion to the temperature increment, as shown in Figure 2b. The
temperature change ΔT is linearly related to the wavelength shift Δλ as Equation 2.
T  42.7 (  )

(2)

4 TEMPERATURE COMPENSATION TEST
Cone penetration tests were performed in a sandy clay specimen prepared in a large
calibration chamber as shown in Figure 3a. The specimen was prepared in two stages;
pre-consolidation in a slurry consolidometer and Ko-consolidation in a calibration
chamber. The slurry consolidometer, which consists of the upper and lower cylindrical cells of 1.2m diameter and 1.0m height, can consolidate the slurry paste by providing the pressure using a hydraulic actuator under double drainage condition. The calibration chamber, which is capable of controlling the vertical and horizontal boundary
conditions, can re-consolidate the pre-consolidated specimen under desired boundary
and stress conditions.
The slurry paste was prepared by mixing 50% the crushed sand (K-7) and 50%
kaolin clay (GF-1250) by weight to have 82% water content using a mechanical mixing device. The basic properties of K-7 sand were: mean particle diameter
D50=0.17mm; maximum and minimum void ratios emax=1.07 and emin=0.68; coefficient of curvature Cc=0.99; coefficient of uniformity Cu=2.1; specific gravity
Gs=2.65; and Unified Soil Classification System SP. The properties of kaolin clay
were: liquid and plastic limits LL=67.15% and 30.75%, respectively; plasticity index
36.4%; specific gravity Gs=2.65; and Unified Soil Classification System CH. Uniformly mixed paste was filled into the slurry consolidometer up to a height of 1.6m
and was consolidated for 50 days under 200kPa vertical pressure.
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(a)

(b)

Figure 3. Preparation of cohesive soil: (a) Schematics of calibration chamber; (b) Temperature change
measured by FBG temperature transducer.

When the degree of consolidation reached higher than 90%, the upper cell of consolidometer was disassembled and the extra specimen was trimmed off. The preconsolidated specimen of 1.0m height was re-consolidated in a calibration chamber at
200kPa vertical pressure under Ko-stress condition. After the re-consolidation, a 7mm
micro cone penetrometer was penetrated at a distance of 23cm from the center of the
chamber cell. The initial zero reading was taken after penetrating the cone 50mm into
the specimen. The cone penetration tests were performed with a 1mm/s penetration
rate and the data were acquired with 10Hz resolution. Figure 3b shows the temperature change measured by FBG temperature transducer. The temperature around the
cone penetrometer increases about 2.9 oC with depth.
5 TEST RESULTS
Figure 4a shows the profiles of measured cone tip resistances from strain gauge and
FBG sensor with depth. The qc value measured by the strain gauge sharply increases
up to 15mm at the initial penetration and it gradually decreases with increasing depth
to reach a negative value at the final depth. Since the temperature increase induces the
thermal expansion of the strain gauge, the measured cone tip resistance appears as
though the cone penetrometer is under tension load. However, the qc of the FBG sensor which is directly compensated for the temperature change measured by the FBG
temperature transducer based on Equation 1, shows a relatively uniform value of
320~420kPa.
In addition, a re-penetration test which was an indirect temperature compensation
method was performed to measure the qc value influenced only by the temperature.
The re-penetration test was performed as followed process; firstly, performed the ini-
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tial cone penetration test and measured the cone tip resistance. As soon as the initial
penetration test is completed, the re-penetration test into the hollow test hole is performed to calculate the temperature effect by subtracting the data of re-penetration
test from the data of initial penetration test. Figure 4b shows that the cone tip resistance of strain gauge, qc(re), decreases with depth even though the cone was penetrated
into a hollow hole. The decrease in the cone tip resistance of strain gauge is induced
due to the increased temperature of the ground. The indirectly corrected qc of the
strain gauge can be calculated by subtraction the re-penetration data, qc(re), from the
initial penetration data, qc(measured).
(a)

(b)

Figure 4. Temperature compensation test results on cohesive soil: (a) Cone tip resistance profile from
strain gauge and FBG sensor measured by the 7mm micro cone; (b) Temperature effect of strain gauge
estimated by using re-penetration test.
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Figure 5. Comparison of the temperature compensated cone tip resistance profiles measured by strain
gauge and FBG sensor.

Figure 5 shows that the indirectly compensated qc profile by the re-penetration test
is quite similar to the directly corrected qc profile based on real-time temperature
compensation technique. The compensated cone tip resistance of strain gauge showed
the uniform profile with depth was a contrast to the profile of initial penetration in
Figure 4a. It may be concluded from the test result that the small temperature change
during the penetration test may cause a significant error on the CPT data for soft cohesive soil. In addition, the real-time temperature compensation method using FBG
temperature transducer appears to be effective method to correct the effect of temperature change on the qc measurement.
6 CONCLUSIONS
The effective temperature compensation technique was suggested and application test
was performed in cohesive soil specimen prepared in calibration chamber system to
evaluate the temperature effect on the CPT measurements during cone penetration. In
addition, a small FBG temperature transducer of 0.5mm diameter was developed to
monitor the temperature change during the penetration.
Application tests showed that the initial zero reading process recommended in
several CPT test criteria could not properly correct the temperature effect because the
temperature of penetrometer changes continuously during the penetration. In case of
soft cohesive soil, the uncompensated cone tip resistance of strain gauges shows inappropriate cone tip resistance. However, the cone tip resistance profile that is compensated by means of real-time technique shows a uniform distribution regardless of
underground temperature condition. It is concluded that there would be a significant
error in the cone tip resistance unless the temperature change during the penetration is
accurately measured and its effect on the measurement is properly corrected.
When cone tip resistance is compensated by using the indirect re-penetration method, the qc profiles of strain gauge are well matched with the real-time temperature
compensated results. Therefore, the suggested real-time temperature compensation
method using a FBG temperature transducer can effectively compensate the effect of
continuously changing underground temperature on the measurements of cone penetrometer.
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ABSTRACT: In-hole type CPTu equipment which combines the concepts of in-hole
test method and piezocone test method was newly developed in order to evaluate the
dynamic properties of marine soils. The objective of this paper is to investigate the
practical application of in-hole type CPTu. Laboratory tests using kaolinite as soft soil
and numerical simulations using finite element method were carried out in this study.
The shear wave velocities of kaolinite were measured with time, and the effects of
soil disturbance due to the installation of source and receiver were also examined for
various distances between source and receiver. It was found that it is necessary to
maintain the length of swing arm as well as the distance between source and receiver
consistently to obtain the rigorous test results. The laboratory test and numerical results also reveal that the disturbance due to the installation of swing arm apparently
affect the shear wave velocity.

1. INTRODUCTION
Seismic piezocone penetration tests (SCPTu) are generally used to obtain dynamic
properties of soils as well as cone resistance and penetration pore pressure. However,
the SCPTu system can sometimes not be utilized in marine soils because it is difficult
to install the source apparatus which generates the shear wave at offshore sites. Mok
et al. (2006) and Jang et al. (2008) have developed an in-hole type CPTu equipment
by combining the concepts of piezocone test method and in-hole seismic test method
(Park et al. 2008). Those tests can be performed without any additional source device
because the source and receiver consisting of pizoelectric bender elements are included inside a cone rod (Fig. 1). Bender elements are composite materials consisting
of elastic shims and thin piezoceramics, which convert mechanical energy to electrical energy or vice versa. The geotechnical studies utilizing bender elements were
also performed by many researchers such as Jung (2005) and Lee and Santamarina
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(2005). The objective of this paper is to investigate the practical application of inhole type CPTu by conducting laboratory tests using kaolinite and performing numerical simulations on the installation aspects. The effects of several parameters including test methods and soil conditions on the test results from in-hole type CPTu
were also examined.
2. IN-HOLE TYPE SEISMIC CPTU
As shown in Fig.1, the shear wave velocity of soils at any depth after a stop in penetration of cone can be obtained by measuring the travel time of shear wave, which is
transferred from the source to the receiver attached to in-hole type CPTu. Fig. 2
shows a prototype of in-hole type CPTu. Bender elements were attached to the end of
cantilever type swing arms located behind the conventional cone. The signal cables
connected to the bender elements are extended to the data acquisition system through
the cone rod.

Fig. 1. Definition sketch of in-hole
type CPTu

Fig. 2. Prototype of in-hole type CPTu

3. MODEL TEST
In the model tests, a plastic box with 500mm (L) by 300mm (W) by 320mm (H) was
utilized as soil box. The testing soil layer was prepared by stirring the kaolinite slurry
with an agitator. The initial height of soil layer was about 220 to 250mm. Table 1
presents the index properties of the kaolinitic soil layer.
Fig. 3 shows a model of the test frame with bender elements. All frames that include
swing arms corresponding to source and receiver were made of aluminum. Because
the height of soil box (about 250mm) is not enough to simulate the penetration of the
swing arms, the test frame were installed by rotating in a 90 degree in the soil box.
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Fig. 4 shows the plan view of the test set-up. Four different test frames were installed
in the soil box for each test case. ① and ② are the frames for source and receiver
in a fixed condition (reference). ③ and ④ shows the frames source and receiver in
a swing condition, which are utilized to analyze the effect of disturbance due to installation of swing arm. The distance between fixed condition and swing condition
was maintained at about 150mm to minimize the effect of disturbance on the fixed
condition.
Table 1. Index properties of kaolinite
Specific gravity
Liquid limit (%)
2.61

46.3

Plastic limit (%)

Water content (%)

22.0

88.5~103.1

Table 2 presents the summary of laboratory model tests. In this study, the effects of
the distance (d) between source and receiver and the swing arm length (s) on the
shear wave velocity were investigated. The effect of disturbance due to swing arm
installation was also examined by comparing the results of fixed condition with those
of swing condition. The test results were normalized by the reference test results.

Fig. 3. A model of test frame with bender
element

Fig. 4. Plan view of test set-up

Table 2. Summary of laboratory model tests
Distance between source and receiver (d)
5cm, 10cm, 15cm
Swing arm length (s)
5cm, 10cm
Fixed condition vs. Swing condition
d=5cm, 10cm, 15cm
Note: The values in bold correspond to the reference test case in the parametric study

4. NUMERICAL SIMULATIONS
In this study, numerical simulations using a general purposed finite element program
ABAQUS (Ver. 6.5) were also conducted, in addition to model tests. Effects of various factors such as distance between source and receiver (d) and the swing arm
length (s) on the shear wave velocity were examined and compared with the experimental model test results. The effects of disturbance due to cone penetration and in-
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stallation of swing arm were neglected in the analysis. Axisymmetric soil elements
and infinite elements for the end boundary were utilized. Fig. 5 shows the finite element mesh in this study. For a simplified analysis all elements including bender elements were modeled as elastic elements. For clayey soil, elastic modulus (E) =
300t/m2, Poisson’s ratio n=0.35, and mass density rs=1.7t/m3 were assumed. The
sampling time interval was set to 50msec up to 40msec. Table 3 presents the summary of numerical simulations.

Fig. 5. Finite element mesh
Table 3. Summary of numerical simulations
Distance between source and receiver (d)

5cm, 10cm, 15cm

Swing arm length (s)

5cm, 7cm, 10cm, 14cm

Note: The values in bold correspond to the reference case in the parametric study

5. TEST RESULTS
5.1

Derivation of shear wave velocity

To obtain the shear wave velocity (Vs) using bender elements, the travel time (td) of
shear wave from source (input) to receiver (output) should be measured.
V = =
(1)

where, d is distance between source and receiver, t is arrival time of shear wave, t0 is
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start time of input wave.
The arrival time of shear wave (t) can be measured by several methods as described in Fig. 6, t1 is first arrival time of initial output wave, t2 is the time of maximum of initial output wave, and t3 is arrival time of 2nd output wave. Crosscorrelation methods would be alternatively utilized. Brignoli (1996) and Jung
(2005) use t1, while Lee and Santamarina (2005) utilize t3 concept to remove the near
field effect. Fig. 7 shows the examples of input wave and response wave for model
test and numerical simulation. In this study, the direction of polarity of source and
receiver was considered, and the first arrival time (t1) of initial shear wave was selected to calculate the shear wave velocity.

Fig. 6. Derivation methods of travel time of shear wave

(a)

(b)

Fig. 7. Examples of input wave and response wave: (a) Model test (Reference case); (b)
Numerical simulation (Reference case)

5.2 Change of shear wave velocity during consolidation due to self-weight
Fig. 8 shows the change of shear wave velocity with time after installing the testing
frame into the soil box for reference case. It was found that shear wave velocity increases with time due to the self-weight consolidation of kaolinitic soils. This tendency is similar to the studies by Jung (2005) and Mok et al. (2006). As shown in Fig.
8(b), the change in the shear wave velocity is clearly classified into two different
lines in the logarithm scale of time. Therefore, the self-weight consolidation characteristics of very soft dredged soils can be effectively verified with in-hole type CPTu
in field condition as well as in laboratory.
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(a)

(b)

Fig. 8. Change of shear wave velocity with time (Reference case): Time-shear wave velocity
curve; (b) Logarithm scale of time vs. Vs

5.3 Effect of distance (d) between source and receiver
Fig. 9 shows the effect of distance (d) between source and receiver on the shear wave
velocity from the model test and numerical simulation, respectively. It was found
from Fig. 9(a) for model test results that shear wave velocity decreases as d increases.
From the numerical simulations results, the Vs values calculated from the arrival time,
t1 were compared with Vinp values derived from input variable used in the numerical
simulation. As shown in Fig. 8(b), the Vcal/Vinp ratio is almost same as 1.0 at d=10cm
and the ratio decreases with increasing d, which is almost same trend as model test
results. From both results, it was concluded that it is necessary to maintain the distance (d) between source and receiver constant (about 10cm) during the test to obtain
consistent test results with in-hole type CPTu.

(a)

(b)

Fig. 9. Effect of distance (d) between source and receiver: Vs for different d (model tests);
(b) Vcal/Vinp with d (numerical results)

5.4 Effect of swing arm length (s)
The effect of swing arm length (s), i.e., the distance between cone rod and bender
elements, on the shear wave velocity was also investigated. Fig. 10 shows the
changes in Vs for different swing arm lengths. The model test results reveal that the
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Vs values at s=5cm are higher than those at s=10cm irrespective of distance (d) between source and receiver. This tendency coincides with the numerical results as
shown in Fig. 10(b), which expresses the Vcal/Vinp ratio decreases as swing arm length
increases. It is important to keep the swing arm length constant during the test as
well as the distance between source and receiver, as discussed in section 5.3.

(a)

(b)

Fig. 10. Effect of with swing arm length (s): Vs for various s (model test results); (b)
Vcal/Vinp for various s (numerical results)

5.5 Effect of disturbance due to installation of swing arm
For the in-hole type CPTu the swing arm should be unfolded at any testing depth.
The effect of disturbance due to installation of swing arm is shown in Fig. 11. The ratio of Vs,s/Vs,f was obtained from model test results; Vs,s and Vs,f are the shear wave
velocities for swing condition and fixed condition, respectively. It was found that the
effect of disturbance decreased as the distance between source and receiver increased,
and the shear wave velocity (i.e., the strength) of soils increased. Jang et al. (2008)
presents the change of Vs after installation of swing arm can be estimated from the
regression curve.

Fig. 11. Effect of disturbance due to installation of swing arm (model test results)

61

6. CONCLUSIONS
From the experimental model tests and numerical simulations with in-hole type
CPTu, which was introduced to obtain the dynamic properties (Vs) of marine soils
without additional source device, the practical application of in-hole type CPTu was
investigated.
The shear wave velocities of kaolinite measured with time revealed that the selfweight consolidation characteristics of very soft dredged soils can be effectively investigated with in-hole type CPTu in field condition as well as in laboratory. Both
model tests and numerical simulation results showed that it is necessary to maintain
the swing arm length constant during the test as well as the distance between source
and receiver to obtain the consistent test results with in-hole type CPTu. Also it is
found that the disturbance due to the installation of swing arm apparently affect the
shear wave velocity.
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ABSTRACT: The resistivity piezocone (RCPTU) has become a very useful tool in
the geoenvironmental investigation of contamination plumes. Using this device, bulk
resistivity of soil can be measured in series of tests, allowing for the detection of the
probable presence of certain substances by comparing them to reference values. In
areas where reference values are exceeded, complementary evaluations can be made
using samples collected at discrete depths for subsequent chemistry analysis. These
reference values are established from field work or from similar geological environments. However, the values reported in the literature refer to typical soils from temperate climates, and thus do not reflect the behavior of tropical soils. Therefore, this paper discusses the development of a laboratory device to determine soil resistivity in
order to study the intervening factors such as moisture, compaction, porosity and degree of saturation. In addition, two resistivity modules with different diameters were
built to study the scale effect.
1 INTRODUCTION
The detection of contamination plumes is extremely important, since they may
represent serious risks for the population and the environment of a given region. The
resistivity piezocone (RCPTU), as Campanella & Weemees (1990) and Campanella
& Kokan (1993) suggestions, is a relatively recent technological development of the
piezocone, in which a resistivity module is installed at the back of a standard piezocone. This resource enables continuous measurements to be taken of the resistance to
an electric current applied to the ground. When measured in the ground in a series of
tests, this current flow allows for the detection of the probable presence of certain
substances by means of comparison against reference values. These reference values
are established based on field work or on similar geological environments. However,
the values reported in the literature refer to typical soils of temperate climates and do
not reflect the behavior of tropical soils.
To allow for a study of reference values in tropical soils, a device was developed
to read resistivity in the laboratory, using the same configuration as the resistivity
sensor of the RCPTU (Figure 1).
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IIn addition, resistivities were also measured
m
direectly by meaans of plates attached to
the ends of testt specimens with
w the sam
me characteriistics as thosse tested withh the newly
devveloped deviice. These annalyses indicated the inffluence of thhe excitationn frequency
throough the fun
nction generaator.
I
Initially,
as Archie (19442), the deveelopment of this device allowed
a
for analyses of
the variation off resistivity as a functioon of the varriation in thee moisture content,
c
degreee of saturation and void index.

Figuure 1 – RCPTU
U Squematic diiagram apud Giacheti
G
et al (22006)

T
ICAL CONC
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2 THEORETI
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Numerous
scientific
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woorks as Cam
mpanella (20008), Chan (2008), Hassona et al
(20008) and Oh et al (2008)) published in
i recent yeaars have repported on thee increasing
usee of the RCPTU in the prractice of environmentall engineeringg.
I general, the
In
t Wenner array (Fig. 2 and Eq. 1)) has been used
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to deterrmine resistiviity by meanss of these pointwise deviices.
I its ASTM
In
M G57-95a standard,
s
thee American Society forr Testing andd Materials
Staandards descrribes both field and labooratory proceedures for measuring
m
soiil resistivity
usinng four elecctrodes in the Wenner coonfigurationn, in which they
t
are spacced equally
in the
t arrangem
ment shown in Figure 2. The measurre of appareent resistivityy in this arranngement is caalculated froom Equation 1:

V
I
is the apparent resistivity (
.m)

 ap  2a 
where:  ap

(1)

a is the distance bettween the eleectrodes (m))
V is th
he differencee in potentiall (mV), and
I is the current
c
intennsity (mA).

A large partt of these deevices are buuilt with fouur electrodes because thhey are less
subbject to the effect
e
of polaarization in the electrodes. Devices that use twoo electrodes
worrking at low
w frequenciess are subjectt to the effecct of polarizzation in the electrodes,
which strongly
y interferes in
i resistivityy readings. However,
H
as higher freqquencies are
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used, this effect tends to decrease since the ions cannot polarize in the electrodes
(Weemees, 1990).

Figure 2 – Wenner Configuration

Figure 3 illustrates the effect of polarization in the electrodes, where the resistance
was normalized according to Equation 2 and plotted on a graph of normalized resistance on the coordinate axis and of frequency on the abscissas.

n 



(2)

1000

where:  n is the normalized resistivity
 is the measured resistivity, and
1000 is the resistivity measured at a frequency of 1000Hz.

Figure 3 – Inner and outer electrode normalized resitivity measurements versus frequency apud Weemees (1990)

According to Davies & Campanella (1995), the resistivity piezocone can be used
for the evaluation of environmental and geotechnical parameters. In areas where the
reference values are exceeded, complementary evaluations can be made using sam-
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ples collected at discrete depths for subsequent chemistry analysis. These reference
values are established from field work or from similar geological environments. Table 1 summarizes several typical resistivity measurements of saturated bulk soil mixtures and pore fluid.

Table 1 – Summary of some typical resistivity measurements of saturated bulk soil mixtures and pore
fluid (after Campanella, 2008)
Bulk resistivity
Fluid resistivity
Material Type
b, .m
f, .m
Deltaic sands with saltwater intrusion
2
0.5
Drinking water form sand
>50
>15
1-30
0.5-10
Typical landfill leachate
0,01-20
0.005-15
Mine tailings (base metal) & oxidized sulphide leachate
Mine tailings (base metal) no oxidizied sulphide leachate
20-100
15-50
1-10
0.5-4
Arsenic contaminated sand and gravel
0.5-1.5
0.3-0.5
Industry site: inorganic contaminants in sand
Industrial site: wood waste in clayey silts
200-1000
75-450
300-600
80-200
Industrial site: wood waste in clayey silts
Note: Conductivity (S/cm) = 10,000  Resistivity (.m)

3 ELECTRICAL RESISTIVITY EQUIPMENT
Electrical resistivity tests were carried out with two copper plates, with 10cm diameter each one, pressed against a sand specimen (Fig. 4). The compaction mold was
built with an electrical insulator. A power supply was used to apply alternating current (AC) with an electrical potential of 5V. The tests were conducted with different
moisture contents, varying the frequency from 60Hz to 245.760Hz in each test. As
can be seen in Figure 5, the frequency of 1000Hz allowed for steady measurements.

(d)

(a)

(e)
(a) lower copper plate
(b) upper copper plate
(c) compaction mold
(d) multimeter
(e) power supply

(c)
(b)
Figure 4 – Apparatus for measuring electrical resistivity

Two sensors (Fig. 6) were also developed with diameters of 20mm and 30mm, respectively, according to the RCPTU configuration shown in Figure 1, i.e., using four
electrodes arranged in the Wenner configuration. In that way, it is possible to study
the scale effect and extend the reference values to field results.
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The calibration system was set up in a tank with a known volume, in order to control the concentration of NaCl. Thus, current, voltage, electrical conductivity and water temperature measurements were taken for each measure of salt diluted in the tank.
(Fig. 7).
The calibration tests were done several times until measures become repeated.

Electrical Resistivity (ohm.m)

100000
w=0,8%
w=7,3%
w=27,9%
w=35,5%

10000

1000

100

10
10

100

1000
10000
Frequency (Hz)

100000

1000000

Figure 5 – Relationship between electrical resistivity and frequency of power supply

Figure 6 – Resistivity module

(a) calibration system
(b) tempetature and
electrical conductivity
measured by electric conductivity (EC) meter.
(c) electrical resistivity measured by resistivity
module

(b)

(c)
(a)

Figure 7 – Calibration System
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4 RESULTS AND ANALYSES
4.1 Frequency Study
The equipment tests were first analyzed considering the normalized resistivity, Eq.
(02), and the excitation frequency, Table 2. It was found that at values of frequency
higher than 1960 Hz there is higher variability of normalized resistivity; hence the
frequency of 1000 Hz is the recommended value.
In addition, it is possible to ensure that the frequency effect is minor with the increasing of the moisture content. In this specimen, the quartz does not have conductivity and the liquid in the porous influences the result.
4.2 Calibration of Resistivity Module
The system was calibrated seven times until the readings of the NaCl concentration remained constant. The calibration curve was then divided into three intervals to
improve the relationship between V/I and electrical resistivity (Fig. 8).
The three equations in Figure 8 show the satisfactory response of the 20mm diameter sensor to the normal values of electrical resistivity in geoenvironmental characterization, according to Campanella (2008), Table 1. The same procedure was
done to the 30mm diameter sensor and the resulting shape curves were alike.

4.3 Scale Effect
Electrical resistivity values determined at the same NaCl concentration for all sensors are presented in Figure 9 and the results are quite close. It can be assumed that
the laboratory test data for the developed sensors are similar to the response of
RCPTU tests and can be extended to the field testing data.
Table 2 – Normalized Resistivity versus Frequency
w = 0,8%
w=7,3%
w=18,0%
Frequency
n
n
n
(Hz)
60
1,00
1,04
1,05
120
1,04
1,03
1,03
240
1,03
1,02
1,02
480
1,02
1,01
1,01
960
1,01
1,00
1,00
1920
0,98
0,99
0,99
3840
0,92
0,98
0,99
7680
0,83
0,98
1,00
15360
0,72
1,04
1,08
30720
0,71
1,32
1,43
61440
1,04
2,58
2,98
122880
4,27
12,06
10,10
245760
15,60
62,01
30,84
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w=27,9%

w=35,5%

0,99
1,02
1,01
1,00
1,00
1,00
1,00
1,03
1,16
2,06
9,38
42,72
114,22

1,09
1,03
1,03
1,02
1,00
0,97
0,91
0,78
0,79
0,94
1,04
2,51
3,93

n

n

Electrical Resistivity (ohm.m)

3000
2500
1600-3000 = 1316,9Ln(V/I) - 5913
R2 = 0,9808

2000
1500
80-1600 = 2,203e0,0196(V/I)

1000
500

R2 = 0,9683

0-80 = 0,4366(V/I)
R2 = 0,9896

0
0

200

400

Figure 8 – Calibration Curves

600

800

V/I

Electrical resistivity,  (ohm.m)

1000

20mm
 = 3368,9 . c- 0,938
R² = 0,9881
30mm
 = 3044,6 . c -0,923
R² = 0,9986

100

RCPTU 43,7mm
 43,7= 4021 . c -0,977
R² = 0,9975

10

1

1000

Electrical Conductivity (EC) meter
 = 3611,6 . c -0,942
R² = 0,9995

0,1
1

10

100

1000

10000

100000

NaCl concentration, c (ppm)

Figure 9 – Assessing scale effect by electrical resistivity versus NaCl concentration

5 FINAL COMMENTS
The response of the laboratory sensor will make it possible to extend this device to
the study of factors that influence the bulk resistivity of soils, involving the Archie
(1942) formulation adapted to tropical soils.
The tests with the copper plates showed that the frequency effect is more significant to unsaturated soil and small moisture content values. In this way, it is interesting to consider the 1000 Hz as a standard value.
The development of two different diameter module turned possible the beginning
of study of the scale effect. The authors are currently engaged in a more detailed re-
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search, aiming to ensure the extrapolation of the values obtained in the laboratory to
those obtained in the field by RCPTU.
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ABSTRACT
The Cone Loading Test is a simple and easy to use test, performed with standard
CPTU testing equipment and consists of stopping the penetration at a desired level
and loading the cone by successive steps up to ground failure. The obtained loading
curves connect the three measurements made in the electronic cone: tip resistance,
sleeve friction and pore water pressure to the settlement of the cone. Physical
modelling of Cone Loading Test with the LCPC centrifuge attempted to investigate
the influence of the penetration or loading rate, cone geometry, embedment, soil unit
weight and scale effect on the stress-strain relationship deduced from the test. The
main objective of this research is to characterize the influence of these factors on the
approach used to derive Young’s modulus. To achieve this objective, a parametric
study where the parameters were varied in their respective range, allows establishing
the influence factors governing this relationship. After a short description of the test
principle, this paper will summarize the testing program and enlighten the main
results of Cone Loading Tests realized in geotechnical centrifuge on Fontainebleau
sand.
1 INTRODUCTION
The Cone Loading Test can be carried out during a Cone Penetration Test (CPT) as a
complementary, fast and economical test. The principle of the cone loading test is
simple: after a dissipation test, a loading of the cone is done by successive steps or at
constant very slow speed until the cone resistance of the soil is reached
(Faugeras et al, 1983). The loading curve is then recorded, it links the pressure
applied on the cone to the settlement of this cone. Figure 1 shows the test principle
and the loading program which consists of carrying out a loading by stages where the
pressure is held constant during 60 seconds in each stage. Several other readings are
also measured, like the increase of pore pressure and the shear resistance on the
friction sleeve. Examples of typical cone loading test results are described in the
paper of Ali et al. (2010).
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Figure 1. The principle of the cone loading test and the loading program

2 CONE LOADING TEST IN CENTRIFUGE
2.1 Objective
To be satisfactory, a parametric study of a cone loading test modelled in 1 g requires
a large number of tests and sites. Unfortunately, experimental sites with thick layers
of homogeneous sand are difficult to find. For this reason, the use of reduced scale
models is a current practice in geotechnical engineering. Indeed, these models allow
studying the behaviour of a ground or a structure, under complex conditions where
the calculation methods do not exist or are not adapted to the studied case. Thus, the
use of the centrifugal reduced models are advantageous.
2.2 Influence factors
In a cone loading test, several parameters have to be considered, like the cone
geometry (diameter, shape), the ground state (density, nature, and homogeneity), the
loading rate, the applied pressure and the loading program (step, constant rate,
monotonous or cyclic). Hence, a parametric study based on testing of small scale
models in centrifuge has been built to address this issue.
2.3 LCPC Centrifuge
The LCPC (Laboratoire Central des Ponts et Chaussées) geotechnical centrifuge has
been used since 1985 for the study of scaled models. Loads are applied in flight using
jacks or an on-board robot, all devices being controlled remotely from the centrifuge
operator’s room. The scale-reduction factor is equal to the centrifugal acceleration
being applied, up to a maximum of 200 g’s and the maximum model mass is 2 tons.
2.3.1 Material: Fontainebleau sand
Fontainebleau sand was used in these tests. It is a uniform silica sand which consists
of fine and rounded particles with an average mean particle size d50 of 0.22 mm. The
Fontainebleau sand passes through a 0.4 mm sieve and is retained on a 0.08 mm
sieve. The sand has an average uniformity coefficient of 1.3. The average maximum
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and minimum dry densities of the sand were found to be 1706 and 1395 kg/m3
(Table 1).
Table 1 – Maximum and minimum dry densities
s (kN / m3)

d min (kN / m3) emax

 d max (kN / m3)

emin

26.00

13.95

17.06

0.524

0.864

2.4 Containers
Two series of cone loading tests have been performed with the LCPC geotechnical
centrifuge (Canépa et al., 2000). Two model containers were prepared by air
pluviation from a hopper to obtain densities values of d = 15.95 (CT1) and
15.20 kN/m3 (CT2) and subjected to a 50g acceleration. The characteristics of the
containers are shown in table 2. The tests have been realized in medium dense sand
(CT2) and dense sand (CT1).
Table 2 – Density index
Weight
Container
g (t / m3)

Density
d (kN / m3)

Density index
Id (%)

CT1

1.626

15.95

68.8

CT2

1.550

15.20

45.1

Table 3 recapitulates the various mechanical parameters of Fontainebleau sand,
obtained from shearing tests with square boxes of 6 cm on 5 cm height samples.
Table 3 – Mechanical characteristics of Fontainebleau sand
Friction
Friction angle
Weight
angle at
Container
(peak)
d (kN / m3)
rupture
 (°)
r (°)

Dilatancy
angle
(  - 30°)
 (°)

Dilatancy
angle
« Rowe »
 (°)

Drained
cohesion
c’ (kPa)

CT1

15.95

38.3

30.7

7.6

9.2

2.6

CT2

15.20

31.6

29.2

1.6

2.8

5

3 TESTING PROGRAM
Cone penetration tests have been carried out with a 12 mm diameter (Φ) cone
(Figure 2.a) without measurement of friction or pore pressures.

a)
Figure 2. Description of the cone and the plate used in the tests
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b)

During these tests, unload-reload loops were carried out at four different depths
(Figure 3). The modules derived from these loops are presented below and compared
to measurements of modules obtained during loading tests of 50 mm diameter (B)
circular plates (figure 2.b). The tests were conducted at the same penetration rate of
0.6 mm/min. The plates were embedded in the containers at the levels where the
loops were realized.

3. a. Cross section

3. b. Plan view
Figure 3. Presentation of the containers used in LCPC centrifuge tests

3.1 Procedure
The plate loading test is carried out at a constant loading rate (2.5 mm/sec) and the
unload-reload loops are also carried out at constant speed, but in this case at very
slow speed (0.01 mm/sec). The tests are carried out until the maximum capacity of
the penetration device (700 daN = 3500 kPa) or until a plate displacement of 5 mm
(10% of its diameter). During each loading test, two or three unload-reload loops
were done at Q load levels corresponding to a plate displacement of 1 mm (2%B), 2.5
mm (5%B) and 5 mm (10%B). The loops amplitude ΔQ is equal to Q/2. In the same
manner, the cone penetration is done at a constant rate (2.5 mm/sec) and the unloadreload loops are also carried out at a very low constant rate (0.01 mm/sec). In each
penetration test, 4 unload-reload loops were performed at depths z corresponding to
the plate elevations, approximately 50 mm (z/Φ  4), 100 mm (z/Φ  8), 150 mm
(z/Φ  12) and 200 mm (z/Φ  16) in the soil. The amplitude ΔQ of the loops is about
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0.8Q, Q being the force from which the loop begins. Figure 4 shows a typical plate
loading test and cone loading test profile.
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3.2 Measurements
The effort transmitted to the plate (cone effort in case of penetration test) is measured
by means of a transducer located at the base of the penetrometric rod (see figure 2).
It is admitted that the plate’s displacement (or the cone displacement) is identical to
the vertical displacement of the tele-operator head by taking as measurements origin
that corresponding to the first measured transducer effort lift off. The measurements
periodicity is 1 second.
3.3 Results
3.3.1 Unload-reload modulus
Figure 5 shows two typical unload–reload loop curves obtained during a plate loading
test and a penetration test. For each loop carried out (2 to 3 during a plate test/ 4 in
each penetration test), a secant deformation modulus was calculated using the
following relation:
Esecant = (q/s)AB*(/4)*Φ*(1-2)

(1)

with:
q : pressure amplitude
s : model displacement amplitude
Φ : cone base diameter (12 mm)
 : Poisson’s ratio (= 0.33)
Penetration test - unloading-reloading loop - container CT2

Plate loading test - unloading-reloading loop - Container CT2
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Figure 5. Typical unload-reload loops for (a) plate loading test (b) cone penetration test (CT2)
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3.3.2 Measurements repetitivity
Figure 6.a compares the tests F00-2.1 and F00-2.2 carried out at surface (D= 0) in
container CT2, respectively, with and without unload–reload loop. Figure 6.b
compares the penetrometer profiles P-2.1 et P-2.2 et P-2.3 carried out in container
CT2. As shown, the variation between the curves in each figure is very small (lower
than 10 % in term of displacement for the same pressure transmitted to the ground same cone resistance qc in case of penetration test). The small difference between the
curves proves the good reproducibility of these tests.
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Figure 6. Measurements repetitivity

3.3.3 Plate loading curves
Figure 7 shows the plate loading tests carried out in container CT2. Each plate test
was characterized by characteristic pressures. The curves are non dimensional
(s/sr according to q/qr).
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Figure 7. Plate loading tests - Container CT2 (d = 15.20 kN/m3) – non dimensional curves

Where qr is the pressure corresponding to a displacement (sr) equal to 10 % of B. As
we can see it, the variation between the non dimensional curves is very small and a
m
unique power function ( s sr  q qr  ) can practically represent all the tests (in this
case m =1.5).
3.3.4 Deformation modulus analysis
Figure 8 shows the evolution of the deformation modules measured according to the
depth where unload-reload loop was carried out. The plotted modulus have been
calculated using equation 1.
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b)

Several points can be construed from this figure:
- All matters being equal (same container, same test), the modulus increases
with depth. The obtained tendency curves are shown on the figure.
- At the same depth, the modulus measured during the penetrometric tests
are appreciably higher than those obtained during the plate loading tests.
- All matters being equal (same container, same depth), the modulus
measured during the plate loading tests increases with applied stress level
q/qr where was used the unload – reload loop.
- The «gradient» of E/z evolution seems not very sensitive to q/qr where
unload – reload loop was made. On the other hand, it is characteristic of the
equipment used (plate or cone).
The cyclic modulus measured at plate loading test at the same depth and the unloadreload loops of cone loading test show a correlation factor of 2.3. This value can be
assimilated to a shape factor kr relating the use of Boussinesq assumption of equation
2 to the conical shape used during the tests.
h 

R
2

 Pp 

1  2
E pn

(2)

Where, R: cone radius; Pp: applied cone pressure; Epn: cone penetrometer modulus
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Figure 8. Secant modulus obtained by plate loading test and reloading modulus of cone loading test in
centrifuge - Container CT2 (d = 15.20 kN/m3)

4 ACTUAL RESEARCH WORKS
To approach the reality of the in situ tests, a new cone penetrometer has been
designed and will be able to provide measurement of cone resistance and side friction
on a sleeve. The geometry and dimensions of the cone penetrometer were defined,
according to the standard EN/ISO 22476-1, the ratio (length of the friction
sleeve/diameter) is equal to 3.75, and as the point and the sleeve have the same
diameter of 20 mm, the sleeve thus have a 75 mm length (CEN/ISO, 2005).
The objective of this new equipment is to widen the parametric study of cone loading
tests in centrifuge. The program of the new tests is being prepared; it is a more
detailed study of the influence of several parameters on the test results, in particular,
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the influence of the penetration rate, various cone and plate geometries, as well as the
effect of the soil density.
5 CONCLUSIONS
This paper describes the insertion of a cone penetrometer (Φ = 12 mm) carried out in
a centrifuge (N = 50 G) in two Fontainebleau sand masses of various densities (γd =
15.95 kN/m3 and γd = 15.20 kN/m3). During these tests, unload – reload loops were
applied at various depth levels, and deformation moduli were calculated from each
test. This paper clearly shows the correlation between results of cone loading tests
and those obtained from plate loading tests in centrifuge. It is evident that these
conclusions are specific to the materials and equipment. Further research is needed in
this direction (comprehension of the cone resistance, complete analysis of the loading
curves) in order to assess soil deformation properties and the design of spread
footings using in situ penetrometer tests.
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ABSTRACT: The Perméafor is an in situ soil testing device developed in the early
80’s. The probe has a conical shape and is pushed or hammered into the ground using
a conventional drill rig. The tool is advanced through the subsurface at a constant rate
while water is injected through a screen at the mid level of the probe. A quick estimate of the permeability profile of ground layers encountered can be derived. . The
permeability profile obtained is complemented by a penetration curve (elapsed time
for 20 cm driving depth) in order to evaluate the quality of the soil. The device has
been recently modified to include a piezocone tip. This paper presents calibration of
this test with water tests performed in laboratory and in situ and the use of the new
version of the device during a dike survey campaign and comparison of this test with
pumping tests, Lefranc tests and standard electric cone penetration testing.

1 INTRODUCTION
The Perméafor was developed by the Public Works Research laboratory (LRPC)
of Strasbourg in the early 80s and patented in 1986. This hydraulic profiling tool
(HPT) provides a quick estimate of the in-situ profile of soil permeability. It gives an
order of magnitude of soil permeability in a quasi-continuous way (approximately
every 20 cm). The permeability profile obtained is supplemented by a penetration
curve (for 20 cm) to qualitatively assess the resistance to penetration of soil and identify heterogeneities of the ground mass. It proved to be an efficient tool for the geohydraulic characterization of waterway infrastructure. This paper presents the equipment developed, the test method and analysis of results and a compilation of results
that has led to a correlation with conventionally measured permeability.

79

2 EQUIPMENT
2.1 Test principle
The test consists of the measurement of the flow of water injected through a porous tip under a constant hydraulic head, at the level of the screen. The geometry of
specially designed tip allows continuous testing during penetration without use of
packers (Ursat, 1992).
2.2 Test equipment
In addition to a drill rig, drill pipes, adaptation head and connecting tubes, the
equipment is composed of the following (Figure 1a):
- Perméafor porous tip,
- measuring assembly with flow meters, pressure and displacement transducers
and bypass valves,
- data logger for acquisition on a laptop equipped with software for display of flow
and average flow in real time.
Both flow meters cover a range from 0.1 to 180 l/min with an accuracy of +/0.5%. The whole system works with a pressure regulator with hydrostatic balance to
apply hydraulic heads between 3 and 5 m with an accuracy of +/- 5 mm. He is the
pressure measured at the pump.

a)

b)

Figure 1. Permeafor HPT test equipment (1: Laptop, 2: flow meter, 3: pressure sensor; 4: displacement
transducer; 5: data logger, 6: Permeafor tip; 7: water head; 8: pump; 9: water tank; 10: pressure transducer; 11: electric cone penetrometer with pore pressure measurement)

The shape of Perméafor HPT porous tip ensures proper sealing around the screen
and prevents leakage parallel to the axis of the borehole. Water spreads out radially
into the soil and a well defined cylindrical field of flow is created determined by the
pressure at the borehole wall and measured by the rate at which water is injected.
Other benefits of the Perméafor HPT test are its ability to perform a test during pene-
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tration without prior casing, and due to the low height of the cylindrical cavity, to
make a number of measures (5 per meter or more) (Ursat, 1995). The maximum outside diameter of the probe shown in Figure 1a is 60mm and diameter of the porous
screen D is 44mm.
2.3 Evolution
In order to facilitate analysis of Perméafor HPT tests, a new design of the tip
which incorporates a piezocone was needed (CEN/ISO, 2005). This would allow
access to the CPT soil classification charts by Robertson (1990), estimation of soil
compacity and identification of areas of low saturation. It is then possible to propose
more robust correlations as validated by several measurements on the hydraulic and
mechanical behavior of materials tested. These developments required modifications
to the existing device. It was therefore decided to add a pressure sensor close to porous screen and an electric cone penetrometer with pore pressure measurement under
the porous tip and completely renew the data acquisition (Figure 1b).
3 TEST
3.1 Experimental Protocol
During the Perméafor test, the HPT tip is driven into the ground in 20 cm increments with the help of a drill rig using a conventional hydraulic hammer. When the
screen is in the soil, the injection starts and is done continuously throughout the duration of the penetration. When penetration is stopped, the flow is recorded versus time
for 10s and then penetration is continued.
3.2 Analysis results
The derived parameter computed from measurements and equivalent to permeability is:

Pk 

Q
H'

(1)

with:
Q: outflow,
H ': corrected water head

H '  H e  Dw  dH (Q)

(2)

where:
He: imposed water head,
Dw: water table depth,
dH (Q): pressure losses in the circuit, depending on the outflow
Error calculation using values given above leads to the following conclusions: the
error in Pk during a test at constant load is about 3% and may become more important
if the corrected water head becomes too low. This can occur for very permeable soils
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because, when the flow increases, the losses in the injection circuit increases for shallow water table i.e. Dw is close to 0 or confined aquifer for which Dw <0.
Thus the ratio Q/H' is generally capped at a value of 5.10-3 m²/s, corresponding to
highly permeable soils.
3.3 Factors of influence
The outflow is a function of soil permeability and the pressure imposed. The latter
depends on the available water head, groundwater depth and losses in the injection
circuit (flow meter, valves, tubes, porous screen). The pressure losses are a function
of flow and are measured by prior calibration. This test therefore requires a correction
which will not be detailed in this paper (see Ursat, 1992).
The short test time usually does not lead to establishment of a permanent flow.
Thus, the ratio Q/H’ is calculated for a value less than 5.10-7m²/s.
3.4 Correlation with permeability
The literature indicates an expression of flow:
Q

2. . L

(3)

D
.K .H .D
2

L
ln
 L D 2  1 
 D


The formula would theoretically quantify the permeability K in m/s of crossed horizons from the ratio Q/H.

K   .Pk

(4)

with a value of  = 2.8 for L/D = 1 and D = 0.05 m (see Figure 1).
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Figure 2. Correlation between measurements of the permeability coefficient K obtained using different
methods and Q/H '

Figure 2 shows the correlation obtained from Lefranc tests or permeability tests
conducted in laboratory using Proctor molds for more than a dozen sites. They were
supplemented by a calibration test in a calibration chamber on different materials of
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known geohydraulic characteristics. These results have identified an experimental
value of this ratio close to 2.3.
4 CALIBRATION TESTS
This research was supported by Electricité de France responsible for numerous dikes and dams in relation with power plant activity. Since several years, Rhine left
bank dikes are facing leakage. An in depth survey of the dikes was made including
CPTu, Lefranc tests, Perméafor HPT and laboratory tests (particle size distribution,
permeability test). Piezometers were also installed. All information collected has resulted in a set of parameters that could be compared to Permeafor results. The results
shows good correlation of Perméafor curves with the cone penetration tests (Figure
3).
Cone resistance qc (MPa)
Q/H’ (m²/s)

Permeable soil

Medium permeable soil

sligthly impermeable soil

highly impermeable soil

depth(m)

gravel

sand

silt

gravel

Sleeve friction fs (MPa)

Figure 3. Ratio Q/H’ log and CPT for profile number 5

The dike core is composed of mixed gray silt and Rhine gravel are clearly identified with the contrasts of permeability observed at a depth of about 2 m and 6 m.
Analysis of core samples have helped ensure the relevance of Permeafor test in locating these layers.
Calibration tests have also been carried out on two trial embankments built in the
Centre d’Expérimentation Routière (CER) facilities in Rouen. The general object of
the experiment was to test the new design of the Perméafor HPT for consistency with
itself and against other methods.
Figure 4 show the geometry of the trial embankment made of Rhine alluvial gravel
(0/64 mm) including two cells; the compacted one built in 11 layers compacted to
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reach 95% of Proctor optimum density and the non compacted one constructed in 6
layers with a final density of 85% of Proctor optimum density (Figure 6b).
Compacted (C)

Not
Compacted (NC)

Figure 4. Top view of trial embankment

Cells were wrapped in a geosynthetic liner and equipped of plastic tubes (marked
T on Figure 4). Pumping tests carried out in the two cells gave average permeability
coefficient of 3.65.10-1 m/s in compacted cell and 2.30.10-1 m/s in uncompacted cell.
Eighteen Perméafor HPT profiles, four CPTu and two dynamic probing tests, half
in each cell were carried out (only Perméafor are represented on Figure 4).
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Figure 5 Profile (a) CPTu, (b) dynamy probing, (c) drilling parameter recording, (d) Permeafor CPT (C
for compacted and NC for uncompacted cell)

Figure 5 shows these different profiles. Classical CPT were difficult to realize in
the dense and coarse gravel therefore they were stopped at 0.6 m (Figure 5a). Gentle
hammering of Perméafor probe has permitted to penetrate the gravel without destruction of electric cone and to obtain a cone resistance profile (Figure 5d). The different
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type of penetration test profiles and the thrust force measured using drilling parameter
recording normalized by the feed speed are very consistent.
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Figure 6. a) Q/H’ profiles and b) density profiles for both cells

Figure 6a summarizes the different values of permeability tests performed on the
site. Different lengths between injection phases and different injection times have
been tested. For this well graded soil, there are almost no differences between compacted and uncompacted cells even if the rearrangement of grain particles seems to
create scattered profiles for compacted cell. However tests realized in compacted
cells give lower values. Ratio between permeability coefficients K obtained by pumping test and Q/H’ ratio obtained from Perméafor tests are close to the values observed
in Figure 2.
Dike shield - sandy gravel (0,2m)
Rhine gravel (7,8m)
Dike core - clayey silt (5,8m)
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Figure 7. Robertson chart (1990) Rhine dike Profile 5,6 and trial embakment (1. Sensitive fine-grained
soil, 2. Organic soil, 3. Clay, 4. Silty clay to clay, 5. Clayey silt to silty clay, 6. Sandy silt to clayey silt,
7. Silty sand to sandy silt, 8. Sand to silty sand 9. Sand 10. Sand to gravelly sand, 11. Very stiff finegrained soil, 12. Overconsolidated or cemented sand to clayey sand) (EN/ISO, 2002; 2003)
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Interpretation of CPTu data was based on chart proposed by Robertson (1990)
(Figure 7). This analysis has led to a relatively accurate classification of materials encountered according to soil profiling realized from cores samples obtained from core
drilling performed close to CPT profiles location (2m along the axis of the dike). In a
first approach, the use of hammering or vibrodriving the cone has an influence but
this was not the object of this experiment.
This study has validated the new design of the probe and the pertinence of the results. The next stage of this research is to insert a layer of silt, 1m thick at mid height
of the cells to investigate the ability of the new probe to give information when the
probe penetrates through the contact zone.
5 CONCLUSIONS
The Perméafor HPT is a device developed and used by the Scientific and Technical Network of Department of Environment, Energy, Sustainable Development and
Spatial Planning. The potential advantages of this new HPT are both technical and
economic:
- variation of permeability can be identify with accuracy,
- possible classification of soil using existing CPT-based charts and other relationships,
- speed in execution.
The HPT allows the development of continuous permeability logs with qualitative
analysis leads to an initial diagnosis of the structure of dikes (Featured in leakage levels mainly). This device reliably determines the transition zones with high gradient
(i.e. contact between silt and gravel for example), which are preferential areas for the
development of internal erosion. Its rate of penetration made it a device with "great
performance" given the number of water tests carried out conventionally.
In the field of dikes and canals, the number of existing works is considerable. The
high stakes associated with the sustainability of these existing structures, particularly
against the mechanisms of internal erosion, have led the Strasbourg LRPC to consider
the evolution of the Perméafor to obtain quantitative geotechnical parameters, and secondly reliable preliminary diagnosis method of the internal structures of dikes.
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Field application of continuous intrusion miniature CPT
system in South Korea
S. Yoon
Samsung Engineering & Construction, Seoul, Korea

M.T. Tumay
Louisiana State University, Baton Rouge, USA and Bogazici University, Istanbul,
Turkey

ABSTRACT: The cone penetration test (CPT) has been increasingly used for in situ
site characterization. However, the use of CPT is often limited due to specific site conditions depending on the cone size, geometry, and capacity of the CPT system used. In South
Korea, it has generally been considered that the CPT could be satisfactorily performed only in
soft soils. Louisiana State University (LSU) / Louisiana Transportation Research Center

(LTRC) has implemented a field-rugged continuous intrusion miniature cone penetration test (CIMCPT) system since the 1990s. The miniature cone penetrometer of the
CIMCPT system has a cross-sectional cone area of 2 cm2 allowing finer soil profiles
compared to the standard 10 cm2. The reduced cross-sectional area also enables a system capacity reduction leading to cost saving and ease in maintenance. In addition,
the continuous intrusion mechanism allows fast and economic site investigations.
Samsung Engineering & Construction has recently implemented a similar CIMCPT
system. The performance of the Samsung CIMCPT system has been investigated by
calibration with the standard CPT system at a well-characterized test site in South
Korea. In addition, soil classification by the computerized probabilistic method using
the CIMCPT profile is compared with soil classification from laboratory tests.
1 INRODUCTION
Cone penetration test (CPT) is performed by pushing a cone at a constant rate (2 
0.5cm/sec) and normally measures tip resistance (qc), sleeve friction (fs), pore water
pressure (u). CPT has been increasingly used for in situ site characterization due to its
expediency, economics and reliability in field operations, and strong background in subsurface data analyses since its development in the 1930s. CPT data are used to determine soil
classification with depth and to estimate various engineering soil properties for design and
analysis of soil structures. The standard CPT system is equipped with a projected cone

area of 10 cm2 and a friction sleeve area of 150 cm2. In addition to the standard CPT
system, the CPT system with the 15 cm2 cone penetrometer and the 200 cm2 friction
sleeve has been also extensively used for deep and stiff soil investigation.
The Louisiana State University, LSU/Louisiana Transportation Research Center,
LTRC has implemented a field-rugged continuous intrusion miniature cone penetration test (CIMCPT) (Tumay and Kurup, 1997; Tumay and Kurup, 1999) system since
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the 1990s (http://www.coe.lsu.edu/facilities/revegits-cimcpt.htm). The miniature cone
penetrometer of the CIMCPT system has a cross-sectional cone area of 2 cm2, and a
frictional sleeve surface area of 40 cm2, allowing finer soil profiles due to minimized
pressure bulb generated in the path of the cone compared to the standard cone penetrometer with 10 cm2 cross-sectional cone area and the 150 cm2 frictional sleeve surface area. The reduced cross-sectional area of the CIMCPT also enables a system capacity reduction leading to cost saving and ease in maintenance. In addition, the
continuous intrusion mechanism allows fast and economic site investigations.
In South Korea, CPT systems that are applicable for stiff soils are very rare due to
their expensive procurement and maintenance cost. Therefore, the application of CPT
has been often limited to only soft soils. Samsung Engineering & Construction has
recently implemented a similar CIMCPT system based on the system at LSU/LTRC.
The performance of the Samsung CIMCPT system has been investigated by calibration with the standard CPT system at a well-characterized test site near Seoul in
South Korea. In addition, soil classification by the computerized probabilistic method
(Zhang and Tumay, 1999) using the CIMCPT profile is compared with soil classification from laboratory tests.
2 SAMSUNG CIMCPT SYSTEM
2.1 Miniature Cone and Continuous Intrusion Mechanism
The CPT system normally consists of the following major components: cone penetrometers, cone intrusion system, data acquisition system, and a vehicle. The prototype CPT system utilizing the standard 10 cm2 or 15 cm2 cone penetrometers typically needs a large CPT vehicle to possess a sufficient reaction force for stiff soil
investigation and a cone intrusion system with segmental rods consuming time and
effort to push the cone into deep soils. The CIMCPT system had been developed and
implemented to overcome the drawbacks of the standard full-size CPT system. The
miniature cone penetrometer and continuous intrusion mechanism are two unique features in the CIMCPT system. Fig. 1 shows the comparison between the 2 cm2 and the
10 cm2 cone penetrometers. Fig. 2 shows the continuous intrusion system consisting
of a coiled rod and continuous push device.

Fig. 1 Comparison between the 2 cm2 and the 10 cm2 cone penetrometers
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Continuous
push device

Coiled
push rod

Mini cone

Fig. 2 Continuous intrusion system in the Samsung CIMCPT system
The Samsung miniature cone penetrometer has a cross-sectional area of 2 cm2 and
friction sleeve area of 30 cm2 (Fig. 3). The “fiction sleeve surface area/cone cross
sectional area” ratio of the Samsung miniature cone (i.e. 30/2 = 15) is the same as the
ratio in the standard 10 cm2 cone (i.e. 150/10 = 15). As shown in Fig. 3, strain gages
are placed in two rows inside the cone penetrometer. Strain gages in the first row
measure tip resistance, while strain gages in the second row measure tip resistance
plus sleeve friction. To determine the sleeve friction, the tip resistance from the strain
gages in the first row should be subtracted from the tip resistance plus sleeve friction
from the strain gages in the second row. This cone is often referred to as subtraction
cone (Lunne et al., 1997). As shown in Fig. 4, the miniature cone penetrometer is attached to a coiled penetration rod. The continuous push device that is powered by a
reversible hydraulic motor allows continuously inserting and retracting the coiled rod
through the coiling mechanism. The coiling mechanism straightens the coiled rod before the cone is inserted into the soil and re-coils the straightened rod after testing. It
was reported that the plastic deformation of the rod accompanied with the coiling
mechanism could eventually result in failure after about 300 cycles of coiling and uncoiling (Tumay and Kurup, 2001). The maximum penetration depth of the Samsung
CIMCPT system is 15 m. The miniature cone and the special coiled rods were procured from the developer, Sage Engineering, Inc., USA. The CIMCPT system which
also uses these special components was developed at LSU/LTRC.

Friction Sleeve

Strain Gages
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Fig. 3 Inside of the miniature cone Fig. 4 Miniature cone attached to a coiled rod
2.2 CIMCPT Vehicle
Miniature cones systems have been developed and used for laboratory testing because
they allow more precise investigation in soil samples (DeJong et al., 2003; Yafrate
and DeJong, 2005; Shin et al., 2007). Unlike laboratory application of miniature cones, field application requires a vehicle. The vehicle transports the CIMCPT system to
test sites and applies reaction force using its own weight in cone testing. As shown in
Fig. 5, Samsung Engineering & Construction has developed the Samsung CIMCPT
truck based on one the developed by LSU/LTRC. The Samsung CIMCPT truck is a
2.5-ton, four-wheel drive, all terrain vehicle equipped with four-foot outriggers and
four-ton electrical winch considering various field conditions. The CIMCPT truck is
much lighter and costs less compared to a typical full-size CPT truck because the reduced cone size requires smaller reaction force as shown in Fig. 6.

Fig. 5 Samsung CIMCPT truck

Fig. 6 CIMCPT truck and CPT truck

2.3 Data Acquisition System
Fig. 7 shows a data acquisition system used in the Samsung CIMCPT system. The
data acquisition system consists of a data logger enclosing DGH modules for qc and
fs, a data transformer sending data from the data logger into a computer, and a notebook computer with a software allowing system control, data display, and data store.
For more information on the data acquisition system, refer to Tumay and Kurup
(2001).

Data Logger

Data Transformer

Notebook
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Fig. 7 Data acquisition system used in the Samsung CIMCPT system
3 FIELD TEST
3.1 Overview
The Samsung CIMCPT and the full-size CPT have been field-tested at a construction
site near Seoul in South Korea. The site is appropriate for field calibration in that it is
characterized well and has homogeneous soil deposits to minimize the effect of soil
variability on the measured data. The performance of the Samsung CIMCPT has been
investigated by calibration with the standard 10 cm2 CPT at the two different locations of the site spacing about 250 m. Location #1 consists of silty clay (CL) to a
depth of 5.7 m, followed by sandy silt (ML) to 7.5 m, fine loose sand (SP) to 8.7 m,
and fine medium sand (SW) to 10.5 m. Location #2 consists of silty clay (CL) to a
depth of 2.5 m, clayey silt (ML) between 2.5 ~ 3.5 m, silt (ML) between 3.5 ~ 7.5 m,
sandy silt (ML) between 7.5 ~ 8.5 m, and medium sand (SP) to the depth of 11.7 m.
The ground water tables for the two locations are located at a depth of 0.7 m, 1.5 m,
respectively. At each location, a CIMCPT and a standard CPT were performed 1-m
apart from each other in order to minimize the interaction and influence of soil disturbance on the test results. Soil classification by the computerized probabilistic method (Zhang and Tumay, 1999) using the CIMCPT profiles has been also compared
with soil boring profiles and soil classification from laboratory tests.
3.2 Field Test Results
Fig. 8 shows the comparison of the CIMCPT and the prototype CPT profiles at the
two different test locations, respectively. CIMCPT was performed up to the depth of
10 m, while CPT was performed up to about 6.5 m due to the insufficient reaction
force. As shown in Fig. 8, generally good agreement in the qc and fs measurements is
observed between the both cone penetrometers, although there is some small difference in measured sleeve friction at depths between 1 to 2m at both sites.
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Fig. 8 Comparison of the CIMCPT and the prototype CPT profiles
The subsurface soils were classified using the computerized probabilistic method
(Zhang and Tumay, 1999) with the CIMCPT profiles. The method is based on a CPT
soil engineering classification index, U (non-dimensional) that results from preliminary data reduction on the CPT sounding data (Zhang and Tumay, 1999). Fig. 9
shows the comparison between the soil boring results and the soil classification using
the CIMCPT profiles shown in Fig. 8. Laboratory tests have been performed for soil
samples at the depths of 1.5 m and 3.0 m for the location #1 and at depths of 2.2 m
and 4.0 m for the location #2. Table 1 describes the laboratory test results and the soil
types by the Unified Soil Classification System (USCS). The soil classifications using the computerized probabilistic method (Zhang and Tumay, 1999) compare well
with the boring results and the USCS soil types.
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Fig. 9 Comparison between soil boring results and CIMCPT soil classifications by
the probabilistic method
Table 1 Laboratory test results and USCS soil type
Depth / Location

Gs

Wn (%)

LL (%)

PI

#200 passing

USCS

1.5 m / #1

2.68

35.6

32.8

7.0

97.0

CL

3.0 m / #1

2.69

42.9

37.7

15.2

96.5

CL

2.2 m / #2

2.69

44.8

35.8

9.2

99.6

CL

4.0 m / #2

2.68

29.9

31.0

6.4

91.1

ML

The subsurface soils were also classified using the computerized probabilistic method (Zhang and Tumay, 1999) with the CPT profiles. Fig. 10 and Fig. 11 show the
comparison between the soil classifications with the CIMCPT and CPT profiles up to
the depth of 6.5 m. As shown in Fig. 10 and Fig. 11, the soil classifications with the
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both profiles look very similar except for more of clayey type with the full-size CPT
at the test location #1.
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Fig. 10 Comparison between the CIMCPT and CPT soil classifications by the probabilistic method at test location #1
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Fig. 11 Comparison between the CIMCPT and CPT soil classifications by the probabilistic method at test location #2
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4 CONCLUSION
Based on its original model by LSU/LTRC, the Samsung CIMCPT truck was developed and implemented for subsurface site investigation at depths up to 10 m. The
“fiction surface area/cross sectional area” ratio of the miniature cone is the same as
the ratio in the standard 10 cm2 cone. The performance of the Samsung CIMCPT was
evaluated by testing at a well-characterized construction site near Seoul in South Korea. From the comparison of CIMCPT and standard full-size CPT profiles at two locations, a generally good comparison is seen in the qc and fs measurements. Soil classifications by the computerized probabilistic method (Zhang and Tumay, 1999) with
the CIMCPT profiles agree well with the boring results and USCS soil types from the
laboratory tests.
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Experience with lightweight pushing equipment and
CPT in Lithuania
S. Anilionis
JSC InGeo, Klaipeda, Lithuania

ABSTRACT: In situ testing in geotechnical engineering has traditionally been carried
out using relatively heavy equipment. Smaller soil exploration equipment allow the
use of the cone penetration test (CPT) to be used for some geotechnical work with
difficult or limited access.
Anchored soil probing units have been used to perform CPT in many areas of the Lithuania. Anchoring is straightforward and three well-placed anchors can provide up
to eight tons of reaction force.
Soil probing machine have been used for geotechnical testing in many different soil
types across the Lithuania. Lightweight soil probing unit will increasingly be used to
push CPT probes because of their relatively low mobilization costs and because of
the large number of units that are available to project planners.
1 INTRODUCTION
In situ testing in geotechnical engineering has traditionally been carried out using
relatively heavy equipment. This can be conventional drilling rig or, more commonly, a dedicated CPT truck commonly weighting twenty to twenty-five tons. Smaller
soil exploration rig, such as Geoprobe® Model 54LT soil probing unit (Figure 1), allow CPT to be used for some geotechnical work where access is either difficult or
limited.
In some cases not always such heavy specialized equipment for CPT can be used.
Modern direct push machines are rugged and compact designed for tight spaces and
rough terrain.
The CPT is one of the most effective methods for determining sub-surface stratigraphy as well as obtaining many geotechnical parameters. The length and bearing capacity of driven piles for the pile foundation are determined from the results of CPT.
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Figure 1. Geoprobe® Model 54LT track machine.

2 INTERPRETATION AND USE OF THE CPT RESULTS
Cone penetration testing (CPT) is widely used in Lithuania since 1967. This is due to
two factors. First, because of the extensive use of pile foundations it was necessary to
have a fairly reliable method to determine the bearing capacity of piles. Secondly, in
the country the constructions of new buildings and facilities increasingly had to be
constructed on land that previously was considered unsuitable for construction due to
weak soils.
CPT in combination with other types of engineering-geological studies of soils can
be used to determine:
■ engineering-geological layers (distribution limits of soils of different composition
and state);
■ homogeneity of soil area and depth;
■ depth of rock and coarse-grained soils;
■ approximate quantitative assessment of soil characteristics (density, angle of internal friction, modulus of deformation, etc.);
■ resistance of soil under the pile and for lateral loading;
■ degree of compaction and hardening over time of compacted (bulk and alluvial)
soils, selecting the location of the experimental sites for detailed study of the physical and mechanical properties of soils.
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The estimation of soil type using measurements of just cone and friction are based
upon the variation of the friction ratio in respect to the cone end resistance (e.g. Robertson, 1990). The friction ratio varies depending upon whether the soil is cohesive
or granular. Much has been published on the interpretation of soil type from the CPT.
A popular method used in Lithuania is software for interpretation CPT data (CPeTIT). Figure 2 shows an example of typical CPT profile with estimated mean soil parameters. Table 1 shows the detail geotechnical parameters with statistics for some
soil types.
Figure 2. Example CPT interpretation data and mean geotechnical parameters
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Table 1. Example summary of mean geotechnical parameters with statistics based on
CPT

The CPT is used in obtaining preliminary survey data, allowing the design organization to identify the feasibility of pile foundations, and complete data necessary for
the preparation of working drawings of pile foundations. Experience shows that using a CPT can accurately determine the bearing capacity of piles, which allows in
many cases, do without expensive and time-consuming static load test piles.
The CPT test is valuable in many geotechnical designs, and the number of direct design procedures is increasing. The continuous, detailed nature of the CPT results is
having a significant effect on the geotechnical industry in Lithuania.
3 CPT EQUIPMENT
Figure 3. Anchored Geoprobe® soil probing machine with CPT.
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The CPT system that was used was manufactured by GeoMil Equipment B.V of
Netherlands. A cone cable will run through the hollow\drill rods and attach to a data
acquisition system at the ground surface. The data acquisition system will generally
consist of an analog signal conditioner, an analog to digital (A-D) converter, and
computer processor.
2

Figure 4 and 5. Electrical subtraction cone with 10 cm cross sectional surface.

Electrical CPT probes make up the most advanced measuring method for Cone Penetration Testing. Since very sensitive load cells are used much more accurate readings
than with mechanical CPT can be achieved. The electrical solution also allows for
additional parameters to be measured in-situ, among others pore pressure, temperature, electrical conductivity, inclination etc. The cone specifications are according to
the prEN ISO 22476-1.11, Application Class 1 and NEN 5140, Class 1.
The load cell signals are transmitted to the surface as an amplified analogue voltage
signal via cable and converted to a 16 bit digital signal in the GME 500 data acquisition system.
Figure 6. Complete electrical CPT system.
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Two probes used one with maximum tip resistance of 50 MPa, and another one with
maximum tip resistance of 100 MPa. 100 MPa and 50 MPa are roughly equivalent to
10 and 5 tons, respectively. The 50 MPa cone is recommended mainly for use in softer soils, such as clays, silts and loose sands, while the 100 MPa cone can be used in
denser and harder soils.
4 CPT LOGGING
CPT probing is generally limited to soils that do not contain much gravel. This limitation does not only apply to lightweight machines, as the same gravelly soil will
limit the push of large CPT truck. The lightweight probing machine shown in Fig.1
has been successfully used to push the CPT in many areas of the Lithuania and in
many different soil types. The following examples are logs that have been taken using this machine. These particular logs have been chosen with the idea of showing
probing results in different soil types.
Alytus region, Netiesos village
The first example of a CPT log is from Alytus region, Netiesos village (Figure 7).
The 100 MPa CPT probe was used during this test. A tracked soil probing unit was
anchored with three screw anchors.
Figure 7. A CPT log from Alytus region, Netiesos village.
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The area where the CPT test was run is a lake sediments area, and the soils are typical
sandy lake sediments. The log shows approximately thirteen meters of mainly sandy
to silty sand medium to very dense sands. Deepest part up to sixteen meters consists
of gytija and peat. The probe met refusal at 18.5 meter when it encountered the glacial boulder. The soil types encountered at this site are classified according to behavior type based on the classification procedure of Robertson, et. al., (1986).
Birzai region, Juodeisiai village
The second CPT case was logged in Birzai region, Juodeisiai village (Figure 8),
where specific investigations carried out in karst region include detailed engineering
geological investigation.
Figure 8. CPT log number 2 Birzai region, Juodeisiai village. The graphs include soil
behavior type, tip resistance, sleeve friction, and friction ratio.

The Lithuanian karst region covers about 1000 km3 in the northern part of the country. This is the most vulnerable area from a pollution point of view where effective
static probing makes it possible to assess existing vacant land.
The 50 MPa cone was used for this test, and refusal was met when tip resistance increased suddenly to more than 20 MPa at 6-8 meter and after decreased until 0.05
MPa. Soils encountered at this site were predominantly karst deposits and dolomite
silts.
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5 CONCLUSION
In situ geotechnical testing can easily and effectively be carried out using lightweight
machine. CPT testing, usually performed using heavy trucks can be carried out using
anchored lightweight unit. In many situations, lightweight rigs can push probes to
the same depths as large CPT trucks. Lightweight rigs are easier to mobilize and
much easier to maneuver on site, especially at undeveloped sites.
Soil probing machines have pushed CPT probes in many different soil types across
the Lithuania. The data collected is a useful tool for geotechnical site characterization
and geotechnical design. Lightweight soil probing units will increasingly be used to
push cones because of their relatively low mobilization costs and because of the large
number of units that are available to project planners.
Geotechnical work does not have to be performed with only drill rigs and CPT trucks.
The advancements discussed in this paper will enable smaller, lightweight soil probing machine to find a niche within the geotechnical arena.
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The applicability of soil density measurements using a
resistivity probe
J. Dijkstra, W. Broere
Geo-Engineering, Delft University of Technology, Delft, The Netherlands

ABSTRACT: This paper presents the results of a series of laboratory tests used to
validate a newly developed sensor to measure soil density around a penetrating probe.
A probe incorporating three of these sensors is pushed into a saturated sand sample
during a centrifuge test. The sensors correlate the change in electrical resistivity of the
soil to the pore volume change. For loose to dense initial densities the density change
near the probe is indicating an increase in pore volume. The measured porosity
change varies between the three instrument locations as it depends on the penetration
distance.

1 INTRODUCTION
The cone penetration test (CPT) is a well established in-situ measurement method,
especially in soft soils. The test, which is originally designed to support pile bearing
capacity design, still shows its merit in that discipline. The measured cone resistance
is directly and indirectly converted to a pile bearing capacity, using, for instance, direct limit state methods developed by De Ruiter & Beringen (1979), Bustamante &
Gianeselli (1982), Schmertmann (1978) and Eslami & Fellenius (1997).
However, the CPT potentially offer even more versatility by correlating the cone
resistance and measured pore pressures to strength and stiffness properties as well as
soil state (e.g. Teferra 1974, Been et al. 1986, Jamiolkowski et al. 1988). The calibration of these empirical relationships involves laboratory tests in which the CPT is
penetrated in a sample of known initial conditions. For non-cohesive soils the initial
conditions are the initial density and stress state. As Eiksund (1994) pointed out it can
be questionable if the horizontal stress applied on the side of the sample really produces a similar horizontal stress in the middle of the sample where the test is performed. Also, the preparation of large homogenous samples still is very difficult.
Some authors equipped the cone with additional instrumentation for the in-situ measurement of soil density. For soil density characterization, or more precisely water
content, nuclear probes or electrical resistivity probes have been used. Neutron scatter
techniques, in which the source (radio-isotope) and detector (photomultiplier) are
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mounted on the same cone are most often used. The fast neutron (high energy levels)
source radiates in the soil (and will be slowed in the pore water), whilst the slow neutron (also called thermal neutrons, low energy level neutrons) detector gives an indication for the received radiation level of slow neutrons. This neutron count, when
calibrated in known soil conditions, is a measure of water content (or density for fully
saturated soils). An overview of possible configurations used in the past is given in
Ruygrok (1977). More recently the execution procedure and the detector quality have
been improved by compensating for natural background radiation by Shibata et al.
(1992). The background count is measured first by a cone that is only equipped with a
detector, afterwards the source-detector cone is used. The method can be improved by
adding an additional detector far from the source. This second detector, therefore,
will only register the background count (Karthikeyan et al. 2007).
Electrical resistivity probes (Vlasblom 1977) measure the apparent resistivity of
the pore water that can be correlated to the soil density. The probe has a current
source that is applied on two conductors, whereas the resulting electrical field in the
soil from this injected current is measured on two other conductors.
All correlations correlate the undisturbed initial properties to a cone resistance reading in disturbed conditions as the penetration of the CPT will influence the stress and
density dependent soil properties adjacent to the cone. This is also the case for the insitu density measurements. Ruygrok (1977) noted the possible influence of the CPT
installation on the measured results.
The current paper will investigate the possible influence of the penetration process of
the measurement probe on the measured in-situ density. For this a series of geotechnical centrifuge tests were performed in which an instrumented probe was pushed in a
saturated sand sample with loose-dense initial densities. The density change was
measured with an apparent resistance measurement technique. The test was originally
designed to investigate jacked pile installation, but also contributes to a better understanding of CPT penetration.
2 MEASURING DENSITY NEAR A PROBE
Resistivity measurements have been used in geophysics for some time; e.g. Telford
and Geldart (1990) for an introduction. Such measurements yield information on the
stratigraphy of the deep subsoil. The method was first adopted for the use in combination with a CPT by GeoDelft (Vlasblom 1977). Four conducting rings were added
to a CPT rod, with two rings providing a constant current and two rings measuring
the resulting potential field. In this setup electrical resistance measurements were
only made while the probe was stationary. In the analysis geometrical effects are not
accounted for. Therefore, an apparent resistance is found instead of an absolute value
for the electrical resistance.
Similar to the field probe used by Vlasblom (1977) in the current model tests the
probe is equipped with four conductors for each instrument level. A potential field
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Figure. 1: Electrical field around the density probe.

with constant current I is applied to the outer set of conductors, vertically spaced at
10 mm. The inner set of conductors, spaced 3.3 mm apart, are used to measure the
voltage drop V within this section of the potential field. All conductors are made of
1.5 mm thick stainless steel rings and are isolated from each other and the remainder
of the probe. Combined, I and V yield the apparent resistance. The current I is derived
from the measurement of a voltage Vc over a reference resistor Rref, located in the
power supply. The voltage drop in the soil Vs is measured over two inner conductors.
This yields:

Rsoil =

Vs Rref

(1)
Vc
in which Rsoil is the apparent resistance. A schematized representation of the electrical
field around such a sensor is shown in Figure 1. The change in Rsoil is converted to a
porosity change by a calibrated linear relationship for each sensor. In order to allow
this method to work properly saturated conditions are required, as well as a reasonable conductivity of the pore water. For this reason NaCl was added in all tests to the
pore water to improve the measurements. Due to the averaging over a soil volume of
about three times the probe diameter the method cannot distinguish porosity differences close the probe, or further than 15 mm into the far field. A full description of
the measurement method is given in Dijkstra (2009).
3 MODEL TESTS
3.1 Test Setup & Preparation
During preparation, the probe, equipped with three instrument levels, is embedded
into the saturated sand sample. A fourth reference sensor is placed on the bottom of
the sample. Figure 2 shows the geometry of the strongbox and the locations of the
probe and additional sensor.
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Due to the rather high temperature sensitivity of the resistance measurement
method the temperature as well as the pore pressures is monitored near the reference
sensor. The maximum temperature deviation found was approximately 0.02 oC,
which has a negligible influence on the measurements. The pore pressures did not
measure an appreciable change other than the effects of the increase of gravitational
acceleration. Therefore, the pore pressure results are not shown.
Next to the density measurements on the probe and in the sample, also the force on
the (flat) base and on the top is registered during penetration.
The sand was prepared by pumping it in suspension into the model container in
which the probe was already fixed in place, and allowing the sand to settle. In this
way the probe was initially embedded in the sand sample. A loose sample was obtained, with a porosity n of approximately 0.455. The sample could subsequently be
densified by a vertical shock wave propagating through the sample and allowing top
and bottom drainage of the excess pore water at the same time. In this way porosities
up to n = 0.382 were reached very consistently. During preparation care was taken to
prevent excess vibration of both pile and model container. Still, density variations
near the pile cannot be prevented by this method. This results in an uncertainty of the
initial porosity near the pile at the start of the test. All tests have been performed in
the beam centrifuge of Deltares (The Netherlands) at an acceleration level of 35g.

Figure. 2: Model setup for geotechnical centrifuge tests (insert shows the mechanical dimensions of
one instrument level).
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3.2 Test Series
Five tests have been performed where only initial porosity has been varied between
loose and dense conditions (n0 = 0.439 - 0.386), the dense and medium dense tests are
repeated to test consistency. In the first test (n0 = 0.386) an overshoot of the hydraulic
plunger was observed. This was corrected by a progressive deceleration starting 2
mm before the desired installation depth was reached. The penetration rate was 1
mm/s at model scale.
4 RESULTS
4.1 Stress
The measured base load is converted to a stress reading and the average shaft friction
is derived from the difference of the head and base load divided by the embedded
shaft surface area. The (submerged) weight of the probe is corrected for in the original force readings, before converting these to stress readings.
Figures 3a & 3b show the base and shaft response during penetration, whereas in
Figures 4a & 4b these results are plotted for the subsequent unloading reloading
stage. The displacements are plotted on the vertical axis the stress readings are plotted
horizontally.
The duplex test show reproducible base resistances of 17-18 MPa for the dense conditions (n0 = 0.386-0.389), and 6 MPa for the medium dense conditions (n0 = 0.4140.415). In the loose conditions (n0 = 0.439) only one test was performed which
yielded approximately 4 MPa.
When the average shaft friction is compared, a gradually decreasing rate of increase in shaft resistance with depth is found for penetration in loose and medium
conditions. The dense tests still show a constant linear increase with depth of the
shaft friction. A distinct difference in shaft response is found for the two medium
dense tests. One test is yielding a 37% lower shaft resistance.
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Figure. 3: Evolution of the measured base resistance and shaft friction during penetration at 1 mm/s.

4.2 Density Measurements
The measured porosity change ∆n as measured during the penetration is plotted in
Figures 4a-4c for one of the dense tests (n0 = 0.389), one of the medium dense tests
(n0 = 0.414) and the loose test (n0 = 0.439). Three data series are plotted in each Figure: one for each instrumentation level. The upper instrument level is not shifted and
as a result of this starts at a displacement of 0 mm. The second instrument level is located 90 mm below the top instrument level and the plot for this instrument starts at 90 mm. Finally, the first instrument level near the pile base is shifted 165 mm below
the top instrument.
The grey bands indicate the systematic error in the measured porosity change. For
overlapping bands no significant differences have been measured.
All tests and all instrument levels show an increase of porosity with an increase of
penetration. Most probably the initial porosity around the probe in the loose test is not
as large as the average porosity in the complete sample, resulting in densification in
the test.
The densification notch around -200 mm is the moment when the instrument level
is leaving the hole created by its installation in the suspended sand. This feature is
found in all tests for all instrument levels.
These plots allow for the monitoring of the porosity change on a fixed depth below
the surface. The arrival of a second instrument level at a certain depth shows a further
increase in porosity
5 CONCLUSIONS
A new method to investigate the porosity change during penetration of a probe based
on electrical resistance change is presented. Despite the uncertainty in the measurements and the inability to measure absolute densities consistent qualitative results are
obtained in the current tests.
The installation of a probe in a non-cohesive material will quite significantly distort the soil located within one diameter around the probe. For in-situ density measurements one has to consider this polluting effect of the probe installation on the den-
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a) Loose; n0 = 0.439

b) medium dense; n0 = 0.414

c) dense; n0 = 0.386
Figure. 4: Evolution of the measured porosity change adjacent to the probe during penetration
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sity measurements. The measured porosity change depends on the instrument location
and is a function of the penetration distance. This supports the sensitivity of the location of the friction sleeve as found in previous research, e.g. DeJong and Frost (2002).
Regardless of the loose or dense initial conditions the soil near the probe loosened
significantly during monotonic jacking.
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ABSTRACT: This paper presents the results of a series of piezoball penetration and
dissipation tests carried out at two well characterized soft soil sites in Ireland. Piezoball data are compared with piezocone data, in addition to other in situ and laboratory
test results. Using the standard N factor of 10.5 resulted in an undrained shear
strength profile which is in very good agreement with Tbar profiles from previous
studies. Interestingly, results of dissipation tests show that dissipation around the piezoball is faster than around the cone, when the different diameters are accounted for.

1 INTRODUCTION
The advantages of full-flow penetrometers such as the Tbar and Ball over the conventional cone penetrometer have been amply demonstrated (e.g. Chung & Randolph 2004,
Randolph 2004, Boylan et al. 2007). The rational for replacing the cone with either a
Tbar or ball is primarily attributable to the difficulty in establishing an appropriate cone
factor (N) for deriving su from cone resistance (Chung & Randolph 2004). This difficulty is partly due to the need to correct the measured cone resistance for overburden pressure and partly due to the uncertainty regarding the soil failure mechanism as the soil is
displaced past the penetrating cone. The above deficiencies of the cone penetrometer are
overcome by full-flow penetrometers. More recently (Low et al. 2007; DeJong et al.
2008) a pore pressure element has been added to the ball penetrometer to allow for pore
pressure measurements (during both installation and dissipation) in a similar manner to
the CPTu.
This paper presents the results of piezoball penetration and dissipation tests carried
out at two soft soil sites in Ireland. The merits of the piezoball over the conventional
piezocone are assessed by comparing these results with previously published in-situ and
laboratory data.
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2 TESTING EQUIPMENT
2.1 Piezocone
Piezocone tests were carried out using two piezocones; the first with a diameter of 35.7
mm and a projected area of 10 cm2, and the second with a diameter of 44.4 mm and a
projected area of 15 cm2. The 10 cm2 and 15 cm2 piezocones have a calibrated net area
ratio, α, of 0.793 and 0.869 respectively. Both cones measure pore pressure at the u2 position. Tests were carried out at the standard testing rate of 20 mm/s (Lunne et al. 1997).

Mid-face

Equator

Tip

Figure 1. Piezoball showing equator, mid-face and tip filter positions

2.2 Piezoball
The piezoball was constructed from hardened steel with a diameter of 113 mm and a
projected area of 100 cm2 (i.e. 10 times that of the standard CPTu). The piezoball was
designed so as to screw on to the 10 cm2 piezocone load cell. Tip resistance and pore
pressure are measured by the piezocone load cell and transducer. As with the piezocone,
tests were carried out at the standard rate of 20 mm/s.
The piezoball design is similar to that employed by DeJong et al. (2008), in that it
comprises several modular components that can be interchanged to facilitate pore pressure filter locations at the tip, mid-face and equator (see Figure 1b). The piezoball filters
were custom fabricated from polyethylene with an average pore size of 30 – 60 microns, similar to that of the CPTu filters. The filters were saturated with silicone oil in a
chamber under a vacuum of approximately 100 kPa for about 8 hours, after which time
air was bled back into the chamber to force the silicone oil into the filters. The filters,
which were stored in silicone oil until use, were fitted to the piezoball while submerged
in the silicone oil, and the voids filled with oil before attaching to the piezocone shaft. A
latex membrane was fitted to the piezoball prior to the test to ensure the filter saturation
was maintained.
3 SITE DETAILS
3.1 Athlone
The Athlone site is located within the River Shannon flood plain, west of the river,
north of Athlone town in Ireland. The sediments consist of a layer of peat on top of a
layer of calcium, or ‘calc’, marl overlying a layer of grey organic clay and then brown
laminated clay. The water table is generally no more than 1 m beneath ground level.
The tests carried out in this study were concentrated on Profile D, as referred to in Long
& O’Riordan (2001). A comprehensive investigation of the Athlone soils has been reported by Long & O’Riordan (2001) and are summarized on Figure 2a.
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Figure 2. (a) Athlone material properties (Long & O’Riordan 2001); and (b) Belfast material properties
(Lehane et al. 2003).

3.2 Belfast
The Belfast site is located on the south side of Belfast Lough, 10 km north east of Belfast city, Northern Ireland. The stratigraphy is made up of approximately 1 m of recently placed fill which overlies 2 m of sandy silt, which in turn overlies 6 m of soft clayey
silt ‘sleech’. The ‘sleech’ material was laid down over the past 3000 years in shallow
waters. The soil properties of the Belfast deposits have been well characterized by Bell
(1977) and Lehane et al. (2003) and are summarized on Figure 2b.
4 TEST RESULTS
4.1 General
Piezocone and piezoball penetration tests were carried out at both Athlone and Belfast.
Piezocone resistances have been corrected for overburden and pore pressure effects
(Lunne et al. 1997). Due to the full-flow behavior of the soil around the ball and Tbar,
the pore pressure and overburden stress acts on both the top and bottom and hence there
is little need to apply a correction to determine su (Randolph 2004).
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The penetration resistances for both the CPTu and piezoball for both sites are shown
in Figure 3. The cone profile is higher than the Tbar and piezoball, similar to field experiences in Bothkenner (Boylan et al. 2007) but contrary to centrifuge experiences of
Burswood clay (Chung et al. 2006). In the grey clay qball/qnet is on average 0.85, while
in the brown clay the ratio is lower, at 0.60. Both the CPTu and piezoball penetration
resistance is seen to increase with depth in the grey clay but reduce (or stay tolerably
constant) with depth in the brown clay. This is in line with previous experience with the
CPTu at Athlone (e.g. Long & O’Riordan 2001) and is also reflected in Tbar profiles
reported by Long & Gudjonsson (2004) for Athlone. The latter Tbar penetration resistances are generally in good agreement with the piezoball penetration resistances which
is in keeping with the observations of Chung et al. (2006) and Boylan et al. (2007) that
the resistance measurements for full flow penetrometers are broadly similar.
Pore pressure profiles for a number of CPTu and piezoball with pore pressure measurement at the equator, ueqball, tests are compared on Figure 3a, as well as one piezoball
profile with pore pressure measurement at the mid-face position, umball,. The ueqball profile is consistently lower than the corresponding CPTu profile; this is line with previous
findings reported by Low et al. (2007) for a piezoball with pore pressure measurements
at the equator and by Boylan et al. (2007) for pore pressure measurement close to the
piezoball tip. Interestingly, umball is generally in line with the ueqball profiles. Large reductions in the pore pressure in some of the CPTu and piezoball profiles at 3 m, 4.5 m,
7 m and 8 m correspond to dissipation tests.
The piezoball resistance for Belfast is compared with a previously established CPTu
profile reported by Lehane et al. (2003). The data originate at the base of the fill at 3 m
depth and increase with depth. The profiles in both cases show very similar trends. Unlike Athlone, the piezoball resistance profile is higher than the piezocone throughout
most of the stratum. At the bottom of the stratum, both resistance profiles are in line.
Pore pressures were also obtained for the piezoball, at the ueqball position. This profile is
compared with a CPTu u2 profile in Figure 3b. Similarly to Athlone, the piezoball pore
pressure is lower than the corresponding CPTu profile. The large reduction in pore pressure in both profiles at 4m and 6m correspond to dissipation tests.
4.2 Undrained shear strength
The undrained shear strength may be determined from the penetration resistance using:
su  q / N

(1)

where q is the penetration resistance (net tip resistance in the case of the piezocone and
measured tip resistance in the case of the piezoball) and N is a bearing capacity factor
(Nkt for the piezocone and Nball for the piezoball).
Guidance on selection of an appropriate Nkt is limited and each site usually requires
calibration using laboratory su determinations on high quality undisturbed samples
(Chung & Randolph 2004).
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Figure 3. (a) Athlone resistance profiles (with T-bar resistance profiles from Long & Gudjonsson 2004);
and (b) Belfast resistance profiles (with CPTu data from Lehane et al. 2003).

A number of empirical relationships such as those proposed by Karlsrud et al. (2005)
have merit in avoiding this calibration. Applying the Karlsrud et al. (2005) recommendations to the Athlone site resulted in Nkt factors of 11.7 and 9.1 for the grey and brown
clays respectively. Guidance on the choice of Nball or NTbar is more straightforward.
Many field and centrifuge studies have shown that su derived using a factor of Nball =
NTbar = 10.5 (e.g. Watson et al. 1997; DeJong et al. 2004; Chung & Randolph 2004) are
consistent with expected strengths from vane and laboratory tests. Undrained shear
strength profiles for Athlone using the above N values are compared on Figure 4a with
prior reported in situ su measurements, and lead to the following observations:
1. The Karlsrud et al. (2005) recommendation resulted in CPTu su profiles that
are approximately twice as high as corresponding profiles from the piezoball
(this study), the Tbar (Long and Gudjonsson 2004) and the field vane (Long
& O’Riordan 2001). However, it should be noted that the Karlsrud et al.
(2005) recommendations have been calibrated against triaxial compression
data while the penetrometer profiles here are calibrated against FVT results.
Therefore it would be expected that using the Nkt determined from Karlsrud
et al. (2005) would result in higher su values than the vane results and hence
the profiles calibrated against the vane results.
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2. Better overall agreement in the su profiles is obtained using an Nkt of 20 (as
was used by Long & O’Riordan 2001).
3. The piezoball and Tbar su profiles are in good agreement with each other and
the field vane su using the recommended Nball = NTbar = 10.5.
4. The CPTu su profile diverges from the Tbar, piezoball and field vane su profiles in the brown clay, supporting the commonly made observation that Nkt
tends to increase with depth (Chung & Randolph 2004, Long & Gudjonsson
2004).
Applying the Karlsrud et al. (2005) recommendations to the Belfast site resulted in
Nkt = 10.7. This is close to the value of Nkt = 11 used by McCabe & Philips (2008)
which was derived from Lunne et al. (1997). Nkt = 10.7 was applied to net tip resistances reported by Lehane et al. (2003). Undrained shear strength profiles for Belfast
are compared on Figure 4b, with Nball = 10.5. In contrast to Athlone, the Karlsrud et al.
(2005) recommendation resulted in a CPTu su profile for Belfast that is in reasonably
good agreement with both the piezoball and the field vane. The piezoball su profiles are
in particularly good agreement with the field vane measurements.
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Figure 4. su profiles for (a) Athlone (with FVT results and Tbar profiles from Long & Gudjonsson 2004);
and (b) Belfast (with FVT and piezocone profiles from Lehane et al. 2003).

4.3 Dissipation test results
Dissipation tests were carried out at various depths at both sites using the piezoball and
piezocone. The piezoball pore pressure measurement in all instances relate to the equator position. Figure 5 shows typical dissipation curves from both sites. The piezoball
profile is very similar in shape to the piezocone profile. Although the initial increase in
the piezoball pore pressure, observed over approximately 50 seconds, could indicate inadequate saturation, similar trends have also been observed in piezoball tests (e.g. Low
et al. 2007, DeJong et al. 2008). In these cases significant efforts were made to ensure
that the saturation techniques were effective and reliable, to the extent that the observed
pore pressure lag was attributed to short-term equalization of the pore pressures around
the probe rather than the slow response of the pore pressure measurement system.
A comparison between the piezoball and piezocone dissipation data is facilitated by
using the normalized time factor, T*:

T *  ch t / r 2 I r

(2)
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where t is the dissipation time, ch is the horizontal coefficient of consolidation, r is the
penetrometer radius and Ir is the rigidity index (G/su, where G is the shear modulus determined from the dilatometer for Athlone and the seismic CPTu for Belfast (Lehane et
al. 2003)). Since there was an increase in pore pressure at the start of the dissipation
test, the actual initial pore pressure was determined using a square root of time plot
(Low et al. 2007). The coefficient of consolidation, ch, was determined from the piezocone data in accordance with the Teh and Houlsby (1991) method. Since there is currently no theoretical solution for interpreting piezoball dissipation results, the ch value
determined from piezocone tests is used in both the piezoball and piezocone interpretation.
Figure 6 compares the piezocone and piezoball normalized dissipation curves. Interestingly, the piezoball and piezocone normalized time factors are similar, which infers
that the rate of dissipation is faster around the ball than around the cone when the different diameters are accounted for (dball ~3dcone). This is in line with previous findings
(Low et al. 2007, DeJong et al. 2008) and shows the clear potential for using the piezoball for estimating consolidation properties, particularly where the piezoball is standardized at a smaller diameter.
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Figure 5. Piezocone and piezoball dissipation curves for (a) Athlone; and (b) Belfast
0.1

1

5 CONCLUSIONS
A series of piezoball penetration and dissipation tests have been presented in order to
assess the merits of using the piezoball to characterize soft soil sites. Results of these
tests have been evaluated against piezocone tests, in addition to other in situ and laboratory results.
su profiles from both sites are seen to be in good agreement with established profiles
using the piezoball. The difficulty in choosing an appropriate Nkt factor for the cone is
highlighted. Dissipation tests using the piezoball have been shown to have significant
potential for assessing the consolidation characteristics of a soil, once a suitable theoretical framework has been developed, especially where the piezoball diameter is standardized at a smaller diameter.
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REFERENCES
Bell, A. 1977. Laboratory Studies of the Belfast Estuarine Deposits. PhD Thesis, Queen’s University of
Belfast.
Boylan, N., Long, M., Ward, D., Barwise, A. & Georgious, B. 2007. Full flow penetrometer testing in
Bothkennar clay. Proc. 6th Int. Conf., Soc. for Underwater Technology, Offshore Site Investigation
and Geotechnics (SUT-OSIG), London, 177 – 186.
Chung, S.F. & Randolph, M.F. 2004. Penetration resistance in soft clay for different shaped penetrometers. Proc. 2nd Int. Conf. Geotechnical and Geophysical Site Characterization – ISC’2, Porto, Rotterdam: Millpress, 671 – 678.
Chung, S., Randolph, M. & Schneider, J. 2006. Effect of penetration rate on penetrometer resistance in
clay. ASCE JGGE, 132(9), 1188 – 1196.
DeJong, J.T., Yafrate, N.J., DeGroot, D.J. & Jakubowski, J. 2004. Evaluation of undrained shear strength
profile in soft layered clay using full-flow probes. Proc. 2nd Int. Conf. on Geotechnical and Geophysical Site Characterization – ISC’2, Porto, Rotterdam: Millpress, 679 – 686.
DeJong, J.T., Yafrate, N.J. & Randolph, M.F. 2008. Use of pore pressure measurements in a ball fullflow penetrometer. Proc. 2nd Int. Conf. Geotechnical and Geophysical Site Characterization – ISC’3,
Taiwan, London: Millpress, 1269 – 1275.
Karlsrud, K., Lunne, T., Kort, D.A. & Strandvik, S. 2005. CPTU correlations for clays. Proc. 16th Int
Conf. Soil Mechanics and Geotechnical Engineering, Osaka, September 2, 693 – 702.
Lehane, B.M., Jardane, R.J. & McCabe, B.A. 2003. Pile group tension cyclic loading: Field test programme at Kinnegar Northern Ireland, Health and Safety Executive Research Report RR101, HSE
Books, Sudbury, UK.
Long, M. & Gudjonsson, G.T. 2004. T-bar testing in Irish soils. Proc. 2nd Int. Conf. Geotechnical and
Geophysical Site Characterization – ISC’2, Porto, Rotterdam: Millpress, 719 – 726.
Long, M. & O’Riordan, N.J. 2001. Field behaviour of very soft clays at the Athlone embankments. Géotechnique, 51, 293 – 309.
Low, H.E., Randolph M.F. & Kelleher, P. 2007. Comparison of pore pressure generation and dissipation
rates from cone and ball penetrometers, Proc. 6th Int. Conf., Soc. for Underwater Technology, Offshore Site Investigation and Geotechnics (SUT-OSIG), London, 547 – 556.
Lunne, T., Robertson, P.K. & Powell, J.J.M. 1997. Cone Penetration Testing in Geotechnical Practice.
London: Chapman & Hall.
McCabe, B.A. & Philips, D.T. 2008. Design lessons from full-scale foundation load tests. Proc. 2nd Int.
Conf. Geotechnical and Geophysical Site Characterization – ISC’3, Taiwan, London: Millpress, 615
– 620.
Teh, C.I. & Houlsby, G.T. 1991. An analytical study of the cone penetration test in clay. Geotechnique,
41(1), 17 – 34.
Randolph, M.F. 2004. Characterisation of soft sediments for offshore applications. Proc. 2nd Int. Conf.
Geotechnical and Geophysical Site Characterization – ISC’2, Porto, Rotterdam: Millpress, 209 – 232.
Watson, P.G., Newson, T.A. & Randolph, M.F. 1998. Strength profiling in soft offshore soils. Proc. 1st
Int. Conf. Site Characterization – ISC ’98, Atlanta, 2, 1389 – 1394.

118

A combined up the hole Drilling/CPT equipment for
near-shore site investigation
N. Pérez García
Technical Manager, Igeotest, S.L. Spain

M.J. Devincenzi
C.E.O. Igeotest, S.L., Spain

ABSTRACT: Drilling and CPT operations in off-shore investigation campaigns are
normally carried out using geotechnical vessels equipped with wire-line core drilling
technology together with a down-hole CPT system (i.e. Wison). This paper describes a
simple but efficient and robust alternative for drilling/CPT investigations in near-shore
environments, where jack-up platforms can be used, by means of a combined up-hole
(deck) system, called TOTEM, a new in-house development. Spanish practice is also
reviewed and reference made to the results obtained from underwater piezocones and uphole tests from a jack-up platform.
1 INTRODUCTION
Historically, geotechnical exploration campaigns in Spain were based on rotary soundings
with continuous core extraction with SPT and undisturbed sampling.
However, since the Eighties, an increase in public investment in infrastructure has
encouraged the application of new site investigation techniques that, combined with
existing techniques, gave rise to what is referred to subsequently as Spanish GI Practice.
This report summarises this exploration methodology and describes its adaptation and
the development of in-house equipment for use in complex situations such as marine geotechnological projects.
2 BRIEF HISTORICAL CONTEXT
Since 1974, (Decree 2215/1974, July 20th), Spanish legislation controls the activities of
organisations and laboratories of quality control for the building industry. The required
criteria and conditions are specified, and so, too, are the procedures and methods of
inspection and recording to be used in the activity, as well as the availability and capacity
of personnel, equipment and other resources. In the case of laboratories, there is also
regulation of the required technical and environmental conditions for the facilities where
the activity is carried out.
Accreditation is mandatory for any geotechnical study carried out for the building
industry. In practice, it is also a requirement of most public and private tender
specifications for civil engineering projects such as railways, roads, ports etc.
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3 CURRENT SPANISH GI PRACTICE
3.1 Drilling equipment
Spain has a thriving and well-developed industry for the manufacture of driling machinery
and core barrels, drilling bits, rods, mud pumps, etc. The design and production of
equipment for geotechnical investigation is particularly advanced and is fully adapted to
meet the demanding standards of the current norms. All equipment allows rotary drilling
and is manufactured with an automatic drive device for the SPT test and/or percussion
sampling; units can be deployed as a trailer or be self-propelling, and are mounted on
wheels, skids or tracks. Figure 1 shows an example of a self-propelling wheel-mounted
geotechnical drilling rig. This particular rig is a combined CPT/drilling rig with
independent pushing equipment, following a design developed by the authors that has
proved particularly useful in Spain.

Figure 1: Wheel-mounted geotechnical drilling rig.

The units just described are basically intended for on-shore work. However, with certain
modifications, they can be easily adapted for near-shore investigations operating from the
deck of a jack-up platform. Figure 2 shows an adapted track-mounted drilling rig in action
from a jack-up platform deck.

Figure 2: Adapted on-shore track-mounted geotechnical drilling rig working from jack-up deck
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3.2 Core-barrel rotary samplers and undisturbed samples in borings
Unlike other countries, in Spain it is a matter of standard and accepted practice to carry out
rotary drilling with continuous core extraction, within which different types of undisturbed
samples are taken as well as SPT and other types of geotechnical in situ tests are carried
out. The most commonly-used core sample tubes are manufactured according to ISO norms
(simple, double and triple). Core sample diameters of between 132 and 32 mm can be
obtained with maximum borehole diameters of 146 mm.
Fixed piston samplers (Shelby , Osterberg, etc.) are sometimes employed for soft soils.
However, a large percentage of Spanish sites include layers that are unsuitable for this type
of sampling because of high stiffness, the presence of hardpans, large gravelly fractions….
The use of a thick-wall sampler and a dynamic drive procedure similar to SPT has then
become common practice for “undisturbed” sampling, even in cases where piston pushing
might have been more appropriate. The quality of those driven samples is inferior to the
piston retrieved ones and it is therefore necessary to take into account the extraction method
when results are being interpreted.
3.3 In situ test practice
Use of in situ tests as opposed to drilling (with the exception of SPT) remains uncommon
(estimated at about 5-10% of all geotechnical projects) due, in part to the geology of the
Iberian Peninsula where soft soils usually only occur in river basins, lake areas, deltas and
marine environments.
Characterisation of soils and, in particular, soft soils, is the area in which the greatest
advances have been made in recent years with the introduction of static penetrometers in
Spain (around 20 years ago) to which other in situ techniques have gradually been added
including dilatometers and pressure-meters (PBP), vane-test (FVT), Marchetti Dilatometer
(DMT), etc. in accordance with specific regulations (UNE, XP, ASTM, EN-ISO, etc.).
More details on the practice and usage of CPTu testing in Spain can be found in the
national Report submitted to this Conference.
4 NEAR-SHORE UP-HOLE DRILLING/CPT
4.1 Introduction
The Spanish coast stretches for more than 4,900 kilometres and is strategically located with
regard to Europe, the near East and North Africa. Port and harbour activity has therefore
acquired great importance and, with it, the development of marine geotechnics. Over the
last ten years, port development in Spain has given rise to important investment in marine
geotechnics and the associated specialisation in the area by domestic companies.
To best cope with the site investigation demands associated with such developments, the
authors have developed a combined up-hole core drilling/CPT work methodology based on
three basic criteria:




robustness, simplicity and manoeuvrability of the equipment
versatility to enable different tests to be carried with a single maneuvering tool
adaptation and specialisation for work in the marine environment
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This philosophy has led to the development of a cost-efficient customised equipment that
allows near-shore campaigns to be carried out while meeting demands for high quality
results and also achieving notable reductions in operation time, with the associated
reductions in cost. The system thus developed has been baptized as TOTEM and it is
described below.
4.2 Specific constraints of near shore geotechnical investigations
This section explains the specific constraints associated with near-shore geotechnical
investigations, where the depth of water allows work to be carried out from auto-elevating
jack-up type platforms. The need to work within such constraints underpins the newer
developments described afterwards.
In marine areas with low water depths (<30-40 m) the geotechnical investigation
campaigns are mainly intended for port infrastructure developments where the objective is
the acquisition of the greatest amount of data in a limited time period, time being a limiting
factor in such projects. One common practice for this type of investigation is to carry out
wire-line core drilling, a system whose virtues include the ability to achieve relatively great
depths (up to around 1,000 m) with high level production (around 100 m/day).
However, the majority of near-shore geotechnical campaigns do not require such depths;
it is unusual for them to reach more than 50 to 60 metres below the sea bed. Another usual
requirement for this type of campaign is to perform in situ tests and/or high quality
undisturbed sampling at regular intervals within the borehole. Ensuring quality, both in
sampling and in coring is one of the basic conditions that influence campaign design.
In such a context, the wire-line technique loses its competitive edge as depth of survey
and drilling speed are relatively less important factors at lower depths. Based on our own
experience with both methods as well as an informal survey of other geotechnical rig
operators, we have established the tentative productivity curves illustrated in Figure 4. For
depths below 40-50 m the interrupted wireline method has no advantage over up the hole
coring (see Figure 4).

14
12

day

10
8
6
4
2
0
0

20

40

60

80

100

m.l. borehole

CONTINOUS WIRE LINE

WIRE LINE+TEST

ROTATION + TEST

Figure 4: Wire line vs. Rotation system
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In this type of GI campaigns, the most common in situ test is the CPTu. For off-shore
work (where depth of water is considerable) underwater down-hole equipment is available
(i.e. Wison system by A.P. van den Berg), as are seabed rigs. However, the later are not
always operable in port and harbour areas: it may be necessary to advance a borehole due to
the presence of coarse fill blankets, large obstacles like piled jetties might be present, etc.
Working within these constraints, a specific methodology has been developed for work
under the following conditions:






4.3

water depths <10-40 m
possibility of surface fill and/or interbeded hard layers (i.e. drilling through)
survey depths under 60 m (from seabed)
high quality core and undisturbed samples
in situ testing (cptu, fvt, dmt, pbp, etc.)
versatility and optimisation of equipment in order to reduce campaign time
Description of TOTEM equipment

This equipment was designed and developed by Igeotest R&D department to perform all
types of static-drive marine geotechnical surveys (CPTu, DMT, SCPTu, SDMT and CPM).
The equipment is controlled from the surface from a jack-up style platform. It is
particularly recommended for use in conjunction with conventional drilling equipment. The
whole survey is carried out using the drilling machine. It permits borehole drilling and
sampling and CPTu (or other pushed tests, like DMT, SDMT…) to be performed at a single
point without repositioning, thereby increasing speed and manoeuvrability. Figure 5 shows
a diagram and picture of TOTEM adapted to conventional survey machinery.

Figure 5: TOTEM adapted to conventional survey machinery.

123

The TOTEM system consists of a single heavy duty hydraulic cylinder with a 200 kN
thrust capacity which is anchored to the jack up deck. The system is independent from the
drilling rig but uses the same power pack by means of fast-on couplings. Once the CPT ram
is positioned in the vertical of the casing, the CPT cone and rods are downloaded to the
borehole bottom in sections of 3 to 6 m, thus diminishing maneuver time. When CPT is
finished, the rods are also uploaded with the drilling rig winch.

4.4 Other CPTU testing details
For CPTu tests, the equipment is fitted with NOVA RW (Geotech AB) 10 cm2 type
electronics in order to carry out of CPTu surveys without cables. This improves
manoeuvrability and reduces the risk of breakdowns.
The tests are carried out from the platform deck, in the interior of an special casing to
avoid rods from bending. The rest of the methodology is similar to the standard CPTU.The
survey is controlled from a mobile office which is fully equipped with all computer and
electronic facilities necessary for the management, processing and dispatch of results.
4.5 Interpretation and comparison with seabed system
When it comes to interpreting up-hole survey results, it is important to know the starting
conditions of the test in terms of: seawater page, initial depth from the seabed, zeroed,
tide…
Common practice is to zero the sensor at deck level allowing for easier control by the
operator, thereby avoiding errors and possible decalibration of the cone. The parameter
readings taken in these conditions should be corrected as they differ from those obtained
from underwater equipment due to the hydrostatic presure. The overload effect is
particularly relevant in cases where the water column exceeds 30 m. The correction factors
a-net and b-net vary in each case and should therefore be calculated before the results are
interpreted (see Equation 1 and 2 below):

qt  qc  [1  (a  net )](u 2)
fst  fs  [1  (b  net )](u 2)

(1)
(2)

Figure 6 shows a comparative for a survey carried out using the TOTEM equipment
from a jack-up style platform with a 30.0 m waterdepth and 55.0 m survey depth (from
seawater level) and other carried out with a seabed system, both in the same area in the
Mediterranean Sea.
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Figure 6: CPTU test carried out using up hole system TOTEM (a) and seabed system (b)
5 CONCLUSIONS
Near-shore geotechnical survey campaigns, where continuous coring, sampling and in situ
testing are required present very specific challenges to combine high quality results and
high productivity. We have described here a solution in which basic elements from Spanish
current GI practice have been combined with newer developments such as the TOTEM
system. This combination has offered optimal results in circumstances where the
deployment of more complex marine depth equipment seems unjustified. The equipment is
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particularly beneficial where the combination of CPTU and borehole coring and sampling
is required.
Special attention must be paid to the up the hole or down the hole zeroed of cone in order to
apply the proper correction to account for hydrostatic effect.
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CPT for soft sediments and deepwater investigations
R. Boggess & P.K. Robertson
Gregg Drilling & Testing Inc., Signal Hill, California, USA

ABSTRACT: As energy exploration moves into deeper water, there is a growing
need for high quality in-situ testing of near surface seafloor sediments. The cone penetration test (CPT) has become the primary in-situ test for offshore site investigations, especially in deep water. This paper describes key features for improved accuracy for the CPT with particular emphasis on testing in deepwater. Recent
developments in the design of cones for deepwater CPT are also described.

1 INTRODUCTION
As energy exploration moves into deeper water, there is a growing need for high
quality in-situ testing of near surface seafloor sediments. In deepwater (>1,000m) the
near surface seafloor sediments are often very soft fine-grained soils with low shear
strength. Projects in deepwater often require a variety of structures to be placed on
and in the seafloor. Hence, a detailed evaluation of the soft seafloor sediments has
become increasingly important. The cone penetration test (CPT) has become the
primary in-situ test for offshore site investigations, although full-flow penetrometers
(T-bar and Ball-cone) have also become popular in soft sediments.
To measure the in-situ characteristics of soft near surface seafloor sediments requires
careful attention to details in cone design and procedures. The following sections describe the main features that are important for accurate measurements using the CPT.
2 CONE DESIGN
Lunne et al. (1997) provided a detailed description on developments in CPT equipment, procedures, checks, corrections and standards. There are several major issues
related to equipment design and procedure that are worth repeating and updating.

127

2.1 Friction sleeve measurements
Sleeve friction values can be very helpful in indentifying soil behavior type (e.g. Robertson, 1990) and aiding in interpretation (e.g. Robertson, 2009). However, it has
been documented (e.g. Lunne et al., 1986) that the CPT sleeve friction is generally
less accurate than the cone tip resistance. The application and use of CPT sleeve friction values in soft sediments requires accurate measurements. The perceived lack of
accuracy has often meant that the CPT sleeve friction values are either ignored or underutilized. The lack of accuracy in fs measurement is primarily due to the following
factors (Lunne and Anderson, 2007);
 Pore pressure effects on the ends of the sleeve
 Tolerance in dimensions between the cone and sleeve
 Surface roughness of the sleeve
 Load cell design and calibration
All CPT standards have strict limits on dimensional tolerances and many have clear
specifications on surface roughness. Hence, the main variables are pore pressure effects on the ends of the sleeve and load cell design and calibration.
2.1.1 Pore pressure (water) effects on the ends of the sleeve
Due to the inner geometry of the cone the ambient water pressure acts on the shoulder
behind the cone and on the ends of the friction sleeve. This effect is often referred to
as the unequal end area effect (Campanella et al., 1982). Figure 1 illustrates the key
features for water pressure acting on the end areas of the friction sleeve. Although
Campanella et al., (1982) recommended that all cones should have friction sleeves
with equal end areas, it is still common for many commercial cones to have friction
sleeves with unequal end areas.

Figure 1 Unequal end area effects on friction sleeve
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Lunne et al (1997) showed that the corrected sleeve friction (ft) can be represented by
the following:
ft = fs – (u2Asb – u3Ast)/As

(1)

where:

fs = measured sleeve friction
u2 = water pressure at base of sleeve
u3 = water pressure at top of sleeve
As = surface area of sleeve
Asb = cross-section area of sleeve at base
Ast = cross-sectional area of sleeve at top
The error due to unequal end areas (fs) is:
fs = ft – fs = (u2Asb – u3Ast)/As

(2)

The surface areas (As) for 10 and 15 cm2 cones are 150 cm2 and 225 cm2, respectively. To illustrate the magnitude of the error in sleeve friction when performing CPT in
soft fine-grained soils, typical values can be applied to equation 2. In most normally
to lightly overconsolidated, fine grained soils the average friction sleeve value is approximately, fs/'vo = 0.1. In sensitive clays the sleeve friction ratio (fs/'vo) can be as
low as 0.01. Hence, at a depth of about 10m, where 'vo ~ 100 kPa, the typical value
of fs ~ 10 kPa. The penetration pore pressure at the u2 location is generally u2/'vo =
4, hence u2 = 400 kPa in soft soils. A typical ratio of u3/u2 in soft soils is from 0.6 to
0.8, with an average of 0.7. Therefore, a value for u3 = 300 kPa can be estimated.
These values apply equally to onshore CPT in soft soils.
Based on data presented by Lunne and Anderson (2007), Table 1 illustrates the important effect of unequal end areas on the accuracy of sleeve friction measurements in
soft fine-grained soils, where fs = 10 kPa, u2 = 400 kPa, u3 = 300 kPa, for various
commercial CPT equipment.
Table 1 Example of error in sleeve friction due to unequal end area
Cone

Fugro
Fugro
AP Berg
Pagani
Envi
Gregg

cone size
(cm2)

10
15
10
10
10
15

Asb
(mm2)

326
388
263
437
305
150

Ast
(mm2)

259
343
263
214
170
150

Asb/Ast

1.26
1.13
1.00
2.04
1.79
1.00

fs
(kPa)
(u2 = 400 kPa)
(u3 = 300 kPa)
-3.51
-2.33
-1.75
-7.37
-4.73
-0.66

Error %
(for fs = 10 kPa)
35%
23%
18%
74%
47%
7%

It is clear from Table 1 that the error in measured sleeve friction can be significant
when using cones with unequal end areas and testing soft fine-grained soils. The er-
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ror is also larger for 10 cm2 cones compared to 15 cm2 cones. Ideally, pore pressures
should be measured at both ends of the sleeve (i.e. at u2 and u3 locations). However,
this complicates cone design and test procedures for commercial CPT and is not
commonly done. Table 1 illustrates that for accurate measurement of sleeve friction
(for both onshore and offshore CPT) cones should have equal end area friction
sleeves with small cross-sectional area ends (i.e. Ast and Asb should be as small as
possible) and preferably a 15 cm2 cross-sectional area cone. Corrections to obtain ft,
using equation 1, are recommended, even if an assumption are required of u3/u2.
When the CPT is carried out in deep water the water pressure acts on the ends of the
sleeve before the cone penetrates the seafloor sediments. To illustrate the magnitude
of this zero load off-set, the following example is provided for a water depth of
3,000m.
Table 2 Example of error in sleeve friction in 3,000m of water
(Water depth = 3,000m. u2 = u3 = 30 MPa)
Cone

cone size
(cm2)
Fugro
10
Fugro
15
AP Berg
10
Pagani
10
Envi
10
Gregg
15

Asb
(mm2)
326
388
263
437
305
150

Ast
(mm2)
259
343
263
214
170
150

Asb/Ast
1.26
1.13
1.00
2.04
1.79
1.00

fs
(kPa)
-13.4
-6.0
0
-44.6
-27.0
0

Table 2 shows that at a depth of 3,000m the unequal end areas on the friction sleeve
can produce a significant zero-load offset. For most commercial cones that have unequal end areas the off-set is negative. Hence, the sleeve friction load cell is unloading during initial penetration into the seafloor sediments. Zero load stability becomes
a major issue when measurements are made very close to zero load. Clearly, cones
should have equal end area friction sleeves for deepwater CPT.
2.1.2 Load cell design
Penetrometers (cones, T-bar and Ball-cone) use strain gauge load cells to measure the
resistance to penetration. Basic cone designs use either separate load cells or subtraction load cells to measure the tip resistance (qc) and sleeve friction (fs) (Lunne et al.,
1997). In subtraction cones the sleeve friction is derived by ‘subtracting’ the tip load
from the tip + friction load. Figure 2 illustrates the general principle behind load cell
designs using either separated load cells or subtraction load cells.
In the 1980’s subtraction cones became popular because of the overall robustness of
the penetrometer (Schaap and Zuidberg, 1982). In the 1980’s cones that used separate
load cells tended to have the friction sleeve load cell in tension which made construction complex and the probes somewhat less robust. In recent years cones with separate load cells are predominately compression load cells and have significantly im-
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proved in design and robustness. In soft soils, subtraction cone designs have always
suffered from a lack of accuracy in the determination of sleeve friction due primarily
to variable zero load stability of the two load cells. This point is illustrated in Figure
3. In subtraction cone designs, different zero load errors can produce cumulative errors in the derived sleeve friction values. For accurate sleeve friction measurements
in soft sediments, it is recommended that cones have separate load cells.

Figure 2 Designs of cone penetrometers (a) Tip and sleeve friction load cells in compression, (b) Tip load cell in compression and sleeve friction load cell in tension, (c)
subtraction type load cell design (After Lunne et al., 1997)

Figure 3 Influence of cone design on zero load stability. Zero load shifts for subtraction
cone (above) and cone with separate load cells (below)
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With good design (separate load cells, equal end area friction sleeve) and quality control (zero load measurements, tolerances and surface roughness) it is possible to obtain repeatable sleeve friction measurements. However, fs measurements, in general,
will be less accurate than tip resistance in most soft fine-grained soils.
2.2 Compensated cone
When the CPT is carried out in deepwater the high water pressure generates a significant tip resistance before the cone penetrates the seafloor sediments. In 3,000m of
water the water pressure is equivalent to a tip stress of 30 MPa. Hence, the corrected
tip stress, qt, at the sea floor is 30 MPa. For a 10 cm2 cone this represents a tip load
of 30 kN. This tip stress (and load) is significantly higher than the expected tip stress
(and load) in soft sediments that can be in the order of only 20 to 100 kPa (i.e. tip
load from 0.02 to 0.10 kN). Clearly, accurate measurement of soft sediments in
deepwater is difficult due to the very high initial tip stress. This is partly the reason
for the development of full-flow penetrometers where the cross-section area is often
10 times larger (i.e. 100 cm2), with a penetration load 10 times larger than a typical
cone. However, even with a load 10 times larger, there is still an issue of accuracy in
very deepwater due to the large initial load.
To overcome this high initial tip stress in deepwater it is possible to compensate the
cone by filling the inside of the cone with oil and connecting the inner oil with the
seawater outside the cone. However, for conventional load cell designs, the very high
hydrostatic stress around the load cell produces an apparent load due to the elongation of the load cell.
A new load cell has been developed and patented by Gregg Drilling & Testing Inc.
where the load cell acts as a shear load cell that is uninfluenced by hydrostatic confining pressure. A schematic of the shear load cell design is shown in Figure 4.

Figure 4 Compensated shear load cell design (After Gregg Drilling & Testing Inc., patent)
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3 DEEPWATER CPT SYSTEM
Gregg Drilling & Testing Inc., have recently developed and built a new Seabed CPT
System that is capable of pushing full-size (either 10 cm2 or 15 cm2) cones as well as
T-bar tests in water depths of up to 3,000m. The Seabed CPT System incorporates
Schilling Telemetry and high-quality robotic components to ensure efficient operation and exact placement on the seafloor. The control systems include three underwater cameras to monitor all aspects of the operation. It has a submerged weight of 100
kN (10 tons) but can achieve a reaction force of up to 200 kN (20 tons) using a suction anchor base. Continuous pushing is achieved using semi-circular griper plates
that provide a large contact area with the push rods to minimize stresses on the rods.
Figure 5 (a) shows the Seabed CPT System and Launch and Recovery System
(LARS) and Figure 5 (b) shows a close-up of the continuous push gripper plate system.

Figure 5 (a) Gregg Drilling & Testing Seabed CPT System, (b) continuous push grip plates

4 SUMMARY
Accurate measurement of CPT parameters in soft soils requires careful attention to
cone design. It is recommended to use a cone design with separate load cells to
measure the tip and friction sleeve independently and a friction sleeve with equal and
small end areas. Careful monitoring of the zero load readings is also required.
A new load cell design has been developed that enables zero load to be recorded
when a cone is lowered into very deep water. This new load cell design significantly
improves accuracy of CPT (and T-bar) measurements in deep water, since lower capacity load cells can be utilized.
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A new seabed CPT System has also been developed to improve operational efficiency
and accuracy for penetration testing in deep water.
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ABSTRACT: Piezocone penetration tests (CPTU) were carried out at three expressway sites in Taihu lacustrine clay deposits. The coefficient of consolidation and coefficient of permeability of the Taihu lacustrine clay were studied by laboratory and
piezocone dissipation tests in order to evaluate the consolidation and permeability
characteristics. The in-situ horizontal coefficient of consolidation ch value of the clay
was also back analyzed from field settlement monitoring data. Comparisons of the results obtained by different methods indicate that the ch values determined by CPTU
are in the range of 0.77-3.34×10-3cm2/s and are typically 4-6 times higher than that of
cv. The coefficient of permeability is in the order of 10-6-10-7cm/s. The kh value measured by falling-head permeability tests agrees well with that determined by CPTU
tests. For soil improvement projects in the soft Taihu lacustrine clay, the coefficient
of consolidation determined by CPTU dissipation tests is recommended in engineering practice.
1 INTRODUCTION
In traditional geotechnical applications, the parameters of consolidation and permeability are very important for estimating rates of settlement in foundation loading or
embankment construction. Normally, they are obtained by laboratory tests on undisturbed soil samples. However, determination of these soil parameters is sensitive to
inevitable sample disturbance. The traditional method will become very costly if high
quality soil properties of a profile are required. As a result, it is often difficult to accurately define a complete profile for an entire deposit. The piezocone (CPTU) has developed into the most widely used test for ground investigation. Not only does it provide information about soil type and stratification details, but it can also be used to
determine in situ soil properties (Lunne et al. 1997; Cai et al. 2007).
The purpose of this paper is to evaluate the capability of the current CPTU interpretation methods to predict the coefficient of consolidation of soft clay layers. Three
expressway sites in Taihu lake soft clay deposits were selected in this study. At each
site, CPTU dissipation tests were performed at different penetration depths where
clayey soils were encountered. Laboratory oedometer tests were conducted on samples collected from these layers. The coefficient of consolidation from CPTU inter-
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pretation methods are then compared with laboratory test results. This paper presents
a summary of these analyses results along with a few calculations based on field settlement observations.
2 LITERATURE REVIEW
Many theoretical and semi-empirical methods have been proposed for deriving the
coefficient of consolidation from CPTU dissipation data. A comprehensive study on
pore pressure dissipation was performed by Levadoux and Baligh (1986) and Baligh
and Levadoux (1986) who proposed an interpretation method after evaluating dissipation tests in Boston Blue Clay. Houlsby and Teh (1988) proposed an interpretation
based on the results of large strain finite element analysis of the penetration pore
pressures and finite difference analysis of the dissipation pore pressure. They used an
approach similar to the Levadoux-Baligh theory but including the effect of varying
the rigidity index, Ir (= G/su). Teh and Houlsby (1991) proposed a relationship between a dimensionless time factor and ch value based on numerical analysis of dissipation pore pressure with the consideration of soil rigidity index parameter.
Robertson et al. (1992) reviewed dissipation data from piezocone tests, and concluded that the predicted coefficient of consolidation by Teh and Houlsby (1991) solution compared well with reference values from laboratory tests and field observations. Schnaid et al. (1996) and Danziger et al. (1997) showed that, when Teh and
Houlsby’s approach was employed to interpret various CPTU results, the calculated
values of ch were of the same order of magnitude as those measured independently in
oedometer tests in the laboratory. Abu-Farsakh and Nazzal (2005) compared seven
CPTU methods and showed that Teh and Houlsby (1991) and Teh (1987) methods
can estimate ch value better than the other prediction methods.
Teh and Houlsby (1991) proposed a relationship between a dimensionless time factor and ch value. The dimensionless time factor, T *, is defined as:

T* 

ch t
0.5
r I r 

(1)

2

where ch = coefficient of consolidation in horizontal direction; r = radius of cone, typically 17.85 mm; Ir = rigidity index, G/su. Among the methods available for evaluating ch from piezocone dissipation tests, the one proposed by Teh and Houlsby (1991)
is probably most widely used (Robertson et al. 1992). Teh and Houlsby’s (1991) equation, as follows
T50 2
(2)
r
t 50
where the time factor T50 is related to the location of the filter element and cone size.
For a cone with a cross-sectional area of 10 cm2 and with a shoulder filter element,
T50 = 0.245 (Teh and Houlsby 1991). The t50 is the measured time for 50% dissipation. The method proposed by Teh and Houlsby (1991) was used here to interpret the
coefficient of consolidation for the pore pressure dissipation curves in this study.
The above mentioned solution is applicable only for normally to lightly overconsolidated soils for the monotonic decay of pore pressure. However, for overconsolidated clays, many researchers have noticed a dilatory response where pore
pressures initially increase during the dissipation test until a peak value was reached
ch 
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and thereafter a decrease with time was recorded until the total pressure reaches close
to hydrostatic pressure corresponding to uo (Chen and Mayne 1994; Lunne et al.
1997).
To account for the dilatory pore pressure dissipation response, Burns and Mayne
(1998) proposed a method to evaluate the coefficients of consolidation from the field
dissipation curves based on cavity expansion and critical state soil mechanics theories. Sully et al. (1999) proposed two methods to correct the dilatory dissipation
curves and then to use these corrected curves with existing methods of interpretation
such as Teh and Houlsby (1991) to evaluate ch. For practical use, Mayne (2001) proposed a mathematical approach that instead of matching just a single point (usually
50%) of the recorded dissipation, the complete curve is adjusted to obtain the best
global value of the horizontal coefficient of consolidation, ch. The excess pore pressure ut at any time t can be compared with the initial values during penetration ( ui )
and measured initial excess pore pressure ( ui  u 2  u 0 ). The excess pore water
pressure is given by:
ui  u oct i  u shear i
(3)
where u oct i is the octahedral component during the cone penetration and
u shear i is the shear-induced component. The excess pore pressure at any time t
can be obtained in terms of the modified time factor T* :
uoct   u shear 
u 
(4)
1  50T * 1  5000T *
In above equation the modified time factor, T*, is defined in equation (1). The method proposed by Mayne (2001) was followed for analyzing dilatory pore pressure
dissipation curves in this research study.
An empirical correlation proposed by Parez and Fauriel (1988) was used to deduce
the horizontal coefficient of permeability kh. Only requiring the use of t50 values obtained from u2 filters, the correlation exhibits monotonic dissipation according to the
following equation:
(5)
k h  (251 t 50 ) 1.25

3 GEOLOGICAL CONDITIONS AND BASIC SOIL PROPERTIES
The Taihu area of Jiangsu province (including Suzhou, Wuxi, Changzhou and Huzhou cities) is located in the Southern Yangtze Delta in the eastern part of China. The
area is about 12,000 km2 and 5,800 km2 for the Su-Xi-Chang area and Huzhou City,
respectively. The ancient Taihu lake is transgression and regression integrated barrier-lagoon sedimentary system, based on the previous achievement on lagoon and
through detailed investigation of areal geology of Jiangsu. With the developments of
the highway, the site investigation became very important. The piezocone test sites
were selected in Husuzhe, Ningchang and Shenjiahu expressway in Taihu area. The
Taihu area lacustrine clay deposits developed under such sedimentary environment
and influenced by the alluvium of the Yangtze River, therefore there formed the typical lacustrine soft soil with high water content, high organic matter content, high
compressibility and inferior engineering properties. Map location of Taihu lake area
is shown in Figure 1.
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GPS Map of Taihu Area
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Figure 1. View of the Taihu lake area with the locations of the sites

In each of the investigated sites, the high quality piston samples were taken at different depths that corresponded to the depths of piezocone dissipation tests for comprehensive laboratory testing. Before the embankment construction, soil samples
were collected by means of a stationary piston sampler 76 mm in diameter at 1.0 m
interval below ground level. Once the stationary piston sampler was withdrawn from
the borehole, the soil at the ends of the tube was excavated for wax sealing at both
ends. The laboratory testing program includes basic soil characterization tests such as
water content, unit weight, Atterberg limits and specific gravity. The oedometer consolidation tests were also conducted on recovered samples in order to evaluate the
reference consolidation parameters of the soil. Table 1 summarizes the soil properties
for the different investigated sites obtained from laboratory tests.
Table 1. Summary of laboratory soil properties for the investigated sites
γ
wL
w (%)
Ip
Gs
su (kPa)
(kN/m3)
(%)
Changzhou
19.4-19.9
23-25
38-39
18-19
2.74
44-52
Suzhou
16.4-16.7
64-69
55-57
17-20
2.73
32-34
Huzhou
17.5-18.2
41-76
36-65
15-28
2.72
38-40
Note: γ, unit weight; w, water content; wL, liquid limit; Ip, Plasticity index, Gs, Specific gravity.
Sites

OCR
1.0-5.8
1.1-4.6
1.3-3.6

4 PIEZOCONE TESTS
The CPTU device used in this study was produced by Vertek- Hogentogler & Co. of
USA. The equipment is a versatile piezocone system equipped with advanced digital
cone penetrometers fabricated with 60º tapered, 10 cm2 tip area cone which provided
measurements of qc, fs, and u2 with a 5-mm-thick porous filter located just behind the
cone tip. The rate of penetration for all tests in this study was 20 mm/s. At this rate
one set of readings could be obtained for every 50 mm of penetration. The shear wave
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velocities are measured at intervals of 1.0 m, corresponding to successive rod additions during advancement of the penetrometer. The typical profiles of qt, fs and u2
with depth for the test are presented in Figure 2. The profiles confirm the high nonhomogeneity of the Taihu area lacustrine soils to the depths investigated.

Figure 2. Typical CPTU profiles at Husuzhe expressway site in Taihu area

5 ANALYSIS OF TEST RESULTS AND DISCUSSION
A comparison of the coefficient of consolidation values determined from CPTU dissipation tests and laboratory oedometer tests is presented in Figure 3 in which the
CPTU measures ch values, whereas the conventional oedometer test measures cv. It
should be pointed out that all the laboratory and piezocone tests presented were conducted for intact soils. It can be seen that the cv values measured by oedometer test
are lower than the ch values measured by CPTU tests. The ch values of the lacustrine
clay measured by the CPTU tests are generally 4-6 times larger than the cv values
measured by the conventional oedometer test, indicating anisotropic characteristic of
the soil.
A comparison was made between the CPTU results and back analyses from settlement data of the embankment during construction for Shenjiahu expressway site. The
back analyses method proposed by Asaoka (1978) was adopted to estimate the horizontal coefficients of consolidation from settlement data. The results from the CPTU
interpretation analyses and back analyses of one site are plotted in Figure 4 as a function of depth, and it can be seen that there is generally a good agreement between the
values from the CPTU interpretations and back analyses from monitored settlement
data. The back calculated ch value is slightly higher than that deduced from CPTU
dissipation tests. This reconfirms that the CPT interpretations are close in agreements
with the field observations and also potential sampling disturbances recorded in the
field samples used for consolidation tests cannot be ignored.
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Figure 3. Comparison of cv and ch values measured from laboratory tests and CPTU, respectively
0

1

-3 2
ch (10 cm /s)
2
3

4

0

Depth (m)

5

10

15

20

CPTU Results
Back Analysis

25

Figure 4. Comparison of ch profiles from CPTU and back analyses

The kv values measured by oedometer test and kh values deduced from CPTU test are
compared with each other in Figure 5. The values of coefficient of permeability from
back-analyses and laboratory falling-head permeability tests are also presented in
Figure 5. The comparison shows that the kh values measured by oedometer are lower
than those obtained from CPTU test within 1-2 order of magnitude. The coefficient of
permeability of Taihu lacustrine clay is in the order of 10-5-10-7cm/s. The kh value
measured by falling-head permeability tests agrees well with that determined by
CPTU tests.
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Figure 5. Comparison of permeability (kh or kv) profiles measured by different methods

6 SUMMARY AND CONCLUSIONS
Three expressway sites in Taihu lacustrine clayey deposits were used in this study.
Undisturbed soil samples were extracted adjacent to the CPTU tests and used to calculate the laboratory reference values from the results of one-dimensional oedometer
consolidation tests on vertically orientated samples. According to the field measured
settlements data, the coefficient of consolidation and coefficient of permeability were
back-calculated from Asaoka (1978) method. From the experimental investigation
and the comparison between in situ and laboratory results, the following conclusions
can be drawn:
(1) With the interpretation method of CPTU dissipation tests based on the cavity
expansion theory and critical state soil mechanics concept proposed by Mayne
(2001), it is possible to determine the coefficient of consolidation. The hydraulic conductivity of soils in the horizontal direction can be interpreted by Parez and Fauriel
(1988) method.
(2) The ch values of Taihu lacustrine clays measured through CPTU test are generally 4-6 times larger than the cv values obtained through conventional oedometer test,
while the kh values measured by oedometer are lower than those obtained from CPTU
test within 1-2 order of magnitude. These variations are attributed to potential sampling disturbances as well as a wide range of interpretation that are possible for analyzing time dependent dissipation data.
(3) It was also shown that the ch values evaluated from the CPTU methods agree
well with the back-analyzed field values base on monitored settlement profiles. This
indicates the usefulness of the CPT dissipation test for quick and reliable estimation
of horizontal and vertical coefficients of consolidation parameters. For soil improvement projects of the soft Taihu lacustrine clay, the coefficient of consolidation determined by CPTU dissipation tests is recommended in engineering practice.
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CPT data in relation to a general model for the undrained
behaviour of homogeneous Swedish clays
Rolf Larsson, Helen Åhnberg and Hjördis Löfroth
Swedish Geotechnical Institute, Linköping, Sweden

ABSTRACT: The evaluation of undrained shear strength and preconsolidation pressure from CPT data in fine-grained soils is largely empirical. The evaluation is normally based on comparisons between the CPT data and results from other tests, such
as triaxial tests, direct simple shear tests etc. Test results in Swedish clays indicate
that the net cone resistance is primarily governed by the horizontal preconsolidation
pressure. Assuming that this is the case, the different empirical correlations between
net cone resistance and (1), the preconsolidation pressure from oedometer tests, (2)
the undrained shear strength from tests with different modes of shear, are in line with
what can be expected with consideration to the general soil model for the behaviour
of Swedish clays. This model has been elaborated using results from laboratory tests
to describe, among other things, how the undrained shear strength varies with preconsolidation pressures, overconsolidation ratio, and the mode of undrained shear.

1 INTRODUCTION
The cone penetration test, CPT, has become a useful tool for evaluating the
undrained shear strength and estimation of the preconsolidation pressure in clays in
Sweden. A number of theories has been presented for the evaluation of shear strength
from the CPT data, but the evaluation is still largely empirical. Different empirical
relations have been proposed depending on what mode of undrained shear is referred
to and what shear strength test has been used as reference in obtaining the empirical
relations. This paper discusses the factors that govern the results and how CPT data
relate to the general model for undrained behaviour of homogeneous Swedish clays.
2 GENERAL BEHAVIOUR OF SWEDISH HOMOGENEOUS CLAYS IN
UNDRAINED CONDITIONS
The general behaviour of Swedish homogeneous clays has been extensively studied
at the Swedish Geotechnical Institute (SGI) and Chalmers University of Technology
(e.g. Sällfors 1975; Larsson 1977, 1981). A model has been developed for natural
Swedish clays in which the yield surfaces of these clays are defined by four border
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lines: two representing the Mohr-Coulomb shear failure lines, and two representing
the preconsolidation pressures in the vertical and horizontal directions, as shown in
Fig. 1. The horizontal preconsolidation pressure is the product of the vertical preconsolidation pressure, σ´c, and the coefficient of earth pressure at rest in normally consolidated conditions, K0NC.

Fig. 1. General model for yield surfaces in Swedish clays and experimental verification of a yield surface. (Larsson 1977, 1981)

The model shown in Fig.1 has been further extended to be valid also for rotated
principal stresses (e.g. Larsson and Sällfors 1981).
The typical effective friction angle in the Swedish clays is 30°, and the undrained
shear strength of normally consolidated and slightly overconsolidated clay (OCR 11.5) in active shear (corresponding to triaxial and plane strain compression tests),
cu,active, can be approximated as:
cuactive ≈

σ 'c

(1)

3

The corresponding passive shear strength (corresponding to triaxial and plane
strain extension tests) can be approximated as:
K 0 σ 'c
cu passive ≈ NC
(2)
3
For normally and slightly overconsolidated soils that have consolidated under a
major vertical stress and a minor horizontal stress, and in which the major stress is
then rotated by an angle α, the undrained shear strength can be estimated as:
σ ´c (cos 2 α + K 0 NC sin 2 α )
cuα ≈
(3)
3
A number of field and laboratory investigations were performed in the early 70s
to evaluate the coefficient of earth pressure at rest in inorganic Scandinavian clays
(e.g. Bjerrum and Andersen 1972; Massarsch et al. 1975; Larsson 1975). Data from
the studies are plotted in Fig. 2. The results indicated that K0NC may be estimated as:
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Fig. 2. Coefficient of earth pressure at rest in normally consolidated Scandinavian clays as a function
of liquid limit. (After Larsson 1977)

K 0 NC ≈ 0.31 + 0.71( wL − 0,2)

(4)

where wL is the liquid limit of the clay.
Combining equations (2) and (3) with equation (4) thus gives:

cu passivee ≈ σ ´c (0,056 + 0,237wL ) in passive shear, and

(5)

cudirect simple shear ≈ σ ´c (0,125 + 0,178wL ) in direct simple shear, where the shear
surface is horizontal and the major stress theoretically acts in
a direction deviating 60° from the vertical.

(6)

Data have been compiled from triaxial tests and direct simple shear tests on normally consolidated and slightly overconsolidated Swedish clays. Although there is
considerable scatter in the data, the general pattern of the strength values normalised
against the vertical preconsolidation pressures conforms well to the pattern predicted
by the model, as shown in Fig. 3.
Unloading from the normally consolidated state results in a reduction of shear
strength, and the normalised undrained shear strength in overconsolidated soils is
usually written as:
cu = a σ´c OCR b-1 or cu = a σ´v OCR b (e.g. Jamiolkowski et al. 1985)

(7)

where OCR is the overconsolidation ratio and σ´v is the effective vertical stress. The
factor ‘a’ corresponds to the relation between the undrained shear strength and the
vertical preconsolidation pressure for normally consolidated soil in the particular
mode of loading, equations (1, 5, 6), and the factor ‘b’ normally varies between 0.7
and 0.9 with an average of 0.8 in Swedish clays.

147

Fig. 3. Undrained shear strength in normally consolidated inorganic Scandinavian clays as a
function of preconsolidation pressure and liquid limit. (After Larsson et al. 2007)

3 EVALUATION OF THE CPT WITH CONSIDERATION OF
YIELD STRESSES
There are a number of approaches to analyse the CPT data in a theoretical way including bearing capacity theory, cylindrical or spherical cavity expansion theory,
strain path analyses and finite element analyses, (e.g. Yu 2004). However, a significant shortcoming in the currently available analyses is that they typically do not account for yield stresses, anisotropy and rate effects. The evaluation of soil parameters
from the CPT data is thereby still largely empirical.
A CPT probe increases the total vertical and horizontal stresses at the cone tip
during probe advancement. In undrained and fully saturated conditions, the soil can
not be compressed and is mainly displaced outwards. The increasing total stresses result in increasing effective stresses and increasing pore pressures. According to most
soil models and practical experience (e.g. Sällfors 1975), the effective stress can
reach, but not exceed, the preconsolidation pressure in undrained conditions.
Both the vertical and horizontal stresses can be expected to increase during cone
advancement, but in the normal case, where the horizontal preconsolidation pressure
is lower than the vertical, the development of pore pressure and effective stresses is
likely to be governed by the horizontal preconsolidation pressure. The corresponding
undrained shear strength would then be the passive shear strength. The horizontal
preconsolidation can be expected to be reached around the cone, and as a result, the
effective stress condition around the cone can be expected to be governed almost
solely by the horizontal preconsolidation pressure, regardless of the overconsolidation ratio in the surrounding soil mass. Possible exceptions are very heavily overconsolidated soils.
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4 EXPERIENCE WITH CPTS IN SWEDISH CLAYS
An extensive investigation regarding the use of the CPT data for the evaluation of
properties in normally consolidated and slightly overconsolidated Swedish clays was
performed by Larsson and Mulabdic´ (1988). Together with data from the literature,
the results formed the basis for evaluating the preconsolidation pressure and
undrained shear strength of Swedish clay (Larsson 1995, 2007). The results were
compared to preconsolidation pressures obtained from oedometer and active triaxial
tests, and to undrained shear strengths as determined by active triaxial tests, direct
simple shear tests, and field vane shear tests. After applying an empirical correction
the field vane shear tests should yield approximately the same values as the direct
simple shear tests (e.g. Larsson et al. 2007).
Both preconsolidation pressure and undrained shear strength are normally evaluated from CPT data using the net cone resistance, qt-σv, (i.e. total corrected cone resistance minus total vertical stress). The parameters are evaluated by dividing the net
cone resistance by appropriate cone factors. The comparisons yielded the empirical
correlations:

σ 'c ≈

qt − σ v 0
1.21 + 4.4wL

cuactive ≈

(8)

qt − σ v 0
3,6 + 13,2wL

(9)

qt − σ v 0
(10)
13,4 + 6,65wL
In another study, comprehensive investigations were performed to evaluate the
soil properties in Swedish clay slopes created by erosion, and where the stability had
earlier been improved by excavations at the crests (Larsson and Åhnberg 2003,
2005). These investigations were performed in homogeneous clays where the overconsolidation ratios ranged from just over 1 behind the slope crest up to 100 at the
toe of the slope.
cu direct ssimple shear ≈

Regardless of the overconsolidation ratio, the data indicated a similar relationship
between vertical preconsolidation pressure and net cone resistance as previously
found for normally and only slightly overconsolidated soils. This meant that there
was no reduction in the net cone resistance with unloading and increasing OCR similar to the decrease in undrained shear strength that should occur according to the
general model and the laboratory tests in the investigation. Therefore, an extra correction for overconsolidation ratio was introduced in the evaluation of undrained
shear strength of overconsolidated clays from CPT data:
q − σ v 0  OCR  b −1
cu = t
(11)


N kt (α )  1,3 
where Nkt(α) is the empirical relation for evaluation of the particular undrained shear
strength (active, direct simple shear etc.) in normally and slightly overconsolidated
soil, and the factor 1.3 is used as the average overconsolidation ratio for which the
factors Nkt(α) were evaluated.
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5 THE RESULTS OF THE CPTS IN RELATION TO THE GENERAL MODEL
The results of the CPTs in terms of net cone resistance have shown a clear relation
with the vertical preconsolidation pressure. However, the relation is strongly dependent on the liquid limit. Considering the theoretical yield stress approach, the horizontal preconsolidation pressure σ´ch can be expected to govern the net cone resistance
in undrained conditions. Combining equations (4) and (8) gives

σ 'ch ≈

(qt − σ v 0 )(0,31 + 0,71(wL − 0, 2))
1.21 + 4.4wL

(12)

For liquid limits between 20% and 80%, which is the normal range for inorganic
clays in Sweden, equation (12) yields an almost constant relation with an average of
qt − σ v 0
6.55

σ 'ch ≈

(13)

Fig. 4.
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Fig. 4. Empirical cone factor for vertical preconsolidation pressure and estimated cone factor for horizontal preconsolidation pressure. (After Löfroth 2008)

A laboratory investigation was performed by Löfroth (2008) to examine the effect
of preconsolidation on CPT data. The results from the laboratory CPTs scattered too
much to ascertain whether the best correlations were obtained using the mean isotropic stresses or the horizontal stresses. Nevertheless, they indicated that the horizontal preconsolidation strongly affected the net cone resistance, and that the overconsolidation ratio had little influence on the results.
Thus, there are strong indications that the net cone resistance can be linked directly to the horizontal preconsolidation pressure, and consequently, that the governing undrained shear strength in the CPT should correspond to the passive shear
strength. The observation that overconsolidation does not significantly affect the results implies that in order to make the evaluation compatible with data from triaxial
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tests, plane strain tests and direct simple shear tests, a correction like that in equation
(11) should be used.
Assuming that the net cone resistance is governed solely by the horizontal preconsolidation pressure, the passive undrained shear strength could be evaluated by combining equations (2) and (13), which gives an almost constant cone factor for this
strength of 19.7.
qt − σ v 0
(14)
19.7
Using equation (14) and the relations between the strengths obtained at different
modes of loading given by the general soil model, equations (1,5,6), makes it possible to estimate what cone factors should then be used when relating the CPT data to
the shear strength in triaxial compression and in direct simple shear. The resulting
cone factors correspond well to those found empirically from direct comparisons of
results from CPTs and laboratory tests, equations (9) and (10), as shown in Fig. 5. If
the net cone resistance is linked directly to the horizontal preconsolidation pressure
in the soil, this together with the general soil model for Swedish clays thus largely
explains the various cone factors obtained in these soils.
cu passive ≈
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Fig. 5. Empirical and estimated cone factors for evaluation of undrained shear strength in direct
shear and triaxial compression.

6 CONCLUSIONS
The data obtained from a large number of investigations using CPTs in Swedish
clays have, when analysed within the framework of the general model for the behaviour of these clays, shown that:
• There are strong indications that the net cone resistance in homogeneous, low
permeable clays is governed by the preconsolidation pressure in the horizontal direction.
• An assumption that the net cone resistance is governed by the horizontal preconsolidation pressure alone largely supports the various cone factors used for evaluating undrained shear strength and preconsolidation pressure.
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The Swedish clay model is generally only applicable to Swedish clays. However,
an assumption that the net cone resistance is governed by the horizontal preconsolidation pressure may be helpful to explain other local correlations.
Approaches used to derive material parameters in clay from CPT data should take
into account yield surfaces, limitations of the effective stresses, and shear strength
anisotropy.
Further basic research with CPTs in clays with carefully controlled stress histories
and stress conditions is desired.
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ABSTRACT: In this paper, the effects of penetration rate on cone resistance in saturated clayey soils were investigated by performing miniature cone penetration tests in
a calibration chamber. These tests, using both a conical and flat-tip penetrometers,
were performed at nine and eight different penetration rates, respectively, in two specimens prepared by mixing kaolin clay and Jumunjin sand with different mixing ratios and consolidated to a K0 condition. The mixing ratios of these two specimens
were decided based on results of flexible-wall permeameter tests performed on clayey
sand mixtures prepared at various mixing ratios. A correlation between cone resistance and drainage conditions was established based on the cone penetration test results. The transition from no drainage to partial drainage and from partial drainage to
full drainage were defined as a function of penetration rate normalized with respect to
the penetrometer diameter and the coefficient of consolidation.
1 INTRODUCTION
The cone penetration test (CPT) has been widely used throughout the world because
it is the most effective in situ test method for obtaining continuous and reliable soil
properties. The standard rate of penetration in a CPT is 205mm/s according to the
International Reference Test Procedure (IRTP) and the ASTM standard (ASTM D
5778). This standard penetration rate is specified regardless of soil type. Cone penetration at the standard rate is fully drained for clean sand and fully undrained for pure
clay. For soils consisting of mixtures of silt, sand and clay, cone penetration may take
place under partially drained conditions at the standard penetration rate, depending on
the ratios of these three broad particle size groups. However, the fact that the penetration rate affects the value of cone penetration resistance qc for these soils was not taken into account at the time standards were prepared for the CPT. This means that
use of correlations developed for sand (in which tests would be drained at standard
rates of penetration) or clay (in which tests would be undrained at standard rates of
penetration) will not work for soil in which penetration at the standard rate takes
place under partially drained conditions.
Physically, drainage conditions during penetration are important because, if the
penetration rate is sufficiently low for a given clayey soil, the soil ahead and around
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the advancing cone consolidates during penetration, thereby developing larger shear
strength and stiffness than it would have under undrained conditions. The closer the
conditions are to fully drained during penetration, the higher the value of qc. Another
physical process that is at play for soils with large clay content for penetration under
fully undrained conditions is the effect of the rate of loading on shear strength due to
the “viscosity” of the clayey soil. The higher the penetration rate is, the larger the
undrained shear strength su and qc are. These two physical processes – drainage and
loading rate effects – have opposite effects on qc.
A number of studies (Bemben & Myers 1974, Roy et al. 1982, Campanella et al.
1983, Kamp 1982, Rocha Filho & Alencar 1985, Powell & Quarterman. 1988, Tani
& Craig 1995) have considered rate effects in CPT testing for both clays and sands.
Results of some field cone penetration tests and centrifuge test results indicated that
cone resistance increases and excess pore pressure drops as the penetration rate decreases (Campanella et al. 1983, Rocha Filho & Alencar 1985, House et al. 2001,
Randolph & Hope 2004). In this paper, the change in cone resistance caused by
changes in cone penetration rate v in clayey soils is investigated. The rate effect is assessed through a series of CPTs using a miniature cone in a large calibration chamber.
2 CALIBRATION CHAMBER CONE PENETRATION TESTS
2.1 Overview
Calibration chamber tests are useful for the development of empirical correlations between soil properties and in situ test methods such as the CPT. Homogeneous samples can be prepared in the calibration chamber, and that the stress state of the soil
sample in the chamber can be controlled.
Calibration chamber penetration tests with a miniature cone were performed at the
Korea University Calibration Chamber Laboratory (KUCCL) in Seoul, Korea. The
chamber has an inside diameter of 1.2 m and a height of 1.0 m. The top plate of the
chamber has 9 holes to provide access for the cone penetrometer. The chamber has a
double-wall system, which permits the simulation of K0 consolidation (Kim 2005). A
schematic representation of the chamber system is shown in Figure 1.
1200 mm
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filled with water

Top Plate
Bolt Rod

Pore pressure
Access ducts

920 mm

Chamber cell

Membrane

Drainage/
Back Pressure

Piston
435 mm

Double wall

Piston Guide

Data
Aquisiton
System

Figure 1. Schematic view of the flexible wall calibration chamber.
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2.2 Normalization of Penetration Rate and Discussion of Chamber Specimens
The degree of consolidation during penetration depends on the penetration rate, penetrometer diameter, and coefficient of consolidation of the soil (Finnie & Randolph
1994, House et al. 2001, Randolph & Hope 2004). These factors can be used to obtain
a normalized, dimensionless penetration rate V:

V

vD
cv

(1)

where v = penetration rate; D = cone diameter; cv = coefficient of consolidation. This
normalized penetration rate V has been successfully used for the data analysis of various
penetration tests (Finnie & Randolph 1994, House et al. 2001, Randolph & Hope 2004).
In order to evaluate CPT rate effects in clayey soils, cone penetration rates in the
calibration chamber tests must cover the whole range of expected drainage conditions
(from undrained to fully drained conditions). The normalized penetration rate V is
useful to accommodate results obtained from different test conditions, penetrometer
sizes, and samples. Results of CPTs performed in the field indicated that the values of
V that correspond to the transition from fully undrained to partially drained conditions were between 4 and 10 (Kim et al., 2008). According to Finnie and Randolph
(1994), House et al. (2001), and Randolph and Hope (2004), the transition from fully
undrained to partially drained conditions obtained from centrifuge tests is in the 10 <
V < 30 range. Regarding the other end of the range, the centrifuge test results by
Finnie & Randolph (1994) showed that the value of V corresponding to the transition
from partially to fully drained conditions was as low as 0.01.
The allowable range of the penetration rate in the chamber tests based on equipment limitations was between 20 mm/s to 0.01 mm/s. In planning the experiments, we
worked under the requirement that this penetration rate range must correspond to 0.01
< V < 30 in order to fully cover the entire range of drainage conditions. Since the miniature cone diameter is set to 11.3 mm and the range of cone velocities is set by
equipment limitations, the variable left to control was cv.
2.3 Coefficient of Consolidation estimation and mixing ratio determination
A total of 16 flexible-wall permeameter tests were performed in general accordance
with ASTM D 5084: ten tests with mixtures of Ottawa sand (ASTM C778_Graded)
and kaolin clay (10 %, 14.5 %, 15 %, 16.6 %, 19 %, 21 %, 21.8 % 24 %, and 29.1 % of
kaolin clay), and six tests with mixtures of Jumunjin sand and kaolin clay (16 %,
17.5 %, 18.5 %, 22 %, 22.2 %, and 25 % of kaolin clay). The grain size distributions of
Ottawa and Jumunjin sands and kaolin clay are shown in Figure 2.
Figure 3(a) shows the percentage of clay of the soil mixtures studied versus cv in
log scale for an isotropic confining stress of 150 kPa. From this graph, it can be seen
that the log cv has an approximately linear relationship with the clay content of the
soil mixtures.
Based on the cv values shown in Fig. 3(a), values of V were calculated for v = 20
mm/s and D = 11.3 mm (the miniature cone diameter). The variation of V with the
clay percentage of the soil mixtures is shown in Figure 3(b). For the target value of 60
for V (twice as high as the upper limit of 30 suggested in the literature) to allow fully
undrained conditions at a penetration rate of 20 mm/s, a soil with cv  3.77  10-6 m2/s
was found to be needed. Based on the flexible-wall test results, a mixing ratio of 25 %
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Figure 3. Percentage of clay of soil mixtures versus (a) cv and (b) V at a confining stress of 150 kPa.

kaolin clay and 75 % Jumunjin sand (cv = 3.45  10-6 m2/s) was selected for the first
calibration chamber sample. This sample allowed tests at V = 0.033 to V = 66 for D =
11.3 mm and v between 0.01 mm/s and 20 mm/s.
As previously discussed, a V as low as 0.01 was believed to be required to allow
penetration under fully drained conditions. In order to achieve that value of V, the
other chamber specimen was prepared with a mixing ratio of 18 % clay and 82 % Jumunjin sand (cv = 6.9  10-5 m2/s). The value of V for this soil mixture was equal to
0.0016 for v = 0.01mm/s and D = 11.3mm.
2.4 Cone Penetration Test Program
The miniature piezocone penetrometer used in the calibration chamber tests has a
projected cone area of 1cm2, a diameter of 11.3 mm, and a cone apex angle of 60.
The cone was borrowed from Fugro B.V., Netherlands. It is equipped with a friction
sleeve as well as with a porous filter to measure pore pressure just behind the tip. In
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this research, a flat tip was manufactured specially for the minicone and used to investigate the effect of the tip shape on penetration test results.
Minicone penetration tests were conducted at nine different penetration rates,
ranging from 20 mm/s to 0.01 mm/s, in the specimen made with 25 % kaolin clay and
75 % Jumunjin sand by weight (referred to as P1). Eight different penetration rates,
ranging from 20 mm/s to 0.05 mm/s, were used in the tests in the specimen made
with 18 % kaolin clay and 82 % Jumunjin sand (referred to as P2). The CPTs were
conducted down to a depth of around 750 mm (out of the 950 mm specimen height).
This penetration depth was sufficient to obtain stable cone resistance values for more
than two different penetration stages. Therefore, the penetration test in each hole was
done in two stages with two different penetration rates.
3 RESULTS OF MINIATURE CONE PENETRATION TESTS
3.1 Results of Penetration Tests Performed in Specimen P1
Results of tests performed with both the conical and flat tips in specimen P1 are
summarized in Figure 4. The cone resistance qt is the corrected cone resistance for the
pore pressure acting on the shoulder area behind the cone tip. Figure 4(a) shows that
qt for v of 20 mm/s and 8 mm/s is almost the same, around 0.7 MPa, and the corresponding excess pore pressures are 295 kPa and 270 kPa, respectively. These results
show that, for v of 20 mm/s and 8 mm/s, cone penetration occurred under undrained
conditions. The values of qt started to increase slowly as v decreased from 8 mm/s to
0.25 mm/s. The measured average qt values showed an increase of 30 % (from 0.7
MPa to 0.91 MPa) for a reduction in v from 8 mm/s to 0.25 mm/s, whereas the pore
pressure decreased about 20 % for the same change in v. The values of qt increased
from 0.91 MPa to 3.14 MPa (or about 3.5 times) for a change in v from 0.25 mm/s to
0.02 mm/s. For the same change in v, the excess pore pressure dropped from 222 kPa
to 8 kPa. The decrease in excess pore pressure to practically zero indicates that the
drainage conditions changed from partially drained to drained. The values of qt and
excess pore pressure for v = 0.01 mm/s (for which conditions are also drained) are
almost the same as the values measured for v = 0.02 mm/s.
A series of miniature penetration tests with a flat tip were performed to investigate
the impact of the shape of the tip on penetration resistance. The results obtained using
both a cone tip and a flat tip under the same conditions provide insights into the relationship between cone resistance and limit unit pile base resistance. The average values of flat-tip resistance and pore pressures are also presented in Figure 4. The overall
flat tip resistances obtained in P1 for the entire penetration rate range are practically
equal to the corresponding cone resistances. The transition points indicating change
in drainage conditions seem to be identical for the two tip shapes.
3.2 Results of Penetration Tests Performed in Specimen P2
The penetration tests performed in P2 focused mainly on identifying the transition between partially drained and fully drained conditions. The steady-state values of qt and
excess pore pressure versus penetration rate are shown in Figure 4(b). While the penetration rate decreased from 20 mm/s to 2 mm/s, the values of qt increased from 1.28
MPa to 1.65 MPa, and the excess pore pressure decreased by about 40 %. This drop in
excess pore pressure indicates that the penetration was likely not fully undrained even
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Figure 4. Effect of penetration rate on qt and pore pressure for (a) specimen P1 and (b) specimen P2.

with the 20 mm/s maximum v, and it certainly was not so for 2 mm/s. The transition
from partially drained to fully drained conditions took place for a penetration rate of
about 0.1 mm/s. The average qt at fully drained conditions was around 4 MPa.
The shape of the tip influenced the values measured in the penetration tests performed in P2. For v = 20 mm/s, the resistance of the flat tip was 2.1 MPa, 64 % higher
than the cone resistance measured at the same speed. Over the whole range of penetration rates, the flat tip resistance values were higher than the corresponding cone resistance values, but this difference reduced as drainage increased. Under fully drained
conditions, for v = 0.1 mm/s, the flat tip resistance was 4.4 MPa, and the cone resistance was 4.0 MPa, a much more modest difference, practically justifying an assumption often made for sands that qc ≈ qbL, where qbL is the limit unit base resistance of a
pile in sand under the same conditions as those under which qc was measured. Only
a small difference in the excess pore pressure measurements was observed.
3.3 Normalized Cone Resistance versus Normalized Penetration Rates
The results of the penetration tests in the two different specimens can be plotted in
terms of the cone resistance normalized by vertical effective stress and the normalized penetration rate V. The values of cv used for normalization were calculated using the data obtained from the calibration chamber specimen consolidation, which
was conducted under perfect 1D conditions, without sidewall resistance. The measured values of cv are equal to 3.510-6 m2/s for P1 and 3.110-5 m2/s for P2.
The normalized results for P1 and P2 are shown in Figure 5, as a function of log
V. The plots in Figure 5(a) suggest that the cone resistance increases when V drops
below approximately 1, with the transition between partially drained and fully
drained conditions occurring around V  0.05. The plots of normalized excess pore
pressure shown in Figure 5(b) show that the transition from undrained to partially
drained penetration occurs around V  10, and the transition from partially drained to
fully drained conditions occurs around V  0.05. The reason for the discrepancy between the penetration rate at which qt stabilizes and that at which the excess pore
pressure stabilizes can be explained by the superposition of the two main rate effects.
In the penetration range between V  1 and V  10, qt would tend to drop because it
approaches partially drained conditions but would tend to increase because loading
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rate effects due to viscosity effects start taking place. There the loading rate effect
offsets the changing drainage effect. From a practical standpoint, if the goal is to determine the value of V at which penetration resistance is stable, then the V  1 read
from the qt plot may be of greater interest.
The results may be used to obtain the limiting values of cv that soils would have to
have for penetration to take place under drained and undrained conditions for given
values of penetration rate and cone diameter. As discussed previously, the drainage
conditions change from undrained to partially drained at a value of V  10, which
corresponds to a cv  7.110-5 m2/s for the standard cone penetration rate (20 mm/s)
and diameter (35.7 mm). However, because of the offsetting effect of rate-dependent
shear strength, the cone resistance starts to plateau for V > 1, which corresponds to a
cv  7.110-4 m2/s. Therefore, we can conclude that undrained cone resistance is expected to be measured in CPTs performed with the standard cone at the standard rate
in soils having cv values less than roughly 10-3 to 10-4 m2/s. On the other end of the
spectrum, our results suggest that a value of cv larger than about 1.410-2 m2/s (or
roughly 10-2 m2/s) is necessary for fully drained conditions to be achieved with a
standard CPT.
4 CONCLUSIONS
The main focus of the research presented in this paper was to evaluate and quantify
the factors affecting the results of cone penetration testing in saturated clayey soils.
Rate effects and the effects of drainage conditions around the cone tip during penetration were studied. Results from a series of penetration tests in the calibration chamber
conducted at various penetration rates were presented, and the transition from undrained to partially drained and then to fully drained penetration was investigated in
terms of a normalized penetration rate.
The ratio of cone resistance measured under drained to that under undrained conditions observed in the calibration chamber tests was 3 to 4. The transition from undrained to partially drained conditions occurred for V values approximately equal to
10. For V between approximately 10 and 1, cone resistance was fairly stable because
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of the offsetting effects on shear strength of loading rate and drainage rate. The
transition from partially drained to fully drained conditions occurred at V  0.05.
From these limiting V values, we can obtain the limiting values of cv required for fully drained and fully undrained penetration for a given cone and penetration rate. For
soils having cv values less than about 7.110-5 m2/s (V = 10), standard penetration (v
= 20 mm/s and D = 35.7mm) takes place under undrained conditions, whereas for cv
values greater than about 1.410-2 m2/s (V = 0.05), standard penetration takes place
under drained conditions. Until more research on the topic allows refinement of
these limiting values of cv, the values we propose here may be used to guide the interpretation of cone penetration tests. This is important because, while understanding of CPT interpretation under both drained and undrained conditions is reasonably
good, if tests are performed in the partially drained range and an attempt to interpret
the results is made with methods for either drained or undrained penetration, the results of that interpretation will be in error.
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Correlations between CPT and PMT at a Dynamic
Compaction Project
B. Hamidi & H. Nikraz
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S. Varaksin
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ABSTRACT: In many ground improvement projects the preliminary field testing
method is different from the tests that are carried out later. Hence, it may be
necessary to correlate the two tests for comparative purposes.
Dynamic Compaction, using pounders weighing up to 35 tons, has been used to
treat 175,000 m2 of hydraulically reclaimed carbonate sands with a thickness of about
16 m for a port expansion project in Ras Laffan, Qatar. In this project CPT was used
before and after ground improvement works. A number of Pressuremeter tests (PMT),
some in the immediate vicinity of the CPT locations, were also carried out. This paper
shall briefly describe the project and the ground improvement works. Previously
published literature correlating CPT to PMT will be reviewed and the results of the
two testing methods that have been carried out in Ras Laffan shall be correlated, and
conclusions will be made based on the findings.
1 THE PROJECT: NAKILAT SHIP REPAIR YARD
Ras Laffan, located about 70 km north of Qatar’s capital city, Doha, is one of the
world’s largest and fastest developing gas hubs. As shown in Figure 1 and as part of
Port of Ras Laffan’s expansion program it was decided to construct Nakilat Ship
Repair Yard by hydraulically reclaiming its site from the Persian Gulf.
The land was reclaimed using the carbonate sand and gravel that was dredged for
deepening the port. The material’s grain size was understood to be generally less than
75 mm, but it was anticipated that stones as large as 500 mm in diameter could also
be present. The maximum fines content (passing 63 μm sieve) of the fill was
generally less than 10%.
The dense layer of seabed in the reclaimed area was variable from -9.1 m to -13.2
m CD (chart datum). Design (final platform) level was specified to be at +3.5 m CD.
While it was understood that other less sensitive areas of the project would require
lesser treatment, three areas in the dry docks designated as DDR4, DDR5 and DDR 6
and shown in green in Figure 1 were deemed to require treatment by Dynamic
Compaction (Menard, 1972-74). The surface areas of these regions were respectively
57,064 m2, 35,643 m2 and 82,962 m2. Consequently, the total area was 175,669 m2.
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Figure 1. Plan of Nakilat Ship Repair Yard (Dynamic Compaction areas shaded in green)

With the assumption that the reclaimed ground would settle about 5% due to
Dynamic Compaction (DC), reclamation was carried out 0.6 to 0.8 m higher than the
design levels. Hence working levels varied from +4.1 to +4.3 m CD.
1.1 Design and Acceptance Criteria
It was the primary requirement of the project for the ground to possess a relative
density, Dr, of 60% based on Baldi et al. (1986):
(1)
where qc= CPT cone resistance (kPa) and σ’v= effective vertical stress (kPa).
The correction factor to be applied to the cone resistance for carbonate sand was
stipulated to be 1.94.
For the purpose of calculations it was specified that the saturated density, γsat, and
unsaturated density, γunsat, were respectively 18.7 and 15.2 kN/m3. Average
groundwater level was assumed to be at +0.5 m CD.
As past experience indicated that this requirement would most probably not be met
without ground improvement, it was foreseen that Dynamic Compaction would be
carried out if the geotechnical investigation proved that this expectation was correct.
At the same time it was well understood that by implementing Dynamic
Compaction the improvement of the upper layers of reclaimed ground would be much
more than what was required. Consequently, the functionality of the project could
have been achieved more affordably by also envisaging alternative criteria based on
the design needs.
The alternative criteria specified that for an isolated footing carrying a 4000 kN
load:
 Allowable bearing capacity: 200 kPa
 Maximum settlement: 50 mm
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1.2 Initial Ground Conditions
The CPT tests that were carried out as part of the geotechnical investigation
consistently demonstrated that the reclamation would not meet the criteria. In areas
DDR4, DDR5 and DDR6 the soil in the upper 3 to 5 m was medium to very dense
with qc ranging from as low as 5 to more than 20 MPa. Then the soil became loose to
medium dense with qc fluctuating between 1 to 7 MPa. Dense seabed was
encountered at depths of 13 to 17 m. The CPT friction ratio was generally well below
1%.
2 GROUND IMPROVEMENT BY DYNAMIC COMPACTION
The project’s schedule stipulated that mobilization, ground improvement and testing
had to be completed according to the below milestones:
 DDR4: 154 days after issuance of notice to proceed.
 DDR5: 63 days after issuance of notice to proceed.
 DDR6: 91 days after issuance of notice to proceed.
Two specially equipped cranes were mobilized and utilized to meet the schedule.
Dynamic Compaction was carried out in areas DDR4, DDR5 and DDR6 using
pounders weighing 35 tons, 28 tons, 25 tons and 15 tons. The 35 ton pounder was
dropped in free fall from 25 m and without engagement to the winch and cabling
system using the innovative MARS (Menard Automatic Release System) device that
was used for the first time in 2004 during the ground improvement works of a loose
fill with a maximum thickness of 28 m in Al Quoa’a, UAE (Varaksin, Hamidi and
Aubert, 2005). Figure 2 shows the two Dynamic Compaction rigs. The front crane is
dropping a 28 ton pounder and the back crane is dropping the 35 ton pounder using
MARS.

Figure 2. Dynamic Compaction using 28 ton and 35 ton pounders
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2.1 Testing
In order to verify that the project requirements had been satisfied 1 CPT was carried
out per every 600 m2 of improved ground. A number of PMT (pressuremeter) tests
were also carried out for comparative purposes. This provided an opportunity to
perform a number of CPT and PMT tests in the same locations and to correlate the
results for carbonate sands.
3 CPT-PMT CORRELATION
3.1 Literature Review
Briaud et al (1985) collected 82 PMT borings data from various projects from 1978 to
1985. The result of this study proposed that the magnitude of correlation between qc
and PMT parameters Pl, limit pressure, and Ep, pressuremeter modulus, is shown in
Table 1.
Table 1. Correlation between PMT and CPT according to Briaud et al. (1985)
PMT parameter
Correlation to CPT
Soil type
Sand
Pl
0.2qc
Ep
2.5 qc
Clay
Pl
0.11 qc
Ep
1.15 qc

Baguelin, Jezequel and Shields (1978) have reviewed and interpreted a number of
CPT-PMT correlations such as Van Wameke (1962), Cassan (1968-69), Jezequel et
al. (1968) and Nazaret (1972) that were originally printed in French publications.
Baguelin et al. note that although the correlation between CPT and PMT in most
technical publications is based on the ratio of qc/Pl, the ratio qc*/Pl* would be more
representative (qc* and Pl* are respectively the net cone resistance and net limit
pressure and can be calculated from Equation 2 and Equation 3).
qc*= qc- qo
Pl*= Pl- Po

(2)
(3)

where qo and Po are respectively the in-situ vertical and horizontal total stresses. In
general the ratios qc*/Pl* and qc/Pl are close because qo and Po are small compared to
qc and Pl, but can be quite different at depth in soft clays.
The influence of depth on qc*/Pl* can be studied from the works of Jezequel et al.
(1968) on the dikes of a tidal power project in Rance. The dikes were hydraulic fills
composed of clean sand with dry density equal to 1.5 t/m3. The ratio qc*/Pl* in the
upper 1.5 m layer of fill was from 9.11 to 12.03. Even though qc varied from 2 to 10
MPa, qc*/Pl* was about 6.7 throughout the remainder of the 20 m thick fill.
Nazaret (1972) did not observe the same independency of qc*/Pl* from qc* in his
study on Loire sand, and reports a tendency of the ratio to increase with the increase
of qc*.
Baguelin et al. interpret that the high ratio values near the ground surface are due
to the differences between shallow and deep failure conditions. CPT has a small
diameter and rapidly reaches its critical depth. However, PMT has to reach a depth of
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embedment of about 1.5 m (1 m in clays, 2 m in sands) before the test is no longer
influenced by the surface of the ground.
According to Baguelin et al. the soil type is the parameter that has the greatest
effect on the ratio of qc*/Pl*, and for depths of about 5 to 20 m there seems to be a
narrow correlation between qc* and Pl*. Baguelin et al. summarize the qc*/Pl* ratio to
be on average within the ranges shown in Table 2.
Table 2. qc*/Pl* for different soil types according to Baguelin et al. (1978)
Soil Description
qc*/Pl*
Very soft to soft clays
close to 1 or 2.5 to 3.5
Firm to very stiff clay
2.5 to 3.5
Very stiff to hard clay
3 to 4
Very loose to loose sand and compressible silt
1 to 1.5 and 3 to 4
Compact silt
3 to 5
Sand and gravel
5 to 12

Baguelin et al. understand that it is very likely that dilatancy is a key factor and
qc*/Pl* could prove to be a reliable indicator of the importance of dilatancy in the
resistance of a particular soil. If qc*/Pl* is about 5 to 6 then the soil is probably nondilatant or slightly dilatant. A ratio of 8 to 12 probably indicates a dilatant soil.
3.2 CPT – PMT Correlation for Carbonate Sand in Port of Ras Laffan
After execution of Dynamic Compaction in DDR5 using a maximum pounder weight
of 28 tons (without ironing) it was decided to perform a DC trial to study the
improvement effects using a 35 ton pounder that was dropped by MARS. This
process included 3 deep compaction phases and an ironing phase.
3 PMT tests were carried out next to 3 CPT tests in the below order:
 Before phase 1: PMT-007 and CPT-551 (in between impact points)
 After phase 1: PMT-009 and CPT-576 (in between impact points)
 After phase 3: PM-010 and CPT-595 (in impact point)
The cone resistances of the CPTs are shown in Figure 3. Likewise, the limit
pressure and pressuremeter modulus of the PMT are respectively shown in Figure 4
and Figure 5.

Figure 3. Cone resistance values used in the correlation
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Figure 4. PMT limit pressure values used in the correlation

Figure 5. PMT modulus values used in the correlation

Figure 6. Ep/qc ratios for Ras Laffan carbonate sand
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Figure 7. qc/Pl ratios for Ras Laffan carbonate sand

Figure 8. qc*/Pl* ratios for Ras Laffan carbonate sand

As shown in Figure 6, the Ep/qc ratios are substantially less than Briaud et al.’s
(1985) correlation. Here, the uppermost shallow points do not seem to correlate
differently due to the differences between the shallow and deep failure modes. The
average Ep/qc value for the 23 test points is 1.35. The average Ep/qc ratios for the
three comparisons on Ras Laffan carbonate sand are 1.5, 1.3 and 1.1. The maximum
and minimum ratios for the points were respectively 0.3 and 1.91.
Briaud et al. have proposed an average value of 2.5 for Ep/qc. This value is 1.85
times more than what has been measured for Ras Laffan carbonate sand, and is
basically within the range (95%) of the correction factor of 1.94 that was applied to
Baldi et al.’s equation (1986) to calculate relative density for carbonate sand.
The ratios of qc/Pl have been shown in Figure 7. It can be observed that the
average qc/Pl ratios for 21 tests points are equal to 4.54. That value is 90% of what
has been proposed by Briaud et al. (1985). The 21 test points do not include the
uppermost test points of PMT007 and PMT010 due to the differences in between the
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shallow and deep failure modes. The average qc/Pl ratios for the three correlations on
Ras Laffan carbonate sand are 4.1, 5 and 5.3 excluding the mentioned uppermost
points. The minimum and maximum ratios were respectively 2.9 and 9.1 for the 21
points.
As shown in Figure 8, the qc*/Pl* ratios are identical in shape and very close in
value to the qc/Pl ratios. The average qc*/Pl* ratios for the 21 tests points are equal to
4.82 which is just below the range of 5 to 12 that has been proposed by Baguelin et
al. (1978). The average qc*/Pl* ratios for the three correlations are 4.3, 5.4 and 5.2
excluding the mentioned uppermost points. The minimum and maximum ratios for
the 21 points were respectively 3 and 9.3.
4 CONCLUSION
The correlation results of CPT and PMT for densified Ras Laffan carbonate sand did
not demonstrate any advantages of qc*/Pl* over qc/Pl. Both ratios were slightly less
than what Bageulin et al. and Briaud et al. have proposed, but for preliminary
purposes the ratios may be assumed to be 5. Ep/qc ratios appear to be less than what
Briaud et al. have proposed, and the same correction factor that is been used for
calculating relative density from Baldi’s formula may relate the relation between
carbonate and non-carbonate Ep/qc ratios as well.
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Soil unit weight estimation from CPTs
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ABSTRACT: Soil unit weight is needed during the post-processing of CPT data in
order to calculate total and effective vertical overburden stresses, net cone resistance
(qt-vo) for the evaluation of undrained shear strength and modulus, as well as the
normalized parameters (Qt, Fr, and Bq) used in soil behavioral type classification systems. A compiled database from documented field test sites in a variety of soil types
was used to explore and develop direct relationships between measured unit weights
and CPT readings. A consistent trend emerged for total unit weight in terms of sleeve
friction and effective overburden stress.
1 INTRODUCTION
An initial step in geotechnical analyses is the calculation of the initial geostatic stress
conditions, including overburden stress: The total overburden stress (vo) is calculated from the accumulation of total soil unit weights (t) with depth according to:
vo = ∫ t dz

(1)

The total overburden stress is of critical importance as it determines the effective vertical overburden stress (vo' = vo - u0 ), as well as the interpretation of many other
geotechnical parameters (e.g., K0, OCR, ', G, D', ...) from the CPTu data (Mayne,
2007a, b). In particular, for soundings advanced into soft clays and silts, a reliable assessment of unit weight is critical for the proper evaluation of the net cone resistance.
Obtaining unit weight directly and reliably from CPT measurements has obvious advantages and would fit requirements for efficient, safe and sustainable geotechnical
practice, when compared to undisturbed sampling and laboratory testing.
The best means to obtain the unit weight of soil layers is via undisturbed sampling,
such as thin-walled push-in tubes, piston-type samplers, or special block sampling, in
order to minimize issues of sample disturbance on clays and silts (e.g. Tanaka 2000;
Lunne et al. 2006). Undisturbed sampling of clean sands is now possible using special one-dimensional freezing methods (Mayne, 2006), but at great expense associated with time and special costly equipment. Measured mass and volume of the undisturbed samples directly provide the unit weight.
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The soil unit weight can be calculated from fundamental indices on the basis of index relationships which for saturated soils is given by:
 sat



Gs  e
 w
1 e

(2)

where Gs = specific gravity of solids, e = void ratio = Gs·w (for saturation S = 1), w =
water content, and w = unit weight of water. Therefore, by measuring in-place water
content with an assumed Gs (e.g., 2.70), the unit weight may be surmised.
For immediate results, indirect in-situ methods for ascertaining soil unit weights
are available through electrical resistivity probes (Nelissen, 1988), gamma ray penetrometers (Sully & Eschesuria 1988), radioactive isotope modules (Mimura et al.
1995), and dielectric measurements (Shinn, et al. 1998). However, their use requires
specialized devices, some with hazardous materials, which adds appreciable burdens
in terms of time, costs, and/or safety during deployment. Therefore, a key objective
of this study was to explore direct CPTu methods for assessing unit weights of geomaterials from the basic penetrometer readings (qt, fs, and u2) and thus obtain a faster
post-processing of the net cone resistance, at least for preliminary analyses and onsite post-processing of data.
2 AVAILABLE CPT RELATIONSHIPS
In earlier studies, Sully & Eschesuria (1988) found a relationship between t and qc
for one sand deposit. Larsson & Mulabdić (1991) developed a chart for Swedish clays
that grouped t in zones defined by plotting net cone resistance (qt-vo) vs. normalized
porewater pressure: Bq = (u2-u0)/(qt-vo). Młynarek et al. (1995) showed a family of
dry density curves from qc and vo' for alluvial and fluvioglacial sands. Plant et al.
(1997) showed a rough and scattered trend between t and net cone resistance in
Hong Kong clays. Lunne et al. (1997) presented a table of assigned unit weights for
each of the 12 zones or soil behavioral types (SBT) established by Robertson et al.
(1986), however no data are shown in support of those values.
3 UNIT WEIGHT-SHEAR WAVE TRENDS
A global and fundamental relationship exists between total unit weight and shear
wave velocity in soils. This is because shear wave velocity strongly depends upon
void ratio and effective stress state (Tatsuoka & Shibuya, 1992; Stokoe & Santamarina, 2000), as well as other factors, including fabric, structure, cementation, and ageing. Using data compiled from various soil types, Burns & Mayne (1996) showed that
the total unit weight can be expressed as a power function in terms of effective overburden stress and shear wave velocity (n = 438; r2 = 0.820; S.E.Y. = 0.115; where n =
number of data sets, r2 = coefficient of determination, and S.E.Y. = standard error of
the dependent variable):
 sat (kN / m 3 )  6.87

(Vs m / s) 0.227
( vo ' kPa ) 0.057

(3)

A later study with additional data (Mayne 2001) further confirmed a relationship between t and Vs, using depth (z) in lieu of vo' (n = 727; r2 = 0.808; S.E.Y. = 1.05):
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 sat ( kN / m 3 )

 8.32  log( Vs m / s )  1.61  log( z meters )

(4)

Thus, use of the seismic piezocone test (SCPTu) which provides four measurements
with depth (qt, fs, u2, and Vs) has the capability to provide reasonable and reliable
values of t profiles from its shear wave measurements.
An alternative version to the above can be developed in terms of stress-normalized
shear wave velocity (Vs1), where the unit weight is estimated from (Mayne 2007a):
 sat

(5)

 4.17  log e ( Vs1 )  4.03

where Vs1 = Vs (m/s)/(vo'/atm)0.25 where atm = 1 bar = 100 kPa = atmospheric pressure. An initial value of t is assumed in order to start the process, as effective overburden stress (vo') depends on t. Eq (5) has the advantage of accounting for layered
profiles with either higher or lower density materials with depth compared with (4).
In the cases where only conventional piezocone tests (CPTu) are available, the
shear wave velocity could be estimated from the penetrometer readings, then used in
(3) or (4) to estimate t. For instance, Baldi et al. (1989) developed a correlation for
sands, Mayne & Rix (1995) presented a relationship for clays, and Andrus et al.
(2007) included age as an important factor for such relationships. Hegazy & Mayne
(1995) addressed assorted and mixed soil types, finding:
Vs (m/s) = [10.1· log qt - 11.4]1.67 [fs/qt ·100]0.3

(6)

While these correlations offer possible linkages from CPT to Vs and then from Vs to
t, they do so with increased uncertainty and less reliability.
4 UNIT WEIGHT - SCPTu DATABASE
Towards the goals of this study, a careful assembly of a geomaterial database included a wide range of soil types (sands, silts, clays, calcareous soils, tills, etc) that
contained all necessary variables for consideration. As a minimum, these parameters
included: t, Vs, and CPT measurements of qt, fs, and u2 that were input to facilitate
graphical and statistical evaluations. Table 1 lists the 39 sites that were compiled
herein, also noting their location and approximate reference source citations. Table 2
contains an additional listing of 5 sites where the unit weight and CPT data were
available for consideration, but specific shear wave results were not known.
The compiled database confirmed the t relationship with Vs and vo' given by (5),
as seen in Figure 1. Separate curves are shown for effective overburden stresses corresponding to vo' = 10, 100, and 1000 kPa. Also clear is the need to exclude "unusual" geomaterials such as highly calcareous soils (Cooper Marl) or diatomaceous
geomaterials, including Japanese mudstone and Mexico City clay.
5 DIRECT UNIT WEIGHT - CPT TRENDS
For the next task, a direct relationship between unit weight and CPT readings was
sought by conducting a comprehensive series of multiple regression analyses using
both arithmetic and logarithmic scaling. The full suite of regression attempts are not
included herein, as they were too numerous for discussion. In the fitting of the data
from Table 1 by linking (4) and (6), a multiple regression analysis of some success
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was found with the results:
t (kN/m3) = 11.46 + 0.33 log(z) + 3.10 log(fs) + 0.70 log(qt)

(7)

where qt and fs are in units of kPa and depth z is input in meters. The relationship
provided the following regression statistics: n = 215; r2 = 0.720; S.E.Y. = 1.31. As
noted earlier, the use of vo' is preferred over depth z, as the former can better account
Table 1. List of test sites with unit weight, shear wave velocity, and CPT data
No. Site

Location

Type Soil

Reference

Proceedings/Journal Citation

DeGroot & Lutenegger (2003) Characteriz. & Engrg Prop.of Natural Soils

1

Amherst NGES

Massachusetts, USA

soft varved clay

2

Anchorage

Alaska, USA

stiff clay

Mayne & Pearce (2005)

Frontiers in Offshore Geotechnics, Perth

3

Ariake

Japan

soft clay

Ohtsubo et al. (2007)

Characteriz. & Engrg Prop.of Natural Soils

4

Bangkok AIT

Thailand

soft clay

Shibuya (2003)

Characteriz. & Engrg Prop.of Natural Soils

5

Bothkennar

Scotland, UK

soft clay

Hight et al. (2003)

Characteriz. & Engrg Prop.of Natural Soils

6

Brent Cross

England, UK

fissured London clay Lunne et al. (1986)

Canadian Geotechnical Conference

7

Burswood

Western Australia

soft clay

Chung (2005)

PhD Thesis, Univ. Western Australia

8

Calgary

Alberta, Canada

clay till

Mayne & Woeller (2008)

BGA Intl. Conf. Foundations, Dundee

9

Cooper Marl

South Carolina, USA calcareous clay

Camp (2004)

GeoSupport 2004, ASCE GSP 124

10

Cowden

England, UK

clay till

Powell Butcher (2003)

Characteriz. & Engrg Prop.of Natural Soils

11

Drammen

Norway

soft clay

Lunne & Lacasse (1998)

Characterization of Natural Clays, Japan

12

Dublin

Ireland

boulder clay

Long and Menkiti (2007)

Characteriz. & Engrg Prop.of Natural Soils

13

Edo River

Japan

natural sand

Mimura (2003)

Characteriz. & Engrg Prop.of Natural Soils

14

Evanston NGES Illinois, USA

soft clay

Finno (2000)

Natl. Geotech.Experim. Sites, GSP 93

15

Fucino

Italy

calcareous clay

Brignoli et al. (1995)

Symp. on Cone Penetration Testing, SGF

16

Gioia Tauro

Italy

natural sand

Ghionna & Porcini (2006)

Characteriz. & Engrg Prop.of Natural Soils

17

Highmont

Canada

mine tailing sand

Robertson et al (2000)

Canadian Geotechnical Journal

18

Holmen

Norway

natural sand

Lunne et al. (2003)

Characteriz. & Engrg Prop.of Natural Soils
Canadian Geotechnical Journal

19

J-pit

Canada

mine tailing sand

Robertson et al (2000)

20

Kidd

Canada

mine tailing sand

Robertson et al (2000)

Canadian Geotechnical Journal

21

Lilla Mellosa

Sweden

soft clay

Larsson & Mulabdic 1991

Piezocone Tests in Clay, SGI Report 42

22

LL Dam

Canada

mine tailing sand

Robertson et al 2000

Canadian Geotechnical Journal

23

Madingley

England, UK

fissured Gault clay

Lunne et al. 1986

Characteriz. & Engrg Prop.of Natural Soils

24

Massey

Canada

natural sand

Robertson et al (2000)

Canadian Geotechnical Journal

25

Mildred L.

Canada

mine tailing sand

Robertson et al (2000)

Canadian Geotechnical Journal

26

Natori

Japan

natural sand

Mimura (2003)

Characteriz. & Engrg Prop.of Natural Soils

27

Noto

Japan

diatom. mudstone

Matsumoto et al. (1996)

J. Geotechnical & Geoenvironmental Engrg

28

Onsoy

Norway

soft clay

Lunne (2003)

Characteriz. & Engrg Prop.of Natural Soils

29

Opelika

Alabama, USA

residual sandy silt

Mayne & Brown (2003)

Characteriz. & Engrg Prop.of Natural Soils

30

Pentre

England, UK

silt deposit

Lambson et al. (1993)

Large Scale Piles Clay, Thomas Telford

31

Pisa Pancone

Italy

soft clay

LoPresti (2003)

Characteriz. & Engrg Prop.of Natural Soils

32

Sarapui

Rio, Brazil

very soft clay

Almeida et al. (2003)

Characteriz. & Engrg Prop.of Natural Soils

33

Ska Edeby

Sweden

soft clay

Larsson & Mulabdic (1991)

Piezocone Tests in Clay, SGI Report 42

34

Texas NGES

USA

stiff clay

Briaud et al. (2001)

J. Geotechnical & Geoenvironmental Engrg

35

Tone River

Japan

natural sand

Mimura (2003)

Characteriz. & Engrg Prop.of Natural Soils

36

Treporti

Italy

stratified soils

Simonini (2007)

Characteriz. & Engrg Prop.of Natural Soils

37

Troll Offshore

North Sea

soft clay

Lunne et al. (2007)

Characteriz. & Engrg Prop.of Natural Soils

38

Yodo River

Japan

natural sand

Mimura (2003)

Characteriz. & Engrg Prop.of Natural Soils

39

Yorktown

Virginia, USA

calc.sandy clay

Mayne (1989)

Foundation Engineering, ASCE GSP 22

Table 2. List of additional sites with unit weight and CPT readings.
No. Site

Type Soil

Reference

40

Betuwe Railway The Netherlands

Location

peat

den Haan (2007)

Proceedings/Journal Citation
Characteriz. & Engrg Prop.of Natural Soils

41

Hibernia

North Atlantic

natural sand

Thompson & Long (1989)

Canadian Geotechnical Journal

42

Kowloon

Hong Kong, China

sand fill

Lee et al. (2002)

J. Geotechnical & Geoenvironmental Engrg

43

Mexico City

Mexico

soft clay

Cruz & Mayne (2006)

Proc.GeoShanghai, ASCE GSP 149

44

Recife RRS2

Brazil

soft clay

Coutinho (2007)

Characteriz. & Engrg Prop.of Natural Soils
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3

Total Unit Weight, T (kN/m )

28

Clay Till

t = 4.17 ln(Vs1) - 4.03

26

Soft Clays

where Vs1 = Vs/(vo'/atm)

24

0.25

Stiff Clays
Boulder clay

22

Calcareous Soil

20

Diatom Mudstone

18

Fissured Clays

16

Silts
calcareous soils

14

Stratified Deposits

diatomaceous soils

12

Sands
Trend 10 kPa

10
0

100

200

300

400

500

600

Trend 100 kPa
Trend 1000 kPa

Shear Wave Velocity, VS (m/s)

Figure 1. Total unit weight trend with Vs and vo' for various geomaterials
for layered deposits and unit weight variance with depth. Therefore, higher order regressions were investigated to include vo' with all three readings of the piezocone in
an attempt to improve the statistics, including an increase in coefficient of determination (r2) and decrease in the standard error of the dependent variable (S.E.Y.). This
produced the regression presented in Figure 2 and expressed (n = 207; r2 = 0.718;
S.E.Y. = 1.08) in dimensionless form:
t

 '
 1.81   w   vo 
  atm 

0.05

 q   vo 

  t
  atm 

0.017

 f 
  s 
  atm 

0.073

 ( Bq  1) 0.16

3

Total Unit Weight, T (kN/m )

26

(8)

Clay Till

Multiple Regression

24

Soft Clays

[without Diatomaceous Soils]

Stiff Clays

22

Boulder clay

20

Fissured Clays
Silts

18

Stratified Deposits

16

Sands

y = 1.004 x
r2 = 0.718
n = 207
S.E.Y. = 1.08

14
12

Regression
Calcareous Soil
Mexico City
Diatom Mudstone

10
10

12

14

16

18

Estimatedt = 1.81 w (vo'/atm)

0.05

20

22

(qtnet/atm)

24
0.017

26

(fs/atm)0.073(Bq+1)0.16

Figure 2. Multiple regression relationship for total unit weight with effective overburden stress and CPT readings. (Note: excludes diatomaceous soils)
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where Bq = (u2-uo)/(qt-vo) = normalized excess porewater pressure parameter. Note
these exclude diatomaceous soils (Japanese mudstone and Mexico City clay).
Upon further investigation, it became apparent that sleeve friction and vo' alone
sufficed to produce reasonable estimates of t, thereby not requiring a reliance on qt
or u2 readings, at no loss in statistical significance (Figure 3). The resulting expression (n = 207; r2 = 0.737; S.E.Y. = 1.08)
t

 '
 1.95   w   vo 
  atm 

0.06

 f
  s
  atm





0.06

(9)

In the event that the cone sleeve has unequal end areas, it would be important to correct the measured reading to the total sleeve resistance, even if only an approximation
is used (Lunne et al. 1997).
Total Unit Weight, T (kN/m3)

26

Clay Till

24

Multiple
Regression

22

[without
Diatomaceous Soils]

Soft Clays
Stiff Clays
Boulder clay

20

Fissured Clays
Silts

18
Stratified Deposits

16

Sands

y = 1.002 x
r2 = 0.737
n = 207
S.E.Y. = 1.08

14
12

Regression
Calcareous Soil
Mexico City
Diatom Mudstone

10
10

12

14

16

18

20

22

24

26

Estimatedt = 1.95 w (vo'/atm)0.06 (fs/atm)0.06

Figure 4. Total unit weight trend with sleeve friction and effective overburden stress
CONCLUSIONS
Soil unit weight can be approximately estimated from the measured CPT sleeve friction and effective overburden stress. The relationship appears valid for estimates in
uncemented geomaterials including a variety of clays, silts, sands, tills, and mixed
soil types, however, is apparently not valid for diatomaceous clays and perhaps of limited applicability in highly calcareous soils.
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Spatial characterization of Vs at Amherst NGES site
from SCPT using Bayesian kriging
M. Uzielli, J. Facciorusso

Georisk Engineering S.r.l., Florence, Italy

P.W. Mayne

Georgia Institute of Technology, Atlanta USA

ABSTRACT: This paper illustrates a case study application of geostatistical
kriging to shear wave velocity measurements from seismic piezocone (SCPT) testing
in clay at the Amherst national geotechnical experimentation site (NGES) site. Analyses are performed in a pseudo-3D perspective, by which data are clustered into samples based on measurement depth. Bayesian kriging is performed at each depth cluster. The site-specific operational procedure is described, with particular reference to
important aspects such as the identification of best-fit semivariogram parameters.
1 INTRODUCTION
Engineering soil properties exhibit variation from point to point even within a soil
layer that is characterized as homogeneous. The variability in geotechnical data can
be ascribed to both the soils and the investigators. Soils are natural materials, which
are formed and continuously modified by complex geological processes, as discussed
in detail by Hight & Leroueil (2003). The variety and complexity of such processes
result in physical and mechanical heterogeneity and, consequently, in the variability
of quantitative parameters. In any type of real-world geotechnical problem, it is impossible to obtain exhaustive values of data at every desired point because of practical and economical constraints. Hence, any engineering analysis must face the presence of uncertainties. Aleatory uncertainty parameterizes the real, inherent soil
variability. Epistemic uncertainty exists as a consequence of the investigator‘s invariably limited information and imperfect measurement and modeling capabilities.
Proper interpretation and interpolation of the subsurface conditions to predict the
unknown values in an area (or volume) of interest from the data observed at known
locations is paramount for geotechnical characterization and design. It is advisable to
address uncertainties as rationally as possible to pursue optimum cost-benefit ratio
and system performance. Geostatistical kriging includes a family of stochastic interpolation methods which allow the estimation of soil properties at unsampled spatial
locations from spatially referenced values. A noticeable advantage of kriging over
other interpolation methods is the explicit quantification of the uncertainty (in the
form of a kriging variance) associated with kriging estimates.
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2 DESCRIPTION OF SITE
The National Geotechnical Experimentation Site (NGES) at Amherst, Massachusetts
is located 1.5 km east from the old shore of Glacial Lake Hitchcock in Western Massachusetts. The site is underlain by a thick 30-m deposit of soft lacustrine varved clay
where the upper 3 to 4 m consists of a desiccated crust. The ground water table typically occurs in the upper 2 m below ground surface and varies by as much as approximately 2 m throughout the year coinciding with changes in seasonal precipitation. Grain size data from hydrometer analyses of the bulk soil gives a clay fraction of
approximately 65% and a silt fraction of 35%. Natural water content and void ratio
for the bulk soil are typically lowest near the ground surface. There is a sharp transition in water content through the crust from an average of around 20% at 1 m to an
average of around 62% below the crust. The void ratio data follow that of the water
content with values around 1.8 below the crust. Test specimens from below the water
table are usually found to be 100% saturated. The bulk soil classifies as ML (low
plasticity silt), CL (low plasticity clay), MH (high plasticity silt), and CH (high plasticity clay) in the USCS system. The plasticity index, PI, averages 10 in the crust and
around 20 below the crust with no significant trend with depth. The difference in PI is
due to a change in liquid limit only, which increases from an average of 39 in the
crust to an average of 51 below the crust, while the plastic limit is the same for both
zones. The overconsolidation ratio decreases from approximately 10 at a depth of 4 m
to approximately 2 at a depth of 14 m. Full details on compositional and index properties, as well as the results of laboratory and field tests are given by DeGroot & Lutenegger (2003).
3 DESCRIPTION OF DATA SET
A database consisting of Vs measurements from 15 pseudo-interval SCPT tests is
available from Hegazy (1998). These
SCPT soundings were conducted in a 60
m x 60 m area shown in Fig. 1 (X and Y
are the relative Cartesian coordinates
used in the study). Sounding depths
slightly exceed 14 m. The depth interval
between consecutive measurements is
approximately 0.9 m. As shown in Fig.
2, 16 data sets corresponding to distinct
analysis depths (D01-D16) can be identified. Table 1 reports the numerosity of
the data sets (column 2), along with second-moment statistics of depth and Vs
(columns 3 to 6). Geostatistical characterization of the Amherst NGES site was
performed in a pseudo-3D perspective,
i.e. 2-D kriging was performed on horiFigure 1. Plan view of SCPT locations
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zontal planes corresponding to analysis depths. Average values of measurement depths were taken as nominal
depths for each data set D01-D16;
these are reported in column 3. The
assignment of a unique depth for each
data set was deemed acceptable given
the small values of the COVs of depth
(column 4). The scatter in Vs values is
significantly larger in the fill and crust
(D01-D05), where COVs of Vs (column 6) range from 0.20 to 0.40, than
in the silty clay and clay (D06-D16),
where COV(Vs) never exceeds 0.11. It
may be noted in Fig. 2 that none of
the soundings yields consistently
higher or lower values in comparison
with other soundings.
4 CHARACTERIZATION OF
SPATIAL CORRELATION

Figure 2. SCPT measurements of Vs at Amherst
NGES site

Table 1. Second-moment statistics of depth-wise data sets D01-D16
z [m] COV(z) Vs [m/s] COV(Vs)
N
D01
D02
D03
D04
D05
D06
D07
D08
D09
D10
D11
D12
D13
D14
D15
D16

15
15
15
15
15
15
15
15
15
15
15
15
15
14
13
12

0.36
1.18
2.09
2.99
3.90
4.82
5.74
6.65
7.55
8.45
9.36
10.26
11.20
12.21
13.19
14.18

0.04
0.03
0.02
0.02
0.01
0.01
0.01
0.01
0.01
0.01
0.01
0.01
0.01
0.01
0.01
0.01

125.55
123.33
191.85
178.50
153.03
142.39
142.35
149.98
145.58
146.21
149.33
149.67
157.22
154.66
159.44
164.93

0.20
0.40
0.22
0.22
0.20
0.10
0.08
0.10
0.09
0.06
0.07
0.11
0.10
0.09
0.08
0.06
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In order to apply the kriging interpolation technique successfully, the spatial
structure of soil variability must be
identified. The method requires a description of how a measurement taken
at a point in the soil mass is correlated
with the measurements taken at other
points. By "correlation", it is meant
that the properties of adjacent soil
elements tend to be more similar in
magnitude in comparison with those
of widely separated elements.
Uzielli et al. (2007) provided a
state-of-the-art review on the characterization of spatial variability in geotechnical engineering. The most frequently used statistical function for
the description of spatial correlation
in geostatistics is the semivariogram.
The semivariogram measures the average dissimilarity between data pairs
separated by a lag h. The sample
semivariogram is computed as half
the average squared distance between
the components of every data pair:

 ( h) 

1
2Qh

 V

s ,i

( i , j ) hi j  h h

 Vs , j 

2

(1)

where Qh is the number of data pairs locations spatially separated by h+h (at most),
ξi and ξj are the data values at i-th and j-th location respectively. The issue of anisotropy in spatial correlation was not addressed due to the small sample size of data sets.
Omnidirectional semivariograms were calculated at lag intervals of 10 m, from 10 m
to 60 m. A tolerance of h=5 m on separation distance was defined to allow inclusion
of a greater number of pairs, i.e. to obtain a clearer semivariogram structure. This tolerance is commonly allowed in geostatistical analyses, especially for dataset with few
samples (Isaaks & Srivastava, 1989).
Once sample semivariograms have
Table 2. Results of spatial correlation analysis
been calculated at each depth, depthC0
a
C+C0
specific semivariogram models able
2
2
[m/s] BFM [m] [m/s] quality C0/(C+C0)
to describe the spatial correlation
D01 20
S
10
670 1
0.03
structure are required to compile the
D02 30
G
40
3230 1
0.01
covariance matrices which enter the
D03 50
G
40
2250 1
0.02
kriging algorithm (e.g. Goovaerts,
D04 40
E
20
1640 2
0.02
1997). Here, the spherical model,
D05 30
G
70
1630 2
0.02
the exponential model and the GausD06 20
S
60
270 3
0.07
sian model were considered. Details
D07 20
E
40
130 3
0.15
of such models can be found in
D08 20
E
20
220 3
0.09
dedicated textbooks (e.g. Goovaerts,
D09 20
S
20
180 2
0.11
1997).
D10 20
S
20
120 2
0.17
Measurement uncertainty can be a
D11 20
E
20
120 2
0.17
significant
component of total uncerD12 20
S
20
320 2
0.06
tainty, and should not be neglected
D13 20
S
60
300 2
0.07
in principle. Moss (2008) parameterD14 20
G
50
240 1
0.08
ized uncertainty in Vs measurements
D15 20
G
30
220 2
0.09
by a coefficient of variation on the
D16 20
E
20
140 1
0.14
order of 0.01–0.03 for SCPT testing.
The upper-bound value of 0.03 is adopted herein as pseudo-interval SCPT is less robust than true-interval SCPT. In the present analysis, measurement uncertainty is accounted for in the spatial correlation analysis phase, by setting a non-zero semivariance at zero lag, i.e. assigning a non-zero semivariogram nugget C0. At each depth,
the value of the semivariogram nugget is obtained by multiplying the assumed coefficient of variation of measurement uncertainty COVm by a “characteristic value” of Vs,
given by the sample mean of Vs measurements at that depth, m(Vs) plus 3 times the
sample standard deviation of Vs, s(Vs):

C0 

2
1
COVm2 Vs    m Vs   3  s Vs  
2

(2)

In the hypothesis of Gaussianity of data sets, such characteristic value corresponds to
the 99.9th percentile, i.e. essentially to a cautious upper-bound value. Semivariogram
model fitting should rely on experience rather than on automatized procedures (Isaaks
& Srivastava, 1989). Semivariogram model fitting is not a straightforward operation,
especially in the presence of small data sets as in the present case. A number of undesirable effects may blur and introduce noise into the experimental semivariogram,
thus hindering the identification of the underlying spatial correlation structure (Isaaks
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& Srivastava, 1989). Several checks and auxiliary operations, including the calculation of general and pairwise relative semivariograms (e.g. Goovaerts, 1997) were
conducted to enhance the analysis of spatial correlation. Details of auxiliary procedures are not reported herein for sake of brevity. Table 2 reports the best-fit
semivariogram model (S: spherical; G: Gaussian; E: exponential) and parameters
(range a; nugget C0; sill C0+C) for each analysis depth, along with the subjective assessment of the quality of the fit (1: good; 2: fair; 3: poor). The last column in Table 2
reports the relative nugget, which expresses the relative magnitude between measurement uncertainty (and small-scale variation) and spatial variability of Vs. It is evident that measurement uncertainty is relatively less relevant in the upper crust, where
inherent variability is more pronounced. Results of kriging making use of higherquality model fitting can be expected to be more reliable. An example of
semivariogram fitting (for D10) is shown in Fig. 3.
5 BAYESIAN KRIGING OF SHEAR WAVE VELOCITY
In the context of kriging and in a pseudo-3D perspective, Vs is modeled, at each analysis depth, as a random function Vs(A) of a two-dimensional space A which corresponds to a horizontal plane positioned at the nominal analysis depth. At any spatial
location on such plane, the random function can be expressed as the sum of its expectation (or trend), E[Vs(A)], and a zero-mean set of residuals, w(A), such that:

Vs  A   E Vs  A    w  A 

(3)

In Bayesian kriging (Omre, 1987; Omre & Halvorsen, 1989), it is possible to assign
prior estimates to the trend and to the uncertainty associated with the trend itself.
Subsequently, the kriging algorithm allows updating of such estimates based on the N
available observations of Vs at each analysis depth. Bayesian kriging is a more general case of simple and universal kriging, and has been shown to provide more precise predictions than the latter two algorithms (see e.g. Omre & Halvorsen, 1989).
The Bayesian kriging predictor of Vs for any arbitrary location A0=(X0,Y0) has the
form:
N

Vˆs  A0     i 0  w  Ai    E Vs  A0  

(4)

i 1

The weights i0; i=1,…,N to be applied to the residuals at the N sampled locations
w(Ai) are determined through a procedure described in detail by Omre & Halvorsen
(1989). The trend function is updated automatically by the algorithm as well. The
kriging algorithm provides reliable solutions if Vs(A) and the vector of trend coefficients which define trend values (not addressed in detail herein; the reader is referred
to Omre & Halvorsen, 1989) are at least approximately jointly Gaussian. Normal
probability plots were obtained for each analysis depth to allow subjective visual assessment of the adequateness of sets of trend coefficients and data observations in
terms of Gaussianity. Given the small sample size of data sets at each of the analysis
depths, visual inspection of normal probability plots is at least as reliable as more refined normality tests (Thode, 2002). An example is shown in Fig. 4 for observations
at D10. Overall, sets of observations D01-D16 were assessed to be acceptably Gaussian, while sets of trend coefficients did not display a Gaussian behavior.
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Figure 3. Fitting of a Gaussian semivariogram
model to empirical semivariance values at D10

Figure 4. Normal probability plot for Vs measurements at D10

Kriging estimates can be obtained at any desired unsampled target location. Here, a
mesh of target locations at horizontal and vertical intervals of 0.5 m was defined in
the intervals X  [0,60], Y  [0,60] identically for all data sets D01-D16. The set of
target locations also comprised the sampled locations in order to verify that the output
kriging variance at such locations is null. The total number of target points at each
depth of analysis is 4225. A second-degree polynomial function was selected as trend
surface typology.
Example outputs of the Bayesian kriging algorithm are shown for the upper crust
(D04) and the varved clay (D10) in Fig. 5 and Fig. 6, respectively. Each figure contains: (a) the kriging prediction; (b) the associated kriging variance; (c) the “updated”
second-degree polynomial trend function; and (d) the residuals, corresponding to the
difference between the kriged values and the polynomial trend. A comparative analysis of such results allows appreciation of the different degree of spatial variability between the upper crust and the underlying varved clay. It is also possible to appreciate
the capability of the kriging algorithm to quantify the uncertainty associated with the
kriged estimates, and, in relation to kriging variance, to note: (1) the higher degree of
uncertainty in the D04 estimates, due to the larger scatter in measured values; (2) the
spatial variation, for both D04 and D10, of kriging uncertainty, which is larger with
increasing distance of target locations from sampled location; and (3) the null value
of kriging estimation variance at sampled locations. The kriging variance of Vs as obtained herein could be used for second-moment probabilistic characterization and design, and could also provide a useful indication for the location of additional measurements should the variance exceed a preset desired or imposed threshold. A 3-D
map of Vs (and its associated variance) can be reconstructed simply by merging the
kriging estimates from the 16 data sets on which individual analyses were performed.
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Figure 5. Example output of Bayesian kriging: upper crust (D04)

Figure 6. Example output of Bayesian kriging: varved clay (D10)
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6 CONCLUDING REMARKS
An example application of Bayesian kriging of shear wave velocity data from SCPT
was illustrated herein. The utility of the kriging outputs is manifold: it provides optimized interpolation with respect to assumed site-specific spatial variability, while explicitly quantifying the uncertainty associated with the interpolation. These features
are especially notable in the increasingly important perspective of uncertainty-based
geotechnical analyses, which are preliminary to the implementation of evolutionary
design codes.
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Basic soil properties from CPT in Bangkok clay for
highway design
J. Sunitsakul, A. Sawatparnich & S. Apimeteetamrong
Department of Highways, Bangkok, Thailand

ABSTRACT: Engineering soil parameters, such as soil type, strength, stiffness and
stress history are important in the design and construction of highway embankments
on soft clay. To quantify these engineering parameters, testing of soft clay samples in
the laboratory may be required but is laborious and time consuming process. One
way to estimate the engineering parameters is from in-situ tests. In Thailand, vane
shear tests are widely used in estimating the basic engineering soil parameters. For
the new Bangkok-Chonburi motorway construction, it is found that soil classification
from cone penetration tests (CPT) coincides with those performed from laboratory
tests. The cone factor for estimating the undrained shear strength (Su) of the Bangkok clay is found to be 16.6. However, for Bangkok clay, evaluation of the horizontal coefficient of consolidation by CPTs tends to underestimate, comparing with previous data.
1 INTRODUCTION
The soft Bangkok clay has been well known for high water content, low shear
strength, and high compressibility, to geotechnical engineers for several decades. For
constructing highway embankments on soft Bangkok clay, the main geotechnical
concerns are excess settlement and potential stability failure. Thus, the Department of
Highways (DOH), Thailand, applies several soil improvement techniques, such as,
deep mixing cement column and vertical drains, to increase their highway serviceability, and lower their maintenance costs. In practice, designing highway embankments on soft Bangkok clay requires engineering properties such as coefficient of
consolidation, soil classification, stress history, soil modulus and undrained shear
strength. In the past decades, these engineering parameters are estimated from laboratory tests that are quite laborious and costly. At present, in-situ tests are widely used
instead. For Bangkok clay, vane shear and standard penetration tests (SPT) are normally performed and then correlated to engineering soil properties by back-analysis
techniques using geotechnical monitoring results such as those from pressuremeter,
inclinometer, horizontal inclinometer, piezometer and so on. At present, correlations
between engineering soil properties and in-situ test indices have been developed and
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available in many literatures (e.g., Kulhawy & Mayne, 1990); however, these correlations are site-by-site basis. Applying of these engineering correlations to a particular
site shall be precautious especially for Bangkok vicinity called “soft Bangkok clay”.
Road Research and Development Center, Department of Highways (DOH), Thailand, has initiated a pilot project to study an application of in-situ tests to the design of
highway embankment on the soft Bangkok clay since 1995 at the construction site of
the new Bangkok-Chonburi highway construction project at construction stations of
25+250 and 29+400. Geotechnical investigations on the construction sites are performed mainly by piezocone and vane shear tests. The objectives of this study are: a)
to evaluate the possibility of applying the cone penetration test to the soft Bangkok
clay, and b) to develop the suitable correlations of CPTs and their basic engineering
properties of soft Bangkok clay and then compare the developed correlations with
previous studies.
2 HIGHWAY CONSTRUCTION SITE
Tourist attractions, seaports, and industrial estates are located in the east of Thailand.
With the second international airport as part of national logistics, the demand for
highways is increased dramatically in the area. Thus, Department of Highway
(DOH), Thailand, proposed the construction of the new Bangkok-Chonburi highway
to connect the Bangkok and eastern part of Thailand and to alleviate the traffic congestion in the existing Bangna-Bangpakong highway. The new Bangkok-Chonburi
highway is fully-controlled access with flyovers at intersections. Almost the entire
highway route is found to be sitting on the well-known “soft Bangkok clay”. The soft
Bangkok clay layer is about 15 to 20 meters thick. Severe settlement of the highway
embankment is anticipated if it is constructed on unimproved clay; thus, the prefabricated vertical drain (PVD) technique with preloading embankment is introduced to
accelerate the primary consolidation settlement.
Soil profile along the construction route between stations 15+700 and 34+000 can
be classified to four layers as follows: weathered crust, soft clay, medium stiff clay,
and stiff clay, respectively, as shown in Table 1. Atterberg limit results are plotted in
Casagrande’s soil classification chart; moreover, the Bangkok clay is classified as CL
or CH as shown in Figure 1. In addition, the undrained shear strength before and during PVD are shown in Figure 2. Vane shear tests (VST) were performed before and
during PVD; Figure 2 indicates the effectiveness of the PVD to increase the undrained shear strength of the soft Bangkok clay.
Table 1: Basic engineering soil properties of the soil layers at the construction stations of 15+700 and
34+000 (after Lin, 1999).
Depth (m)
0 to 1
1 to 16
16 to 20
20 to 22

Unit Weight
(g/cm3)
1.6 to 1.8
1.4 to 1.5
1.6 to 1.8
1.8 to 2.0

Water Content
(%)
40 to 60
70 to 160
40 to 60
-

Liquid Limit
(%)
60 to 80
90 to 140
60 to 80
-
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Plastic Limit
(%)
25 to 30
30 to 60
30
-

120
BKK Clay
y = 0.75x - 10.88

100
Plasticity Index (%)

2

R = 0.95
80
60
40

U-Line

A-Line

20
0
0

20

40

60

80

100

120

140

Liquid Limit (%)
Figure 1: Atterberg limit test results of the soft Bangkok clay in soil classification chart.
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Figure 2: Undrained shear strength of the soft Bangkok clay before and during PVD (after Lin, 1999;
Apimeteetamrong et al., 2007).

3 IN-SITU TEST
The Cone Penetration Test (CPT) has been one of the most widely use in-situ tests to
evaluate soil profile and parameters throughout the world. The advantages of the
CPT over conventional geotechnical investigations are fast and continuously soil pro-
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file. The first cone penetrometer model can measure only the tip resistance; recent
development of cone penetrometer is to measure pore water pressure during cone penetrating. The porous element for pore water pressure measurement used in this
study is located immediately above the cone tip. In order to perform the CPT, a conical cone, with apex angle of 60 degrees, a sleeve friction area of 150 cm2 and crosssectional area of 10 cm2, is hydraulically pushed into the soil layer at the rate of 2
cm/sec; sleeve friction, tip resistance, and pore water pressure are continuously
measured during advancing cone. The measurement of cone sleeve friction data
makes the soil classification in terms of soil type possible (Robertson, 1990). In addition, many geotechnical engineers have proposed correlations between engineering
soil properties, coefficient of consolidation, undrained shear strength and stress history, and in-situ test parameters (Baligh & Levadoux, 1986; Kulhawy & Mayne, 1990;
Robertson et al., 1992; Sabatini et al., 2002; 1999; Teh & Houlsby, 1991).
The Vane Shear Test (VST) is considered to be the most reliable tool to estimate
undrained shear strength (Su). To perform the vane shear test, a vane is pushed directly into a soil layer and rotated until the soil fails. The torque required to fail the
soil along the vertical and horizontal edges of the vane is a relatively direct measurement of the shear strength. On this study the field vane shear tests were performed
using the Geonor vane equipment. Because of vane shear time loading, a correction
factor is required to evaluate the undrained shear strength. Bjerrum (1974) evaluated
the undrained shear strength from case histories of embankment failures and proposed the correction factor versus plasticity index as shown in Equation 1 (as cited by
Das, 2002).

  1.7  0.54 log( PI )

(1)

where  is the correction factor and PI is the plasticity index.
4 IN-SITU TEST RESULTS AND EVALUATIONS
4.1 Soil Classification
A soil classification method proposed by Robertson (1990) has been adopted on this
study. CPT test results are plotted on the Robertson’s chart as shown in Figure 3.
Following CPT data in Figure 3, soil materials at the construction station number
25+250 and 29+400 are classified as clayey silt, silty clay or clay, which are coincided with the soil classification in laboratory.
4.2 Stress History
The CPT has been used to evaluate the stress history in clays. Kulhawy & Mayne
(1990) intensively collected the CPT and consolidation test results. The relationship
between the cone tip resistance and preconsolidation stress correlates well as shown
in Figure 4. In addition, Kulhawy & Mayne (1990) notified that this correlation is
not applicable to fissured clays. Before soil improvement by preloading with PVD,
the soft Bangkok clay on this construction site at the depth between 3 and 12 meters
from the surface is believed to be slightly overly consolidated; therefore, the precon-
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solidation stresses should approximately be or slightly over the overburden pressure.
Two cone penetration tests were performed outside the preloaded area. With the parameter introduced by Kulhawy & Mayne (1990), the preconsolidation stresses from
the cone penetration tests are overestimated. For the soft Bangkok clay in this study,
this parameter should be around 0.21 and 0.24 instead of 0.29 (see Figure 5).
1000
Sta 25+250

100

Sta 29+400

Clean
Sands

/

Qc=(qc- vo)/ vo

Gravels
to Sand

Clayey Silt
to Silty Clay

Silty Sand to
Sandy Silt
10

Clay
Sensitive
Soils

1

Organic

0.1

1

10

Fr (%) = 100(fs /qc- vo )
Figure 3: Soil classification by the cone penetration test (after Robertson, 1990)

4.3 Undrained Shear Strength
Based on the bearing capacity theory, the theoretical relationship of undrained shear
strength from CPT is followed using equation 2. According to literature reviews, the
NKT depends on soil types and field as well as laboratory tests to determine Su, in
which its value is between 7 and 20. To make the estimation of undrained shear
strength from CPT simpler, the decision was made to evaluate undrained shear
strength as Equation 3. On this study, undrained shear strength is estimated from
vane shear tests with the Bjerrum’s correction factor. The results are well correlated
as shown in Figure 6; thus, the decision to omit the effect of the total overburden
pressure is justified. Following in-situ test data shown in figure 6, the NKT for the
soft Bangkok clay is 15.6.
SU  qt   VO  / N KT

(2)

SU  qt / N KT   VO / N KT

(3)

where vo is total overburden pressure and NKT is the cone factor.
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Preconsolidation Stress ( p/Pa )

100

10
p = 0.29qc

1

0.1
0.1

1
10
100
Cone Tip Resistance (qc/Pa )

1000

Figure 4: The relationship between cone tip resistance and preconsolidation stress (after Kulhawy &
Mayne, 1990)
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Figure 5: The relationship between cone tip resistance and preconsolidation stress at the construction
stations of 25+250 and 29+400.

190

700
Sta 25+250

Tip Resistance (KPa)

600

Sta 29+400
500
400
300
200
y = 15.558x + 22.976

100

2

R = 0.7157
0
0

10

20

30

40
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Figure 6: Undrained shear strength evaluation by the cone penetration tests at the construction stations
of 25+250 and 29+400.

5 CONCLUSIONS
The correlations of basic engineering properties and cone penetration tests are presented. It is shown that the soils can be classified by using CPTu’s results. For this
study, the soil materials are classified as clayey silt, silty clay or clay, which are coincided with the soil classification in laboratory testing results. The relationship between cone tip resistance and preconsolidation stress from this study in founded to
underestimate when compare with the previous correlation because it is site-by-site
basis. The cone factor (NKT) for estimating the undrained shear strength (Su) of the
soft Bangkok clay is found to be 15.6 in which tends to underestimate when compares with previous data.
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Cone resistance profiles for laboratory tests in sand
M. Senders
Woodside Energy Limited, Perth, WA, Australia

ABSTRACT: This paper describes an approach that can be used to convert a cone
resistance profile measured in the laboratory with a certain diameter in clean silica
sand into a cone resistance profile that would be measured with a cone with another
diameter in the same clean silica sand. This conversion assumes that the cone profile
will reach a steady state condition after a certain penetration depth, which depends
on cone diameter, dcone, stress level, v' and relative density, Dr, of the sand. The
proposed line of thinking is used to generate a formula which predicts the cone resistance as a function of these parameters and depth, z.
1 INTRODUCTION
The cone resistance, qc, is the penetration resistance of a 60º conical tip. Standard
field cones have a total projected tip area of 1000 mm2 penetrating the soil at a speed
of 20 mm/s (ASTM, 2004). In many laboratory tests the use of these 1000 mm2
cones is limited due to the relative small size of the soil sample in combination with
the expected influence the surface effect has upon the measured cone resistance
(Puech and Foray, 2002). In these situations typically a smaller size cone is used, although this is in many cases still relative large. For example, a typical cone penetration test in UWA’s beam centrifuge, performed with a 7 mm diameter cone at 100 g,
relates to a 700 mm cone which is about 20 times larger than the standard cone
(Senders, 2008). There is therefore a need to convert measurements made with a certain cone diameter into expected measurements made with another size cone.
2 LITERATURE
2.1 Deep failure (Steady state)
The classical bearing capacity approach predicts that the cone resistance, qc, in sand
increases linearly with effective stress level, '. However, experience has shown that
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the cone resistance increases less than linearly with increasing stress (Jamiolkowski
et al., 1988; Lunne et al., 1997). Rather than following the classical bearing capacity
approach, researchers have tried to establish relationships between effective stress,
relative density and cone resistance. Most of the proposed prediction methods have a
similar format, expressed as:
qc  C1  ' 2 e C3Dr
C

(1)

where Dr is the relative density expressed as a decimal, and the coefficients C1, C2
and C3 are adjustable parameters, which can be adjusted to reflect differences in soil
compressibility (Lunne et al., 1997).
One of the most widely used relationships is based on research on Ticino sand and
published in Jamiolkowski et al. (1988):
q c _ Jam  C1  ' 2 e C3 Dr  205 m '
C

with

 m '

0.51

e 2.93 Dr
(2)

 v ' 1  2 K 0 
3

The parameter K0 represents the coefficient of lateral earth pressure. This relationship is based upon earlier suggestions by a number of researchers (Schmertmann,
1978; Lunne and Christofferson, 1983; Baldi et al., 1986).
2.2 Transition from shallow to deep failure
The transition from shallow to deep failure is captured in depth factors used to calculate the capacity of shallow foundations. These factors are described in design codes
like DnV (1992) and API (2000), and depend on the relative displacement, d/z.
Puech and Foray (2002) recognised the influence on the measured cone resistance
of the change from a shallow to a deep failure mechanism. An experimental database
was compiled from a series of calibration chamber tests (at zero confining stress) and
data from shallow offshore cone tests. It was found that there are two penetration
phases during a cone penetration test, one where the soil moves upward at the free
surface next to the cone rods (shallow failure mechanism) and one where the soil
stops moving upwards at the free surface next to the cone rods (deep failure mechanism). Furthermore it was found that the transition depth between the two penetration
phases increases with the relative density of the sand and that the first penetration
phase tends to reduce and disappear in loose to very loose sand.
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3 CENTRIFUGE TESTS
3.1 Bolton et al., 1999
The influence of the change in failure mechanism on the cone resistance can also be
seen in data presented by Bolton et al. (1999). They compared centrifuge test results
from five different European geotechnical centrifuges and used different strongboxes, different cone diameters and different g-levels. Fontainebleau sand was used
in all tests, which is a uniform silica sand, consisting of rounded particles with an average mean particle size, D50, of 0.22 mm and average maximum and minimum dry
densities of 16.49 and 13.88 kN/m3, respectively (Bolton et al., 1999).
Figure 1 (presented further on in the paper) shows measured cone resistances in a
sand measured at 70 g in five different geotechnical centrifuges in both dimensional
axes and normalised axes. The reported values of relative density, Dr, varied between
0.81 and 0.84 (Bolton et al., 1999). The cone diameters, dcone, varied between 10 mm
and 12 mm. Figure 1a reveals that this small difference in cone diameter has no influence on the measurements. Figure 1b shows that at a penetration of approximately
11.5dcone, the normalised cone resistance reaches its maximum value. The measurements taken at a shallower relative depth are believed to be related to failure where
the free surface effects play a role. The measurements beyond this relative depth are
believed to relate to the deep failure (e.g. steady state).
Figure 2 (presented further on in the paper) presents cone resistance measurements taken with a 11.3 mm cone diameter at different g-levels. The relative density,
Dr, during these tests was reported to be 0.96. It can be seen that: a) The cone resistance increases with depth and increasing g-level; b) The normalised cone resistance
initially increases rapidly with normalised depth, reaches a maximum and thereafter
slowly decreases with normalised depth; c) The peak of the normalised cone resistance occurs at lower normalised depths for higher g-levels; and d) The normalised
cone resistance drops with increasing g-level.
3.2 UWA centrifuge tests (Senders, 2008)
Senders (2008) presented several cone penetration tests with a 7 mm cone diameter
which were performed in the UWA beam centrifuge at 100 g. The sand used during
the tests had a (dry) unit weight of 17.8 kN/m3, which for the used wet sand conditions indicates that the relative density, Dr, must have had a value of 1.
One of the measured cone resistance profiles can be seen in Figure 3 together with
a steady state prediction according to Equation 2, for a K0-value of 0.8 and a Dr value
of 0.75. It can be seen that this measured cone resistance profile only reaches the
predicted cone resistance at a depth of approximately 90 mm. Where the measurements are normalised as displayed in Figure 3b, it can be seen that this point is defined as the point where the maximum value of (qc-v')/v' is reached.
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4 GENERAL CONE RESISTANCE PROFILES
4.1 Concept and parameters
Based upon the observations described before, the following four steps are recommended to be taken in cases where cone resistance measurements are available and a
conversion needs to be made to obtain an estimate of the cone resistance which
would be measured with a different cone diameter:
1. Plot the measured data as cone resistance, qc, versus depth, z, and normalised
cone resistance, (qc-v')/v', versus normalised depth, z/D;
2. Spot the peak of the normalised cone resistance and regard this as where the
steady state starts.
3. Try to create a steady state profile on the qc versus z graph for the complete
length, based upon the data below where steady state starts. Take into account
that the relationship between steady state cone resistance and depth follows a
power law (e.g. Equation 2);
4. Use the initial part of the (qc-v')/v' versus z/D graph to predict the build up of
cone resistance in the shallow part for the new cone diameter.
This line of thinking can be used to generate a general formula, which can be used
to predict a cone resistance profile for any given soil condition and cone diameter for
clean silica sand.
4.2 Formula
To combine all the previous findings, the creation of a new formula is proposed
comprising two separate components, which must be multiplied together: a) a formula that describes the steady state profile; and b) a formula that has values starting
at 0 and increasing to 1, which determines where the shallow penetration changes in
the steady state penetration.
Since the formula proposed by Jamiolkowski et al. (1988) is already relatively
simple, it was decided to use a similar format. Using dimensional analysis, the following simple formula is proposed:
 '
qc ( z )  C1  m 
 pa 
with
pa  100kPa

C2

e 2.93 Dr  m '
(3)
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By curve fitting the available data from Senders (2008) to this formula and assuming that K0 has a typical value of 0.8, the values for C1 and C2 were found to be 22.5
and 0.5 respectively. If required, these values can be slightly adjusted as proposed by
Lunne et al. (1997) to describe different soils more accurately.
The second formula needs to go from 0 to 1, and should account for the influence
of the shallow failure mechanism on the cone resistance. As found in measurements
and indicated by Puech and Foray (2002), the development of cone resistance at shallow penetration not only depends on the penetration, z, but also on the width of the
penetrating object, dcone, the relative density of the soil, Dr, and the stress condition,
m'. It is proposed to use a formula in the form of:

f ( z)  1  e

C
 z
C3   m '  5



C4
d
p
 cone Dr  a 






(4)

The coefficients C3 through C5 fine tune the location of the normalised penetration
at which the maximum normalised cone resistance occurs.
Note that Equation 4 by itself does not determine at which depth the deep failure
mechanism starts. This depends on the multiplication of Equations 3 and 4. In the
right graphs of Figures 1 through 3 it can be seen that normalised cone resistance increases linearly for all z/dcone. Therefore the coefficients C2 and C5 must be very
similar and in this case be in the order of 0.5.
By combining all previous observations and fitting the proposed formula to the
available data, the following new prediction method is proposed:

 '
qc ( z )  22.5 m 
 pa 

0.5

 z 0.095   ' 0.5 

 m   

2 
d


cone Dr  pa 
2.93 Dr

e
 m ' 1  e 






(5)

5 COMPARISON WITH MEASUREMENTS
5.1 Bolton et al., 1999
Figure 1 shows the cone resistance measurements presented in Bolton et al. (1999) at
70-g in different centrifuge facilities as described in Section 3.1 (grey) together with
the predictions using Equation 5 for a sand with a relative density of 82% with two
cone diameters of 0.010 and 0.012 m (black).
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Figure 1: Influence of penetrating object width (after Bolton et al., 1999)

It can be seen that the prediction compares reasonably well with the measurements. Furthermore it is apparent that according to the proposed prediction method
the influence of the varying cone diameter is smaller than the bandwidth of the
measured data. This could explain why the influence of the cone diameter on the results was not identified by Bolton et al. (1999).
To visualise what the effect would be in cases where a prototype cone would have
been used in these tests, a prediction is included in Figure 1 for a cone with a diameter of 36 mm (red). From the prediction it is obvious that the results would have
changed significantly. Unfortunately no data is available to check this.
Figure 2 shows the cone resistance measurements of Bolton et al. (1999) for various
g-levels as described in Section 3.1 (grey) together with the predictions using Equation 5 (black). It can be seen that the predictions follow the trends of the measurements, and that the values agree well up to 0.2 m penetration, certainly for the higher
g-levels. This shallow penetration is the most important data for laboratory (or centrifuge) testing, since most tests will be performed within this depth. Beyond this penetration depth the predictions and measurements start to diverge, although the differences in percentage remain small. A realistic reason for the deviation is the fact that
the data gathered beyond 0.2 m penetration might be influenced by the bottom of the
strongbox. However, the main reason for this comparison was to check whether the
influence of stress level is correctly encapsulated in the new prediction method. It
can be concluded that this is the case.
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Figure 2: Influence of stress level, after Fig 9 (Bolton et al., 1999)

A better fit between measurements and predictions is established by varying the
value of Dr and changing the coefficients C1 and C2 from the prediction formula. To
maintain uniformity in all comparisons a decision was made not to do this and present only the predictions made with the exact formula as presented in Equation 5.
5.2 UWA centrifuge tests (Senders, 2008)
The last check is made on the cone resistance profile as described in Senders 2008.
Figure 3 shows the measured (normalised) cone resistance (grey) and predictions
with the proposed formula assuming a relative density, Dr, of 0.9 (black). It can be
seen that the measurements and the predictions compare very well with each other.
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6 CONCLUSIONS
In this paper a method has been presented to convert a cone resistance profile measured in the laboratory with a certain cone diameter in clean uniform sand into a cone
resistance profile valid for another cone diameter. The method used for this conversion led to the creation of a formula, which can be used to generate a general cone
resistance profile taking into account the width of the penetrating object, the stress
conditions and the relative density of the sand.
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TСРТ in permafrost: penetrometer - soil thermophysical interaction

O.N. Isaev,
NIIOSP, Moscow, Russia

I.B. Ryzhkov
BashNIIstroy, BGAU, Ufa, Russia

ABSTRACT: In order to adequately interpret CPT data, obtained in permafrost, it is
important to assess the nature and specific features of penetrometer-soil thermal
interaction. The paper presents results of experimental and theoretical studies of
penetrometer interaction with frozen soils both during driving and stopping. Two
penetrometer types were used for the experiments; one registered cone resistance and
sleeve friction resistance as well as penetrometer temperature with the help of
temperature sensors, located in the cone, the second one registered only penetrometer
temperature with the help of temperature sensors, located in the cone (one) and along
the side surface (three). The tests were conducted at constant driving rate and in creep
relaxation mode (“stabilization”). A thermal model was proposed that explained the
extraordinary penetrometer temperature drop effect. Comparison of penetrometer
temperature curves enabled elaboration of a method for determining soil temperature
in situ, based on application of penetrometer temperature stabilization coefficient.

1 INTRODUCTION
Cone Penetration Test (CPT) is widely applied for measuring geotechnical properties
in unfrozen soils in geotechnical engineering.
CPT has recently been used for testing frozen soils. It has no disadvantages
compared to traditional in-situ laboratory methods of engineering and geocriological
investigations. In-situ geotechnical soil tests in permafrost are difficult, expensive
and time-consuming. Laboratory tests have extra difficulties, such as;application of
refrigerators, preserving samples integrity during long-distance transportation.
Frozen soils are mostly tested with tenso-penetrometer, equipped with an extra
temperature sensor. The authors believe that such penetrometer tests should be
classified as a special type of tests i.e., in international classification such tests could
be called «Cone Penetration Test with Temperature Measurements» (TCPT).
TCPT can successfully be used in plastic frozen soils to evaluate soil strength
and deformation characteristics, bearing capacity, settlements, pile design option
feasibility and soil state evaluation (frozen or thawed). But, so far, TCPT has not
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been applied on a broad scale. There have been some reasons for this, such as
inadequate knowledge of thermophysical aspect of TCPT application in frozen soils.
This paper describes the influence of the main technological and geological
factors on thermophysical “penetrometer - frozen soil” system interaction.

2 THERMOPHYSICAL MODEL OF “PENETROMETER - FROZEN SOIL”
INTERACTION
In permafrost TCPT has two phases. The first one is penetration at constant rate. The
second phase is cone “stabilization” (after stop) with its freezing in the frozen soil.
To describe thermal penetrometer-frozen soil interaction a thermophysical model
has been proposed, based on the following assumptions: soil is anisotropic;
penetrometer is a solid piece of metal; heat is released or absorbed at the
penetrometer-frozen soil interface and is proportional to their thermal conductivities.

2.1 Constant rate of penetration phase
The penetrometer initial temperature θcv is equal to in-situ soil temperature θs.
Penetrometer-frozen soil friction generates heat, absorbed by the cone. Metal thermal
conductivity is much higher than that of soil, therefore, the released heat is absorbed
by the cone. Let us assume that heat flow density around the penetrometer cone is Qfc
and along the friction sleeve is Qfs.
Cone penetration generates soil stresses, which lower ice melting point (phase
transition) θpt by ≅ 0,075∆σ, where ∆σ (MPa) is normal stress variation on the
penetrometer surface. Silty soil temperature θpt stays within −0.1 to−0.2 oC range insitu. θpt value on penetrometer surface can be derived from qc value. The δ thick
layer around penetrometer melts ice if θs > θpt. This phase transition probability was
evaluated by empirical “θs − qcv” dependence, obtained in plastic frozen soils. Phase
transition occurs when θs ≅ −0.1...−0.5 oC. In situ soil temperature θs probability is
greater than phase variation probability.
Melting in phase transition layer (pt-layer) generates heat flow from penetrometer
to pt-layer. Heat flow density around penetrometer cone is Qmc and along friction
sleeve is Qms.
Penetrometer cone (or friction sleeve) is heated when phase transition heat flow
density Qmc (Qms) is less than friction heat flow density Qfc (Qfs). And if penetrometer
(or friction sleeve) cools down it occurs vice versa. Predominance of one of these
processes depends on geological and technological features. Evidently, there is a
certain critical pt-layer thickness δc (δs) when Qmc = Qfc (Qms = Qfs).
It is more probable that when penetrometer starts moving, Qm and Qf are not
equal. This gives rise to temperature gradient between penetrometer and frozen soil
and heat flow between them that lowers temperature gradient. Heat transfer flow
density is
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Qt = - λ grad θ

(1)

where λ is convective heat transfer coefficient, grad θ is temperature gradient.
After a certain time period penetrometer temperature reaches equilibrium state
i.e., θcv= θcb with
Qt = |Qm − Qf|

(2)

2.2 Penetrometer “stabilization” state
When driving ends the temperature gradient is |θcb – θs| that levels penetrometer
temperature θcs to in-situ soil temperature θs. To describe this process the wellknown equation for cooling (or heating) of a solid in a medium at constant
temperature can be used
(θcs− θs)/( θcb − θs) = exp(-2iαts /ρcds)

(3)

where θcs is penetrometer temperature at moment ts after penetration stop; ρ and c are
soil density and specific heat; i is dimensionless parameter, i≈3 for cone, i≈2 for
friction sleeve; ds is penetrometer diameter.
Based on equation (3) with “ts − θсs” curve involved it is possible to calculate insitu soil temperature θs. Evidently, equation (3) is better for unfrozen soil and for
frozen soil with no pt-layer.
Heat interaction, when pt-layer is formed around penetrometer, is the most
complicated case. After penetration stops in the process of “stabilization”,
compression stress reduces around the penetrometer and freezes pt-layer that
generates heat flow from pt-layer to the penetrometer. Notably, during the first three
seconds cone resistance qcs lowers by 20 to 40 %. Hence, this heat flow duration
should be short.
3. EXPERIMENTAL STUDY OF “PENETROMETER − FROZEN SOIL”
THERMOPHYSICAL INTERACTION
3.1 Equipment and procedure
The tests were staged in Vorkuta, Labytnangy on plastic frozen soil, typical for the
regional geology. The soils were frozen silty and clayey with l5 to20% gravel
inclusions. In-situ soil temperature was from 0 to −1oC , but sometimes as low as −2
o
C. The permafrost soils were tested with the help of mobile unit S-832M in
penetrometer “stabilization” mode. The maximum testing depth was 20 m.
In the course of investigations the measuring apparatus AISG-1M was improved.
It included thermometrical strain gauge penetrometer (TСРТ-penetrometer) for
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measuring soil resistance to cone penetration and sleeve friction as well as the
temperature of the penetrometer cone (see Fig. 1).

Figure 1. Design of TCPT-penetrometer cone.

Brief historical reference: BashNIIstroy firstly proposed TСРТ in 1981 within the
framework of Gosstroy dedicated program OC.031. In 1983 TСРТ-penetrometer was
tested in permafrost (Vorkuta) and a concept of soil in-situ temperature measurement
during “stabilization” phase was proposed.
Also a simple thermo-penetrometer (Т-penetrometer) was developed (see Fig. 2). It
had standard size. One temperature sensor was built-in the cone, and the other three
temperature sensors were installed on the shaft lateral surface.

Figure 2. Thermo-penetrometer.

Penetrometer “stabilization” test procedure included four stages:
- penetrometer driving at 0.5 m/min rate;
- penetrometer “stabilization” at certain depth, coinciding with termination of
hydraulic fluid feeding into hydraulic jacks that resulted in soil resistances
deterioration and penetrometer freezing in frozen soil;

204

- penetrometer redriving to 0.1 m depth after freezing;
- disconnection of the shaft hydraulic clamp, raising the clamp and adjusting the
rod to new level.
Parallel to penetration tests soil temperature was measured in thermo-metrical
boreholes.
3.2 Results of experimental investigations
The impact of technological and geocryological factors on penetrometer
thermophysical interaction with frozen soil was investigated.
Constant rate of penetration phase. The data and obtained results in frozen soils
in constant rate of penetration tests indicated that the penetrometer temperature can
rise and decrease (see Fig. 4). The rate of penetrometer cooling and heating (θcv − θcs)
varied within −0.3 to +1.1 oC range. It was registered that the penetrometer cooled
down (θcv < θcs) mainly within in-situ soil temperature θs range from −0.15 to
−0.5 oC. At lower soil temperatures the penetrometer temperature increased (θcv >
θcs). The lower was the in-situ soil temperature the greater was the heating rate.
Penetrometer tip and side surface temperature rose at about the same rate. In thawed
soils penetrometer heating rate (θcv > θcs) varied roughly linearly versus cone
penetration resistance (see Fig. 3). When cone penetration resistance qcv changed
from 0.1 to 14 MPa the heating rate varied within +0.1 to +8.5 oC range.
Penetrometer “stabilization” phase. Penetrometer temperature “stabilization”
“ts − θcs” curves had complicated character. It was especially so within in-situ soil
temperature −0.1 to −0.7 oC range, where inflection points were observed on the
curves. Such points appeared within initial 5 minutes of “stabilization”. This is why
it was impossible to determine in situ frozen soil with the help of equation (3).

Fig. 3. Dependence of penetrometer cone
heating rate on thawed soil resistance
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Fig. 4. Thermo-penetrometer temperature
variation rate versus frozen soil temperature

Usually, penetrometer temperature reached in-situ soil temperature θs in 10 to 20
minutes. The temperature curves were compared with borehole thermometry data.
The 0.01 oC/min reduction rate criterion was established via the comparison. Mean
square root error was 0.07 oC.
4 RECOMMENDATINS FOR USING TCPT− PENETROMETER
TCPT-penetrometer data, compared with borehole thermo-metrical data, enabled
reduction of cost, labor and time of in-situ soil temperature measurements.
Large volume of temperature data at different locations and depths could be
measured efficiently on site. The obtained data were digitized on PC to plot 2D
temperature profiles and isotherms. 3D profile with isotherm surfaces was also
obtained.
TCPT is an efficient quick-look technique to investigate and monitor soil beds in
the period of construction for timely project design updating. TCPT is a very useful
tool for monitoring the thawing of frozen soil beds prior to and in the course of
construction period. It allows monitoring of thawed zone boundary variations and
soil consolidation rate (by measuring cone resistances) under its own weight.
In emergencies TCPT-penetrometer could be a unique tool for quick-look
monitoring of soil temperature profiles. It is especially so, as borehole thermometry
needs certain time for temperature to level up after drilling.
The penetrometer can be applied in Arctic regions for hydraulically filled islands
and drilling platforms. Its application for investigation and monitoring of cryogenic
processes is very promising.
Practical permafrost engineering needs on-line data of soil condition (frozen or
thawed). It is also important to obtain data on soil salinity and the content of
vegetation impurities. The techniques, developed by the authors, enables monitoring
of soil condition by measuring soil resistances to cone penetration.

5 CONCLUSION
This paper shows that thermophysical interaction between penetrometer and frozen
soil yields important effects due to ice presence in frozen soil. e.g. penetrometer
could be cooled while being driven into frozen soil. This phenomenon was
quantified with the help of a thermophysical model. These effects should be taken
into consideration when using CPT data for evaluating geotechnical properties of
soils, needed in permafrost engineering practice. TCPT enables efficient and costeffective soil temperature monitoring in situ during “stabilization” period.
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Evaluation of cementation effect of sand using cone
resistance
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ABSTRACT: In this study, the cone resistance of cemented sand is measured by performing a series of miniature cone penetration tests on the specimens prepared in a
calibration chamber. The cementation effect is induced artificially with 5~10% gypsum content of sand weight. It is observed from the experimental results that the cone
resistance of sand increases with increasing gypsum content. However, the cone resistance does not appear to properly evaluate the deformation modulus of cemented sand
due to the damage of cementation bonds induced during the cone penetration. The
M/qc ratio of cemented sand is much higher than that of uncemented sand while it is
gradually reduced with increasing cone resistance. Although the constrained modulus
of sand increases significantly with the cementation, the relative density and confining stress seem to have more considerable effects on the cone resistance than constrained modulus. The ratio of cone resistance of cemented sand to that of uncemented sand is almost linearly related to the cohesion intercept normalized by vertical
effective stress.
1 INTRODUCTION
The cementation, which involves the formation of contact bonding between particles
caused by the precipitation of bonding materials from the solution, causes an increase
of the CPT penetration resistance and deformation modulus of sand. Cementation has
been known to cause an increase in the peak strength and stiffness of soil. The increase of penetration resistance due to cementation results in the overestimation of
the relative density and friction angle (Puppala et al., 1995; Marchetti et al., 2001).
Therefore, in many geotechnical problems, the cementation effect, which induces a
cohesion component in granular soil, is one of the dominant factors on the behavior
of soil.
A few cone penetration tests were reported on naturally cemented sediments (Beringen et al., 1982; Danziger et al., 1998; Puppala et al., 1998; Schnaid et al., 1998).
However, the evaluation of the cementation effect using in-situ penetration tests is
difficult due to non-homogeneity and unknown cementation level of natural sediments. Therefore, it has been necessary to carry out the calibration chamber test by
preparing an artificially cemented specimen under strictly controlled conditions. A
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few studies have been performed to evaluate the cementation effect on cone penetration test using laboratory calibration chamber (Akili and Torrance, 1981; Rad and
Tumay, 1986; Akili and Al-Joulani, 1988; Puppala et al., 1995). In general, it had
been shown that the cementation causes an increase of the cone resistance and sleeve
friction, with a decrease of the friction ratio.
In this study, CPTs are carried out on an artificially cemented specimen prepared
using a large calibration chamber in order to investigate the effect of cementation on
cone resistance. A series of 1-dimensional compression tests is also performed to evaluate the deformation characteristics of cemented sand. And the cohesion intercept of
cemented sand is obtained from a series of triaxial tests. By analyzing the experimental results, the relationships between the cone resistance, cohesion intercept, and deformation modulus of cemented are investigated.
2 EXPERIMENTAL PROGRAM
2.1 Materials
K-7 sand, which is artificially crushed from a parent rock, was used in this study. Particle size distribution and basic properties of K-7 sand are presented in Figure 1 and
Table 1. This sand is classified as SP in the unified soil classification system (USCS)
and the mean particle size (D50) is 0.17mm. Gypsum, generally used for manufacturing ceramics, was used as the cementing agent in this study because the behavior of
gypsum-cemented sand is known to be similar with that of naturally cemented sand
(Ismail et al., 2002). The compressive strength of gypsum cured at a water content of
40% is about 20MPa.
Table 1. Engineering properties of K-7 sand.
Gs

D10(㎜)

D50(㎜)

Cu

Cc

emax

emin

USCS

2.647

0.09

0.17

2.111

0.988

1.054

0.719

SP

Figure 1. Particle size distribution of K-7 sand
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2.2 Miniature cone penetration test
The cemented specimens were prepared in a double wall calibration chamber of 1.0m
in height and 1.2m in diameter. The chamber system has a piston at the bottom, and a
top plate with adaptors. The hydraulic pressures in the inner and outer cells of the
chamber control the horizontal boundary condition of the specimen. Vertical stress is
applied by the piston assembly located below the specimen. For the fabrication of a
uniform sand specimen in the chamber cell, a rainer system, which consists of a 1.0m
high split mold, a 1.0m high extension tube, a 1.2m high sand storage and two diffuser sieves, is used.
To minimize the particle segregation between the sand and gypsum particles during air-pluviation, the pre-wetting method proposed by Rad and Tumay (1986) and
Puppala et al. (1995) was adopted in this study. An amount of water equivalent to
0.5% water content is manually mixed with dry sand. After, 5, 7, and 10% weight of
gypsum is added to the pre-wetted sand, both materials are re-mixed. After pluviating
the sands or sand-gypsum mixtures, the chamber system is assembled, and then vertical stress and the corresponding K0 horizontal stress are applied to the specimen under boundary condition 1 (σv' = constant, σh' = constant). To induce the cementation
of the sand-gypsum mixtures, distilled water is injected from the bottom of the specimen with 30kPa pressure after the application of the confining stress, and the specimen is cured for 24 hours. After curing, the miniature cone penetration test is performed. The miniature cone, which has a 2cm2 cross-sectional area, 40cm2 area of
friction sleeve, and 60° apex angle, is used to remove the boundary effects on the
cone tip resistance. The miniature cone is penetrated through the center of the specimen at a penetration rate of 2cm/sec.
2.3 One dimensional compression test
The constrained modulus of a cemented specimen is obtained from one-dimensional
compression tests in an oedometer cell of 74mm in diameter and 45mm in height.
Cemented specimens are prepared by air-pluviating the sand-gypsum mixture in the
cell. After applying vertical stress (50, 100, 200kPa), the distilled water is supplied
through the bottom of the specimen for curing. The specimen is cured for 24 hours,
and then the vertical load is incrementally increased to measure the vertical stressstrain relation, from which the constrained modulus is evaluated.
2.4 Triaxial tests
To prepare a cemented specimen for triaxial test, the sand-gypsum mixture is airpluviated in a steel mold of 70mm in diameter and 150mm in height, and a
50~200kPa sitting pressure is applied to the specimen. Cementation is induced by
circulating distilled water through the specimen. After 24 hours of curing, the specimen is assembled in the triaxial cell. 500ml of carbonated water is flushed through
the specimen bottom to displace the air presented in voids and, then, 500ml of deaired water is flushed from the specimen bottom. B values of at least 0.93 are obtained by applying the back-pressure up to 300kPa. Isotropic consolidation pressure is
applied up to 50~400kPa, and the strain-controlled shear tests (CID) are performed
with a 0.1%/min strain rate. From the test results, the cohesion intercept of cemented
sand is calculated.
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3 TEST RESULTS AND ANALYSIS
3.1 Cone resistance of cemented sand
The cone resistance of the granular soil has been known to be the function of state variables, such as the density and stress level. Figure 2 shows the variation of cone tip
resistance of K-7 sand, which is compared with that of typical quartz sand of various
compressibility from Jamiolkowski et al. (1985). It is observed that the qc-DR-σv' relation of uncemented K-7 sand roughly matches to that of highly compressible quartz
sand. For the sands with same relative density, the cementation by 5~10% gypsum
content is observed to induce a significant increase in the cone tip resistance. It is important to note that the cone tip resistances of cemented K-7 sands by 7~10% gypsum
content mostly locate below the qc-DR-σv' relation of quartz sands with low compressibility. It means that the cementation process considerably reduces the compressibility of granular soil and the cementation is a more influential factor to the deformation
modulus of sand than the density and stress level are.

Figure 2. Effect of cementation of K-7 sand represented in qc-DR-σv' relation.

3.2 Evaluation of M from qc
Lunne and Christophersen (1983) analyzed the results of CPTs on normally consolidated unaged uncemented silica sand and proposed the linear relation between constrained modulus and cone resistance. In this study, a linear M-qc relation for uncemented K-7 sand is obtained as Equation 1.
M  2.93qc  4.66

(1)

Also shown in Figure 3 is the comparison of M measured by a 1-D compression test
on cemented sand with M estimated using Equation 1, which is believed to be adequate only for uncemented sand. It is observed that Equation 1 underestimates the M
values of cemented sands by 68~87% and provides smaller values than those measured by one dimensional compression test. From these observations, it can be concluded that cone penetration tests cannot adequately evaluate the deformation characteristics of cemented sands even though the cementation effect is reflected in the
penetration test results to a certain degree. Therefore, when the constrained modulus
is estimated by in-situ penetration tests without considering the cementation of granu-
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lar soils, it is likely to significantly underestimate the deformation modulus of in-situ
ground.

Figure 3. Under evaluation of constrained modulus of cemented sand.

3.3 qc-M relation of cemented sand
In general, the factors affecting the behavior of granular soil show different degrees
of influence on in-situ test results. Figure 4 is a plot of the M/qc vs qc relation for both
uncemented and cemented K-7 sands. It is shown that the ratio M/qc of uncemented
K-7 sand ranges within 3.0~5.4. It is also noted that the ratio of M/qc of cemented
sand is 3~14 times larger than that of uncemented sand at the same cone resistance.
This is because the cementation causes a larger increase in the constrained modulus
than the cone resistance. It is also observed in Figure 4 that the M/qc ratio of cemented sand gradually decreases as the cone resistance increases. The gradual decrease in the M/qc value with qc is due to the different degrees of influences of the
density and stress level on the penetration resistance and deformation modulus. In
other words, the increase in density and effective stress induces a larger increase in
the cone resistance than the constrained modulus.

Figure 4. Variation of M/qc ratio of cemented and uncemented sand.
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3.4 Effect of cohesion intercept on qc
An extensive investigation about the cementation effect on cone tip resistance was
performed by Puppala et al. (1995), in which the 1~2% Portland cement was used as
a cementing agent to prepare Monterey sand specimens in a calibration chamber. In
Figure 5, for the cemented K-7 sand of DR=51~60% and cemented Monterey sand of
DR=47~54%, the ratio of the cone resistance of cemented sand (qc(cs)) to that of uncemented sand (qc(us)) under same state variables is presented to evaluate the cementation effect. It is observed that the effect of cementation on cone resistance is larger for
the K-7 sand than for the Monterey sand. Puppala et al. (1995) performed the CPTs at
the confining stress of 50~300kPa, which was applied after the completion of specimen cementation under zero sitting stress. And the cohesion intercept of the cemented Monterey sand appears to be lower than that of the cemented K-7 sand. It is,
therefore, likely that the cementation bonds of Monterey sand is damaged due to the
application of the confining stress and the qc(cs)/qc(us) ratio of Monterey sand increases
with increasing stress level. Whereas, this study performed all the cementation
process and penetration tests on K-7 sand without changing the stress level and,
therefore, the qc(cs)/qc(us) ratio of cemented K-7 sand decreases with increasing stress
level. The stress level existed during the cementation process and the change of stress
level after the cementation should be considered differently because the cementation
bonds is likely to be degraded due to the increase of stress level on the specimen.

Figure 5. Effect of cohesion intercept on the increase in cone resistance of cemented sands.

The increase in cone resistance of cementation sand compared with that of uncemented sand results from the cohesion intercept induced by cementation bonds.
Therefore, the ratio of cone resistance between the cemented and uncemented sands
is related to the normalized cohesion intercept by vertical effective stress, as shown in
Figure 6. It is shown that the ratio of cone resistance linearly increases as the normalized cohesion intercept does. From the regression analysis, a relation between
qc(cs)/qc(us) ratio and cohesion intercept is expressed as follows:
qc ( cs )
qc ( us )

 3.15

c ' / pa
1
 v ' / pa

(2)
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Figure 6. Relation of cohesion intercept and the ratio of cone resistance.

4 CONCLUSIONS
A series of CPTs are performed on artificially cemented K-7 sand specimens to
investigate the cementation effect on the cone resistance and deformation modulus.
Despite the qc-DR-σv' relation of uncemented K-7 sand roughly matches to that of
highly compressible quartz sand, the cementation by 5~10% gypsum content induces
a significant increase in the cone tip resistance. Even though the cementation effect is
reflected in the penetration test results, the deformation modulus of cemented sands is
underestimated when using the empirical relations previously suggested for uncemented sands. The M/qc values of cemented sand are significantly larger than those
of uncemented sand as the cementation causes a larger increase in the deformation
modulus than the cone resistance. The M/qc ratio of cemented sand gradually decreases as the cone resistance increases because the increase in density and effective
stress induces a larger increase in the cone resistance than the constrained modulus. It
is observed that the ratio of cone resistance of cemented sand to that of uncemented
sand linearly increases as the normalized cohesion intercept does.
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Virtual Calibration Chamber CPT on Ticino sand
J. Butlanska, M. Arroyo & A. Gens
Department of Geotechnical Engineering, UPC, Barcelona, Spain

ABSTRACT: The following paper summarizes results of CPT’s performed in virtual
calibration chamber (VCC) built with a 3D model based on the distinct element method (DEM). A discrete material tailored to mimic Ticino sand is tested at different
densities, stress and stress history. The limit cone tip resistance from the numerical
experiments shows quantitative agreement with different empirical curves summarizing previous tests on Ticino sand in physical calibration chambers (ENEL and
ISMES).

1 INTRODUCTION
The cone penetration test (CPT) remains to this day one of the major devices for geotechnical site characterization. While interpretation of the test results in clay has advanced considerably from the theoretical and numerical point of view that of tests in
sand still relays largely on empirical correlations. A major source of such correlations is
done in calibration chambers (CC), where soil state and properties can be controlled.
Arroyo et al (2009) describe in detail how a virtual calibration chamber (VCC) might
be built using a three-dimensional model based on the discrete element method (DEM).
Results from physical tests in Ticino sand (Jamiolkowski et al. 2003) were employed to
check the proposed procedure. It was shown that under isotropic confinement stresses
and boundary conditions of the BC1 type (σv = const, σr = const) the VCC results were
in good quantitative agreement with the predictions of the empirical equations based on
the physical tests.
In this paper, after recalling some previous results, further numerical experiments using the VCC are presented. The methodology is applied again to Ticino sand but, this
time, under non-isotropic confinement and using both BC1 and BC3 (σv = const, εr = 0)
boundary conditions. Also the influence of the CPT rate of penetration is explored
through a specific test series.
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2 METHODOLOGY
2.1 Numerical method
The PFC3D code developed by ITASCA was used to perform all simulations mentioned
in this paper. The code follows closely the discrete element method introduced by Cundall & Strack (1979). The model is composed of distinct particles that displace independently of one another, and interact only at the contact or interfaces between particles.
The particles are assumed rigid with no ability to rotate. The contact law employed is
lineal elasto – plastic. The normal and tangential stiffness at any contact, kn and ks, are
described by the following scaling rule:

k N  2 K eff

D1 D2
D1  D2

(1)

kS   k N
where Keff , α = parameters to be calibrated. The plastic part of the contact law is given
by the interparticle friction angle, Φμ. No cohesion was included in the contact model.
Our simulations also employed non–viscous damping, δ, to achieve rapid convergence.
2.2 Model calibration
The numerical model used for calibration was designed as a small cubical sample with
side of 8 mm, contained 4700 particles with the grain size curve showed in Figure 1
(DEM curve-fitted). The specimen was built to specified porosity using radius expansion method (REM, Itasca 2005).

Figure 1. Grain size distribution of Ticino sand and DEM models

The material parameters that require calibration are only interparticle friction (Φμ),
those related to stiffness (Keff, α) and damping (δ). These parameters were determined
by trial and error in order to provide a best fit to a single isotropically compressed
drained triaxial test (TEST M09) confined at 100 kPa and formed with DR = 75%. The
best fit was found with parameters: Keff = 300 MN, α = 0.25, δ = 0.05 and μ = 0.35
(equivalent to an interparticle friction angle, Φμ=19.3º). The adequacy of these calibration parameters was verified by simulating a variety of triaxial tests at differing confinement and initial density (Arroyo et al. 2009).
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2.3 VCC CPT
The cone angle is 60º and is modelled as perfectly rough. The cone shaft is described
with four successive rigid cylindrical walls, which first three of them (h = 0.1 m each)
are frictional and the last one frictionless. Sleeve friction was measured only as the friction against the first frictional segment. The geometry of the numerical calibration
chamber (VCC) is cylindrical, given by its height H and diameter Dcc. Dimensional
analysis of the problem (Arroyo et al., 2009) quickly reveals that an unmanageably
large number of particles are needed if the VCC tries to mimic the physical tests.
Table 1. Summary of geometrical characteristics of CC
Dimension
Units
physical CC
numerical VCC
Dcc
[m]
1.2
1.2
Hcc
[m]
1.5
0.7

Numerical constraints thus required a certain reduction in chamber height (Table 1).
More importantly, they also required scaling up the mean grain size. The material filling
the virtual chamber was a scaled Ticino Sand where grain size was multiplied 50 times
to achieve a manageable number of particles. This resulted in 65,000 elements in the
densest specimens, almost an order of magnitude more than the number employed in
previous 2D studies (Ma 1994, Calvetti & Nova 2005 and Jiang et al. 2006). The grain
size curve of the material in the VCC is shown in Figure 1 (DEM VCC (after REM)).
Several sizes of cone tip were employed; however most of the penetration tests were
performed with cone tip of 71.2 mm in diameter. That is double the cone diameter used
in the experimental calibration chamber tests (35.6 mm). The ratio (Rd) between calibration chamber (Dcc) and cone diameter (dc) in those conditions is 16.8.
2.4 Testing program
Results from three tests series are presented in the following. The main test series (Series I, for details see Arroyo et al. 2009) was performed under BC1 boundary conditions, and examined relative densities of 75% and 90% under initial isotropic stresses
ranging from 60 to 400 kPa. The second series, (Series II) was performed on dense
samples (DR > 90 %) at different stress states after anisotropic consolidation (K0conditions) under two different boundary conditions (BC1 & BC3). The third series
(Series III) was performed with the specific aim of exploring the influence of penetration rate on the test results.
The boundary condition nomenclature here employed is that usual when discussing
CC tests: BC1 means a test where all the stress components are constant during penetration; BC3 means a test where vertical stress is kept constant and no radial deformation
is allowed during penetration.
3 RESULTS
3.1 Raw results and data processing
The cone penetration tip resistance curves recorded for test Series I can be seen in Figure 2a. As expected, the cone tip resistance increases with confining pressure and relative density. However, the graphs are quite noisy, with large oscillations. The steady
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state observed in the experimental CC research was not easily observed in the numerical
simulations. That numerical noise, however, can be filtered out easily. To do that, a
steady state cone resistance is extracted from the raw penetration curves by fitting them
to the following expression:

qc ( h )  a  (1  e  bh )

(2)

where a = steady state cone resistance (qc,lim); b = fitting parameter; h = penetration
depth; and qc = recorded cone tip resistance. A graphical example of the curve fit for the
extraction of limit cone resistance can be seen in Figure 2b.

Figure 2. Raw cone penetration resistance curves from test Series I: (a) tests with target DR = 75% and (b)
example of curve-fit for the extraction of limit cone resistance, Series I, p0=100kPa, DR=75%.

The main reason for the oscillatory noise in the numerical curves is the reduced cone
diameter to mean particle size ratio, (np = dc / D50). In the tests here discussed np is just
2.7, a value necessary to achieve manageable computations. Simulations with increasing cone diameter in a fixed chamber size (Arroyo et al, 2009) show that a np ≈ 8 already results in a very smooth penetration curve.
Just as in physical calibration chambers, a chamber size-effect needs to be accounted
for. For the BC1 tests here performed we use a correction factor, CF, based on Jamiolkowski et al. (2003):
CF  a  DR 

b

a  9 105 Rd2.02

(3)

b  0.565ln  Rd   2.59

The correction factor depends on the cone diameter ratio, (Rd = Dc / dc). Here Rd
=16.8 in all the numerical tests presented. For tests performed under BC3 conditions no
correction factor is applied.
3.2 Series I: comparison with existing empirical correlations
Jamiolkowski et al. (2003), using results from CPT tests on normally and overconsolidated physical samples of Ticino sand, proposed the following Schmertmann-type empirical correlation:
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C1

qc ,ref

 p' 
C2  DR
 C0  pa 
 e
 pa 

(4)

where pa = is the atmospheric pressure, DR = relative density and p’ = is mean effective
stress. For Ticino sand, the authors quoted propose C0 = 23.19, C1 = 0.56 and C2 = 2.97.
The numerical results in test Series I have no direct physical counterpart, since they
were performed after isotropic consolidation and not after K0 consolidation. However,
the numerical result, corrected for calibration camber size effect, can be compared with
the prediction given when the corresponding relative density and mean stress of the test
are input into equation (4). The results can be seen on Figure 3, where a rather good
agreement is observed.

Figure 3. Comparison of corrected cone resistance from isotropically confined DEM tests and the predictions of the empirical correlation obtained for Ticino sand Eq. 4.

3.3 Series II: comparison with tests on a physical CC
The numerical results of series II correspond to CPT tests performed after anisotropic
consolidation (K0 conditions) in the VCC. The initial conditions before CPT are collected in Table 2. These tests allow for a more direct comparison with physical CC results; indeed, Table 2 presents a list of numerical and physical tests from the
ENEL/ISMES database. Differences between a numerical test and its counterpart in relative density are within 2%; those in stress are slightly higher (within 15%, averaging
8%), but, according to equation (4) carry less weight.
Table 2. Summary of the numerical tests in Series II and their physical counterparts
TEST ID
BC OCR
DR
σv
σr
qc,lim/qc,exp
[-]
[.]
[%]
[kPa]
[kPa]
[MPa]
(num/exp)
(num/exp)
(num/exp)
(num/exp)
CF
NUM1/T140 1
1
93.9 /92.62 121,6
48.69 /54.1
6.495/18.7
NUM2/T161 1
1
93.9 /95.53 212.1
78.69/88.3
10.291/26.4
NUM3/T163 1
1
96.8/95.82 313.0 109.91/132.7
13.037/32.3
NUM4/T141 3
1
93.9 /92.52 121,6
48.69 /53.2
24.440/22.6
NUM5/T162 3
1
93.9/95.53 212.1
78.69 /89.9
35.410/29.3
NUM6/T164 3
1
96.8/95.47 313.0 109.91/132.3
40.797/34.6
NUM7/T160 1
3.396 93.4/94.97
62.3
38.05 /46.1
5.872/16.6
NUM8/T148 3
3.545 93.4 /93.78
62.3
38.05/46.3
18.519/16.7
NUM9/T77
3
2.800 90.8 /90.85 113.7
61.55 /83.4
24.324/26.2
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qc*DEM/qc*CC
[MPa]
corrected for
16.31/32.18
25.84/45.65
33.75/56.10
25.41/22.57
35.41/29.28
40.80/34.57
14.66/28.20
18.52/16.68
24.32/26.20

Typical comparisons between the numerical cone penetration curves and their physical correlates are shown in Figure 4. The results from tests under BC3 conditions can be
compared directly with their physical counterparts, since there is no calibration chamber
size correction to be applied. A fair agreement is observed (Figure 4b). On the other
hand, tests under BC1 conditions need to be corrected for chamber size effects and the
correction is different for the numerical tests (with Rd =16.8) and the physical tests
(where Rd = 33.7). As shown in Figure 4a there is a sizeable discrepancy between the
corrected numerical and physical results, although, perhaps haphazardly, the corrected
numerical result falls on top of the uncorrected physical curve.

Figure 4. DEM VCC cone penetration curves and physical parallel tests on Ticino sand (a) test T161 BC1
(b) test T162 BC3

Figure 5. Comparison of corrected cone resistance from DEM VCC CPT (Series II) and physical parallel
tests on Ticino sand

The results just commented are typical for all tests in Series II. As shown in Figure
5, there is a striking difference in behavior between the numerical tests performed under
BC3 conditions which compare fairly well with the physical counterparts and those performed under BC1 conditions, which give corrected cone resistances 50-60% of those
corresponding to their physical counterparts.
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3.4 Influence of velocity rate on CPT
In the physical CC the penetrometer was normally inserted into the ground at
20mm/sec. However, it is numerically convenient to increase the penetration rate, while
still ensuring that inertia effects are second order. To explore this issue a parametric
analysis including seven velocity rates in the range from 20 to 500mm/sec was performed. The numerical model was prepared under one dimensional compression with σv
= 121.6 kPa and K0 = 0.400, e0 = 0.611. The penetration was performed under BC1
boundary conditions. It was observed, (Figure 6), that penetration rate had a very minor
effect on the cone penetration resistance. The mean value was 6.29 MPa and the standard deviation of 0.13. Apart form this series all the other numerical simulations here
presented have been performed with a penetration rate of 100 mm/sec.

Figure 6.Influence of penetration velocity on cone resistance.

4 DISCUSSION
Series I included some tests performed at high relative density (above 90%) that are directly comparable (except for the different consolidation procedure employed) with the
BC1 tests in Series II. When the numerical results (corrected for size effect) are plotted
against the prediction of the physically based correlation (equation 4) the behaviour of
the isotropically consolidated samples is clearly better than that of the anisotropically
consolidated ones (Figure 7). This seems to exclude as a cause of systematic error the
fact that the CC size effect correction factor has been extrapolated into a lower range
than that for which it was developed.

Figure 7. Comparison of virtual BC1 tests on dense Ticino sand with the empirical predictions for isotropically consolidated samples (Series I) and anisotropically consolidated samples (Series II)
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It is not clear at this stage why tests performed under BC1 conditions after anisotropic
consolidation are performing worst than both BC1 tests after isotropic consolidation and
BC3 tests after anisotropic consolidation. A possibility currently being explored relates
to the numerical implementation of the change in lateral boundary condition between
that prevailing in anisotropic consolidation (zero radial strain) and the BC1 (constant
radial stress).
5 CONCLUSION
To the best of our knowledge these are the first reported three-dimensional DEM based simulations of CPT. The quantitative agreement generally obtained with physical
experiments represents a remarkable improvement with respect to previous attempts,
whose 2D nature made a quantitative comparison difficult. Such agreement was obtained despite the simplification in particle shape and size distribution, behaviour and
model construction that were required to obtain practical results using a standardcapacity PC. It is clear that (a) the methodology here applied would likely need some
extensions to address other sands, particularly those for which grain crushing is important (b) some improvement in the implementation of boundary conditions BC1 after
anisotropic consolidation is necessary. However, our results suggest that by correcting
for the unavoidable differences of scale, it is possible to use the DEM method to simulate successfully the results of cone penetration tests performed in a calibration chamber
under controlled conditions.
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ABSTRACT: Cone penetration test (CPT) or piezocone penetration test (PCPT or
CPTu) has long been used to estimate the undrained shear strength of clays. However,
the undrained shear strength itself is not a unique measure of soil strength; different
laboratory or in-situ tests may give different undrained shear strengths for the same
soils. On the other hand, different cone factors associated with different interpretation
methods are used to correlate the undrained shear strength with CPT or PCPT measurements. This paper presents a statistical analysis of CPT or PCPT based methods
to correlate undrained shear strength with laboratory triaxial unconsolidated undrained compression results of soft deposits in the New Orleans area. The suggested
cone factors may be valuable to practitioners to evaluate undrained shear strengths for
New Orleans soft clays using CPT or PCPT results. On the other hand, the relationship without total overburden pressure correction shows excellent correlation with the
laboratory measured shear strengths. By looking at the failure mode as a triaxial compression rather than a cavity expansion, it may not be necessary for the total overburden pressure explicitly included in the undrained shear strength determination.
1 INTRODUCTION
Traditional cone penetration tests (CPT) or the piezocone penetration test with pore
pressure measurements (PCPT) are becoming increasingly popular nowadays to assist
subsurface investigations. One of the applications of CPT or PCPT soundings is to estimate the undrained shear strength of clayey deposits. Most PCPT can measure tip
resistance (qc), sleeve friction (fs) and pore water pressure (u1, at the cone tip or u2,
behind the cone base) simultaneously (Tumay, et al., 1981; Zuidberg, et.al, 1982). Although all the above measurements may be correlated to the undrained shear strength,
the tip resistance is usually the most frequently used quantity to estimate the undrained shear strength. It is widely accepted that the undrained shear strength may be
estimated using the following bearing capacity equation (Terzaghi, 1943):
s

(1)

225

where su is the undrained shear strength and qc is the measured tip resistance and σv is
the total overburden pressure. Nk is the cone factor, which a value of circa 9 has been
proposed based on measurements and analysis (Meyerhof, 1951; Skempton, 1951;
Tumay et.al, 1982). On the other hand, some researches tended to simply use a fraction of the measured tip resistance as the undrained shear strength:
su = qc/Nc

(2)

where su is the undrained shear strength, qc is the measured tip resistance while Nc is
the cone factor. Sanglerat (1972) observed that Nc may range from 10 to 20 and often
very close to a value of 15 for the soft clays of the Annecy area in France. Due to the
geometry of the cone penetrometer, it is recommended that the measured tip resistance be corrected for the pore pressure, u2, measured behind the cone base (Campanella et al., 1983). With qt designated as the corrected tip resistance accounted for
pore pressure effect, the above equations (1) and (2) can be re-written as equations
(3) and (4), respectively as follows:
(3)
su = qt/Nc

(4)

More recently, as the pore pressure measurement becomes more and more popular,
the undrained shear strength may be evaluated based on the excess pore pressure (Δu)
measured behind the cone (u2) using the following:
su = Δu/NΔu

(5)

where NΔu varies from 7 to 10 (Robertson and Robertson, 2006). The purpose of this
paper is to estimate the undrained shear strength using equations (3), (4) and (5) by
correlating with laboratory test results based on a test site in New Orleans. The soil
shear strengths were determined by laboratory triaxial unconsolidated undrained
compression tests (UU). A statistical analysis is performed to determine the best fit
cone factors for the test site in New Orleans using equations (3), (4) and (5).
2 SUBSURFACE CONDITIONS
Nine borings and PCPT’s were drilled or pushed along the centerline of the levee
over a distance of 2,000 ft located in east New Orleans, Louisiana. Shelby tubes were
used to retrieve undisturbed samples continuously at the boring location and the undisturbed samples were later transported to the laboratory for index and strength tests.
The top of the explorations is at approximate elevation +6 m and the bottom of the
explorations is located at about elevation -18 m. The water table appears to be near
elevation +2.4 m. The natural ground surface in the area is believed to be near elevation 0 to +2 m, above which fill materials (silty and sandy clay) were placed to raise
the existing levees. Similar soil stratifications were identified in all the nine borings
and PCPT’s. A representative boring log is presented in Figure 1a. At this boring location, the natural deposits are predominantly high plasticity fat clays; except that an
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organic clay layer appeared to be present between approximate El -6 to -8 m and that
a silt and sandy silt layer is located between approximate El -8 to -10 m. The associated CPT based probability soil types are shown in Figure 1b, using the computerized probabilistic soil classification technique by Zhang and Tumay (1999). The
PCPT based soil classification is generally in agreement with those identified in the
borings.
The index property tests include moisture content, Atterberg limits and unit
weight. The strength tests include numerous triaxial unconsolidated undrained compression tests (UU). The lab test results at this boring location are shown in Figures
2a through 2c. The PCPT measurements (tip resistance, sleeve friction, pore water
pressure (u2) and friction ratio, Rf) are presented in Figures 3a through 3c. Since this
study focuses on the cone factors based on statistical methods, all the laboratory UU
test data presented in Figure 4a are plotted against effective overburden. For each UU
test, the adjacent PCPT measurements at the same depth are presented in Figure 4b
(net tip resistance versus effective overburden) and Figure 4c (excess pore pressure
versus effective overburden). Since this study is interested in the cone correlations
(cone factors) in natural deposits, the test results within the fill materials were not included in Figures 4a through 4c. Similarly, the statistical (regression) analysis presented in the next section does not contain test data from those fill materials, either.
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Figure 1: (a) Boring Log; (b) CPT Probability Soil Type Percentage
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Figure 4: UU Strengths and PCPT Measurements vs Effective Overburden
3 RESULTS AND DISCUSSIONS
Table 1 summarizes the regression model parameters for the different correlations. n
is the total number of data points used in the regression model. Coefficient of determination (R2) generally indicates the index of fit, which means how much the sum of
squared errors can be reduced by using a regression line compared to baseline model
of always predicting mean. Mathematically, it can be expressed as
∑

(6)

where the mean of the observed dependent variables ,
is the predicted variable
corresponding to dependent variable Xi, SSR denotes regression sum of square and
SST is total sum of square. Thus for linear correlations, higher the value of R2 better
the fit of data against regression line. For perfect linear fit, R2 would be 1. However,
regression model in this study restrict the intercept and regression line passes through
origin.
(7)
As such R2 reported in the table are not directly comparable to that obtained with non
restricted model (Kvalseth, 1985):
(8)
Figure 5a, 5b and 5c present the predicted versus measured undrained shear
strength with statistical analysis by equations (3), (4) and (5), respectively. A 45o line
represents the best fit line and points scattered below or over this line indicate underestimation or over-estimation of undrained shear strength using proposed correlations. In general the PCPT predicted shear strengths correlate well with the triaxial
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unconsolidated undrained test results with the cone factors shown in Table 1. The
cone factor (Nkt) of 13.9 for equation (3) is between 10 to 15, which aligns with the
normally consolidated clay range pointed out by de Ruiter (1982). The cone factor
(Nc) of 23 for equation (4) is greater than 20, which is slightly out of the bound of 10
to 20 as observed by Sanglerat (1972). It’s believed that the reason is due to the use
of pore pressure corrected tip resistance. The cone factor of 8.6 using pore pressure
based equation (5) is within the 7 to 10 range as pointed out by Robertson and Robertson (2006). The coefficient of determination (R2) is 0.92, 0.95 and 0.88 for equations (3), (4) and (5) respectively. Based on the regression analysis results, it appears
that equation (4), which has no overburden correction, gives the least scattered correlation based on the tested data at the site. Equation (3), which has taken into account
the overburden pressure, has a slightly more scattered correlation than equation (4) by
comparing the R2 values. The correlation based on excess pore pressures (equation
(5)) shows more scatter compared to equations (3) and (4) when evaluating the undrained shear strengths at the selected site. Considering equation (3) is much more
widely used than equation (4), the fact that equation (4) actually yields a slightly better statistical correlation in this study is rather interesting to the authors.
Table 1: Summary of Regression Analysis
n

R2

Cone Factor

(3)

82

0.92

Nkt = 13.9

(4)

82

0.95

Nc = 23

(5)

82

0.88

NΔu = 8.6

Equation No.

Predicted Su (Mpa)

0.08

Model

Su=qt/Nk

Su = (qt-σvo)/Nkt

Su = (U2-U0)/NΔu

0.06
0.04
0.02
0
0

0.02 0.04 0.06 0.08
Measured Su (MPa)

0

0.02 0.04 0.06 0.08
Measured Su (MPa)

5(a)

5(b)

0.00 0.02 0.04 0.06 0.08
Measured Su (MPa)

5(c)

Figure 5: Predicted vs Measured Undrained Shear Strength
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The total overburden playing a role in the CPT or PCPT undrained shear strength
estimation has come from both bearing capacity and cavity expansion based interpretations (Meyerhof, 1961; Vesic, 1972). Compared to bearing capacity theory, cavity
expansion theory is more favored by many researchers since it can take into account
the soil deformation characteristics (Yu and Mitchell, 1998). However, the cavity expansion theory has its own limitations. Cavity expansion theories do not reflect the
shape and scale effects experienced in field observations (Tumay et al., 1982). It is
essentially a one-dimensional theory and thus restricts the dependence of field variables (i.e., displacements, strains, stresses, and pore pressures) to the radial coordinates only. Many researchers agree that the soil underneath the cone tip may fail
similar to the triaxial compression failure mode (Keaveny and Mitchell, 1986). The
undrained shear strength (Su) can typically be expressed as:
su = (σ1 ‐ σ3)/2

(9)

where σ1 is the major principal stress while σ3 is the minor principal stress. If the
cone tip resistance can simply be considered the principal stress increase, Δσ1, and if
the minor principal stress increase, Δσ3, can be assumed to be a fraction of Δσ1, equation (9) may be re-written as
su = (σ1o ‐ σ3o)/2 + (qt – Kqt)/2

(10)

where σ1o and σ3o are in-situ major and minor principal stresses, respectively. K is a
constant which relates the minor principal stress increase to major principal stress increase during cone advancing. A rigorous determination of K obviously should include appropriate soil behavior modeling, which requires further study in the future.
If the initial stress is isotropic or difference between σ1o and σ3o is not significant, equation (10) will take the form of equation (4) with the cone factor Nc as
Nc = 2/(1‐K)

(11)

A range of Nc of 10 to 20 will correspond to a range of K of 0.8 to 0.9. Again, an analytical solution of K requires further study of soil behavior in a triaxial compression
modeling.
4 CONCLUSIONS
Based on a case study of soft soils in New Orleans area with limited testing data, an
attempt was made to correlate the PCPT based undrained shear strengths with those
measured in the laboratory by triaxial unconsolidated undrained compression (UU)
tests. It appears that both tip resistance and pore pressure based predictions are generally in agreement with the UU test results. The best-fit cone factors listed in Table 1
may be used to evaluate soil undrained strengths in the greater New Orleans area. The
statistical (regression) analysis shows that equation (4), which has no overburden correction, gives slightly less scattered correlation than equation (3) which explicitly includes the total overburden pressure. The pore pressure based predictions (equation
(5)) seems more scattered than those that are tip-resistance-based (equations (3) and
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(4)). Since the overburden pressure has been implicitly reflected in the measured tip
resistance, the explicit inclusion of total overburden pressure may not be necessary.
Equation (10) illustrate the relationship of undrained shear strength to cone tip resistance by assuming soils experiencing a triaxial compression. As such, the initial stress
anisotropy may not be significant and equation (11) may be used to calculate the cone
factor Nc along with equation (4) to evaluate undrained shear strength from PCPT
measurements. The constant K is the fraction of horizontal stress increase versus vertical stress increase in triaxial compression. A rigorous determination of K will require further study and before such a study becomes available, a preliminary range of
0.8 to 0.9 may be justified by past experience.
5
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CPT-SPT correlations for calcareous sand in the Persian
Gulf area
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ABSTRACT: The main objective of this study is to examine the applicability of
various CPT-SPT correlations available in the geotechnical literature to relatively
young calcareous sand in the Persian Gulf area. These correlations were compared
with high quality CPT and SPT data collected from various projects in the UAE area.
The study results indicated that almost all of the existing correlations are not
applicable to the fine to medium grained sand in the UAE and that the ratio between
normalized cone tip resistance and SPT blow counts is relatively higher than the
typical values in the geotechnical literature. The study results were used to develop
region-specific CPT-SPT correlations for the calcareous sand in the UAE. Statistical
analyses were also performed to quantify the uncertainty in these correlations and to
develop risk-based CPT-SPT correlations.

1 INTRODUCTION
The Standard Penetration Test (SPT) is the most commonly used field test to
determine the engineering properties of granular materials. This can be attributed to
its simplicity and cost-effectiveness in addition to the presence of several wellestablished SPT-based design techniques for various engineering applications in the
geotechnical literature. On the other hand, the Cone Penetration Test (CPT) has been
regarded as a more reliable alternative to the SPT due to its reliability, repeatability,
and standardization, especially after the introduction of the electric CPT in the 1940s.
Several correlations have been developed in the geotechnical literature to correlate
CPT results to SPT blow counts (N), as presented in the following sections. The main
objective was to use CPT data in the well established SPT-based design approaches,
or alternatively convert SPT blow counts into CPT tip resistance in cases where the
CPT-based geotechnical correlations are more reliable. To the authors’ knowledge,
most, if not all, of the existing correlations were limited to uncemented silica sands.
Calcareous sand is commonly found in tropical and subtropical coastal areas, such as
the Persian Gulf area. This sand is typically characterized by high void ratio, high
grain crushability, brittle behavior, and higher compressibility compared to silica
sand and hence could behave differently especially with increased carbonate contents.
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Therefore, there is a need to extend the existing CPT-SPT correlations to calcareous
sand; especially with the launch of several mega scale projects in the Persian Gulf
area that involve reclamation works using calcareous sand.
The main objective of this study is to examine the applicability of various CPTSPT correlations to relatively young calcareous sand in the Persian Gulf area. This
was carried by comparing these correlations with high quality CPT and SPT data
collected from various projects in Dubai, Abu Dhabi, and Sharjah in the United Arab
Emirates (UAE). In addition, statistical techniques were used to quantify the
uncertainty in these correlations and to develop region-specific risk-based CPT-SPT
correlations for calcareous sand.
2 BACKGROUND ON THE CPT-SPT CORRELATIONS
Several empirical correlations between CPT and SPT results have been developed in
the geotechnical literature. These correlations were mainly developed through
regression analyses to CPT and SPT data collected in Europe and North America.
This started in the early 1980s with the early work of Douglas and Olsen (1981).
Robertson et al. (1983) carried out an extensive review of CPT –SPT correlations
available at that time and used data from field testing in the province of British
Columbia in Canada to develop CPT-SPT correlation for SPT data corrected to 60%
energy ratio (N60). The published correlation was digitized in the current study and
regression analyses were carried out to develop a mathematical form suitable for use
with standard computer spread sheets. This mathematical form was in the form:
(qc/Pa)/N60 = 7.735 (D50)0.28

(1)

Where: qc is the CPT tip resistance; Pa is the atmospheric pressure; and D50 is the
soil median size in mm.
Robertson et al. (1986) proposed a CPT-SPT correlation where the ratio between
normalized cone tip resistance (qc/Pa) and N60 was given for different soil types
determined from their soil behavior type classification chart, as shown in Figure 1.

Figure 1. Ratio of normalized cone tip resistance and N60 for different soil behavior types (modified
from Robertson et al. 1986)
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Kulhawy and Mayne (1990) extended the Robertson et al. (1983) correlation based
on additional data that became available to them in the late 1980s and developed a
mathematical expression for their updated SPT-CPT correlation. It should be noted
that the SPT data used to develop this correlation was not corrected for the different
energy ratios used in the field. In the current study, a correction factor was added to
the original mathematical expression of Kulhawy and Mayne (1990) so that it
becomes applicable to SPT blow counts corrected to 60% energy ratio (N60). This
correction factor was determined assuming that most of the data used in developing
the original expression had an energy ratio of about 50%. This resulted in the
following revised expression:
(qc/Pa)/N60 = 6.53 (D50)0.26

(2)

Kulhawy and Mayne (1990) also developed a correlation between the ratio
between normalized cone tip resistance and uncorrected SPT blow counts, and fine
content (FC). This correlation was expressed in the form:
(qc/Pa)/N = 4.25 – FC/41.3

(3)

Lunne et al. (1997) upgraded the CPT-SPT correlation developed by Robertson et
al. (1986) to overcome the discontinuity in the correlation when moving from one
Soil Behavior Type to another. They developed a mathematical continuous
expression using a modified version of the Soil Behavior Type Index (Ic) of Jefferies
and Davies (1993) in the form:
(qc/Pa)/N60 = 8.5 (1-Ic/4.6)

(4)

3 APPLICABILITY OF THE EXISTING CORRELATIONS TO THE PERSIAN
GULF CARBONATE SANDS
The applicability of the existing CPT-SPT correlations to calcareous sands in the
Persian Gulf area was examined this study. This involved collecting high quality
adjacent CPT and SPT data from five sites in the United Arab Emirates (UAE): three
sites in Dubai, one site in Abu Dhabi and one site in Sharjah. The data collected were
mostly from uncompacted reclamation sand fills, with thickness ranging from 8 to 12
m, obtained from dredging operations off the coast of the UAE. Little data was
collected from the surficial native calcareous sand commonly found along the coastal
areas of the UAE. Both the sand fill and the native sand had relatively similar
characteristics. They were fine to medium grained, with fines and carbonate contents
ranging from 5 to 20% and 50 to 75%, respectively, and with variable amounts of
sand to gravel sized shells.
The applicability of the D50-based correlations of Robertson et al. (1983) and
Kulhawy and Mayne (1990) to the collected data is shown in Figure 2. A
considerable scatter of the collected data can be noticed relative to the two
correlations. In addition, no general trend was noted in the collected data with the
change in D50 indicating poor applicability of these correlations to the UAE
calcareous sand. In a similar fashion, the fines content-based correlation of Kulhawy
and Mayne (1990) showed a poor fit to the collected data, as shown in Figure 3.
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Figure 2. Applicability of the D50-based
correlations of Robertson et al. (1983) and
Kulhawy and Mayne (1990) to the UAE
calcareous sand.

Figure 3. Applicability of the fine content - based
correlation of Kulhawy and Mayne (1990) to the
UAE calcareous sand.

The poor applicability of the existing correlations could be attributed to any of the
following:
 The distinct engineering characteristics of calcareous sand, such as high
compressibility and crushability, compared to siliceous sand for which
most of the existing correlations were developed.
 The reliance on a single parameter of the grain size distribution, such as
D50 or fines content, which may not be solely sufficient to develop a
reliable CPT-SPT.
 The variable amounts of shells encountered in the sand fill, which could
have influenced the CPT and SPT results.
 The absence of SPT energy measurements in the collected data.
The applicability of the existing Ic-based correlation of Lunne et al. (1997) to the
collected data is shown in Figure 4. As the case for the two previous correlations,
considerable scatter was noticed in the collected data. The overall trend of the data,
however, was in reasonable agreement with that of the existing correlation. This can
be attributed to the fact that Ic is calculated from measured quantities, such as CPT tip
resistance, that could have been affected by the engineering characteristics of soil
rather than being an index parameter. Figure 4 shows that the linear trend line of the
collected data, as determined from regression analyses, is almost parallel to that of
the existing correlation. The Ic-based correlation should be used with caution,
however, due to the wide scatter in the data, which resulted in several data points
located outside typical design ranges. Example of these ranges is the Euro Code 7.0
design range where the characteristic soil parameter is taken equal to the mean ± one
half the standard deviation. The Euro Code 7 range is shown in Figure 4 and was
obtained from statistical analysis of the collected data, as explained in Section 4.
It can be also concluded from Figure 4 that the ratio (qc/Pa)/N60 for calcareous sand
is relatively higher than that of siliceous sand. This could also indicate that the
presence of shells in calcareous sands might have a bigger influence on the CPT tip
resistance value compared to the SPT blow counts.
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The applicability of the Robertson et al. (1986) correlation, presented in Figure 1,
to the collected data is shown in Figure 5. For the sake of comparison, the collected
data was expressed in the form:
qc/Pa = C . N60

(5)
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where C is a proportionality constant.
The value of the proportionality constant (C), as determined from regression
analyses, for the gravely sand to sand, sand to silty sand, and sand and silt mixtures
was found equal to 8.44, 6.52, and 4.17, respectively. These values are 1.4 to 1.44
times the values recommended by Robertson et al. (1986). This supports the above
conclusion that the ratio (qc/Pa)/N60 for calcareous sand is relatively higher than that
of siliceous sand.
4 REGION SPECIFIC CPT-SPT CORRELATIONS
The results presented in the previous section indicate that some modifications are
needed to the existing CPT-SPT correlations to best fit the calcareous sands data
collected from the UAE. The scatter in the grain size-based correlations was
considered too wide and difficult to improve by simple regression procedure. Hence,
no attempt was made in this study to develop region-specific CPT-SPT correlations
based solely on grain size characteristics.
The Ic-based correlation of Lunne et al. (1997) was considered amenable to
modification since the overall trend of the collected data was relatively similar to the
existing correlations, as discussed in Section 3. The proposed modification involved
the introduction of the regression line equation, as shown in Figure 4, as a
replacement to the Lunne et al. (1999) correlation (Equation 4), where the
relationship between CPT tip resistance and SPT blow counts can be expressed as:
(qc/Pa)/N60 = 11.88 (1-Ic/5)

(6)

A correction factor R was added to Equation 6 to quantify the influence of the
significant scatter in the collected data around the best-fit (regression) line resulting
in the following expression:
(qc/Pa)/N60 = 11.88 (1-Ic/5) + R

(7)

The correction factor R can be regarded as the difference between the field values
of the ratio (qc/Pa)/N60 and the values of this ratio determined using Equation 6. Since
the value of R varies from one field data to another, statistical analyses were carried
out where R was treated as a stationary random variable. In these analyses, histogram
of the random variable R was generated and used to develop a relationship between
the R and the target probability that the actual/field value of (qc/Pa)/N60 will exceed
the value calculated using Equation 7. This is shown in Figure 6, which can be used
in risk-based assessment of the CPT-SPT correlation. For example, if it is required to
determine qc from SPT data with a target probability that no more than 10% of the
actual/field value of qc would be smaller than the predicted one, a probability of
exceedence of 90% should be used in Figure 6. This will result in an estimate of R
equal to -4.0 which will decrease the value of (qc/Pa)/N60 calculated using Equation 6.
For the Robertson et al. (1986) correlation, it was proposed that the tabulated
values of the ratio between qc/Pa and N60 could be replaced by the proportionality
constant (C) of Equation 5. As explained earlier, this will result in higher ratios of
(qc/Pa)/N60 compared to those shown in Figure 1. To quantify the effect of the scatter
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in field data, statistical analyses were carried out assuming the constant C to be a
random variable. Similar to the case for the factor R, histograms of the constant C for
the three soil types considered in this study. These histograms were used to produce
relationships between C and the target probability that the actual (field) value will
exceed the one calculated using Equation 5, as shown in Figure 7. This figure can
also be used in risk-based estimate of the ratio (qc/Pa)/N60 in a way similar to that
used with the factor R. For example, to determine qc from SPT data in sandy to silty
sand soil with a target probability that no more than 10% of the actual/field value of
qc would be smaller than the predicted one, a probability of exceedence of 90%
should be used with the relevant curve in Figure 7. This will result in an estimate of C
equal to 4.23 compared to the 6.52 value obtained from deterministic regression
analysis.
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values predicted using Equation 6.

Figure 7. Variation of the proportionality constant
(C) with the probability that field data will exceed
the values predicted using Equation 5.

5 CONCLUSIONS
This study examined the applicability of various CPT-SPT correlations currently
available in the geotechnical literature to calcareous sands in the Persian Gulf area.
This was carried out by comparing these correlations with high quality CPT and SPT
data collected from the UAE. Attempts were also made to develop region-specific
correlations and to quantify the uncertainty in these correlations. The conclusions of
the study can be summarized as follows:
 Existing CPT-SPT correlations based on grain size characteristics, such as
D50 and fine content, are poorly applicable to the UAE sands. This was
attributed to many deviations, such as the increased carbonate content and
absence of SPT energy measurement, from the existing correlations.
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Existing CPT-SPT correlations based on soil classification techniques,
such as the Soil Behavior Type Index (Ic), showed general agreement with
the trend of field data. In addition, the scatter in field data was smaller
compared to D50 and fine content based correlations.
The ratio (qc/Pa)/N60, as determined from field data, for the UAE
calcareous fine to medium grained sand was found to be significantly, 40
to 45%, higher than the values predicted using the existing correlations for
siliceous sand.
Risk-based CPT-SPT correlations were developed for the UAE calcareous
sand based on the target probability that the actual field value will be
higher than the predicted one.
There is a need to collect additional high quality CPT and SPT data from
the UAE area to verify and refine the finding of this study.
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K0 determination of Sand Using CPT Calibration
Chamber
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ABSTRACT: It is always an interest in geotechnical engineering to determine the
coefficient of at rest pressure (K0) in soils without the need of sampling. This is especially true for cohesionless soils. Many attempts have been made in the past to determine the coefficient of at rest pressure (K0) using in-situ test results such as pressuremeter test, blade test, and cone penetration test (CPT) to name a few.
In this paper, a wide database of CPT test in calibration chambers has been used to
propose a relationship between cone tip resistance and in-situ horizontal stress. This
relationship is compared to two other relationships developed previously by previous
researchers. The comparison shows that the proposed equation predicts the in-situ horizontal stress with better agreement.
1 INTRODUCTION
In order to control the stability and perform a stress-deformation analysis of a geotechnical system, it is essential to know the in-situ stress state of the ground. The insitu vertical stress can be simply calculated if the depth and the soil density are
known. However, it is more complicated to calculate the in-situ horizontal stress,
since it depends on several other soil characteristics, such as stress history and overconsolidation history. It has always been one of the most challenging and yet interesting geotechnical problems to obtain the coefficient of at-rest earth pressure by
means of in-situ or laboratory tests and thus, there have been many attempts devoted
to provide a reliable method to do so (e.g. Jefferies et al. 1987, Houlsby & Hitchman
1988, Masood & Mitchell 1993, Jamiolkowski et al. 2003).
Obtaining undisturbed samples of cohesionless soils is very difficult, and it is
sometimes practically impossible. Therefore there has always been an inclination toward determination of major characteristics of sandy soils using in-situ tests. The
Cone Penetration Test (CPT) has proved to be one of the best in-situ tests for providing mechanical properties of soil. Different equations have been provided to relate
CPT results with different soil characteristics such as soil friction angle, relative density, and elastic modulus (Robertson & Campanella 1983, Baldi et al. 1986). Moreover, there have been some efforts to relate CPT tip resistance to in-situ horizontal
stress.
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To develop reliable relationships between CPT results and soil properties, the test
should be performed in a sample whose characteristics are well known. Therefore calibration chambers have been designed and constructed so that the initial soil properties and calibration chamber boundary conditions are well defined. Using CPT results, it may be possible to find several relationships between soil properties and CPT
results. During the last decades, CPT calibration chambers have been widely used. A
list of calibration chambers in the world was provided by Ghionna & Jamiolkowski
(1991).
It is shown in this paper that in-situ horizontal stress and sand relative density are
the most influential parameters on cone tip resistance. In this regard, a new relationship between cone tip resistance, horizontal stress and sand relative density is proposed. The proposed relationship is compared to two other relationships suggested by
previous researchers. The proposed new relationship is proved to be in better agreement with test results.
2 DATABASE
The database consists of 631 CPT test data gathered from four different calibration
chamber test sources: Baldi et al. (1986), Salgado (1993), Lunne et al. (1997), and
Houlsby & Hitchman (1988). The database consists of several sand initial parameters
such as dry density, relative density, stress state expressed as vertical and horizontal
stress or vertical stress and coefficient of lateral earth pressure at rest, overconsolidation ratio, and constrained modulus. The database also consists of chamber to probe
diameter ratio (RD) for each test, and the measured results (cone tip resistance and
sleeve friction).
Four different boundary conditions are employed in calibration chambers, as described in Table 1. The number and percentage of tests performed under different
boundary conditions are presented in the last two columns of Table 1.
Table 1. Definition of calibration chamber boundary conditions
Boundary Condition Type
Vertical Status
Horizontal Status
BC1
BC2
BC3
BC4

v = Constant
εv = 0
v = Constant
εv = 0

h = Constant
εh = 0
εh = 0
h = Constant

No. of tests
417
27
139
48

Percentage
(%)
66.1
4.3
22.0
7.6

The database consists of five sand types: Ticino, Hokksund, Toyoura, Monterey
and Leighton Buzzard. Table 2 presents the number and percentage of tests performed on each sand type.
Table 2. Number and percentage of tests performed on each sand type
No. of tests
Percentage
Sand Type
(%)
Ticino
340
53.9
Hokksund
102
16.2
71
11.3
Toyoura
61
9.7
Monterey
57
9.0
Leighton Buzzard
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3 CONE TIP RESISTANCE VERSUS HORIZONTAL STRESS
Figures 1-3 show relationships between cone tip resistance and initial horizontal
stress for several series of tests performed in the chamber. Figure 1 shows two sets of
data obtained from CPT tests in BC1 type calibration chamber. The vertical stress for
both sets is identical, and it is equal to 110 kPa. However, the relative density for one
set is 80%, and for the other is 90%. Figures 1-3 show that the trends of both sets are
similar, and that cone tip resistance (qc) increases as initial horizontal stress (σh) increases.
Figure 2 shows the effect of horizontal stress on the calibration chamber test results of cone tip resistance more clearly. The initial conditions consist of: BC1 chamber boundary condition, vertical stress of 110 kPa, and relative densities of 40%, 60%
and 80%. The data are divided into three groups according to their relative density.
Similar to Figure 1, the trends of all three sets of data show that the cone tip resistance increases as horizontal stress increases.
The sample data presented in Figure 3 have been tested under conditions of BC4
boundary condition and vertical stress of 110 kPa. In Figure 3, the data sets with relative densities of 50%, 70% and 90% are presented. Similar to Figures 1 and 2, Figure
3 also implies that cone tip resistance increases as horizontal stress increases.

Figure 1 - Effect of relative density on cone tip resistance, BC1, ΄v = 110 kPa, RD = 34, Ticino sand

Figure 2 - Effect of relative density on cone tip resistance, BC1, ΄v = 110 kPa, RD = 30, Monterey
sand
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Figure 3 - Effect of relative density on cone tip resistance, BC4, ΄v = 110 kPa, RD = 34, Ticino sand

Considering Figures 1-3, it can be concluded that horizontal stress has a profound
effect on cone tip resistance values. This has also been shown by Baldi et al. (1986),
Houlsby & Hitchman (1988), Salgado (1993), Ahmadi et al. (2005), and most recently by Karambakhsh (2008).
However, the trends of data points indicate that the sand relative density also has a
significant effect on cone tip resistance measurements. In all of these figures, it could
be observed that for the same horizontal stress, higher relative density values results
in higher cone tip resistance values. Therefore it may be possible to relate cone tip resistance with relative density. This is investigated in the following section.
4 EFFECT OF RELATIVE DENSITY
Figures 4 and 5 illustrate the effect of relative density on cone tip resistance. In Figure 4 two sets of data are chosen. Vertical stress for both sets is 200 kPa, and the tests
were performed in a BC1 type chamber. Horizontal stress for one set is 65 kPa and
for the other 105 kPa. The trends of both sets show that cone tip resistance increases
as relative density increases. Also Figures 4 and 5 show that, for a constant relative
density, larger horizontal stress leads to larger cone tip resistance values.
Figure 5 shows the cone tip resistance values versus relative density for a set of
data having horizontal stress of 50 kPa and vertical stress of 110 kPa. All data points
are for CPT test in a BC3 calibration chamber. Figure 5 also indicates that, besides
horizontal stress, the cone tip resistance is a function of relative density as well. .
This conclusion is consistent with many other previous studies, such as Schmertmann (1976), Baldi et al. (1986), Houlsby & Hitchman (1988), Jamiolkowski et al.
(2003).
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Figure 4 – Effect of relative density and stress on cone tip resistance, BC1, ΄v = 200 kPa, RD = 21,
Monterey sand

Figure 5 - Effect of relative density and stress on cone tip resistance, BC3, ΄v = 110 kPa, RD = 34, Ticino sand

5 PROPOSED NEW RELATIONSHIP
It is shown that the cone tip resistance is a function of horizontal stress and sand relative density. Below, a relationship is proposed that predicts cone tip resistance using
relative density and horizontal stress (Equation 1). If such relationship is available, it
is possible to determine the initial horizontal stress using cone tip resistance and relative density.
C1
  h 
(1)
 Dr C2
q c  C 0 Pa 
 Pa 
In Equation 1, qc = cone tip resistance, Pa = reference pressure or atmosphere
pressure in the units of choice, 98.1 kPa ( 1 kg/cm2) ΄h = initial effective lateral
stress before penetration, Dr = relative density (in decimal), C1 , C2 = empirical constants.
Table 3 shows the values for C1 and C2 parameters in Equation 1, which are determined based on a simple statistical procedure. The regression values (R2) and the
per cent error are also included in Table 3. Table 3 shows that for each boundary
condition type, different C1 and C2 values are obtained which result in the lowest re-
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gression value. Nevertheless, it would be more practical if C1 and C2 values for any
type of boundary condition be the same.
Table 3- The magnitude of constants of equation 1 for different boundary conditions
BC1
BC2
BC3
BC4
Total
C0
350
320
370
320
360
C1
0.50
0.24
0.45
0.48
0.5
1.51
1.10
1.51
1.29
1.50
C2
0.85
0.95
0.84
0.91
0.84
R2
Error [(|qc,predicted-qc,measured|)/qc,measured]×100%
23
18
25
14
22

Thus, it is suggested to use a general form for the proposed relationship with C0 =
360, C1 = 0.5, and C2 = 1.5. The general form of the relationship is shown in Equation
2, and its consistency with database is shown in Table 4.
0 .5
  h 
1.5
(2)


q c  360 Pa 
Dr

P
 a 
Table 4- Consistency of Equation 2 with database
BC1 BC2
R2
0.85 0.92
Error [(|qc,predicted-qc,measured|)/qc,measured]×100%

27

14

BC3

BC4

Total

0.84 0.91 0.84
23
17
27

Equation 2 can now be manipulated to develop a relationship to determine horizontal stress from cone tip resistance:
q c2
(3)
 h 
360 2 Pa Dr3
Equation 3 suggests that if cone tip resistance and sand relative density are known,
it would be possible to determine the in-situ horizontal stress. However, it should be
mentioned that the determination of sand relative density may not be straightforward.
The proposed new relationship [Equation 2] is now compared to other relationships
proposed by other researchers. Many relationships have been proposed to predict
cone tip resistance (Schmertmann 1976, Baldi et al. 1986, Houlsby & Hitchman
1988, Houlsby 1998, Jamiolkowski et al. 2003). For example Jamiolkowski et al.
(2003), using the form of proposed equation of Schmertmann (1976), developed an
equation as follows:
C1
  m 
(4)
 exp(C 2 D r )
q c  C 0 Pa 
P
 a 
In this equation, ΄m is the mean effective stress and the magnitude of C0, C1 and
C2 are 24.94, 0.46 and 2.96 respectively.
Houlsby 1998 proposed another relationship based on effective horizontal stress
and relative density:
 q  h 
  1.51  1.23 Dr
log10  c
(5)


h


In which h = horizontal stress, ΄h = effective horizontal stress and Dr = relative
density.
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The proposed new relationship (Equation 2) is now compared to other relations
(Equation 4 and Equation 5). In order to do so, all equations are applied to the data
gathered in the database.
Figure 6a shows the predicted values of cone tip resistance versus measured ones
for all the data points considered in this study using Equation 5 (Houlsby (1998) approach). The error band of ±30% is also shown in Figure 6a. It is shown that many of
the data points are out of the band. It can also be concluded by this figure that Equation 5 overestimates cone tip resistance since most of the data are above the 450 line
(which indicates complete consistency between predicted and measured cone tip resistances).
Figure 6b is based on the relationship proposed by Jamiolkowski et al. (2003) and
shows that most of data points are above the 450 line. This means that Equation 4 also
overestimates cone tip resistance. In addition it is shown that there are many data
points outside the ±30% band.

(a)

(b)

(c)
Figure 6a - Agreement between predicted and measured values of cone tip resistance using:
(a)Equation 5, (b) Equation 4, (c) Equation 2 (this study). Broken lines indicate difference between
predicted and measured tip resistance value of 30%.
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In Figure 6c, Equation 2 which is proposed in this paper is applied to the sample
data of the database. This figure indicates that the majority of data points are close to
the 450 line, which indicates that Equation 2 favorably predicts cone tip resistance.
Comparison of Figures 6a-c indicates that Equation 2 is more consistent with the
experimental data because more data points are close to the 450 line.
Furthermore Figures 6a-c indicate that Equation 2 predicts cone tip resistance better than the other two since Figure 6c shows less scatter in contrast to Figures 6a,b
because most of the points are among the bounds of ± 30%.
Considering these results, it can be concluded that proposed equation by this study
can predict cone tip resistance very well. Therefore, it can be used to determine lateral stress from cone tip resistance and relative density.
6 CONCLUSION
A database of calibration chamber CPT results in sands has been reviewed and
shows that the cone tip resistance is controlled primarily by the sand relative density
and the in-situ horizontal effective stress (equation 2).
A general relationship has been proposed and has been compared with two other
available relationships. The result indicates that equation 2 suggested in this study
can predict cone tip resistance better than other available relationships.
Thus horizontal geostatic stress can be estimated from the results of CPT if the
relative density of the soil is known.
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ABSTRACT: This paper investigated the vertical and horizontal distribution of
excess pore pressure generated by cone penetration. Multi-porous element piezocone
tests were conducted in the field and physical model tests were also performed in the
calibration chamber. The excess pore pressure on the cone face (∆u1) was always
higher than the shoulder filter (∆u2), and ∆u1/∆u2 increased with an increase of OCR
and hydrostatic pressure. The excess pore pressure decreased along the shaft as it vertically ascended from the shoulder filter, and this reduction became more significant
as OCR increased. In addition, in the horizontal direction at the shoulder filter location, the excess pore pressure decreased with increasing distance from the cone in
overconsolidated soils with OCR=4, whereas in heavily overconsolidated soils with
OCR=10, the excess pore pressure increased from the cone boundary, reached a maximum value, and then decreased with increasing distance from the cone.
1 INTRODUCTION
During a piezocone penetration test (CPTu) in saturated clayey soils, excess pore
pressures are generated around the cone. The induced excess pore pressures are important to evaluate geotechnical characteristics such as soil type, stress history, and
undrained strength. In particular, the coefficients of consolidation and permeability
are very closely related to the distribution of excess pore pressure. However, the distribution has not yet been closely clarified. Furthermore, some experimental results in
overconsolidated clayey soils showed that the measured vertical and horizontal distributions were different from those employed by the theoretical dissipation models
such as Torstensson, (1977), Baligh & Levadoux (1986), and Teh & Houlsby (1991).
This paper deals with the distribution of excess pore pressure induced by cone penetration in soils with a wide range of OCR. Multi-porous element piezocone tests
were performed in the field to investigate the vertical distribution along the shaft. In
addition, physical model tests in a calibration chamber were conducted in reconstituted kaolinite soils, where the spatial distribution of the excess pore pressure and its
change with time were measured at various horizontal and vertical locations from the
cone.
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2 EXPERIMENTAL PROGRAM
2.1 In-situ piezocone tests
The multi-porous element piezocone is a specialized equipment for registering how
the pore pressure around the cone develops and dissipates. The utilized penetrometer
manufactured by A.P. van den. Berg (ELC10-5P) has a diameter of 3.57cm with an
apex angle of 60°, and 5 pore pressure sensors at different positions along the shaft.
Figure 1 shows the feature of the utilized multi-porous element piezocone and the filter locations (U1~U5).
The multi-porous element piezocone tests (MCPTu) were conducted at Incheon,
Pusan, and Kimhae in the seaside districts of the Korean peninsula, where there are
thick soft clayey layers. The geotechnical information of each clayey layer is presented in Table 1. Incheon has lightly overconsolidated clayey silt with OCR=1.5,
while Pusan and Kimhae have normally consolidated silty clay with OCR=1.0.

Figure 1. Multi-porous element piezocone (ELC10-5p)
Table 1. Geotechnical information of clayey layer at test sites
Incheon
Thickness of clayey layer
10.6m
Unified soil classification system (USCS)
ML
Liquid limit (LL)
31.6%
Plasticity index (PI)
9.2%
Water content (wn)
28.5%
Overconsolidation ratio (OCR)
1.5
Compression index (Cc)
0.39
Vertical coefficient of consolidation (cv)
4.1×10-3 cm2/s

Pusan
44.5m
CL
57.9%
24.0%
40.7%
1.0
0.75
1.4×10-3 cm2/s

Kimhae
18.8m
CL
40.5%
11.2%
32.0%
1.0
0.43
1.2×10-3 cm2/s

2.2 Physical model tests in calibration chamber
2.2.1 Calibration chamber system
The calibration chamber is a large model box used to simulate the in-situ stress conditions of the ground by enforcing the confining stress to the soils inside the box. In the
physical model test in a calibration chamber, a homogeneous and reproducible soil
specimen subjected to a known stress history can be prepared and tested under a controlled boundary condition.
The calibration chamber system used in this study is shown in Figure 2. The size
of the chamber is 360 mm in inner diameter and 970 mm in height. The chamber and
loading plate are made of rigid stainless steel, thus the specimen is basically consolidated in the equal strain and K0 condition. Air pressure supplied by a compressor was
applied to the diaphragm to load the specimen. Pore-water was drained at the top and
bottom of the specimen during the loading. The cone was pushed into the middle of
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the specimen by the penetrating device mounted on the cap of the chamber. Pore
pressures were measured both on the piezocone and inside the specimen. The multiporous element piezocone in Figure 1 was utilized. The piezometers were inserted into the model ground through the chamber base at various horizontal and vertical locations, as illustrated in Figure 2a. The piezometer consists of a pore pressure transducer, an adapter, a duct, and a textile filter. The duct is a stainless steel needle with an
inside diameter of 1.0 mm and a thickness of 0.3 mm. The tips of the ducts were
sealed with a filter material, in order to prevent clogging of the tubes due to soil migration. A more detailed description of the chamber system is given by Ha (2009).
(a)

(b)

(c)

Figure 2. Calibration chamber system: (a) Schematic diagram, (b) Mixing chamber, (c) Assembled calibration chamber system

2.2.2 Geotechnical characteristics of specimen
Kaolinite is a clay mineral with the characteristics of low plasticity and low compressibility. Pure and homogeneous EPK kaolinite was used to make a model ground. The
engineering properties of model ground soil are presented in Table 2. The coefficients
of consolidation in vertical (cv) and horizontal (ch) directions were obtained from the
oedometer tests. Average values of cv and ch in the normally consolidated (NC) state
are 0.5 × 10-3 cm2/s and 1 × 10-3 cm2/s, respectively, whereas those in the overconsolidated (OC) range with 1.7 ≤ OCR ≤ 3.3 are 2 × 10-3 cm2/s and 4 × 10-3 cm2/s.
Table 2. Engineering properties of soil specimen
Property
Liquid limit (LL)
Plasticity index (PI)
Percent finer than No. 200 sieve
Vertical coefficient of consolidation (cv)
Horizontal coefficient of consolidation (ch)

NC
OC
NC
OC

Value
53%
20%
98%
0.3~0.7 (×10-3 cm2/s)
1.0~3.0 (×10-3 cm2/s)
0.8~1.2 (×10-3 cm2/s)
3.0~5.0 (×10-3 cm2/s)

2.2.3 Test procedure
A homogenous and fully saturated model ground was made using the mixing chamber in Figure 2b. Kaolinite powder was mixed into slurry at a water content of two
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times higher than the liquid limit. The slurry was mechanically blended with a spinning blade and vacuum pressure was applied to extract the air from the slurry. After
removing the air, the slurry was carefully poured into the testing chamber. Following
the sedimentation of the slurry and the consolidation under a small dead-weight
(3kPa), the chamber system was assembled as shown in Figure 2c. To acquire the rigorous pore pressure data, the porous filters of piezocone and the piezometers were
completely saturated with glycerin in the vacuum chamber. Then, the pressure was
incrementally applied. The settlement of the specimen, water discharge and pore
pressures were monitored to identify the end of consolidation. After completing the
consolidation, the piezocone was pushed into the specimen at the rate of 2 cm/s by
the penetrating device. Once the piezocone reached the desired depth, the penetration
was stopped and the dissipation test had been conducted for a sufficient length of
time. The response of the excess pore pressure during the penetration and dissipation
was measured every 1.0 sec on the piezocone and inside the model ground using the
data acquisition system.
2.2.4 Test program
Four sets of the physical model test in the calibration chamber were conducted, as
summarized in Table 3. The values of OCR were set as 1, 4 and 10 to verify the effect
of stress history on the excess pore pressure distribution by cone penetration. Meanwhile, the hydrostatic pressure (u0) can also affect the distribution, as discussed in
Sully et al. (1988). However, the value of u0 in the physical model test is inevitably
very low because of the limited height of the specimen. Accordingly, the artificial
pseudo-hydrostatic pressure was enforced in Test III and Test IV by applying additional pressure under an undrained condition. These values were set to be equal to the
effective vertical stress (σ′v0) of the test. As seen in Table 3, the only difference in the
condition between Test II and Test III is the value of u0.
Table 3. Program, summary, and results of physical model tests
Test I
Test II
OCR
1
4
Program
σ′v0 (kPa)
50
20
u0 (kPa)
1
2
Consolidation time (day)
30
60
Summary
Height of specimen (cm)
24
32
Penetration depth (cm)
14
22
Result
∆u1/∆u2
1.04
1.09

Test III
4
20
20
60
32
22
1.80

Test IV
10
10
10
60
32
22
3.20

3 EXCESS PORE PRESSURE DISTRIBUTION DUE TO CONE PENETRATION
3.1 Vertical distribution of excess pore pressure
The vertical distribution of excess pore pressure along the penetrometer during the
cone penetration was estimated from MCPTu both in the field and in the calibration
chamber. Figure 3 shows the differences of pore pressure (u1-u2) between the cone
face and the shoulder filter locations (U1 and U2, respectively), using the OCR-PPD
monograph proposed by Sully et al. (1988). The Pore Pressure Difference (PPD),
defined as Equation 1, increases as the OCR increases, and the results coincide well
with the correlation in Equation 2 suggested by Sully et al. (1988).
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u1  u 2
u0

(1)

OCR  0.66  1.43 PPD

(2)

PPD 

The ratio of the excess pore pressure at the cone face to that of the shoulder filter
(∆u1/∆u2) is derived as Equation 3 from Equation 1 and Equation 2.
u1 u1  u 0
OCR  0.66

 1
u0
u 2 u 2  u 0
1.43u 2

(3)

It can be estimated from Equation 3 that the excess pore pressure on the cone face
(∆u1) is always higher than that of the shoulder filter (∆u2), and the ratio, ∆u1/∆u2, increases with an increase of OCR and u0. Results of physical model tests in Table 3
support the above hypothesis. In particular, despite the same stress history (OCR =
4), ∆u1/∆u2 = 1.09 was measured in Test II while ∆u1/∆u2 = 1.80 was recorded in Test
III. This variation arises from the difference in the hydrostatic pressure between the
tests.
OCR=0.66+1.43PPD
: Sully et al. (1988)
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Figure 3. Relationship between PPD and OCR
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Figure 4. Estimated vertical distribution of excess pore pressure along the shaft
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Figure 4 shows the vertical distribution along the shaft with varying OCR values.
Penetration-induced excess pore pressures at the shaft (U3 U5) normalized by the
value at the shoulder filter, for example, ∆u3/∆u2, ∆u4/∆u2, and ∆u5/∆u2 are plotted in
terms of the vertical distance from the shoulder filter normalized by the cone radius
(z/r0). It can be seen that the excess pore pressure decreases as it ascends from the
shoulder filter, i.e. ∆u2>∆u3>∆u4>∆u5. In addition, the excess pore pressure ratio decreases more rapidly as OCR increases. Meanwhile, the similar vertical distributions
were measured in Test II (OCR=4) and Test III (OCR=4), which means that u0 has
little influence on the vertical distribution along the shaft. The fitting curves for each
OCR have been proposed in the figure. From the interpolation technique applied to
these curves, we can approximately estimate the vertical distribution along the shaft
according to the value of OCR.
3.2 Horizontal distribution of excess pore pressure
Figure 5 presents the horizontal distribution of excess pore pressure in the soil at the
shoulder filter location measured by piezometers in the calibration chamber. The
excess pore pressures normalized by the value of the shoulder filter at r = r0 are plotted against the normalized radial distance from the center of the cone (r/r0). Unfortunately, the appropriate data were not acquired from Test I (OCR = 1) because of the
clogging of the duct and the pressure leakage on the adapter.
As can be seen from the results of Test II and Test III in Figure 5a, the excess pore
pressure in soils with OCR = 4 is maximum at the shoulder filter location and decreases logarithmically with an increase in distance, as suggested by Torstensson,
(1977), Baligh & Levadoux (1986), and Teh & Houlsby (1991). The horizontal distribution is little affected by u0. However, in heavily overconsolidated soils with OCR
= 10, the excess pore pressure increases from the cone boundary and reaches a maximum value of 1.12∆u2 around r = 2r0 and then decreases as the distance from the
cone increases, as shown in Figure 5b.
(b)

Test II (OCR=4)

1.5

Test III (OCR=4)
predicted (spherical)

1

predicted (cylindrical)

∆u2(r) /∆u2

∆u2(r) /∆u2

(a)

0.5

Test IV (OCR=10)

1.5

predicted (spherical)
predicted (cylindrical)

1

0.5

0
1

3

5

7

9

11

Radial distance, r/r0

0
1

3

5

7

9

11

Radial distance, r/r0

Figure 5. Estimated horizontal distribution of excess pore pressure at the shoulder filter location from
in-situ tests and physical model tests in the calibration chamber: (a) OCR=4, (b) OCR=10
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The horizontal distribution can be evaluated with a theoretical framework based on
the cavity expansion theory and the critical state soil mechanics suggested by Burns
& Mayne (1998). The excess pore pressure at the shoulder filter location (Δu2) is the
sum of that induced by the octahedral normal stress (Δu2oct) in Equation 4 and that induced by the octahedral shear stress (Δu2shear) in Equation 5.

4
su ln I r
3

(4)

OCR  

) 
u 2 shear   v' 0 1  (
2



(5)

u 2 oct 

where su is the undrained shear strength, Ir is the rigidity index (Ir=G50/su, G50 is the
secant shear modulus at 50% of failure stress), and Λ is the plastic volumetric strain
ratio (Λ=1-Cc/Cs, Cs is the swelling index, and Cc is the compression index). Δu2oct is
assumed to decrease logarithmically in accordance with the distance from the cone
within the plastic zone. The radius of the plastic zone (rp) can be determined from the
spherical or cylindrical cavity expansion theory in Equation 6 and Equation 7. Δu2shear
is considered to vary linearly within the shear zone (rs).
rp  r0 I r1 / 3 : Spherical cavity expansion theory

(6)

rp  r0 I r1 / 2 : Cylindrical cavity expansion theory

(7)

Table 4 provides the components required to evaluate the horizontal distribution
from the shoulder filter location. The values of su and Ir were obtained from K0consolidated, undrained triaxial compression tests (CK0U TXC) performed under the
stress state identical to the corresponding physical model test. The value for Λ of the
specimen was determined from the oedometer tests. The values of rp, Δu2oct, and
Δu2shear were calculated from Equations 4~7, whereas rs=1.5r0, i.e. the size of the
shear zone is 9mm, was determined based on the suggestion (rs=1.1r0~1.6r0) by
Burns & Mayne (1998) and the experimental estimations (rs=1.5r0~1.8r0) by Kim et
al. (2007).
The evaluated horizontal distributions are shown in Figure 5. It can be seen that
the selected rs=1.5r0 provides a good prediction for Test IV. The measured data in
Test II & Test III with OCR=4 exist between the predictions by the spherical and the
cylindrical cavity expansion theory. Meanwhile, for Test IV with OCR=10, rp computed by the cylindrical cavity expansion theory offers a more appropriate prediction
than the spherical cavity expansion theory. These results coincide with the opinion of
Burns & Mayne (1998) in that the zone surrounding the shoulder filter is neither
completely spherical nor cylindrical, but represents a transitional area between the
two shapes.
Table 4. Component to evaluate the horizontal distribution
rp/r0
σ′v0
su
rs/r0
OCR
Ir Λ
(kPa) (kPa)
(assumed) Spherical Cylindrical
Test II & Test III 4
20
13.9 90 0.8
1.5
4.5
9.5
Test IV
10
10
14.5 61 0.8
1.5
3.9
7.8
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Δu2oct Δu2shear
(kPa) (kPa)
83
-15
79
-26

4 SUMMARY AND CONCLUSIONS
The spatial distributions of excess pore pressure generated by cone penetration were
experimentally estimated with various OCR values through in-situ tests and physical
model tests in the calibration chamber. Comparing the estimated distributions with
the theoretical suggestions and the previous experimental results, the following conclusions have been drawn.
(1) The excess pore pressure on the cone face (∆u1) is always higher than the shoulder filter (∆u2). And, the ratio, ∆u1/∆u2, increases as OCR and the hydrostatic pressure (u0) increase.
(2) In the vertical direction along the shaft, the excess pore pressure decreases as it
ascends from the shoulder filter. In addition, in soils with a higher OCR, the excess
pore pressure decreased more rapidly.
(3) In the horizontal direction at the shoulder filter location, the excess pore pressure
decreases logarithmically in accordance with the distance from the cone body in
overconsolidated clayey soils with OCR=4, whereas the excess pore pressure increases from the cone boundary, reaches the maximum value, and then decreases logarithmically in heavily overconsolidated clayey soils with OCR=10.
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Interpretation of CPTU and SDMT in organic, Irish soils
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ABSTRACT: The Limerick South Ring road project started in August 2006 and
connects the N7 Dublin Road to the N18 Ennis Road. An extensive laboratory and
field soil investigation program was carried out. The soil consists of alluvial (mostly
organic) fine clays and silts with thicknesses up to 13m. This paper presents the results of CPTU and seismic dilatometer tests (SDMT) carried out by In Situ Site Investigation (In Situ SI) at two locations along the new embankment in November
2008. It is the first time that the research DMT including shear wave velocity measurements was tested on Irish soils. Effective stress based models developed at the
NTNU have been used among several others to interpret the data from the CPTU.
The results obtained are compared to the findings from the SDMT.
1 INTRODUCTION
The Limerick Southern Ring Road project consists about 10 km of dual carriageway
including permanent embankments of 3 to 8m and temporary surcharge of 2 to 3m
height, built on soft alluvial soils. A detailed database of laboratory and field test
data is available which were performed prior to any embankment construction,
Buggy & Peters (2007). Additional tests have been performed by In Situ SI comprising CPTU and SDMT tests at two locations south and north of the river Shannon in
November 2008 (Ch 2+850m and Ch 0+750m respectively). These tests were carried
out at 5m distance from the toe of the embankments which were already constructed
with temporary surcharge in place.
2 GROUND CONDITIONS
2.1 Overview
The main focus of the soil investigation program was on borehole shear vane testing
and CPTU as well as series of undisturbed soil samples using piston sampling techniques. The investigations showed that the soil consists of alluvial (mostly organic)
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fine clays and silts with thicknesses up to 13 m and glacial till and limestone lying
underneath, Buggy & Peters (2007). Since the ground conditions show a very constant profile throughout the whole project area it has been decided to focus only on
location Ch 0+750m in this paper, see Figure 1.
Ch 0+750m

Proposed Road Profile

10m
Alluvial fine clay / silt (AF)

Glacial course (GC)

Glacial
till (GT)

Limestone (LST)

Figure 1. Cross section of the geological profile

2.2 Existing laboratory and field test results
Figure 2 shows a summary of the index data available close to Ch 0+750m for the
soft alluvial soil, Buggy & Peters (2007). The moisture and organic content decrease
with depth and higher values seem to appear in the upper four meters having at the
same time lower bulk density. The plasticity index Ip tends to show the same trend
being 80 % above 4 m and decreasing below 4 m to an average value of about 40 %.
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Figure 2. Summary of index test results around Ch 0+750m
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Soil samples were taken from different borehole locations and a series of oedometer tests were performed. Unfortunately most of the samples were of poor quality.
However the results of the deformation parameters are used to compare these values
with the results from the CPTU and SDMT tests. The undrained shear strength values are estimated based on CPTU, borehole vane tests and triaxial tests (unconsolidated undrained (UU) and anisotropic consolidated undrained compression (CAUC)
tests). Unfortunately just a few CAUC tests are available and are of varying quality.
The triaxial stress paths show friction angles around 34 degrees and attraction values
in the order of 4.5 kPa.
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3 INTERPRETATION METHODS
3.1 CPTU
3.1.1 Soil classification
Soil classification is based on the chart originally developed by Senneset & Janbu
(1985) and later revised by Senneset et al. (1989). It combines the corrected cone resistance qt with the pore pressure parameter Bq and allows application even for negative excess pore pressures; see Figure 4a. Using classification charts one has to keep
in mind that they are indicators for soil behavior and not indicators for grain size distribution.
3.1.2 Undrained shear strength
Generally su can be calculated using the net cone resistance qnet divided by a cone
factor Nkt which is determined from a reference value for su. In this paper CAUC
tests have been used to establish the cone factors. Senneset et al. (1982) developed an
expression using the effective cone resistance qe instead of qnet. For Bq < 0.4 the su
values might be questionable due to sensitivity of measured qe. The relevant expression is

su 

qe
q  u2
 t
; N ke  9  3
N ke
N ke

(1)

Karlsrud et al. (2005) established the following correlations for su based on high
quality Canadian Sherbrooke block samples, depending on the sensitivity St of the
material. However care has to be taken for values of Norwegian clays of Bq < 0.6
since the scatter is much higher due to less data in that range.
St<15:

N ke  11.5  9.05Bq

(2)

St>15:

N ke  12.5  11.0 Bq

(3)

Lunne et al. (1997) recommended using the excess pore pressure approach for very
soft soils since there might occur uncertainties in qt measurements. Different values
for NΔu can be found in the literature. Janbu (1977) reported theoretical values of NΔu
in the range of 4 to 8 for use in the equation:
su 

u u2  u0

N u
N u

(4)

3.1.3 Deformation parameters
Janbu (1974) suggested a linear correlation between the deformation modulus and
the net cone resistance utilizing the fact that the initial in situ modulus Mi and the net
cone resistance can be expressed by Equation 5 and 6. Eliminating su one obtains the
equation used for the deformation modulus, Equation 7. Senneset et al. (1989) suggested values of mi between 5 and 15. Later Sandven (1990) found that mi decreases
for increasing Bq and decreasing qnet and OCR.
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M i  mu  su
qnet  N kt  su
M i  mi (qt   vo )

(5)
(6)
(7)

3.1.4 Stress history
Sandven (1990) established an effective stress approach to determine the preconsolidation pressure σc`. Using a conventional bearing capacity expression qe can be expressed as a function of σc`.
qe  a  N qc ( c  a)

(8)

An interpretation diagram has been developed for the bearing capacity coefficient
Nqc as a function of the friction angle φ which can be found in Sandven (1990).
Sandven (1990) stated that this approach gave reasonably good predictions in slightly
overconsolidated deposits but seemed to underestimate σc` in moderately to heavily
overconsolidated materials.
3.2 DMT
The three key dilatometer parameters are the material index ID, the horizontal stress
index KD and the dilatometer modulus ED expressed by combination of p1 and p0 as
the first and second pressure reading, Marchetti et al. (2001) as follows:
p1  p0
p0  u0
p u
KD  0 0
 v0

ID 

(9)
(10)

ED  34.7( p1  p0 )

(11)

ID is related to the rigidity index of the material, KD is dependent on the coefficient
earth pressure at rest K0 and ED is a function of the stiffness of the soil. Figure 4b
shows a soil classification chart including ID and ED, Marchetti & Crapps (1981).
The undrained shear strength su can be determined by a combination of KD and the
in situ effective overburden stress σ’v0 (see Equation 12). The modulus MDMT represents the vertical drained tangent modulus at geostatic overburden pressure corresponding to the oedometer modulus. It is obtained by applying a correction factor
RM(ID, KD) on ED (see Equation 13). Due to observed similarity between the KD profile and OCR profile the following formulation for OCRDMT for clays have been
found (see Equation 14).
su  0.22   v0 (0.5K D )1.25
M DMT  RM  ED

(12)
(13)

OCRDMT  (0.5 K D )1.56

(14)
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4 RESULTS
4.1 General
The CPTU measurements at Ch 0+750m carried out by In Situ SI have been compared to existing data. Figure 3a shows a summary of the corrected cone resistance
qt, measured pore pressure u2 (including the hydrostatic line) and sleeve friction fs.
SDMT tests have also been carried out during the test series by In Situ SI. The main
results for Ch 0+750m are shown in Figure 3b.
The measurements carried out by In Situ SI fit very well with the existing CPTU
results. However some variations in cone resistance and sleeve friction can be noted.
One has to keep in mind that the existing CPTU measurements have been taken before commencing construction of the embankment. The tests carried out by In Situ SI
are carried out after (partly) construction at the embankment toe. This might explain
the higher cone resistance and sleeve friction especially in the top 3 to 4 m, probably
due to compaction and partly consolidation of the material. However to be able to get
better correspondence with existing lab data it has been decided to mainly use the results from CPT583 for comparison with CAUC and oedometer test data. The results
from In Situ SI have been used for comparison with SDMT results.
Pore Pressure u2 [kPa]

Cone Resistance qt [MPa]

Depth [m]

0

1

2

3

-100

4

0

100

200

300

Sleeve Friction fs [MPa]
400

500

0

0

0

0

2

2

In Situ SI 2008
Hydrostatic Line 2
CPT 583
CPT 585

4

4

4

6

6

6

8

8

8

10

10

10

0.04

0.08

0.12

0.16

0.2

Figure 3. (a) CPTU and (b) SDMT results from Ch 0+750m

4.2 Soil classification
Soil classification for CPTU is based on the chart developed by Senneset et al.
(1989), see Figure 4a. The alluvial soil is classified as fine silt, medium clay and soft
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to very soft clay due to high excess pore pressures combined with low cone resistance which is typical for Irish soils.
Figure 4b shows the soil classification for the SDMT results after Marchetti &
Crapps (1981). The alluvial soil is identified as silty clay to mud, with very low ED
and ID < 1. The suggested unit weight lies between 15 and 16 kN/m3 which is consistent with Figure 2. During the project an average value of 17 kN/m3 has been used
which corresponds well with the proposed values from the SDMT, Buggy & Peters
(2007).
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Figure 4. (a) Soil classification after Senneset et al. (1989) and (b) Marchetti & Crapps (1981)

4.3 Undrained shear strength
Figure 5a shows the undrained shear strength profiles using cone factors of Nkt=17,
Nke=14 and NΔu=5, established from Equation 1 and 4. All three approaches show
consistent su-profiles which fit reasonably well with the existing CAUC test data.
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Figure 5. (a) Undrained shear strength profiles and (b) cone factors after Karlsrud et al. (2005)

The su-profile suggested by the SDMT shows lower values in the upper part of the
alluvial deposit than the CPTU results, however converging at larger depths. Due to
varying quality of the CAUC tests some data points lay far outside the suggested suprofiles. Karlsrud et al. (2005) suggests lower cone factors established from Equation
2 in the range of Nke=8-10, leading to somewhat higher su values, Figure 5b.
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4.4 Deformation parameters
Figure 6 shows the deformation modulus derived from the SDMT and CPTU together with the available oedometer test data. Choosing a value of mi = 5 gives the
best fit with the laboratory data and is in agreement with the suggested range by Senneset et al. (1989) corresponding to very soft soil. The modulus curve fits reasonably
well with the SDMT curve. However due to poor quality of the laboratory data, a
wide scatter cannot be avoided.
Having in mind that the SDMT was carried out at the toe of the partly constructed
embankment, the dilatometer results are also compared to In Situ SI results. It can be
seen from Figure 6 that there is a good agreement between the two testing methods.
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Figure 6. Deformation modulus Mi : Results for CPT 583 and In Situ SI (2008)

4.5 Stress history
Using a friction angle of 34 degrees as proposed by the triaxial test results, bearing
capacity coefficients Nqc between 5.5 and 6.0 have been used for the interpretation of
the preconsolidation pressure. Figure 7 shows results for both CPT 583 and In Situ SI
together with SDMT and oedometer test results.
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Figure 7. Overconsolidation ratio
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The results for CPT 583 fit better with the oedometer data than the In Situ SI test.
However due to the earlier mentioned poor quality of the oedometer test results a
constant consistency can not be reached. Comparing the CPTU with the SDMT results it can be noticed that especially the results from the In Situ SI test fit very well.
5 CONCLUSIONS
The use of SDMT tests on Irish soils has been studied in this paper as well as the application of effective stress based interpretation models for CPTU developed at
NTNU. Despite the complexity of the organic material the models appear very useful
for estimating in situ stresses, strength and stiffness characteristics giving parameters
which are at least suitable for preliminary designs. It would be useful to perform tests
further away from the toe of the embankment to achieve better comparison with the
existing laboratory data and collect data from higher quality samples (e.g. block
samples) than were available here. Although it was one of the first trials, the SDMT
shows potential for use in Irish alluvial soils. It leads to good results especially for
deformation and stress history parameters. However more work needs to be done on
sites with different soil properties to gain a wider data basis.
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Influence of the stress conditions on the piezocone shear
strength – results from a model test study
Hjördis Löfroth
Swedish Geotechnical Institute, Linköping, Sweden

ABSTRACT: This paper presents results from piezocone tests in a study focusing on
the influence of the horizontal stresses on the undrained shear strength measured with
both piezocone and field vane shear tests in clay, with special reference to clay
slopes. The influence of the horizontal stresses was studied by model tests with a mini
piezocone in large triaxial cells. The shear strength evaluated in the model tests has
been compared with an empirical equation that describes how the undrained shear
strength varies with preconsolidation pressure and overconsolidation ratio and with
results from direct simple shear tests. In addition, the undrained shear strength at the
toe of a slope has been predicted based on the results of the model tests together with
piezocone tests above the crest of the slope.
1 INTRODUCTION
Evaluation of the undrained shear strength in clay from CPT’s has, in Sweden, to a
great extent been based on empirical relationships that were found for the stress distribution valid for horizontal ground and normally consolidated or slightly overconsolidated soil (Larsson & Mulabdic’1991). The relationship between the effective
horizontal and effective vertical stresses then correspond to K0(NC) conditions. For
these conditions the results from laboratory tests and CPT’s generally show good
agreement. However, different studies (e.g. Kurup et al. 1994) indicate that, when the
relations between horizontal and vertical stresses differ from those in normally consolidated soil, e.g. at the toe of a slope, also the relations between CPT’s and laboratory tests differ. This indicates the influence of the horizontal stresses on the
undrained shear strength determined by the piezocone test. Also theoretical analyses
of the piezocone test using bearing capacity methods, cavity expansion methods,
strain path methods, and finite element methods or a combination of these methods,
(e.g. Vesic’, 1975, Teh & Houlsby, 1991, Yu et al., 2000) indicate that the net cone
resistance and correspondingly the undrained shear strength evaluated from this parameter should be governed by, either the horizontal stresses, or both the horizontal
and the vertical stresses.
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To correct for the effect of stress induced anisotropy, a correction factor as a function of the plasticity of the clay has been introduced for field vane tests (e.g. Bjerrum,
1973). The correction factors used in Sweden, until today, are a function of the liquid
limit of the clay and were proposed by Larsson et al., (1984). These correction factors
have recently been revised to include an extra correction factor for overconsolidation
(Larsson et al., 2007). The evaluation of undrained shear strength from CPT’s also
varies with liquid limit and overconsolidation ratio.
This paper presents results of piezocone tests in a study initiated to provide a better
understanding of how the results from the piezocone and the field vane shear test are
influenced by the horizontal stresses, with special reference to the stress conditions in
clay slopes. In this study model tests with a mini piezocone and a mini vane in large
triaxial cells were carried out together with complementary tests in the field (Löfroth,
2008).
2 SCOPE OF THE TESTS
The model tests were conducted in order to study the effects of the ratio between effective horizontal and vertical stresses (K = σ’h/σ’v) on the undrained shear strength
as determined with piezocone tests under controlled conditions. For each stress condition, model piezocone tests were conducted and the cone resistance and penetration
pore pressure were measured. In order to control the stress history of the clay specimens, each specimen was consolidated for stresses above its natural vertical and horizontal preconsolidation pressures. As a result, a new and well defined stress history
for each specimen was created.
All samples in the model tests were taken from the upper part of the soil profile
under the dry crust, at a test site in the Partille municipality (east of Gothenburg), in
the west part of Sweden. From the top of the eroded slope to the river bottom, the difference in height is about 12 m. The soil at the test site consists of post glacial and
glacial clay to more than 35 m depth. The clay is medium sensitive and high plasticity
with liquid limits and water contents between 60 and 75%. The overconsolidation ratio is about 1.3 above the crest and about 2.5 at the toe of the slope. The undrained
shear strength of the clay at the crest of the slope varies between about 11 kPa at the
top to about 36 kPa at 30 m depth.
2.1 Equipment
To carry out the model tests, two types of triaxial cells were designed and built
(Löfroth, 2008). The first type was used to consolidate clay specimens for isotropic
stress conditions and for conditions with larger horizontal stress than vertical stress
(K>1). The second type was used to consolidate clay specimens for isotropic stress
conditions or for stress conditions with larger vertical stress than horizontal stress
(K<1). The cells were designed for specimens with a height of 280 mm and a diameter of 126 mm. A mini piezocone from Fugro Engineers BV was used in the model
tests. The piezocone has a cone area of 100 mm2 (diameter of 11.3 mm), a friction
sleeve and a pore pressure transducer with a filter just behind the shoulder of the tip.
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2.2 Test series
From the start, the intention was to carry out model tests for stress conditions equal to
those in the passive and active zones of the slope, as well as for horizontal ground.
The tests should also be carried out at stress conditions corresponding to two different
stress levels in the ground. The stress conditions in the model tests that were intended
to correspond to the lowest stress level are presented in Table 1 and shown in a s-t
stress diagram in Figure 1. The induced preconsolidation stresses for these tests were:
’cv = 119 kPa, ’ch = 77 kPa, K0(NC) = 0.65.
Table 1. Consolidation stresses for the model tests corresponding to the lowest stress level.
Effective
K0
Test
Effective
vertical stress horizontal stress
7-1
85
68
0.8
7-2
34
68
2.0
7-3
34
34
1.0
7-4
85
34
0.4

The model tests corresponding to the highest stress level were given stress conditions
about 1.5 times higher than the lower stress level.
After the first test series was completed, it was decided to complement with two
isotropically consolidated test series with induced isotropic preconsolidation pressures corresponding to the vertical preconsolidation pressure at the lowest stress level
and the highest level respectively. The isotropic model tests corresponding to the
lowest stress level had test conditions given in Table 2 and are included in Figure 1.
Table 2. Consolidation stresses for the isotropic model tests corresponding to the lowest stress level.
Effective
K0
OCR
Test
Effective
horizontal stress
vertical stress
ISO 1
34
34
1.0
3.5
ISO 2
85
85
1.0
1.4
ISO 3
119
119
1.0
1.0
60

40

t = (v - h)/2

20

0
0
-20

-40

-60

20
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60

80

s' = ('v+'h)/2
100
120
Fi' = 30 degrees, c' = 0
Fi' = 30 degrees, c' = 0
K0 = 0,65
Preconsolidation pressure
Preconsolidation pressure test 7-1 to 7-5
Preconsolidation pressure isotropic
Test stresses 7-1, K0=0,8
Test stresses 7-2, K0=2,0
Test stresses 7-3, K0=1,0
Test stresses 7-4, K0=0,4
Test stresses 7-5, K0=1,33
Test stresses ISO 1
Test stresses ISO 2
Test stresses ISO 3

Figure 1. Consolidation stresses for tests 7-1 to 7-4 and ISO1 to ISO3.
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2.3 Test procedure
To reach the preconsolidation stresses corresponding to the two stress levels for the
K0(NC)-consolidated tests, the consolidation was carried out in four steps. For the
fourth consolidation step, the time - deformation curve was plotted and the time for
100 % consolidation was evaluated according to the Casagrande method. When 100
% consolidation had been reached unloading to the final consolidation stresses was
carried out in one step. These stresses were applied for 1-2 days in most cases and the
total heave was noted. The isotropically consolidated tests were preconsolidated and
unloaded in the same way but using two consolidation steps instead of four.
One piezocone test was carried out in the centre of one specimen to 120 mm depth
and a direct simple shear test was carried out on a sample taken out in the centre of
the remaining part of the specimen. The piezocone equipment was calibrated just before the tests in each testing round and then again directly after the tests. After the
tests, samples were taken from the outer parts of the specimens for routine analyses.
3 RESULTS OF THE PIEZOCONE MODEL TESTS
Evaluation of the undrained shear strength from piezocone tests is normally made using the equation:

cu 

qT   v 0
N kt

(1)

The cone factor Nkt varies depending on what shear strength it is referred to, i.e. the
active shear strength, the shear strength at direct simple shear or some other case. In
this study (qT-v0) has been normalised against the horizontal preconsolidation pressure, the vertical preconsolidation pressure and the mean preconsolidation pressure.
To see the effect of the overconsolidation ratio (OCR), the normalised net cone resistance has been plotted versus the horizontal, vertical and mean overconsolidation ratio.
To compare these relations with the empirical equation that directly or indirectly
describes how the undrained shear strength varies with preconsolidation pressure and
overconsolidation ratio (e.g. Ladd et. al., 1977 and Jamiolkowski et al., 1985):
cu
 a  OCRvb1
(2)
'

 cv

it is necessary to include the cone factor, Nkt. In the empirical curves in the diagrams,
cu in the equation has thus been multiplied by Nkt. The empirical relation of Nkt corresponding to the shear strength at direct simple shear for Swedish slightly overconsolidated clays has been used:

N kt  13.4  6.65  wL

(3)

where wL is the liquid limit in decimal numbers (Larsson & Mulabdic, 1991). The
value of wL is chosen to be some mean value of wL for the model tests which gives
Nkt ≈ 17.
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In the empirical Equation 2 the empirical values of 0.22 for the a-factor for direct
simple shear and 0.8 for the b-factor have been applied. The choice of these values
were supported by results from direct simple shear tests on specimens consolidated
for effective stresses 2.5 times the natural preconsolidation pressure and then
unloaded to various OCRs according to the SHANSEP procedure (Ladd & Foot,
1974). The evaluated factors a and b were then 0.22 and 0.81 respectively, i.e. very
close to the empirical values. The empirical relation is based on a normalisation of
the undrained shear strength against the vertical preconsolidation pressure and it has
been converted to be valid for a normalisation against the horizontal preconsolidation
pressure or the mean preconsolidation pressure.
Analysing the results from the piezocone tests, the scatter of the data is rather great
and consequently the significance of the relations is low for all the piezocone plots.
Trying to detect any correlation, the plots with the net cone resistance normalised
against the horizontal, vertical and mean preconsolidation pressure, each plotted versus the horizontal, vertical or mean OCR respectively have been compared. Figure 2
shows the net cone resistance normalised against the horizontal preconsolidation
pressure and plotted against the horizontal OCR.
OCRh
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1,5
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2,5
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3,5

4

6,0
Test ISO11 (isotropic, level +0m, OCR3,5) excluded - not representative
5,0

(qT-v0)/'ch

4,0
3,0
2,0
1,0
0,0

Level +7 m - isotropic
Level +0 m - isotropic
Level +7 m - K0(NC)-consolidated
Level +0 m - K0(NC)-consolidated
cu*NkT/sig'ch = 0,72*1,54*0,22*OCRv^(0,8-1) plotted against OCRh
Regression line(y=4.122x^(-0,160))

Figure 2. The net cone resistance normalised against the horizontal preconsolidation pressure and plotted against the OCR in the horizontal direction.

In all the plots, the empirical equation shows a larger decrease with OCR than the
results from the piezocone tests, which indicates that unloading has a greater influence on the direct simple shear test results than on the piezocone test results. However, based on the results alone, it is not possible to ascertain whether it is the horizontal, the vertical or the mean preconsolidation pressure that has the most influence
on the net cone resistance. This is because of the low significance and the difficulties
to distinguish the type of plot that best correlates with the empirical equation. However, according to the above mentioned theories (see Section 1) the net cone resistance should be governed by, either the horizontal stresses, or both the horizontal and
the vertical stresses. Consequently, normalisation against the horizontal or the mean
preconsolidation pressure should give the best correlation, as was also the case in this
study.
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It may be possible to estimate the influence of the vertical or the horizontal preconsolidation pressure using empirical data from earlier studies. Combining the relation
found by Larsson (1977),

K 0 NC  0.31  0.71( wL  0.2)

(4)

with the relation by Larsson & Mulabdic, (1991),

qT   v 0

 cv'

 1 . 21  4 .4  w L

(5)

gives an expression for the relation between the net cone resistance and the horizontal
preconsolidation pressure
qT   v 0



'
ch



1.21  4.4  wL
0.31  0.71  ( wL  0.2)

(6)

In Figure 3 the net cone resistance is normalised against the vertical preconsolidation
pressure and the horizontal preconsolidation pressure respectively and plotted versus
the liquid limit using Equations 5 and 6. It is clearly seen that there is hardly any
change in the net cone resistance normalised against the horizontal preconsolidation
pressure with the liquid limit, whereas the net cone resistance normalised against the
vertical preconsolidation pressure is strongly dependent on the liquid limit. This indicates that the net cone resistance is primarily dependent on the horizontal preconsolidation pressure and appears to be a more or less direct function of this.
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Figure 3. The net cone resistance normalised against the horizontal preconsolidation pressure and the
vertical preconsolidation pressure respectively and plotted versus the liquid limit.

4 ANALYSIS OF FIELD TESTS BASED ON THE MODEL TESTS
Based on the results of the model tests and the stress conditions in the slope, the
undrained shear strength at the toe of the test site slope have been predicted (Löfroth,
2008). The field tests performed far behind the crest of the slope was used as reference as they correspond to almost horizontal ground conditions. From the results of
the model tests the best correlations found for undrained shear strength and stress history were used, which is the regression line for the net cone resistance normalised
against the horizontal preconsolidation pressure and plotted against the horizontal

270
6

OCR (Figure 2). In the analysis procedure, the results from piezocone tests behind the
crest of the slope plotted against depth and corrected with regard to the liquid limit
were normalised against the horizontal preconsolidation pressure. This normalised
field shear strength was used to calibrate the model test regression line to the field
tests, i.e. to give the right starting point for the “field test” regression curve. Based on
the horizontal preconsolidation pressure and the horizontal OCR at the toe the
undrained shear strength at the toe of the slope was then calculated.
Undrained shear strength (kPa)
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Piezocone test - old relationship
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Model test shear strength
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Figure 4. Undrained shear strength calculated from the model piezocone test results compared with
calculated field piezocone test results.

In Figure 4 the undrained shear strength calculated from the model tests is compared with the undrained shear strength calculated from the field tests with the relationships based on normally consolidated and slightly overconsolidated soils (Larsson
& Mulabdic’ 1991) and the undrained shear strength calculated with the relationships,
which have an extra correction for overconsolidation (Larsson & Åhnberg 2003). It
can be seen that the undrained shear strength calculated from the model tests is considerably lower than the undrained shear strength based on the relation without correction for overconsolidation. This indicates that there is a need for an extra correction for overconsolidation. That it is also lower than the undrained shear strength
based on the relation with correction for overconsolidation indicates that this correction should possibly be even greater than in the proposed relationship with correction
for overconsolidation. However, as the model test data show quite a large scatter this
conclusion is only tentative.
5 CONCLUSION
From the results of the model piezocone tests alone, it is not possible to distinguish
with certainty if it is the horizontal or mean preconsolidation pressure that has the
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largest influence on the net cone resistance. The influence of the horizontal and vertical preconsolidation pressures may however, be distinguished using also empirical
data from other studies. The prediction of undrained shear strength at the toe of a
slope based on the model tests imply that there is a need for an extra correction for
overconsolidation and that a correction based in the usual way on the vertical overconsolidation ratio gives a fairly good correspondence with the adapted model test results.
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Correlation between CPT and SPT in Adapazari, Turkey
O. Kara
Sakarya Public Works and Settlement Directorate, Sakarya, Turkey

Z. Gündüz
Sakarya University, Department of Civil Engineering, Sakarya, Turkey

ABSTRACT: In literature, it is known that there are different correlations between
Cone Penetration Test (CPT) and Standard Penetration Test (SPT). Generally, these
investigations have been done in homogeneous soils or similar homogeneous soils.
The soils which are in Adapazarı City, Turkey have a heterogeneous structure in the
vertical and horizontal directions. In this study, it has shown that the correlations
between SPT and CPT gave lower ratios than literature values.

1 INTRODUCTION
The Standard Penetration Test (SPT) is the most common in situ test for site
investigations in Turkey and most of foundation designs have been based on SPT-N
values and physical properties of soils recovered in the SPT sampler. The SPT has
some disadvantages such as potential variability of measured resistances depending
on operator variability and possibility of missing delicate changes of soil properties
owing to the inevitable discrete record.
Around the world the Cone Penetration Test (CPT) is becoming increasingly
popular as an in situ test for site investigation and geotechnical design especially in
deltaic areas since it provides a continuous record which is free from operator
variability (Suzuki et al. 1998). In Turkey geotechnical engineers have gained
considerable experience in design based on local SPT correlations. Thus there is a
need for reliable CPT-SPT correlations so that CPT data can be used.
1.1 Previous Works
It is very valuable to correlate the static cone tip resistance qc, to SPT N-value so that
the available database of the field performances and property correlations with Nvalue could be effectively utilized. Hence many empirical relations have been
established between the SPT N-values and CPT cone bearing resistances, qc
(Robertson et all. 1983). Table 1 summarizes most of the works.
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Table 1. Previous works for CPT and SPT correlations.
Author(s)
(De Alencar Velloso 1959)

(Meigh & Nixon 1961)
(Franki Piles 1960)
from (Akca 2003)

(Schmertmann 1970)

(Barata et al. 1978)
(Ajayi & Balogun 1988)
(Chang 1988)
(Danziger & de Valleso 1995)

(Danziger et al. 1998)

(Emrem et al. 2000)
(Akca 2003)

Soil Types
Clay and silty clay
Sandy clay and silty sand
Sandy silt
Fine sand
Sand
Coarse sand
Gravelly sand
Sand
Clayey sand
Silty sand
Sandy clay
Silty clay
Clays
Silt, sandy silt and silt-sand mix.
Fine to medium sand, silty sand
Coarse sand, sand with gravel
Sandy gravel and gravel
Sandy silty clay
Clayey silty sand
Lateritic sandy clay
Residual sandy clay
Sandy clayey silt
Clayey silt, sandy clayey silt
Silt, sandy silt and silt-sand
Fine to medium sand, silty sand
Coarse sand, sand with gravel
Sandy gravel and gravel
Silt, sandy silt and silt-sand
Silty sand
Sand
Silty sand, Silty clay
Clayey silt
Clay, silt and sand mixtures
Clayey sand and silty clay
Sandy clay
Clay
Turkey soils
Sand
Silty sand
Sandy silt

qc/N in MPa
*qc/N in bar per blow 0.3m
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Relationship
n = qc / N = 0.35
n = qc / N = 0.2
n = qc / N = 0.35
n = qc / N = 0.6
n = qc / N = 1.00
n = qc / N = 0.2
n = qc / N = 0.3-0.4
n = qc / N = 1.00
n = qc / N = 0.6
n = qc / N = 0.5
n = qc / N = 0.4
n = qc / N = 0.3
n = qc / N = 0.2
n = (qc+fs)/N= 0.2
n = (qc+fs)/N= 0.3-0.4
n = (qc+fs)/N= 0.5-0.6
n = (qc+fs)/N= 0.8-1.0
n = qc / N *= 1.5-2.5
n = qc / N * = 2.0-3.5
n = qc / N * = 3.2
n = qc / N * = 4.2
n = qc / N *= 2.1
n = qc / N *= 1.8
n = (qc+fs)/N= 0.2
n = (qc+fs)/N= 0.3-0.4
n = (qc+fs)/N= 0.5-0.6
n = (qc+fs)/N= 0.8-1.0
n = (qc+fs)/N= 0.2
n = qc / N * = 7.0
n = qc / N * = 5.7
n = qc / N * = 5.0-6.4
n = qc / N * = 3.1
n = qc / N * = 1.0-3.5
n = qc / N * = 4.6-5.3
n = qc / N * =1.8-3.5
n = qc / N * =4.5
n = qc/N= func(D50)
n = qc / N = 0.77
n = qc / N = 0.70
n = qc / N = 0.58

1.2 The city of Adapazari
Adapazari, the capital of the Sakarya Province, is home to approximately 180,000
people. The heart of the city lies in a fertile plain formed by recent fluvial activity of
the Sakarya and Çark rivers, giving the city its name, i.e. ‘island market’. The city is
densely developed in most areas, primarily with 3–5 storey reinforced concrete frame
buildings and older 1–2 storey timber/brick buildings. Reinforced concrete
construction is primarily non-ductile, with shallow, reinforced concrete stiff mat
foundations located at depths of typically 1.5 m due to shallow ground water.
Most of the city is located over deep alluvial sediments. A deep boring recently
performed in Yenigün District by the Federal Dam Agency (D.S.I.) did not reach
bedrock at a depth of 200 m. The shallow soils (<10 m) are recent deposits laid down
by the Sakarya and Çark rivers, which frequently flooded the area until flood control
dams were built recently. Sands accumulated along bends of the meandering rivers,
and the rivers flooded periodically leaving behind predominantly non-plastic silts,
silty sands, and clays throughout the city. Clay-rich sediments were deposited in
lowland areas where floodwaters ponded (Bray et al. 2000).
1.3 Soil characterization in Adapazari
Four general subsurface site categories were developed. These soil profile types are
described as follows (Bray et al. 2000).
Soil Type 1. This site category is characterized by the presence of brown to
reddish brown, loose non-plastic silt and sandy silt in the upper 4 m of the soil
column. The thickness of this stratum across the area explored ranges from 0.5 to
2.5 m. Liquid limit (LL) indices for the silt range from 25 to 35% and its natural
water content is generally greater than 0.9LL. The fines content (FC) of the soil
samples recovered in this stratum ranges from 52 to 97%, and is generally greater
than 75%. The percentage of particles smaller than 5 μm ranges from 10 to 35%, and
is normally between 20 and 30%. The corrected penetration resistance of this
stratum, (N1)60 ranges from 3 to 15 (blows / 30 cm), and is generally between 7 and
10. Organic matter within this material at a depth of 4 m was dated to be
approximately 1000 years old, indicating that the upper brown silty materials are
recent flood plain deposits that have a high susceptibility to liquefaction.
Interspersed strata of low plasticity clays and medium dense to dense silt to sandy
silt underlie the upper brown silt. The color of these lower strata transitions from
brown to gray at approximately 5 m. At depths greater than about 9 m the soils
consist of interbedded clays, silts and sands.
Soil Type 2. This site category is similar to Soil Type 1, however, this category
differs from Type 1 in that the soil directly beneath the brown loose silt is replaced
by dense (qc1N > 160 and (N1)60 > 30), gray sand to a depth of approximately 9 m.
Samples from this sand layer generally contained less than 5% fines and also
contained less than 5% gravel. However, at a few locations retrieved samples had
fine gravel contents as high as 27%. The mean grain size (D50) of this stratum ranges
from 0.4 to 1.7 mm.
Soil Type 3. The soil between approximately 1.5 and 4 m depth in this type
profile is brown highly plastic silty clay underlain by interspersed lenses and layers
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of low to highly plastic silty clay and clayey silt. These plastic sediments continue to
depths of approximately 7 m. The soil's color transitions from brown to gray at
approximately 5 m. The values of LL range from 29 to 65%, but most are greater
than 35%. Some of these soils have natural water contents that are close to or in
excess of the LL. The thickness of each silt layer is generally less than 25 cm, but
some were as thick as 50 cm. The combined thickness of these strata range is from 1
to 3 m. The penetration resistances of the silts and clay-silt mixtures are low qc <
2 MPa, qc1N < 15 and (N1)60 < 10. From approximately 7 m to a depth of 8–9 m the
soil is generally gray medium dense 40 < qc1N < 90, 12 < (N1)60 < 22 sandy silt to
silty sand interbedded with seams of silty clay. These lower non-plastic silts overlie
dense qc1N > 160 and (N1)60 > 30 gray sand to sand with silt to a depth of
approximately 14 m. Soil samples from this layer contained between 5 and %25
fines. D50 from these samples ranged between 0.1 and 0.6 mm, but was
predominantly between 0.2 and 0.3 mm. At greater depths the soils consist of
interbedded clays, silts and sands.
Soil Type 4. This site category is similar to Soil Type 2, but differs in that the
shallow loose brown silt characteristic of Type 2 is replaced by 1.5–4 m of medium
to high plasticity silty clay. Thin layers and lenses (thickness < 0.5 m) of low
plasticity clayey silt may lie within the upper 4–5 m of the soil column (Bray et al.
2000)
2 DATA SELECTION
All data used in this study are from the area of Adapazari town center. All the
available data are from site investigation reports made from Sakarya University. The
data are separated from archive of Sakarya Public Works and Settlement Directorate.
The data without location map were not used in this study. The used data set that
SPT and CPT test location has no distance or the distance is less than 30meter. The
data has more than 30meter distance were not used in this study. However for the
data set, some statistical methods need to be applied before starting the correlation.
For the data set comparison of the test result may be started directly, because the
distance named small.
2.1 Number of Boreholes and CPT points
In this study, data were used from 65 boreholes with SPT tests and 47 CPT points in
small distance. From 65 SPT boreholes and 47 CPT points there are 611 data pairs
(N and qc) available for correlation.
2.2 Results of SPT and CPT
The cone resistance qc are the average values over a length of 30cm where the
corresponding N-Values were measured.
In this study the same rig and equipments are used on all the SPT tests. The NValues used here were corrected to an energy efficiency of 75% (CC=1, CB= 1,
CA=0.85, CS=1.2, CE=0.75) (Sivrikaya, 2003).
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3 ANALYSIS OF THE DATABASE
3.1 Arithmetic average method
All data were combined to calculate n-value (qc/N) for each soil type. Arithmetic
average method is used for calculate the n-values. The results of n-value are given in
Table 2.
Table 2. Number of data sets and the results of n-values.
Soil Type
Clay
Silt
Sand

Number of n
326
186
98

n value
0.19
0.35
0.42

In this study, for clay and silt similar literature n-values have calculate. Calculated
n-value for sand is lover than literature values.
3.2 Statistical analysis
Two statistical analyses were performed. First, an analysis of all data was performed
(Figure 1).

Fig 1. Relation between cone penetration resisitance and SPT N-value of all data

After this first analysis some data were eliminated. This elimination aimed at
filtering data situated far from the general trend. The procedure for filtering selected
data is that: ± of the two standard deviation (2ơ) of the mean value of n were
disregarded (by using 2ơ, 95% of the data is still allowed in the investigation range.
After this elimination, the same trend was confirmed to be maintained in the N
versus qc plot (Figure 2).
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Figure 2. Relation between cone penetration resisitance and SPT N-value of filtered data

In the analysis it has been chosen a correlation function which is most suited to
the data for each soil type. Correlation functions were determined for all data group
and filtered data. Power correlation gives the highest correlation coefficient values.
Although the correlation coefficients are lower than literature values (Table 3). The
correlation coefficients found from filtered data for all soil types were greater than
the data analyses including all data.
Table 3: Correlation equations and coefficients of Adapazari Soils
Correlation equations

Correlation coefficients (R2)

All Data

Filtred Data

All Data

Filtred Data

Clay

qc = 0.2152N0.8252

qc = 0.1994N0.8535

0.38

0.43

Silt

qc = 0.3993N0.7436

qc = 0.3755N0.7342

0.24

0.29

Sand

qc = 0.7094N0.7213

qc = 0.5334N0.809

0.25

0.31

All

qc = 0.2106N0.9513

qc = 0.1877N0.9894

0.44

0.51

4 CONCLUSIONS
Some correlative work made on Turkey soils. There is almost no correlative work on
Adapazari soils as well. In this study investigated correlations among cone
penetration resistance qc and SPT N-value.
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For n=qc/N ratio in Adapazarı can be made the following conclusions; In this
study similar literature n-values have been calculated for clay and silt. Calculated nvalue for sand is lover than literature values. The reason of lower n ratio for sands
may be fine contents high ratios.
Power correlation gives the highest correlation coefficient values. The correlation
coefficients found from filtered data for all soil types were greater than the data
analyses including all data. Although the correlation coefficients are lower than
literature values. The reason of lower correlation coefficients are heterogonous
structure of Adapazari soils.
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Evaluation of piezocone characterization in deltaic
deposits
B. Kavur
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ABSTRACT: At the Port of Ploce, situated in the river Neretva delta at south Adriatic coast of Croatia, intensive building activities are undertaken. Comprehensive and
massive geotechnical investigations are needed for different structures, including drilling, laboratory testing on samples, and in situ penetration testing. Soft soil prevails in
first 40 m of foundation soils. Since the quality of undisturbed samples was not
satisfactory, in situ tests were used as a source for parameters for geotechnical design.
CPTU, DMT, SDMT and VT tests were performed over the area. It was necessary to
correlate shear strength and moduli obtained by different tests, in order to complete
data for specific locations where only some testing was conducted. Useful correlations and good agreement in predicting undrained strength and moduli are shown in
this paper, confirming the power of in situ tests in characterizing geotechnical properties of soft soils.
1 INTRODUCTION
Comprehensive geotechnical investigations have been carried out in deltaic deposits
at the Port of Ploce in order to enable design and construction of the new bulk cargo
(BCT), container (CNT) and liquid cargo (LCT) terminals. The Port of Ploce is located in the Neretva River mouth on the South Adriatic coast in Croatia.
The soils in the area of the Port of Ploce are formed of Quaternary deposits. The
deltaic formations were formed through the Neretva River depositions, but also
through marine influences, due to the changes in sea level that occurred in course of
the Quaternary. The sediments of the delta appear in the form of thick formations
(more than 100 m) accumulated through the clayey Paleozoic relief. The accumulation of a complex series of marine, fresh water-brackish, and laguna deposits started
as early as in the Pleistocene and is still continuing today. The composition of formations varies from clay and sand to gravel, but the consistency and density generally
increase with the depth. Groundwater is influenced by the sea and occurs mainly as
brackish or fresh water, which depends on periodical oscillations of fresh water inflow from the river or sources at the rock and soil contact, and may be upward in
character.
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The investigation was focused on the soil layers reaching down to about 40-50 m
in depth, where the dense and thick gravel deposit, forming reliable bearing base for
most of the planned construction work, is situated. The typical soil formation of the
investigated area is presented in Figure 1. The subsoil profile within the top 50 to 55
m can be roughly divided into three distinguished layers. Starting from the top, the
profile includes: 1) loose sand and silty sand of variable thickness reaching down to
approximately 12-15 m below the sea level; 2) normally consolidated clay layers
down to 33 m below the sea level and 3) dense silty gravel layer. The top loose sand
and silty sand layer in the area of CNT is thinner than in areas of BCT and LCT.

Figure 1. Typical soil profile at the BCT Ploce in Croatia.

The terrain of the investigated area is generally flat with altitude ranging from about
+1.5 to +4 m above sea level (ASL). Centres of terminal areas (BCT-CNT-LCT)
form approximately equilateral triangle, with site length of about 1 km.
The investigation program in areas of the bulk cargo (IGH, 2007) and container
(IGH, 2006) terminals included 19 piezocone tests (CPTU) in total, among which 13
were deep tests down to the top of the silty gravel layer (about 40 m below ground
level). The program further included drilling of 8 onshore and 2 offshore boreholes
from which numerous samples were taken. In addition, 51 field vane (VT) and 102
standard penetration tests (SPT) were carried out within the boreholes as well. One
borehole was drilled down to the bedrock (-98 m below ground level) while others
were finished in the gravel layer. The “undisturbed” samples were taken by means of
a fixed piston tube sampler technique. Unfortunately, during the laboratory testing it
became evident that most of samples taken in soft clay formations were disturbed and
therefore the laboratory results were considered unreliable. This fact promoted sig-
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nificance of in situ penetration tests for geotechnical design. The investigation program in the area of the liquid cargo terminal (Leta, 2009) included 6 deep piezocone
tests, one standard (DMT) and one seismic (SDMT) dilatometer test down to 38.5 m
depth.
In this paper stress history, strength and deformation characteristics of normally
consolidated clay layers found in the studied area are analysed based on in situ test
results. Comparisons between CPTU, DMT/SDMT and VT results are made and discussed.
In addition, measured ground movements are compared to calculated ground
movements based on in situ test results, in the area were crushed rock embankment
was used for preloading as a part of ground improvement measures.
2 COMPARISONS OF TEST RESULTS
Representative CPTU, VT, DMT and SDMT profiles obtained in the studied area are
presented in Figure 2. The results of investigations, and piezocone results in particular, show that the bedding of the soil profile is primarily horizontal. The clayey formation and its boundary horizons are characterized by similar values of the cone resistance in the whole area under study. The depth interval were soft clay was detected
was between 8-10 m and 33-35 m below the sea level. All test results presented here
are related to the altitude, so as to compare the same soil stratigraphy at different locations.
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A piezocone profile designated as CPT-2(CNT), a dilatometer test DMT/SDMT1(LCT) (only one test run), and vane test VT-1(CNT), all presented in Figure 2, are
chosen for further comparisons of derived geotechnical parameters for the normally
consolidated (NC) clay layer. Parameters to be presented here through different correlations are required for geotechnical design in the area. Due to fact that limited tests
in type and quantity were available at different micro-locations in the area, it was useful to offer reliable correlations for particular soil parameter (OCR, Cu, oedometer
modulus, shear modulus) interpreted using results from different test types.
The overconsolidation ratio, OCR, shown in Figure 3a, is estimated based on the
corrected total cone tip resistance (qt), using the following correlation:
OCR = k

qt − σ vo
σ 'vo

(1)

where the coefficient k value is 0.25 (Kavur et al. 2008). The OCR estimated based
on dilatometer test results (Marchetti, 1980) is also shown in Figure 3a. It is evident
that clay is normally consolidated.
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Figure 3. CPTU vs. DMT estimates of: a) OCR and b) K0, in NC Neretva River clay, Croatia.
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Values of the coefficient of lateral earth pressure at rest, K0, required for design of
supporting structures, shown in Figure 3b, are estimated from DMT (Marchetti, 1980)
and qt. For the latter one, the correlation developed to fit DMT prognoses was
qt − σ vo
(2)
σ 'vo
Kulhawy and Mayne (1990) recommend a coefficient value of 0.1 (instead of 0.175)
to be used in correlation (2) for K0 estimates.
The most interesting parameter for geotechnical design was the undrained shear
strength, Cu. The value obtained by VT was taken as a reference value. Values of Cu
are also interpreted from DMT and CPT results and are shown together with reference values on Figure 4a. A piezocone estimated curve is calculated by the correlation:
q − σ vo
Cu = t
(3)
N kt
K 0 = 0.175

with Nkt = 14. Values of Cu from DMT results were derived using Marchetti (1980)
suggested interpretation. All three tests show extremely good agreement in defining
undrained shear strengths.
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The residual shear strength, Cu res, expected to be used in design of driven piles, was
obtained by vane test. That value is compared with a sleeve friction, fs, from a piezocone test, in Figure 4b. A very good agreement between these two curves is obtained.
The clay sensitivity, St, based on peak and residual vane shear test values, ranges
from 2 to 4.
Settlement calculations were required for embankments constructed for different
purposes, and good prognoses of compressibility in terms of the constrained modulus
(M) was of special interest (Figure 4c).
The CPT estimated curve of the modulus of compressibility, M, is determined by
the correlation (4) for stresses below the preconsolidation pressure:

M = mi qnet = mi (qt − σ vo )

(4)

where mi = 5 was used. According to Senneset et al. (1989), mi ranges between 4 and
8 in NC clays. In geotechnical practice many times engineers use undrained shear
strengths in predicting soil modulus. Here, values of Cu obtained by VT were used to
estimate values of M, using two multiplication factors: 70×Cu and 100×Cu. Relatively
good agreement between CPT, VT (70×Cu), and DMT estimated values (Marchetti,
1980) was obtained in the upper low plasticity (CL) clay layer, found between -7 and
-27 m a.s.l. In the lower high plasticity (CH) clay layer, DMT estimates of M are higher than both the CPT and VT (70×Cu) interpreted values.
The SDMT test, run as one single test to 35 m depth, enabled G0 interpretation by
depth, which was proven to give reliable results in these soils (Cavallaro et al. 2006).
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In order to be able to use other tests for estimation of G0 at locations where SDMT
was not performed, several existing correlations were checked using G0 (SDMT) values as reference values. The VT test was used to check correlation (5) suggested by
Larsson & Mulabdic (1991)
G0 =

k × Cu
wL

(5)

where the average liquid limit value of wL = 0.45 was used. Larsson and Mulabdic
(1991) recommended a coefficient value k = 500, but in our case value k = 720 better
fitted reference value. In Figure 5a this correlation is denoted as VT-1(CNT)-Cu and
CPT-2(CNT)-Cu.
For CPTU it was found that several parameters can be used in estimating G0, as
shown in Figure 5b. Fitting to G0 (SDMT) values was achieved by correlations 70×qt
and 200×∆u, where pore pressure is measured at the u2 position (similar correlation to
one developed by Mulabdic, 1994). It seems that these simple correlations, using parameters derived from ordinary piezocone and VT tests, can very well estimate G0
values in this clay, which is very important to this location.
As an exercise, the ratio G0 (SDMT) / M (DMT) was investigated. In the NC
Neretva River clay, this ratio was about 22.6, while the average DMT horizontal
stress index equals to 2.2. Table 1. gives summary of correlations used in this study.
Table 1. Summary of correlations developed for NC Neretva River clay.
OCR
K0
Cu
M
G0
0.25×(qnet/σ’vo) 0.175×(qnet/σ’vo) qnet/14
5×qnet
70×Cu 720×(Cu/wL) 200×∆u

70×qt

At one location, a 5-m high embankment was used for prestressing foundation
soil. Stone columns were installed down to the depth of about 20 m for improving
soil below the embankment. Vertical deformations in ground at 1-m depth intervals
were measured by means of a sliding deformeter probe in an instrumented borehole.
Also, vertical deformations of improved soil were calculated, using M (DMT) as a
modulus of vertical deformation.

Figure 6. Comparison between measured and predicted settlement profiles.
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Calculated settlements at surface agreed well with measured values (Figure 6), while
at the toe and below stone columns there were notable differences (probably due to
unknown stress distribution).
3 CONCLUSION S
Intensive building activities have been undertaken in the Port of Ploce, in deltaic soil
of the river Neretva at the South Adriatic coast in Croatia. They will involve many
demanding structures. Significant geotechnical investigations were realised in the underlying soft foundation soils. With the lack of good quality undisturbed samples, in
situ penetration tests became an important source of geotechnical parameters to be
used in design. Large numbers of penetration tests were performed at different locations inside the whole construction area. Based on these results, it was shown that soil
profile is relatively constant over the area, with soft clay as a dominant soil type. Existing recommendations for correlations between soil geotechnical parameters were
checked and some local coefficients were adopted. It was shown that CPTU, DMT
and VT tests can be used for evaluation of important soil parameters, based on interpreted undrained shear strength and/or measured pore pressure (CPTU). In situ tests
were proven as powerful tools in estimating geotechnical parameters in soft soil, if
recommended test procedures and relevant norms were followed.
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Resistivity on marine sediments retrieved from RCPTUsoundings: a Norwegian case study
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ABSTRACT: NGI has tested a CPTU-probe with resistivity module (RCPTU) at five
sites with marine sediments in central and eastern Norway. The objective of the study
has been both to verify the newly obtained RCPTU-equipment and also to try to establish different resistivity ranges for leached, intact/salt and weathered marine sediments.
1 INTRODUCTION
Marine sediments in the coastal regions in Norway are mainly composed of clay and
silt minerals deposited in sea water during the withdrawal of the ice cap after the last
ice age, some 9000 years ago. As the clay minerals were deposited in sea water, the
salt ions caused flocculation of mica and chlorite creating clays with an open grain
skeleton with high water content.
As the isostatic upheaval progressed after the ablation, these deposited clays became dry land, reaching up to 220 meters above sea level in the eastern and central
parts of Norway. This resulted in leaching of the marine sediments caused by both
downward percolation of rain water and upward flow of fresh groundwater. Bjerrum
et al (1971) indicated that the latter is the primary leaching cause. Leaching reduced
the salt content in the pore water, which also reduced the chemical bindings between
the clay minerals causing a weaker grain structure in the clay. When the salt content
becomes low enough, the clay can become quick.
Since the leaching mainly depends on the upward flow of fresh groundwater, there
are large local variations in salt content in marine clays. Pockets of quick clay in nonsensitive clay, or a layer of quick clay above/below non-sensitive clay often occur, all
depending on the local variations in the pore water chemistry.
Norwegian quick clay is defined by a remolded shear strength (sr) equal to or less
than 0,5 kPa. Various studies have tried to establish a salt content lower limit for
where the clay becomes quick. According to Moum et al. (1971), a salt content of less
than 1 g/l in the pore water will reduce the sr so that the clay behaves as a liquid. Torrance (1974, 1979) however, found that leaching of fine, marine sediments to a salt
concentration of less than 2 g/l is sufficient to develop quick clay. Torrance (1999)
further found that with pore water salinity below 2‰ the material behaves as a fluid.
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Recent work by Andersson-Sköld et al. (2005) at a Swedish site found salt content up
to 5.6 g/l in quick clay.
However, low salt content does not necessarily prove quick clay. Dry crust often
has a low salt content even though it is not sensitive. Rosenqvist (1954) indicated an
upper boundary of quick clay at 4-6 meters depth as long as dry crust has developed
in the top layer.
Chemical weathering can also help stabilize the clay structure in quick clay. The
chemical weathering can transform the quick clay to a non-quick state, even though
the salt content remains low due to the exchange of ions on the mineral surface
(Løken, 1968; 1970, Moum et al. 1971).
2 RESISTIVITY
2.1 Influencing factors
The electrical resistivity in soils generally depends on various factors such as grain
size distribution, water content and saturation, pore water chemistry/salinity, mobility
of the ions in the pore water, temperature and electrical conductive minerals in the
soil (Brorsson et al. 2004, Goodman 1993, Telford 1990, Mørk 1983).
Dahlin et al. (2001) indicate that the salt content will have higher influence on the
measured resistivity in marine clays than the grain size distribution and density.
Lunne et al. (1997) confirmed for Norwegian marine clay that the measured resistivity is dominated by the resistivity through the pore water (pore water salinity).
2.2 Resistivity in marine sediments
Research on establishing representative resistivity ranges for different soil types has
persisted for many years in Norway and Sweden. Berger (1980) established the resistivity intervals given in table 1 for different types of marine soils. The classification
was based on vertical, electronical soundings in Verdal, central Norway.
Table 1. Classification of soil material from resistivity (Berger 1980)
Soil material
Resistivity interval
Clay, salt
1-20 Ωm
Clay, leached
20-90 Ωm
Clay, dry crust
70-300 Ωm
Silt, wet
50-200 Ωm
Sand, saturated
200-1000 Ωm

Solberg et al. (2008) performed several electrical resistivity tomography (ERT)
profiles in Buvika, central Norway. Table 2 presents resistivity ranges based on their
results and earlier work
Table 2. Classification of soil material from resistivity (Solberg et al. 2008)
Soil material
Resistivity interval
Salt/intact marine clay
1-10 Ωm
Leached, possible quick clay
10-80 Ωm
Dry crust clay, slide deposits, coarser
> 80 Ωm
material like sand, gravel and bedrock
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Lundström et al. (2009) concluded that the resistivity in quick clay deposits was
equal to or higher than 5 Ωm based on surface resistivity imaging in quick clay areas
in southern Sweden.
3 RCPTU EQUIPMENT
The RCPTU used in this study was developed by NGI together with Swedish manufacturer Environmental Mechanics AB (ENVI).
The conventional CPTU-equipment from ENVI consists of a CPTU-memocone
and a battery pipe. The data is stored in the cone during the sounding, and there is no
need for cables. This cable-less system makes the execution of the sounding easier for
the operator and a cable-less system was therefore preferred for the RCPTU as well.
ENVI solved this by adding a resistivity module between the CPTU-memocone and
the battery pipe on the conventional CPTU-equipment. This gives a distance of approximately 0.8 m from the tip of the cone to where the resistivity is measured.
The resistivity module consists of four electrodes, where the two outer rings apply
current and the two inner rings measure the potential difference (voltage). The distance between the two outer rings is approximately 20 cm, and to avoid ionization the
poles are switched 20 times per second. The module measures resistivity in the range
from 1 to 10.000 Ωm with a resolution of 1/1024 per deca.
In figure 1 the different modules of the RCPTU is shown. To the left is the CPTUmemocone, in the middle is the resistivity module and to the right is the battery pipe.

Figure 1. RCPTU-equipment

4 RESULTS
Results from four different sites south-west of Oslo and one site north-west of Trondheim are presented.
The figures in the following chapter present the corrected cone resistance (qt), the
sleeve friction (fs), the pore pressure (u2) and the resistivity (ρ) from the RCPTUtesting. The figures also present the sensitivity (St) and the remolded shear strength
(sr) determined by fall cone tests on piston samples and the interpreted stratification.
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4.1 Results from test sites
Quick clay extent at the Smørgrav site in Øvre Eiker municipality has been investigated extensively by NGI and research partners in Ireland and Sweden (Donohue et
al. 2009). Here we show one example where quick clay is embedded between nonquick clay (Figure 2).

Figure 2. RCPTU-results from Smørgrav

At Vålen, another site in the same quick clay hazard area as Smørgrav, two soundings were carried out at the same location to see the repeatability of the RCPTU (Figure 3.
In addition resistivity measurements were carried out on samples in the laboratory.
These were performed on cubes with dimensions of 4x4x4 cm. The results from these
measurements are plotted together with the RCPTU-measured resistivity.

Figure 3. RCPTU and sr-results from Vålen
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Figure 4 shows the results from the Bøle-site in Skien municipality. This site was
earlier a part of a quick clay hazard area. The size of the hazard area was reduced because of the results of these site investigations.
The undrained shear strength from fall cone was not determined on these samples.
Figure 4 does therefore not shown the sensitivity.

Figure 4. RCPTU and sr-results from Bøle

The results from the E16 Kjørbo – Wøyen-site are shown in figure 5. The site is located in Bærum municipality and the site investigations are executed because of a future road construction.

Figure 5. RCPTU- and sr-results from E16 Kjørbo - Wøyen

Figure 6 shows the results from the site at Rv 717 Sund – Bradden, Rissa municipality. This site is also a future road construction site, located approximately 3 km
south of the Rissa slide from 1978.
Figure 6 also show the laboratory measured resistivity. These measurements were
carried out in all three directions on cubes measuring 4x4x4 cm.
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Figure 6. RCPTU-results from Rv 717 Sund-Bradden

4.2 Summary of results
Figure 7 presents the main results from the resistivity mearsurements sorted by soil
types.

Figure 7. Summary of resistivity values from the five sites sorted by soil type

Leached and non weathered clay is here defined as clay with remolded shear
strength below 0.5 kPa, i.e. quick clay. These materials are situated at such depths
that it is assumed that no weathering has taken place.
The leached and weathered clay consists of materials from the upper part of the
different soil profiles. These clays might have a salt content similar to quick clay, but
because of weathering the materials are non quick with a sr greater than 0.5 kPa.
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The two last soil types are clay and silt materials with some additional coarser
fragments such as sand and gravel. The materials are assumed leached because of the
higher permeability in these materials, hence faster leaching than in the lowpermeable clays.
5 DISCUSSION AND CONCLUSIONS
The repeatability of the RCPTU and the comparison between field and laboratory
measurements shows very good results. Figure 3 indicates a tight agreement of the
first and second sounding. Results from the laboratory measured resistivity agree with
the RCPTU logs. Minor disagreements arise from uncertainties in the lab measurements and the problem that never exactly the same material is sampled in the lab as
was penetrated by the RCPTU.
As seen in Figure 7, the resistivity is not unique for the various soil types, thus it is
not possible to identify the soil types based on resistivity alone.
The only unique values given by the resistivity measurements are the lower values
for the salt and non weathered clay. According to the given results in Figure 7 the
material has to be salt, nonweathered marine clay if the measured resistivity is lower
than 5 Ωm. For measured values higher than 5 Ωm the resistivity values have to be
combined with the conventional CPTU-data to get a classification of the soil type.
But even then it is not sure that the sum of the results will be enough to get a precise
classification of the soil.
Comparing the results to previous work, the classifications in Figure 7 differ from
the classifications given by Berger (1980) and Solberg et al. (2008). By combining
the three studies salt/non weathered clay would range from 1 to 20 Ωm and quick
clay from 5 to 90 Ωm. The range for leached and weathered clay would span from 8
to 300 Ωm. Some of these differences are likely due to local differences in the soil.
But further, potential systematic bias needs also to be taken into account. Results obtained from an RCPTU may not immediately compare to ERT results as logged resistivity (RCPTU) and model resistivity derived by regularized inversion modeling of
surface data (ERT) are not necessarily quantitatively comparable.
Compared to the results by Lundström et al. (2009) the measurements on the quick
clay in this study fit very well. Both studies conclude with a lower threshold for resistivity in quick clay at 5 Ωm.
Based on the result from our and former studies it seems recommendable to establish local ranges for the different sites/areas, than a generally classification between
soil type and resistivity values. The influencing factors on the resistivity in a soil are
so many that it seems difficult to establish a general classification for all marine sediments.
Once these local ranges are established by sporadic classic geotechnical site investigations including RCPTU, it is further possible to combine the RCPTU measured
resistivity with the results from two-dimensional ERT-measurements. This gives the
opportunity to map the stratification over a larger area in a rather cheap and time efficient way. Donohue et al. (2009) showed the successful outcome of such a survey
strategy. We are engaged in ongoing research to establish firm strategies for local,
high resolution quick clay extent mapping with the help of RCPTU and ERT resistivity.
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ABSTRACT: This paper examines the interpretation techniques used in shallow
offshore geotechnical surveys, with particular emphasis on cone penetration testing
(CPT) and its use as a tool for providing adequate information for the analysis of soil
conditions. This will include highlighting some of the key issues that need to be
considered when interpreting the data, such as the relevance of friction and pore
pressure ratio. The interpretation techniques for review are those within 5m of the soil
surface using seabed frame units and a standard 10cm2 piezocone (position u2). The
paper presents case studies from Bolders Bank Formation (Southern North Sea) and
Witch Ground Formation (Northern North Sea). Particular attention is given to CPT
locations where core samples are available close by to allow correlation.
1 INTRODUCTION
Geotechnical testing of shallow seabed soils is typically required for pipeline and
cable route surveys. The soil parameters required are used in pipeline engineering
such as determining pipeline/soil interface friction properties and upheaval buckling
resistance of backfill soils. In addition, testing is required for input into trenching
assessments for both cables and pipelines.
The general requirements for shallow geotechnical surveys include:
o Insitu testing using empirical correlations, typically using cone penetration
testing (CPT) equipment. These are used for detailed soil stratification and
determination of a number of engineering parameters.
o Sampling, generally using coring techniques to allow material identification
and determination of a wide range of engineering parameters from laboratory
testing.
The specific methods are generally chosen based on predicted soil conditions, to
achieve best penetration or recovery and least sample disturbance. From the author’s
experience, both CPT and coring techniques have value in determining accurately the
required information needed for engineering and soil classification parameters. Both,
recovered soil samples and CPT data give a much greater confidence level, if used
properly. However, it is important to include seabed sampling as part of any
geotechnical survey as some engineering parameters are only achievable by
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laboratory testing of soil samples. For most surveys, it is also standard to use the
logged cores as a check against CPT interpretation. It is apparent from the examples
in this paper that they do not always correlate perfectly.
This paper does not aim to produce a new or modified model of CPT data
interpretation, but emphasizes some of the problems that exist with interpretation
with respect to data quality, data manipulation and the use of existing models, with
specific regard to fine layering and non-uniform soils.
1.1 Required Parameters
The Guidance Notes on Geotechnical Investigations for Marine Pipelines (2004)
outlines the suitability of the CPT for defining certain soil parameters. This is
summarized below:
Table 1. CPT soil parameter suitability
Soil Parameter
Soil classification
Soil density
Soil strength (standard CPT)
Soil strength (T bar)
Friction angle
Sensitivity
Consolidation (dissipation)
Permeability (dissipation)

SAND
Good
Poor
Poor
N/A
Good
N/A
Excellent
Excellent

CLAY
Good
Good
Good
Excellent(soft clay)
Excellent
OK
Moderate
Moderate

2 INTERPRETATION OF CPT DATA
Interpretation of the CPT data has become more of a mathematical exercise, with the
introduction of graphical models from various authors, which all differ from one
another. Proprietary and bespoke software has been written to provide automatic soil
profiles based on existing models. Soil classifications have been developed and
refined using one or more measured parameters including cone tip resistance, friction
ratio, and pore pressure. The key signatures to look for in measured CPT data are
summarized below:
Table 2. Key CPT Interpretation parameters
Soil Type

Cone Resistance

Side Fiction

Pore Pressure

Friction ratio

Soft to firm CLAY
Stiff to hard CLAY
Soft SILT
Stiff to hard SILT
SAND
Loose, silty SAND
Dense, silty SAND
Shell / GRAVEL
Organic Material

Low
Medium
Low
Medium
Medium to high
Low to medium
High
High – spikey
Low to medium

Low to medium
High
Low to medium
High
Low
Low
Medium
Medium to high
High

Positive
High Negative
Negative / ambient
High Negative
Ambient
Negative to ambient
Negative to ambient
Negative
Positive and negative

Medium to high
High
Low to medium
High
Low
Low
Low
Medium
Very high
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It is important to look at the shape of the individual curves to see what the trends are;
increasing or decreasing and at what rate this occurs. Some curves may remain
relatively constant.
Everybody has a slightly different way of interpreting CPT data, even when
models are available. The main variances occur with the fine detail, particularly
where local knowledge may have a bearing. It is essential that all knowledge and
data is available to all parties, when finalizing CPT profiles.
2.1 Existing models
The most frequently used models are those proposed by Robertson (1990). Ramsay
(2002) revised these models based on correlation with samples taken from the North
Sea. In general, these are acceptable for the generalization of soil profiling, however
they do not take into consideration the fine layering of soils or the presence of
gravel/shell. This finer detail may be very important when looking at soil parameters
for trenching or cable-laying. One concern is the use of friction ratio in determining
this layering; however the use of pore pressure ratio may be more effective.
2.2 Cross Correlation Function (CCF)
The process of CCF enables two data sets to be compared and determines the
position of strong correlation. With regard to evaluating the Friction Ratio (FR)
parameter for soil classification, it is important that the measured values of qc and fs
are shifted relative to one another because of the physical offset between the cone
and the friction sleeve. CCF is discussed further within a paper by Jaksa et al (2002),
and showed that the acceptance of fixed friction offsets of between 75-100mm
(Robertson & Campanella, 1983), may not be applicable to all soils, when using the
interpretation models. The other methods used can be done manually by eye to try
and match up the peaks and troughs or apply no correction at all. The process of
CCF, attempts to establish a strong relationship between the cone end resistance and
the side friction to determine what the shift distance for the friction should be. The
authors found that in the case of heavily interbedded deposits, the CCF technique
should be adopted.
3 EXAMPLES FROM THE NORTH SEA
3.1 Background setting
Two marine sites have been selected to demonstrate the use of the cross correlation
function and interpretation of shallow marine soils. The two sites are situated in the
North Sea, one in the south, where the soil is predominantly stiff CLAY (Bolders
Bank Formation), the other in the north, where the soil is composed of loose to
medium dense SAND (Recent) and very soft SILT and CLAY (Witch Ground
Formation).
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3.1.1 Southern North Sea
The Bolders Bank Formation characteristically consists of reddish to grayish brown,
stiff diamictons that are generally massive, but in places possess distinct, commonly
arenaceous layering and deformational structures. The majority of its pebbles are
derived from the sedimentary rocks of the east coast and is dominated by chalk (BGS
– The Geology of the Southern North Sea, 1992). These deposits are typical
Devensian glacial morainic sediments, and have been subjected to over consolidation
by ice loading.
3.1.2 Northern North Sea
The Witch Ground Formation is a late Weichselian to Holocene marine deposit,
composed primarily of very soft silts and clays, with an increase in sand content to
the basin edge. This formation is slightly younger than the Bolders Bank. The area
chosen consisted of loose and soft sediments of interbedded silts, clays and sands.
3.2 Cross Correlation Function Analysis for Friction
3.2.1 Cross Correlation Function Analysis – Witch Ground
There were a total of 27 CPTs carried out along a pipeline route survey in similar
soils of inter-bedded clays, sands and silts; of these, 10 needed no correction, 9
showed a CCF of 2cm, 4 showed a CCF of 4cm and 4 showed no correlation.
There was some correlation along the route where soils changed slightly and the
friction shifts were grouped together.
3.2.2 Cross Correlation Function Analysis – Bolders Bank
There were a total of 24 CPTs carried out along a pipeline route survey in similar
soils of stiff clays with chalk gravel content; of these, 9 needed little or no correction,
8 showed a CCF of greater than 6cm and 7 showed little correlation. There was no
lateral grouping of similar CCF results.
3.3 Problems with using pore pressure and friction ratio
Friction and pore pressure ratio are unreliable when encountering gravels and shells,
particularly in clay, producing unusual readings. The gravel may roll around the
sleeve or in some cases push the base of the sleeve at the lip seal edge, where
premature increase in sleeve friction may occur. In the worst case this may damage
the sleeve or even overload the sleeve sensor. High negative pore pressures may
occur due to temporary cavitation and may take some time to return to equilibrium.
This will affect the readings for friction ratio. This will impact on the use of
interpretation models. To use qc in place of qnet, would be obvious, however this
requires much re- processing of the data.
Surface soils – particularly the upper half metre may not react at all to friction in
very soft or loose soils, which will lie in the sensitive fine grained zone of the
models. This does not help interpretation. This upper layer is important for cable and
pipe laying and trenching. The friction sleeve reaction may not be significant enough
in layered soils to identify an accurate thickness of thin bands.
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Eslami and Fellenius (2004) also produced an interpretation model based on
using friction instead of friction ratio. They argued that, while both cone resistance
and sleeve friction are important soil profiling parameters, plotting one as a function
of the other may distort the information
3.4 Correlation with soil sampling
Comparison with adjacent cores assists greatly with CPT interpretation. However,
the sampling techniques themselves have problems:
o The upper soft/loose layers may be pushed aside due to stronger tulips
o Rodding and plugging may miss out softer layers at depth
o Vibration may cause samples to bulk up and essentially shorten in length
3.5 A worked example – Bolders Bank Formation
The data shown here is from a pipeline route survey in the Southern North Sea. The
soil conditions were manually interpreted as shown in figure 1.

Figure 1. CPT and core results
o The core shows a surface layer of sand and gravel (probably re-distributed
due to vibration) of 0.23m in depth.
o The CPT indicates a depth of 0.60m. The core shows a lot more gravel (albeit
chalk) than the CPT indicates.
o The friction shift was predicted to be 10cm from the CCF analysis. This
seems acceptable and in line with recommendations.
o The pore pressure is negative with no indication of returning to a positive
state as suggested by the Robertson and Campanella (1983) models. The
Ramsay (2002) model allows for this.
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Robertson and Campanella (1983)
Soil Description
Zone
1
Sensitive Fine Grained
2
Organic Material
3
CLAY
4
Silty CLAY to CLAY
5
Clayey SILT to silty CLAY
6
Sandy SILT to clayey SILT
7
Silty SAND to sandy SILT
8
SAND to silty SAND
9
SAND
10
Gravelly SAND to SAND
11
Very stiff Fine Grained
12
SAND to clayey SAND
Robertson and Campanella (1990)
Soil Description
Zone
1
Sensitive Fine Grained
2
Organic Soils
3
CLAY
4
Clayey SILT to silty CLAY
5
Silty SAND to sandy SILT
6
SAND to silty SAND
7
Gravelly SAND to SAND
8
SAND to clayey SAND
9
Very stiff Fine Grained

Colour

Colour

Eslami and Fellenius
Zone
Soil Description
1
Sensitive Collapsible
2
CLAY/SILT
3
Silty CLAY to clayey SILT
4
Sandy SILT to SILT
5
Fine SAND to silty SAND
6
SAND
Ramsey 2002
Zone
Soil Description
1
Extra Sensitive CLAY
2
Organic CLAY & PEAT
3
CLAY (Su/Po' <=1)
4
CLAY (Su/Po' >1)
5
Clayey SAND
6
Sandy very clayey SILT
7
Sandy SILT
8
Silty SAND
Clean to slightly silty
9
SAND/GRAVEL

Colour

Colour

The dotted line is at 0.60m These interpretations stop at 2.90m

Figure 2 Soil interpretation models
Figure 2 shows the comparison of the different models being used for the above
CPT. The models above all have slightly different interpretations for the soil
indicated in Figure 1, and in one case the data lies outside the graph (Robertson &
Campanella, 1983 Pore Pressure Ratio-PPR); this may relate to little offshore data
being applied. The Robertson (1990) graph of PPR also mis-interprets as sand. In the
cases of both these PPR graphs, gravel is not recognized. Ramsay (2002) recognizes
gravel in all instances. Friction Ratio seems to give a better indicator of gravel in the
upper layer.
3.6 A worked example – Witch Ground Formation
The data shown here is from a pipeline route survey in the Northern North Sea. The
soil conditions were manually interpreted as shown in figure 3.

Figure 3 CPT and core results
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o The core and CPT test results correlate very well
o The friction shift was predicted to be zero by CCF analysis, which does not
comply with recommended standard.
o The CPT data may pick out more layering than core logging. The core was
very uniform in colour and some mixing occurred, probably due to vibration.
o Pore pressure seems to pick out the thin layering much easier than the friction
ratio. The pore pressure had good reaction
The models give similar results. The Robertson & Campanella (1983) friction and
the Eslami & Fellenius (2004) plots show fine grained soil in the very soft clays,
which is not as precise as the other models. Layering can be seen in all models, but
not predicting sand too well. The Ramsay (2002) models seem to have the better
interpretation.
Robertson and Campanella (1983)
Zone
Soil Description
1
Sensitive Fine Grained
2
Organic Material
3
CLAY
4
Silty CLAY to CLAY
5
Clayey SILT to silty CLAY
6
Sandy SILT to clayey SILT
7
Silty SAND to sandy SILT
8
SAND to silty SAND
9
SAND
10
Gravelly SAND to SAND
11
Very stiff Fine Grained
12
SAND to clayey SAND
Robertson and Campanella (1990)
Zone
Soil Description
1
Sensitive Fine Grained
2
Organic Soils
3
CLAY
4
Clayey SILT to silty CLAY
5
Silty SAND to sandy SILT
6
SAND to silty SAND
7
Gravelly SAND to SAND
8
SAND to clayey SAND
9
Very stiff Fine Grained

Colour

Colour

Eslami and Fellenius
Zone
Soil Description
1
Sensitive Collapsible
2
CLAY/SILT
3
Silty CLAY to clayey SILT
4
Sandy SILT to SILT
5
Fine SAND to silty SAND
6
SAND
Ramsey 2002
Zone
Soil Description
1
Extra Sensitive CLAY
2
Organic CLAY & PEAT
3
CLAY (Su/Po' <=1)
4
CLAY (Su/Po' >1)
5
Clayey SAND
6
Sandy very clayey SILT
7
Sandy SILT
8
Silty SAND
Clean to slightly silty
9
SAND/GRAVEL

Colour

Colour

The interpretation stops at 5.08m. The dotted line is at 0.9m

Figure 4 Soil interpretation models
4 CONCLUSIONS AND RECOMMENDATIONS
Based on the CCF results, there is a variable range of shifts that could apply to
friction before manipulating the data in preparation for interpretation of the soils
based on friction ratio. It is noted the acceptance criteria of 75-100mm works better
in more uniform soils, however sometimes the CCF shows no correlation.
When interpreting marine soils it is noted the Ramsey (2002) model works better
than the Robertson and Campenella (1983) models. This is likely to be due to the
Ramsey (2002) model being devised and checked against off against offshore North
Sea soils. The issue with the Robertson and Campanella (1983) model is that in
marine soils the high negative pore pressure results lie outside the model.
When comparing CPT data to core logs, it should be noted that the depth
determination of core samples can be unpredictable. These core samples are
however, important to assist with the CPT interpretation. To be able to accurately
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determine the precise levels of soils within the CPT all data sensors within the CPT
should be used by any experienced Geotechnical Engineer ideally with local
knowledge, with all information made available to them. The CPT interpreter should
use patterns of data, including shape and magnitude of cone resistance profiles to
identify uniformity within layers. Local knowledge is paramount, particularly in soils
that are not standard. Hard layering may be identified as cemented/ gravel or even
bedrock. Simple, relatively inexpensive tools, such as coring and CPT testing may
identify these without more expensive techniques, such as drilling, if it is fit for
purpose.
In conclusion, more analysis of CPT data is required to be able to develop a
precise model for global use in interpretation of soils. However it may be the case
that project specific models may be the answer, allowing soil signatures to be applied
to the CPT data.
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ABSTRACT: The paper presents a side-by-side comparison of minicone (2cm2) and
standard cone (10cm2) soundings conducted in sand test beds to shallow depth. The
sand test beds were prepared at a range of relative densities representing loose to
dense conditions. This data set provides a unique opportunity to compare the tip resistance profiles with data in the literature and to study possible scale effects. Explanations of the observed behavior are discussed.
1 INTRODUCTION
The CPT is widely used in offshore geotechnical investigations for determining soil
parameters in-situ. Numerous correlations linking cone penetration resistance to soil
parameters are based on cone penetrometers with a base cone area of either 10 cm2 or
15 cm2. The minicone penetration test, which typically uses a cone penetrometer with
a base cone area of 1 cm2 or 2 cm2, has shown potential in obtaining reliable geotechnical data in offshore pipeline and cable burial assessments at shallow depth. However, since many of the soil parameter correlations were derived from the larger
cones, there remains a question as to whether these correlations are applicable for a
minicone and in particular at shallow penetration where confining pressures are low.
To address this issue, minicone and standard cone soundings were conducted side-byside in sand test beds to shallow depth at the Naval Facilities Engineering Service
Center (NFESC) in Port Hueneme, California. Results of that investigation correlating tip resistance to soil friction angle and relative density have been published elsewhere (Tufenkjian & Yee, 2006; Tufenkjian & Thompson, 2005). This paper focuses
on comparing the tip resistance profiles of the minicone and standard cone soundings
in sand test beds prepared at a range of relative densities. Scale effects and possible
explanations of the observed behavior are discussed.
2 PREVIOUS COMPARISONS OF CONE SIZE EFFECTS IN SANDS
Tip resistance profiles in sand using various cone diameters have been reported in the
literature for more than 50 years. Early investigations (before 1980) were mainly focused on the applicability of using cone tip resistance data to model shallow and deep
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foundation behavior. These investigations relied on field data or tests conducted in
test pits and have generally looked at cone and penetrometer diameters greater than or
equal to a standard 10 cm2 cone (diameters of 35.7 mm to 300+ mm). Kerisel (1958)
reported that the tip resistance in loose, medium dense, and dense sands decreases as
the diameter of the penetrometer increases, with the most pronounced effect in dense
sands. Sanglerat (1972) notes that in certain cases for loose sand, small diameter penetrometers have shown point resistances that are smaller than that of larger sized penetrometers. De Beer (e.g. 1963) showed that point resistance was essentially the
same for 36 mm and 50.5 mm diameter cones. Schmertmann (1978) noted that based
on available field and chamber test data the cones with areas ranging from 5 cm2 to
40 cm2 produce about the same CPT data as the standard 10 cm2 cone in all soils. Inconsistencies in the reported results are not surprising owing to the difficulty of comparing across investigations with vastly different test conditions.
More recent investigations (after about 1980) have relied on field tests but more
heavily on results from calibration chamber testing and centrifuge test programs. De
Ruiter (1982) reported cone tip resistance differences were insignificant for cones
with areas ranging from 5 cm2 to 15 cm2. This behavior was also observed by Baldi
and O’Neill (1995) for minicones with base areas of 1.0 cm2 and 3.1 cm2 in sand
from centrifuge testing and by Rahardjo et al. (1995) for a 4.2 cm2 minicone for silty
sand in calibration chamber testing. Puppala et al. (1991) found the resistance of a
1.27 cm2 minicone to be lower than a 10 cm2 cone in calibration chamber testing of
dense sand (relative density greater than 80%).
As pointed out by Lunne et al. (1997) however, depending on the test setup it is
difficult to separate scale effects from boundary effects. Much has been published
addressing the possible influence of container boundaries in calibration chamber tests
as well as in centrifuge tests (e.g. Parkin and Lunne, 1982; Parkin, 1988; Schnaid and
Houlsby, 1991; Foray, 1991; Salgado et. al, 1998; Gui & Bolton, 1998). A discussion
of possible boundary effects in this investigation is presented later.
Interestingly, field evidence provided by Peuchen et al. (2005) noted that 1 cm2 or
2 cm2 minicones produce a higher cone resistance than a standard CPT in strongly dilatant sands; while the minicones produce lower cone resistance than a CPT in sands
with contractive behavior. However, they also noted that insufficient data was available to be definitive.
3 EXPERIMENTAL INVESTIGATION
The cone soundings were conducted in a reinforced concrete trench at the NFESC
outdoor laboratory facility in Port Hueneme, California. The dimensions of the trench
are 1.7 m (width) by 21 m (length) by 1.5 m (depth). Because of the rigid bottom
boundary valid data is limited to about 1 m of penetration.
The primary challenge of testing at this scale is creation of uniform sand test beds
that can be prepared repeatedly, efficiently, and at a range of relative densities. A custom-designed sand dispensing system was constructed to air pluviate the sand into the
trench as shown on Figure 1. The pluviator was mounted on top of the trench and
could traverse the length of the trench and depose sand at controlled drop heights and
intensities. Only dry sand test beds were tested. The uniformity of the sand test beds
was assessed by using density cans to measure the in-place dry unit weight of the
sand at strategic locations during deposition. The coefficient of variation of the den-
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sity measurements was less than 2%. Sand test beds representing average relative
densities (Dr) of loose to dense (15% to 72%) were prepared and tested.

Figure 1. Sand pluviator used to depose sand into test trench.

The sand used in the study is Golden Flint G-50, which has been used by NFESC engineers in other seafloor studies and is typical of sediment found at medium water
depth (Girard & Taylor, 1995). It is poorly graded with angular to subangular grains
and is predominantly quartz. The pertinent index properties are shown in Table 1.
The cone soundings performed in the sand generally showed friction ratios less than
0.5% indicating that the sand is relatively incompressible (Lunne et al. 1997; Robertson & Campanella 1983).
Table
1. Average index properties for Golden Flint G-50 sand.
____________________________________________________________
γ dmax
γ dmin
FC
Cu
Cc
D50
Gs
___
___
_____
______
3
kN/m
kN/m3
%
mm
____________________________________________________________
1.2
1.65
1.06
0.24
2.74
16.79
14.36
____________________________________________________________

The minicone used is a subtraction type with a tip area of 2 cm2 and friction sleeve
area of 30 cm2. The cone is designed with an equal end area friction sleeve and a tip
end area ratio of 0.82. The cone apex angle is 60 degrees. The cone is attached to a
continuous stainless steel coil that is straightened as it goes through a set of rollers in
the thrust unit and is re-coiled as the cone is retracted. This type of unit and setup is
similar to others reported in the literature and has been used for many years in both
onshore and offshore investigations (e.g. Young et al. 1988; Power and Geise, 1995;
Tumay et al. 1998). The standard cone used was a 10cm2 compression cone with a 60
degree cone apex angle and a friction sleeve area of 150 cm2.
The cones were pushed into the prepared sand test bed using the hydraulic feed
system of a limited access drill rig that was positioned alongside the test trench. All
soundings were performed in general accordance with ASTM D5778-95 (2002). The
cones were advanced at a relatively constant rate of 2 cm/sec. Tip resistance and
sleeve friction were recorded at depth intervals of about 2.5 cm. In order to ensure the
cone electronics were operating properly, baseline readings of temperature shift and
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zero load offset was taken prior to and at the end of each sounding. The same operator using the same data acquisition system was used for all of the soundings.
Cone soundings were performed along the longitudinal centerline of the loose,
medium dense, and dense test beds and were spaced at intervals of at least 30 cone
diameters to avoid the effects of adjacent tests. Standard cones were located adjacent
to two minicone locations. Usually, 10 to 12 minicones and 5 to 6 standard cones
were performed in each test bed. The width ratio of the test setup (computed as the
width of the trench divided by the cone diameter) was 47 for the standard cone and
105 for the minicone.
4 TEST RESULTS
The minicone and standard cone tip resistance profiles for loose (Dr = 15%), medium
dense (Dr = 48%), and dense (Dr = 72%) sand test beds are shown on Figure 2. The
tip resistance profiles shown are the mean values.

Figure 2. Comparison between minicone and standard cone soil resistance profiles for loose, medium
dense, and dense sand test beds.

As expected, the initial tip resistance for both the standard cone and minicone increase with depth in a linear to slightly parabolic shape. Beyond a certain depth, the
rate of increase sometimes slowed or in the case of the loose sand test bed remained
more or less constant. This transition depth has sometimes been referred to in the literature as the “critical depth” (e.g. De Beer, 1974; Mitchell & Lunne, 1978; Puech &
Foray, 2002; Schmertman, 1978) and is thought to perhaps be the transition of the
soil failure mechanism from shear to compression (i.e. shallow versus deep foundation mechanism) in the vicinity of the cone tip. Also as expected, the overall cone tip
resistance values increase as the relative density of the sand test bed increases. The
overall magnitudes of tip resistance for the loose, medium dense, and dense test beds
are comparable to laboratory and in-situ cone resistance values in sands at shallow
penetration reported by Puech and Foray (2002).
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However, comparing the minicone and standard cone tip resistance side-by-side
reveals an interesting trend. For the loose test bed, the minicone resistance is clearly
less (by about 30 to 40%) than the standard cone resistance over the depth of penetration. For the medium dense test bed, they are practically the same over a large part of
the penetration. At about 0.8 m depth the two begin to deviate with the standard cone
showing a faster rate of increase. This increase is most likely due to the standard cone
sensing the rigid bottom boundary sooner than the minicone. For the dense test bed
the minicone resistance is greater (by about 20 to 30%) than the standard cone over
the majority of the penetration up until about 0.8 m depth. Beyond about 0.8 m the
standard cone resistance becomes larger than the minicone and is again most likely
due to the standard cone sensing the bottom boundary.
This phenomenon is further illustrated on Figure 3, which shows the ratio of minicone tip resistance divided by the standard cone tip resistance with depth. Values less
than unity indicate that the minicone tip resistance is less than the standard cone resistance. Values greater than unity indicate the minicone tip resistance is greater than the
standard cone tip resistance.

Figure 3. Ratio of minicone resistance to standard cone resistance for loose, medium dense, and dense
sand test beds.

If one assumes that loose sand is contractive and dense sand is dilative, then this
trend is consistent with those reported by Peuchen et al. (2005) who noted that the
minicone produces lower cone resistance than a standard cone in sands with contractive behavior, while the minicone produces a higher cone resistance than a standard
cone in strongly dilatant sands. However, this does not account for the effect of confining pressure on contractive or dilative behavior during drained shear. It is well
known that at low confining pressures, such as those in the test beds, even loose soils
will dilate when sheared. In fact, drained triaxial tests on the test sand showed dilatant
behavior for loose sand specimens at comparable confining pressures as those in the
test trench. In this sense, the observed behavior would contradict the results by Peuchen.
Perhaps the cone-tip resistance values for the medium dense sand test bed represent an intermediate “critical” density where the minicone and standard cone values

309

are practically the same. The data shown here indicates a possible scale effect between the minicone and standard cone and the observed behavior is dependent upon
the sand’s relative density and confining pressure.
5 POSSIBLE EXPLANATIONS OF OBSERVED BEHAVIOR
The side-by-side comparisons of the minicone and standard cone tip resistance profiles show a possible scale effect and a dependency upon relative density and confining pressure. However, is it really a cone size scale effect? Or might it be due to other
factors? Aside from the cone size scale effect, some other possible “scale” effects include the grain size effect and boundary effects.
The so-called grain size effect has been shown to alter the tip resistance values in
sands if the mean soil grain size is large compared to the cone diameter. Bolton et. al.
(1993) and Gui et. al. (1998) studied these effects in the centrifuge and concluded that
grain size effects are not relevant as long as the cone diameter to mean grain size ratio
is greater than 20. Puechen et. al. (2005) also noted that the minicone signature may
be different from the standard cone if the cone diameter to mean grain size is less
than 10. In this investigation, the ratios of cone diameter to mean grain size were 67
for the minicone and 149 for the standard cone. Therefore, the grain size effect is not
expected to influence the tip resistance values.
Much has been written about sidewall boundary effects in both centrifuge and calibration chamber investigations. The sidewall boundary effects are usually evaluated
by the chamber ratio, which is defined as the diameter of the chamber divided by the
diameter of the cone. Generally, in loose sands (relative density less than 30%) a
chamber ratio greater than about 20 is believed to have little influence on the tip resistance (Parkin and Lunne, 1982; Parkin, 1988). In dense sands however (relative
density of 80% to 90%), there is evidence of at least some boundary effect even with
diameter ratios as high as 60. In these types of soils, Parkin and Lunne suggest a diameter ratio of at least 50 for normally consolidated sand. The boundary effect is particularly evident for dense soils at low confining pressures.
As mentioned previously, the chamber ratio (or width ratio in this case) for this investigation was 47 for the standard cone and 105 for the minicone. The ratio for the
minicone was likely large enough to have minimized any sidewall boundary effects in
the loose, medium dense, and dense sand test beds. Likewise, the ratio for the standard cone was probably large enough to minimize sidewall boundary effects in the
loose and medium dense stand test beds. However, it is unclear as to what effect there
may have been in the dense sand test bed. The effect of the rigid sidewall in proximity to the standard cone in the dense test bed would most likely lead to an increase
in tip resistance with penetration depth. The tip resistance profile for the standard
cone shown on Figure 2 however shows a lower resistance than the minicone. Given
this information it is unclear what if any effects may have been manifested by the
sidewall boundary for the dense sand test bed.
As mentioned earlier, the profiles shown on Figure 2 have been truncated before
the cone reached the bottom of the test trench. The effect of the rigid bottom boundary was to sharply increase the tip resistance when the cone came within close proximity to the bottom of the trench. Schmertamnn (1978) suggested that it takes between 5 to 10 cone diameters to sense a boundary interface in sands, while Gui et. al.
(1998) reports that in sands it takes a “few” cone diameters for a cone to detect a hard
boundary. Lunne et. al. (1997) suggests the sphere of influence over which the cone
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can sense an interface is about 2 to 3 cone diameters for soft materials and up to 10 to
20 cone diameters for stiff materials. Assuming an intermediate value of 10 cone diameters, the standard cone and the minicone would not sense the bottom boundary
until after about 0.9 m and 1 m depth, respectively. These depths would therefore not
affect the upper part of penetration where the observations have been made. As a
matter of fact, 10 cone diameters or beyond 0.9 m depth, would help explain why the
standard cone tip resistance deviates and becomes larger than the minicone in the
medium dense and dense test beds as shown on Figure 2.
6 CONCLUSIONS
This paper presented the observations and results of side-by-side minicone (2 cm2)
and standard cone (10 cm2) penetration soundings to shallow depth in controlled test
beds consisting of loose, medium dense, and dense sands. The tip resistance profiles
showed that in loose sand, the minicone produced a lower penetration resistance
(30% to 40%) than the standard cone. In medium dense sand, the tip resistance profiles were practically the same. In the dense sand, the minicone produced a higher penetration resistance (20% to 30%) than the standard cone. These observations show a
dependency on density state which could not be explained by boundary or grain size
effects and are believed to be a possible scale effect between the different cone sizes.
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Evaluation of undrained shear strength of Busan clay
using CPT
S. J. Hong, M. J. Lee, J. J. Kim & W. J. Lee
Korea University, Seoul, Korea

ABSTRACT: A series of CPTu, DMT and triaxial tests were performed for clayey
soils from the Busan new-port site to evaluate the cone factors of Busan clay. The
cone factors, Nkt, Nke and NΔu, are determined by comparing CPT result with undrained shear strength obtained from DMT and triaxial tests. It is observed that Nkt
and Nke are inversely proportional to the pore-pressure ratio, and these values decrease with the progress of ground improvement. Whereas, NΔu appears to increase
with plasticity index and is relatively independent of the progress of ground improvement. Using these relationships, the prediction methods of the undrained shear
strength are suggested. It is shown that the prediction method using Nkt is suitable for
evaluating the undrained shear strength of Busan clay.

1 INTRODUCTION
The undrained shear strength of clay is directly measured from field vane, triaxial and
simple shear tests, or indirectly predicted by using the results of cone penetration test
(CPT) and flat dilatometer test (DMT). For predicting undrained shear strength of
clayey soil using the results of CPT, it is important to use appropriate method because
CPT is affected by not only the undrained shear strength but also the complex behavior of geotechnical properties. Since in situ penetration tests provide the measurements which are obtained under different shear mode and strain rate from those of the
direct tests, the cone factor is considered to be an empirical factor reflecting these incompatibility. The cone factor is also considered as the soil characteristics because it
is affected by soil properties.
Several researchers suggested the empirical relationships between cone factors and
soil properties, such as plasticity index, rigidity index, pore-pressure ratio (Vesic
1972, Baligh 1975, Teh & Houlsby 1991, Karlsrud et al. 1996). It is difficult to use
rigidity index, because rigidity index is not easily determined. Whereas, porepressure ratio, which can be measured by CPTu, can reflect various soil conditions.
Therefore, in this study, the relationships between the cone factors and the porepressure ratio are analyzed. For this, CPTu, DMT and triaxial tests are performed for
Busan clay.
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2 CONE FACTORS
Studies for predicting the undrained shear strength using CPT have been progressed
empirically and theoretically. The results of these studies show that the relationship
between the undrained shear strength and cone resistance is presented as equation (1).
Because cone resistance (qc) measured from u2 type piezocone is affected by porepressure, Lunne et al. (1985) suggested a prediction method using corrected cone resistance (qt) such as equation (2). Here, Nk & Nkt are cone factors, σvo is total vertical
stress. Aas et al. (1986) showed that value of Nkt is 8~20 and it increases with increasing the plasticity index. Karlsrud et al. (1996) found that Nkt turned out to be
6~18 and it is related to the pore-pressure ratio.
su 

qc   v 0
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su 

qt   v 0
N kt
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Senneset et al. (1982) suggested a prediction method of the undrained shear
strength using effective cone resistance (qe) as equation (3), and mentioned that the
value of Nke is 6~12. Lunne et al. (1985) found that the value of Nke is 1~10 and it is
related to the pore-pressure ratio.
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Using several theoretical approaches, the relationships between the undrained
shear strength and the excess pore-pressure have been suggested as equation (4) (Vesic 1972, Randolph & wroth 1972). According to cavity expansion theory, NΔu varies
from 2 to 20, and Lunne et al. (1985) indicated that the value of NΔu is 4~10. Karlsrud
et al. (1996) found that the NΔu value is turned out to be 6~8 and it has no relationship
with pore-pressure ratio.

su 
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N u
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3 TEST SITES AND PROGRAM
3.1 Description of test site
The test site is located at the construction site of the north container port in Busan
new-port, Busan, Korea. The longitude and latitude of the test site are E128°47’56”,
N35°04’30”, respectively. The test site were originally located below sea level, however, dredged sand up to a thickness of 6 m was dumped over the original clay deposit. Ground improvement was carried out by installing prefabricated vertical drains
into the clay and applying additional surcharge load.
The natural water content of the clay layer, which was deposited to have a thickness of 40~45m varies from 40% to 80%. The liquid limit and the plastic limit of clay
layers are 40~80% and 15~40%, respectively. Busan clay is classified CH or CL by
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USCS classification, and the predominant clay mineral is illite (Locat and Tanaka
1999, Hong et al. 2008).
3.2 Test program
Before ground improvement, two series of CPTu, DMT and field vane test were carried out, and samples were extracted by a piston sampler in order to perform triaxial
tests. CPT and DMT were conducted at G.L.-7m~G.L.-45m and G.L.-7m~G.L.-32m,
respectively. The field vane tests were performed every 4m interval from G.L.-8m to
G.L.-28m. The CK0U triaxial tests were conducted about 2.5m intervals from G.L.10m to G.L.-40m.
After completion of ground improvement, CPT and DMT were carried out again at
the same location. Casings were installed at G.L.-18m through the 13m gravel surcharge layer and 6m sand-fill layer to do these tests. CPT and DMT were conducted
from G.L.-20m to G.L.-35m. The strength of clay after the improvement is too high
to perform the field vane tests.
4 TEST RESULTS
4.1 Piezocone tests
Figure 1 shows the results of CPTu tests. The depth in Figure 1 is the one from the
ground level before ground improvement, and the depth after ground improvement is
converted considering surcharge and settlement. Except for the data in thin sand layers, the qt and u2 values before the ground improvement linearly increase with depth,
whereas, the qt and u2 values after the ground improvement are almost constant with
depth in spite of some scatter. The normalized cone resistance (Qt) of unimproved
ground decreases from 7 to 3 with depth up to G.L.-30m, and Qt of improved ground
varies between 3 and 4. The pore-pressure ratio (Bq) of unimproved ground increases
from 0.2 to 1.0 with depth up to G.L.-30m, and the pore-pressure ratio of unimproved
ground distributes between 0.5 and 0.8.
4.2 Undrained shear strength
Figure 2 shows the profiles of undrained shear strength with depth. The undrained
shear strength obtained from CK0U triaxial compression test, su(CKU), increases with
increasing depth, and the value of the normalized undrained shear strength,
su(CKU)/σ’v, is constant with depth at 0.32. The undrained shear strength evaluated
from DMT, su(DMT), is calculated using Marchetti (1980). As shown in Figure 2,
su(DMT) of unimproved ground is similar to su(VST). This may be because Marchetti
suggested the estimation method by comparing the undrained shear strength with
vane shear strength. It is observed from Figure 2 that the su(VST) and su(DMT) values of
unimproved ground increase with increasing depth, and the value of su(DMT)/σ’v and
su(VST)/σ’v is 0.22, approximately. It is also shown that the su(DMT) increases about
50kPa due to the ground improvement. Although the su(DMT) of improved ground
shows some scatter, it slightly increases with depth.
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Figure 1. CPTu results.

Figure 2. Profiles of undrained shear strength.
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5 ANALYSIS
5.1 Cone factors to evaluate su(CKU)
Because the undrained shear strength can be determined by different test methods,
different cone factor values are used according to the type of undrained shear
strength. The cone factors, Nkt, Nke, and NΔu, are obtained by comparing CPTu results
with su(CKU). This study investigates how the cone factors are related to the plasticity
index and the pore-pressure ratio.
Figure 3 shows the relationships between the cone factors and the plasticity index
(PI). The values of Nkt, Nke and NΔu are 7~20, 3~18 and 4~9, respectively. The Nkt
and Nke values appear not to be related to PI, whereas the NΔu value increases with
increasing plasticity index. The coefficient of determination (R2) for the NΔu-PI relation is 0.54.

Figure 3. The relationship between the cone factors for su(CKU) and the plasticity index.

Figure 4 is the relationships between the cone factors and pore-pressure ratio. In
this figure, both Nkt and Nke are inversely proportional to the pore-pressure ratio.
Based on the data shown in Figure 4, Nkt and Nke are expressed as Nkt = 24-19Bq and
Nke = 22-22Bq, respectively. NΔu seem to be no clear relation with the pore-pressure
ratio, however NΔu can be expressed as NΔu = 24Bq-19B2q in figure (4) because NΔu
has relationship with Bq as equation (5).
u qt   v 0
u


N kt  Bq  N kt  N u
N u
N kt
qt   v 0
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(5)

Figure 4. The relationship between the cone factors for su(CKU) and the pore-pressure ratio.

5.2 Cone factors to evaluate su(DMT)
The relationship between the cone factor and plasticity index is shown in Figure 5. As
the undrained shear strength evaluated from DMT results is about 1.5 times smaller
than those from triaxial test results, the cone factor to predict su(DMT) is larger than
that for su(CKU). It is observed from Figure 5 that the values of Nkt and Nke decrease
due to the ground improvement while the value of NΔu is almost unchanged. It is difficult to find good correlation between the Nkt (or Nke) and plasticity index although
Nkt and Nke values show the tendency of decreasing with plasticity index. This is because Nkt and Nke values decrease due to the ground improvement, whereas the plasticity index is not changed. In addition, although NΔu of unimproved ground increases
with plasticity index, it is hard to correlate NΔu to the plasticity index.
Figure 6 is the relation between the cone factor and pore-pressure ratio. In Figure
6, Nkt and Nke show a clear trend to decrease with the increase in pore-pressure ratio.
This is because the pore-pressure ratio, as well as Nkt and Nke, decreases due to the
ground improvement. The correlations between the cone factors and the porepressure ratio are expressed as Nkt = 40-35Bq, Nke = 38-42Bq, and the R2 of these correlations are 0.72 and 0.86, respectively. Since the su(DMT) values are similar to su(VST),
the results in Figure 5 and 6 should also apply to the cone factors linked to su(VST).

Figure 5. The relationship between the cone factors for su(DMT) and the plasticity index.
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Figure 6. The relationship between the cone factors for su(DMT) and the pore-pressure ratio.

5.3 Comparison of measured and predicted shear strength
The su(CKU) and su(DMT) can be evaluated by using the Equations given in Table 1. And
Table 2 presents the standard deviations in percent errors for the undrained shear
strength predicted using the equations in Table 1. Here, percent error can be calculated as equation (6). As shown in Figures 4~6, the correlations between Nke and
pore-pressure ratio have smallest value of R2. However, the standard deviation of
percent error expected when using Nkt prediction is smaller than that using Nke prediction. Although Nke and Nkt have similar values of error, it is found that the percent
error of the undrained shear strength predicted by Nke is larger, because magnitude of
Nke is smaller than that of Nkt. Consequently, the correlation between Nkt and porepressure ratio is more appropriate to evaluate the undrained shear strength of Busan
clay.

Percent error 

predicted  measured
measured

(6)

(%)

Table 1. Suggested prediction equations.
su(CKU)
Equation
(qt   v 0 ) /(24  19 Bq )
using Nkt
Equation
(qt  u2 ) /(22  22Bq )
using Nke

su(DTM)

(qt   v 0 ) /(40  35Bq )

(qt  u2 ) /(38  42 Bq )

Table 2. Standard deviations in percent errors.
Su(DTM)
Su(CKU)
Unimproved
Unimproved
Nkt
14 %
12 %
Nke
17 %
10 %
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Improved
31 %
92 %

Total
20 %
55 %

6 CONCLUSIONS
This paper discussed the evaluation of the undrained shear strength using CPTu for
Busan clay. For this, CPTu, DMT and triaxial tests were performed. The cone factors
calculated from test results are correlated with plasticity index and the CPT porepressure ratio, and the prediction methods are suggested using these correlations.
The values of Nkt, Nke and NΔu for su(CKU) are 7~20, 3~18 and 4~9, respectively.
Nkt and Nke are reversely proportional to the pore-pressure ratio, and NΔu increases as
the plasticity index increases. The correlations between the cone factors for su(CKU)
and the pore-pressure ratio are expressed as Nkt = 24-19Bq, Nke = 22-22Bq, and R2 of
these relations are 0.92 and 0.98, respectively.
Because, su(DMT) is smaller than su(CKU), the values of Nkt, Nke and NΔu for su(DMT)
are about 1.5 times larger than those for su(CKU). The values of Nkt and Nke decrease
due to the ground improvement while the value of NΔu is almost unchanged. Because
the pore-pressure ratio, as well as Nkt and Nke, decreases due to the ground improvement, Nkt and Nke show the clear trend with pore-pressure ratio. The correlations between the cone factors for su(DMT) and the pore-pressure ratio are expressed as Nkt =
40-35Bq, Nke = 38-42Bq, and the R2 of these correlations are 0.72 and 0.86, respectively.
Although, the correlations between Nke and pore-pressure ratio have smallest value
of R2, the prediction methods using Nkt is more exact than one using Nke in terms of
the standard deviation of percent error. Consequently, using Nkt prediction is more
suitable to evaluate the undrained shear strength of Busan clay.
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The engineering properties of surface layer on very soft
clay of the south coast in Korea
H.S. Jung & C.G. Cho & B.S. Chun
Hanyang University, Seoul, South Korea

ABSTRACT : Many researchers have actively studied on stiffness of soft clay in the
south coast in Korea. However it is still insufficient to investigate clearly on the
stiffness of very soft clay layer. Undrained shear strength of very soft clay layer in
the south coast area were evaluated to investigate engineering characteristics of insitu clay and dredged-reclaimed clay by various test methods. Results obtained by
standard penetration test, field vane test, piezocone penetration test and dynamic
cone penetrometer test were compared. Undrained shear strengths of clay layer near
surface in south coast district are below 65kPa. Results of field vane tests were
similar to those of piezocone penetration tests. The correlation between penetration
depth and undrained shear strength produced a formula when dynamic cone
penetration test made one blow in the field tests to apply dynamic cone penetrometer
into very soft grounds.

1 INTRODUCTION
Recently dredged deposits and reclamations of public water area are increasing as
one of the effective methods to use the wastelands more effectively. In addition, the
cases to carry out constructions of civil engineering structures in very soft grounds
also rapidly increase. Therefore, precise analyses of shear strength of the soft
grounds have been required and then various soft ground improvement methods have
been developed to stabilize soft grounds more economically in early stage of
construction.
N-value is the most critical value for construction design on or in the ground. In
spite that strength properties according to accumulation order of clay layers for very
soft grounds were different, as the changes of N-values gained from Standard
Penetration Test (SPT) were minimal, researchers had difficulties to precisely
understand soil strength. In addition, as ground accessibility for sandy soils is easy,
data are abundant and research results are good due to many researches, it is easy for
many researchers to share. However in case of cohesive soils, as equipments entry is
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difficult in many cases, tests are quite difficult to be executed and data are in
shortage. Moreover the data have many errors.
Accordingly in this research, in-situ tests such as standard penetration test, Field
Vane Test (FV) and Cone Penetration Test (CPT) in five domestic fields were
conducted to evaluate undrained shear strength of outer layers in the very soft
ground. Contents to analyze undrained shear strength according to cone penetration
depth in order to use Dynamic Cone Penetrometer Test (DCP) in very soft grounds
are treated.
2 BACKGROUND
2.1 Very soft ground
The bases to judge soft grounds are depending on sorts, engineering methods and
construction periods for structures to be constructed in the grounds. As soft grounds
make instable behavior dynamically as their compressibility is high and bearing
power is low, in case bankings (embankments) or digging works are executed in the
grounds, ground subsidence and destruction occur. Accordingly counter-measuring
engineering methods are required to be set up.
Soils in the ground are generally divided into clay and sand and the softness of
soil can be estimated by experimental correlation. However for general judgement,
softness of the grounds is expressed in soft/harness degree for clays and relative
density for sands.
For clay soils, degree of is estimated by the test results of unconfined compressive
strength (qu), cone penetration test, field vane test and/or standard penetration test.
As shown in Table 1, clays of which unconfined compressive strength is less than
50kPa are soft clays and clays with 'less than 25kPa' are classified as very soft. If Nvalue in clay layer is less than 4 for SPT, it indicates soft clay, and very soft clay for
N<2. However as N-values measured in clay layer provide rough estimate values
only to judge shear strength and softness, they should be carefully considered when
actual designs are applied.
Table 1. Judgement of Soft ground in Clay by SPT (Terzaghi & Peck, 1948)
Consistency

N values

Unconfined compression strength(qu, kPa)

Very Soft

<2

< 25

Soft

2∼4

25 ∼ 50

Medium stiff

4∼8

50 ∼ 100

Stiff

8 ∼ 15

100 ∼ 200

Very stiff

15 ∼ 30

200 ∼ 400

Hard

> 30

> 400
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On the other hand, softness of sandy grounds is judged by relative density. If
relative density is less than 40%, it is considered as soft ground and if less than 20%,
very loose ground (very soft ground).
Table 2. Relation between the corrected SPT N values and the internal angle of friction in Sand
(Φ) Internal angle of friction

N

Consistency

Relative Density
Dr (%)

Peck

Meyerhof

0∼4

Very loose

0 ∼ 20

< 28.5

< 30

4 ∼ 10

Loose

20 ∼ 40

28.5 ∼ 30.0

30 ∼ 35

10 ∼ 30

Medium

40 ∼ 60

30.0 ∼ 36.0

35 ∼ 40

30 ∼ 50

Dense

60 ∼ 80

36.0 ∼ 41.0

40 ∼ 45

> 50

Very dense

80 ∼ 100

> 41.0

>45

2.2 In-situ test
The standard penetration test has several advantages such as the easiness of the
test procedure and the simplicity of the equipment employed. Representative but
disturbed samples can be taken, which is used for the classification of layers. The test
is carried out in various types of soils ranging from soft clay and loose sand to very
stiff clay and dense sand.
In situ vane shear measurements are especially useful in very soft soil deposits
which may have a strength disturbance during sampling. It should not be used in stiff
clays or in soft soils containing gravel, shells, wood, etc. The main equipment
components are the torque assembly, which includes a gear reduction device capable
of producing constant angular rotation of 1 degree to 6 degrees per minute, a
calibrated proving ring with a dial gage for torque measurement within 5%, a means
of measuring angular rotation in degrees, and thrust bearings to support vane at
ground surface (NAVAF, 1982).
The equipment for CPT consists of mechanical, electrical, electronic and
hydraulic units and a coiling system. The length of the coil depends upon the
required depth of sediment investigation. The tip of the coiling system, consisting of
a cone with an apex angle of 60° and a diameter of 35.7mm, is pushed by the help of
the hydraulic unit at a rate of 2cm/s into the sediment.
The dynamic cone penetrometer has been described by ASTM 6951-03 (2003).
The typical dynamic cone penetrometer consists of an 8kg hammer that drops over a
height of 575 mm, which yields a theoretical driving energy of 45J or 14.3J/cm2, and
drives a cone tip with 20mm base diameter vertically into the pavement or subgrade
layer. The steel rod to which the cone is attached has a smaller diameter than the
cone (16mm) to minimize the effect of skin friction. Depth of investigation of
dynamic cone penetrometer is 1m to 2m. A number of blows measured during
operation is recorded with depth of penetration. The slope of the curve defining the
relationship between number of blows and depth of penetration (in millimeters per
blow) at a given linear depth segment is recorded as the dynamic cone penetrometer
penetration index (DPI).
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3 FIELD TEST
3.1 Methods
The field test was executed to examine property of undrained shear strength in the
very soft grounds of the south coast in Korea and use Dynamic cone penetrometer
test (DCP) in very soft grounds.
Firstly, tests to examine property of undrained shear strength in the very soft
ground of the south coast in Korea were executed in a total of 5 sites and the sites
having very soft ground in the south coast for test places including Suncheon,
Jeonnam (Site A), Gwangyang, Jeonnam (Site B), Mokpo, Jeonnam (Site C), Masan,
Gyungnam (Site D) and Jinhae, Gyungnam (Site E) were selected. In the test
methods, to determine whether the test area belongs to a very soft ground was based
on standard penetration test (N<2). In case the area is very soft, cone penetration test
and field vane test were executed and undrained shear strengths were compared and
analyzed.

Figure 1. Locations of field tests

Secondly, in the field test executed to use dynamic cone penetrometer test in very
soft grounds, analysis of undrained shear strength regarding penetration depth was
executed when the dynamic cone penetrometer test made one blow. For the detailed
test method, whether the test area is very soft was judged by Standard penetration
test (N<2). The penetration depth when Dynamic cone penetrometer test made one
blow was measured in the area corresponding to a very soft ground. As Field vane
test (FV) was executed in the same position, undrained shear strength was secured
and both data were mutually compared and analyzed.
Laboratory tests were composed of basic soil tests and the experiment materials
gathered in GL(-)0.3m were used. The total six tests including unit weight test,
moisture content test, special gravity test, particle-size test, liquid limit test, and
plastic limit test were executed according to Korea Standard Test. Triaxial
compression test was executed and then undrained shear strength was analyzed in the
dynamics test (Table 3).

324

Table 3. Physical properties
Content
Unit weight
Water content
Specific gravity
Liquid limit
Plastic limit
USCS
Undrained shear
strength(UU test)

Site A

Site B

Site C

Site D

Site E

1.63g/㎤
35.07%
2.63
52.05%
36.50%
MH

1.54g/㎤
37.54%
2.70
55.44%
31.58%
CH

1.57g/㎤
35.02%
2.73
47.05%
25.48%
CL

1.52g/㎤
20.04%
2.69
SP

1.68g/㎤
36.02%
2.65
43.75%
27.14%
OL

12.65kPa

27.42kPa

32.47kPa

34.38kPa

44.27kPa

3.2 Results
3.2.1 Undrained shear strength of very soft clay layer in the South coast
The clay layer in the site A was classified as a very soft ground because the
penetration depths for one blow in the standard penetration test were ranging 28cm
and 31cm. Results of the field vane test in the same place showed 'less than 36kPa' in
the case 1 and 'less than 38kPa' in the case 2. Undrained shear strength converted
from cone penetration resistance value were 'less than 37kPa' in the case 1 and 'less
than 40kPa' in the case 2. When the results of field vane test and cone penetration
test were mutually compared, the result of Field vane test showed relatively lower
shear strength than that of Cone penetration test. In addition, both tests showed
bigger undrained shear strength as gone to the surface layer.
As the Site B was the field where spoil was reclaimed, it was composed of very
soft grounds of which N-values were generally less than 2 and the upper layer was
classified as CH when it was classified by the two hundredth passed ratio, liquid
limit and plasticity index under the unified classification rule. The penetration depths
for one blow penetration when Standard penetration test was made were measured at
29cm, 43cm, and 60cm respectively. The result of field vane test showed 'less than
49kPa in the case 3, 'less than 47kPa in the case 4 and 'less than 23kPa in the case 5.
In spite that the test was made after skimming the part of outer layer, the difference
between undrained shear strengths for the outer layer and 50cm depth occurred more
than other fields. When the cone penetration resistance value was converted to
undrained shear strength by penetration depth and analyzed, the result showed 'less
than 42kPa' in the case 3, 'less than 42kPa' in the case 4 and 'less than 20kPa in the
case 5. When the results of field vane test and cone penetration test were mutually
compared, the result of field vane test showed relatively lower shear strength than
that of cone penetration test.
The site C is composed of silt clay mixed with fine grained sands down to GL(-)
3m and high plastic clay(CH) mixed with a minute quantity of fine grained sands
down to GL(-)7m. Dead load penetration by dead load of hammer occurs in the site,
which is composed of very soft ground of which N-value is less than 2, generally
down to GL(-)11m. The penetration depths for one blow penetration when Standard
penetration test was made were measured at 25cm, 60cm, and 19cm respectively.
The result of field vane test at that time showed 'less than 49kPa' in the case 6, 'less
than 15kPa' in the case 7 and 'less than 45kPa in the case 8. When cone penetration
resistance value was converted to undrained shear strength by penetration depth and
analyzed, the result showed 'less than 35kPa' in the case 6, 'less than 11kPa' in the
case 7 and 'less than 40kPa in the case 8.
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The layer of the site D is composed of silt clay layer, sand gravel layer,
weathering zone layer and sedimentary rock layer in turn. The silt clay layer was
verified in the GL(-) 13.0~14.6m and upper altitude of sedimentary rock was verified
in DL(-) 26.5~41.8m. The upper layer, which is composed of loose sandy soil, was
classified as SP when it was classified by the two hundredth passed ratio, liquid limit
and plasticity index under the unified classification rule. The penetration depths for
one blow penetration when Standard penetration test was made were measured at
31cm, 27cm, and 30cm respectively. The result of field vane test showed 'less than
40kPa in the case 9, 'less than 50kPa in the case 10 and 'less than 28kPa in the case
11. The result of cone penetration test showed 'less than 20.5kPa in the case 9, 'less
than 25kPa in the case 10 and 'less than 18kPa in the case 11. As this site is the
ground mixed with loose sandy soil, whereas the other sites are composed of
cohesive soil, it was analyzed that the difference between the result of field vane test
and undrained shear strength by cone penetration test was about more than twice. As
the penetration depth was getting deeper, the strength became larger not like the
distribution of undrained shear strength of the site B and E, which is composed of
dredging reclamation.
The site E is the place for dredging dumping and the case 12~16 in which the field
tests were executed are the cohesive soil layer dredged and reclaimed. About 10~20
cm of its upper part is in state of consolidation and the lower part is composed of
cohesive soil with high moisture ratio. It was classified as OL from the unified
classification. The penetration depths for one blow penetration when standard
penetration test was made were measured at 60cm, 60cm, 26cm, 16cm and 60cm
respectively.
The result of field vane test showed 'less than 41kPa in the case 12, 'less than
35kPa in the case 13, 'less than 28kPa in the case 14, 'less than 49kPa in the case 15
and 'less than 45kPa in the case 16. The result of cone penetration test showed 'less
than 39kPa in the case 12, 'less than 37kPa in the case 13, 'less than 41kPa in the case
14, 'less than 59kPa in the case 15 and 'less than 49kPa in the case 16.
When undrained shear strengths by penetration depth are analyzed, in case of very
soft grounds (Site A, B, C, E) composed cohesive soil, the strength of the upper
surface layer was verified to be higher than that of the lower part. The strength of
lower part is greater than that of upper part in the very soft grounds (Site D)
composed of loose sandy soil. Figures 2 and 3 show the result of undrained shear
strength from field vane tests and cone penetration tests at the five fields
respectively.

3.2.2 Computation of undrained shear strength using dynamic cone penetrometer
In order to use dynamic cone penetrometer in very soft grounds, undrained shear
strength was computed using dynamic cone penetrometer. When one blow in the
dynamic cone penetrometer was made, the undrained shear strength was analyzed by
executing Field vane test at the same position of penetration depth.
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(a) case 1~8

(b) case 9~16

Figure. 2 Field vane test result

(a) case 1~8

(b) case 9~16

Figure. 3 Cone penetration test result

The result of field vane test showed maximum undrained shear strength was less
than 50kPa in very soft ground (N<2) and soft ground (N≥2). The penetration depth
at one blow in the dynamic cone penetration test was analyzed to be 4cm. There are
various strengths according to penetration depths from surface layer to 30cm
penetration depth. However, in the surface layer below 30cm of penetration depth, as
penetration is made by dead load of hammer, it is assumed that the undrained shear
strength has no considerable meaning. The following equation was deduced from
regression analysis of undrained shear strength by penetration depth when dynamic
cone penetrometer made one blow. It is expected to be well used for computation of
shear strength when dynamic cone penetrometer is used in very soft grounds.
ln(Y)=-1.55ln(X)+7.16

(1)
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Figure. 4 Computation results of undrained shear strength using DCP test

4 CONCLUSIONS
1) The result of field vane tests in five fields of very soft ground showed that the
undrained shear strength is about less than 50kPa in the border area to practically
distinguish very soft ground and soft ground.
2) The undrained shear strength was verified to be 65kPa from the result of cone
penetration test. This result indicates that the strength by cone penetration test is
greater than undrained shear strength by field vane test.
3) When undrained shear strengths depth are analyzed compared with penetration
depth, in case of very soft grounds composed of cohesive soil, the strength of the
upper surface layer was verified to be higher than that of the lower part. The
strength of lower part is greater than that of upper part in the very soft grounds
(Site D) composed of loose sandy soil.
4) The formula ln(Y)=-1.55ln(X)+7.16 was derived by from regression analysis of
undrained shear strength by penetration depth when the dynamic cone
penetrometer made one blow and it is expected to be well used for computation
of shear strength when dynamic cone penetrometer is used in very soft grounds.
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CPT in unsaturated soils using a new calibration
chamber
M. Pournaghiazar, A.R. Russell & N. Khalili
The University of New South Wales, Sydney, NSW, 2052, Australia

ABSTRACT: The development of a calibration chamber for conducting cone penetration tests (CPT) in unsaturated soils is presented. The chamber allows lateral and
vertical pressures to be applied independently to an unsaturated soil specimen. Horizontal pressure is applied by cell water pressure pushing on a durable rubber membrane enclosing the specimen, vertical pressure is maintained by a hydraulic loading
ram placed under a chamber piston at the specimen base. Suction is controlled in a
specimen using the axis translation technique. Air pressure is applied at the top of the
chamber where it spreads uniformly across the top of the specimen. Pore water pressure is applied through eight high air entry value porous disks embedded in the base
plate. A novel aspect of the design is the specimen formation system which enables
specimens of repeatable properties to be formed. It comprises four movable cylinder
quarters attached to the chamber shell which may be locked together to make a rigid
former. Sand specimens may be placed within the former by dry pluviation, then saturated, and then unsaturated to induce suction. CPT results are presented and the significant contribution of suction to penetration resistance is highlighted.
1 INTRODUCTION
The engineering behaviour of unsaturated soils is complex and influenced by many
factors including externally applied stresses, soil type and suction. Most notably, suction increases the soil’s strength and stiffness. Upon wetting an unsaturated soil may
weaken significantly and exhibit volumetric collapse. Unsaturated soils are widely
spread and need to be dealt with in many engineering problems including foundations, fills and embankment dams, pavements and airfields as well as natural and
made slopes.
At present the characterization of unsaturated soils requires expensive and time
consuming site investigations involving soil borings and undisturbed sampling for laboratory testing to obtain even the most basic information on the suction dependant
strength and stiffness. Performing the cone penetration test (CPT) in unsaturated
soils, a commonly used in situ test, may enable less costly and more rapid characterization.
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Many correlations have been proposed for the determination of engineering properties of saturated soils from CPT results (e.g., Schmertmann 1978, Robertson &
Campanella 1983, Keaveny & Mitchell 1986, Jamiolkowski et al. 2001). However,
no correlations currently exist for interpretation of CPT data in unsaturated soils. Engineers are left to interpret CPTs performed in unsaturated soils using correlations
developed for saturated soils which may lead to unknown misrepresentations in estimated soil properties.
Calibration chambers have been used extensively in the past to develop correlations under laboratory controlled conditions for saturated or dry soils (e.g., Holden
1971, Bellotti et al. 1982, Huang et al. 1988). More recently a calibration chamber for
performing CPTs in unsaturated soils was designed and built at the University of Oklahoma (Miller et al. 2002). In that chamber specimens were prepared by static compaction inside a specimen former, although difficulties were encountered due to a low
former rigidity (Tan 2005).
This paper presents a new calibration chamber being used at The University of
New South Wales (UNSW) in a study of the CPT in unsaturated soils. It also outlines
a novel specimen formation system enabling specimens of repeatable properties to be
created. CPT results in saturated and unsaturated uniform quartz sand specimens are
presented and the effect of suction on penetration resistance is highlighted.
2 THE NEW CALIBRATION CHAMBER
2.1 Chamber configuration
The new calibration chamber accommodates a cylindrical soil specimen that is 460
mm in diameter and 800 mm in height. The chamber is designed to allow combinations of axially symmetric lateral and vertical pressures to be applied independently
to the external walls of the specimen. Lateral stresses are applied by water pressure
acting on a rubber membrane enclosing the soil specimen. Vertical stress is applied
by a hydraulic loading ram pushing on the chamber piston connected to the base of
the specimen. A cross section of the chamber is shown in Figure 1.
Suction within the specimen is also controlled independently using the axis translation technique (Hilf 1956). In an unsaturated test air pressure is applied at the top of
the chamber via fittings on the top cap and holes cut through the top plate. It spreads
uniformly across the top of the specimen. Pore water pressure is applied through eight
high air entry value porous disks embedded in the specimen bottom plate. A pore air
pressure (ua) that is larger than pore water pressure (uw) induces suction (s = ua - uw)
in the soil specimen. High air entry value porous disks embedded in the bottom plate
are shown in Figure 2.
A novel specimen formation system has been developed and included in the design which enables creation of specimens of repeatable properties from variety of soil
types. It consists of four cylinder quarters built in to the chamber. Two handles are attached to each cylinder quarter near their top and bottom which enable them to be
moved manually towards and away from the center of the chamber. During specimen
preparation, the former quarters are pushed together and locked into position to form
a rigid cylindrical mould. A rubber membrane is positioned inside the mould to contain the specimen. Vertical compaction/compression of soil can be performed within
the mould without experiencing problems of bulging or distortion. After specimen
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preparation the chamber is assembled and a confining cell pressure is applied. The
quarters of the former may then be pulled away from the specimen. A cross section of
moveable former is shown in Figure 1.
A hole of 50 mm diameter is cut through the centre of top plate and top cap allowing the penetrometer to be pushed into the specimen. There are four threaded holes
cut through the top plate and top cap: two are connected to the pore air pressure control system and two may be connected to either a pore water pressure control system
or used as an air vent during specimen flushing.

Figure1. Calibration chamber cross section

Figure 2. High air entry value porous disks embedded in the bottom plate and copper tubing for satu
ration of specimen
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2.2 Control and measurement units
The calibration chamber requires a number of control and measurement units including a cell pressure supply system, a loading ram for controlling the vertical stresses
on a specimen, and separate pore air and pore water pressure systems for controlling
suction. The general arrangement of the units is shown in Figure 3.
The chamber is filled with water which is then pressurized to supply a lateral
stress to a specimen. The cell pressure is supplied using an air water interface cylinder, in which the air pressure is manually adjusted and measured using an air pressure
regulator and analogue pressure gauges. Cell water volume change is determined by
recording the water level in the air water interface cylinder with an accuracy of about
±10 mL, and a glass burette volume change unit with an accuracy of about ±0.5 mL.
The chamber has two separate lines to supply pore water to the base of a specimen. One line is connected to perforated copper tubes at the bottom plate (as can also
be seen in Figure 2) and is used to flood the specimen with water. The other set is
connected to the porous disks embedded in the base plate and controls pore water
pressure within an unsaturated specimen. Pore water volume changes are measured
using separate volume change units comprising glass burettes and water oil interfaces. Pore air pressure supplied to the top of the specimen is controlled and measured
using a pressure regulator and pressure gauge.
A 10 tonne hydraulic ram pushing upwards against the piston and the bottom plate
supplies the vertical stress to the specimen. An electric micro pump is used to operate
the ram. A linear varying displacement transducer (LVDT) mounted below the piston
captures the vertical displacement of the ram, which is equal to the vertical deformation of the specimen. All vertical displacements are recorded using a computerized
logging system.

Figure 3. The Calibration Chamber Control System
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3 TESTING PROCEDURE
The procedure for performing a CPT in a dry, saturated or unsaturated sand specimen
is outlined here.
3.1 Formation of sand specimens
Dry sand specimens are prepared by the pluvial deposition technique. Sand is placed
in a large hopper positioned above the calibration chamber. The sand is then allowed
to flow through the base of the hopper through an opening. The flow rate is controlled
by adjusting the size of the opening using a movable flap. The sand then passes
through a diffuser consisting of two sieves aligned and fastened to a pulley system
before it finally drops into the chamber. A uniform flow rate of sand through the diffuser and a uniform drop height (distance between diffuser bottom and placed sand
surface) enables preparation of a homogenous specimen. The system is designed so
that the diffuser is moved upward during the pluviation process using the pulley system to maintain a constant drop height. Specimen dry density depends on the drop
height and flow rate (Rad & Tumay 1987).
The next stage of the specimen formation procedure is leveling off the surface of
the specimen. A gravel layer 50 mm thick may be placed at the top of the specimen to
enable even spread of air/water pressures across the specimen top. The top plate is
then moved to position and the rubber membrane is clamped to the top plate. The
chamber top cap is then fastened. Once the chamber top cap is bolted to the top
flange a small cell confining pressure is applied to the specimen and the moveable
formers are pulled away from the specimen towards the chamber shell. This provides
a stress controlled lateral boundary condition. The cell pressure and axial pressure are
increased to desired values and the specimen is allowed to consolidate. Specimen
densities are determined by calculating the weight of sand which has exited the hopper to create the specimen. By conducting several trials it was confirmed that this system was able to create specimens with repeatable densities equal to target values dependant on the drop height and controlled flow rate.
A dry specimen may then be saturated by passing de-aired distilled water through
perforated copper tubes at the bottom plate while applying a slight vacuum to the
specimen top. The water is supplied by a de-aerator unit.
Unsaturated specimens can be formed by saturating an initially dry pluviated specimen as described above, and then letting the moisture content reduce to achieve a
target suction. Initially, water is allowed to drain under its self weight by opening the
valves connected to the copper tubing at the base. The copper tubing is then resaturated using deaired water, being careful to flush just enough water to fill the tubes and
the surrounding soil pores in the lowest 50 mm of the specimen. The copper tubing is
then sealed, and pore air pressure and pore water pressure applied via the top and
high air entry ceramic discs at the base, respectively. The pore water volume change
is monitored during this process until equilibrium is reached within the sample.
3.2 Cone penetration
Cone penetration tests are conducted using a miniature electrical cone, model ELC2,
manufactured by A.P van den Berg. The cone is 16 mm in diameter and the cone tip
area and friction sleeve area are 2 cm2 and 30 cm2, respectively. The cone is pushed
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by a HYSON 100 kN single cylinder static cone penetrometer powered by a petrol
driven power pack. A loading frame specially built to mount the HYSON penetrometer is positioned above the chamber and bolted to the top cap and top flange. Figure 4
shows the frame and penetrometer mounted on the top of the chamber. A hollow bush
cylinder creates a seal around the cone and the centre hole of the chamber top cap.
The cone is pushed into the soil specimen with an insertion rate of 2 cm/s – although
the hydraulic ram allows this to be set at any constant rate in the range 0.2 to 2 cm/s.

Figure 4. Penetrometer mounted on the top of the chamber

4 TEST RESULTS
Results of CPTs conducted in saturated and unsaturated Sydney sand are shown in
Figure 5. Sydney sand, a predominantly quartz sand, is classified as SP with a D50 of
0.3 mm. The relative densities of the formed specimens were about 61%. The saturated specimen (S1) was subjected to an isotropic effective stress of 100 kPa (lateral,
vertical and pore water pressures of 350 kPa, 350 kPa and 250 kPa, respectively). The
first unsaturated specimen (U1) was subjected to an isotropic net confining stress of
100 kPa and controlled suction of 50 kPa (lateral, vertical, pore water and pore air
pressures of 200 kPa, 200 kPa, 50 kPa and 100 kPa respectively). The second unsaturated specimen (U2) was subjected to an isotropic net confining stress of 100 kPa and
controlled suction of 200 kPa (lateral, vertical, pore water and pore air pressures of
350 kPa, 350 kPa, 50 kPa and 250 kPa respectively).
The most useful portion of the test records is between depths of 0.3 m and 0.55 m
where the qc values are approximately constant and free of influence from the top and
bottom boundaries. The values of the cone tip resistance recorded between about 0.1
m and 0.25 m are slightly higher, caused by interaction between the top of the speci-
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mens and the top plate. From about 0.55 m the cone tip resistance values show a
modest increase due to interaction with the rigid base boundary so tests are terminated around depths of 0.2 m from the bottom of the specimens. Between 0.3 m and
0.55 m depths the cone tip resistance averages about 10.7 MPa, 11.7 MPa and 13.6
MPa for S1 (saturated), U1 (unsaturated, s = 50 kPa) and U2 (unsaturated, s = 200
kPa) specimens, respectively. The suction noticeably increases the penetration resistance and clearly shows the importance of considering suction in interpreting CPT results. New correlations considering suction need to be developed, using results performed under controlled laboratory conditions.

Figure 5. CPT results in saturated and unsaturated sand specimens prepared by the pluviation deposition method (Dr = 61%)

5 CONCLUSIONS
A new calibration chamber for conducting cone penetration tests in unsaturated soils
under laboratory controlled conditions has been presented. It includes a novel specimen formation system which has been used here to prepare dry, saturated or unsaturated sand specimens. Results of cone penetration tests carried out in saturated and
unsaturated sands show that suction noticeably increases average penetration resis-
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tance. Correlations developed for saturated (or dry) conditions cannot be used for interpretation of cone penetration test results conducted in unsaturated soils. New correlations considering suction need to be developed.
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Bias reduction on CPT-based correlations
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ABSTRACT: Cone penetration tests (CPTs) often provide benchmark data for
geotechnical site characterisation through empirical correlations. These correlations
are estimated from CPT data and soil property measurements. Both CPT data and soil
property measurements contain random errors and systematic errors, making
correlations less reliable. Reliability assessment of correlations is usually achieved by
undocumented engineer-dependent judgement. A method is proposed for reducing the
influence of both random and systematic errors on CPT-based correlations and their
reliability.

1 INTRODUCTION
Cone penetration tests (CPT) often provide benchmark data for geotechnical site
characterisation through empirical correlations, which inevitably involve uncertainty.
The uncertainty arises from two sources, i.e. random errors (scatter) and systematic
errors (bias). Accounting for both types of errors in the correlation assessment will
lead to a more accurate approximation of the true value of the soil property, i.e.
without random and systematic error. The true value of a soil property is usually
defined by a “reference” value applicable to a selected geotechnical calculation
model.
2 ERRORS IN MEASURED DATA
2.1 Random errors: scatter
Scatter is the result from random testing errors in measurements (noise) and inherent
spatial variability in soil properties. Inherent spatial variability yields measurements
fluctuating around the true value and, with sufficient data available, only has an
influence on the variance of the parameter. Errors that affect the variance of a
parameter only, are known as random errors.
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2.2 Systematic errors: bias
Systematic error, or bias, is defined as the difference between the true value and the
expected (estimated) value. Measurement errors that affect the expected value are
called systematic errors. A major source for systematic errors in geotechnical
parameters is (small scale) heterogeneity. Correlating CPT data with soil property
data and with other in-situ test and laboratory test data will inevitably involve
accounting for spatial variability, as any pairing of data will always be on material
spaced at some distance.
3 CLASSICAL APPROACH TO DERIVING CPT-BASED CORRELATIONS
CPT data is usually plotted against, laterally adjacent, soil property data in an X-Y
scatter plot, after which best fit correlations are determined (“post-regression”).
Pairing of soil property measurements with CPT data introduces complexity, which
includes:
 Relatively low soil property measurements may pair with relatively high CPT
values and vice versa.
 There may be no CPT data available at the depths of the soil property
measurements. This will be particularly evident for correlations of soil properties
with (sparse) laboratory test data.
 A disadvantage of pairing soil property measurements with CPT data and
subsequent correlation is that the paired CPT data values are used in the analysis
only. The remaining CPT data is not taken into account.
 There may be significant lateral variability between the locations of the soil
property measurements and the CPT data.
 The elevation of the locations where the soil property measurements and the CPT
were taken may differ. Consequently, pairing data at equal depths may not be
appropriate.
In post-regression, the CPT data are considered the independent variable, as it is the
CPT data which is used to determine the best estimate of the soil property. Issues
with post-regression include:
 Regression is typically based on a sparse data set, giving rise to confidence
intervals.
 All data points are taken into account with the same weight, even though on the
basis of engineering judgement some data points may be considered less reliable
than others.
4 AN IMPROVED APPROACH TO DERIVING CPT-BASED CORRELATIONS
4.1 Weighted least squares regression
In geotechnical practice, a correlation estimate can be improved by first identifying
strata with broadly similar geotechnical characteristics (and relevant for the
geotechnical considerations of interest) and secondly determining the weighted least
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squares regressions (WLS) for each stratum through both the CPT data and the soil
property measurements (“pre-regression”). Then, both regressions can be correlated,
which accounts for the inherent spatial variability. Pre-regression mitigates the
difficulty of sparse data, as regressions may be considered an “infinite” amount of
data, i.e. data can be paired at any depth.
Trends through geotechnical data are usually assessed by means of ordinary least
squares regression (OLS). This regression technique minimises the sum of squared
residuals without any classification of data. By applying a weighted least squares
regression on data, it is possible to incorporate the reliability of individual data
points, by taking into account their weights. This technique minimises the weighted
sum of squares:
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(Note that if wi = 1 for all data, then all data is of equal reliability, WLS is equal to
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where wj = weight for each individual data point j; N = number of criteria; s_lab(i) =
systematic error in the laboratory measurement introduced by source i; s_CPT(i) =
systematic error in the CPT measurement introduced by source i; max(s_lab(i)) =
maximum possible systematic error in the laboratory measurement introduced by
source i; and max(s_CPT(i)) = maximum possible systematic error in the CPT
measurement introduced by source i.
Using WLS makes it possible to consider all obtained data in the regression analysis
(i.e. no data is eliminated), while directing the trend towards the true correlation,
based on the more reliable data in the dataset.
The weights for WLS regression are determined by the systematic errors in each data
set. Systematic errors will shift the expected value in a certain direction, with a
certain magnitude. The magnitude and direction are not only site specific, but also
depend on the source of the systematic error. The magnitude and direction of
systematic errors in measurement data can be estimated from experience, soil
catalogues and other test results. Depending on the soil property of interest, each
measured parameter in the correlation function can be influenced by several
systematic error sources.
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4.2 Confidence intervals
Confidence intervals on the correlation can be determined using error propagation
theory (Eq. 3):
2
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 z 
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 x 
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 y

2

(3)

where x = error on measurement parameter x; y = error on measurement parameter
y; and z = error on correlation of x and y.
5 ILLUSTRATION
The proposed methodology is illustrated by estimating the correlation of net cone
resistance, qn, with UU-triaxial undrained shear strength, cu, being the reference
strength recommended by API (2000) Main Text for axial pile capacity in clay. A
common approach is to use a linear relation cu = qn/Nk, where qn is the net cone
resistance and Nk is the so called “cone factor”. Reliability assessment of the Nkfactor is a difficult task, but crucial for accurate cu derivation. The Nk-factor depends
on sensitivity, overconsolidation, overburden stress, silt content and reference
strength, such as UU-triaxial, vane shear test or pocket penetrometer undrained shear
strength. Estimating both magnitude and direction of the systematic errors introduced
by a number of sources will yield a more consistent Nk assessment. For UU-triaxial
undrained shear strength and net cone resistance, the systematic errors could be
introduced by the sources as presented in Table 1. Note that the value of the errors is
site-specific and should only be considered example estimates.

Table 1. Suggested estimates of systematic errors on UU-triaxial undrained shear strength
measurements and CPT net cone resistance measurements.

Error sources

Systematic error
S_UU-cu

(1) Laboratory Value – UU Triaxial
Compression Test cu
Undrained soil response

Practically undrained Partially drained
Fully drained
(10%)
(25%)
(50%)
> 50%
Vertical Heterogeneity (consider shells, < 5% heterogeneity
5% to 50%
heterogeneity
thin layers of sand/silt/peat, stratified
heterogeneity
etc.)
(5%)
(20%)
(40%)
None
Multiple, random
Oriented
(Macro) structure (consider
cementation, fissures or other
discontinuities)
(5%)
(20%)
(40%)
0.5 < cu/’v0 < 1
cu/’v0 > 1
Undrained shear strength ratio (UU
cu/’v0 < 0.5
accuracy typically reduces with
increasing ratio)
(5%)
(10%)
(25%)
cu >10 kPa
5< cu <10 kPa
cu < 5 kPa
Undrained shear strength cu (UU has
minimum “threshold” strength)
(5%)
(20%)
(40%)
Drilling, sampling and handling
Δe/e0 < 0.04 for OCR 0.04 ≤ Δe/e0 < 0.07 Δe/e0 > 0.07 for
< 2 or
activities*) generate sampled
for OCR < 2 or
OCR < 2 or
undisturbed soil quality that matches
Δe/e0 < 0.03 for
0.03 ≤ Δe/e0 < 0.05 Δe/e0 > 0.05 for
2 ≤ OCR < 4
“reference quality”
for 2 ≤ OCR < 4
2 ≤ OCR < 4
(-15%)
(40%)
(80%)
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(2) In-Situ Value – CPT qn
Undrained soil response
Homogeneity (consider shells, thin
layers of sand/silt/peat, stratified etc.)
(Macro) structure (consider
cementation, fissures or other
discontinuities)
Net cone resistance qn and Application
Class AC (CPT has minimum
“threshold” resistance; AC according to
ISO, 2010; AC1 not normally feasible
in practice)

Practically undrained
(5%)
< 5% heterogeneity
(5%)
None
(5%)
AC 1 qn>0 kPa or
AC 2 qn>100 kPa or
AC 3 qn>200 kPa

S CPT-qn
Partially drained
(15%)
5% to 50%
heterogeneity
(20%)
Multiple, random

Fully drained
(50%)
> 50%
heterogeneity
(40%)
Oriented

(20%)
(40%)
AC 1 10<qn<30 Other conditions
kPa or AC 2
30<qn<100 kPa or
AC 3
70<qn<200 kPa
(15%)
(25%)
Speculative
Probable or
Speculative with
Qt>10

(5%)
Pore pressure measurement system
Confident or
fully saturated (consider loss of
Probable with Qt>10
or Speculative with
saturation due to penetration of
Qt>20
unsaturated soil and/or dilative
clays/sands; loss of saturation unlikely
where in-situ equilibrium pore pressure
>2000 kPa)
(5%)
(15%)
(25%)
*) Reduced quality usually gives lower than expected cu values; chemical/biological alteration and
high-quality practice usually give higher than expected cu values; consider offshore drill string
movements, mud pressure window, soil composition, strength sensitivity, void ratio comparisons etc.

A classification system for the data consisting of 3 rankings, being 1) Confident
(s < 20%); 2) Probable (20% < s < 50%); and 3) Speculative (s > 50%) is proposed.
Ideally, correlation is based on confident data only. However, in geotechnical
practice, only sparse data will be ranked confident (even as little as one or two data
points). Therefore, it is necessary to assess the data so that an optimum correlation
estimate can be achieved. This can be realised by applying WLS.
The proposed methodology is illustrated by comparing the common post-regression
method with the weighted pre-regression method.
Consider a UU-triaxial undrained shear strength dataset (plotted versus depth, Fig. 1).
The collection of squares, triangles and diamond shaped points represent the
measured data, including systematic and random errors. The measured data is
classified by means of weighting (equation 1). The WLS is represented by the red
line and the two black hourglass-shaped lines represent the 95% confidence interval.
A similar plot is made for the net cone resistance (Fig. 2).
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Depth

Depth

Net Cone Resistance

UU Undrained Shear Strength

Confident data (systematic error < 20%)
Probable data (20% < systematic error < 50%)
Speculative data (systematic error > 50%)
Weighted least squares regression
Upper bound 95% confidence interval
Lower bound 95% confidence interval

Confident data (systematic error < 20%)
Probable data (20% < systematic error < 50%)
Speculative data (systematic error > 50%)
Weighted least squares regression
Upper bound 95% confidence interval
Lower bound 95% confidence interval

Figure 1. UU-triaxial undrained shear strength versus depth Figure 2. Net cone resistance versus depth

Figure 2 shows that the WLS regression pushes the correlation estimate towards the
confident data, which is considered to have smaller systematic errors.

UU Undrained Shear Strength

Subsequently, the weighted pre-regression from the UU-triaxial measurements is
plotted against the weighted pre-regression from the net cone resistance
measurements, as presented in Fig. 3.

Net Cone Resistance
Confident data (systematic error < 20%)
Probable data (20% < systematic error < 50%)
Speculative data (systematic error > 50%)
True regression (without systematic errors)
Post-regression (ordinary least squares)
Correlated weighted pre-regression
Lower bound 95% confidence interval on WLS
Upper bound 95% confidence interval on WLS

Figure 3. Correlation of weighted pre-regression

342

The (true) regression through the measurements without systematic errors is
represented by the grey line. The dashed line represents the OLS through the
scattered (paired) data (post-regression). The correlated weighted regressions are
represented by the red line, indicating a better match with the true regression. The
95% confidence interval is determined using error propagation theory according
Eq. 3.
6 CONCLUSIONS
Correlating soil property measurements with CPT measurements inevitably involves
random errors and systematic errors. The work presented shows that by means of preregression, errors introduced by inherent spatial variability and small scale
heterogeneity can be reduced. Subsequently, by estimating the systematic errors
introduced by several sources, weighting factors can effectively be determined and
used in weighted least squares regression techniques (WLS). Combining
pre-regression and WLS results in more reliable CPT-based correlation estimates.
The presented error sources for correlation of net cone resistance and UU undrained
shear strength serve as an example of application of the method. Similar criteria can
be formulated for other correlations.
REFERENCES
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ABSTRACT: The knowledge of the subsurface structure and composition is the precondition for the understanding and modelling of geohydraulic processes. A wide variety of in-situ and laboratory methods for subsurface characterization exist, with
resolutions ranging from centimetre to field scale. As most of these methods are excellent tools for the characterization of homogenous aquifers, the exploration of heterogeneous aquifers is far more complex.
This paper presents initial results from a project using cone penetration tests and recently developed Direct Push methods for subsurface characterization at a field site in
Bitterfeld, Germany. At this site, soil specific properties change over a range of several magnitudes within short horizontal and vertical distances. This study gives an
overview of the results and a qualitative correlation of the tested methods.

1 INTRODUCTION
In this case study, different Direct Push (DP) methods for hydraulic and compositional subsurface characterization were applied at a site with a heterogeneous aquifer. In
addition, extensive grain size analyses on soil samples in close proximity to the DP
logs were performed. Sediment deposits at the tested sequence of the Bitterfeld site in
Germany indicate a quaternary glaciofluvial channel fill. Within the tested aquifer,
changes in soil specific properties are within a range of several orders of magnitudes
and occur within short horizontal and vertical distances. To characterize the subsurface composition, cone penetration tests with pore pressure measurements (CPTU) in
combination with a newly developed soil moisture probe extension were performed.
The CPTU results were interpreted applying common interpretation models and compared to logs of different high resolution Direct Push tools that are used for the hydraulic characterization of sediment deposits. Core and grain size data helped to
evaluate the capability of each method.
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2 DIRECT PUSH-TOOLS
In the following section, a short description of the employed DP tools is given.
McCall et al. (2006), Dietrich & Leven (2006), and Butler (2005) give a comprehensive overview of the state of the art and recent developments in the field of Direct
Push and provide a broad record on related literature.
2.1 CPTU-SMP
A heavy duty subtraction-type piezocone with a projected tip area of 15 cm2 and a
projected sleeve area of 225 cm2 was used for the CPTU profiling. This cone was
chosen because of its robustness, as the tested aquifer consists of gravelly layers and
is covered by backfill material. To avoid instrument loss, the upper 3 m were prepushed with a solid dummy tip.
While the piezocone is advanced at a constant speed of 2 cm/s into the ground the
probe measures the tip resistance (qc), sleeve friction (fs), and the pore pressure at the
u2 position behind the cone. In this case, the piezocone was used in combination with
a newly developed Soil Moisture Probe (SMP) extension that additionally measured
the electrical conductivity and the relative permittivity of the soil. The relative permittivity is measured using a technique that Hilhorst (1998) describes as Frequency
Domain technique (FD). As the relative permittivity is closely related to the volumetric water content in the soil, e.g. as expressed by Topp et al. (1980), the relative permittivity can be used to calculate the total porosity in the saturated zone.
2.2 Direct Push Injection Logger (DPIL)
The DPIL was developed to derive vertical profiles of the relative distribution of the
hydraulic conductivity in the soil. This tool is used for discontinuous measurements
and is installed using a percussion hammer. At desired depth intervals, the advancement of the probe is stopped and the water pressure in the injection tubing is measured at different injection rates using a pressure transducer and flow controller on the
surface. The relative hydraulic conductivity (KDPIL) can then be calculated after Dietrich et al. (2008):

K DPIL 

1
Rtotal  Rtube

(1)

where Rtube= Resistance of the tube; Rtotal = total resistance, both depending on the
flow rate, back pressure and system parameters.
As the tool is advanced, water is continually injected through the screen behind the
drive tip at relatively high flow rates to prevent the screen from clogging. To derive
vertical KDPIL distribution profiles, test intervals of 30 cm were chosen and, in a later
step, reduced to 10 cm to increase resolution. Due to the resulting robustness of the
system, a wide range of water pressure can be used for the hydraulic characterization.
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2.3 Hydraulic Profiling Tool (HPT)
A Hydraulic Profiling Tool is used to evaluate the hydraulic properties of the subsurface using a similar approach as the DPIL. The probe is advanced into the soil at a
constant speed of 2 cm/s either by pushing and/or using a percussion hammer. While
the probe is advanced, water is injected into the ground through a screen on the side
of the probe. A build-in transducer measures the pressure response of the soil to the
water injection. High back pressure and low flow rates are normally corresponding to
less permeable sediments, low backpressure and high flow rates indicate highly permeable sediments. In addition, this tool is equipped with an array of electrodes to
measure the electrical conductivity of the soil as electrical conductivity may also be
used for sediment characterization. An increase of the electrical conductivity can be
an indicator for an increased abundance of fine material in the soil. Based on the
combination of these in-situ methods, the HPT provides valuable information that can
be used to estimate a relative vertical distribution of the hydraulic conductivity
(KHPT):

K HPT  Q / P

(2)

where Q= flow rate; P= pressure response data corrected for atmospheric and hydrostatic pressure.
For the calculation of KHPT, system parameters are not considered. Flow rates of approximately 300 ml/min (18 l/h) were used.
There are currently no methods available to correlate KDPIL or KHPT to absolute values
of the hydraulic conductivity (K).
2.4 Direct Push Slug Test (DPST)
The Slug Test is used to derive absolute K-values. Butler (1998) describes the slug
test as measuring the recovery of head in a well after a near-instantaneous change in
head at the well. At the test site, a pneumatic Direct Push slug test assembly was
used. This test is performed in a temporary Direct Push monitoring well with a
screened interval of 50 cm or 100 cm at the end of the rod string. The DPST uses
compressed air to generate the head change within the well. For these experiments, a
newly developed automated pneumatic slug test was employed. The K-values were
determined based on Springer and Gelhar (1991).
2.5 Sonic Sampling and grains size analysis
To collect the soil samples for grain size analyses, Sonic sampling was employed.
Thereby the rods are set into high frequency vibration causing the soil in contact with
the rods to “liquefy”. This technique allows the retrieval of continuous and minimally
disturbed 2 m soil cores. The cores were visually classified after sedimentological criteria and samples were taken for every observable change of color, texture and/or
composition. Grain size analyses included the coarse grain and fine grain fraction.
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3 CPTU DATA ANALYSIS AND SOIL INTERPRETATION
The CPTU-SMP data were first checked for outliers caused by load charge and discharge during probing. Also, unreasonably high values of fs and qc measured over a
distance less than the cone diameter were discarded. The CPTU data are presented in
Figure 1. Five distinct zones can be identified based on the friction ratio (Rf) which is
defined by
f
(3)
R f  s  100
qt
Different methods for the interpretation of CPT/CPTU-data exist. Six standard interpretation approaches were used, results applying the CPT soil behavior type classification system from CPTU data after Robertson et al. (1986) which uses qt and Rf are
shown in Figure 2, with
qt  qc  (1  a )u 2

(4)

where a= area ratio of the cone (cone specific).
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Figure 1: CPTU data showing qc, fs, Rf and u2 and the layering based on the Rf.

When plotted in the interpretation chart, layers of lower friction ratios (layer 1, 3, and
5) fall mainly within a small range of zone 9 and 10 in the chart that correspond to
sand, respectively gravelly sand to sand. Layers of higher friction ratio (layer 2 and 4)
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plot over a wide range from zone 8 to 3, corresponding to sand respectively silty sand
to clay. Considering the CPT data, the compositional heterogeneity of the aquifer is
clearly indicated by the layers of higher friction ratio.
The dynamic pore pressure shows a high variability, changing between positive and
negative values. Negative domains are interpreted as overconsolidated fine grained
layers - a typical phenomenon for glacially impacted deposits. Nevertheless, when
comparing the dynamic pore pressure to the hydrostatic pressure, the tested aquifer
sequence can be described as connected and unconfined. The results of the interpretation show very good consistency throughout the different interpretation methods.
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Figure 2: Soil Interpretation after Robertson et al. (1986).

4 COMPARISON OF DP DATA AND GRAIN SIZE ANALYSES
In addition supplemental DPIL and HPT profiles in close proximity to the CPT log
were compiled. Results show differentiations in performance and resolution for the
applied methods.
The electrical conductivity profile (Fig. 3) depicts the main compositional structures
as the CPT profiles - however with less distinction. This may be caused either by
changes in sediment composition (e.g. varying content of fine grained materials) or
instrument dependent noise.
In contrast, the hydraulic characterization using the HPT and DPIL systems does not
show a distinct sedimentological layering. Only when several HPT or DPIL logs that
were taken along a 150 m long profile are combined, a tendency for the K-value distribution within the aquifer can be estimated, marked by the broad solid line in Figure
3. For the HPT, considering the pressure response and electrical conductivity data,
this tendency can be correlated to the identified structures. The DPIL seems to describe a more general tendency of an increase in hydraulic conductivity starting at
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about 9 m depth. The DPIL resolution stays within this general tendency even though
the spacing of the test intervals was reduced to 10 cm. The lithologic profile that was
generated from the geological characterization of the sediment cores shows the intensive layering of the profile especially in zones that were characterized by a low friction ratio. In this aspect, the geotechnical and hydraulic characterization show major
differences.
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Figure 3: Comparison of the lithological profile; HPT and DPIL logs taken along a 150 m long profile,
and preliminary results of calculated K-values after Beyer (1964) from grain size analyses.

Using the Sonic sampling technology, sediment cores of 2 m length were taken to a
depth of 12 m. For every apparent change in color, texture or sediment composition
soil samples were taken and grain size analyses performed. Preliminary results of 40
grain size distribution analyses support the results of the Direct Push campaign. The
grain size distributions were used to calculate K-values after Beyer (1964):
K  c(U )  (d10 ) 2

(5)

where c = is an empirical factor; U = unconformity coefficient (d60/d10); d10 and
d60 are the diameter of grains in the 10th and 60th percentile, respectively, expressed
in millimeters.
From the 40 samples, a total of 21 samples were in good accordance to the limitation
of the Beyer equation (U < 20; 0.06 < d10 < 0.6mm). All of these 21 samples fall
within the layers characterized by low friction ratios, showing the heterogenic composition of the high friction ratio layers. The K-value distribution for the 21 samples
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shows a clear partition of the aquifer, consisting of an upper and a lower part as identified by the DPIL. Eleven K-values from 2 to 7.5 meters average at a 7.19 x10-5 m/s
with a standard deviation of 4.15 x10-5. Ten samples for the depth interval of 9 to
11.50 m show an average K-value of 5.20 x10-4 m/s with a standard deviation of 5.25
x10-4. For reference values a number of DPST were performed.

5 CONCLUSIONS
In this study, examples of a variety of methods for the in-situ characterization of the
subsurface are presented. Amongst these, CPTU is the most established method and a
standard application for the geotechnical praxis. From the CPTU data the main compositional structures within the upper 12 m of the tested aquifer can be identified.
When the CPTU data are interpreted using soil behaviour type diagrams, results indicate a higher degree of heterogeneity in the layer of higher friction ratio. The sediment cores reflect the same main structures but show a higher level of heterogeneity,
expressed by the number of distinguishable layers over the vertical distance, in the
layers that are characterized in CPTU profile by a lower friction ratio.
HPT and DPIL are used for the hydraulic subsurface characterization. These methods
depict a general tendency of the K-distribution in this study, even though the HPT data shows a better correlation to the main structures. The preliminary results of calculated K-distribution of 21 soil samples confirm the results of the DPIL and HPT.
It can be shown that the presented Direct Push tools are an efficient and reliable alternative for the compositional and hydraulic subsurface characterization.
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Evaluation of cone penetration test data from a
calcareous dune sand
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ABSTRACT: Cone penetration testing in calcareous soils presents an unusual case
for the application of traditional correlations to soil properties based on siliceous sand
behavior in that calcareous soils generally have higher friction angles than siliceous
sands at the same state, although, much lower cone tip resistance. This paper evaluates CPT data from a calcareous dune sand through comparison of various in situ test
results. Small strain stiffness parameters are higher than typical, while large strain
stiffness parameters are typically lower. Normalization of tip resistance agrees with
previous studies for siliceous sands, although high stress compressibility and the influence of soil state on qc1N (and Ic) lead to overprediction of fines content using conventional correlations.
1 INTRODUCTION
Evaluation of intra-correlations from a variety of in situ tests at a given site can provide useful information to calibrate theoretical models and empirical correlations.
Downhole shear wave velocity (Vs) is useful for determination of small strain stiffness (G0=·Vs2), self boring pressuremeter (SBP) tests provide measurement of shear
moduli over intermediate strain levels, and the flat plate dilatometer test (DMT) may
to used to assess a high strain stiffness value. The cone penetration test (CPT) is a
versatile in situ test which can be performed more rapidly than the previously mentioned tests, and provides information of vertical variability in soil properties within a
single sounding, or horizontal variability when comparing a number of soundings.
This paper compares CPT, DMT, SBP, and Vs data obtained in a calcareous aeolian
sand located close to the top of a series of sand dunes near Ledge Point village, which
lies about 100km north of Perth, Western Australia. The particular area of testing discussed here is 3.5 km from the Ledge Point beach site discussed by Hebeler et al.
(2005), where the water table was much higher than at the present site. The sand at
both sites is uniformly graded with D50 ≈ 0.24mm and emax ≈ 1.1 to 1.3.
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Figure 1. Cross section, location map and photo of Ledge Point dune site
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Table 1. Summary of in situ test parameters for depth ranges and location of SBP tests
ID

Mid
Depth
(m)

SBP

p1.3%
(kPa)

p4%
(kPa)

SCPT

s

Gu-rb
(MPa)

G0
(MPa)

CPT

qcnet
(MPa)

DMT

F
(%)

p0
(kPa)

p1
(kPa)

ED
(MPa)

BH-A
SCPT-9

1.3
100
168
0.46
20
125
14.3
0.35
2.3
292
486
0.45
52
181
19.0
0.49
3.3
501
833
0.45
84
121
18.7
0.42
BH-B
1.3
43
96
0.35a
13
78
1.7
0.65
360
471
3.9
SCPT-6
2.3
175
288
0.44
28
86
10.9
0.54
361
486
4.4
DMT-2
3.3
470
729
0.39
65
215
27.1
0.64
833
2091
44
4.8
427
747
0.50
72
176
24.8
0.64
697
1473
27
a
this test appeared to be disturbed, the s parameter was fitted to data between c = 4 to 5%; calculation from p1.3% and p4% from
Table 1 would result in s = 0.71
b
the average of 3 unload-reload loops at different stress levels. Values did not vary significantly since the test were performed to
the same stress ratio (e.g., Fahey 1991)

Figure 2. Typical profiles of CPT, DMT, SBP and SCPT parameters

2 TEST RESULTS
A test location plan, cross section, and photo of the site are shown in Figure 1. The
test location plan indicates 5 CPTs, 3 additional SCPTs, 2 DMTs, 2 boreholes with
self boring pressuremeter (SBP) tests, and two model pile tests (not discussed in this
paper). Figure 2 plots results from SCPT-06, CPT-05, and DMT-02, all located in the
southeast portion of the site near a trough between two dunes. Additionally, shear
moduli inferred from Vs for SCPT-06 are compared to average unload-reload
modulus from the SBP tests in Borehole B. Characteristic SBP cavity pressure values
for adjusted cavity strains of 4% are included with the DMT data. These data and data
adjacent to Borehole A are also summarized at pressuremeter test depths in Table 1.
It is noted that characteristic pressures for the SBP tests have had the creep component removed to enable appropriate comparison with rapid expansion induced by the
cone or DMT.
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Figures 1 and 2 indicate a relatively consistent soil type, with a friction ratio (F) of
around 0.5% constant with depth. No significant changes in soil type were observed
from borehole cuttings and test pits near CPT-08 indicate clean sands. Tip resistance
in the cross section on Figure 1, as well as profiles in Figure 2, indicate two main
sand layers that repeat throughout the vertical profile; one layer with a high tip resistance (discussed as ‘dense’ and indicated as darker color layers) and one layer with a
lower tip resistance (discussed as ‘loose’ and indicated as lighter color layers). The
loose and dense layers are interbedded due to the shifting nature of the sand dunes.
Thicker deposits of loose sand layers tend to accumulate at the trough between two
dunes (i.e., near CPT-8), thinning up the side of the dune. The predominant wind direction is typically W-E/E-W, or perpendicular to the direction of the cross section.
3 CORRELATIONS BETWEEN STRENGTH AND STIFFNESS
There is not a unique correlation between strength and stiffness for soils, but assessment of the correlation between measurements of stiffness and strength at a given location provides valuable information on the possibility of ageing, cementation, and
suctions induced by partial saturation. Measurements of stiffness were obtained from
seismic cone (G0), self boring pressuremeter (Gu-r), and the dilatometer (ED). When
evaluating correlations between strength and stiffness based on in situ tests in sands,
the ratio of G/qcnet (or E/qcnet) are often compared with an indication of relative density, such as the normalized cone tip resistance qc1N [=(qcnet/pref)/('v0/pref)0.5, with
pref=100 kPa]. This relationship can be expressed as:
 q
G0
p  
 K G   cnet ref 0.5 
q cnet
 ' v 0 p ref  

n

 K G  q c1N

n

(1)

where pref is a reference stress equal to 100 kPa. Typical values of the stress exponent, n, vary from 0.67 to 0.82, and a value of 0.75 is adopted in this paper (after Rix
& Stokoe 1991). Theoretical studies of siliceous and calcareous sands as well as a
data base of natural uncemented Holocene sand sites suggest that KG on average is
about 215. Studies have shown that KG varies widely depending upon stress state,
ageing, and cementation (e.g., Fahey et al. 2003, Schneider 2009), and for a stress
exponent of 0.75 tends to range from 110 to 330 in uncemented Holocene siliceous
sands, and from 330 to 1100 in aged sands, cemented sands, and residual silty sands.
Figure 3 compares the ratio of G0 to qcnet to these ranges for the Ledge Point sand. It
is apparent that data follow the conventional correlation, with n of 0.75, and that the
average KG value of about 500 is higher than typical of uncemented unaged sands. By
comparison, laboratory values of G0 from bender elements tests on Ledge Point sand
when combined with conventional relative density correlations indicate a KG value of
approximately 400. This would imply that both the ‘loose’ and ‘dense’ natural sands
at Ledge Point have a stiffness value that is 25% higher than reconstituted samples,
indicating some degree of cementation or bonding. High KG values at Ledge Point
may also arise due to suctions present in the sand, which was at a typical saturation
level of less than 30%.
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The ratio of the dilatometer modulus (ED) to CPT qcnet shown in Figure 3 has a median value of 2.7, and no density (qc1N) dependence. The lack of density dependence
is typically observed for ED/qcnet in siliceous sands, although the characteristics value
of ED/qcnet is usually closer to 4.

Figure 3. Comparison of stiffness and strength

4 CONE TIP RESISTANCE AND SOIL CLASSIFICATION
Cone penetration testing in saturated Ledge Point calcareous sands (e.g., Hebeler et
al. 2005) produced no excess penetration pore pressures (i.e., u2=u0), indicating conditions of drained penetration. The CPTs and SCPTs in the Ledge Point dune sand
considered here were located well above the water table, and penetration conditions
are also considered drained for this case. In cases of drained penetration, comparisons
of relative variations in normalized cone tip resistance to variations in friction ratio
(F), or soil behavior type index [IC=f (qc1N,F); e.g., Robertson & Wride 1998], can
provide more evidence of potential changes in soil behavior than comparison of normalized cone tip resistance and pore pressure parameters. Soil classification in this
paper is based on normalized cone tip resistance and friction ratio, as discussed by
Robertson (1990) and Robertson & Wride (1998).
While cone tip resistance is more strongly influenced by horizontal effective stress,
normalized cone tip resistance is usually expressed in terms of vertical effective stress
for ease of calculation:

q cnet p ref 
' v 0 p ref n

(2)

where pref is a reference stress equal to 100 kPa and n is a stress exponent (which differs from that discussed for relationships between strength and stiffness). Traditionally, n values of one have been used and the normalized cone tip resistance is identified as Q (=qcnet/'v0). When analyzing relative density and friction angle of sands,
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stress exponents of 1, 0.71, 0.55, 0.6, and 0.5 have been used by various authors. The
latter has been adopted for evaluation of liquefaction resistance and soil classification
in sands, and is often known as (the previously defined) qc1N. The stress exponent for
sands may actually vary with relative density due to stress dependent dilation, which
is explored for these sands through results in Figure 4.
As previously illustrated in Figures 1 and 2, the shifting nature of the formation of
sand dunes has led to locations of comparatively ‘dense’ and ‘loose’ layers. When
data from the 9 CPTs and SCPTs are compiled (for a depth range of 0 to 12m, 4300
points), a bi-modal distribution is observed in Figure 4a. The ‘loose’ layers tend to
have a characteristic value of qcnet near 8 MPa, while the denser layers tend to have
qcnet near 24 MPa. Histograms for Q, qc1N, and optimized stress exponents of 0.45 for
the ‘dense’ sand layers and 0.55 for the ‘loose’ sands are illustrated in Figures 4. The
optimized stress exponent was selected based on the minimum COV of normalized
cone resistance that occurred as n was increased from 0 (qcnet) to 1 (Q). For this case,
over a depth range of 0 to 12m, it is true that the optimum stress exponent appeared to
be slightly higher for loose calcareous sands (0.55) than for dense calcareous sands
(0.45). Both stress exponents were approximately equal to 0.5, and median (or average) values were within about 2 percent. These uncertainties are small compared to
uncertainties due to model error and vertical and horizontal variability in the soil deposit itself. A stress exponent of 0.5 (qc1N) would therefore seem most applicable for
analysis of normalized behavior for these calcareous sands.
While use of a stress exponent of 0.5 produces the most uniform normalized behavior for these calcareous sands, it may not be most appropriate for assessment of
soil classification by CPT. For analysis of clays, a stress exponent of unity (Q) is
most commonly used. If different stress exponents are used for sands and clays, this
requires an iterative procedure which is slightly more complicated and may not improve the analysis a great deal. Figure 5 compares assessment of soil behavior type
using Q-F and qc1N-F charts. Charts are based on Robertson (1990) and Robertson &
Wride (1998), although the areas of ‘Sensitive’ and ‘Overconsolidated / Cemented’
have been replaced by a slightly larger version of the originally recommended ‘Normally Consolidated’ Zone.
When using either Q or qc1N, the same conclusions are made in terms of classification for these soils. Soils classify predominantly in Zones 6 (sands), with a few points
in Zones 7 (gravelly sands to sand) and 5 (silty sand to sandy silt). More points plot in
Zone 7 when using Q as compared to qc1N, which may relate more to tip resistance
being controlled by soil state (relative density and effective stress) as compared to
relatively density alone (e.g., qc1N). The parameter Ic increases as the soil type moves
from Zone 7 to 6 to 5, etc. Figure 4 illustrates histograms of friction ratio (F) and Ic.
The soil has a very uniform friction ratio at about 0.5%, but reductions in qc1N due to
soil state leads to increases in Ic. Values of Ic < than 1.31 are usually considered sands
and gravels (Zone 7) and as Ic increases it is inferred that fines content increases to a
value of 15 to 30% nonplastic fines at an Ic of 2 (e.g., Robertson & Wride 1998). Visual observations in test pits near CPT-08 (i.e., a ‘loose’ zone) did not show high fines
content materials. The compressible nature of calcareous sands may lead to overestimation of fines content using correlation developed for siliceous sands. Additionally,
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investigations into the influence of soil state on Ic for interpretation of fines content in
siliceous and calcareous sands are clearly warranted.

Figure 4. Frequency of distributions for CPT parameters (8 CPTs; 4300 data points; depth = 0 to 12m)

Figure 5. Location of calcareous sands in soil behavior type charts slightly modified after Robertson
(1990) and Robertson & Wride (1998) (8 CPTs; 4300 data points; depth = 0 to 12m)
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5 SUMMARY & CONCLUSIONS
Comparison of various in situ test results at a given site provide additional insights
into soil behavior. The cone penetration test provides an abundance of near continuous data with depth in a rapid and repeatable manner, but understanding of whether
high and low cone tip resistance values are influenced by changes in density, overconsolidation, cementation, or suctions requires additional measurements such as
those from downhole Vs tests, SBP test, or DMT, as well as laboratory tests. This paper presented results of these various in situ tests in a calcareous sand dune with a
bimodal cone tip resistance distribution, i.e., characteristically ‘loose’ and ‘dense’ interbedded sand layers.
For this site the following conclusions have been drawn:
 Both the ‘loose’ and ‘dense’ sand layers had G0/qcnet ratios that were in line
with typical correlations having uniform values of ‘KG’. These values are
higher than uncemented siliceous and calcareous sands.
 The values of SBP Gu-r/G0 ratios were typically around 0.3 to 0.4, and
dropped as low as 0.15 in near surface layers. These values are lower than
values of 0.4 to 0.6 typically observed in siliceous sands.
 The ED/qcnet ratio followed conventional trends but was also lower than average, possibly due to high stress compressibility or effects of cementation.
 Tip resistance normalization using stress exponents of 0.45 for ‘dense’ layers and 0.55 for ‘loose’ layers produce the most uniform distributions of
normalized tip resistance. For practical purposes, a stress exponent of 0.5
leads to relatively consistent distributions of normalized tip resistance.
 Test pits did not indicate the presence of fines in soils identified as ‘loose.’
It is inferred that decrease in qc1N due to high stress compressibility and reduction in soil state result in increased values of Ic and misinterpretation of
the fines content. The influence of state on Ic and inference of fines content
requires additional study.
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using CPT data – Adriatic sea
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ABSTRACT: Shear wave velocity (Vs) is a key parameter for seismic amplification
analyses, and for assessment of liquefaction potential of offshore sands. A number of
methods are available to measure Vs offshore, of which the seismic Cone Penetration
Testing (CPT) usually proves to be the most effective. However direct Vs measurements are typically not included in the scope of work for offshore investigations, and
the geotechnical design must rely on correlations to other soil parameters. This paper
presents a correlation between the CPT data and Vs for medium dense offshore sands.
The correlation combines the semi-empirical relationships between cone tip resistance and the variation of soil stiffness with the in situ stress. The prediction method
was developed from a database of 23 sites in the Adriatic sea, offshore Italy. Where
no direct measurements are available the shear wave velocity profiles can be delineated by means of the proposed correlation. However the inherent variability of the
data confirms the benefits of direct measurements for critical projects.
1 INTRODUCTION
The shear wave velocity and shear modulus (Gmax) are fundamental soil parameters.
They are important in determining soil dynamic behavior and liquefaction susceptibility (Youd and Idriss 2001), as well as in static loading situations (Burland,
1989). The Vs can be measured using different in-situ tests such as seismic cone penetration test, seismic dilatometer test, downhole test, crosshole test, and spectral
analysis of surface wave. Also, different empirical correlations have been developed
between Vs and cone penetration test data. Baldi et al. (1989) correlated Vs in Italian
sands with cone tip resistance (qc) and the effective overburden stress (σ′vo). Rix and
Stokoe (1991) modified the above study and estimated Gmax/qc as a function of
qc/(σ′vo)1/2. Mayne and Rix (1995) found that Vs in clays is statistically correlated
with qc and void ratio. Hegazy and Mayne (1995) updated the above correlations in
sands and clays using additional data. More recently, Suzuki et al. (1998) found that
normalized Vs to the corrected cone tip resistance in Japanese sites had a trend with
the soil behavior type index (Ic).

361
1

Eni E&P of Milan, Italy have several concessions in the Adriatic sea, offshore Italy.
D’Appolonia carried out a number of offshore geotechnical investigations on behalf
of Eni for the design and installation of fixed offshore structures (D’Appolonia, 1993
to 2008). The direct measurement of shear wave velocity (Vs) was part of the scope
of work for a limited number of investigations. This paper presents the Vs data gathered in the last 15 years in the Adriatic sea and proposes a simple qc-Vs correlation
for sands.

2 DATABASE DEVELOPMENT
The data presented in this paper were obtained at the 23 locations in the Adriatic sea
shown in Figure 1.

Figure 1. Site location map

Offshore drilling was carried out from the specialized Dynamic Positioning (DP) geotechnical vessels M/V Bavenit or equivalent. Drilling proceeded in accordance with
normal offshore operating practice. A motion compensator stabilizes the drill string
with respect to vertical movements of the vessel. Rotary drilling methods were used
with an open faced drag bit. Fluid circulation was according to the open hole method, with cuttings returned to seabed. Reaction for in-situ testing operations was
provided by a re-entry template. The typical depth of the investigation was 120 m below seafloor.
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2.1 Cone Penetration testing and Vs measurements
The CPT data were obtained by means of a Wison piezocone penetrometer apparatus
designed for offshore wireline operations in association with open hole drilling
equipment. The penetrometer measures cone resistance, sleeve friction, and penetration pore pressure with automatic data logging. The cones used have a base area of
1,000 mm2 and a friction sleeve of 15,000 mm2. The device has a 3 meter stroke.
Upon reaching the depth at which a cone penetration test is to be performed, drilling
is stopped and the borehole flushed. The cone penetrometer unit is then lowered
through the drill pipe to the bottom of the borehole. On reaching the special predrillbit collar, the unit latches mechanically into position. When latching is complete,
the cone is pushed into the soil by a hydraulic ram. The rate of penetration is about
two cm/s. During the test the output signals from the cone tip, the friction sleeve and
the pressure transducer are recorded by the monitoring unit on deck. At the end of
the test the unit is unlocked, retrieved and prepared for the next test.
The Vs data were recorded utilizing a seismic piezocone. Seismic piezocone testing
consisted of recording shear waves at a known depth below the shear wave source.
The shear waves were generated by a hydraulically driven spring hammer mounted
on the seabed frame. The shear waves were received by a triaxial geophone incorporated in a conventional piezocone penetrometer. The seismic piezocone penetrometer
is advanced to the required testing depth and stopped. The shear wave hammer is activated to generate shear waves and to trigger data recording. This procedure is repeated to make use of the so-called stacking method, which improves the signal to
noise ratio.
The signals from the geophones are monitored by a seismograph, plotted for quality control, and stored on disk for further analysis. The raw data are filtered digitally
to exclude the high frequency noise that may obscure the shear wave signal.
Using the filtered results, corresponding points in the wave pattern are indicated at
subsequent testing depths. The difference in true distance between geophone and
shear wave source is calculated for subsequent testing depths. The difference in distance divided by the difference in travel time for the corresponding points in the wave
patterns gives the shear wave velocity for a depth interval. Repeating the test at various intervals in a boring allows a shear wave velocity profile to be constructed for a
site. In general, Vs measurements were carried out at 1.5 m to 3.0 m intervals.
2.2 Data example and compilation of the database
Figure 2 and Figure 3 show an example of the qc and Vs data utilized in this work and
the predicted data range according to the methods described in the following. The
database was compiled as follows:
 only Vs records representative of homogeneous sand conditions were considered;
 a corresponding average qc was calculated for the same depth interval of the
Vs record;
 each pair of qc and Vs values was referred to the mid-depth of the corresponding measurements.
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Figure 3. Example Vs data – Chioggia C

The summary of the qc and Vs data for the 23 sites in the Adriatic is shown in Figure
4 and Figure 5, respectively.
3 GEOLOGICAL SETTING AND TYPICAL PROPERTIES OF THE SANDS
The Adriatic Sea is an epicontinental semi-enclosed basin characterized by a rectangular shape elongated in the north-west to south-east direction and a very low gradient of the seafloor. The northern Adriatic Basin can be considered the submarine
continuation of the Po basin over a continental shelf area. Here, 7000 m of sandy and
argillaceous beds deposited during the Pliocene. Most of the sediment is derived
from erosion of the Alpine and Apennine chains, and are predominantly silica and
micaceous. Plio-Quaternary geologic and geomorphologic processes have significantly changed the geography of the Adriatic Sea. During the Quaternary glaciations,
sea level changes led to migration of the coastline, which was accentuated by the low
shelf gradient. After a slow regression, the Adriatic reached a minimum elevation of
120 m below the current level during the most recent (Würmian) glaciation, about
18000 years B.P. The entire shelf was exposed to subaerial conditions and a fluviolacustrine plain developed. The successive rise in sea level, the Flandrian transgression, rapidly flooded the alluvial plain. During this process the continental deposits
were partially eroded, reworked and covered by a thin stratum of marine sediments
(Correggiari et al., 1996).
The sands encountered in the Adriatic sea typically have the following properties:
 USCS group: SP, SP-SM
 D50: 0.2 to 0.3 mm
 Fines content: 3% to 10%
 Carbonate Content: 5% to 15% (silica to calcareous silica)
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4 BACKGROUND FOR THE PROPOSED CORRELATION
This study is focused on deriving a simple correlation between uncorrected CPT data
and Vs in sand. The use of more advanced correlations did not provide the benefit of
simplicity of the method described below.
4.1 Cone tip resistance versus in-situ effective stress
The following qc – relative density correlation was considered for offshore sands
(Lunne and Christoffersen, 1983):
Dr 

qc
1
 ln
2.91
61   v' 0.71

(1)

where Dr is the relative density, qc is the cone tip resistance in kPa, and σv’ is the vertical effective stress in kPa. This equation can be reorganized as:

q c  61   v' 0.71  e 2.91Dr

(2)

where e is natural logarithm base (≈ 2.72).
Figure 4 shows the summary of CPT data and the range of qc obtained from Equation
(2) for relative density of 35% and 65%. Data show a good match with Equation (2).
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4.2 Shear wave velocity versus in-situ effective stress
Several correlations are available in the literature for the prediction of Vs with depth
in sands. A widely used correlation was proposed by Seed and Idriss (1970) in the
form of Equation (3):
Gmax  1,000  K 2,max  ( m' ) 

(3)

where Gmax is the shear modulus at small strain, σm’ is the mean effective stress, both
in pound per square foot; K2, max is a coefficient function of the relative density and α
was equal to 0.5 according to the authors.
The shear wave velocity can be obtained from Equation (4):
Vs 

Gmax

(4)



where  is the total, not the submerged, soil density.
The summary of shear wave velocity data in the Adriatic sands is shown in Figure 5.
The figure also shows the predicted range of Vs according to Equations (3) and (4)
considering K2,max of 37 and 56 for relative densities of 35% and 65%, respectively,
and a value of α equal to 0.63.
5 DATA EVALUATION
Available data show that the cone tip resistance in the Adriatic sands is a function of
the in situ vertical stress to the power of 0.7 (Equation 2 and Figure 4), while the
shear wave velocity is a function of the in situ mean stress to the power of 0.3 (Equations 3 and 4, and Figure 5). The ratio between the shear wave velocity and the cone
tip resistance should therefore be correlated to the in situ effective stress to the power
of 0.3/0.7, i.e. 0.43. Figure 6 shows that the data follows this trend: the mean linear
trend and the ±30% range cover most of the data.
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Figure 6. Linearization of the qc – Vs database

The mean trend can be described according to the following equation:





Vs  50  (q c / p a ) 0.43  3

(5)

developed for 40 < qc / pa < 350
where pa is the atmospheric pressure and Vs is expressed in meter per second.
6 CONCLUSIONS
This paper presents a site-specific qc-Vs correlation developed for the medium dense
offshore sands encountered in the Adriatic sea. A simple correlation is obtained from
available data, based on the cone tip resistance. Evaluation of void ratio or other input is not required. The proposed correlation is valid for qc / pa comprised between
40 and 350.
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ABSTRACT: The strength of very soft marine deposits can be very difficult to evaluate with the conventional methods such as drilling and laboratory testing of “undisturbed” samples. For these soils that are on the extreme end of the soil consistency
spectrum, conventional tools that are designed to test a wide range of soil types and
consistencies might not be “optimum” for a geotechnical site investigation. In-situ
tools such as the cone penetration test (CPT), dilatometer (DMT) and vane shear test
(VST) are well established and well accepted tests, however, they all have limitations
in very soft soils. Full flow probes such as the ball and T-bar penetrometers, were developed specifically for very soft soils. This paper compares the measurements from
various in-situ methods used on soft soil sites and discusses results.
1 INTRODUCTION
Characterization of soft marine soils presents many challenges to the practicing engineer. When they must be characterized, their low strength (su ≤ 500 psf or 24 kPa)
and high compressibility are critically important. Currently, economically practical
in-situ methods that can be used to evaluate the compressibility of such soils are limited. There are many in-situ methods, however, that are used to evaluate the strength
of soft soils. These methods have highly varying degrees of accuracy and applicability, especially in very soft soils. Some of the limitations of the more commonly used
methods have been recognized in the offshore industry for quite some time and alternative test methods, such as full flow penetrometers have been developed as a result.
These tools, originally developed for offshore environments, are applicable for landbased investigations as well. The case history presented herein provides an opportunity to compare the results of more traditional soft ground exploration methods with
the newer, full flow penetrometer methods.
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2 TEST METHODS
2.1 Cone Penetration Test (CPTu)
The cone penetration test is a very popular in-situ test for soils that are compatible
with direct push methods. Typically, the cone penetrometer used in practice measures
tip resistance (qc), sleeve friction (fs) and porewater pressure between the tip and
sleeve (i.e., the u2 position). This allows for the correction of the measured tip resistance qc to account for dynamic pore pressures acting on the back of the tip. The tip
resistance, qc, is corrected by (Lunne, et al 1997):
qT = qc + u 2 (1 - a )

(1)

where qT is the corrected tip resistance and a is the end area ratio. For strength evaluations, undrained shear strength is often evaluated using net cone resistance, qnet
which is defined as:
(2)
q net = qT - s vo
Where σvo is the total vertical stress. The undrained shear strength, su, is commonly
estimated using the following equation (Lunne, et al 1997):
q
q - s vo
su = net = T
(3)
N kt
N kt
Where Nkt is an empirical factor generally between 10 and 20.
The measured tip stress reflects the stress state within the soil, the porewater pressures generated by the penetration of the cone penetrometer, and the soil resistance or
strength. In very soft soils with tip stresses typically less than 300 kPa, and in some
cases less than 100 kPa, the soil resistance component may be relatively small compared to the stress state and pore water pressure components.
Additionally, the broad range of values of Nkt (10 to 20) also poses a problem when
attempting to determine shear strength values to use in design. When available, laboratory or other in situ testing results can be used to determine the appropriate factor
but a mid-range value of 15 is frequently assumed for production-oriented data processing that is used throughout the industry. This can lead to an underestimation of
50% or an overestimation of more than 30% of the soil’s strength.
In very soft soils where the accuracy of the tip measurements may be uncertain,
Lunne (1997) suggested estimating su from excess pore pressures:
su =

Du
N Du

(4)

Where Δu is the difference between dynamic pore pressure, u2, and hydrostatic water
pressure and NΔu is an empirical factor between 7 and 9 (Mayne & Holtz (1988).
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2.2 Vane Shear Test (VST)
The vane shear test consists of a four bladed vane typically varying in size from 35
mm to 100 mm. Larger blades, > 150 mm, while not standard can be used for extremely soft soils. As the vane is rotated at a constant rate, the torque required to rotate the vane is recorded as a function of rotation. The torque is then correlated to su
using the following equation given in ASTM 2573-01:
12Tmax

su =

(5)
ö
æ D
D
pD çç
+
+ 6 H ÷÷
ø
è cos(iT ) cos(iB )
where Tmax= maximum torque (corrected for rod and apparatus friction); D= vane diameter; H= height of vane; and iT and iB are angles of taper for the top and bottom of
the vane blades, respectively. It was recognized by Bjerrum (1972) that the su estimate must be corrected for use in engineering calculations. The equation is given as:
(6)
t mobilized = m v (su )
2

Chandler (1988) recommends the following simplified equation for calculating mv:
0.5
(7)
m v = 1.05 - 0.045(PI )
Several factors other than soil strength can affect the torque measured during the test.
The most predominant are rod friction, apparatus friction and rotation rate. Unfortunately, compared to the other test methods, the equipment to perform the test is not
standardized. Test execution can vary from rotating the blade with a hand operated
torque wrench to a computerized procedure using electric gear boxes and downhole
torsional load cells.
2.3 Dilatometer Test (DMT)
As described by Marchetti (1997), the dilatometer consists of a flat blade with a flexible membrane. At select test depths, the cavity behind the membrane is pressurized
and the pressures required to expand the membrane flush with the blade (A-reading)
and expand the membrane 1.1 mm away from the blade (B-reading) are recorded.
The pressure at which the membrane deflates back flush with the blade (C-reading)
may also be recorded. These readings need to be corrected for membrane stiffness using:
(8)
po = 1.05( A - Z M + DA) - 0.05(B - Z M - DB )
and
p1 = B - Z M - DB

(9)

where ΔA and ΔB are the pressure readings taken under atmospheric conditions before and after penetration to account for membrane stiffness. ZM is the gage reading at
atmospheric pressure. With standard membranes, a significant portion of the resistance (i.e., applied pressure) in very soft soils is due to membrane stiffness. Typically,
membrane stiffness can account for up 0.7 bar of the pressure needed to conduct the
test. In very soft soils, A and B readings are typically on the order of < 4 bar (depend-
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ing on depth). To decrease the influence of membrane stiffness on the results, a special softer membrane can be employed.
For fine grained soils, Marchetti, 1997 presented the following relationship for
strength estimation:

su = 0.22s 'vo (0.5K D )

1.25

(10)

Where KD is the horizontal stress index calculated using the A- and B-readings.
Schmertmann, 1981 also gives an estimation of undrained shear strength using the
following formula (where uo is hydrostatic pore pressure):
p - uo
su = o
(11)
10
2.4 Full Flow Penetrometers
Full flow penetration testing is very similar to cone penetration testing with the exception of the tip geometry. Developed by Stewart and Randolph (1991), full flow
penetrometers originally started as a T-Bar configuration. Since then, the ball configuration, which offers some practical advantages with respect to damage resistance,
has also emerged. The test can be performed with a purpose built flow penetrometer
or by simply installing a modified tip on a cone penetrometer body. The test is only
applicable in soils soft enough to fully envelop (i.e. flow around) the tip during penetration. When the soils flow around the tip, the effect of overburden stresses on the
measured values is reduced because a significant portion of the overburden stresses
acting on the tip counteract one another. Strength evaluation using the results is similar to the correlation for CPT data and is given by the equation below:
su =

q net
N

(12)

Where N is an empirical factor generally between 9 and 13 and qnet is defined as:
A
q net = q - [s vo - u 2 (1 - a )] s
(13)
Ap
Where As is the cross sectional area of the shaft and Ap is the projected area of the tip.
Note that if As = Ap (as with a cone penetrometer), the equation simplifies to equation
3. As indicated by eq. 13, the greater the projected area of the tip compared to the
shaft, the smaller the influence of overburden stresses and pore pressure effects on the
measured values. However, deployment of the probe increases in difficulty as the
projected area increases. The most commonly cited area ratio (Ap/As) is 10, but Yafrate et al, 2007 suggested that the benefits of a full flow failure mechanism are realized when Ap/As is > 5.
The increase in tip area also increases the “apparent” resolution of the resistance values measured by a given load cell as compared to tip measurements conducted with a
standard conical tip penetrometer. Another advantage is the ability to measure the response of the soils during cycling of the probe. This allows one to observe the re-
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molded behavior of the soil after several retract and thrust cycles of the probe (typically over a 1-meter span). There are several publications that illustrate the accuracy
of the strength evaluation of full flow probes in soft soils; notably Stewart & Randolph (1994), Lunne, et al (2005), DeJong, et al (2004) and Weemees, et al (2006).
3 FIELD TESTING PROGRAM
3.1 Site and Geology
Data (via CPT, DMT, VST, and Full Flow Penetrometer Testing) were collected at a
soft ground coastal plain site in North Charleston, South Carolina. The property,
which will eventually support a new container terminal, consists of salt marshes,
filled salt marshes and tidal flats, and fine-grained dredge spoil. Comparative data
were collected at four locations. Conditions at test locations B-34 and B-40, generally consisted of relatively undisturbed, high plasticity, soft marine deposits. Conditions at test Locations SE-1 and SE-7 consisted of 4 to 5 meters of predominately
coarse-grained non-plastic fill overlying fine-grained, highly plastic, dredge spoil.
Typical CPT measurements for locations B-34 and B-40 consisted of qnet on the order
of 100- 300 kPa and fs on the order 4- 7 kPa. For the SE locations qnet is on the order
of 100- 300 kPa and fs is generally 7- 15 kPa.
3.2 Testing and Apparatus
The cone penetration testing was conducted with a 10 cm2 digital cone with the pore
pressure measured in the u2 position. The cone and data acquisition system was
manufactured by Vertek. A reported tip load cell capacity of 100 kN with an accuracy
of 0.2% is given for this penetrometer. The strength estimations using the CPT data
used Nkt and NDu factors of 11.5 and 8 respectively.
The dilatometer and a manual pressure control box were manufactured by GPE. Standard membranes were used for the testing. Membrane stiffness’ ranged from DA =
0.10 to 0.15 bar and DB= 0.60 to 0.70 bar.
The vane shear testing was conducted with a 92 mm field vane manufactured by
Acker Drill Company. The system uses a manually operated, geared drive-head to
apply torque and the resulting force is measured using a Dillon X-FG force gauge
(dial) with a 445 N (100 lb) capacity and 4.4 N (1 lb) increments. The gauge was
mounted on a 300 mm (1 ft) moment arm.
The full flow testing using T-bar and ball configurations was conducted with a 10
cm2 cone penetrometer manufactured by Adara Systems. A tip load cell capacity of
50 kN was used. The T-bar and Ball tips have a cross-sectional area of approximately
60 cm2 (Ap/As = 6). The strength estimations for both the T-bar and ball data used an
N factor of 11.5. An assumed unit weight of 15.7 kN/m3 (100 pcf) was used in the total stress calculations.
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3.3 Results
The plots given in Figure 1 compare the strength estimations of various in-situ test
methods performed at four different locations on the site.
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Figure 1. Shear strength (su) estimations at North Charleston, South Carolina. The Ball and T-Bar full
flow penetrometer data include load cycling to determine remolded strength values.
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4 DISCUSSION
The results presented in Figure 1 indicate very good agreement between most of the
test methods in locations B-34 and B-40. The strength estimation using the CPT Nkt
method was on average reasonable but with substantial scatter. This is most likely
due to the resolution of the load cell used.
In the SE locations, the dilatometer, vane shear and CPT (NDu) estimations had good
agreement. In the middle portion of the profile (5 to 11 meters), the full flow strength
estimation after one cycle was in closer agreement with the other test methods. At the
lower portion of the sounding (11 to 15 meters), the ball estimations were more in
line with the other test methods. This could be caused by flow of the soils around the
ball not fully occurring during initial insertion in the shallower depths. The partial
flow would cause a greater portion of the in-situ stresses acting on the tip to occur on
the leading side of the ball and increase the measured values. Again, the strength estimations using the CPT tip value and Nkt factor include substantial scatter, which is
likely due to the accuracy of the cone load cell.
5 CONCLUSIONS
Two main factors need to be considered when interpreting data taken in very soft
soils: resolution of measuring system and the influence of environmental factors, such
as pore pressure effects and overburden stresses, on the measured values. While this
conclusion should not be anything new to the reader, these factors are many times not
considered when planning explorations in very soft soils.
All of the in-situ tests presented in this paper can accurately predict the strength of
soft soils if deployed properly. The CPTu and full flow probes offer the advantages of
a nearly continuous profile and speed over the vane and dilatometer test. An additional advantage to the full flow probes is that remolded strength behavior can also be
characterized. To have confidence in the strength estimations using these tests, the
engineer must understand and account for the factors (other than soil strength) that effect the measurements taken in the field. Otherwise, the only conclusion that one
could confidently draw from the data is that the soils are “very soft” and one could
surmise the same conclusion by much cruder methods such as SPT borings or geological maps.
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ABSTRACT: This paper presents results and comparisons of soil characterization
from cone penetration test (CPT) data using some of the traditional and nontraditional
soil classification methods. Recently, a general regression neural network (GRNN)
model was developed for predicting soil composition (percent sand-, silt-, and claysized particles) from CPT data. CPT data, together with grain size distribution results
of soil samples retrieved from adjacent SPT boreholes from several sites in Taiwan
following the Chi-Chi earthquake, were used to train and test the network. The
trained GRNN was validated with previously unseen data and the model predictions
were compared with the reference particle size distributions and the soil behavior type
CPT soil classification method proposed by Robertson. The results were also compared to a nontraditional statistical soil classification approach, termed probabilistic
region estimation that was proposed by Zhang and Tumay to estimate the probability
of sand, silt, and clay in soils.
1 INTRODUCTION
The conventional method for determining soil stratigraphy is by laboratory classification of samples retrieved from boreholes. If a continuous, or nearly continuous, subsurface profile is desired, the CPT provides time and cost savings over traditional methods of sampling and testing. A number of methods exist to infer, or predict, soil
type from CPT and piezocone penetration test (PCPT or CPTu) data. These methods
include classical soil classification charts based on extensive experience (Douglas and
Olsen 1981; Senneset and Janbu 1985; Robertson et al. 1986; Robertson 1990), and
nontraditional approaches based on statistics, probability and fuzzy subset theory
(Zhang and Tumay 1999, 2000). The main challenge of using the CPT or PCPT for
soil profiling is that samples are not retrieved for laboratory testing. Soil type, or soil
behavior type, must therefore be inferred from the information collected during a
sounding and, as a result, numerous soil classification charts based on CPT and PCPT
data have been developed. Most of the CPT charts classify soils according to measured values of cone resistance (qc) and friction ratio (Rf), defined as the ratio of fs to
qc expressed as a percentage, and all show the same trend: sandy soils tend to have
higher values of qc and lower values of Rf, while clayey soils tend to have lower val-
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ues of qc and higher values of Rf. With the advent of the piezocone, several soil classification charts have been proposed based on values of qc corrected for pore pressure
effects (termed qT) and u2 (Senneset and Janbu 1985), and values of qT, u2, and Rf
(Robertson et al. 1986).
As noted by Robertson et al. (1986), a recognized problem associated with these
aforementioned soil classification charts is that “soils can gradually change in their
apparent classification as cone penetration increases in depth.” This is because measured cone resistance, sleeve friction, and pore pressure all tend to increase with increasing overburden pressure. Because most of the data used to develop the soil classification charts were obtained from soundings less than 30 m in depth, some errors
may arise when using CPT or PCPT data obtained at significantly greater depths.
Classification charts based on normalized PCPT measurements would, however, be
able to account for the effects of overburden stress. Robertson (1990), therefore, proposed modified soil behavior type classification charts using normalized values of
cone resistance (Qt), and friction ratio (Fr), which are defined as:
Qt 
Fr 

q t   vo

(1)

 ' vo
fs
 100%
q T  σ vo

(2)

where σvo is the total overburden pressure and σ'vo is the effective vertical pressure.
To overcome the inherent uncertainty in correlating soil composition to mechanical behavior, Zhang and Tumay (1999) proposed a nontraditional soil classification
approach based on statistics and probability. The statistical method, termed probabilistic region estimation, is similar to conventional soil classification methods in that it
establishes a relationship between CPT data (qc and fs) and soil composition, and essentially estimates the probability of sand, silt, and clay in soils being investigated.
At some depths, soil type can be clearly identified as a result of having a very high
probability (e.g., greater than 80%), while at other depths, the probabilities of two or
three soil types are so similar that the exact type, if desired, must be verified by
means of a boring (Zhang and Tumay 1999). A computer program Soil-CPT capable
of CPT-based probabilistic/fuzzy classifications (Zhang and Tumay 1999), and also
includes others by Schmertmann (1978), Douglas and Olsen (1981), Robertson et al
(1986) is developed for ease of use in performing this classification procedure (Tumay et al 2008). Latest Version 4.0 is available at: http://www.ltrc.lsu.edu/downloads.html
In addition to their statistical approach, Zhang and Tumay (1999) proposed a CPT
soil classification method based on fuzzy subset theory with an emphasis on soil behavior (qc and fs) rather than soil composition. The CPT fuzzy soil classification defines three soil types: highly probable sandy soil (HPS), characterized by high
strength, high permeability, and low compressibility; highly probable clayey soil
(HPC), characterized by low strength, low permeability, and high compressibility;
and highly probable mixed soil (HPM), whose characteristics fall in between those of
HPS and HPC (Zhang and Tumay 1999). Thus, although the soils in these three
groups can exhibit vastly different soil behavior, the boundaries between the soil
types are “fuzzy” and, as a result, the changes from one soil type to another are gradual.
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2 THE GENERAL REGRESSION NEURAL NETWORK
2.1 The GRNN Algorithm
The GRNN, developed by Specht (1991), is a multilayer feed-forward (i.e., signals
propagate only in a forward direction) neural network which performs general regression analysis directly from sample data for the purpose of prediction. The GRNN architecture for predicting soil composition from CPT data (Figure 1) consists of four
fully connected layers, one layer each of input neurons, pattern neurons, summation
neurons, and output neurons (Kurup and Griffin 2006). The input layer contains one
neuron for each input variable (qc, Rf, σvo, uo), the pattern layer contains one neuron
for each training case, the number of both the “A” summation and output neurons is
equal to the number of output variables (% sand, % silt, % clay), and there is always
only one “B” summation neuron. The connection weights between the input and pattern neurons equal the values of the input parameters in each training case, the connection weights between the pattern and “A” summation neurons equal the values of
the target parameters for each training case, and the connection weights between the
pattern neurons and “B” summation neuron all equal 1. The neurons in the two hidden (pattern and summation) layers process the incoming signals (outputs of the neurons in the previous layer) by means of these connection weights and a summation
and activation function. When the transformed data reaches the output layer, the desired network outputs are produced.
The GRNN basically implements the formula presented in Figure 1. In the formula
m is the number of input variables, n is the number of training cases, xi is the value of
the ith variable of the given testing case, xij is the value of the ith variable of the jth
training case, yj is the value of the target variable of the jth training case, σ is the
smoothing parameter which determines how closely the function implemented by the
GRNN fits the training data, and ŷ is the estimated target value corresponding to the
given testing case.
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Figure 1 The GRNN architecture and the governing formula
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3 SOIL CLASSIFICATION AND PREDICTION OF SOIL COMPOSITION
3.1 Background of Study Areas
An earthquake with a main shock moment magnitude (Mw) of 7.6 struck central Taiwan on September 21, 1999. The epicenter was located near Chi-Chi, and the inland
areas which suffered the most incidents of liquefaction include the towns of Yuanlin,
Dachun, and Wufeng and the city of Nantou. The geologic environment of these locations is generally characterized by Holocene alluvium sediments with shallow
groundwater (Juang et al. 2002). Based on data from the SPT boring logs, the subsurface deposits in the study areas are comprised of alternating layers of lean clay, silty
clay, silt, sandy silt, and silty sand.
Shortly after the Chi-Chi earthquake, Moh and Associates conducted an extensive
field investigation in these areas. In situ testing included the standard penetration test
(SPT), the CPT, and shear-wave velocity measurements (Vs). A total of 80 borings
were advanced and 70 CPT soundings were performed at these sites. As part of the
boring program, all retrieved split spoon samples were subjected to a full suite of laboratory index tests to determine water content, unit weight, specific gravity of solids,
liquid limit, plastic limit, and particle size distribution by means of sieve and hydrometer. The CPT logs include qc (without corrections for pore pressure effects), fs, and
Rf (Juang 2002).
3.2 Training and Testing the GRNN Model
The data obtained from the CPT soundings and adjacent SPT borings advanced in the
four study areas were used to train and test the GRNN. A total of 12 CPT-SPT pairs
from the four sites fit this criterion, including five from Yuanlin, one from Dachun,
three from Nantou, and three from Wufeng. Based on reported survey coordinates,
most pairs were less than 6 m apart, with several being co-located.
The four input variables chosen were qc, Rf, σvo, and uo, since soil classification
from CPT data has traditionally been based on various combinations of these parameters. The target variables selected were the soil constituents in terms of percent sand
(grain size > 75 μm), percent silt-sized particles (75 μm ≥ grain size ≥ 5 μm), and
percent clay-sized particles (grain size < 5μm). A total of 142 cases were compiled
which then had to be divided into training and testing sets. All maximum and minimum target values were included in the training set, as the GRNN does not have the
ability to extrapolate. Since soil types were fairly consistent at all the sites, it was decided to use certain sites exclusively for training and certain sites exclusively for testing, rather than take a percentage of all available data to accomplish these tasks.
Thus, the data compiled from Yuanlin and Wufeng were used for training, and the data obtained from Dachun and Nantou were used for testing. The training set, therefore, consisted of 100 cases, while the testing set consisted of 42 cases which
represent approximately 30% of the available data.
Prior to training the GRNN model, all input and output data were scaled so that
they fell within the range of -1 to 1. Training then consisted of repeatedly presenting
the data to the network to determine the optimal value of the smoothing parameter σ.
To find the optimal σ, 10% of the data was removed from the training set for use in
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tuning the GRNN. The network was then trained with the remainder of the training
data, and subsequently tested using this “tuning data.” The soil percentages predicted
by the GRNN model were compared to the known, or expected, values by determining the root mean square errors (RMSEs). The value of σ was then gradually changed
until minimum RMSEs were achieved. Because this process resulted in different optimum σ values for different soil constituents (ranging from 0.18 to 0.29), a σ which
gave favorable results for all constituents was chosen (0.22). After the optimum σ
was found, the GRNN was tested with the testing data and the results compared to the
reference soil composition values to determine the network’s success.
3.3 Results of the Soil Classification by the Various Methods
The soil profiles based on the GRNN-predicted soil compositions are compared with
the particle size distribution results (Juang 2002) for each of the four CPT soundings
used for testing in Figures 2-5. Also shown in the figures are the probability of soil
type (sandy, silty, or clayey) based on probabilistic region estimation (Zhang and
Tumay 1999), the CPT-based soil behavior type classification (Robertson 1990), and
the actual soil classification based on the USCS. The USCS soil types and Robertson’s soil behavior types are given in Table 1. Because these alternative approaches
to CPT soil classification (Robertson’s method and Zhang and Tumay’s technique) do
not, unlike the GRNN model, estimate actual soil composition, it is not possible to
quantitatively compare the predictions. And although the probabilistic region estimation results cannot be evaluated relative to the reference grain size distributions, the
estimated soil profiles do have a similar appearance to the actual soil composition (as
can be seen in Figures 2-5). It is also worth mentioning that the pore pressure data u2
was not obtained/available for Chi-Chi earthquake database to calculate the corrected
cone tip resistance qt. Errors in classification may arise, however, for soft, finegrained soils where qc is typically small and u2 can be quite large. These soil behavior types are located in the lower portion of the soil classification chart (Robertson
1990) where normalized cone resistance is less than about 10.
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4 DISCUSSION
Because soil classification is qualitative by nature, as the boundaries between soil
types are set rather arbitrarily and are dependent on the classification system used, the
prediction methods must be qualitatively, rather than quantitatively, evaluated. The
profiles of soil composition predicted by the GRNN generally compare very well
with the actual particle size distribution profiles. Overall, the neural network had an
86% success rate (defined as the ratio of correct predictions to the total number of
testing cases) at classifying soils as either coarse-grained or fine-grained. The probabilistic region estimation method (Zhang and Tumay 1999) is effective in estimating

382

the probability of soil type (sandy, silty, and clayey soils), with the probabilities actually comparing quite well with both the actual and the GRNN-predicted soil composition. Robertson’s (1990) classification technique, which estimates soil behavior
type rather than actual soil type based on the USCS, compares acceptably with the actual soil classification and is generally consistent with the results predicted by both
the GRNN and the probabilistic region estimation method.
Site heterogeneity is expected to contribute to inconsistent (noisy) training data
and may influence the performance of the soil classification methods (especially the
GRNN model). Although the CPT and SPT locations may be adjacent to, or near,
each other, there may be discrepancies between the CPT data recorded at a certain
sounding depth and the composition (grain size distribution) of a sample collected
from the same depth at a nearby borehole location. In other words, the soil sample retrieved from the borehole may be inconsistent with the CPT data obtained from the
nearby sounding.
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Table 1. Soil Type and Soil Behavior Type Identifications

ID

Soil Type (USCS)

ID

Soil Behavior Type (Robertson 1990)

A
B
C
D
E
F
G
H

lean clay
lean clay with sand
sandy lean clay
silty clay
silt with sand
silty sand
clayey sand
poorly graded sand with silt

1
2
3
4
5
6
7
8
9

sensitive fine-grained
Peats
clay to silty clay
clayey silt to silty clay
silty sand to sandy silt
clean sand to silty sand
gravelly sand to sand
very stiff sand to clayey sand*
very stiff fine-grained *

* Heavily overconsolidated or cemented
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5 CONCLUSIONS
This study has compared three methods for soil classification and predicting soil
composition, and therefore general soil type, from CPT data. The profiles of soil
composition predicted by the GRNN model generally compare very well with the actual particle size distribution profiles. Overall, the neural network had an 86% success
rate at classifying soils as coarse-grained or fine-grained. The probabilistic region estimation method (Zhang and Tumay 1999) is effective in estimating the probability of
soil type and compares well with the results predicted by the GRNN. The soil behavior types estimated by Robertson’s classification technique (1990) are also consistent with the predictions of the neural network and Zhang and Tumay’s approach as
well as the laboratory data.
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ABSTRACT: The existing methods used to infer soil properties from piezocone penetration test (PCPT) data are not always reliable due, in part, to the complexity of
cone penetration. In an attempt to overcome some of the limitations of the current
PCPT interpretation methods, a data fusion technique was used to develop models for
estimating soil properties from measurements of cone tip resistance and pore pressures. In this study, a feature-level data fusion technique, based on a model tree learning algorithm, was used to transform the features extracted from the raw piezocone
sensor data into estimates of overconsolidation ratio (OCR), coefficient of lateral
earth pressure at rest (Ko), and undrained shear strength (su). Overall, the values of
OCR, Ko, and su predicted by the data fusion models were found to compare very
well with the reference values and to be generally more reliable than the results of the
current interpretation methods.
1 INTRODUCTION
Data fusion techniques combine data from multiple sensors or sources in order to
achieve inferences that may not be feasible from data obtained using just a single sensor (Hall and Llinas 1997). This is because a combination of additional independent
and/or redundant data tends to have a synergistic effect, resulting in improved inferences. The brain, which fuses data, including sight, sound, smell, taste, and touch,
from multiple sensors (eyes, ears, nose, tongue, skin) and uses its memory, experience, and a priori knowledge to make inferences about the external world, is an excellent example of a data fusion system (Gros 1997). Data fusion is currently being
used in numerous applications, including military defense, robotics, medical diagnosis, non-destructive evaluation of equipment, and weather forecasting.
In this study, it is proposed that the process of data fusion be used to estimate soil
properties, including overconsolidation ratio (OCR), coefficient of lateral earth pressure at rest (Ko), and undrained shear strength (su), from in situ test measurements,
and that data fusion algorithms, through training, may be able to overcome some of
the limitations of the current piezocone penetration test (PCPT) interpretation methods. A model tree-based feature-level fusion algorithm was employed specifically
for its ability to handle missing values. All data fusion model predictions of OCR, Ko,
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and su were compared with each other, as well as with the estimates obtained using
existing interpretation methods, to evaluate the performance of the data fusion algorithm.
2 DATA FUSION FOR INTERPRETING PCPT DATA
2.1 Feature-Level Identity Fusion
The most popular area of data fusion is feature-level identity fusion, which is the fusion of parametric data to determine the identity and/or attributes of an observed object. In the feature-level fusion approach, “feature extraction” is performed on the raw
data (sensor measurements) to yield a feature vector from each sensor. The feature
vectors consist of characteristics, or features, of the data that will aid in the identification of the object. The feature vectors from all sensors are then concatenated together
into a single joint feature vector from which an identity declaration is made (Hall and
Llinas 1997). Because feature-based pattern recognition techniques are often used for
identity fusion, the success of these methods depends on the selection of good, representative features. Figure 1 depicts the feature-level identity approach for extracting
features (qt, u1, u2) from raw piezocone sensor data and using a data fusion algorithm
to perform a nonlinear transformation between the input feature vector and the output
declaration of identity, with the identity declaration being the soil attributes of OCR,
Ko, and su.
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Figure 1 Feature-level data fusion system

2.2 Tree-Based Data Fusion Techniques
2.2.1 Merits and Limitations
There is no single, perfect data fusion algorithm that is optimal for all problems; each
has its own strengths and weaknesses. Although artificial neural networks (ANNs)
are widely used for numeric prediction, it is usually very difficult to relate the structure of the resulting model to the predicted output values. Model trees are alternative
approaches to ANNs in performing feature-level data fusion for numeric prediction.
Like neural networks, model trees are constructed so that they relate the target (output) values of the training cases to the corresponding values of their input variables.
The final model may then be tested with a set of previously unseen input cases to de-
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termine its ability to predict the unknown output values. Tree induction algorithms
tend to learn quickly and the final model is easy to understand. They have the ability
to handle numerous input variables and to choose only the most promising variables
for inclusion in the final model. Model trees, unlike many neural network algorithms,
also have the ability to handle missing data during both training and testing. Treebased models, however, allow for only a single output, and several tree-based models
may be replaced by one ANN model that can allow for multiple outputs (Dwinnell
1998).
2.2.2 Tree Structure
A model tree is a flowchart-like structure comprised of nodes and branches that
shows how the value of a target variable can be predicted from the corresponding
values of the input variables. Model trees are used for prediction of continuous (numerical) variables in estimation problems (Witten and Frank 2005). Each node in a
tree represents a subset of cases from the original training set, with the topmost node,
representing all the training cases, being called the “root” node. Nodes that have child
nodes are called “interior” nodes; those that do not have child nodes are called “exterior” or “leaf” nodes. The linear regression equations of the input variables assigned
to the leaf nodes in a model tree represents the model’s final prediction.
2.2.3 Tree Induction
Model trees are constructed using the basic divide-and-conquer methodology where a
complex problem is recursively split into two or simpler problems until the problems
may be easily solved directly. Splitting is performed based on the value of one input
variable known as the splitting variable. In the case of a binary split at the root node,
the training set is partitioned into two subsets, based on the chosen splitting variable,
which are as homogeneous as possible relative to the target variable. Branches are
created for different values of the splitting variable, and each training case in the root
node is sent down one of the branches, depending on its value for the splitting variable, into the corresponding child node. The process is then repeated for each of the
child nodes, considering only the cases in that node. When a node cannot be partitioned, it is referred to as a leaf node; when only leaf nodes remain, the recursive partitioning used to construct the tree terminates.
For the training cases that reach a particular node, each input variable is evaluated
to find the best split for that node. The training set is partitioned with the goal of obtaining subsets that are more “pure” than the original set, with “purity” referring to
how homogenous the subsets are in relation to the values of the target variable. Ideally, each subset consists of training cases that have the same value for the target variable (i.e., completely pure nodes). The best candidate split is chosen based on the expected reduction in impurity resulting from the split, calculated by means of an
impurity function, with different tree induction algorithms employing different impurity functions.
2.2.4 Pruning and Missing Values
Most tree induction algorithms build the complete tree and then prune it to prevent
over fitting of the training data. In fact, many of the branches, which reflect noise or
outliers in the training data, are pruned from the final model. The most common pruning operation is subtree replacement, where a subtree is either replaced with a single
leaf or left unpruned (Witten and Frank 2005). Because a tree has been constructed
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expressly for the training set, it is most desirable to use an independent pruning set to
estimate the error rate at each node. This is typically accomplished by holding back a
portion of the training data for use during pruning, resulting in less data being used to
construct the tree (Witten and Frank 2005).
Datasets typically have missing values because either a variable was not measured
or its values were not recorded during data collection. Tree induction algorithms must
be amended to handle cases in which one or more of the splitting variables have missing values. This may be accomplished in several ways, depending on the algorithm.
For example, the original variable may be replaced with another highly correlated variable, or the missing value may be replaced with the average value for the variable
based on the other training cases reaching the node (Witten and Frank 2005).
Model trees may be induced by means of several algorithms, including the M5' algorithm (Witten and Frank 2005), which was used in this study. Details regarding the
processes by which the M5' algorithm performs tree induction, accomplishes pruning,
and handles missing values are presented in Griffin (2007).
3 PREDICTION OF SOIL PROPERTIES FROM PCPT DATA USING MODEL
TREES
3.1 Overview of Methodology
In order to predict values of OCR, Ko, and su from PCPT data, a database consisting
of values of corrected cone tip resistance (qt), pore pressures measured on the cone
face/tip (u1) and/or just behind the cone base (u2), vertical total stress (σv), and hydrostatic pore pressure (uo), together with reference values of OCR, su, and Ko obtained from laboratory and field test results and empirical correlations, were used to
train and test the model tree-based data fusion models (Griffin 2007). Data fusion
model predictions were compared with the reference values, as well as with the estimates obtained using existing interpretation methods, to determine if the reliability of
inferred soil properties can be improved by using data fusion techniques.
3.2 Database
The database, obtained from Sandven (1990) and Chen (1994), included data from
19 intact clay sites located in seven countries, including Norway, Canada, Sweden,
the United States, Scotland, Singapore, and Taiwan. Although measurements of u1
were not obtained from all of these sites, the data were used when available. The reference values of OCR were determined from one-dimensional consolidation tests,
while the reference values of su were estimated from isotropically and anisotropically
consolidated undrained triaxial compression (CIUC and CAUC) tests and in situ field
vane shear tests. Since Ko was not measured in the laboratory or in situ, the reference
values included for each case in the database were calculated using empirical correlations for normally consolidated and overconsolidated soils (e.g., Jaky 1944; Mayne
and Kuhawy 1982). In total, the database contained 153 cases, ranging from soft,
normally consolidated cohesive deposits to stiff, overconsolidated clays. OCR values
in the database fell between 1.0 and 11.4; values of su ranged from 8 to 286 kPa for
the laboratory tests (99 cases) and from 12 to 94 kPa for the field tests (54 cases); and
computed Ko values ranged from 0.45 to 1.51.
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3.3 Training and Testing Data Fusion Models
Model trees, induced using the M5' algorithm (Witten and Frank 2005), were used to
develop a set of feature-level data fusion models. The PCPT data and in situ stresses
(inputs), together with the corresponding values of OCR, Ko, and su (targets), were
used to develop three tree-based data fusion models, or one data fusion model for
each target variable. The feature vector for the models used to predict OCR and Ko
consisted of four input variables, including vertical effective stress (σ'v), qt, excess
pore pressure at the u1 location (Δu1), and excess pore pressure at the u2 location
(Δu2). The feature vector for the models used to predict su consisted of five input variables, including σ'v, qt, Δu1, Δu2, and su type. The “su type” input was used in order
to predict values of both su(TC) and su(FV), with an “su type” of 1 denoting a triaxial
compression (TC) test and an “su type” of 2 denoted a field vane shear (FV) test.
Split-sample, or holdout, validation, in which a representative portion of the cases
is reserved for testing, was used to estimate generalization error in the data fusion
models. The testing set was comprised of 51 cases, representing approximately one
third of the available data, while the training set was comprised of the remaining
102 cases. In accordance with standard testing procedures, the testing cases were chosen randomly from each piezocone site and were not used in any way during training.
The trained data fusion model for prediction of su is shown in Figure 2. Note that interior nodes are represented by circles, leaf nodes are represented by squares, and the
values on the branches are the values of the splitting variable in the corresponding
parent node. A linear regression equation, or linear model (LM), is assigned to the
leaf nodes in the model tree.
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Figure 2 Model Tree 3 for prediction of undrained shear strength
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3.4 Data Fusion Model Results
After testing, the model tree data fusion model predictions were compared to the reference OCR, Ko, and su values to determine the models’ success. For each model, the
predicted values are plotted against the corresponding reference values and the normalized predicted values are plotted for each testing case in Figure 3. Note that perfect predictions fall on the 1 to 1 (45°) correlation line and have normalized values of
unity. Included on all numeric plots are the correlation coefficient (CC), mean absolute error (MAE), and relative absolute error (RAE) of the numeric predictions, which
provide a measure of error for the predicted values. Included on all normalized plots
are the mean and standard deviation (SD) of the normalized predictions, which give
an indication of the central tendency and variability of the normalized values, respectively.
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Figure 3 Data fusion model results

3.5 Interpretation Method Results
For comparative purposes, values of OCR, Ko, and su were each estimated using an
existing interpretation method. The values of OCR were estimated using the normalized effective cone resistance correlation proposed by Chen and Mayne (1994)
[OCR=0.46(qt-u2)/σ'v]; values of Ko were estimated using the normalized net cone resistance correlation proposed by Kulhawy and Mayne (1990) [Ko=0.10(qt-σv)/σ'v];
and values of su were estimated using the net cone resistance empirical correlation
[su=(qt-σv)/Nkt]. In using the net cone resistance relationship to predict su, site-specific
correlations for the empirical cone factor, Nkt, were not developed for each piezocone
site; instead, values of Nkt were varied until single values which worked well were
found for each su test type (su(TC) and su(FV)) in the training set. For this database, the
value of cone factor Nkt was chosen as 11 for su(TC) and 17 for su(FV). The interpreta-
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tion method results are plotted in Figure 4. The CC, MAE, and RAE of the numeric
predictions are included on the numeric plots, and the mean and SD of the normalized
predictions are included on the normalized plots.
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Figure 4 Interpretation method results

4 DISCUSSION OF RESULTS
4.1 Data Fusion Model Performance
The model tree feature-level data fusion technique performed well in predicting OCR,
Ko, and su from the PCPT data and generally performed better than the PCPT interpretation methods. As shown in Figure 3, the data fusion models yielded OCR predictions having a MAE of 0.8, RAE of 51%, and CC of 0.87; Ko predictions having a
MAE of 0.10, RAE of 55%, and CC of 0.82; and su predictions having a MAE of
7 kPa, RAE of 22%, and CC of 0.97. Compared to the data fusion models, Chen and
Mayne’s (1994) correlation for estimating OCR, Kulhawy and Mayne’s (1990) correlation for estimating Ko, and the net cone resistance empirical correlation for estimating su, resulted in predictions having higher values of MAE and RAE and lower values of CC for the numeric predictions, as shown in Figure 4.
Noisy training data, typically caused by errors or anomalies in the laboratory and
field test methods and inherent geologic variability, can lead to significant discrepancies between laboratory-measured and PCPT-predicted soil parameters. Laboratory
tests are greatly affected by disturbances due to sampling and specimen transportation, storage, and preparation, as well as the type of test, test equipment, testing procedure, and interpretive technique used. In the field, piezocone measurements are
greatly impacted by factors such as improper sensor calibration, inadequate filter sa-
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turation, penetrometer inclination, temperature changes, damage or excessive wear of
the cone, and cross-talk effects. And although the PCPT and sampling locations
should be adjacent to each other, there may be discrepancies between the PCPT data
recorded at a certain sounding depth and the geotechnical parameters of a sample collected from the same depth at a nearby borehole location.
Because the interpretation methods used herein do not account for such factors as
soil fabric, sensitivity, mineralogy, aging, and geologic origin, it is hoped that the data fusion models may be able to “learn” some of these complex nonlinear relationships among sample data through training. However, the success of the data fusion
algorithms, measured by their ability to generalize, is highly dependent on the
amount, quality, and variability of the data used to train the models.
5 CONCLUSIONS
This study has demonstrated the effectiveness of data fusion and the model tree data
fusion algorithm in inferring soil properties from PCPT measurements. The values of
OCR, Ko, and su predicted by the data fusion models were found to compare well
with the reference values and to be generally more reliable than the results of the current interpretation methods. Thus, data fusion may represent an improvement over the
methods currently being employed to interpret piezocone penetrometer sensor data.
6 ACKNOWLEDGEMENT
The authors appreciate the financial support of the U.S. National Science Foundation
under Grant No. CMS-0409594. Any opinions, findings, and conclusions or recommendations expressed in this paper are those of the authors.
7 REFERENCES
Chen, S. 1994. Profiling stress history of clays using piezocones with dual pore pressure measurements. Ph.D. thesis, Georgia Institute of Technology.
Chen, B.S. & Mayne, P.W. 1994. Profiling the overconsolidation ratio of clays by piezocone tests. Report No. GIT-CEEGEO-94-1, Atlanta, GA: Georgia Institute of Technology.
Dwinnell, W. 1998. Modeling methodology 3: Algorithm selection. PC AI, 12(2): 32-38.
Griffin, E.P. 2007. Interpretation of P/CPT data using data fusion techniques. MS thesis, University of
Massachusetts Lowell.
Gros, X.E. 1997. NDT data fusion. New York, NY: John Wiley & Sons, Inc.
Hall, D.L. & Llinas, J. 1997. An introduction to multisensor data fusion. Proceedings of the IEEE,
85(1): 6-23.
Jaky, J. 1944. The coefficient of earth pressure at rest. Journal of the Society of Hungarian Architects
and Engineers 78(22): 355-358.
Kulhawy, F.H. & Mayne, P.W. 1990. Manual on estimating soil properties for foundation design. Report No. EL-6800. Palo Alto, CA: Electric Power Research Institute.
Mayne, P.W. & Kulhawy, F.H. 1982. Ko-OCR relationships in soil. Journal of the Geotechnical Engineering Division 108(GT6): 851-872.
Sandven, R. 1990. Strength and deformation properties of fine grained soils obtained from piezocone
tests. Ph.D. thesis, Norwegian Institute of Technology.
Witten, I.H. & Frank, E. 2005. Data mining: Practical machine learning tools and techniques. San
Francisco, CA: Morgan Kaufmann Publishers.

392

CPT experience in glacial geological conditions of
Minnesota, USA
D. D. Dasenbrock
Minnesota Department of Transportation, Maplewood, Minnesota, USA

J.A. Schneider & E.M. Mergen
University of Wisconsin – Madison, Madison, WI, USA

ABSTRACT: Despite significant use of the cone penetration test (CPT) in geotechnical engineering practice, there is still limited use of CPT technology by State Department’s of Transportation (DOTs) in the United States. Reasons for slow adoption
of the technology range from hard ground conditions to lack of experience with
equipment and data interpretation. Since 2001 the Minnesota DOT (Mn/DOT) has
performed over 7500 CPTs in glacial geological conditions. Despite these conditions
often being considered as difficult ground for this technique, Mn/DOT uses the CPT
on more than 75% of their “foundations” projects. This paper presents results from
investigations at 6 different sites across these highly varied geological conditions including: (i) alluvium; (ii) glacial lake deposits; (iii) outwash; (iv) peat; and (v) glacial
till. Implications to the design of transportation structures based on soil stratigraphic
profiling and classification by piezocone are discussed.
1 INTRODUCTION
The cone penetration test (CPT) and variants [piezocone penetration test (CPTU),
seismic piezocone penetration test (SCPTU), resistivity cone penetration test (RCPT),
etc.] have had successful application in geotechnical engineering for over 75 years.
At present there is still a relatively limited application of CPT data by DOTs to design and construction of transportation projects in the United States. Some of the reasons / perceptions for this lack of use include (e.g., Mayne 2007):
 ground conditions too hard;
 soil contains gravel and stones;
 CPTs are more expensive than borings;
 data analysis requires too much expertise;
 practice is acceptable using SPT;
 equipment too expensive / not available in the area.
Many of these same obstacles exist for the glacial soil conditions of Minnesota,
but continued experience with CPTs since 2001 currently allows for use of CPT on
more than 75% of Minnesota DOT (Mn/DOT) “foundations” projects. These projects
include (i) bridge and culvert foundations; (ii) large embankment fills; (iii) buildings,
towers, and other structures; (iv) slopes; (v) retaining wall foundations; (vi) roadway
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alignment and soft soil delineation; (vii) excavations; and (viii) sinkholes. This paper
will focus on experience with CPT in Minnesota, particularly for soil profiling and
classification. Source data have come from projects with a wide range of applications.
2 PROCEDURES AND CONE PERFORMANCE
To minimize the potential for cone damage and ensure collection of high quality
data, Mn/DOT has adopted standard procedures for test preparation, performance,
and data recording (e.g., Lunne et al. 1997). Mn/DOT has 3 CPT rigs in year round
operation; a 100 kN tracked rig, a 115 kN 4x4 truck, and a 267 kN 6x6 truck. Many
projects require only shallow exploration, and investigations are performed to depths
of 10 m to 15 m. For bridges, explorations in excess of 30 m are often required. Hole
sealing procedures for depths in excess of 15.2 m require grouting from the bottom of
the hole during cone extraction. For these projects Mn/DOT utilizes a standard setup
for grouting during cone extraction, which is semi-automated on the 267 kN truck.
Both 10 cm2 and 15 cm2 cones are used; the two truck rigs typically use the larger
diameter cones. Mn/DOT keeps approximately 15 ‘service ready cones’ on hand (distributed among the 3 rigs and the lab) at any given time. Calibrations are performed
by the penetrometer manufacturer and occur annually or at the time of a cone repair.
The net area ratio (an) used for correction of the tip resistance for pore pressure effects is 0.8, as provided by the cone manufacturer. Due to hard ground conditions or
obstructions, approximately one cone is broken per year. Additionally, approximately
every 1.5 months, an in-service cone will need to be repaired. These repairs are usually for a bad channel (e.g. pore pressure), bending or crushing of the sleeve or probe
housing, or water damage due to an issue with one of the seals. To minimize cone
damage, methods suggested by Lunne et al. (1997) have been adopted, namely, (i)
keeping the inclination less than 10o, particularly for shallow holes; (ii) minimizing
total force applied to dense soils underlying thick zones of very soft material, such as
peat; and (iii) having a presence of mind to realize that there may be boulders or cobbles in certain geological conditions, and that sharp spikes in tip resistance associated
with rapid changes in inclination (> 1o/m push) should terminate the hole.
On projects where clay soils are present and consolidation characteristics are of interest, or where materials are not well defined, pore pressure dissipation test data
have proved valuable on many Mn/DOT projects. An effort is made to ensure reliable
pore pressure data; Mn/DOT purchases filter element from the CPT manufacturer that
are pre-saturated with silicone oil. While the oil viscosity may result in sluggish response, it also helps reduce the likelihood that the system will become unsaturated. In
some cases it is difficult to maintain proper saturation and record high quality pore
pressure data through an entire layer, particularly in dry deposits, very stiff soils, or
layered clays and silty sands. More detailed review of data quality is required when
evaluating design parameters from qt and or u2 data in these situations.
3 GEOLOGY, SOIL PROFILES AND CLASSIFICATION
The geology of Minnesota has primarily been shaped by glacial action. As a result,
the state has highly variable deposits consisting of (i) alluvium; (ii) colluvium; (iii)
glacial lake deposits; (iv) outwash; (v) peat; (vi) weathered bedrock; and (vii) glacial
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till. The six locations discussed in this paper are highlighted in Figure 1, and include
(i) till soils; (ii) lake deposits; (iii) peat; (iv) outwash; and (v) alluvium. Details on the
project types and soil conditions and symbols used in later figures are also included in
Figure 1.
Upon completion of a site investigation, CPT (and boring) data are processed, entered into project databases, and exported for use in a web enabled Geographic Information System (GIS) (Dasenbrock 2008). Individual vertical profiles are analyzed,
and cross sections are developed for larger projects. This paper will focus on six vertical profiles from a varied selection of geological conditions. Profiles of net tip resistance and friction ratio are shown in Figure 2, and profiles of net tip resistance
(qcnet=qt-v0) and excess pore pressure (u2=u2-u0) are shown in Figure 3. Normalized
soil behavior type is used for preliminary evaluation of layering, and both the Robertson (1990) Q-F and Q-Bq charts have been used by Mn/DOT, depending upon soil
layering. In sandy soils, Q-F charts are typically used, while in clayey soils, Q-Bq
charts are typically used. Judgment is applied for layered sands and clays, depending
upon data quality and design application.
Since soil behavior is controlled by ‘soil state’ as well as rate of drainage (particle
size), among other factors, Figures 2 and 3 include a trend line reflecting inferred soil
state. In glacial deposits where the soil can often be considered preconsolidated by a
vertical load (i.e., a glacier), the preconsolidation difference (p'c) allows for assessment of reduction in OCR (state) with depth in clayey soils. Assuming a constant Nk
value of 15 and a normally consolidated undrained strength ratio [(su/'v0)NC] of 0.27
for preliminary analyses, the net cone tip resistance (qcnet = qt-v0) can be estimated as
a function p'c and 'v0.
q cnet

 s
 N k  u
 ' v 0


 p' c
  ' v 0 OCR   4  ' v 0 1 
' v 0
 NC
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(1)

Figure 1. Description and location of CPT sites discussed in this paper, shown on a map of Minnesota
Quaternary geology (geological map adapted from MGS 1997)
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Figure 2. Profiles of qcnet and F for selected sites
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Figure 3. Profiles of qcnet and u2 for selected sites
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Estimated values of p'c vary from 75kPa for the lake deposits, to 200kPa to
550kPa for the two cases of till soils shown. The peat soils have very low tip resistance, and are modeled fairly well as a normally consolidated deposit (p'c=0), particularly at depth. While use of p'c does not satisfactorily match the entire depth of
each profile, it does provide an indication of soil state such that design issues can be
addressed in a more rational framework.
Relative density (Dr) is a useful parameter for evaluation of the anticipated behavior of sandy soils, and is related to soil state when combined with effective stress at
failure. Profiles of net cone tip resistance are estimated from an inferred relative density in Figures 2 and 3 using the following equation (e.g. updated based on Jamiolkowski et al. 2003):

q cnet  p ref 20e

 2.86D r   ' v 0


 p ref





0.5

(2)

Two extremes of sand density can be seen, with these outwash soils having a relative
density on the order of 0.35 and these alluvial soils have a relative density near 1.0.
For addressing soil type, analysis of cone tip resistance alone is not sufficient.
Therefore the Robertson (1990) Q-F or Q-Bq soil classification charts are often used
for preliminary assessment of stratigraphy. A stress exponent of unity is used for all
soil types to avoid iteration within the classification procedures. Figure 4 plots data in
relatively uniform soil layers from Figures 2 and 3 in soil behavior type charts. Symbols and depth ranges for data included in the figures are shown in Figure 1. Four
charts are shown, clockwise from top left, (i) Robertson (1990) Q-F; (ii) Robertson
(1990) Q-Bq; (iii) Schneider et al. (2008) Q-u2/'v0; and (iv) Robertson (1990) Q-F
with a slightly expanded ‘normally consolidated’ zone highlighted. It is noted that QBq and Q-u2/'v0 charts are directly comparable since u2/'v0 = QBq. While the
Robertson (1990) charts perform well when combined with engineering judgment for
typical applications, Q-F and Q-Bq charts do not always result in the same interpretations. General behavior of relatively uniform profiles is therefore explored further to
aid in development of interpretation procedures.
Consistent behavior is observed for Till and Lake deposits in Figure 4-i. Soils with
low p'c and low OCR plot within the clay zone (3), but as OCR increases the soils
tend to shift up and to the right in the Q-F chart, leading to increases in OCR misinterpreted as changes in water flow characteristics (grain size). This is somewhat explained by the ‘Normally Consolidated Zone’ in Figure 4-iv, although, this zone is
not typically included in interpretation. A more severe bias towards OCR in clay soils
is observed in Figure 4ii for the Q-Bq charts. To avoid this bias, Schneider et al.
(2008) proposed plotting pore pressure data in Q-u2/'v0 space (Figure 4-iii), successfully separating clays with high OCR from silts and sands. Additional pore pressure detail is also provided for the sandy outwash and alluvial deposits in Figure 4-iii,
with negative pore pressures arising in the very dense alluvium. While negative shear
induced pore pressures are often associated with very dense sands in undrained triaxial tests, no excess CPTU penetration pore pressures are usually generated in clean
sands, regardless of relative density. Negative pore pressures generated during penetration in sandy soils are typically associated with a reduction in coefficient of consolidation induced by increased silt content, which is taken to be the case for this profile. On the other hand, Figure 4-i illustrates a reduced ‘Ic’ value (indicating reduced
fines content; e.g., Lunne et al. 1997) for the alluvial soils, despite an increase in fric-
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tion ratio as compared to the outwash deposits. This reduction in Ic is likely due to increases in Dr, and the interplay between fines content and soils state (Dr or OCR) on
Ic based classification implied by Figure 4-i needs additional study.

Figure 4. Location of selected uniform soil layers on Robertson (1990) and Schneider et al. (2008) soil
behavior type charts

Difficulties in Mn/DOT roadway performance can occur due peat layers, particularly due to slope instability and excessive settlements. Figures 2 and 3 indicate that
peat soils have similar qcnet values to a normally consolidated clay, although, much
higher friction ratio values and much lower penetration pore pressures. For the peat
soils shown in this case, high friction ratios cause the layers plot as CLAY soils in
Figure 4-i, while low pore pressures indicate that the soils transition from clays to
silts in Figure 4-ii. Figure 4-iii also indicates that the soils plot in Zone 1a, silts and
heavily overconsolidated (OC) clays. Since heavily OC clays tend to have u2/'v0 in
excess of 3, the low pore pressures may indicate partial consolidation during penetration in peat soils. Traditional strength and stiffness correlations are therefore not valid
here, suggesting additional study is necessary for CPT data interpretation in peat
soils.
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4 SUMMARY & CONCLUSIONS
Mn/DOT has enjoyed successful use of CPT for projects in glacial soil conditions.
Cone damage occurs, but breakage and complete loss of cones is relatively infrequent. Depth ranges of interest are typically less than 15 m for most projects (30 m
for bridges). Within these depth ranges, normalized Q-F and Q-Bq soil classification
charts can be used, provided engineering judgment is applied. Bias towards OCR and
relative density for normalized tip resistance affect classification from Ic based correlations. Use of Q-u2/'v0 charts eliminate OCR bias and provide additional detail at
low u2, although, have not yet been calibrated for peat soils. Peat is best identified
by tip resistance similar to a normally consolidated clay, comparatively low u2, and
high F.
Significantly, use of CPT on Mn/DOT projects provides the ability to collect much
larger amounts of high quality data to develop detailed profiles of soil strength and
stiffness, and detailed cross sections highlighting thin continuous layers, which ultimately impact design decisions. When designing based on limited SPT data, the stratigraphic detail (particularly the horizontal variation across a site) was comparatively
crude and imprecise. While site investigations, performed now with the addition of
CPT techniques, typically cost about the same as SPT-only based investigations, they
are faster, provide significantly more data for assessment of variability, and the data
quality is higher such that correlations to lab data can be relied upon with greater certainty. Two compelling observations are that (i) critical investigations would have
been otherwise impossible to perform without use of the CPT; and (ii) on many occasions the justification for very expensive or time consuming soil improvement procedures, or use of additional structural systems, was made more compelling by the large
amount of high quality soil strength and stratigraphy inferred from CPT data.
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ABSTRACT: The objective of this study was to understand the geotechnical
characteristics of stockpiled low strength, saturated, organic materials and apply
these parameters to steeper stockpile slopes and hence optimize their storage
capacity. In situ field data for the stockpiles were determined using electronic cone
penetration testing with pore pressure measurement (CPTU). Statistical analyses on
the CPTU data were used to transform the non-linear strength profiles into sections
with linear relationships. The strength profiles were then used in static and dynamic
stability analyses. The analysis provided an improved understanding of geotechnical
parameters in existing stockpiles, allowing for improved design of future stockpiles
and risk mitigation for existing permanent stockpiles. The main benefit of this study
is that stockpile slope stability risks were better quantified, allowing for optimization
of stockpile storage and subsequent stockpile designs, translating to lower
construction costs.

1 INTRODUCTION
The construction of heap leach pad facilities and associated structures involves
extensive earthworks, foundation preparation and removal of large quantities of
topsoil and material deemed unsuitable for foundation (soft, saturated, compressible
soil), and placing them in engineered stockpiles. These engineered stockpiles
generally consist of a retaining embankment (typically of a homogeneous compacted
fill); underdrain system beneath the embankment and stockpiled mass, and are
constructed in lifts of variable thickness depending on the response to construction
equipment traffic. Due to steep topography limiting available area for stockpile
construction, steeper stockpile slopes are significantly more cost effective. At the
Minera Yanacocha mine, a majority owned and operated Newmont Mining Company
property near Cajamarca, Perú, by 2006 after 13 years of continuous leach pad
construction and expansion, 33 topsoil and unsuitable stockpiles had been
constructed, totaling approximately 17.4 million cubic meters.
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Topsoil and unsuitable soils show variable characteristics but are typically soft,
saturated and compressible, often high in organic content. Initially laboratory testing
was used to try to determine stockpile design parameters. After extensive laboratory
testing it was evident that laboratory testing was inadequate to properly characterize
these soils. Some laboratory testing results were difficult to validate since portions
of the tests did not strictly adhere to ASTM standard test procedures due to material
handling issues related to their saturated nature and the high organic content,
producing erratic strength profiles. Therefore, it was decided that a site investigation
program using CPTU equipment would be more appropriate to obtain representative
in-situ data for determining geotechnical parameters.
The objective of this paper is to convey our understanding of the stockpiled soils’
characteristics and how we used this information to determine more realistic material
strength profiles, estimate stockpile slope stability and improve stockpile designs. In
the first part of this paper, previous work on these stockpiled soils is presented. In the
second part, CPTU investigation methods and stockpile performance are described.
Finally, risk mitigation methods for existing and future stockpiles are discussed.
2 PREVIOUS WORK
Laboratory testing of samples to obtain geotechnical parameters were performed
between January 1998 and January 2001.
− Between 1998 and 2001, ten consolidated undrained triaxial (CU) tests were
conducted on remolded samples of topsoil material.
− In September 2000, two CU tests were conducted on remolded samples of
unsuitable material.
− A back analysis was conducted on a small scale failure within an existing
unsuitable stockpile. The internal friction angle was estimated to be between 6º
and 10º degrees.
In some of the laboratory tests, it was not feasible to test the samples at moisture
contents higher than 30%, and some of them could not be validated since the testing
did not strictly follow the ASTM testing standards. Based on this previous work,
average geotechnical parameters were established as shown in Table 1.
Table 1. Average geotechnical parameters for topsoil & unsuitable materials (laboratory derived)
Material
Topsoil
Unsuitable

Moisture
Content (%)
45
45
15
15
30
30

Stress
Conditions
Total
Effective
Total
Effective
Total
Effective

Unit Weight
(KN/m3)
16.0
16.0
16.5
16.5
18.1
18.1

Cohesion
(KPa)
20
0
0
0
0
0

Phi (º)
20º
40º
22º
37º
21º
38º

Plasticity
Index
21
21
18
18
18
18

Based on the variability of the laboratory data and their inconsistency with the back
analysis, it was concluded that a more robust method for estimating in-situ
geotechnical parameters was required.
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3 CPTU SITE INVESTIGATION
CPTU probing was carried out at 139 locations within 17 different stockpile areas.
Stockpile locations were selected according to their risk profile. The majority of the
CPTU data was generated within the top 10 m (data recorded on 0.3m intervals);
however, the CPTU probing did extend in some cases up to 20 m in depth. The
probing included 7 Seismic Cone Penetration Tests with pore pressure measurement
(SCPTU) at select locations to record shear wave velocity for use in liquefaction
analyses. In addition, 87 pore pressure dissipation tests were conducted to assist with
determining phreatic surface levels and in-situ permeability. To facilitate access due
to poor ground conditions, the CPTU equipment was mounted on a D8 bulldozer.
The SCPTU soundings provided an indication of the density and stiffness of the
soil and were used as input parameters for dynamic response analyses. Shear wave
velocities recorded (at 1 m intervals) in the topsoil material generally ranged between
50 m/sec and 196 m/sec. In the unsuitable material they varied from 99 m/sec and
413 m/sec. At various locations, static pore water pressure conditions were recorded
by suspending cone advancement at selected depths and allowing the dynamic pore
pressures to dissipate until equilibrium conditions were achieved.

Figure 1. CPTU equipment mounted on a D8 bulldozer.

4 CPTU DATA EVALUATION
4.1

General

The CPTU equipment recorded three principal cone parameters which included:
a) Cone resistance, qc (Bars),
b) Sleeve friction, fs (Bars), and
c) Pore pressure, u2 (m).
Once the data were obtained, they were then reviewed and processed, generating
standard CPTU plots which included graphical plots of tip pressure, sleeve friction,
friction ratio and pore pressure with depth. From these data, the stockpile material
geotechnical parameters such as permeability, cohesion and friction angle were
estimated using the appropriate analytical functions that have been developed for
CPT data. Figure 2 shows an example of some typical CPTU plots.
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Figure 2. Typical CPTU plots.

4.2

Interpretation of geotechnical parameters

Since the stockpiled materials were generally fine grained (cohesive), saturated and
with a high organic content, it was decided that the materials’ undrained shear
strength (Su) was more suitable for the strength modeling for this study. Su was
estimated from the data using the following correlation:
Su =

q t −σ v
N kt

(1)

where: Su = undrained shear strength (kPa), qt = total cone resistance (kPa), σv = total
vertical overburden stress (kPa), and Nkt = cone factor. An Nkt value of 20 was used
based on a back analysis for a post topsoil stockpile failure.
Based on the pore pressure dissipation test results, the average t50 (measured time
for 50% dissipation) for topsoil and unsuitable material was 3.2 and 6.7 minutes,
respectively. Therefore, using the chart proposed by Robertson et al. (1992), the
estimated average horizontal permeability for topsoil and unsuitable materials are
both on the order of 1.0x10-6 cm/sec, which is considered low permeability.
4.3

Geotechnical data assessment and statistical analysis

Prior to statistical analysis, a filtering process was applied to remove any potentially
erroneous (outlier) data. Statistical analysis involved fitting a curve to the data
distribution over discreet 1 m intervals. In general, more than one distribution curve
was observed to fit the compiled data. The final distribution curve selected for the
specific data interval was selected using the best fit criteria proposed by
Kolmogorov-Smirnov (1933) and Anderson-Darling (1952). In most cases the
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Wakeby distribution showed the best fit, however the Log Normal (3P) distribution
was better in some cases. Shear strengths were assigned on the basis of a 95%
confidence limit. In cases where the 95% confidence limit was less than the
minimum value, the minimum value was adopted.
4.4

Estimation of shear strength profiles

Shear strength profiles for both materials, were estimated as follows:
a) Minimum and 95% confidence limit shear strengths were plotted at 1 m
intervals,
b) the profiles were divided into general strength groupings by depth, and
c) a linear regression analysis was applied. This involved transforming the nonlinear strength profile into various linear segments; a subjective task involving
engineering judgment.
Examples of typical stockpile strength profiles are shown on Figures 3 & 4. In
general, the non-linear strength profiles showed a general trend of decreasing
strength from the surface down to 2 m and thereafter gradually increasing with depth,
which would be expected due to consolidation at depth.
4.5

Phreatic surface

The phreatic surfaces were estimated from the CPTU pore pressure data. The
pore pressure readings indicate that the phreatic surface is elevated and close to the
ground surface. These results were corroborated by piezometer readings, which
indicated water levels within the top 2 meters of the stockpiles.

Figure 3. Shear strength (Su) profile, based on
linear regression for topsoil stockpiles.

Figure 4. Shear strength (Su) profile, based on
linear regression for unsuitable stockpiles
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5 STOCKPILE STABILITY ASSESSMENT
5.1

General

To assess the stability of existing stockpiles, limit equilibrium slope stability
analyses and potential liquefaction assessments were conducted. The scope of the
stability analyses was to estimate the optimum stockpile slope for both topsoil and
unsuitable stockpiles, using material properties obtained from the analysis, the
objective to meet a minimum static factor of safety (1.3 for this kind of structures).
5.2

General static stability

The analysis does not take into account the stockpile foundation conditions or the
presence of containment berms, since the objective was to establish a general critical
slope for the topsoil and unsuitable material stockpiles. The results are presented in
Table 2.
Furthermore, those critical slopes were compared with the existing stockpiles.
Where the actual slope of an existing stockpile was steeper than the critical slope, the
stockpile was identified as one that may develop instability, and where follow up
work such as field inspections or intrusive investigations was warranted.
Detailed analysis of individual stockpiles would warrant consideration of the
specifics of existing ground conditions, topography and stockpile specific material
characteristics. Site specific detailed analyses occurred outside of the scope of this
paper.
Table 2. Stockpile slope stability summary
Stockpile Material
Topsoil

Stockpile Slope
Factor of Safety
5.5H:1V
1.1
6H:1V
1.2
6.5H:1V
1.3
Unsuitable
5.5H:1V
1.2
6H:1V
1.4
6.5H:1V
1.6
Critical slopes for the topsoil and unsuitable material stockpiles were approximately 6.5H:1V and
6.0H:1V respectively.

5.3

Potential Liquefaction Assessment

Due to that the scope of this paper is not a detailed potential liquefaction analysis;
numerous factors not accounted for in this analysis may influence the potential for a
soil to liquefy. However, as first step of a screening process and to identify those
materials requiring more detailed liquefaction analysis, shear wave velocities were
used from various seismic cone penetrations testing with pore pressure measurement
(SCPTU) tests. Then, the evaluation of cyclic liquefaction potential using the CPT
portion of the field data was used in the software LQCPTV2 developed by ConeTec
to calculate the factor of safety between the cyclic resistance ratio (CRR) and the
cyclic stress ratio (CSR) values interpreted from the site specific CPT data and the
design earthquake and maximum horizontal accelerations (7.5 magnitude and 0.13g
bedrock horizontal acceleration).
This software is based on the procedures developed by Robertson and Wride
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(1998) and Robertson and Wride (1998a), which have a few subtle differences
between the liquefaction potential techniques recommended in the 1998 final report
from the 1996 NCEER and 1998 NCEER/NSF Workshops (Youd et al, 2001).
Figure 5 shows an example of graphical plots of the CRR, CSR and factors of safety
(FS) against liquefaction.

Figure 5. Typical plots obtained for estimating potential liquefaction for a topsoil material.

As it is presented in Figure 5, the CRR value for this site specific borehole varies
between 0.09 y 0.46, and the CSR varies between 0.08 and 0.12. Even though, at
some depths the factor of safety is below unity and liquefaction could be considered
possible; it is important to point out that liquefaction may not necessarily occur
considering the temporary nature of the structures and current reclamation activity on
the mine site; thereby, further analyses were deemed unnecessary at the time of the
study.
6 CONCLUSIONS
The main conclusions from the field investigation and analysis are listed below:
− The stockpiled topsoil and unsuitable materials have low strength and low
permeability, and are mostly saturated with phreatic surfaces just below ground
surface.
− Stockpile development practices such as constructing during the dry season (due
to better soil strengths), material placement from the bottom up, compaction and
grading of each lift, stockpile rising over large areas instead of small areas, and
separation of saturated and non-saturated materials have generally helped
improve relative densities and stockpile stability.
− Preliminary CPTU investigations and analysis recommended the following
stockpile slopes be adopted to safely store excavation soil materials encountered
during leach pad construction: topsoil stockpile slope of 6.5H:1V and unsuitable
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stockpile slope of 6.0H:1V. In general these slope recommendations have been
implemented by Minera Yanacocha and recent good stockpile performance has
demonstrated their adequacy.
− Based on the information developed in this study, Yanacocha was able to
optimize the design of their stockpiles. Where existing stockpile slopes were
steeper than recommended, monitoring programs and modifications (e.g.
flattening slopes, improving grading on flat surfaces, improving drainage, etc.)
were implemented to reduce risk. Knowledge gained from this study and
subsequent investigations has allowed design engineers to optimize stockpile
designs, yielding lower cost per volume stored while maintaining an acceptable
margin of safety.
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A site-specific fines content correlation using cone
penetration test data
M.D. Boone
Fugro West, Inc. Oakland, California, USA

M.J. Freitas
G.E.I Consultants, Inc., Oakland, California, USA

ABSTRACT: The California Department of Water Resources (DWR) Urban Levee
Geotechnical Evaluations Program was established to provide an assessment of the
project levee systems estimated to protect urban areas with more than 10,000 people.
For Reclamation District 17 (RD 17) located in San Joaquin County, California, 19
rotary borings and 86 cone penetration tests (CPT) were performed along the levee
crest as part of the Phase 1 assessment of subsurface conditions and levee stability.
Each boring was located adjacent to a CPT to assist in correlating stratigraphy and
engineering soil parameters. Seepage is an important issue for the RD 17 levees. A
key input parameter for seepage analyses is hydraulic conductivity of the levee and
foundation soils. Site-specific correlations of fines content and soil type to hydraulic
conductivity were developed as part of the analyses of the levee system. Using the data from the CPT-boring pairs, a site-specific correlation was constructed following the
methodology by Robertson and Wride (1998) which uses the soil behavior type index
(Ic) as an input. This paper presents the methodology and results of the site-specific
fines content correlation and its use in seepage analyses.

1 INTRODUCTION
The DWR established the Urban Levee Geotechnical Evaluations Program (Program)
to assess the approximately 350 miles of project levees within the Sacramento and
San Joaquin River systems in the California Central Valley that protect urban areas
with more than 10,000 people. One of the intended goals of the project is to access
the seepage, beneath and through the levees. Hydraulic conductivity estimates are
needed to perform seepage analyses, and fines content has a strong influence on hydraulic conductivity. For this reason, a method of utilizing CPT data to obtain a continuous profile of apparent fines content (AFC) versus depth appears valuable as a
tool for aiding hydraulic conductivity assessments. A site-specific AFC to CPT correlation was developed and is presented in this paper following a similar form by Robertson and Wride (1998).
Reclamation District 17 (RD 17) is in San Joaquin County, California and encompasses the southwestern portion of the City of Stockton and western portion of Lathrop, with much of the district generally west of Interstate 5 and east of the San Jo-
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qauin River. RD 17 is protected by approximately 16 miles of levees along the south
bank of the French Camp Slough, the east bank of the San Joaquin River, and the
north bank of the Walthall Slough.
As part of the DWR Program, the team conducted a Phase 1 field exploration consisting of 19 borings and 86 CPTs along the levee crest of RD 17. Nineteen (19) of
the CPTs were located within 5 feet of the borings for use as correlational soundings.
2 GEOLOGICAL AND GEOTECHNICAL CHARACTERISTICS
In the study area, the San Joaquin River lies at or very near the regional contact of
young, near-tidal fluvial deposits within the Delta (on the west) and the gently westsloping distal alluvial-fan surfaces formed by the Stanislaus and Calaveras Rivers (on
the east).The deposits in the southern portion of RD 17 (the upstream portion of the
San Joaquin River) are more coarse-grained (50% or more by dry unit weight of the
test specimen is retained on the No. 200 sieve) than the relatively fine-grained (less
than 50% by dry unit weight of the test specimen is retained on the No. 200 sieve)
deposits to the north.
3 METHODS OF FIELD INVESTIGATION
The first phase of explorations consisted of CPTs performed at approximately 1,000foot intervals along the levee crest, and exploratory borings generally drilled adjacent
to every fifth CPT (one boring for every five CPTs, or approximately one boring
every 5,000 feet). The exploratory borings adjacent to the CPTs are used to correlate
the subsurface conditions encountered with results obtained from the CPTs.
3.1 Exploratory Borings and laboratory data
3.1.1 Exploratory Borings and Sampling
All borings were drilled to a minimum depth of 100 feet (at least three times the levee
height into the foundation). In the borings, soil sampling was conducted continuously
using soil coring (“punch core”) methodology, driven split-spoon samplers, modified
California (MC) samplers, and thin-walled (Shelby) tubes. Drilling and sampling procedures were adjusted to soil conditions encountered to maximize sample recovery.
3.1.2 Laboratory Data
Soil classification was performed on selected samples to evaluate the engineering
properties of subsurface materials. Laboratory tests include index property tests such
as Atterberg limits, sieve analysis, moisture content, and dry density. In addition, the
project team assigned hydrometer tests to select samples of silty sands and silts to assist with the hydraulic conductivity characterization of these materials.
3.1.3 Cone Penetration Tests
All CPTs were performed per ASTM D 5778-07, using a truck mounted, 25-ton
thrust-reaction apparatus utilizing a pizeocone with the pore pressure transducer behind the shoulder (the u2 position). CPTs were extended to a minimum depth of 100
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feet below the levee crest. In these areas the CPTs were advanced to a minimum
depth of 140 feet (in most instances).
4 HYDRAULIC CONDUCTIVITY ASSESSMENT
For fine-grained materials, hydraulic conductivities (k) were selected by the Project
team per Terzaghi et al. (1996). For coarse-grained materials, values were estimated
using site-specific data with the Kozeny-Carman (KC) equation from Carrier (2003)
in conjunction with laboratory tests on collected samples that provided soil gradation
data.
5 CONE PENETRATION TEST CORRELATIONS
Robertson and Wride (1998) proposed that the Soil Behavior Type Index (Ic) be used
to calculate an Apparent Fines Content (AFC). The calculation of Ic requires correction for pore pressure behind the tip of the cone and for ambient effective and total
overburden stress levels.
5.1 Soil Behavior Type Index and Apparent Fines Content
The Soil Behavior Type Index (Ic) is calculated using Equation (1) below:

[

I c = (3.47 − log Q ) + (1.22 + log F )

]

2 0.5

2

(1)

where Q = normalized tip resistance and F = normalized friction ratio. The AFC can
then be calculated as shown in Equations 2 through 4 below:
If I c < 1.26 ,

AFC (%) = 0 ,

(2)

If 1.26 ≤ I c ≤ 3.5 , AFC (%) = 1.75 I c
If I c ≥ 3.5 ,

3.25

AFC (%) = 100

− 3. 7

(3)
(4)

6 METHODOLOGY
The analytical methodology for developing the AFC-CPT correlation is based on the
assumption that the 19 borings with adjacent CPTs encountered similar soils with
similar properties. Cumulative frequencies for fines content data sets from the CPTs
and borings should follow a similar trend. Further, the fines content for a particular
cumulative frequency value and the Ic from the same cumulative frequency value
should describe the same material. Once a relationship is established between fines
content and the Ic for the same cumulative frequencies, a regression analyses provide
relations from Ic to fines content.
The standard CPT penetration rate typically shears fine-grained materials in an undrained manner and coarse-grained materials in a drained manner. Non-plastic to low-
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plasticity soils may shear in a drained manner. Therefore, the AFC correlation may
not be suitable for these non- to low-plasticity soils.
7 SAMPLE BIAS
Approximately 70% of the laboratory tests performed were conducted on coarsegrained samples while only 50% of the CPT data were considered coarse-grained materials. Therefore, while the borings and CPTs encountered similar materials, a greater number of laboratory fines content determinations were performed on coarsegrained materials than on fine-grained materials. Hydraulic conductivity estimates are
sensitive to fines content when the fines content is low and become less sensitive as
the fines content increases. For this reason, more laboratory tests were performed on
coarse-grained materials than on fine-grained materials, therefore correlating the entire sample set of CPT data to the entire sample set of laboratory data would introduce
sample bias.
To correct the model for sample bias, apparent coarse-grained CPT data (Ic<2.6)
were regressed with coarse-grained laboratory data and apparent fine-grained CPT
data (Ic>2.6) were regressed with fine-grained laboratory data. Cumulative frequency
distributions for fine-grained and coarse-grained materials are presented for laboratory data and CPT data in Figures 1 and 2.

Figure 1. Cumulative distribution of fines contents.

Figure 2. Cumulative distribution of Ic.

8 REGRESSION
Soil Behavior Type Indices (Ic) and laboratory fines content values for the same percentile are plotted in Figure 3 which suggests a linear relationship between Ic and
fines content for the two data sets. A linear regression analysis was performed on
both data sets showing a high correlation relationship between fines content and Ic for
both coarse-grained and fine-grained soils.
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Figure 3. Regression analyses on San Joaquin River data.

Extrapolating the linear regression equations to fines contents of 0 and 100 percent
and connecting the two regression equations using linear interpolation results in the
correlation shown in Figure 4. Figure 4 also presents the correlation proposed by Robertson and Wride (1998).

Figure 4. Apparent fines content results with Robertson and Wride (1998) correlation.
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9 SEEPAGE ANALYSES
In order to assess the effectiveness of the AFC correlations, AFC profiles were used
as inputs in seepage analyses. The apparent fines content (AFC) was used to develop
hydraulic conductivity estimates as input for seepage analyses using blanket theory
analysis (BTA). The BTA calculates the average vertical exit gradient (i) at the toe of
the levee which is defined as the total head drop in the vertical direction across the levee’s landside blanket divided by the blanket thickness measured in the same units as
the head drop.
The United States Army Corps of Engineers (USACE) developed Blanket Theory
Analyses (BTA) to assist in the assessment of underseepage analyses. These procedures are presented in EM 1110-2-1913 (USACE 2000) Appendix B “Mathematical
Analysis of Underseepage and Substratum Pressure.”
For this report, the flood elevation used to calculate exit gradient is the 200-year
flood.
A sensitivity analysis was performed on the horizontal hydraulic conductivity of
the pervious layer by selecting two values in addition to the best estimate. Calculations of exit gradients were performed keeping all other inputs constant and using a
low estimate, best estimate, and high estimate for the value of horizontal hydraulic
conductivity of the pervious layer.
10 RESULTS
The RD 17 site-specific fines content-Ic correlation presented in this paper resembles
the Robertson and Wride (1998) correlation.
Plots of AFC and laboratory fines content versus depth are presented in Figure 5 for
CPTs WR0017_001C, WR0017_040C, WR0017_101C, and WR0404_015C. A
summary of BTA inputs and results are presented on Table 1.
Table 1. BTA Analyses Results for the San Joaquin River Project
Exploration

Hydraulic Conductivity kf *
Hydraulic Gradient, i
Low Estimate Best Estimate High Estimate Low Estimate Best Estimate High Estimate
cm/s

WR0017_001C
WR0017_040C
WR0017_101C
WR0404_015C

cm/s

cm/s

NO BLANKET – BTA NOT APPLICABLE
1.1x10-3
3.5x10-3
1.1x10-2
-3
-3
3.5x10
1.1x10-2
1.1x10
-5
-4
1.4x10
7.1 x10-4
7.1x10

N/A
0.20
0.45
0.04

N/A
0.28
0.48
0.06

*kf is the horizontal hydraulic conductivity of the foundation layer as defined by USACE (2000).
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N/A
0.34
0.49
0.09

Figure 5. CPT Apparent Fines Content correlation results at San Joaquin River, California.

The three CPT-boring pairs, WR0017_001C, WR0017_040C, and WR0017_010C,
compare data used in the regression model. Sounding WR0404_014C is from a nearby site included in the Urban Levee Geotechncial Evaluations Program. The correlation is shown for WR0404_014C to examine the use of the AFC in a similar geologic
setting with data not used in the regression analyses.
In general, the AFC correlation appears to make a good prediction of fines content.
A notable exception occurs for WR0017_040C with an under prediction of fines content at a depth of 8.5 feet and an over prediction at a depth of 14 feet.
The soil at a depth of 8.5 feet was logged as silt (ML). As the CPT is advanced,
completely nonplastic silt may shear as more of a partially drained material rather
than an undrained material. Therefore, the soil would behave more like a coarsegrained material than a fine-grained material even if the particles were smaller than
0.075 inches.
The soil at a depth of 14 feet was logged as a poorly graded sand (SP). The over
prediction of the fines content of this material may be due to the model inputs. The
inputs to the regression model did not include a large sample size of fines contents
less than 5%. Therefore, the model will have greater uncertainty in predicting the
fines contents of soils with less than 5% fines. The soil at a depth of 14 feet had 2%
fines.
In terms of seepage analyses, the AFC appears to provide results accurate enough
to perform screening level seepage analyses and define seepage condition trends as
defined by USACE ETL 1110-2-569 (USACE, 2005) where seepage conditions are
described in terms such as light seepage, medium seepage, heavy seepage, and sand
boils. Varying the estimated hydraulic conductivity to a high or low estimate does not
change the seepage condition for the sections analyzed.
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11 CONCLUSIONS
The site-specific Ic-AFC correlation developed for RD 17 site conditions appears to
provide a reasonable prediction of continuous apparent fines content versus depth and
therefore a good screening tool for seepage analyses.
Due to the sample set, the model does not appear to accurately predict soils with
less than 5% fines and greater than 75% fines. Additionally, the model does not appear to predict fines content well for fine-grained materials when sheared in a drained
manner. Nevertheless, the use of the apparent fines content correlation can aid efforts
to estimate hydraulic conductivity for seepage model development, and allow more
efficient targeting of areas for borings after CPTs have been performed.
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Interpreting CPT results in unsaturated sands
A. R. Russell, M. Pournaghiazar & N. Khalili
The University of New South Wales, Sydney, NSW, Australia

ABSTRACT: This paper presents the interpretation of cone penetration test results
conducted in unsaturated and saturated sands to determine the contribution of suction
to the initial effective stress. The method used is based on similarities between the
cavity expansion and cone penetration problems, in particular, the power law proportionalities between initial effective stress and cavity expansion pressure or cone penetration resistance. The effects of suction cause the initial effective stress of the sand to
increase and also cause both the cone penetration resistance and cavity expansion
pressure to increase. It is highlighted that suction has a profound influence and failure
to account for this may lead to misrepresentations in soil properties estimated using
cone penetration tests.
1 INTRODUCTION
Soils which have both air and water present in the pore space are referred to as unsaturated soils. They are widely spread across the world, and their engineering behavior
is influenced by many factors including externally applied stresses, soil type, structure, density, and particularly suction arising from surface tension across the air-water
interface within pores. Most notably, suction increases the shear strength and stiffens
the soil skeletal response. Upon wetting, however, this increase in stiffness is lost and
may be associated with large and non-reversible volumetric collapse. These behavioral characteristics need to be dealt with in many engineering problems including
foundations, pavements, dams and slopes.
The characterization of unsaturated soils requires expensive and time consuming
site investigations. This typically involves soil borings, careful undisturbed sampling
and laboratory testing using specialized equipment permitting suction control.
Performing the cone penetration test (CPT) in unsaturated soils, a commonly used
in situ test, may enable less costly and more rapid characterization. However, a small
number of published studies provide evidence that suction may significantly influence cone penetration resistance in sands. Hryciw & Dowding (1987) and Lehane et al. (2004), through experimental and field work, respectively, have shown
that the cone penetration resistance in unsaturated sands can be more than double the
saturated or dry values under certain conditions. In a theoretical study of cavity ex-

417

pansion in unsaturated soils, Russell & Khalili (2006a) found that the asymptotic
cone penetration resistance significantly increases due to the presence of suction.
From these studies it seems that failure to account for suction when interpreting CPT
results, particularly penetration resistance, has the potential to lead to significant and
non-conservative misrepresentations in estimated soil properties.
This paper considers results of CPTs conducted in unsaturated sands in a newly
developed calibration chamber and compares the trends observed with other results
from the literature. Details of the chamber are contained in a companion paper (Pournaghiazar et al. 2010). Similarities between cavity pressure and cone penetration resistance are also highlighted. The effects of suction cause both the cone penetration
resistance and cavity pressure to increase significantly. Steps are taken towards developing a systematic approach for back-calculating the magnitude of suction in a soil
in which a CPT has been performed.
2 SUCTION AND THE EFFECTIVE STRESS IN UNSATURATED SOILS
Recent years have seen major advances in unsaturated soil mechanics (Alonso et al.,
1990; Kogho et al., 1993; Wheeler & Sivakumar, 1995; Bolzon et al., 1996; Loret &
Khalili, 2002; Gallipoli et al., 2003; Russell & Khalili, 2006b; and Khalili et al.,
2008; among others). Suction causes the particle contact forces of an unsaturated soil
to increase above their saturated or dry values. It is usually assumed that suction is an
isotropic phenomenon and the potential macroscopic effects of this are an increase in
the stiffness of the soil skeletal response and the mean effective stress p. Following
the work of Bishop (1959), the mean effective stress may be defined in a simple way:
p  pn  χs

(1)

where pn is mean net stress or mean total stress in excess of pore air pressure ua; s is
the difference between pore air and pore water pressure (ua – uw) also referred to as
suction; and  is the effective stress parameter and has a value of 1 for saturated soils
and 0 for dry soils. One of the most appealing features of the effective stress approach
in unsaturated soil mechanics is that many behavioral characteristics may be described using properties and relationships well established for saturated soils. For example, the shear strength at the critical state may be defined as:
qcs  M cs pcs

(2)

where Mcs is the usual function of the critical state friction angle and is a material
constant relevant to both saturated and unsaturated conditions. Furthermore, the complex phenomena of suction hardening and volumetric collapse upon wetting can be
explained using the effective stress (Loret & Khalili, 2002).
Khalili et al. (2004) and Russell & Khalili (2006b) found that  may be expressed
in the non-dimensional form:
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where se is the suction value separating saturated from unsaturated states. This relationship was determined following consideration of laboratory strength and volume
change data for a quartz sand containing no fines and values of s/se less than 70 as
well as fine grained soils having values of s/se less than 12. A lack of experimental
data has prevented it being tested for fine grained soils with s/se larger than 12.
In many engineering problems pn can be readily quantified as it is related to the
externally applied stresses on a soil element and therefore overburden pressure. However, the s term requires careful determination of se and the suction in the ground.
This usually involves suction determination tests conducted on representative samples of the soil in the laboratory or measuring the moisture content in the ground and
indirectly obtaining suction from the soil-water characteristic curve.
These methods are time consuming and expensive. There is need is for a more rapid estimation of s, for example using the CPT.
3 CONE PENETRATION TEST RESULTS
3.1 Calibration chamber investigations
New results of CPTs conducted in saturated and unsaturated specimens of Sydney
sand in a recently developed calibration chamber are presented in Pournaghiazar et al.
(2010). The chamber accommodates cylindrical specimens that that are 460 mm in
diameter and 800 mm in height. A cone penetrometer of 16 mm diameter was pushed
into the specimens at a constant rate of 2 cm/s. The chamber allowed lateral and vertical pressures to be applied independently to an unsaturated soil specimen. Horizontal pressure was applied by cell water pressure pushing on a rubber membrane enclosing the specimen, vertical pressure was maintained by a hydraulic loading ram placed
under a chamber piston at the specimen base. Suction was controlled in a specimen
using the axis translation technique.
Sydney sand, a predominantly quartz sand, is classified as SP with a D50 of 0.3
mm. The relative densities of the formed specimens were about 61%. The saturated
specimen (S1) was subjected to an isotropic effective stress of 100 kPa (lateral, vertical and pore water pressures of 350 kPa, 350 kPa and 250 kPa, respectively). The
first unsaturated specimen (U1) was subjected to an isotropic net confining stress of
100 kPa and controlled suction of 50 kPa (lateral, vertical, pore water and pore air
pressures of 200 kPa, 200 kPa, 50 kPa and 100 kPa respectively). The second unsaturated specimen (U2) was subjected to an isotropic net confining stress of 100 kPa and
controlled suction of 200 kPa (lateral, vertical, pore water and pore air pressures of
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350 kPa, 350 kPa, 50 kPa and 250 kPa respectively). The cone tip resistances averaged about 10.7 MPa, 11.7 MPa and 13.6 MPa for S1 (saturated), U1 (unsaturated,
s = 50 kPa) and U2 (unsaturated, s = 200 kPa) specimens, respectively.
The results are presented again here as hollow symbols in Figure 1. For the constant initial net confining stress pn0 = 100 kPa, the cone resistances have been normalized against the saturated value and plotted against degree of saturation Sr. The normalized quantity is denoted as qcχs/qc0, where qcχs is the cone resistance measured in
an unsaturated test and qc0 is the cone resistance measured in a saturated test. The results indicate that suction induced in the samples causes qcχs/qc0 to rise above unity.
Hryciw & Dowding (1987) have also conducted an experimental investigation
where CPTs were performed in Ottawa (quartz) sand in a much smaller and less sophisticated calibration chamber. Samples were prepared to a relative density Dr = 0.5
and a range of Sr values. The samples in the chamber were not subjected to external
confining stresses during the tests. Cone penetration resistance at the 0.3 m depth was
measured (where pn0 = 5kPa for a unit weight of about 16kN/m3 and isotropic stress
conditions), and normalized against its value for saturated conditions and plotted
against Sr. The results are also presented here in Figure 1 as solid symbols.
The results indicate that suction induced in the samples for Sr values larger than
about 0.65 has negligible effect on the cone resistance. However, for Sr less than
about 0.1 there is an increase in qcχs. In general, when Sr is less than about 0.1, suction
is large enough to have a significant effect on CPT results.

Figure 1. Normalized cone penetration resistances (symbols) and cavity expansion pressures (continuous lines) plotted against degree of saturation, for mean net stresses of 5 kPa and 100 kPa.

Figure 1 also presents drained spherical cavity expansion results for Kurnell sand
(Russell & Khalili, 2006a), a quartz sand that has almost identical properties to Sydney sand as they were sourced from sand dunes near each other. The cavity expansion
results are presented as two lines. One is for pn0 = 100kPa, Dr = 0.6 and a range of Sr
values, the other is for pn0 = 5kPa, Dr = 0.5 and a range of Sr values, to permit comparisons with the cone penetration test results from the two experimental studies.
More specifically, the net radial stress required to expand a cavity (denoted as c) is
normalised against its value for saturated conditions and plotted against Sr. The normalised quantity is denoted as cχs/c0, where subscripts χs and 0 indicate correspondence to an unsaturated expansion and a saturated (or dry) expansion, respectively.
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3.2 A field investigation
Lehane et al. (2004) present a series of CPT results for a site comprising Perth sand, a
predominantly quartz sand containing less than 5% fines and of relative density
Dr = 0.45±0.1. The tests were performed at different times corresponding to the end
of a wet season and end of a dry season. Some tests were performed on parts of the
site near large tress, while other tests were performed in an open area. Near the trees
it was found that, at the end of the dry season, qc was significantly higher than the
corresponding values at the end of the wet season. Also, in the open area, the seasonal
change had a very minor influence, if any at all, on the test results. Figure 2 summarises the results of tests. The main conclusion drawn in the Lehane et al. (2004) investigation was that when Sr is less than about 0.1 suction is large enough to have a significant effect on qc, although the presence of tree roots was required to cause Sr to
drop below 0.1 and therefore increase s significantly. This latter point was evidenced
by the results in the open area which were virtually indistinguishable at the ends of
the wet and dry seasons.
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Figure 2. Cone penetration resistance for Perth sand in a treed area at the ends of wet and dry seasons
(after Lehane et al., 2004).

4 INTERPRETATION OF RESULTS
Suction has a certain influence on cone penetration resistance and cavity expansion
pressure. The influence increases in significance as the initial mean net stress reduces.
For sands cone penetration resistance (or cavity expansion pressure) is proportional to initial mean effective stress in the ground. Cone penetration or cavity expansion
occurs under drained conditions in saturated sands. In unsaturated sands, although
perfect drainage is less likely as unsaturated sands have a much lower permeability
than saturated sands, the cavity expansion analysis of Russell & Khalili (2006a) has
shown that drained and undrained expansions give almost identical results unless the
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initial degree of saturation is slightly less than unity. The assumption that drained
conditions prevail around a cone penetrometer in unsaturated sands is therefore applied here.
Cavity expansion pressure may be related to initial mean effective stress p0 according to a power law (Russell, 2004):

 c  16.3  18.6 ln Dr  exp2.1Dr  p0

0 .7

(4)

Slightly different and more accurate relationships may be observed for small
ranges of p0, but Equation 4 is more general and places no restriction on the ranges
of p0 values to which it applies. The advantage of having this type of proportionality
is that the following equation also applies:

 c2  p02 


 c1  p01 

0.7

(5)

where σc1 and σc2 are the cavity expansion pressures determined for initial stress
conditions p01 and p02, respectively, when the initial density of the sand is the same
for each. It follows that if a cavity is expanded in a sand when saturated or dry (such
that p0 = pn0 - uw, uw is the pore water pressure and is zero when the sand is dry) and
again in the same sand when unsaturated (such that p0 = pn0 + s), the ratio between
the cavity limit pressures is:

 cs  pn 0  s 


 c0  pn 0  u w 

0.7

(6)

There are similarities between cavity expansion results and CPT results. Cone resistance is also proportional to p0 according to a power law (for example Baldi et al.
1986; Houlsby & Hitchman, 1988). Reported magnitudes of the power vary between
0.5 and 0.8 for a range of sands so a value of 0.7 is assumed here. A relationship
similar to Equation 6 therefore also applies to cone penetration resistance:

qc2  p02 


qc1  p01 

0.7

(7)

It follows that if a CPT is performed in a saturated or dry sand and again in the
same sand when unsaturated, the ratio between the total cone resistances qc in the unsaturated state qcχs and the saturated or dry state qc0 is:

qcs
qc 0

 u  p  s 
s
 
 1  w  n 0
qc 0
 qc 0  pn 0  u w 
0.7

(8)

Realizing that qc0 >> |uw| and |s|, Equation 8 may be simplified to:
qcs
qc 0

 p  s 

  n 0

p
u
n
w
0



0.7

(9)

Applying Equation 9 to the CPT results of Pournaghiazar et al (2010) enables values of s = 14 kPa and s = 41 kPa to be determined for U1 and U2 specimens, respectively. Alternatively, as suction values were known to be 50 kPa and 200 kPa
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immediately prior to testing, Equation 1 can be applied, along with se = 7 kPa for the
sand tested, to obtain s = 17 kPa and s = 30 kPa for U1 and U2 specimens, respectively. The two methods for evaluating s give broadly similar results. It seems as
though the power law of Equation 9 is an appropriate and simple tool for back calculation of s, with errors being less than 11 kPa.
Equation 9 will now be used to back calculate s values from the data of Lehane et
al. (2004). The following expression was used to evaluate p0 with depth z at the end
of the wet season by assuming s = 0, p0 = (1 + 2K0)z/3, in which the horizontal
earth pressure coefficient (K0) and bulk density () take values of 0.5 and 16.7 kN/m3
(as reported in Lehane et al., 2004). The determined values of s are plotted with
depth in Figure 3. s has an upper limit of 90 kPa at 3.25 m depth.
Equation 9 may be used to convert a CPT profile in an unsaturated sand at a site to
an equivalent profile in a saturated/dry sand at the same site as long as the variation
of s and with depth is known (assuming of course that the uw profile for saturated
conditions is known). Alternatively, if CPT profiles at a particular site are available
for saturated/dry and unsaturated conditions then the s profile can be backcalculated for the unsaturated condition. A similar procedure was followed by Russell
and Khalili (2006c), using a localized linear proportionality in place of a power law.
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Figure 3. s back-calculated from cone penetration resistance using Equation 9.

5 CONCLUSIONS
Similar power law proportionalities between initial mean effective stress and cavity
expansion pressure or cone penetration resistance exist. From these, a simple equation was developed enabling the contribution of suction to the effective stress - s - in
an unsaturated soil to be estimated. Values of s determined were in broad agreement
with those prevailing in controlled calibration chamber tests. When a profile of cone
penetration resistance at a particular site is available for saturated/dry and unsaturated
conditions then the s profile can be back-calculated. Furthermore, failing to account
for s in the mean effective stress may result in significant and non-conservative mi-
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srepresentations of estimated sand parameters.
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Correlation of cone resistance and shear wave velocity
for residual soil
Widjojo A. Prakoso

University of Indonesia, Depok, Indonesia

ABSTRACT: As a part of a geotechnical investigation program, mechanical cone
penetration soundings and a seismic downhole test were performed at a test site with
predominantly silt-clay residual soils. The results of the tests are used to develop a
correlation between the two types of tests. The results and the associated correlation
are then compared to another correlation of shear wave velocity and cone penetration
resistance.
1 INTRODUCTION
The shear wave velocity of soils plays an important role in the design of geotechnical
structures under dynamic loads. In Indonesia, it is used mostly for determining the
seismic site categories and for an initial reference value for large strain problems related to seismic loading. The shear wave velocity is typically measured using the
seismic downhole test. However, the equipment is not widely available and, consequently, the test is generally too expensive to perform for most construction projects.
On the other hand, mechanical cone penetration tests are the most common in-situ
test because it is lightweight and easy to perform.
It is of interest therefore to develop a correlation of the cone penetration resistance
and the shear wave velocity. In this paper, the database of the two parameters is described, followed by a discussion on the suggested correlation.
2 TEST PROGRAM
The test program considered in this paper consisted of two locations (A and B), with
two mechanical cone penetration tests (CPT) and one seismic downhole test (SDHT)
conducted at each location. The distance between the two locations was about 275 m.
The locations were within the University of Indonesia complex in Depok, West Java,
Indonesia.
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The mechanical CPTs were conducted in accordance with ASTM D3441 (2008).
The cone with an apex angle of 60° is 10 cm2 in cross-sectional area and has a 150
cm2 friction sleeve. The cone penetration resistance qc and the associated friction ratio Rf readings and calculations were taken and performed at 0.2 m interval. The
SDHTs were conducted using OYO Borehole Pick Model 3315 and McSeis–SX 48
Model 1126C. The shear wave velocity was measured at 1.0 m interval.
3 TEST RESULTS
3.1 Location A
The cone penetration resistance qc and the friction ratio Rf of the cone penetration test
(CPT) for Location A are shown in Figure 1. The shear wave velocity Vs from the
seismic down-hole test (SDHT) in an adjacent deep boring is shown in Figure 1 as
well. Based on the results, three geomaterial layers can be identified: c depth = 0 –
3.0 m, d depth = 3.0 – 18.0 m, e depth = >18.0 m. In addition, the groundwater table in the deep boring was found at a depth of 6.2 m.
The Robertson (1990) procedure was used to further interpret the CPT results of
the three layers. As shown in Figure 2, the first layer is predominantly in Zone 3
(silty clay to clay) with higher OCR, the second layer is predominantly in Zone 3
with lower OCR, and the third layer is predominantly in the Zones 4 and 5 (clayey
silt to silty clay and silty sand to sandy silt) with relatively low OCR.
3.2 Location B
The qc and Rf profiles of the CPT for Location B are shown in Figure 3. The Vs from
the SDHT in the adjacent deep boring is shown in Figure 3 as well. Based on the results, three geomaterial layers can be identified: c depth = 0 – 3.0 m, d depth = 3.0
– 20.0 m, e depth = >20.0 m. In addition, the groundwater table was found at a
depth of 9.1 m.
The Robertson (1990) procedure was again used to further interpret the CPT results of the three layers. As shown in Figure 4, the first layer is predominantly in
Zone 3 (silty clay to clay) with higher OCR, the second layer is predominantly in
Zone 3 with lower OCR, and the third layer is predominantly in the Zones 4 and 5
(clayey silt to silty clay and silty sand to sandy silt) with relatively low OCR.
4 CORRELATION DEVELOPMENT
A simple regression analysis was performed, taking the shear wave velocity Vs as the
dependent parameter and the cone penetration resistance qc as the independent parameter. As the qc and Vs were determined at different intervals, five qc values had to
be averaged for the associated depth of Vs value. It is noted that the upper 3.0 m of
Vs values at Location A and the upper 1.0 m of Vs values of Location B were not included in the analysis, as they appeared to be unusually high for relatively low qc values.
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The following correlation has been derived for the silt-clay residual soil of the research site:
Vs = 111.21 (qc) 0.37

(1)

in which Vs in m/s and qc in MPa. Note that the number of data is 39 and the r2 value
is 0.67. The data and the regression line and equation are shown in Figure 5.
Figure 5 also shows the clayey soil database for the Vs – qt correlation developed
by Mayne (2007). Note that the Mayne’s database is a qt database, not a qc database.
Nevertheless, it can observed that the present above-groundwater-table Vs – qc data
appear to be in the lower bound of the Mayne’s database.
5 CONCLUSIONS
A site-specific trend that correlates the measured cone penetration resistance qc obtained from mechanical CPTs to the shear wave velocity Vs obtained from seismic
downhole tests in Indonesia is presented. These tests have been carried out at two locations. The suggested correlation between Vs and qc can be used for rough estimates
of Vs from qc, particularly for preliminary studies and/or noncritical projects are under consideration.
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Interpretation of the in situ density from seismic CPT in
Fraser River sand
M. Ghafghazi
University of British Columbia, BC, Canada

D. A. Shuttle
Consultant, Lincolnshire, UK

ABSTRACT: The sandy deposits along the Fraser River delta in British Columbia,
Canada tested for CANLEX provide a rare combination of reliable in situ measurements and laboratory element testing on undisturbed and reconstituted samples, allowing for direct evaluation of the capability of analytical methods in obtaining
ground truth.
This work presents an analytical procedure to obtain the state parameter from CPT tip
resistances in the CANLEX dataset. It includes calibration of a critical state constitutive model through triaxial compression tests, and analysis of the cone penetration using the spherical cavity expansion analogy. The effects of differing gradations and
soil fabrics have been captured and reflected in the resultant state parameter interpretation. Accuracy is evaluated by comparison to in situ density measurements and
comparison to other methods.
1 INTRODUCTION
With the recent advances in the analysis and design techniques used in geomechanics,
accurate interpretation of ‘ground truth’ has become of even greater significance. In
the case of cohesionless soils, ‘ground truth’ includes knowledge of in situ gradation,
density, fabric and stress state, and the spatial variability of these parameters.
The behavior of cohesionless soils depends strongly on their density. While relative density, Dr, is an almost universally used density index for sand, it is easily
shown that Dr can be misleading (e.g. Tavenas 1973). An alternative to Dr that captures the effects of both void ratio and mean stress on soil behavior is the state parameter, ψ (Been & Jefferies 1985). State parameter is defined as the difference between the current void ratio of the soil and its critical void ratio at the same mean
effective stress. However, determining the in situ ψ (or Dr) in the laboratory is very
difficult because of density changes during sampling. Penetration tests have thus become the norm for testing cohesionless soils, with the modern electronic CPT offering continuous data measurement with excellent repeatability and accuracy at relatively low cost.
The difficulty with any penetration test, however, is that the state value of interest
is not measured. Instead it is calculated from the penetration resistance; a process
usually referred to as interpretation. This interpretation involves solving an inverse
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boundary value problem to obtain mechanical properties from the measurements.
Ghafghazi & Shuttle (2008) analyzed a database of nine soils, including laboratory
standard and natural sands, as well as relatively clean sand-size tailings, for which
both chamber testing and triaxial compression data were available in the literature.
This methodology offers a framework for interpreting the state parameter from CPT
tip resistance.
The interpretation framework is applied to the Massey Tunnel site, an extensively
investigated site in Fraser River Delta in Canada’s British Columbia. The effect of
soil fabric on the interpretation results has been considered by adjusting the calibration parameters with respect to tests on undisturbed samples. The accuracy of the method is evaluated by comparison to in situ density measurements and compared to
other methods of interpreting the state parameter from CPT.
2 SITE INVESTIGATION PROGRAM
The Canadian geotechnical community completed a major collaborative research
project between 1993 and 1997 entitled the Canadian Liquefaction Experiment
(CANLEX). The project was divided into different phases. One of the sites investigated in Phase II was located south of Massey Tunnel, connecting Richmond and
Delta in British Columbia. Complete summary reports with all data were published in
a five volume series; the data for the Massey site reported in this paper are extracted
from volume 4 (Wride & Robertson 1997). The site characterization program was
targeted at depths of 8 to 13 m and included two standard penetration tests (SPT), six
seismic cone penetration tests (SCPT), three self-boring pressuremeter tests (SBP),
and two geophysical logs. Ground freezing and sampling was carried out, providing
undisturbed cores which were trimmed into samples used in both triaxial and simple
shear testing. Samples were also obtained using the Laval large diameter sampler.
The water table was measured at 2.3 m depth. γsat and γdry were 18.2 kN/m3 and 13.4
kN/m3 respectively. Based on SBP tests Wride & Robertson (1997) suggested the
coefficient of lateral earth pressure at rest of k0 = 0.5 for the target depth range; this
evaluation has been adopted here. The frozen and Laval large diameter samples yield
an average void ratio of 0.96 with standard deviation (SD) of 0.05.
3 MATERIAL AND TESTING
Fraser River Sand (FRS) is a uniform, angular to sub-angular with low to medium
sphericity medium grained clean alluvial sand widely spread in the Fraser River delta.
For Massey samples emin and emax are reported as 0.677 and 1.056 and G s = 2.68 .
Laboratory testing of the Massey site samples included testing reconstituted samples
and undisturbed samples to evaluate the soil response to both undrained monotonic
and cyclic loading. Since this method requires drained triaxial compression tests over
a range of stresses and densities, which were not available in the CANLEX database,
a second set of data on a batch of FRS entitled the “UBC sample” has been used. The
fines content has been reduced to 0.8% to produce a clean sample. emin and emax are
reported as 0.627 and 0.989 and Gs= 2.719 by Shozen (1991). Figure 1 illustrates the
gradation curves of the two FRS samples used in this work.
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Figure 1. Gradation curves of Fraser River sand:
UBC and Massey Samples

4 METHODOLOGY
The CPT in sand provides just two signals; tip resistance (qt) and sleeve friction; the
penetration is drained so the pore pressure transducer simply measures hydrostatic
pore pressure. The state measure used in this work is the state parameter, ψ . Because
ψ is used as an internal state variable in the numerical model, the subscript ‘0’ is
used to denote the in situ (or initial) value of ψ 0 under geostatic conditions.
Initial work with determining ψ 0 from CPT data comprised triaxial testing of sands
for which chamber test data was available to define their critical state locus (CSL),
and then processing the chamber test data to develop dimensionless relations (Been et
al. 1987) of the form:
Q = k exp(− mψ 0 )

(1)

where Q is the normalized tip resistance defined as:

Q=

qt − p0
p'0

(2)

where p0 is the initial mean total stress, and p′0 is the initial mean effective stress. The
two coefficients k and m in Equation 1 differ from one sand to another.
Since all analytical methods of interpreting ψ 0 from CPT must be verified against
available calibration chamber data, the scatter in experimental results limits the accuracy of the interpretation method. Experimentalists have measured reproducibility of
calibration chamber results by repeating tests on samples with the same density and
stress conditions. These efforts have resulted in ± 25% error in measured Q in recent
works (Hsu 1999). However, the majority of available data suggest that ±50% accuracy in measured Q is ‘good’ quality data. Of course, translating accuracy in Q to accuracy in ψ 0 includes some sort of interpretation, but a rough estimation based on
average k and m values suggests that ± 0.05 is about the best accuracy that can be ex-
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Table 1. Norsand calibration parameters for Fraser River Sand
Critical State
Plasticity
N*
Mtc
H
Parameter
λe
χtc
Γ
UBC (moist
tamped)

1.22

0.060

1.45

Massey
1.17 0.035 1.49
(undisturbed)
†
pr is a reference pressure of 100 kPa

80-310ψ 0

3.2

0.45

110310ψ 0

3.2

0.45

Elasticity
Ir = Gmax /p′0
0.42
2
(
2 − e) ⎛ p0′ ⎞ †
14.89
×⎜ ⎟
1 + e ⎜⎝ pr ⎟⎠
Seismic CPT
(650< Ir < 800)

ν
0.2
0.2

pected in prediction of any particular test in the available calibration chamber data.
Ghafghazi & Shuttle (2008) analyzed a total of 301 calibration chamber tests and
achieved error levels of less than ±0.04 with 78% confidence level and less than
±0.07 with 92% confidence level. Their results were improved to 84% and 97% respectively for cases where elasticity was measured using bender elements. This is
deemed to be an excellent accuracy achievable in an analytical method. This method
is used here for evaluating the state parameter at the Massey site.
The method involves two parallel tasks: the normalization and processing of CPT
tip resistance data, together with identification of soil behavior and calculation of material specific correlations. The correlations are then used to calculate the state parameter. Figure 2 presents a summary of the method and the required steps.
Normalizing and processing the CPT tip resistance data is done by estimating the
stress state along the depth of interest. The total vertical and effective stresses can be
calculated by estimating dry and saturated soil densities. The coefficient of earth
pressure at rest (k0) should be estimated or measured from in situ tests such as SBP or
dilatometer tests. The mean stress can then be calculated and the normalized tip resistance Q can be calculated from Equation 2.
Central to the method is the application of a shape function which converts the
normalized tip resistance Q to its spherical cavity expansion analysis equivalent Qsph.
Ghafghazi & Shuttle (2008) provided Equation 3 for the conversion:
⎛ Q ⎞
Qsph = ⎜
⎟
⎝ 0. 7 ⎠

0.59

(3)

4.1 Constitutive Modeling
The behavior of the material is captured through calibration of the constitutive model
to drained triaxial compression tests. The calibrated model is then used in a spherical
cavity analysis to calculate Qsph .
The constitutive model adopted in this model is NorSand (Jefferies 1993; Jefferies &
Shuttle 2002; Jefferies & Shuttle 2005), an isotropically hardening - isotropically softening generalized critical state model that captures a wide range of particulate soil
behavior. The complete model calibration was based on nine moist tamped “UBC
sample” drained triaxial compression tests. The Massey sample data included 22 triaxial undrained and one drained triaxial compression test on undisturbed (frozen
core) samples. The undrained tests were used to identify the critical state line ( Γ, λe ),
and the critical state friction ratio (Mtc). This allowed the calibration parameters to be
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Figure 3. a. Qsph vs. ψ 0 for range of I r = Gmax p0′ ; b. msph and ksph vs. normalized shear modulus I r

modified to match altering material behavior caused by changing gradation. An adjustment to the hardening parameter H, which is deemed to be related to the fabric of
the soil, is made based on the drained test. The calibration parameters for the two
samples are presented in Table 1.
4.2 Spherical Cavity Expansion Analysis
The spherical cavity expansion analogy idealizes the CPT as a cavity in an infinite
uniform medium under an isotropic stress state, with the internal pressure of the cavity initially equal to p0′ . The cavity is monotonically expanded by increasing its radius
until a limiting (constant) pressure is obtained. This idealization greatly simplifies the
analysis because the spherical symmetry allows only radial displacements, in turn
permitting a one-dimensional description of the problem. The spherical cavity finite
element code developed by Shuttle and Jefferies (1998) is used in this study. The
code and finite element mesh remained the same, hence retaining the verified large
displacement performance of it.
4.3 Inverse form for Interpretation of CPT
Shuttle & Jefferies (1998) showed that Equation 1 may be used to recover ψ 0 from
CPT data provided that k and m are functions of soil characteristics and the stress level. Using a spherical cavity expansion analysis, we can summarize the effect of different soil characteristics in the form of NorSand parameters as:
ksph = f1(Gmax /p′0, Mtc, N*, H, χtc, λe, ν)
msph= f2(Gmax /p′0, Mtc, N*, H, χtc, λe, ν)

(4.a)
(4.b)

All the NorSand parameters in Equation 4 are constants, or known functions of ψ 0.
Hence at a particular ψ 0, all the variables in Equation 4 take a single value except for
Gmax / p′0 which is usually a function of both void ratio and stress level (the stress
level effect). This makes Qsph a function of the stress level at a particular ψ 0 (Figure
3a). ksph and msph can then be determined as functions of Gmax / p′0 (Figure 3b).
Having the normalized tip resistance Q, Qsph can be determined from Equation 3,
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Table 2. ψ 0 interpretation summary
Undisturbed Current
Interpretasampling
work
tion method
-0.055
-0.067
average ψ 0
0.050
0.028
SD
†
Mtc = 1.20 is used in the formula

Konrad
(1997)
-0.114
0.032

Been et al.
(1987)
-0.092
0.021

Plewes et
al. (1992) †
-0.089
0.038

Plewes et
al. (1992)
-0.071
0.038

and ksph and msph from Figure 3b, provided that the shear modulus Gmax is independently available. The in situ state parameter can then be calculated from Equation 5
which is directly deduced from writing Equation 1 for spherical cavity expansion:
⎞
⎛Q
− ln⎜ sph
k sph ⎟⎠
⎝
ψ0 =
(5)
m sph

5 ANALYSIS AND RESULTS
Testing at the Massey site included a frozen sampling core surrounded by six CPTs at
a radius of approximately 5 m. The Laval Large Diameter Sampler coring was also
located on the perimeter of the layout. Although the target zone is identified as a fairly uniform layer, and the tests are relatively close, the CPT tip resistance measurements fall within a range between approximately 4 to 8 MPa. The range plotted in
Figure 4a suggests lower values from 8 to 9 m depth and relative uniformity between
9 and 13 m. Parts of the logs are ignored between 12 and 13 m due to their discrepancy with the trend established by the rest of the tests. The normalized tip resistance Q
is also plotted in Figure 4b as a range.
Considering k0 = 0.5 and using the average Gmax values obtained from seismic CPT
measurements ( 40 MPa < G max < 70 MPa ), a range of ψ 0 is calculated (Figure 4c).
Ghafghazi & Shuttle (2008) margins of error of ±0.04 and ±0.07 are also plotted.
The results obtained from the methods proposed by Konrad (1997), Been et al.
(1987) and Plewes et al. (1992) are plotted in Figure 4d. To be able to directly compare methods, the average and standard deviation (SD) of ψ 0 data obtained from each
method are summarized in Table 2.
6 DISCUSSION
The samples trimmed from the cores obtained from ground freezing and Laval large
diameter sampler are considered to represent the real in situ void ratio. An average
void ratio of 0.96 with SD of 0.05 is obtained, translating into ψ 0 of -0.055 with the
same SD. The wide scatter in the measured void ratios covers a range of
−0.155<ψ0 <0.01. The scatter likely stems from the ground sampling techniques, rather than being a ground characteristic, as widely ranging void ratios were measured
in samples taken from adjacent points of the core. And while the variation in measured void ratios represents loose to dense sand behavior, the geology of the site and
in situ testing (including CPTs) imply a relatively uniform deposit. This paradoxical
observation calls for more cautious treatment of the undisturbed sample results and
emphasizes the need for better interpretation techniques for tests such as CPT.
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Figure 4. Upper and lower bound CPT response and state parameter interpretation for the target zone:
a. Tip resistance b. Normalized tip resistance c. State parameter Interpretation (Ghafghazi and Shuttle,
2008) with ±0.04 and ±0.07 error margins d. Alternative methods of interpretation: Konrad (1997),
Been et al. (1987), and Plewes et al. (1992)

As illustrated in Figure 4c, 98% of the undisturbed sampling measurement points
fall within the ±0.07 error margins of the Ghafghazi & Shuttle (2008) method and
70.5% within the ±0.04 error margins. 20.5%, fall within the upper bound and lower
bound lines, representing a zone of ideal accuracy for the information used in this
work. The accuracy offered by the ±0.07 error margins covers a wide range of possible state parameters (typically −0.3<ψ0 < 0.05) when combined with the variation in
the original CPT data represented by upper and lower bound envelopes. However, the
range is very similar to that covered by the frozen and LDS samples, suggesting that
this method is as capable as the most expensive and cumbersome of ground sampling
techniques for determining the soil’s in-situ density. The average ψ0 of -0.067 is also
very close to that measured by ground sampling. The difference is close to ±0.01; the
ground sampling technique error margin given by Wride & Robertson (1997).
As shown in Table 2, Ghafghazi & Shuttle (2008) method provides the closest estimation for ψ0 in this site. With the exception of Plewes et al. (1992), all interpretation methods presented in Table 2 require knowledge of the critical state line location
in e − log p ′ space. The only additional requirement of the Ghafghazi & Shuttle
(2008) method is for these tests to be performed under drained conditions; a requirement that does not pose any additional laboratory testing effort.
Plewes et al. (1992) correlated the slope of the critical state line in e − log p ′ space
to the CPT friction ratio based on experimental results, hence eliminating the need to
experimentally obtain the CSL. However, the method does require laboratory testing
to measure the critical state friction angle (or the analogous Mtc). Plewes et al. (1992)
suggested using Mtc = 1.2 ( φ cv = 30 o ) for all soils, advising that doing so would cause
less than 10% error in the estimated ψ0. Doing so puts the estimated ψ0 in line with
the other methods, resulting in a more negative (denser) state parameter than that implied by ground sampling techniques.

437

7 CONCLUSIONS
The success of different methods in obtaining the in situ state parameter appears to be
directly related to the level of material behavior taken into consideration. Konrad
(1997) does not account for any mechanical aspects of soil behavior and returns the
most discrepancy in estimated state parameter. The Been et al. (1987) method accounts for material compressibility through the slope of the CSL. The Plewes et al.
(1992) adds the effect of the critical state friction angle to their framework resulting
in an even better estimation. The Ghafghazi & Shuttle (2008) analytical procedure also accounts for both compressibility and friction angle, and importantly adds elasticity, as well as stress level, dilatancy, and fabric.
An overall comparison of the model parameters for Fraser River sand to those of
other sands presented in Ghafghazi & Shuttle (2008) suggests that the most important
factor that makes the other methods systematically biased towards a more negative
state parameter in Fraser River sand is its high critical state friction angle. This is further confirmed by the fact that a correct Mtc value in the Plewes et al. (1992) method
results in a better interpretation.
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Finite element modeling of cone penetration in sand
N. S. Kumar, V. Kumar, A. Deb & D. Roy
IIT Kharagpur, WB, India

ABSTRACT: A finite element model for cone penetration in dry sand has been developed to study the influence of friction and dilation angles on cone tip resistance and
sleeve friction. The sand behavior was assumed to be non-associative isotropic elastic
perfectly plastic and the cone-sand interaction was simulated with a rigid-plastic frictional model. Extreme distortion of sand around the cone was handled with autoadaptive remeshing. Analytical results obtained in this study indicate that normalized
cone tip resistance is strongly influenced by friction and dilation angles but the relationships depend on lateral earth pressure. The ratio of cone tip resistance and small
strain shear modulus was also found to depend strongly on friction and dilation angles
but the relationships are independent of lateral earth pressure. In contrast, friction ratio is strongly influenced by friction angle and weakly by dilation angle.
1 INTRODUCTION
Because of the highly non-linear nature of the problem from geometric as well as material behavior stand points there have been only a relatively few attempts to model
cone penetration in sand (Kiousis et al. 1988, van den Berg et al. 1996, Susila and
Hryciw 2003, Huang et al. 2004, Ahmadi et al. 2005). The main focus of these studies has been to demonstrate the capability of the numerical model to accommodate
the large deformations, parametric studies on CPT measurements – mainly the cone
tip resistance (qc) – and comparison of the results against empirical evidence.
While the numerical models have evolved from simple ones requiring artificial
node relocation (Kiousis et al. 1988) to explicit ones incorporating auto adaptive remeshing (Susila and Hryciw 2003), they are still not perfect. For instance, Susila and
Hryciw (2003) used a numerical model with a vertically constrained top boundary
and present results that indicate evidence of soil-penetrometer separation, noisy and
unrealistic values of sleeve friction. Further, the constitutive model used in their
study is based on a hardening rule that leads to the development of ever increasing
cohesion with increasing plastic strain. Such a behavior is not observed for sand.
Huang et al. (2004), on the other hand, used a software package incapable of automatic re-meshing and a relatively coarse mesh. Also, their numerical model is based

439

on hard contact for normal penetration but a penalty formulation for friction (elastic
stick and plastic slip). Since the accurate computation of friction stresses is crucial
for the soil response during cone penetration, the implication of adoption of such an
unrealistic contact behavior on the results could be significant depending on the value
of the allowable elastic slip used. Ahmadi et al. (2005) developed a large strain finite
difference model based on isotropic elasticity and Mohr-Coulomb plasticity without
remeshing. The initial configuration of their model had a small central cavity to
avoid numerical instability and the penetration was simulated by applying artificial
nodal displacements for which model predictions matched calibration chamber data.
The approach did not allow modeling of interface friction. However, their simulations indicated that qc depends strongly on the dilation angle and elastic modulus and
relatively weakly on the friction angle.
A numerical model has been developed here by and large avoiding the limitations
of the previous modeling attempts. The model is checked by comparing its predictions against empirical evidence. Finally, the model has been used to examine the influence of the friction angle and the dilation angle on qc, the friction ratio (rf = fs / qc,
where fs is the sleeve friction) and a parameter suggested by Roy (2008) and Schnaid
and Yu (2007) as a potential dilatancy measure, qc / G0, where G0 denotes the small
strain shear modulus.
2 NUMERICAL MODEL
An axisymmetric finite element model based on 4-noded continuum, reduced integration, axisymmetric elements, CAX4R, incorporated in finite element modeling package ABAQUS/Explicit (Simulia, Inc. 2008) was used for modeling the soil. The rigid
surface of the cone was modeled with axisymmetric rigid line elements (RAX2). Far
field conditions were modeled by constraining the displacements normal to the boundary to be zero. The far field boundary was located at a distance far enough and the
element size was kept small enough so as not to affect the computed stress and deformation near the cone. The cone was initially placed within a conical notch at the
top surface of soil (Fig. 1). A uniform axially downward velocity of 20 mm/s was
applied to the rigid cone constraining it against radial movement. The soil weight
and overburden pressure were modeled considering the top boundary to be a pressure
boundary and depth-varying vertical and horizontal initial geostatic stresses. Three
different vertical overburden pressures were used for the simulations: 0.16 MPa, 0.25
MPa and 0.35 MPa. The horizontal initial stresses were calculated by scaling the vertical stresses with the coefficient of lateral earth pressure prescribed for each case.
An explicit algorithm was used because unlike iterative implicit solvers the explicit method is relatively unaffected by convergence problem. Additionally, the contact constraints are also handled better with simple predictor-corrector algorithms in
explicit formulations. However, in explicit analyses the loading rate needs to be slow
enough to minimize the inertia effects. For the commonly used cone penetration rate
of 20 mm/s the kinetic energy was found to be negligible compared to the internal
energy in all stages of analyses in the explicit model used in this study.…
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Figure 1. Finite element model (initial configuration)

A numerical model for Cone Penetration Test (CPT) must accommodate large deformations of soil around the probe. In the absence of mesh smoothing, these large deformations result in severe element distortions and premature termination of analysis
and/or inaccurate results. The ALE mesh smoothing algorithm implemented in ABAQUS/Explicit, modified as listed below, was used to avoid the problem.
 In the numerical model the elements near the cone had widths about 100 times
smaller than those in the far field. Appropriate non-default options exercised to
preserve the mesh gradation during mesh smoothing.
 The default mesh smoothing algorithm in ABAQUS/Explicit attempts to preserve
sharp geometrical features of the mesh such as edges and corners. This feature
was found to introduce unrealistic mesh distortion at the top boundary near the
cone. Consequently, the restriction was turned off.
 By default, the ABAQUS ALE mesh smoothing algorithm attempts to pull elements towards regions of sharp curvature to ensure a small element size near such
zones. Since a fine mesh is used within the zone of stress concentration to begin
with, further refinement by the default option was found to lead to numerical instability. Hence the default refinement feature was turned off.
 Additionally, for the results to be reasonable, volume needs to be conserved at the
free surface and contacting boundaries. This was achieved by enforcing ALE
smoothing at every time increment as opposed to the default option of mesh
smoothing once every ten steps as has been used by Susila and Hryciw (2003).
2.1 Material Model
Isotropic linear elastic perfectly plastic (modified Drucker-Prager) material model
model available in ABAQUS/Explicit package was used to simulate dry sand behavior. The model is based on linear yield/failure surface and non associative plasticity
governed by a friction angle and a dilatation angle. The cohesion was set to zero.
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2.2 Contact Model
The kinematic contact in ABAQUS/Explicit was used to model the cone-soil interaction. This algorithm allows no interpenetrations between the surfaces in the normal
direction. To accurately model the frictional stresses between cone and the sand, the
rigid stick plastic slip approach of the kinematic contact algorithm was utilized rather
than the elastic stick plastic slip approach of the penalty contact algorithm. Soil-cone
interface was considered to be characterized by two different interface friction angles:
One-sixth of the constant volume friction angles and one-twelfth of the peak friction
angle. Experimental data reported by Shinjo et al. (2004) indicate that such values
reasonably represent the interaction between mineral sand and a steel cone with a surface roughness between 0.25 m and 0.75 m recommended by SGI (1992).
2.3 Analytical Program
The analytical program included simulations based on constant volume friction angles 28°, 31°, and 34° (to consider a wide range of mineralogy and compressibility);
dilation angles of 0°, 5°, and 10° (to consider a wide range of densities); vertical
stress of 160kPa, 250kPa, and 350 kPa (to consider a wide range of confinement); atrest horizontal earth pressure coefficient ( K 0 ) of 0.3, 0.4, 0.6, 0.8 and 1.0 (to consider
a wide range of over consolidation); and interface friction angles of one-sixth of the
constant volume friction angles and one-twelfth of the peak friction angle. Loose,
medium dense and dense sands (having dilation angles of 0°, 5°, and 10°, respectively) were assigned unit weights of 17, 18, and 19 kN/m3, respectively. Poisson’s ratio
of 0.3 was used in all simulations but the elastic modulus was assumed to vary with
density and the square root of vertical pressure.
3 MODEL EVALUATION
To check whether the model predictions, the classification for a soil characterized
with the computed combinations of cone tip resistance and sleeve friction for interface friction angle of one-sixth of the constant volume friction angle were plotted in
the charts by Jefferies and Davies (1991) and Lunne et al. (1997). The first approach
classifies soils based on Qt (1  Bq) and Fr, and the second approach classifies soils
based on Qt and G0 / qc, where for dry sand Qt = (qc  σv0) / σv0, Bq = 0,
Fr = fs / (qc  σv0), qt = qc, and σv0 is the total vertical stress. The results presented in
Figs. 2a and 2b, respectively, indicate that (a) Jefferies and Davies (1991) approach
classifies the simulated soil as silty sand because of an over-prediction of sleeve friction, and that (b) Lunne et al. (1997) approach correctly classifies the simulated soil
as sand. Similar results were obtained for interface friction angle of one-twelfth of
the peak friction angle as well. The misclassification in the Jefferies and Davies
(1991) approach is due to the overestimation of sleeve friction in the numerical modeling. Possible causes of overestimation are adoption of rigid plastic contact behavior
and linear yield/failure surface in this study.
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Figure 2. Classification of simulated sand

For further evaluation of the numerical model, the computed cone tip resistances
for K0 values between 0.4 and 0.6 were compared against calibration chamber data
representative of loose and dense sands of a wide range of compressibility assembled
by Robertson and Campanella (1983). The computed cone tip resistance was found
to vary for the same value of vertical stress depending on K0 and the range of variation is less remarkable for loose sand and more significant for dense sand. Nevertheless an approximate agreement between the computed results and empirical data is
apparent from the comparison (Figure 3).

Figure 3. Computed qc as functions of vertical stress, density and compressibility
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4 INFLUENCE OF FRICTION AND DILATION ANGLES ON CPT DATA
Sensitivity of qc, rf and qc / G0 to friction and dilation angles have been studied as detailed in the following subsections. While the results for interface friction angle of
one-sixth the constsant volume friction angle are only presented, the inferences do
however hold for interface friction angle of one-twelfth of friction angle as well.
4.1 Cone tip resistance
The influence of friction and dilation angles on normalized cone tip resistance, qc1,
where qc1 = qc  (Pa / σv )0.5, Pa is the atmospheric pressure and σv is the vertical effective stress (= σv in this study on dry sand) is illustrated in Fig. 4. The results indicate that while qc1 is sensitive to both friction and dilation angles, the relationships
are strongly depend on K0. For similar qc1, larger K0 would indicate smaller friction
and dilation angles.
4.2 qc / G0
The influence of friction and dilation angles on qc / G0 is illustrated in Fig. 5. The results indicate that like qc1 the qc / G0 ratio is also sensitive to both friction and dilation
angles. However, the relationships between qc / G0 and friction and dilation angles
do not depend on K0. The ratio, qc / G0, therefore, indeed appears to be a convenient
and intrinsically normalized measure of dilatancy of sand as suggested by Roy (2008)
and Schnaid and Yu (2007).
4.3 Friction ratio
The influence of friction and dilation angles on friction ratio, rf, is illustrated in
Fig. 6. The results indicate that rf is sensitive to friction angle and the relationship
between rf and friction angle depends on K0. In contrast, the sensitivity of rf to dila+++

Figure 4. Influence of friction and dilation angles on qc1
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Figure 5. Influence of friction and dilation angles on qc / G0

tion angle is weak particularly for K0 less than 0.6. Such values of K0 represent many
normally consolidated uncemented sands. It would therefore be fundamentally difficult to combine qc and rf to obtain a hybrid measure of sand dilatancy.
5 CONCLUSIONS
A finite element model has been developed for modeling cone penetration in dry sand
to study the influence of friction and dilation angles on cone tip resistance and sleeve
friction. Evaluation of the model against empirical evidence indicated that although a
reasonable estimate of cone tip resistance could be obtained from the model, the estimates of sleeve friction were somewhat greater than empirical measurements. Analytical results obtained in this study indicate that normalized cone tip resistance is
+++

Figure 6. Influence of friction and dilation angles on rf
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strongly influenced by friction and dilation angles but the relationships depend on lateral earth pressure. The ratio of cone tip resistance and small strain shear modulus
was also found to depend strongly on friction and dilation angles but the relationships
are independent of lateral earth pressure. In contrast, friction ratio is strongly influenced by friction angle and weakly by dilation angle.
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Estimating soil unit weight from CPT
P.K. Robertson and K.L. Cabal
Gregg Drilling & Testing Inc., Signal Hill, California, USA

ABSTRACT: With increasing use of computer software to aid in the interpretation of
CPT results, it is common to calculate overburden stresses based on estimated soil
unit weights. There are existing methods to estimate soil unit weight based on soil
behavior type (SBT) derived from CPT results. Methods have also been developed to
estimate soil unit weight using shear wave velocity and DMT results. Using links between shear wave velocity and CPT results, as well as links between CPT and DMT
results, a new correlation is proposed to estimate soil unit weight based directly on
CPT results (qt and fs). The resulting correlation is evaluated using published case
records and appears to provide reasonable estimates of soil unit weight.

1 INTRODUCTION
The total unit weight () of each soil layer is required to estimate the overburden
stress. Correct evaluation of total and effective overburden stresses is important in
many correlations between Cone Penetration Test (CPT) results and geotechnical parameters. In particular, for CPT in soft clays soils, a reliable assessment of unit
weight is critical for the correct evaluation of net cone resistance. The unit weight is
best measured by obtaining undisturbed samples. However, for many soils and for
low risk projects, it can be difficult and costly to obtain undisturbed samples in all
soil layers. An alternate approach is to estimate the soil unit weight directly from
CPT results.
The objective of this paper is to present a new correlation between soil unit weight
and CPT results to aid in efficient CPT data processing and interpretation. The correlation is evaluated using published case records.
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2 EXISTING RELATIONSHIPS
Larsson & Mulabdić (1991) developed a chart for Swedish clays based on net cone
resistance (qt-vo) and normalized pore pressure [Bq = (u2-u0)/(qt-vo)]. Lunne et al
(1997) suggested a method to estimate soil unit weight based on soil behaviour type
(SBT) using the non-normalized CPT charts proposed by Robertson et al (1986). The
Lunne et al (1997) values are shown in Table 1. Although the Lunne et al (1997) method provides reasonable values for soil unit weight, the SBT zones cover a wide
range of soil density and therefore do not fully capture the change in soil unit weight
due to variations in soil density.
Table 1. Approximate soil unit weight () based on soil behaviour type (after Lunne
et al., 1997)
__________________________________________________________
Soil Behaviour Type (SBT)*
Approximate unit weight,  (kN/m3)
__________________________________________________________
1
17.5
2
12.5
3
17.5
4
18.0
5
18.0
6
18.0
7
18.5
8
19.0
9
19.5
10
20.0
11
20.5
12
19.0
________________________________________________________
*SBT based on charts by Robertson et al., (1986)
Mayne (2007) showed that soil unit weight changes with both corrected cone resistance (qt) and sleeve friction (fs) and suggested a correlation between soil dry unit
weight and normalized cone resistance for uncemented, unaged quartz to siliceous
sands. However, Mayne (2007) cautioned that the correlation was a modest one and
was a function of mineralogy and cementation. Mayne (2007) suggested that the best
correlation was between soil unit weight and normalized shear wave velocity, Vs1, as
follows:
 = 4.17 ln(Vs1) – 4.03
where

(1)

Vs1 = Vs (pa/'vo)0.25
'vo = in-situ effective vertical stress
pa = atmospheric pressure in same units as 'vo
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An initial value of  is assumed in order to start the process, since effective overburden stress ('vo) depends on .
Equation 1 has the disadvantage that it requires the measurement of shear wave velocity (Vs) and requires some iteration. Recently, Robertson (2009a) presented an
updated correlation between normalized CPT results and normalized shear wave velocity for a wide range of soils. Although direct measurement of Vs is preferred over
estimates, relationships with cone measurements are useful for smaller low risk
projects, where Vs measurements are not always taken.
Marchetti (1980) suggested that soil unit weight could be estimated from DMT results using a combination of DMT ID and ED. For a given soil type (based on ID), soil
unit weight increases with increasing ED. Following the example of Marchetti
(1980), for a given soil type (based on CPT friction ratio, Rf), soil unit weight should
increase with increasing cone resistance, qt. Robertson (2009b) suggested a correlation between CPT and DMT results, such that it is possible to link the Marchetti
(1980) correlation between DMT results and soil unit weights with CPT results.
3 PROPOSED NEW CORRELATION
By combining recent experience and correlations between shear wave velocity and
soil unit weight (Mayne, 2007), as well as DMT results and soil unit weight (Marchetti, 1980) and simplifying, it is possible to develop approximate contours of soil
unit weight in terms of dimensionless CPT cone resistance (qt/pa) and friction ratio
(Rf = (fs/qt)100), where pa is atmospheric pressure in the same units as the corrected
cone resistance. The resulting simplified correlation between soil unit weight and
CPT results is shown on Figure 1.
Figure 1 allows an estimate of soil unit weight based only on CPT direct measurements, qt (or qc) and fs. The chart has been made dimensionless by using (qt/pa) and
w, where w is the unit weight of water in same units as . The contours on Figure
1 show the correct trend of increasing soil unit weight with increasing cone resistance
and sleeve friction values, as suggested by Mayne (2007). Included on Figure 1 are
the approximate SBT boundaries used by Robertson et al. (1986) to illustrate how the
soil unit weight can vary within a SBT zone.
The contours of soil unit weight shown in Figure 1 can be approximated using the
following simplified equation:
w = 0.27 [log Rf] + 0.36 [log(qt/pa)] +1.236
Where

Rf = friction ratio = (fs/qt)100 %
w = unit weight of water in same units as 
pa = atmospheric pressure in same units as qt
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(2)

Figure 1 Proposed relationship between CPT results and soil unit weight
The average specific gravity (Gs) for most soils is in the range 2.6 to 2.7. However,
some soils can have specific gravity values outside this range, which would influence
the suggested average correlation shown in Figure 1 and equation 2. If disturbed
samples are available and specific gravity values obtained, the relationship can be
modified to the more general form:
w = [0.27 [log Rf] + 0.36 [log(qt/pa)] +1.236] Gs/2.65
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4 COMPARISON WITH PUBLISHED RECORDS
Data have been collected from sites around the world where CPT results and average
soil unit weights have been published and/or were available. A summary of the data
is presented in Table 2.
Table 2.

Published records for CPT and soil unit weights

No.

Site Name

1a

McDonald’s
Farm, Canada
McDonald’s
Farm, Canada
Bothkennar, UK
Amherst, USA

1b
2
3
4
5a
5b
6
7
8

9

Ford Center, IL,
USA
Venice Lagoon,
Italy
Venice Lagoon,
Italy
Burswood, Perth
Baton Rouge,
USA
Georgia Piedmont,
USA

11

Cooper Marl,
USA
Bangkok, Thailand
Cowden, UK

12

Brent Cross, UK

13

Madingley, UK

10

14
15

Deltaic sand

Depth
Range
(m)
5 - 12

Dimensionless
Unit Weight
w
1.7 – 1.9

CPT
Range
qt/pa
40 – 120

CPT
Range
Rf (%)
0.3 – 0.6

Soft silty clay

17 - 30

1.5 – 1.6

7 – 12

1.5 - 2.5

Soft clay
Soft varved
sensitive clay
Soft glacial
clay
Medium
dense sand
Soft clayey
silt
Soft clay
Stiff fissured
clay
Stiff silty
sand to sandy
silt – residual
soil
Stiff cemented silt
Soft clay

3 - 15
6 – 10

1.6 – 1.7
1.6 – 1.7

3 - 10
5–7

1.0 – 2.0
1.0 – 1.5

7 - 16

2.0*

8 - 15

1.3– 1.7

4-5

1.8

30 – 50

0.3 – 0.5

29 - 30

1.8

20

2.0 – 3.0

3 – 15
10 – 30

1.5
1.9

1.5 – 5
20 – 40

1.0 – 3.0
1.5 – 3.5

4 – 12

1.6 – 1.8

30 – 55

1.4 – 2.2

20 - 30

1.8

20 – 50

0.6 – 1.2

4–8

1.5 – 1.7

3-4

2.5 – 3.0

4 – 10

1.8 – 1.9

20 – 25

1.5 – 2.5

2 – 10

1.8 – 1.9

15 - 30

2.0 – 2.5

2 - 12

1.9 – 2.0

15 - 40

3.5 – 6.0

12 - 20
3-5

1.7 – 1.8
1.8 - 1.9

11 –1 7
50 - 100

1.0 – 1.5
0.4 – 0.7

3 - 37

1.6 – 1.8

15 – 90

0.3 – 1.0

2 - 20
5 - 20

1.5 – 1.6
1.7 – 1.8

3 – 10
20 - 50

1.0 – 3.0
0.3 – 0.6

Soil

Very stiff
clay
Very stiff
clay
Very stiff
clay
Sensitive clay
Sand to silty
sand
Loose sands

Pisa Clay, Italy
UNCC, Florida,
USA
16
CANLEX, Canada
17
Onsoy, Norway
Sensitive clay
18
Holmen, Norway Loose sand
*Specific Gravity, Gs = 2.80

451

Figure 2. Published records of sites with soil unit weights (see Table 2 for sites)
Figure 2 shows the published records of CPT values over the suggested contours of
soil unit weight. The CPT results from the published sites cover a wide range of soils
from sands to soft clays, where 1.5 < qt/pa , 120 and 0.3% < Rf < 6% and 1.5 < w <
2.0.
In general, soil unit weight values were obtained from samples in nearby boreholes.
Although individual values at each depth within a profile could be presented, the
plots become crowded and confusing with many data points. Comparison between
individual values from nearby profiles at the same depth often show considerable
scatter due to variations in soil stratigraphy and consistency since many sites are not
uniform. Hence, adjacent data from the same depth may not always represent the
same soil. When there are a large number of sites for comparison it is common to
compare values obtained at the same depth within relatively uniform sections of a de-
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posit. Sand deposits tend to be highly variable in consistency (e.g. relative density
and grain characteristics) and plots of individual data points from nearby in-situ tests
can show large scatter. To simplify the presentation of comparison data a range of
values are shown that represent the approximate average values within each relatively
uniform section of a deposit. Some sites have more than one relatively uniform deposit within the profile and these are represented by a set of values for each uniform
deposit. Presentation of average values also aids in the inclusion of published records
where digital results were not available and where only estimates of average values
were made from published plots. Figure 3 compares the measured soil unit weights
with those estimated using equation 2. In general, the comparison is good.

Figure 3. Comparison between measured and CPT-estimated soil unit weights

5 SUMMARY
With increasing use of computer software to aid in the interpretation of CPT results,
it is common to calculate overburden stresses based on estimated soil unit weights.
Using existing links between shear wave velocity and CPT results, as well as links
between CPT and DMT results a new correlation is proposed to estimate soil unit
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weight based directly on CPT results (qt and fs). The resulting correlation is evaluated using published case records and appears to provide reasonable estimates of
soil unit weight.
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CPTU, DMT, SDMT results for organic and fluvial soils
Z. Młynarek, J. Wierzbicki, K. Stefaniak
Poznań University of Life Sciences, Poland

ABSTRACT: The paper presents a description of strength and deformation parameters of subsoil composed of peat, mud and sand, which intended to be the foundation
for the reservoir with a diameter of 30 meters. Performed CPTU, DMT and SDMT
tests, allowed to determine the value of Go modulus and constrained modulus M. The
article also discusses interrelationships between mechanical parameters presented
above. Using statistical methods the influence of factors on these relationships was
examined. The IDW method was used for determination of global rigidity subsoil
model, used in the final conception in reservoir foundations.

1 INTRODUCTION
A characteristic element in the geological structure found in Poland is the occurrence
of deposits which are a result of fluvial and lacustrine accumulation. These deposits
include normally consolidated non-cohesive deposits in the form of sands, organic
soils and silts. Deposits of this type very often constitute subsoil for road structures
and large-scale objects. There has been considerable interest in Poland in the last 20
years in static penetration methods such as CPTU, SCPTU and dilatometric testing
(DMT). These three types of tests are crucial for the determination of strength and deformation parameters in organic soils and other normally consolidated deposits. An
obvious advantage of these tests is the possibility to reduce to the minimum the number of samples for laboratory analyses. Problems with collection of high quality samples from peats, soft silts and sands below water level are commonly known. Key parameters for rational design of road embankments and large structures are soil
stratigraphy and spatial variability of 1-D constrained modulus. A description of the
spatial variation of subsoil deformation may be obtained by constructing a model of
subsoil rigidity based on the established constrained modulus (Młynarek, 2008). In
the construction of the model of rigidity for soft soils, CPTU and SDMT results are
very suitable, since they provide a large number of measurements and a continuous
picture of changes in mechanical parameters of subsoil with depth. On the other hand,
the interpretation of characteristics of CPTU and SDMT testing in organic soils and
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glacilacustrine deposits is still debatable, since a question arises whether relationships
known from mineral soils may be adopted for the prediction of soil type and constrained modulus of organic soils and other glacilacustrine deposits.
2 CHARACTERISTICS OF THE TESTING AREA
Tests were performed in two sites with a markedly different genesis of subsoil. The
selection of the locations for CPTU and SDMT testing was based on the concept to
have subsoils significantly differing in the genesis and lithology of the soil. Site 1
was characterized by the presence of normally consolidated deposits of delta accumulation, while in the other site overconsolidated glacifluvial deposits were found. The
site with normally consolidated deposits is located in the delta of the Wisła river.
Subsoil structure in this site is determined by the accumulation and erosion processes,
typical of delta areas. A characteristic feature of organic layers is their relatively
small thickness (approx. 1 m) and the fact that they are found at different depths in
the profile. The content of organic fractions in these soils ranges from 12 to 27%,
while bulk density ranges from 1.3 to 1.6 g/cm3 and natural humidity within the 54 to
130% range.
Overconsolidated soils were found in the valley of the upper course of the Wisła river, between Katowice and Kraków (Site 2) (Bzówka 2009). Fluvial deposits accumulated in this area were overconsolidated by migrating dune fields, active at the end of
the Pleistocene and the beginning of the Holocene. The overconsolidation of these
soils was also affected by cyclic changes in ground water levels, characteristic of the
Wisła valley. The sedimentation profile in that site is monotonous, composed of layers of medium sands and occasionally fine sands.
Typical profiles in CPTU and DMT testing of soils in the first site are presented in
fig. 1. The CPTU and DMT tests were typically spaced about 10m apart. Results of
the tests made it possible to evaluate deformation parameters of the subsoil. The CPT
constrained modulus, corresponding to the 1-D constrained oedometer modulus
MCPT, was determined according to the methodology proposed by Sanglerat (1972)
assuming a cone coefficient  to be between 3 and 4. In case of the interpretation of
DMT a standard procedure according to Marchetti (1980) was applied. Values of
modulus G0 were determined based on the measurement of wave velocity, according
to the assumptions presented by Młynarek et al. (2006). Specific gravity of soil as
well as its mineral and grain size distribution were determined on the basis of high
quality samples.
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Fig. 1. Typical CPTU and SDMT characteristics of soils in the Wisła delta (test site 1).

3 CPTU AND DMT CLASSIFICATION SYSTEMS FOR IDENTIFICATION OF
ORGANIC SUBSOIL
Applicability of commonly applied classification charts for DMT and CPTU testing
and their use in the identification of mineral soils found in Poland was assessed in
numerous analyses (Młynarek et al. 1997). However, these investigations showed that
the identification of organic soils in typical CPTU systems is doubtful. In this article
the location of tested soils was analyzed in the DMT diagram by Marchetti and
Crapps (1982) and CPTU diagrams by Robertson (1990) and SCPT by Robertson et
al. (1995). The location of non-cohesive soils found in sites 1 and 2 in the CPTU and
DMT classification charts identifies very well the lithology of the subsoil (Fig. 2).
Differences in the interpretation appear for the organic soils. Młynarek et al. (2006,
2008) showed that the DMT diagram very well identifies the structure of organic subsoil (Fig. 2A). In this respect the use of the CPTU diagram by Robertson (1990) leads
to an erroneous interpretation of results, since organic soils are located in the zone allocated for silty clays and sensitive soils (Fig. 2B). This fact results from the recording of relatively high values of cone resistance and low values of sleeve friction in the
organic soils. Such a situation may be explained by the considerable admixture of the
sand fraction in these soils, characteristic of soils of fluvial accumulation. Much better results are provided when the value of G0 is taken into consideration and the diagram by Robertson (1995) is used (Fig. 2C). The application of modulus G0 in the
construction of a CPTU classification chart for the determination of organic soil layers in the subsoil was also pointed to by Long (2008).
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A)

C)

B)

Fig. 2. Locations of tested soils on the DMT classification chart by Marchetti and Crapps, 1982 (A)
and CPTU classification chart by Robertson, 1990 (B) and on the SCPTU classification chart by Robertson et al. 1995 (C).

4 RELATIONSHIP BETWEEN CPTU AND DMT FOR THE DETERMINATION
OF CONSTRAINED MODULUS OF SUBSOIL
Modulus, which describe deformability or compressibility of subsoil, are determined
based on laboratory or estimated from DMT and CPTU tests, using correlations (e.g.
Lunne et al. 1997, Marchetti et al. 2001, Młynarek et al. 2005). Measurements of the
seismic wave, performed in SCPTU and SDMT are used in the determination of the
small strain shear modulus G0. Thus, simultaneous CPTU, DMT and seismic tests
make it possible to compare values of both modulus. An example of such an attempt
is the correlation proposed by Marchetti et al. (2009) for DMT, in which a relationship between a ratio of G0 to M, and the value of horizontal stress index KD is suggested. In turn, high consistency between modulus G0 determined in SCPTU and
SDMT was shown for post-floatation deposits by Młynarek et al. (2006). Within the
framework of the investigations connected with this paper the applicability of these
dependencies was analyzed for the assessment of the constrained modulus of the
tested soils. Fig. 3b shows that sands are very well located in the graph by Marchetti
et al. (2009), which means that this dependence may be used for the indirect determination of modulus G0 based on DMT results. The relationship for organic soils to a
certain degree corresponds to a curve established for clays, although at lower values
of G0/M it approaches the values characteristic of sands. Very similar results were obtained after replacement of modulus M determined from DMT, with the value of the
modulus determined from CPTU (Fig. 3a). This statement needs to be considered
highly significant, since an analytical notation of the formula makes it possible to determine modulus G0 on the basis of modulus M from CPTU and observations of
changes in this modulus with depth.
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Fig. 3. A relationship between the factor of proportionality of modulus G0/M from DMT (a) and CPTU
(b) and the horizontal stress index KD.

It is of interest to consider the relationship between modulus G0 and M for the organic soils and to determine how this dependence is determined. The analysis of the
process of static penetration and the dilatometer test in organic soils conducted by
Młynarek et al. (2008) showed that there are several factors which affect the course
of penetration characteristics and measured parameters in DMT and as a consequence
the determined constrained modulus. This analysis showed that the effect of these
factors on both tests varies. In the hierarchy of factors, which effect on cone resistance or values of measurement for pressures p0 and p1 is most significant in organic
soils, the key positions are taken by overburden stress, OCR and soil moisture content. Due to the complex preconsolidation processes of organic subsoil at site 1, the
effect of this factor on the dependence between modulus G0 and M was analyzed.
Values of OCR for peat from different deposition levels in the subsoil were determined on the basis of oedometric laboratory tests. Based on this analysis preconsolidation stress ’p was determined and OCR was calculated according to the definition
proposed by Casagrande OCR = ’p/’v0.
It results from Fig. 4 that the effect of OCR on the relationship between modulus G0
and M is statistically significant and the correlation is described by a high regression
coefficient.

Fig. 4. A relationship between the results of SDMT and CPTU & laboratory tests for organic soils.
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In geotechnical practice different formulas are used to estimate modulus G0 on the
basis of CPTU results, thus a comparative analysis was conducted for several formulas with values of the modulus provided by the seismic test. Both in case of organic
soils and sands a formula given by Rix and Stokoe (1992) was used for the calculation of G0 values on the basis of CPTU results, which applicability for mineral soils
found in Poland was confirmed by Barański et al. (2006).Modulus G0 from DMT was
estimated based on formulas given by Marchetti et al. (2009). In case organic soils
both the formula developed for clays and that for sands were used. Moreover, relationships developed by the author's for CPTU were used, which are described by the
formulas given below:



G0  49.97 M CPTU K D



1, 0

G0  12.35M CPTU OCR 

for sands

0.13

(1)

for organic soils

(2)

In Fig. 5 line C shows the most statistically significant relationship between modulus
G0 determined from seismic testing as well as DMT and CPTU. It results from the
figure that the formula, which was developed based on the author's studies, makes it
possible to forecast modulus G0 with high probability, since points defining the relationship between modulus established from both tests for organic soils are located on
line C, while for non-cohesive soils along this line. The other formulas are of little
use for the assessment of this parameter in organic subsoil. It is of great practical importance to know this dependence, since DMT is a point test, while a continuous picture of changes in modulus M and G0 in the subsoil may be obtained from CPTU.

Fig. 5. A comparison of values of modulus G0 determined from the seismic test and calculated based
on CPTU and DMT for organic soils and sands.

Figure 6 presents a relationship between modulus determined from CPTU and DMT
for non-cohesive and organic soils. In case of non-cohesive soils we may observe
high consistency of results from both studies. Absolute differences in values of modulus for organic soils are similar to those for sands; however, taking into considera-
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tion relative differences (in relation to the range of the modulus in these soils) it
needs to be stated that both methods yield significantly different results. The modulus
from CPTU has an almost constant value for organic soils (approx. 3 MPa), while the
modulus from DMT changes within a range from 2 to 6 MPa).

Fig. 6. A comparison between constrained modulus derived from CPTU and DMT.

5 CONCLUSIONS
Results of conducted analyses make it possible to formulate several generalizations
and conclusions:
-

-

-

factors, which affect parameters measured during CPTU and DMT in organic
soils differ from those, which have a crucial effect on CPTU and DMT characteristics in mineral soils. This fact limits the applicability of empirical relationships for the assessment of constrained modulus of organic subsoil, which
were proposed by many authors for mineral soils. On the other hand, analyses
showed that certain groups of factors such as ’p (OCR) and the component of
the state of stress, similarly as in mineral soils have a statistically significant
effect on characteristics of the above mentioned tests in organic soils.
The classification system proposed by Robertson et al (1995) for CPTU, in
which modulus G0 is used, and the system by Marchetti and Craps (1981) for
DMT seem to be reliable systems for the identification of organic soils in subsoil. The use of these systems may be suitable for the identification of samples
for laboratory analyses, and first of all for the determination of the range of
layers found in the subsoil.
Analyses showed that even from such complex subsoil, as the subsoil composed of organic soils, local correlations between CPTU and DMT parameters
are described by a statistically significant correlation. Determined relationships facilitate assessment of modulus G0 and M from both tests. These dependencies are of particular value when in the analyzed area both tests are
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going to be performed, since from the point assessment of modulus obtained
from SDMT it is possible to go to a continuous assessment of changes in these
modulus with depth.
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ABSTRACT: An interpretation of piezocone (CPTU) data of a sedimentary soil and
two distinct residual soil profiles from Brazil and Portugal are presented. The main
objective is to show the differences in the interpretation of these soil types. The interpretation of sedimentary soil allowed for a clear distinction of the layers, their classification and detailing the transitions, which contributed to understanding the soil formation. In the case of residual soil from Portugal, no distinction was found between
layers. However, the tropical residual soil from Brazil showed horizons formed by
pedogenetic process, with different responses to piezocone penetration and with gradual transitions between the horizons. The CPT-based soil classification chart is not
applicable to either of these soils. The ratio Go/qc demonstrated to be useful in identifying unusual soil compressibility and to define different classes of weathered soils.
1 INTRODUCTION
The definition of the geotechnical soil profile is fundamental in engineering design. The geotechnical soil characteristics are evaluated based on an understanding of
the spatial distribution of the various types of materials in the subsoil, which is obtained by means of pointwise data from several drillings or piezocone profiles and
stratigraphic interpretation. This distribution is a function of the history of geological
processes that acted in the formation of soils and rocks. In highly homogeneous soils
or in regions of sedimentary layers with lateral continuity, this interpretation is done
by interlinking similar points and extrapolating test data for the regions situated between them. When there is considerable heterogeneity, which is indicated by very
distinct soil characteristics between tests, interpretation becomes more complex.
Soil behavior charts using CPTU data have been very useful for the identification
of strata in sedimentary soils. However, it has been recognized that these variables,
especially u2 measurements, cannot always be considered useful to ensure a proper
soil classification in unusual geomaterials, currently called non-textbook geomaterials, particularly in residual saprolitic and lateritic soils. Since these soil behavior
classification charts should rely on at least two independent measurements, in the absence of pore pressure measurements, it has been suggested Schnaid et al (1998) that
qc should be compared with a small strain stiffness, Go.

463

2 PIEZOCONE TEST (CPTU)
The piezocone penetration test (CPTU) has an instrumented probe with a 60° apex
and 35.7 or 44 mm diameter on the end of a series of rods. The probe is pushed into
the ground at a constant rate of 20 mm/sec measuring tip resistance (qc), friction
sleeve stress (fs), and pore pressure (u). Soil can be classified using specific charts
and the best methods combine both tip and sleeve measurements with some type of
pore pressure interpretation. Pore pressure measurements cannot always be considered useful to ensure proper soil classification of residual soils, due to loss of saturation. Recent work in problematic soils has led to the recognition that the combination
of small strain stiffness (Go) and cone tip resistance (qc) can be useful to identify soils
with unusual compressibility. The addition of a seismic receiver in the cone allows
for down-hole seismic testing during the SCPTU.
3 STUDIED SITES
3.1 Sedimentary soil site
The study site is a pier for mineral transport in the city of Caravelas on the southern coast of the state of Bahia, Brazil. Andrade et al. (2003) concluded that the historical evolution and sediment distribution were controlled by sea level fluctuations during the Quaternary period, with influence of sea water currents and coral barriers.
Two piezocone tests were carried out to support the pier design. Tip resistance (qc)
and sleeve friction (fs) were measured and pore-pressure (u2, that is the sensor situated in the shoulder) was recorded using the piezo element saturated with glycerin.
3.2 Portuguese residual soil site
The site is the ISC’2 research site on the campus of the University of Porto, in Portugal (Viana da Fonseca et al 2006). The site has an upper layer of heterogeneous residual saprolitic granite soil of variable thickness, overlaying more or less weathered
granite contacting high grade metamorphic rocks (gneisses and migmatites). Nine
CPTU tests were carried out at the site and pore pressure (u2) was recorded using the
piezo-element saturated with glycerin. S- and P-wave cross-hole survey on three boreholes allowed the determination of the Go and calculation of the average Go/qc ratio.
3.3 Brazilian residual soil site
The research site is located on the campus of the University of Campinas, in the
state of São Paulo, Brazil (Cavalcante et al 2007). From 30 to 20 m depth there is an
immature saprolite of diabase with many blocks. A mature saprolite with sparse
blocks of partially weathered rocks predominates from a depth of 6 to about 20 m.
Porous clay predominates above a depth of 6 m up to ground level. Several CPTU
tests were carried out at the site and in some tests, pore pressure measurements were
taken using a slot filter filled with automotive grease (Mondelli et al 2009). Two
seismic cone tests were also carried out, allowing for calculating the Go/qc ratio.
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4 CPTU TEST RESULTS
4.1 Sedimentary soil
Figure 1 presents one piezocone test results for the Caravelas site. A depth of 35.0
m was reached in this test, and its interpretation indicated the existence of seven main
layers, from A to F. The test data were interpreted using a conventional CPT-based
soil classification chart proposed by Robertson et al. (1986) (Figure 2). The geological setting, which is defined as marine to transitional sediments with a thickness of
about 60 m formed by at least two Transgressive-Regressive cycles, is discussed in
detail by De Mio & Giacheti (2007). The layers from A to F represent intercalated
sand and silt-clay layers, each one with specific characteristics and correlations with
paleogeologic units, as indicated in Figures 1 and 2.
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Figure 1: Piezocone test results for sedimentary soil at Caravelas site (De Mio & Giacheti, 2007)
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4.2 Portuguese residual soil
Figure 3 presents the typical and deepest piezocone test results for the ISC2 experimental research site, including corrected cone resistance (qt), local lateral friction
(fs), pore-pressure (u2), friction ratio (Fr) and average Go/qc ratio, calculated based on
the interpretation of cross-hole and several CPTU test results. Erro! Fonte de referência não encontrada. shows Robertson et al. (1986) CPT-based classification
charts based on the piezocone testing results, reflecting considerable dispersion in the
material type, since this evaluation may be conditioned by unreliable pore-pressure
measurements.
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The analysis of the test profiles in Figure 3 provides no clear indication of the existence of different strata. Cone tip resistance varies from 4 to 5 MPa, with peaks of
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up to 10 MPa close to the surface and at 5 m depth. The values of friction ratio varied
around 4, with peaks of 2 to 6 between 3 and 6 m of depth. The pore-pressure (u2)
profile also varies close to zero, indicating soils with drained penetration compatible
with the classification of fine to medium sand. High average Go/qc ratio, varying from
25 to 55, indicates the occurrence of nonconventional soils. The heterogeneities identified in the profile of this piezocone test are repeated in the other tests, albeit at different depths, originated from variations in faulting, composition and degree of weathering of the geomaterials in the profile and indicating the absence of strata with
lateral continuity.
4.3 Brazilian residual soil
The soil profile interpretation shown in Figure 5 indicates the presence of four
main horizons. Horizon A, from 0 to 5.8 m, shows a cone tip resistance varying from
1 to 3 MPa, increasing in depth, with higher resistances in the first 0.5 m. The friction
ratio (Fr) shows values varying from 1 to 3%, with a peak of 5% close to 0.5 m. Pore
pressure is null because it is situated above the water level. The Go/qc ratio indicates
values close to 100, which are higher than the values at depth. Horizon B, from 5.8 to
13.5 m, shows a cone tip resistance of 2 to 4 MPa which tends to increase with depth;
the friction ratio indicates values close to 7%; pore-pressure shows increasing values
starting from the water level at 10 m; and the Go/qc ratio shows values varying from
60 to 50. Horizon C, from 13.5 to 19.5 m, shows cone tip resistance of 3 to 4 MPa;
friction ratio between 3 and 4% with peaks up to 6%; pore-pressure between 0.8 and
1.4 MPa, increasing with depth; and a Go/qc ratio close to 40. Horizon D, from 19.5 m
to the end of the profile, shows cone tip resistance of 3 to 5% with peak resistance
above 10 MPa close to 20 m and peaks of 6 to 8 MPa at depths of 23 and 24 m; and a
highly variable friction ratio between 6 and 10%, with sharp drops at 20 and 24 m of
depth.
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Horizon A represents the portion of the profile subjected to leaching processes
(eluviation) with formation of Fe and Al oxides, resulting in particle cementations
and porous soil formations, evidenced by the higher Go/qc ratio than in the deep horizons. Horizon B, and to a lesser extent horizon C, may represent portions of concentration of clayey materials, indicated by the high friction ratio which tends to decrease
in depth. Pore-pressure with a slot filter provides records starting from the position of
the water level, indicating more clayey soils with intense generation of pore-pressure.
In contrast, horizon D shows the presence of moderately to highly altered soil, with
the presence of weathered or slightly weathered blocks, indicated by peaks of cone tip
resistance and sharp drops in recorded pore-pressure.
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5 DISCUSSION
5.1 Identification of transition surfaces
The result of the piezocone test in sedimentary soil (Figure 1) shows transition surfaces inside the sediments marked in the three sensors (qt, fs and u), indicating a contrast of properties between silty/clayey layers and sandy layers, with high sensitivity
in their identification of up to centimetric dimensions. The identification of transition
surfaces in unconsolidated materials developed by tropical weathering is more complex. This complexity stems from the superposition of processes during natural weathering of rock masses, which is mostly induced by the migration of water along relic
structures inherited from rock. The weathering alteration tends to become more intense and deeper along faults and fractures and in minerals that are more susceptible
to chemical evolution.
In the piezocone test profile of young residual soil from Portugal (Figure 3), transition surfaces are not identified inside the soil mass. The variations in the test result
are erratic and do not define horizons with lateral continuity. This is typical of saprolitic masses, where secondary processes of weathering have not occurred,
The piezocone test profile of residual soil from Brazil (Figure 5) shows different
strata, interpreted as the product of tropical pedogenetic evolution, which, because

468

they are repeated in the other tests, suggest the existence of strata with lateral continuity. However, the interpretation of the spatial distribution of materials should be
done cautiously, considering the geological history and the possibility of sharp variations as a function of structures inherited from fresh rock.
5.2 Soil Classification
In the quaternary sediments studied here and represented in the classification chart
(Figure 2), variations in the constitution, thickness, extent, and contact relations between layers depend on the environments and the sedimentation agents, as well as the
energy involved in the processes. Fine sediments (clays and silts) are concentrated in
environments with little energy, such as closed bays, while sandy sediments predominate in environments with greater energy, such as beaches and fluvial environments. In some transitional environments, such as plains and tidal canals, fine intercalations of sandy and silty/clayey materials may be formed as a function of the
magnitudes and consequent tidal currents. Nevertheless, the geotechnical characteristics of the sediments are not linked solely to the constitution of sediments and, in several cases, the geotechnical behavior is associated with the over consolidation ratio.
The residual soils of Portugal were formed in temperate climate conditions where
the weathering process is less intense than that of tropical soils. Transformations of
minerals from fresh rock into micas and clays lead to the reduction of interparticle resistance and decomposition of rock. Fresh granitic rock leads to the formation of predominantly fine to medium sandy soils, which is not in agreement with the classification chart (Figure 4). The layer concept is applied extensively to all the soils studied
in engineering, but this concept is faulty in residual soils. Pedogenetic tropical weathering processes are not recorded in these soils due to temperate climate condition,
as indicated in Figures 3 and 4.
The profile depicted in Figure 6 is situated over diabase, which can be considered
igneous rock of high compositional homogeneity. Thus, the rocky substrate at this
site is interpreted as consisting of a single rock type with diverse fractures, which
should control alteration fronts. The layer concept is therefore also not applicable and
the correlations among tests situated in different portions of the soil mass are limited
due to the great variability resulting from tropical weathering. However, the pedogenetic processes of leaching and concentration of clays may lead to the formation of
more superficial horizons with lateral continuity, with characteristic responses to the
piezocone test (Figure 5), which, when interpreted from the standpoint of geological
history, indicate lateral continuity of some of the more superficial strata. In the classification chart (Figure 6), the different units identified in the profile are well differentiated, especially horizons A and B, with typical positions in the classification chart.
6 CONCLUSIONS
The stratigraphic logging and soil classification based on CPTU tests requires
knowledge about the geological history and soil genesis to allow for a proper interpretation. It is also important to point out that CPTU tests capture the behavior of the
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soils as opposed to just a classification based on grain size distribution, especially for
residual soils.
In the sedimentary soils of this study, the test results indicate a sharp transition between layers, the degree of granulometric homogeneity of the materials associated
with the environment and sedimentation agent, and a clear differentiation in the units
of the soil classification chart. In these soils, the water level is usually close to the
surface and recording the pore-pressure profile is crucial to interpretations. Interpretation of these soils follows stratigraphic and sedimentological criteria that validate the
extensive use of the concept of layers with lateral continuity.
In the young residual soil of the northern coastal region of Portugal, the result of
the piezocone test does not clearly indicate the existence of repetitive differences in
the various tests along the area. The variations in tip resistance and friction ratio are
related to the erratic heterogeneities of the original rock in terms of composition, fracturing and degree of alteration. In the CPT-based soil classification chart, the distribution of points defines a single region and the Go/qc ratio indicates the occurrence of
nonconventional soils.
In the mature residual soil of the Campinas region, the process of tropical weathering is highly developed, but marked ferrous concretions do not occur. The result of
the piezocone test highlights the superficial horizon of porous soil and the horizon of
pedogenetic concentration of clay. The transitions between these strata are well
marked in the qt, Fr, and Go/qc profile and the strata are individualized in the CPTbased soil classification chart. In residual soils, the use of the concept of layers with
lateral continuity should be restricted, but in situations where pedogenetic processes
have been very intense, the occurrence of strata with lateral continuity of geotechnical properties is expected, especially in the more superficial horizons (A and B horizons).
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Estimating in-situ state parameter and friction angle in
sandy soils from CPT
P.K. Robertson
Gregg Drilling & Testing Inc., Signal Hill, California, USA

ABSTRACT: The response of sandy soils at a constant relative density will vary depending on the effective confining stresses. Research has shown that the state parameter () is a more meaningful parameter to represent the in-situ state of sandy soil
than relative density. Simplified methods have recently been developed to estimate 
from CPT results based primarily on laboratory test results. Recent methods to evaluate the response of sandy soils to cyclic loading (i.e. liquefaction) base on extensive
case histories use an equivalent clean sand normalized cone resistance (Qtn,cs) to
represent the in-situ state of the soil. This paper illustrates the similarity between the
relationships for Qtn,cs and  using the updated soil behavior type chart and describes
a simplified method to estimate in-situ state parameter and peak friction angle of
sandy soils using Qtn,cs. The similarity suggests that the clean sand equivalent normalized cone resistance, Qtn,cs is essentially a measure of in-situ state () for a wide
range of soils.
1 INTRODUCTION
Vesic and Clough (1968) showed that the response of sandy soils varies with both
relative density (void ratio) and effective stress. At low effective confining stress,
dense sands are dilative and strain hardening in undrained shear, whereas, the same
dense sand at high effective confining stress can be contractive and strain softening.
Bolton (1986) reviewed extensive laboratory data on sands and developed a simplified relationship between relative density, effective confining stress and peak friction
angle. Been and Jefferies (1985) combined in-situ void ratio and effective confining
stress to develop a state parameter () to capture the in-situ response of sands and
showed that  more accurately represents in-situ state for sandy soils. Plewes et al
(1992) and Jefferies and Been (2006) developed a simplified method to estimate ()
using CPT results based primarily on laboratory and calibration chamber test results.
Much of the test results were on clean uniform sands, with few on silty sands.
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Robertson and Wride (1998), Moss et al (2006), and others have evaluated liquefaction case histories to develop relationships between normalized cone resistance and
the resistance to cyclic loading. The extensive case history database showed that the
normalized cone resistance requires modification as the sandy soils increased in fines
content. Robertson and Wride (1998) suggested the concept of a clean sand equivalent normalized cone resistance (Qtn,cs) that would represent the equivalent clean sand
resistance for CPT results in silty sands. Essentially, the clean sand equivalent normalized cone resistance is a simplified means, based on case histories, to represent the
in-situ state of sandy soils, over a wide range of soils, from clean sand to silty sands.
The objective of this paper is to evaluate the possible link between state parameter
() and equivalent clean sand normalized cone resistance (Qtn,cs) in an effort to develop a simplified method to estimate  and peak friction angle () for a wide range
of sandy soils from CPT results.
2 CLEAN SAND EQUIVALENT CONE RESISTANCE
Robertson (1990) developed a chart to identify Soil Behavior Type (SBT) based on
normalized CPT parameters. The CPT parameters are normalized by the effective
overburden stress to produce dimensionless parameters, Qt and Fr, where;
Qt
Fr

= (qt – vo)/'vo
= [(fs/(qt – vo)] 100%

Where:

(1)
(2)

qt = CPT corrected total cone resistance
fs = CPT sleeve friction
vo = pre-insertion in-situ total vertical stress
'vo = pre-insertion in-situ effective vertical stress

Jefferies and Davies (1993) identified that a Soil Behavior Type Index, Ic, could
represent the SBT zones in the Qt - Fr chart where, Ic is essentially the radius of concentric circles that define the boundaries of soil type. Robertson and Wride, (1998)
modified the definition of Ic to apply to the Robertson (1990) Qt – Fr chart, as defined
by:
Ic = [(3.47 - log Qt)2 + (log Fr + 1.22)2]0.5

(3)

Robertson and Wride (1998), as updated by Zhang et al (2002), suggested a normalized cone parameter to evaluate soil liquefaction, using normalization with a variable
stress exponent, n; where:
Qtn = [(qt – v)/pa] (pa/'vo)n

(4)

Where: (qt – v)/pa = dimensionless net cone resistance, and,
(pa/'vo)n = stress normalization factor
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n = stress exponent that varies with SBT
pa = atmospheric pressure in same units as qt and v
Note that when n = 1, Qtn = Qt. Zhang et al (2002) suggested that the stress exponent,
n, could be estimated using the SBT Index, Ic, and that Ic should be defined using Qtn.
In recent years there have been several publications regarding the appropriate stress
normalization (Olsen and Malone, 1988; Zhang et al., 2002; Idriss and Boulanger,
2004; Moss et al, 2006; Cetin and Isik, 2007). The contours of stress exponent suggested by Cetin and Isik (2007) are very similar to those by Zhang et al, (2002). The
contours by Moss et al (2006) are similar to those first suggested by Olsen and Malone (1988). The normalization suggested by Idriss and Boulanger (2004) only apply
to sands where the stress exponent varies with relative density with a value of around
0.8 in loose sands and 0.3 in dense sands. Robertson (2009) provided a detailed discussion on stress normalization and suggested the following updated approach to allow for a variation of the stress exponent with both SBT Ic (soil type) and stress level
using:
n = 0.381 (Ic) + 0.05 ('vo/pa) – 0.15

(5)

where n ≤ 1.0
Robertson (2009) suggested that the above stress exponent would capture the correct
in-situ state for soils at high stress level and that this would also avoid any additional
stress level correction for liquefaction analyses.
It is well recognized that the normalized cone resistance decreases as a soil becomes
more fine-grained, due to the increasing compressibility of fine-grained soils compared to coarse-grained soils. This was identified by Robertson (1990) where the
normally consolidated region on the CPT SBT chart extends down the chart, i.e. as
soil becomes more fine-grained the normalized cone resistance (Qtn) decreases and Fr
increases. Robertson and Wride (1998) suggested that the soil behavior index, Ic increases when soils become more fine-grained and that when Ic > 2.60 soils tend to be
more clay-like.
Robertson and Wride (1998), based on a large database of liquefaction case histories,
suggested a correction factor to correct normalized cone resistance in silty sands to an
equivalent clean sand value (Qtn,cs) using the following:
Qtn,cs = Kc Qtn

(6)

where Kc is a correction factor that is a function of grain characteristics (combined influence of fines content, mineralogy and plasticity) of the soil that can be estimated
using Ic as follows:
if Ic  1.64
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Kc = 1.0

(7)

if Ic > 1.64
Kc = 5.581 Ic3 - 0.403 Ic4 – 21.63 Ic2 + 33.75 Ic – 17.88

(8)

Figure 1 shows contours of equivalent clean sand cone resistance, Qtn,cs, on the updated CPT SBT chart. The contours of Qtn,cs were developed based on liquefaction
cased histories.

Figure 1 Contours of clean sand equivalent normalized cone resistance based on Robertson
& Wride, (1998)

3 STATE PARAMETER (
The state parameter () is defined as the difference between the current void ratio, e
and the void ratio at critical state ecs, at the same mean effective stress. Based on critical state concepts, Jefferies and Been (2006) provide a detailed description of the
evaluation of soil state using the CPT. They describe in detail that the inverse prob-
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lem of evaluating state from CPT response is complex and depends on several soil
parameters. The main parameters are essentially the shear stiffness, shear strength,
compressibility and plastic hardening. Jefferies and Been (2006) provide a description of how state can be evaluated using a combination of laboratory and in-situ tests.
They stress the importance of determining the in-situ horizontal effective stress and
shear modulus using in-situ tests and determining the shear strength, compressibility
and plastic hardening parameters from laboratory testing on reconstituted samples.
They also show how the inverse problem can be assisted using numerical modeling.
For high risk projects a detailed interpretation of CPT results using laboratory results
and numerical modeling can be appropriate (e.g. Shuttle and Cunning, 2007), although soil variability can complicate the interpretation procedure. For low risk
projects and in the initial screening for high risk projects there is a need for a simple
estimate of soil state. Plewes et al (1992) provided a means to estimate soil state using the normalized SBT chart suggested by Jefferies and Davies (1991). Jefferies and
Been (2006) updated this approach using the normalized SBT chart based on the parameter Qt(1-Bq) +1. Robertson (2009) expressed concerns about the accuracy and
precision of the Jefferies and Been (2006) normalized parameter in soft soils. In
sands, where Bq = 0, the normalization suggested by Jefferies and Been ( 2006) is the
same as Robertson (1990). The contours of state parameter () suggested by Plewes
et al (1992) and Jefferies and Been (2006) were based primarily on calibration chamber results for sands.
Based on the data presented by Jefferies and Been (2006) and Shuttle and Cunning
(2007) as well the measurements from the CANLEX project (Wride et al, 2000) for
predominately coarse-grained uncemented young soils, combined with the link between OCR and state parameter in fine-grained soil, Robertson (2009) developed
contours of state parameter () on the updated SBTn Qtn – F chart for uncemented
Holocene age soils. The contours, that are shown on Figure 2, are approximate since
stress state and plastic hardening will also influence the estimate of in-situ soil state
in the coarse-grained region of the chart (i.e. when Ic < 2.60) and soil sensitivity for
fine-grained soils. An area of uncertainty in the approach used by Jefferies and Been
(2006) is the use of Qt1 rather than Qtn. Figure 2 uses Qtn since it is believed that this
form of normalized parameter has wider application, although this issue may not be
fully resolved for some time. The contours of  shown in Figure 2 were developed
primarily on laboratory test results and validated with well documented sites where
undisturbed frozen samples were obtained (Wride et al., 2000).
4 PROPOSED CORRELATION BETWEEN  AND QTN,CS
Comparing Figures 1 and 2 shows a strong similarity between the contours of  and
the contours of Qtn,cs. Based on Figures 1 and 2, the following simplified and approximate relationship can be developed between  and Qtn,cs:
 = 0.56 – 0.33 log Qtn,cs

(9)*
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Equation 9 provides a simplified approximate way to estimate in-situ state parameter
for a wide range of sandy soils.

Figure 2 Contours of state parameter (after Robertson, 2009)

5 PROPOSED CORRELATION BETWEEN FRICTION ANGLE, AND QTN,CS
Jefferies and Been (2006) showed a strong link between  and the peak friction angle
() for a wide range of sands. Using this link, it is possible to link Qtn,cs with , using:
 = cv - 48                         

Where cv = constant volume (or critical state) friction angle depending on mineralogy (Bolton, 1986), typically about 33 degrees for quartz sands but can be as high as
40 degrees for felspathic sand. Hence, the relationship between Qtn,cs and  becomes:
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 = cv + 15.84 [log Qtn,cs] – 26.88                

Equation 11 produces estimates of peak fiction angle in clean quartz sands that are
similar to those by Kulhawy and Mayne (1990). Equation 11 has the advantage that
it includes the importance of grain characteristics and mineralogy that are reflected in
both cvas well as soil type through Qtn,cs. Equation 11 tends to predicts  values
closer to measured values in calcareous sands where the CPT tip resistance can be
low for high values of .
6 SUMMARY
Research has shown that the state parameter () is a more meaningful parameter to
represent the in-situ state of sandy soil than relative density. Simplified methods
have been developed to estimate  from CPT results based primarily on laboratory
test results. Recent methods to evaluate the response of sandy soils to cyclic loading
(i.e. liquefaction) based on extensive case histories use an equivalent clean sand normalized cone resistance (Qtn,cs) to represent the in-situ state of the soil. This paper
has illustrated the similarity between contours of Qtn,cs and contours of  on the updated soil behavior type chart and presents a simplified method to estimate the in-situ
state parameter of sandy soils using Qtn,cs. The similarity suggests that the clean sand
equivalent normalized cone resistance Qtn,cs is essentially a measure of in-situ state
() for a wide range of soils.
*corrected June, 2010
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“intermediate” soils: a new approach
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ABSTRACT: The aims of this study were 1) to assess the applicability of the most
popular correlations, used for soil type identification and soil stratigraphy description,
in some Italian sites and 2) to propose a new method for identifying “intermediate”
soils. CPT, CPTu data, belonging to different geological contexts, were collected
from published reports or obtained from tests carried out with a Pagani penetrometer
(with a Pagani piezocone for CPTu and a Begemann mechanical cone for CPT). Soil
profiles have been established through borehole-logs. In addition, laboratory investigation helped in the geotechnical characterization of the soils. Classification charts
proposed by Robertson et al. (1986), Robertson (1990) and Eslami & Fellenius (1997)
were used in the case of CPTu’s. Borehole logs were compared with soil profiles inferred from cone penetration test results. A percentage of success was calculated for
each method. All the methods were not able to correctly identify “intermediate soils”
i.e. soils relatively impervious like silty soils where the penetration occurs under the
condition of partial drainage. A new method to improve the identification of this type
of soils is proposed. The method consists in the performance of two contiguous CPTu
run at different penetration rates.
1 INTRODUCTION
Cone penetration tests (CPT and CPTu) are well-established in situ test methods for site
characterization. Tip resistance (qc), sleeve friction (fs) and (in the case of CPTu) the
pore water pressure (u) are continuously measured during penetration. The indicated parameters are used to empirically infer soil profiling through the use of soil classification
charts. Several classification charts, based on different database (Begemann 1965, Searle
1979 and Schmertmann 1978 for CPT and Robertson et al. 1986, Robertson 1990 and
Eslami & Fellenius 1997 for CPTu) or non traditional approaches (Zhang & Tumay
1999, Kurup & Griffin 2006), are available in literature.
The aims of this study are:
- to assess the applicability of the most popular correlations, used for soil type
identification and soil stratigraphy description, in some Italian sites;
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-

to develop a new method to improve the identification of mixtures of finegrained soils having intermediate values of permeability and where the penetration mainly occurs under the conditions of partial drainage.
An existing, already published, database has been used in order to assess the validity
of existing classification charts (Lo Presti et al. 2009). The main conclusions from the
above mentioned paper are summarized in the next section. In addition two test sites
were investigated to verify the newly proposed method, which requires the performance
of two contiguous CPTu run at different penetration rates.
2 EXISTING DATABASE
CPT, CPTu data, approximately 6-23 m deep, from 9 different Italian sites, belonging to
different geological contexts (lacustrine organic soils, very heterogeneous alluvial lacustrine soils, terraced alluvial soils, recent alluvial soils, alluvial fan soils, estuarine - marine soils) were collected from published reports or obtained from tests carried out with
a Pagani penetrometer (TG 63-100, TG 63-200, TG 73-200) (Pagani 2009). The test
equipment consists of 60° cone (piezocone for CPTu and Begemann mechanical cone
for CPT), with a 10 cm2 base area and a 150 cm2 friction sleeve located above the cone.
The filter position for pore pressure measurements is behind the cone tip (u2). CPTu
were carried out at constant speed of 2 cm/s. The pushing equipment consists of hydraulic jacking and reaction system mounted on a heavy lorry with screw anchors. The thrust
capacity is of 100 to 200 kN. The field data acquisition system includes analogue to
digital converters. The piezocone provides values of cone resistance, sleeve friction and
pore pressure every 1 cm.
Soil profiles have been established through borehole-logs. In addition, laboratory investigation helped in the geotechnical characterization of the soils. Laboratory tests included classification tests, oedometer, triaxial and direct shear tests. In some sites, penetration tests were repeated in different periods of the year (dry and wet period) and with
the use of different fluids for the filter saturation (silicon oils and glycerine).
The classification charts proposed by Begemann (1965), Searle (1979) and Schmertmann (1978) were used in the case of CPTs. Classification charts proposed by Robertson
et al. (1986), Robertson (1990) and Eslami & Fellenius (1997) were used in the case of
CPTu’s. The CPT and CPTu-based charts were predictive of soil behaviour type (SBT),
since the cone responds to the in-situ mechanical behaviour of the soil and not directly to
soil classification criteria based on grain-size distribution and soil plasticity (Robertson
2009).
A percentage of success was calculated as the ratio between the numbers of interval
correctly classified in a soil category/total number of intervals of the soil category.
From the analysis of the above described database the following main conclusions
were drawn (Lo Presti et al. 2009):
- All classification methods allow to detect stratigraphical boundaries.
- The success rates are different.
- The classification charts are not applicable in partially saturated soils (especially
fine soils) because of the soil suction which modify the effective stress state. Ap-
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plication of the classification charts under these conditions leads to an overestimate of the soil grain size.
- The success rates are good for saturated homogeneous soils, particularly for soft
clay or organic soils. For silty clays or soft silty sands the classification charts
mis-classify the soil type.
In detail it has been possible to see that:
- CPT interpretation charts (Begemann, Schmertmann and Searle) usually identify
peaty soils (78% of rate of success) but they show unsatisfying results for mixed
silty soils (0-28%).
- Robertson et al. (1986) chart correctly identify 100% of organic soils, clays and
sands, whereas most of intermediate soils (such as clayey silt and sandy silt) are
not recognized, with percentages of success that range from 50% to 0%.
- Robertson chart (1990) shows results comparable to the previous chart.
- Eslami & Fellenius chart (1997) does not present high rates of success for mixed
soils, while clay and sand shows satisfying results (rate of success up to 100%).
3 ADDITIONAL TEST SITES
CPTu were carried out at two different sites in order to verify the proposed method and
more specifically to observe the influence of different penetration rates on the test results
in different soil types. Therefore, two contiguous CPTu were carried out at each site using two different penetration rates (2 cm/s and 1 cm/s). The distance in plan between the
standard CPTu and that carried out using a reduced penetration rate was about 1 m. A
borehole was also available for each site. The distance in plan between CPTu and borehole locations is 4 m. Figures 1 to 2 compare the stratigraphy inferred from the interpretation of standard CPTu by means of Robertson (1990) chart and that obtained from borehole. The results obtained in each site with standard and reduced penetration rates are
compared in Figures 3 to 6.
The site 1 corresponds to alluvial – lacustrine deposits of the Serchio River in Paganico (Lucca Tuscany). The upper layer, of variable thickness, is mainly an alluvial deposit consisting of silty sands or sandy silts and overlying the lacustrine deposit (clay and
silty clay) (Fig. 1).
The compared CPTu tests reached a maximum depth of about 6 m.
The interpretation of the standard CPTu probe (Fig. 1) with Robertson chart (1990)
correctly identifies “sandy silts”, “clayey silts” and “sand and gravel”; only “clayeysandy silts” (from 2 m to 3 m) are misclassified.
The site 2 corresponds to the continental-marine sediments of the Livorno coastal
plain (Tuscany), which deposited during multiple cycles of sea ingression and regression
(Fig. 2).
The compared CPTu tests reached a maximum depth of about 21 m.
The CPTu was interpreted with Robertson chart (1990); we obtain a proper classification of most of the tested soils, and only intermediate soils (5.1-7.5 m and 10-10.5 m)
shows unsatisfying results.

481

Borehole-log

qc (MPa)

Groundwater
table

0

Coarse sand and dense
gravel alternating with
sandy silt

-100

15

50

200

0

0

0

0.5

0.5

0.5

1

1

1

1.5

1.5

1.5

2

2

2

2.5

2.5

2.5

50

100

150

Sand mixtures

Depth (m)

Clayey silt

10

0

Sandy silt

Clayey-sandy silt

5

Interpretation with
Robertson chart (1990)

fs (kPa)

u2 (kPa)

3

3

3

3.5

3.5

3.5

4

4

4

4.5

4.5

4.5

5

5

5

5.5

5.5

5.5

6

6

6

Sand mixtures
and clay mixtures

Clay and
clay mixtures

Alternances of clay,
clay mix. and sand mix.
Sand and
sand mixtures

Figure 1. Site 1 (Paganico). Standard CPTu (2 cm/s) compared to a near borehole-log.

Borehole-log
°2
Groundwater
table

qc (MPa)
0

u2 (kPa)

10 20 30 40

0

0

0

0

2

2

2

4

4

4

6

6

6

8

8

8

10

10

10

12

12

12

14

14

14

Sand with gravel

16

16

16

Gravel and rounded
pebbles

18

18

18

20

20

20

22

22

22

Landfill
Clays and silts with algae
Sand with clay, silt, gravel

Silt with gravel , sand, clay
Silt and clay

Fine sand and silt

Depth (m)

"Panchina"
Silt and sand

Interpretation with
Robertson chart (1990)

fs (kPa)

115
-50 350 750 0

100

200

300

Landfill
Alternances of clay,
clay mixtures and
sand mixtures
Clay mix. and sand mix.
Sand
Sand/Sand mixtures
Clay mixtures
Sand
Clay

Sand

Figure 2. Site 2 (Livorno). Comparison between the CPTu carried out with the standard penetration rate (2
cm/s) and a nearby borehole-log.

482

4 EFFECTS OF THE PENETRATION RATE ON TEST RESULTS FOR
DIFFERENT SOIL TYPES
It is possible to consider the following working hypotheses:
- for any type of soil and for the considered penetration rates (2 cm/s and 1 cm/s) it
is possible to assume partial drainage conditions;
- for the standard penetration rate (2 cm/s) it is possible to simplify assuming “undrained conditions” for clays, “drained conditions” for sands and “partially
drained conditions “ for intermediate soils;
- the reduced penetration rate should cause a reduction of sleeve friction and tip
resistance because of creep effects. Moreover, creep effects could be responsible
for an increase of pore pressure;
- the reduced penetration rate should produce an increase of tip resistance and
sleeve friction when approaching the drained conditions. For the same reason it
is possible to expect a reduction of pore pressure in the case of a reduced penetration rate;
- in conclusion, using a reduced penetration rate, we expect an increase of tip resistance and sleeve friction in intermediate soils, if the effects related to the drainage conditions prevails over creep effects. We also expect a reduction of pore
pressure. Therefore we expect to observe effects of reduced penetration rate in
sandy – clayey silts and almost negligible effects in clay and sands.
Figures 3 and 5 show the variation of qc, fs and u2 experimentally observed in the
case of CPTu carried out at reduced penetration rate in the two sites. Variations are expressed as percentages and are computed after the application of a moving point average
based on 10 values. Some extreme values are probably due to local soil heterogeneities.
Some systematic increase or decrease of the measured values enable us to draw preliminary conclusions.
More specifically the slower probe carried out at Paganico shows (Figs 3 and 4):
- from 0 to 2 m a decrease of pore pressure (-138 %) and an increase of tip resistance (30 %) and sleeve friction (40 %), as expected in sandy silts;
- from 2 to 4.5 m negligible variations of resistances (7-9 %) and pore pressures
(3%), probably related to the presence of clayey-silty soils (Fig.1);
- from 4.5 to the end of the probe strong differences of qc, fs and u2 between the
standard probe and the slower probe. Those changes are not due to the different
penetration rate but to local lithological heterogeneities.
In the Livorno site the comparison between the two penetrometric tests highlights the
following intervals (Figs 5 and 6):
- from 5 to 10 m (borehole log: intermediate soils) there is an increase of tip resistances (43 %) and sleeve frictions (46 %) whereas pore pressures decrease (-129
%);
- from 10 to 15 m (borehole log: clayey soils) the variation of qc (2 %), fs (-4%)
and u2 (18 %) seems negligible, as expected;
- from 15 m to the end of the probe (borehole log: sandy soils) the differences between probes are probably due to local lithological differences.
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5 PROPOSED METHOD AND CONCLUSIONS
The problem of misclassification of intermediate soils (silt, clayey silt, sandy silt,…)
generally can be solved with dissipation tests (Robertson 1990) which can significantly
aid in identifying soil behaviour type, but dissipation tests are often time-consuming.
Based on the results of this study we propose a new and faster experimental approach, based and the execution of two contiguous CPTu probes with different penetration rates. The first probe will be carried out at the standard penetration rate (2 cm/s),
while the other at a slower speed (1cm/s).
Even though a partially drained penetration will continue to occur at the lower penetration rate, based on the results shown in the previous section we expect that:
- in “intermediate” soils both sleeve friction and tip resistance will increase, while
the pore pressure will decrease;
- in “clay” and “sand” the above effects will not appear.
Therefore it will be possible to identify the “intermediate” soils by comparing, at an
appropriate scale, the results of the two tests.
In practice it seems more useful to consider the comparisons of sleeve friction and
pore pressure than that concerning the tip resistance. In fact, the tip resistance increase is
less evident. This is because while the tip resistance increases approaching the drained
conditions it decreases with the pore pressure.
At the moment the proposed method represents just a working hypothesis that need
further research activity and assessment in order to be validated.
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ABSTRACT: A site investigation campaign using cone penetration test (CPT) and dilatometer test (DMT) was carried on alluvial deposits of medium stiff silty clay with
occasional sand and gravel at a site located in Gemlik, Turkey. Data obtain from
CPT’s and DMT’s were used for subsoil geotechnical modeling. Soil classification,
undrained shear strength, friction angle, compression modulus and shear wave velocities are compared for the whole site model and between closely located investigation
pairs obtained using both in-situ measurement techniques. Soil models are also supported with SPT data and laboratory test results. As a result, a comparison of the
models is critically evaluated for this specific case.
1 INTRODUCTION
The interpretation of geotechnical characteristics can be obtained with laboratory test
data on high quality samples. However, cost and time required for performing laboratory tests and the discrepancies from accuracy related to soil disturbance and limited
number of tests draws more attention to the in-situ tests for design and analysis. In
this paper the results obtained from cone penetration tests (CPT’s) and dilatometer
tests (DMT’s) performed at a site for the design of a newly planned hot reverse mill
structure within the Borçelik Steel Factory located in Gemlik, Turkey are presented.
The objective of this work is to compare the subsoil modeling predicted from both of
these in-situ tests.
It could be stated that the extensive utilization of CPT in Turkey, is more recent
compared to Europe gaining more recognition since 1970’s for general soil investigation and foundation design purposes for various kinds of civil engineering structures
(Durgunoglu and Togrol, 1974, Durgunoglu and Togrol, 1995). The first usage of
CPT in Turkey was realized in late 1950’s and since then, development on the application technique was realized. However, its application is generally limited to university and state funded research projects (Emrem, 2000). On the other hand, utilization
of Marchetti’s (DMT) Dilatometer is a rather recent in-situ testing method in Turkey
(ZETAS, 2008).
The CPT provides two separate readings with depth, including; unit cone tip resistance (qt) and unit sleeve friction (fs), whereas the dilatometer (DMT) reflects differ-
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ent two readings compared to CPT, namely; the lift-off or contact pressure (p0) and
expansion pressure (p1). Within the scope of this case study, soil classification, geotechnical parameters namely undrained shear strength, friction angle, deformation
modulus, and shear wave velocities determined based on both in situ tests, are compared for the whole site and for closely located pairs. Further details of the data and
the case study are presented by Aykin (2009).
2 LOCAL GEOLOGY AND GROUND WATER CONDITIONS
The subject site is mainly covered with asphalt and 2.0m thick controlled filled underneath the asphalt layer. Below the fill, an alluvium layer having varying thickness
and properties is encountered. Bedrock is located beneath the alluvial and its depth
varies at the site and outcrops at some specific locations. The encountered alluvium is
mainly medium-high plasticity, dark brown medium stiff clay, occasionally sand and
gravel. The encountered sandstone, mudstone interlayered bedrock units have low
rock quality designation, it is weathered and fractured. Following the completion of
boreholes, ground water within two of the boreholes was monitored by piezometers.
According to the recordings, groundwater table is quite variable and is located 1.0m
to 10.0m below the ground surface. Soil stratigraphy generated from the soundings is
given in Figure 1.

Fill
Alluvium (mainly medium stiff CH)
Bedrock (sandstone-mudstone)
Figure 1. Soil stratigraphy

488

3 IN-SITU TESTS
In-situ tests including CPT, SCPT, DMT and SDMT are performed at the site. A total
of twenty-four (24) CPT’s, five (5) DMT’s were performed. Tests were continued until sandstone, mudstone bedrock or where more advancement was not possible or to a
maximum depth of 30.0 m. Consequently, the test depths achieved in testing varied
between 3.8m to 30.0m.
4 OBTAINED DATA
4.1 Data obtained from CPT’s
Simple electrical cones were utilized during the site investigations. Simple cones
have built-in load cells that record the end bearing stress qc, and friction sleeve stress,
fs. Readings are obtained at every 2.0cm depth. In seismic tests to measure shear
wave velocities special seismic cones were employed, SCPT.
4.2 Data obtained from DMT’s
Traditional Marchetti’s flat dilatometer tests (DMT) were executed at the site. Tests
were performed to measure the "lift-off", A-pressure and the "full expansion", Bpressure every 20 cm. Similarly, shear wave velocities are measured using the seismic DMT (SDMT).
5 SUBSOIL MODELLING
5.1 Subsoil modeling using CPT’s
Soil classification using the CPT data was performed according to the simplified Soil
Classification Chart for Standard Electronic Friction Cone (Robertson and Campanella, 1985). In order to estimate internal friction angle, the average empirical relationship is utilized which is proposed by Robertson and Campanella (1983). Estimates of
su for the clay formations from CPT using CPT results generally employ an equation
of the following form;

su =

q c -σ vo
Nk

(1)

where σvo is the total overburden stress and Nk is the cone factor. Undrained shear
strength values are estimated with an Nk value of 15. Constrained modulus values are
calculated according to the following formula (Robertson and Campanella, 1988);
(2)

M=αq c

where the factor α is generally recommended in the range of 1.5 to 4.0 and is taken as
α = 3 in the modeling.

489

5.2 Subsoil modeling using DMT’s
Soil classification using the DMT data was performed according to the procedure
utilizing material index, ID defined by Marchetti (1980). Internal friction angle, φ was
obtained by the following equation (Marchetti, 1997);

φ =28°+14.6° log K D − 2.1° log 2 K D

(3)

where KD is horizontal stress parameter. KD provides the basis for several soil
parameter correlations and is a key result of the dilatometer test. φ from Equation 3 is
intended to be not the "most likely" estimate of φ, but a lower bound value, typical
entity of the underestimation believed to be 2° to 4°. The horizontal stress index KD is
defined as follows (Marchetti 1980, Jamiolkowski et al. 1988);
KD =

p 0 -u 0
σ′v0

(4)

where σ’vo is the pre-insertion in situ overburden stress. The correlation utilized for
determining su from DMT (Marchetti, 1980) is the following;

s u = 0.22σ ' v 0 (0.5 K D )1.25

(5)

Constrained modulus values are calculated according to the following formula
(Marchetti et al., 2001);

M=R M E D

(6)

E D =34.7(p1 -p 0 )

(7)

where RM is calculated with respect to KD and ID.
6 COMPARISON OF RESULTS
6.1 Soil classification
Grain size analyses and Atterberg’s limits tests were performed on 128 samples
retrieved from all boreholes (Zemin Etüd ve Tasarım A.Ş., 2008). Approximatly three
or four specimen were taken within each borehole at varying depths. 25 percent of the
specimen were found to be coarse grained according to USCS, Unified Soil
Classification System and the remaining 75 per cent was found to be fine grained.
Within the fine grained specimen, 99 per cent was found to be clay.
According to the soil classification model, the site is typically alluvium mainly
composed of coarse grained soil (sands) within a fine grained soil (clay and silt).
When CPT soil classification and DMT soil classification is compared, both
classifications are able to identify the different coarse grained units from fine grained
units coherently. However, DMT defines silt units within the clay units. This is due to
the fact that ID, metarial index used for DMT soil classification, sometimes
misdescribes silt as clay and vice versa, therefore a presence of clay-sand both would
generally be described by ID as silt (Marchetti et al., 2001).
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6.2 Internal friction angle
Internal friction angle, φ of coarse grained deposits derived from all CPT and DMT
data is combined and provided in Figure 2. Generally, the estimations were found to
be coherent. However, the minor differences could be attributed to the φ values
derived from DMT results, is a “lower bound” value, typical entity of the
underestimation believed to be 2° to 4°(Marchetti, 1997). The chart for derivation of
φ of from CPT results tends to predict conservatively low friction angles as well
(Robertson and Campanella, 1988)
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6.3 Undrained shear strength
Undrained shear strength, su of fine grained deposits is also obtained from CPT and
DMT. Standard penetration tests (SPT) were performed within 38 boreholes. su is
estimated from these SPT values according to the relationship provided by McGregor
et. al. (1998). Results of undrained triaxial compression tests (UU) are also included
in the comparison. su derived from CPT, DMT, SPT and UU data is combined and
provided in Figure 3.
The values obtained from CPT’s were more diverse and some data points are
higher in value relative to the values derived from the DMT. SPT usually
overestimates undrained shear strength and therefore is not dependable. On the other
hand su values estimated from DMT were in good agreement with the results of
triaxial UU testing.
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6.4 Constrained Modulus
The values obtained from DMT’s were more diverse and some data points are higher
in value relative to the values derived from the CPT, see Figure 4. However, mainly
the estimations were found to be coherent. The reasons for relatively low constrained
modulus values derived from CPT results, could be attributed to the assumption of
constrained modulus factor, α as equal to 3.
6.5 Shear Wave Velocities
Shear wave velocities were measured both by SCPT and SDMT. In addition,
MASW-MAM multichannel surface wave analysis- microtremor array
measurements were also performed. The results are presented in Figure 5.
Generally, measurements with different techniques were found to be coherent. On
the other hand Vs values from SCPT are slightly lower than SDMT. This deviation
probably is due to the fact that SCPT test is performed using single and SDMT
tests are performed using double receivers.
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6.6 Comparison of close investigation points
Specific CPT’s are compared with specific DMT’s which are close to each other. In
these comparisons, soil classification, undrained shear strength and internal friction
angle values were also evaluated.
Generally, soil classification of pairs was coherent. However, as mentioned above,
dilatometer classifies some of the fine grained soils as silts which are found to be clay
by laboratory tests. Undrained shear strength values were generally found to be coherent in soft clay units, however the CPT tends to give higher su values in stiffer
units (su > 100kPa). The internal friction angle, calculated from CPT, was higher or
close to the highest values of values calculated from DMT. In generally, the comparison of the results of specific points was in good agreement with the results of whole
site.
7 CONCLUSIONS AND RECOMMENDATIONS
In situ testing is rapidly emerging as a viable alternative to the traditional approach
for obtaining geotechnical parameters required in soil modelling. The site
investigation for a hot reverse mill project in Gemlik included, dilatometer tests
(DMT, SDMT), and cone penetration tests (CPT, SCPT). The soil classification and
soil parameters predicted by both in-situ methods for the whole site and for eleven
closely located pairs of investigation points were compared.
When CPT soil classification and DMT soil classification is compared, mainly
both classifications are able to identify the different coarse grained units from fine
grained units coherently. However, DMT sometimes misdescribes clays as silt.
According to the grain size analyses and Atterberg’s limits tests that were performed.
25 percent of the specimen were found to be coarse grained according to USCS, and
the remaining 75 per cent were found to be fine grained. Within the fine grained
specimens, 99 per cent were found to be clay. If a clay for some reason, behaves
"more rigidly" than most clays, such clay will likely to be interpreted by ID as silt, in
DMT.
Subsoil models of close investigation pairs were also investigated. Generally, soil
classification of pairs were coherent and the results were consistent with the results of
the complete site modelling.
Internal friction angle, φ values derived for sands from all CPT and DMT data were
combined and compared. Generally, the estimations were found to be coherent.
However, the minor differences could be attributed to the φ values derived from
DMT results is a “lower bound” value. The chart for derivation of φ of from CPT
results tends to predict conservatively low friction angles as well (Robertson and
Campanella, 1988).
Estimates of su from CPT, using cone bearing results were performed according to
the equation recommended by Robertson and Campanella, 1988. The cone factor, Nk
in the predictions was assummed as 15. The correlation by Marchetti, 1980 was
utilized in the estimations of su from DMT. The values obtained from CPT’s are more
diverse and some of data points are higher in value relative to the values derived from
DMT data probably indicating that more proper NK value for deposits are higher than
15.
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Geotechnical parameters of very soft clays from CPTu
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ABSTRACT: Results of piezocone (CPTU) tests carried out on very soft soil deposits
of Barra da Tijuca and Recreio in the city of Rio de Janeiro are presented together
with a data of geotechnical properties. Data of vane shear strength are compared with
piezocone data, and values of cone factor Nkt are obtained. Values of the coefficient
of consolidation from piezocone dissipation tests are also compared with values from
laboratory oedometer tests.
1 INTRODUCTION
Piezocone (CPTU) tests have been carried out in Brazil in various marine deposits
along the Brazilian coast (Danziger and Schnaid, 2000; Coutinho, 2008; Schnaid,
2009) and also in the state of Rio de Janeiro (Almeida & Marques, 2003; Almeida et
al. 2008a).
This paper presents data of in situ (mainly piezocone) and laboratory tests carried
out on very soft clays deposits of Rio de Janeiro city at eight sites located in the Barra
da Tijuca and Recreio dos Bandeirantes districts, west of the city of Rio de Janeiro.
These results allowed the creation of a geotechnical data bank for these areas and also
made it possible to compare the geotechnical properties of the sites.
2 DESCRIPTION OF THE SITES
The eight sites presented here are distributed along a 7.4 km2 area, where the
thickness of soft clay deposits varies from 2 to 30 m (Almeida et al. 2008a). The
stratigraphy of these eight sites obtained from 443 boreholes is shown in Figure 1.
The water table in general is quite shallow, at about 0.5 m depth. At the majority of
the sites the soil beneath the soft deposit is sand with gravel. As these sites are
surrounded by rivers or lagoons, the upper layer in many cases is either peat, dredged
material, or uncontrolled fills.
Figure 2 shows an example of geotechnical characteristics of the Panela deposit.
This site presents very high water content, void index, and compression ratio CR =
Cc/(1+eo).
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Some geotechnical properties and characteristics of the eight soft clay deposits are
presented in Table 1. The high values of the compression ratio CR observed for
SESC/SENAC, for example, led to an extensive study of secondary compression at
that site (Garcia, 1996), which showed that important secondary settlements could
occur at the sites. The results presented in Table 1 show that geotechnical parameters
have a wide range despite the relative proximity of some deposits.
Table 1. Geotechnical parameters and characteristics of Barra da Tijuca and Recreio
soft clay deposits.
SESC/SENAC

Deposit
w0 (%)
wL (%)
IP (%)
% clay

1

PAN

2

72–500
70–450
47–250
28–80

Pane la
126–488
121–312
80–192
26–54

116–600
100–370
120–250
32

Península II
61–294
52–93
100–300
23–71

Outeiro
75–119
118–133
97–105
32–65

12.5
0.29–0.52

9.8–13.4
0.40–0.84

11.6–12.5
0.36–0.50

10–12.7
0.35–0.79

13.5–15.7
0.25–0.68

0.17–80
2.0–11.1

0.6–8.8
3.3–8.2

0.4–1.2
4.8–7.6

0.9–15
4.03–12.37

2.1–49
1.8–3.01

Su (kPa)
Nkt
Deposit

2.0–11.2
7.5–14.5
Crespo Neto

3.0–38
4.0–16
Life

5.0–23
4.0–9
Máximo

4.0–29
6.5–15

w0 (%)
wL (%)
IP (%)
% clay

72–496
89–172
42–160
14–49

114–895
86–636
59–405
15–60

72–1200
88–218
47–133
19–60

(1) - Almeida et al. (2002)
and Crespo Neto (2004).
(2) - Macedo (2006) and

11–12.4
0.27–0.46

9.2–14.0
0.22–0.49

10.9–14.2
0.27–0.38

Sandroni & Deotti (2008)
(3) - cv values from oedometer

0.07–0.6
3.8–15.0
3.0–19
5.0–13

0.3–3.3
3.0–15.1
4.0–18
4.0–16

1.3–6.3
2.0–11.6
2.0–19
5.0–14.5

and piezocone tests.
(4) - Su values from piezocone
tests (Nkt = 13).

nat (kN/m )
CR=Cc/(1+e0)
3

-8

2

cv (10 m /s)
e0

(3)

nat (kN/m )
CR=Cc/(1+e0)
3

-8

2

cv (10 m /s)
e0
Su (kPa)
Nkt

(3)

(4)

7–41
-

3 UNDRAINED STRENGTH
In Brazilian geotechnical practice, piezocone data are used in combination with vane
data to obtain the undrained strength Su profiles. The cone factor Nkt is obtained using
corrected tip resistance (qt) of the piezocone tests and Su values of vane tests at each
depth of vane results, as follows:

N kt 

( qt   vo )
Su ( vane )

(1)

where vo is the total vertical stress.
In order to obtain Su profiles, for all depths of the piezocone tests, an average cone
factor Nkt is then used. Values of Nkt of the eight deposits are presented in Figure
3(a), which shows a wide range of Nkt values of these sites, which are not too far
from each other. Values of Nkt obtained for other coastal Brazilian clay deposits are
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shown in Figure 3(b) for comparison. It seems that even compared with Brazilian
coastal clays, the range of Nkt values at these eight sites are wider and this may be
due to the large soil variability in the region.
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Figure 3. Values of the cone factor Nkt obtained at all sites.
Profiles of Nkt of two sites shown in Figure 4 indicate the large variation in Nkt with
depth. Therefore, difficulties are encountered in obtaining an average value of Nkt
even for a single site.
The experience of 20 years of piezocone tests carried out in Brazilian coastal clays
(Danziger & Schnaid, 2000), as well as the wide range of values shown in Figures 3
and 4, indicates that Nkt values should be obtained for each deposit. This could be
attributed to a number of factors such as soil variability and strength anisotropy.
Some studies indicate that the cone factor Nkt is also dependent on the equipment
used at each site (e.g., Ladd & De Groot, 2003). Two types of piezocone equipment
were used in the studies reported here: a COPPE piezocone and a commercial
piezocone.
Figure 5 presents uncorrected Su from piezocone and vane tests data of the
Península II deposit. Tests data show slightly higher Su values at the top of
compressible peat layers and then an increase with depth. This trend has been found
in most deposits studied in the region (Borba, 2007; Crespo Neto, 2004; Almeida et
al. 2008a; Nascimento, 2009). However, the higher Su values of the top peat layers
are due to the presence of fibres and organic matter that are not yet decomposed.
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Field evidences indicate that this strength is not mobilized in situ, and thus a strength
profile increasing with depth without a crust is usually considered in design.
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As these clays present very high plasticity indexes, the Bjerrum correction that is
usually adopted, also based on back analysis of failures, is around  = 0.60 (Almeida
et al. 2008b). Thus, Su design strengths are extremely low, making it impossible to
build single stage embankments over these deposits. The construction techniques
adopted in the region include, for instance, stage construction with berms,
reinforcements, surcharge, and drains, all used concomitantly at the same site, but
piled embankments have also been used at some sites (Almeida et al. 2008a,c).
4 COEFFICIENT OF CONSOLIDATION
The coefficient of consolidation obtained by laboratory oedometer tests and in situ
piezocone dissipation tests were compared. Laboratory samples were collected with
stationary piston Shelby tube following the recommendations of the Brazilian code
NBR-9820/1994 as well as complementary specifications adopted at COPPE/UFRJ
(Aguiar, 2008). The laboratary cv values were obtained by Taylor’s square root
method.
The specimen preparation procedures proposed by Ladd and De Groot (2003) were
adopted in order to reduce the remoulding effect during the extraction of the soil from
the Shelby tube. However, due to the nature of these very soft clays, most were not
good quality samples according to the criterion proposed by Lunne et al. (1997).
Coefficient of consolidation values were calculated from piezocone dissipation
tests using Houlsby and Teh's method (1988) and the standard procedures proposed
in the literature (Lunne et al. 1997; Schnaid, 2009). The coefficients of consolidation
choc values at the overconsolidated range were calculated for 50% pore-pressure
dissipation at the cone shoulder, and the t50 values were obtained from u - (log)t
curves using the time factor T*50 = 0.245. The clay stiffness index Ir = G/Su adopted
was equal to 50. In the majority of the deposits in the region the Ir range is between
50 and 100. For correction from the overconsolidated to the normally consolidated
range, a ratio between RR (recompression ratio) and CR (compression ratio) equal to
0.10 was adopted. Values of the coefficient of consolidation cv from piezocone tests
presented in Table 1 were obtained using the ratio kv/kh =1.5. The variation in the
coefficient of consolidation with depth obtained for the eight sites is shown in Table
1.
The variation in ch values with depth from oedometer and piezometer results from
the Outeiro deposit are shown in Figure 6. This wide range of ch values was observed
in the majority of the sites, and thus the monitoring of field behavior is very
important in order to obtain more reliable data. The ch obtained from data from the
monitoring of an embankment constructed over vertical drains on SESC/SENAC
deposit, of about 6  10–8 m2/s (Almeida et al. 2005), was inside the range of tests
results. For the Recreio deposit, ch results from field monitoring, for example, were
about 2.5  10–8 m2/s (Almeida et al. 2008a).
5 CONCLUSIONS
The results from laboratory and field tests carried out of Rio de Janeiro clays in Barra
da Tijuca and Recreio are part of extensive studies carried out on soft clay deposits in
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these neighborhoods, which are being used as reference for geotechcnical designs in
these areas. However, it seems that due to the high variability of parameters, it is not
possible to obtain characteristic properties of these deposits, even though they are
very close.
The SPT boreholes profiles and stratigraphy are similar, but parameters as simple
as Atterberg limits are quite different, as are compression parameters and strength
parameters. Thus, for construction over these deposits in this area, high quality tests
must be carried out.
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Figure 6. Coefficients ch values of the Outeiro site from oedometer and piezocone
results.
The scatter of coefficient of consolidation data is also very high, and it seems wise
to be conservative when choosing design cv values.
The very low strength of the upper layers of these deposits and the occurrence of
layers of peat lead to difficulties in the building of the first stages of embankments.
The variability of Nkt values, even for single sites, is also a problem when evaluating
Su values.
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ABSTRACT: Urmiyeh Lake is the largest salt water body situated in the North-West
of Iran. In the early 1980΄s the Shahid Kalantary Highway was constructed at the
lake's narrowest part to join and connect the eastern part of Iran to the western part
area and Europe, shortening the land distance between Tabriz and Urmiyeh cities,
about 130 km. Geotechnical investigations carried out for the construction of associated 1260m length causeway bridge. For design and analysis of 400 driven pipe
piles, piezocone has been considered as a major tool. CPTu soundings were performed in twelve locations along the bridge route to depths of 100 m below the lakebed. Soils encountered include a gray to dark gray and somewhere yellowish deposits
known as ‘Tabriz Marl.’ The geomaterial is visually classified as a high liquid limit
silt (MH) and clay (CH). This paper compares borehole and laboratory test data to
CPTu records presented on two CPTu soil behavior classification methods, i.e., Robertson(1990) and Eslami-Fellenius(2004). Results indicate that for soft sensitive deposits the mobilized pore pressure can be realized as a valuable parameter for soil behavior interpretation.

1 INTRODUCTION
Urmiyeh Lake is a closed basin among the surrounding mountains. The area of
the Lake is approximately 5500 km2, its length is about 140 km and the width varies
from 15 to 50 km. The average depth of the lake is between 6 to 8 m while the maximum depth varies from 11 to 12 m. In the early 1980's, Tabriz-Urmiyeh Highway began construction for the purpose of connecting west part of Iran to Turkey and Europe. The distance of the existing road path between Tabriz and Urmiyeh cities would
be shortened about 130 km, consequently leading to rapid access and efficient transit
between Iran and Europe through Turkey.
The highway embankment in the lake was constructed, by rock fill quarried from
the nearby mountains, at the narrowest part of the lake from both sides. When the
rock fill was placed on the lake bed, it started to subside. The rate of settlement was
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monitored closely during the filling process and the geometrical placements were carried out until the subsidence of the lake bed halted. The width of the embankment
crest is about 30 m and the average height is about 20 m.
Due to the circulation of salt-water in N-W to S-E directions in the lake and transportation between the Ports of Sharafkhaneh and Rahmanlu, a waterway should be
kept open. Consequently, an opening must be built to facilitate the access of marine
traffic for different parts of the lake. A bridge with the length of 1,260 m, comprising
of 19 spans has been considered. The main span is in the form of an overhead tied
arch structure and the side spans are in form of flat deck systems. The bridge abutments land on the adjacent embankment in a manner ensuring adequate continuity for
road and railway traffic in the abutment areas. In construction of the bridge, more
than 400 steel pipe piles having a total length of 32 km were driven. Due to the thick
layers of sensitive and super soft clay sediments, the bridge foundations had to be
placed on deep competent stratum. Design of the piles compiled different methods
such as static analysis, dynamic testing, and correlations to in situ tests, particularly
cone penetration test with pore pressure measurements. The CPTu was the major
geotechnical tool and source of useful subsoil data in this project.
The location of lake and the causeway route as well as the bridge longitudinal
view are shown on the map of Iran in Fig.1.

Fig. 1- Map of Iran presenting location of studied site and longitudinal view of bridge

Geological and geotechnical investigations were performed to determine the
thickness, physical and mechanical properties of the subsoil layers. Investigations
carried out by drilling boreholes, sampling from the soil layers, and performance of
laboratory tests, field tests and piezocone soundings. CPTu were performed in twelve
locations along the bridge route to depths of 100 m below the lake-bed.
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2 SOIL INTERPRATATIONS BY CPTU RECORDS
During the past decades, the cone penetration test (CPT) has gained wide popularity and acknowledgement as a preferred in situ tool for subsurface investigation and
soil characterization. The CPT is a robust, simple, fast, reliable and economical test
that provides continuous sounding of subsurface sediments. During penetration, the
cone penetrometer simultaneously measures the cone tip resistance, qc, and sleeve
friction, fs. When the piezocone penetration test (CPTu) is used, the pore pressures
generated during penetration can also be measured. The CPTu measurements can be
effectively used in many geotechnical engineering applications, such as soil stratification and identification, and to evaluate different soil properties such as the strength
and consolidation characteristics of the geomedia. This makes CPT technology valuable for a wide range of geotechnical engineering applications.
One important application of the CPT is its use in soil type identification and classification profiling. Begemann (1965) pioneered soil profiling from the CPT, showing
that, coarse-grained soils generally demonstrate larger values of cone resistance (qc)
and sleeve friction (fs) than fine-grained soils. Begemann showed that the soil type is
a function of the ratio between the sleeve friction and the cone resistance (the friction
ratio, Rf).
After Begemann, other researchers presented different soil profiling charts based
on mechanical CPT data i.e. Sanglerat et al. (1974), Schmertmann (1978). Douglas
and Olsen (1981) were the first to propose a soil profiling chart based on tests with
the electrical cone penetrometer. Robertson et al. (1986) were the first to present a
chart based on the piezocone with the cone resistance corrected for pore pressure at
the shoulder.
The chart identifies numbered areas that separate the soil types in twelve zones.
Later Robertson (1990) proposed a refinement of the Robertson et al. (1986) profiling
chart shown in Fig. 3a and b respectively. The normalization was proposed to compensate for the cone resistance dependency on the overburden stress, and therefore
when analyzing deep CPTu soundings (i. e., deeper than about 30 m), a profiling
chart developed for more shallow soundings does not apply well to the deeper sites.
Robertson (1990) proposed charts plot a normalized cone resistance, Qt, against a
normalized friction ratio, Ft, and accompanying normalized cone resistance, Qt
against pore pressure ratio, Bq, which are defined by eqs. (1) to (3) as follows:
Qt = (qt – σv) / (σ`v)

(1)

Ft = (fs) / (qt – σv)

(2)

Bq = (u2 –u0) / (qt – σv)

(3)

where Qt = normalized cone resistance, qt = cone resistance corrected for pore water
pressure on shoulder, σv = total overburden stress, σ'v = effective overburden stress,
(qt - σv) = net cone resistance, Ft = normalized friction ratio, fs = sleeve friction, Bq=
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pore pressure ratio, u2 = pore pressure measured at cone shoulder and u0 = hydrostatic
pore pressure.
Recently, Eslami and Fellenius (2004) investigated several CPT and CPTu approaches for soil behavior classification. They proposed a new approach to classify
the soil based on CPTu data. Plotting an effective cone resistance defined by Eqn. (4)
against sleeve friction, fs, was found to provide a more consistent delineation of envelopes than a plot of only the cone resistance.
qE = (qt - u2)

(4)

where qE = effective cone resistance.
The qE-value was shown to be a consistent value for use in relation to soil responses such as pile shaft and pile toe resistances (Eslami, 1996; Eslami and Fellenius,1997). Notice that, as mentioned by Robertson et al., 1986, the measured pore
water pressure is a function of where the pore pressure gage is located. Therefore,
the qE-value is by no means a measurement of effective stress in conventional sense.
In dense, coarse-grained soils, the qE-value differs only marginally from the qt-value.
In contrast, cone tests in fine-grained soils could generate substantial values of excess
pore water pressure causing the qE-value to be much smaller than the qt-value.
3 GEOTECHNICAL INVESTIGATION OF THE URMIYEH LAKE SITE
Information on the regional geology of the area has been given by The Iranian
Geological Surveying Organization. The sedimentary rocks underlying the recent
lake deposits are limestone and shale of the Permian and Cretaceous periods respectively. The igneous rocks are typically granite, volcanic breccia and trachyandesitedacit. The region has been subjected to complex faulting, folding and fracturing.
Thus, causing the strata being outcropped along the lake`s shoreline and its islands.
Particular attention was given to study more recent geological sediments of the
Pleiocene-Pleistocene periods. In order to determine the geological properties of soil,
four boreholes were made in the lake bed sediments to a depth of 100 m. They included the full local depth of the beds below the top 10 meters of super soft clay. The
top 10 meters was too soft to be sampled. Samples were collected using thin-walled
tube sampler from various depths. The undisturbed sample quality in the lower beds
was generally good, although some disturbance was noted in the uppermost layers.
The variety and type of primary sedimentary structures found in the laminated
beds during this investigation indicate that they have resulted from a traction and fallout process from turbulent suspension along the bridge rout.
The complexity of the sediments can be rationalized by the use of following depositional mode. This model which is very common in the lake describes the effect of
Bruneian forces between different particles. In this process, clay particles stick on silt
and fine sand grains in the shape of flocculated particles, then being sedimented rapidly by gravity. It should be mentioned that concentration of ions and cations in super salt water helps this flocculation process to be accelerated. Under this condition
the top layers are largely underconsolidated. They have highly flocculated fabric with
high compressibility. They have collapsible structure under dynamic loading (earthquake). The lower parts of the sediments are organic matters, the remnant of species
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such as Algae and Artemia salina of brine crustacean that can tolerate fluctuation in
the salinity of water. They take a more active role in this process. Dead bodies of
these species together with flocculated particles settled down. Thereafter, a chemical
reaction (Oxidation) produced sludge which is dark color in matrix.
4

DESCRIPTIONS OF THE SURPRISING SOILS BY CPTU

Typical CPTu data including qc (cone resistance), fs (cone sleeve friction) and u2
(pore pressure behind the cone point), for borehole DC-3 are illustrated in Fig. 2.

Fig. 2-CPTu logs and soil profile for borehole DC-3 by Mandro Co., 2003

To study more detailed the subsurface deposits, twelve CPTu sounding were preformed along the bridge route to get more information about lake bed conditions.
Because of specific soft and sensitive deposits in sub layers for the Urmiyeh Lake
which makes it unique and in order to classify these surprising soils, the Robertson
(1990) and Eslami-Fellenius (2004) methods were applied. According to Robertson
(1990) charts, normalized cone resistance, Qt is plotted versus normalized friction ratio, Ft, and also versus pore pressure ratio, Bq. Based on Eslami and Fellenius (2004)
chart, the values of effective cone resistance, qE, is plotted versus sleeve friction, fs.
The obtained CPTu data are plotted on three charts of classification as shown in
Fig 5a, b and c respectively.
As illustrated in Fig. 3a and b Robertson et al. (1990) charts, orientation of data
shows that the layers consist of clays (clay to silty clay), silt mixtures (silty clay to
clayey silt), sand mixtures (sandy silt to silty sand), sand (silty sand to clean sand)
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and sensitive clay. Considering Eslami-Fellenius (2004) chart, Fig. 5c orientation of
the data shows that the most of the layers consist of sensitive and collapsible clay,
silt, clay and silt and some other type of soil like silty clay and clayey silt, sandy silt
and silty sand.

(a)

(b)

(c)

Fig. 3 -Soil Profiling (a) and (b) by Robertson (1990) and (c) by Eslami-Fellenius (2004)

In order to determine the sensitivity of soil layers, based on CPTu data, sensitivity
of layers was evaluated using Schmertmann proposed method (1978):
St = Ns / Rf

(5)

where St = sensitivity, Ns = empirical coefficient and Rf = friction ratio.
Based on a suggestion by Rad and Lunne (1986) the Ns value ranges from 5 to 9
with average value of 7.5. The average value was considered for determination of soil
layers sensitivity. Based on Schmertmann (1978) method, the sensitivity of sub layer
soils was determined for three CPTu logs. Sensitivity versus depth is shown in Fig.
4d for boreholes DC-3, 6 and 7. According to analysis, the average value of sensivity
is equal to 5. Recently Research by Golpasand et al. (2006) on Urmiyeh Lake soil
layers based on CPTu data and laboratory testing, confirms the achieved results. The
values of Qt, Ft and Bq versus depth for boreholes DC-3, 6 and 7 are presented in Fig.
4a, b and c respectively.
In order to evaluate the water pore pressure condition in sub soil layers, the value
of u2 versus depth for boreholes DC-3, 6 and 7 are plotted, as presented in Fig. 4e. As
it is illustrated the pore pressure is greater 2 to 3 time’s hydrostatic pressure. Researches by Mayne et al., (1990) and Schneider et al., (2001) state that piezocone response at the u2 location will typically be hydrostatic in sands and greater than hydrostatic in soft intact clays. Positive u2 penetration pore water pressures in such
deposits may occur due to a combination of octahedral as well as shear induced pore
water pressures.
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(a)

(b)

(c)

(d)

(e)

Fig. 4 -(a) normalized cone resistance, (b) normalized friction ratio, (c) pore pressure ratio, (d) sensitivity and (e) pore pressure values versus depth for boreholes DC-3, 6 and 7

5 CONCLUSIONS
A broad site investigation for construction of 1260 m long Urmiyeh Lake Causeway, including twelve CPTu soundings and three boreholes indicates that the site deposits formed from super soft sensitive clays defined as ‘Tabriz Marl.’ The material is
visually classified as a high liquid limit silt (MH) or clay (CH).
Due to the thick layers of sensitive and super soft clay sediments, the bridge foundations must be located on deep competent stratum. Therefore, for design of the deep
foundations, the CPTu was realized the major geotechnical tool and also the source
of useful subsoil data in this project.
The soil profile obtained from CPTu data based on Robertson (1990) and EslamiFellenius (2004) CPT classification charts showed that, the most types of sediments
in the lake bed consist of continuous sensitive and very soft clay
Evaluations based on CPTu data and correlations for sensitivity number show that,
the St for most layers ranges from 2 to 4. Interpretations of u2 penetration pore water
pressures indicates that the u2 for the soft and sensitive clay deposits in the lake site,
ranges from almost twice to three times of the hydrostatic water pressure.
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Modeling ROST and CPT Data to estimate LNAPL
saturation
B. D. Smith & J. Gleason
Trihydro Corporation, Laramie, WY

ABSTRACT: A large refinery project utilized ROST-CPT data and integrated
LNAPL saturation and petrophysical data sets to predict LNAPL saturation in the
subsurface. A detailed multi-variant statistical analysis was conducted to support estimates of LNAPL saturation and volumes by examining the relationship between
ROST intensity and measured LNAPL saturation. The general relationships between
ROST intensity and LNAPL saturation are well understood, but investigating this relationship in greater detail could provide a more consistent means of characterizing
the mobile and recoverable LNAPL impacts in the subsurface. This paper presents a
summary of the analyses.

1 INTRODUCTION
This work stems from the results of a comprehensive investigation of an operating refinery, initiated to supports efforts to evaluate the light non-aqueous phase liquid
(LNAPL) recovery systems that had been operating for over fifteen years. The effectiveness and efficiency of remediation strategies depends on the distribution of
LNAPL in the subsurface and the efficiency of the recovery mechanisms. The geology and groundwater management history within the study area have had a large effect
on the LNAPL distribution. In large portions of the refinery, historically high rates of
LNAPL recovery attained during the earlier years of operation have decreased.
The investigation and modeling efforts were conducted to: (1) better assess the distribution of the LNAPL impacts, (2) determine whether changes in LNAPL recovery
strategy can effectively enhance recovery rates, (3) estimate remaining mass or volume of LNAPL in-place and evaluate what portion of the mass is potentially recoverable, (4) evaluate factors that control LNAPL mobility, and (5) develop a predictive tool that can be applied to other areas of the refinery to estimate LNAPL volume
based on geophysical data sets.
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2 APPROACH AND METHODOLOGY
Prior to this study, LNAPL distribution had been interpreted as six LNAPL plumes
that had been identified using conventional soil boring and monitoring wells. Data
showed that the overall footprint of the LNAPL plumes had not changed in twenty
years, but the recovery of LNAPL had significantly changed. These conventional
methods were limited by the location and spacing of the monitoring/sampling points
and the position of the potentiometric surface during sampling and measurement activities. Soil and groundwater data collected to date did not address the complex geological conditions. A strategy of collecting detailed information on a very fine scale
by implementing Rapid Optical Screening Tool (ROST) technology and Cone Penetrometer Testing (CPT) was applied to understand the heterogeneous nature of the
subsurface and to better understand the limitations that influence the hydrocarbon recovery systems currently operating.
2.1 ROST-CPT Investigation
The tool selected utilized ROST in conjunction with CPT to provide a continuous log
of subsurface lithology and a semi-quantitative measurement of LNAPL saturation on
a very fine scale. ROST measures the fluorescence emitted from hydrocarbons that
have been excited by an ultraviolet light produced by a laser. The ROST probe,
coupled with the CPT probe, is hydraulically pushed into the subsurface and records
the fluorescence of subsurface hydrocarbons in selected wavelength bands (λ = 340
nm-gasoline range organics [GRO], 390 nm-kerosene, 440 nm- diesel range organics
[DRO], and 490 nm-heavy) that are transferred back to a computer via fiber optic
cables. The intensity and waveform of the returned signal can be used to estimate the
type and relative LNAPL saturation by comparing the fluorescence signal to a known
LNAPL mixture standard. In general, fluorescence intensity is proportional to
LNAPL saturation. The ROST and CPT logs were used as the basis for selecting locations and intervals to collect soil core samples, new monitoring well locations and
screen intervals.
The correlation of ROST intensity with in situ saturations is not linear and requires
statistical analysis, combined with comparison to known LNAPL saturations in soil
cores collected from the site. The ROST intensity is reported as a cumulative percentage of all four wavebands, which themselves are reported as a percentage of the dominant waveband. The dominant waveband is reported as 100%, and the subsequent
three wavebands are a percentage of that. In order to look at the waveforms numerically, the reported data was transformed from a percentage into a representative magnitude for statistical analysis.
CPT was performed simultaneously with each ROST sounding and yielded real-time
stratigraphic data. CPT is a proven method for rapidly evaluating the physical characteristics of unconsolidated soils through modeling of tip pressure and sleeve friction data. Soil stratigraphy was identified using the Robertson et al (1986) CPTbased simplified Soil Behavior Type Chart.
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2.2 Soil Coring and Laboratory Analyses Program
The soil coring program was designed to gather a suite of soil cores that were representative of soil-LNAPL type combinations that were identified from the ROST-CPT
boring data. Thirty five soil borings were drilled at specific pre-selected intervals,
soil samples were collected, frozen, and stored for laboratory analysis. A total of 134
plugs (68 core fluid saturation, 66 modified pore fluid saturation) were selected for
fluid saturation measurements. Both standard core and specialty core analyses were
conducted on the selected core plugs. Standard analyses included pore fluid saturation, modified pore fluid saturation, and core pore volume. Specialty plug analyses
involved flooding the plugs with site-specific fluids including; water intrinsic permeability, LNAPL intrinsic permeability, and drainage capillary pressure. Fluid
physical properties were also analyzed for fluid viscosity, groundwater viscosity,
LNAPL density, LNAPL-water interfacial tension, LNAPL surface tension, and
groundwater surface tension. All of these parameters were inputs into the American
Petroleum Institute’s (API) LNAPL Distribution and Recovery Model (LDRM) to estimate LNAPL saturations and recoverability.
2.3 LDRM Modeling
The API’s LDRM model uses LNAPL fluid level elevations in monitoring wells,
combined with capillary pressure data, to calculate the distribution of LNAPL in the
formation adjacent to the monitoring well. One advantage of the LDRM model is
that it can be used to model LNAPL recovery. Evaluation of historic field recovery
data provided a method for evaluating the modeled saturations independent of the
measured saturations from soil cores. There are significant underlying simplifications that the LDRM uses to estimate LNAPL saturations, including; (1) LNAPL is at
vertical equilibrium conditions (VEQ); (2) the aquifer is unconfined, and; (3) the interval modeled is near the stable water table. Thus, the LDRM model, which utilizes
site capillary pressure data, was used to provide an upper “constraint” for LNAPL saturation estimates. Additional modeling strategies were incorporated in the saturation
modeling.
2.4 ROST-LDRM Modeling
The LDRM modeling, which used capillary pressure profiles from the specialty core
analyses, resulted in modeled LNAPL saturations that were outside the range of
LNAPL saturations measured in cores collected at the site. To address some of these
limitations of the modeling the LDRM modeled saturations were constrained to best
match the range of measured saturations at each location. The modeling also included the development of a general relationship between measured ROST fluorescence intensity and in-situ LNAPL saturation. ROST intensity exhibits monotonic
behavior (as intensity increases, there is more energy being reflected by the hydrocarbons), and it is therefore possible to correlate ROST intensity to in-situ LNAPL
saturation. The correlation procedure requires that the ROST measurements be calibrated using site-specific data. As previously discussed, ROST intensity is affected
by soil structure, LNAPL saturation, and LNAPL type. To minimize these sources of
error ROST values were averaged over three vertical readings (the ROST tool took
readings on approximately a 0.2 cm interval). In addition, core plug samples were se-
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lected where the ROST readings were relatively stable. The initial LDRM model
profiles were evaluated over an interval that matched the interval of ROST impacts
for the ROST logs at each location. The LDRM model calculated a theoretical
LNAPL saturation that was averaged over an interval of high ROST total intensity to
give a weighted average saturation value for that particular interval. The weighted
average saturation for the impacted interval was then compared to the total intensity
values and a multiplier was calculated so that the LDRM weighted average saturation
matched the weighted average LNAPL saturation calculated from the ROST values.
This step provided an approximate correlation of ROST intensity to LDRMcalculated LNAPL saturation. In order to bolster the estimates of LNAPL saturation
and volume calculations, a detailed statistical analysis was conducted.
3

ROST-CPT STATISTICAL MODELING

Upon consideration of the empirical and modeling assumptions that were used to estimate LNAPL saturations and to develop ROST correction factors, a second modeling approach was implemented to examine the statistical relationship between ROSTCPT response and measured LNAPL saturation. The statistical evaluation involved
several steps, was iterative in nature and involved principal component analysis
(PCA), exploratory factor analysis (EFA), an extensive iterative graphical analysis,
and several multiple regression evaluations.
3.1 Principal Component Analysis
As described in previous sections, the ROST and CPT tools provided an extensive data set that could be useful in estimating LNAPL saturations within the subsurface. In
order to determine which variables within the ROST and CPT data set were most
likely to be useful in estimating LNAPL saturations, a PCA was conducted. PCA
quantifies the variance in the dependent variable (in this case, LNAPL saturation) that
can be attributed to each individual independent variable (in this case, the ROST and
CPT variables). The initial PCA confirmed that certain areas of the refinery contain
distinctive characteristics associated with known LNAPL impacts. Evaluation of the
Eigen values and the cumulative percent of variation for each principal component
indicated that a subsequent factor analysis should contain at least four factors. Two
additional factor analyses were conducted and revealed four factor loadings:


Factor 1; kerosene and GRO



Factor 2; CPT tip pressure (qc) and sleeve friction (fs)



Factor 3; DRO and GRO



Factor 4; CPT Friction ratio (Rf = (fs/qc)100%)
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Factor 4 can be considered to represent the soil characteristics in which higher values
represent finer soils while Factor 1 and Factor 3 represent combinations of ROST
waveband energy.
3.2 Graphical Component Analysis
The variables identified by the factor analyses were plotted versus depth for each boring location that contained LNAPL saturation and soil physical data measurements.
Measured LNAPL saturations were overlain on the plots of the four factors. Total intensity and the heavy band values were also plotted with the F-ratio (x 10 to show
scale effects) to evaluate all trends in the data. Evaluation of the graphical plots resulted in several observations:




As expected, confirmed LNAPL presence frequently corresponded to a “significant” upward shift in total intensity at high values of soil coarseness as
measured by tip pressure and sleeve friction values.
LNAPL presence also occurred in finer soils, i.e. lower values of tip pressure
and sleeve friction, when total intensity shift downward but the kerosene/GRO values are high.
Further evaluation and reduction of the data sets identified the F–ratio consistently was inversely related to ROST total intensity (and therefore also to the
sum of tip pressure and sleeve friction).

3.3 Regression Analysis
To address the relationships noted above, an additional variable (var2) was created
which was the difference between F-ratio and total intensity. Graphically this relationship was consistent within intervals of known, measured LNAPL presence. Several iterations of regression analysis were conducted using the variables of tip pressure, kerosene, GRO, DRO, heavy and the F-ratio-total intensity to derive an equation
that estimates LNAPL saturation from the ROST and CPT data. The best results
were provided by using the (signed) difference between F-ratio and total intensity in
conjunction with kerosene.
Plots of the predicted and actual LNAPL saturations, total intensity and F_ratio versus depth were used to evaluate the results of the regression; in most cases, the predicted saturation values provided a marginally good fit for the measured values,
though the model fit was often poor when F_ratio was high (fine grained soils). A
numerical threshold value of -19 for the F_ratio-total intensity was identified which
marked the transition separating the effects of the fine and coarse grained soils. As
shown in Figure 1 modeled saturations (shown in yellow) are highest when the Fratio(-) total intensity (shown in brown) is below -19. Additional iterations of regression analysis were conducted using the same variables to derive an equation that estimates LNAPL saturation from the fine grained soil data sets. The best fit equation
developed for this data was not as strong as for the coarse data but the predicted saturation agreed well with the majority of the measured values. The regression equation
was applied to all of the ROST data based on the threshold value of friction ratio- to-
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tal intensity. This composite data set was then modeled in the 3-D over the same
domain as the LDRM data sets. The LNAPL saturations predicted by these equations
are lower than the LDRM saturations, but because they take into account the finescale heterogeneities of lithology, via the differences in sleeve and tip pressure, better
predict the variability in LNAPL saturation in the subsurface.

Figure 1 Multi-plot of LNAPL Saturation Modeling

4

DISCUSSION

The data collected and evaluated from this study suggest that a predictive relationship
exists with respect to ROST intensity and LNAPL saturation. The predictive relationships that were developed are specific to soil types, fluid properties, and the position relative to the water table. These model relationships are a means to estimate the
degree of hydrocarbon saturation that is present in intervals associated with high
ROST reflectance. The model relationships were used to evaluate areas where recovery enhancement efforts could be applied. Conversely the model also identified areas
where the LNAPL plumes were stable and continued recovery efforts are not a practical means of reducing LNAPL impacts.
Further evaluation by Principal Component Analysis and subsequent exploratory Fac-
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tory Analysis indicate that the key ROST and CPT variables are the combination of
kerosene and gasoline range ROST energy and the ratio between sleeve friction and
tip pressure. The statistical evaluation suggests that a predictive relationship exists
with respect to these key variables in the ROST-CPT data sets and LNAPL saturation
that can be applied to other areas of the refinery. Regression analysis of the data sets
provided a reasonable fit of predicted LNAPL saturation values versus measured
LNAPL saturation values; the fit was improved by using a “threshold” to separate
responses for “coarse” and “fine” grained soil types. The threshold variable chosen
was F-ratio (friction ratio), where higher values suggest finer soils and lower values,
coarser soils. A separate predictor equation was derived for each soil type to estimate
LNAPL saturation through the entire vertical interval for each ROST-CPT boring.
This methodology of estimating LNAPL saturation predicted a more realistic, lower,
volume of total LNAPL present at recovery system locations. Because this method is
more robust with respect to accounting for the small subtle changes in lithology, it is
likely a much more accurate estimate of LNAPL volume.
The predictive relationships described in this report can be used as a tool, with some
supplemental data, to evaluate LNAPL recovery and has some important considerations.

5



The frequency of CPT and ROST data points should be on exact depth increments, some tools collect CPT and ROST data on different intervals.



The ROST tool is only applicable in areas where aromatic hydrocarbons fluoresce with the ROST-specified waveband ranges. Other fluid types may require modifications to the ROST laser and/or detector.



The regression-based calculations could be bolstered by collection of detailed
LNAPL chemical data to help fine tune the ROST waveband relationship to
LNAPL saturation.
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ABSTRACT: In-situ test results from a geothermally / seismic active area were evaluated to identify the applicability of empirical correlations available to estimate shear
wave velocities and cyclic resistance ratios. The site investigation program comprised piezocone penetration test (CPTU), seismic cone penetration test (SCPT), temperature cone penetration test (TCPT) and soil borings. The temperature at the
seabed is around 40 degrees Celsius with a temperature gradient of 5 degrees Celsius
per meter depth. This paper presents CPTU data, measured and computed shear wave
velocities, cyclic stress ratios and soil temperature measurements.
1 INTRODUCTION
Soil investigations were performed at an offshore geothermally / seismic active area.
The surrounding area of this site comprises Miocene-Pleistocene volcanic units. The
soil investigation program for the specific site comprised piezocone (CPTU), seismic
cone (SCPT) and temperature cone penetrations tests (TCPT) and soil sampling borings. The in-situ tests and soil borings were terminated when weathered rock materials were encountered. Routine laboratory tests were performed offshore on the recovered soil samples comprising moisture content and unit weight. The majority of
the soil comprises sandy silt/clayey silt. Tests performed at onshore laboratories include classification tests, cyclic triaxial tests, resonant column tests and direct shear
tests. The CPTU data were evaluated to derive various soil parameters.
2 SOIL INVESTIGATION PROCEDURES
The soil investigation was carried out from the purpose built Fugro geotechnical vessel Mariner. Wireline Push (WIP) Samplers were used to obtain undisturbed samples
from the soil borings. The cones were hydraulically pushed into the soil with a maximum 3m stroke at a constant rate of 20mm/s from each test depth. At the end of
each 3m stroke or where premature refusal was encountered, the borehole was drilled
and advanced to the next test depth. A piezocone with 60o cone and 10 cm2 base
area with u2 type pore pressure element was used. For seismic measurements, geophones are incorporated into the cone to detect the shear waves that are generated at
the seabed with a hammer blow on a block. After performing each seismic test, the
piezocone was pushed to the next depth that is generally 1.0m deeper. The tempera-
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ture cone comprises a temperature measurement device excluding the pore pressure
elements. The water depth at investigation site varied between 13.3m and 65.9m.
3 PIEZOCONE PENETROMETER TESTS
The basic measurements cone resistance (qc), sleeve friction (fs) and porewater pressure (u) were recorded from the CPTU. Figure 1 presents family plots of corrected
cone resistance, friction ratio (Fr) and pore pressure ratio (Bq) values. Figure 2
presents a typical CPTU results profile.

Figure 1 Family Plots of CPTU Test Results

Figure 2 CPTU Test Results of Location 1

4 SEISMIC CONE PENETROMETER TESTS
The SCPT were performed to measure the shear wave velocities (Vs) that are required to compute the shear modulus (G). A shear wave is generated by means of a
hammer blow and simultaneously the seismograph is triggered and subsequently the
seismic wave arrivals at the geophone array are recorded. Figure 3 presents a measured shear wave velocity profile from SCPTresults.
The shear wave velocity profile and the cone resistance profile have some similarities. Therefore they were plotted against each other to evaluate the relationship.
This plot is presented in Figure 4.

Figure 3 SCPT Test Results of Location 1

Figure 4 Shear Wave Velocity vs Cone Resistance
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Figure 4 shows shear wave velocity increase linearly with increase of cone resistance. The relationship of these two parameters was further examined using the methods proposed by Hegazy & Mayne (1995) and Mayne & Rix (1993) as follows:
4.1 Hegazy & Mayne (1995) Method
The effects of four independent parameters qc, fs, void ratio (eo) and vo′ collected
from different sites has been correlated with Vs. Simple regression analysis has revealed the following:
Clay: 𝑉𝑠 = 14.13𝑞𝑡0.359 𝑒𝑜−0.473

(1)

0.179
Sand: 𝑉𝑠 = 13.18𝑞𝑡0.192 𝜎𝑣𝑜′

(2)

For all Types of Soils:
Vs = 10.1Logq t − 11.4

1.67

fs q t × 100

0.3

(3)

where Vs is in m/s and qt ,vo′ and fs are in kPa.
Since eo and vo′ are not possible to obtain without laboratory test results, another
set of equations has been developed as follows:
Clay: 𝑉𝑠 = 3.18𝑞𝑡0.549 𝑓𝑠0.025

(4)

Sand: 𝑉𝑠 = 12.02𝑞𝑡0.319 𝑓𝑠−0.0466

(5)

where Vs is in m/s and qt and fs are in kPa.
4.2 Mayne & Rix (1993) Method
The effects of three independent parameters qc, fs, and eo collected from different
sites comprising clay soils has been correlated with Vs. Simple regression analysis
has revealed the following:
Clay: 𝑉𝑠 = 9.44𝑞𝑡0.435 𝑒𝑜−0.532

(6)

where Vs is in m/s and qt is in kPa.
Since eo is likely not to be known beforehand while conducting in-situ tests with
CPTs, the following equation has been developed independent of eo values.
Clay: 𝑉𝑠 = 1.75𝑞𝑡0.627

(7)

where Vs is in m/s and qt is in kPa.
4.3 Case Studies
CPTU results and SCPT results available from the geothermally/seismic active site
were examined. Shear wave velocities were computed from the CPTU results based
on the equations (3), (4) and (5) proposed by Hegazy & Mayne (1995) and the equation (7) proposed by Mayne & Rix (1993). The computed shear wave velocities
were plotted against the measured shear wave velocities from seismic cone test results and are presented in Figure 5.
A number of Soil classification charts based on the CPTU Results are available in
the literature. These classification charts presents the soil behavior type. Robertson
(1990) suggests these charts are still global in nature and should be used as a guide to
define soil behavior type based on CPTU data. The boundaries between the soil be-

521

havior type zones in the Robertson (1990) Charts are approximated as concentric circles, and the radius of each circle is defined as soil behavior type index (Ic). The soil
behavior type index can be computed using the following Equation 8.
𝐼𝑐 =

3.47 − 𝐿𝑜𝑔𝑄𝑡

2

+ 𝐿𝑜𝑔𝐹𝑟 + 1.22

2 0.5

(8)

Where
𝑄𝑡 =

𝑞 𝑡 −𝜎𝑣

𝐹𝑅 = 𝑓𝑠

𝜎𝑎𝑡𝑚

𝜎𝑣′ 𝜎𝑎𝑡𝑚

(9)

𝑛

𝑞𝑡 − 𝜎𝑣 × 100

(10)

where
atm = 1 bar = 100 kPa and
qt ,v, v′ and fs are in kPa.

Figure 5a. Measured & Computed Vs
(Eqn. 3) Vs = (10.1xLog qt -11.4)1.67x(fs/qt x100)0.3

Figure 5b Measured & Computed Vs
(Eqn. 4) Vs = 3.18xqt0.549xfs0.025

Figure 5c Measured & Computed Vs
(Eqn. 5) Vs = 12.02xqt0.319xfs-0.0466

Figure 5d Measured & Computed Vs
(Eqn. 7) Vs = 1.75xqt0.627

For the computation of Ic, Robertson and Wride (1998) suggests an iterative method. Assume n=1 and compute Ic and if the computed Ic is less than 1.64, use n=0.5.
If the computed Ic is greater than 3.3, use n=1. If the computed Ic is between 1.64
and 3.3, then re-compute value of n using the Equation 11 given below:
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𝑛 = 𝐼𝑐 − 1.64 × 3 + 0.5

(11)

The computed Ic values are presented in Figure 6.

Figure 6. Computed Soil Behavior Index Values

The soil classified under different zones in Figure 6, is similar to soil classification
zones described by Robertson (1990) Charts. The majority of the soil is being classified as silty sand / sandy silt and clayey silt / silty clay. This classification is very
well comparable with the laboratory classification test results and visual observations
made from the adjoining soil borehole samples.
The soil behavior type index (Ic) versus Vs/qt values were plotted and presented in
Figure 7. The measured shear velocities (Vs) and the cone resistance (qt) values presented in Figure 4 were used to compute Vs/qt values.

Figure 7. Vs/qt versus Soil Behavior Type Index
Figure 7 shows shear wave velocities increase linearly with the increase of cone resistance, indicating a relationship between the shear wave velocity and the cone resistance.
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5 EVALUATION OF CYCLIC STRESS RATIOS
Loose saturated sands when subjected to strains or shocks tend to reduce in volume.
As a result the pore pressure may increase while decreasing the effective stress within the soil mass. When the pore pressure is equal to effective stress, the sand is said
to be in the state of liquefaction. Cyclic loads such as earthquakes can build pore
pressures in saturated sands leading to possible liquefaction.
Cyclic strength has been defined as the cyclic stress ratio (CSR) required for the
developed pore water pressure to become equal to the initial confining pressure under a certain number of shear stress application. CSR is computed by normalizing
the cyclic shear stress by the initial effective vertical stress. A simplified method to
estimate CSR from cyclic triaxial tests results was developed by Seed and Idriss
(1971) with the Equation 12 given below:
′
′
𝐶𝑆𝑅 = 𝜏𝑎𝑣 𝜎𝑣𝑜
= 0.65 𝑎𝑚𝑎𝑥 𝑔 𝜎𝑣𝑜 𝜎𝑣𝑜
𝑟𝑑

where
𝜏𝑎𝑣
′
𝜎𝑣𝑜
𝑎𝑚𝑎𝑥
𝑔
𝜎𝑣𝑜
𝑟𝑑
𝑟𝑑
z

(12)

= average cyclic shear stress, in kPa
= effective vertical overburden stress, kPa
= maximum horizontal acceleration in m/s2
= 9.81 m/s2 acceleration due to gravity
= total vertical overburden stress, in kPa
= 1.0 – 0.00765z ; if z < 9.15m
= 1.174-0.0267z ; if 9.15 < z < 23m
= depth in meters

There are only 5 cyclic triaxial tests results available from the study site and they
are all being carried out on soil samples obtained between 2.0 and 4.5m below
seabed. The measured CSR values are in the range of 0.13 to 0.19.
The liquefaction resistance is defined as the cyclic resistance ratio (CRR) for an
earthquake magnitude of 7.5 Richter scale. Potential liquefaction is then evaluated
with the CRR7.5/CSR ratio. In general terms, a factor of safety greater than one (FOS
> 1) indicates that the liquefaction resistance exceeds the earthquake loading, and
therefore liquefaction may not occur.
𝐹𝑂𝑆 = 𝐶𝑅𝑅7.5 𝐶𝑆𝑅

(13)

The CRR7.5 can be computed based on the CPTU results using the following equations (after Robertson and Wride, 1998):
𝐶𝑅𝑅7.5 = 0.833 𝑞𝑐1𝑁

𝑐𝑠

𝐶𝑅𝑅7.5 = 93 𝑞𝑐1𝑁

1000

𝑐𝑠

1000 + 0.05 ; if 𝑞𝑐1𝑁
3

+ 0.08

𝑐𝑠

< 50

; if 50 ≤ 𝑞𝑐1𝑁

𝑐𝑠

(14)
≤ 160

(15)

where
𝑞𝑐1𝑁 𝑐𝑠 = normalized cone resistance of clean sand
𝑞𝑐1𝑁
where
Kc

𝑐𝑠

= 𝐾𝑐 𝑞𝑐1𝑁

(16)

= correction factor
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𝑞𝑐1𝑁 = 𝑄𝑡 = normalized cone resistance
𝐾𝑐 = 1.0; if 𝐼𝑐 ≤ 1.64
𝐾𝑐 = −0.403𝐼𝑐4 + 5.58𝐼𝑐3 − 21.63𝐼𝑐2 + 33.75𝐼𝑐 − 17.88 ; if 𝐼𝑐 > 1.64
𝑞𝑐1𝑁 that is equal to Qt, is estimated using the Equation 9.
The computed CRR7.5 values from CPTU results are presented in Figure 8 along with
the CSR values computed from the Cyclic Triaxial Test results.

Figure 8. Cyclic Resistance Ratio Values from PCPT Results

The majority of the estimated CRR7.5 values are lower than 0.18.
6 TEMPERATURE CONE PENETROMETER TESTS
The soil temperature was measured at 5 borehole locations using temperature cone
penetrometers. Due to presence of geothermal activity at site the seabed temperature
was around 40oc and steep temperature gradients were encountered below ground.
The highest measured temperature at this site is about 129oc at 24m below seabed.
The temperature of the soil samples from adjoining boreholes were measured using
thermometers when the soil sample tubes were brought over to the drill floor from
the borehole. Temperature measurements from CPTs were comparable with the manually measured temperatures. It indicates that the CPT cones used at this site can
withstand extraordinarily high temperatures and the measured data are reliable. The
TCPT data comprise only soil temperature readings and the basic soil strength measurements since pore pressure readings are not available. Figure 9 presents the
measured temperature profiles from the TCPT data.

Figure 9 Temperature Profiles from TCPT Data
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7 CONCLUSIONS
The downhole tools used for the in-situ tests were found to be reliable in sub soils
where the temperature was very high. This paper illustrates various soil property
computations with CPTU results. The summary of the computations are as follows:
a. Computation of shear wave velocities for granular and cohesive materials: The
results are comparable when they were computed independently as in Equations
4, 5 & 7. The computed shear wave velocities according to Equation 3, that is
applicable for All Types of Soil, indicate that some results are scattered.
b. Computation of soil behavior type index: The soil classifications based on laboratory test results and the computed soil behavior index values are comparable.
c. Computation of cyclic resistance ratio: The majority of the computed CRR values were within the range of 0.1 and 0.18. The CSR values computed from cyclic triaxial test results indicate they are in the range of 0.13 and 0.19.
Further research is recommended to evaluate whether any temperature factor
should be incorporated into Equations 14 and 15.
d. Vs/qt versus CPT soil behavior type index (Ic) profile indicates a relationship between the shear wave velocity and the cone resistance.
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ABSTRACT: Soil behavior during CPT is controlled by the drainage conditions and
deformation rate effects of the soil being tested. The behavior of most intermediate
soils (e.g silty clays, clayey sands) during CPT is neither drained nor undrained since
their permeabilities fall between those of sand and clay. Thus, neither drained nor
undrained soil properties can be reliably estimated due to the partially drained conditions of the test. The results of variable penetration rate CPT in an intermediate soil
comprising 75% sand and 25% kaolin performed during a centrifuge experiment are
presented and compared to previously published results. The effects of varying the
penetration rate on normalized CPT parameters as well as on the conventional soil
classification chart are presented.
1 INTRODUCTION
Current engineering practices for the characterization of and design with coarsegrained materials (e.g. sands) and fine-grained materials (e.g. clays and plastic-silts)
are well established. However, intermediate soils such as silts and clayey-sands (with
low plasticity) are typically more problematic. Drained conditions are assumed to exist in sands and undrained conditions are assumed to exist in clays during cone penetration at the ASTM standard penetration rate of 2.0 cm/sec. Cone penetration testing
(CPT) at 2.0 cm/sec in intermediate soils may be neither drained nor undrained since
their permeabilities fall between those of sand and clay. Therefore, no current method to estimate drained or undrained material properties from CPT can be applied reliably to intermediate soils whose response to conventional CPT is partially drained.
The results of variable penetration rate CPT in an intermediate soil comprised of
75% sand and 25% kaolin performed during a centrifuge experiment are presented
and compared to previously published results. Effects of penetration rate on penetration resistance and the pore pressure measurements are explored and parameters for
characterizing the effects of varying the penetration rate on intermediate soil response
are suggested. Current CPT soil behavior type characterization charts are also explored to see how penetration rate affects their use.
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2 CENTRIFUGE EXPERIMENT
2.1 Equipment
The centrifuge experiment was performed using a 1.8 m radius beam centrifuge at the
University of Western Australia, Perth. The centrifuge strongbox dimensions are 650
x 390 mm in plan. A 10 mm diameter miniature piezocone with pore pressure measurements taken at the u2 position (at the cone shoulder) was used in the experiment.
Desaturation of the piezocone prior to insertion was prevented by keeping the probe
in water during consolidation of the sample in the centrifuge.
2.2 Material and Material Properties
A 75% sand and 25% kaolin clayey-sand mixture was used to create an intermediate
soil for variable penetration rate testing. The soil was prepared from a slurry condition (water content equal to 1.75 times the liquid limit) and mixed using a concrete
mixer with air suction to minimize the amount of air in the soil. The soil was lightly
overconsolidated prior to spinning using a press to apply 20 kPa to the surface of the
sample to minimize segregation of the sand and clay particles. The strongbox was
then placed onto the centrifuge arm and allowed to consolidate for 48 hours at an acceleration of 100 g. Consolidation of the sample was verified using an array of pore
pressure measurements along the depth of the box. Supplemental laboratory testing
measurements were performed on similarly prepared samples to determine the critical
state friction angle (φ′cs = 28°), plasticity index (PI = 9.5), grain size distribution, and
consolidation characteristics. The following correlation between vertical consolidation stress and the vertical coefficient of consolidation was found to fit the data well:
cv = 19(σ v′ / pa )

0.83

m 2 / yr = 0.61(σ v′ / pa )

0.83

mm 2 / s

(1)

where σ′v is the vertical effective stress, pa is atmospheric pressure and cv is the vertical coefficient of consolidation. The vertical effective stress within the centrifuge
model was estimated using density samples taken immediately after spinning (γ′ =
11.0 to 11.7 kN/m3). The vertical coefficient of consolidation was then estimated using the correlation provided in (1).
2.3 Testing Program
Fifteen piezocone penetration tests were performed during spinning at an acceleration
of 100 g. Constant and variable penetration rate cone penetration tests were performed to provide reference tests for evaluating rate effects.
Cone penetration rates were varied between 0.003 mm/sec to 3.0 mm/sec over approximately the same depth ranges for each of the profiles. Incremental penetration
of 60 to 80 mm (6 to 8 cone diameters) was used for each penetration rate to ensure
that steady conditions developed (e.g. where penetration resistance and pore pressure
become steady). Two twitch tests, where the penetration rate was successively
halved after 1 to 2 cone diameters of penetration, were also performed (House et al.,
2001).
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3 ANALYSIS OF RESULTS
3.1 Cone Penetration Testing Profiles
Cone penetration tests 5, 6, 7, and 9 illustrate the effects of variable penetration rate
testing on penetration resistance, pore pressure, and drainage conditions (Fig. 1).
CPT 9 was pushed rapidly at a constant rate of 3.0 mm/sec and is included as an undrained reference profile for the other tests. The hydrostatic pressure distribution is
also included as a drained reference (i.e. zero excess pore pressure).
CPTs 5, 6, and 7 have a penetration rate of 1.0 mm/sec initially. Pore pressures in
each of these tests were approximately equal up to a depth of 40 mm, indicating that
penetration rates above 1.0 mm/sec were all undrained. The penetration rates of
CPTs 5, 6, and 7 were then decreased to 0.5 mm/sec, 0.3 mm/sec, and 0.2 mm/sec,
respectively. The pore pressure and penetration resistance measurements remained
approximately equal to the undrained reference (CPT 9), indicating that 0.2 mm/sec
penetration rate also remained undrained. At 110 mm depth, penetration rates were
decreased to 0.02 mm/sec, 0.03 mm/sec, and 0.06 mm/sec, respectively. Here, the
pore pressures of CPTs 5, 6, and 7 decreased and reached stable, partially drained
conditions after about four probe-diameters of penetration. At the slowest rate (CPT
5), nearly drained conditions were achieved. Penetration resistance increased significantly due to the increase in effective stress around the probe (due to the decrease in
excess pore pressure).

Figure 1: Variable penetration rate cone penetration testing profiles in 75% sand, 25% kaolin mixture.

3.2 Data Selection
Data points were chosen from multiple depths and varying penetration rates in the
cone penetration tests at points where penetration was determined to be steady, meaning that there were no sudden changes in penetration resistance or pore pressure
trends. Additionally, points were not used if they were within four probe diameters
(40 mm) of the surface or bottom of the container to eliminate boundary effects and
ensure steady penetration of the data selected.
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3.3 Normalized Velocity
Dimensionless parameters are used to compare the cone penetration measurements
from multiple penetration rates, depths, soils, and initial conditions. Finnie & Randolph (1994) suggested a dimensionless velocity of the form:
V=

vd
cv

(2)

where v is the penetration rate (mm/sec); d is the cone diameter (10 mm in model
scale); and cv is the vertical coefficient of consolidation (mm2/sec). This form of dimensionless velocity accounts for differences in velocity, soil compressibility, probe
size, material type, void ratio, and stress conditions.
3.4 Effect of Penetration Rate on Penetration Resistance
The variation of normalized penetration resistance (Q) with normalized velocity (V)
for the sand-kaolin mixture led to several interesting observations. Firstly, Q monotonically decreased as normalized velocity (V) increased from 0.01 to 160 (Fig. 2).
Randolph (2004) showed that viscous effects begin to increase penetration resistance
for V > 100 in kaolin samples. However, these effects were absent from the present
sand-kaolin experimental data.
Secondly, the dataset shows two clearly stabilized regions of normalized penetration resistances at the extremes of this range, which are believed to correspond to
drained penetration for V < 0.01 and undrained penetration for V > 20. Finnie &
Randolph (1994) suggest that drained conditions exist at normalized velocity V <
0.01 and undrained conditions exist for V > 30. Randolph (2004) and Schneider et al.
(2007) suggest that undrained conditions exist for V > 100 in normally consolidated
and lightly overconsolidated samples.
Lastly, the ratio of Qdrained to Qundrained is approximately 17, which is much larger
than what has been seen in previous literature on variable penetration rate cone penetration testing. Results from Schneider et al. (2007) for cone penetration tests in
normally consolidated kaolin (NC Kaolin, OCR = 1.0, PI = 34), lightly overconsolidated silica flour-bentonite (LOC SFB, OCR = 1.5 to 2.0, PI = 12 to 14), overconsolidated kaolin (OC kaolin, OCR = 5.0 to 6.5), and an overconsolidated silica flourbentonite (HOC SFB, OCR = 5.0 to 6.5) have ratios of drained to undrained (or minimum) normalized penetration resistance between 2 and 3. Finnie and Randolph
(1994) have shown similar results for shallow foundations, where ratios of drained to
undrained dimensionless bearing modulus were much more dramatic in calcareous
silt than in calcareous sand.
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Figure 2. Effect of normalized penetration rate on normalized penetration resistance in five soils. (75%
sand, 25% kaolin mixture; lightly and heavily overconsolidated silica flour-bentonite (SFB), and normally consolidated and overconsolidated kaolin data from Schneider et al. 2007).

3.5 Effect of Penetration Rate on Generated Pore Pressure
The relationship between the pore pressure parameter (Bq) and normalized velocity
(V) in the sand-kaolin mixture is not as clear as the relationship between Q and V
(Fig. 3). At normalized velocity V ≈ 0.01, the pore pressure parameter Bq has stabilized at zero and the normalized penetration resistance Q has also stabilized, indicating that behavior is drained for V < 0.01. In the region of V > 20, the relationship between Bq and V is less clear. Previously published results from Schneider et al.
(2007) suggested that the pore pressure parameter Bq correlated well with normalized
velocity for normally and overconsolidated kaolin samples, but the correlation was
poor for silica flour-bentonite mixtures. A possible explanation for the poor correlation in the undrained region is that undrained conditions were induced at both shallow
and deep sections of the experiment, which give widely different Bq and significant
scatter in the relationship of Bq and V.

Figure 3. Effect of normalized penetration rate on the pore pressure parameter Bq in five soils. (75%
sand, 25% kaolin mixture; lightly and heavily overconsolidated silica flour-bentonite (SFB), and normally consolidated and overconsolidated kaolin data from Schneider et al. 2007).

Schneider et al. (2007) suggested the use of the dimensionless quantity
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U=

u 2 − u0 ⎛ u 2 − u0 ⎞⎛ qt − σ vo ⎞
⎟⎟⎜⎜
⎟ = Bq Q
= ⎜⎜
′ ⎟⎠
σ vo′
⎝ qt − σ vo ⎠⎝ σ vo

(3)

where u2 is the measured pore pressure on the cone shoulder; u0 is the hydrostatic
pore pressure; and σ′v0 is the initial vertical effective stress. The sand-kaolin mixture
reached a maximum U of approximately 1.2 at V ≈ 15 – 30. Interestingly, the sandkaolin mixture showed a negative slope beyond normalized velocities of 30, which
was not apparent in the Bq – V plot (Fig. 4). The same trend was seen in the silica
flour-bentonite mixtures from Schneider et al. (2007), while both the normally and
overconsolidated kaolin mixtures maintained positive slopes up to normalized velocities around 1000. Unfortunately, the largest normalized velocity possible within the
sand-kaolin mixture was limited to less than 160 due the large vertical coefficient of
consolidation of the soil. Therefore it is uncertain if dilation induced negative pore
pressures might have been induced at higher normalized velocities within the sandkaolin mixture; its negative slope suggests that larger shear induced pore pressures
may be possible in this intermediate soil just as it was in the silica flour-bentonite.
3.6 Effect of Penetration Rate on Soil Classification Charts
Current soil classification techniques (e.g. Robertson 1990) have been developed for
cone penetration testing at the ASTM standard penetration rate of 2.0 cm/sec. These
classifications are based on the normalized penetration resistance Q, normalized friction ratio Fr, and pore pressure parameter Bq. However, these normalized parameters
have all been shown to be dependent on penetration rate. Thus, the utility of classification charts at penetration rates other than 2.0 cm/sec was evaluated.

Figure 4. Effect of normalized penetration rate on pore pressure normalized by the initial vertical effective stress in five soils. (75% sand, 25% kaolin mixture; lightly and heavily overconsolidated silica
flour-bentonite (SFB), and normally consolidated and overconsolidated kaolin data from Schneider et
al. 2007).

The sand-kaolin mixture data points plot along a curve beginning at the Bq = 0 axis
(e.g. drained penetration), which decreases in Q and increases in Bq as V increases
(Fig. 5). Data from this test move across several classification chart boundaries,
which is not surprising since the normalized penetration resistance and pore pressure
parameters can vary greatly with normalized velocity. NC kaolin and OC kaolin data
from Schneider et al. (2007) also plot along similar curves beginning at or near the Bq
= 0 axis, which decrease in Q as Bq increases. Interestingly, the OC kaolin data with-
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in the viscous range plotted along the same curve as the drained to undrained transitional points. The silica flour-bentonite mixtures do not show the same trends and
plot on both sides of the Bq = 0 axis. Therefore, the shapes of the curves in Bq – Q
charts can be very different for different soil types.

Figure 5. Effect of normalized penetration rate on the use of soil classification charts in five soils with
corresponding normalized velocity and normalized penetration resistance plot (75% sand, 25% kaolin
mixture; lightly and heavily overconsolidated silica flour-bentonite (SFB), and normally consolidated
and overconsolidated kaolin data from Schneider et al. 2007).

4 CONCLUSIONS
Drainage conditions have been shown to be controllable by varying the rate of penetration. Drained conditions in the sand-kaolin mixture appear to occur at normalized
velocity V < 0.01 while undrained conditions exist for V > 20. These limits are in
close agreement with those proposed by Finnie & Randolph (1994). Discrepancies in
the normalized velocities where drained and undrained conditions begin can be attributed to differences in the selection of the coefficient of consolidation, which controls the location and stretching of the normalized curves. In this paper, an empirical
relationship between vertical consolidation stress and the vertical coefficient of consolidation determined from one-dimensional consolidation tests is used, while others
have used analytical expressions derived from critical state soil mechanics (e.g.
Schneider et al. 2007, Lehane et al. 2009).
Several normalized parameters have been evaluated for the variable penetrate rate
test data presented and the normalized penetration resistance (Q) and normalized
excess pore pressure (U) provide the best fit to the data from five data sets. The normalized pore pressures parameter (Bq) is shown to have significant scatter for the
sand-kaolin mixture when correlated with normalized velocity, which is contradictory
to the results presented in Randolph (2004) and Schneider et al. (2007).
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Current cone penetration testing characterization methods (e.g. soil classification
charts by Robertson et al. 1990) are also shown to be sensitive to penetration rate.
The soil classification of each of the five datasets here was shown to change between
several soil behavior types and even plotted outside of the original boundaries of the
charts. Therefore, the soil classification charts from Robertson et al. (1990) and possibly others are not appropriate for penetration rates other than the penetration rates
they are created for. Further research into classification charts for in situ testing must
be evaluated if they are to be used for penetration rates other than 2.0 cm/sec.
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Estimating in-situ soil permeability from CPT & CPTu
P.K. Robertson
Gregg Drilling & Testing Inc., Signal Hill, California, USA

ABSTRACT: Engineers often want to estimate profiles of soil permeability (hydraulic conductivity) as part of the site characterization process. Several methods have
been proposed to estimate the coefficient of permeability (k) using CPT results.
These methods are generally based on two approaches: (1) estimated soil type and (2)
rate of dissipation during a CPTu dissipation test. This paper presents updated correlations to estimate the coefficient of permeability from CPT and CPTu dissipation test
results. The proposed correlations are briefly evaluated with available published results.
1 INTRODUCTION
Geotechnical engineers and geologists often want to estimate profiles of soil permeability (hydraulic conductivity) as part of the site characterization process. Soil permeability can vary by up to ten orders of magnitude and can be difficult to both estimate and measure accurately. It is often considered that accuracy within one order of
magnitude is acceptable. Most methods to measure soil permeability are slow and
expensive and often subject to scale effects. During the initial stages of site characterization it is sometimes helpful to estimate soil permeability based on simple, inexpensive penetration tests, such as the cone penetration test (CPT). Several methods
have been proposed to estimate the coefficient of permeability (k) using CPT results.
These methods are generally based on two approaches: (1) estimated soil type and (2)
rate of dissipation during a CPTu dissipation test.
The objective of this paper is to evaluate existing CPT-based methods to estimate soil
permeability and to suggest updated correlations. The proposed new correlations are
briefly evaluated using existing published records.
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2 PERMEABILITY ESTIMATES BASED ON SOIL TYPE
Lunne et al (1997) suggested that soil permeability (k) could be estimated using the
Soil Behaviour Type (SBT) charts proposed by either Robertson et al (1986) or Robertson (1990). A range of k values was suggested for each SBT. Table 1 shows the
updated recommended range based on the Robertson (1990) normalized SBTn chart.
Table 1 Estimated soil permeability (k) based on normalized CPT soil behavior type (SBTn)
by Robertson (1990) (Modified from Lunne et al., 1997)
SBTn
Zone
1
2
3
4
5
6
7
8
9

SBTn

Range of k
(m/s)
3x10-10 to 3x10-8
1x10-10 to 1x10-8
1x10-10 to 1x10-9
3x10-9 to 1x10-7
1x10-7 to 1x10-5
1x10-5 to 1x10-3
1x10-3 to 1
1x10-8 to 1x10-3
1x10-9 to 1x10-7

Sensitive fine-grained
Organic soils - clay
Clay
Silt mixture
Sand mixture
Sand
Dense sand to gravelly sand
*Very dense/ stiff soil
*Very stiff fine-grained soil

SBTn Ic
NA
Ic > 3.60
2.95 < Ic < 3.60
2.60 < Ic < 2.95
2.05 < Ic < 2.60
1.31 < Ic < 2.05
Ic < 1.31
NA
NA

*Overconsolidated and/or cemented
Manassero (1994) reported good results using Table 1 to estimate k values for quality
control purposes in a slurry wall.
Jefferies and Davies (1993) identified that a Soil Behavior Type Index, Ic, could
represent the SBT zones in the normalized CPT SBTn chart where, Ic is essentially
the radius of concentric circles that define the boundaries of soil type. Robertson and
Wride, (1998) and updated by Robertson (2009), modified the definition of Ic, as follows:
Ic = [(3.47 - log Qtn)2 + (log Fr + 1.22)2]0.5

(1)

where:
Qtn = [(qt – v)/pa] (pa/'vo)n
Fr = [(fs/(qt – vo)] 100%

(2)
(3)

qt = CPT corrected total cone resistance
fs = CPT sleeve friction
vo = pre-insertion in-situ total vertical stress
'vo = pre-insertion in-situ effective vertical stress
(qt – v)/pa = dimensionless net cone resistance, and,
(pa/'vo)n = stress normalization factor
n = stress exponent that varies with SBT
pa = atmospheric pressure in same units as qt, v and 'vo
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Robertson (2009) provided a detailed discussion on stress normalization and suggested the following updated approach to allow for a variation of the stress exponent
(n) with both SBTn Ic (soil type) and stress level using:
n = 0.381 (Ic) + 0.05 ('vo/pa) – 0.15

(4)

where n ≤ 1.0
The range of Ic values for each SBTn zone are included in Table 1. Figure 1 shows
the updated Robertson (1990) SBTn chart in terms of Qtn- Fr with the Ic boundaries.
The concept of a SBTn index Ic only applies to soils that plot down the center of the
chart in regions 2 to 7.

Figure 1. Updated normalized SBTn chart showing contours of Ic

It is well recognized that the normalized cone resistance decreases and the SBTn Ic
increases as a soil becomes more fine-grained, due to the increasing compressibility
of fine-grained soils compared to coarse-grained soils. This was identified by Robertson (1990) where the normally consolidated region on the CPT SBTn chart extends down the chart (see Figure 1), i.e. as soil becomes more fine-grained the normalized cone resistance (Qtn) decreases and Fr increases. Cetin and Ozan (2009), and
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others, have also shown that as Ic increases the soils become more fine-grained.
Hence, as Ic increases the soil permeability (k) generally decreases.
Figure 2 shows the range of k values from Table 1 as a function of Ic

Figure 2. Suggested variation of soil permeability (k) as a function of SBT Ic

The proposed relationship between soil permeability (k) and SBT Ic, shown in Figure
2, can be represented by:
When 1.0 < Ic ≤ 3.27

k = 10(0.952 – 3.04 Ic)

m/s

(5)

When 3.27 < Ic < 4.0

k = 10(-4.52 – 1.37 Ic)

m/s

(6)

Equations 5 and 6 can be used to provide an approximate estimate of soil permeability (k) and to show the variation of soil permeability with depth from a CPT sounding.
Since the normalized CPT parameters (Qtn and Fr) respond to the mechanical behaviour of the soil and depend on many soil variables, as illustrated schematically in
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Figure 1, the suggested relationship between k and Ic is approximate and should only
be used as a guide.
3 PERMEABILITY ESTIMATES BASED ON CPTU DISSIPATION TEST
The estimated soil permeability based on soil type will be approximate, but generally
within the correct order of magnitude. For improved estimates, pore pressure dissipation tests should also be performed in soil layers defined by the CPTu. The dissipation of pore pressures during a CPTu dissipation test is controlled by the coefficient
of consolidation in the horizontal direction (ch) which is influenced by a combination
of the soil permeability (kh) and compressibility (M), as defined by the following:
kh = (ch w)/M

(7)

where: M is the 1-D constrained modulus and w is the unit weight of water, in compatible units.
Schmertmann (1978), Parez and Fauriel (1988) and Robertson et al (1992) suggested
methods to estimate soil permeability (k) using the time for 50% dissipation (t50) from
a CPTu dissipation test. These simplified relationships are approximate, since the relationship is also a function of the soil compressibility (M), as shown in equation 7.
An alternate and better approach is to estimate the coefficient of consolidation from a
dissipation test then combine this with an estimate of the soil compressibility (M) to
obtain an improved estimate of the soil permeability (k).
The simplified relationship presented by Robertson et al (1992), based on the work of
Teh and Houlsby (1991), for the coefficient of consolidation in the horizontal direction (ch) as a function of the time for 50% dissipation (t50, in minutes) for a 10 cm2
cone can be approximated using:
ch = (1.67x10-6) 10(1 – log

t50)

m2/s

(8)

For a 15cm2 cone, the values of ch are increased by a factor of 1.5.
Robertson (2009) recently updated the correlation to estimate 1-D constrained modulus (M) using:
M = M (qt - vo)
when Ic > 2.2:

(9)

M = Qtn
M = 14

when Qtn ≤ 14
when Qtn > 14

Note that, in fine grained soils, where n = 1.0, Qtn = Qt = (qt - vo)/'vo.
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Combining equations 7, 8 and 9 in compatible units (i.e. net cone resistance, (qt - vo)
in kPa and w = 9.81 kN/m3) it is possible to develop contours of k versus t50 for various values of Qtn and 'vo, as shown on Figure 3.

Figure 3. Proposed relationship between CPTu t50 (in minutes) and soil permeability
(k) and normalized cone resistance, Qtn.
The relationship shown in Figure 3 can be applied to data from standard 10 cm2 and
15 cm2 cones pushed into soft to stiff, fine-grained soils, where the penetration
process is essentially undrained.
Robertson et al (1992) also presented a summary of CPTu data where laboratory derived values of horizontal coefficient of permeability results were also available and
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these are included on Figure 3. Sites where normalized cone resistance values were
also available confirm that the observed scatter in test results is due to the variation in
soil stiffness reflected in the normalized cone resistance.
4 PARTIALLY DRAINED PENETRATION
The degree of consolidation during cone penetration depends on the penetration rate
(v), cone diameter (dc), and the coefficient of consolidation of the soil (ch) (Finnie
and Randolph, 1994). These factors can be used to obtain a normalized, dimensionless penetration rate, V:
V = v dc/ch

(10)

According to a number of researchers (e.g. Finnie and Randolph, 1994, Chung et al.,
2006, Kim et al., 2008) the transition from fully undrained to partially drained conditions is approximately when V ~ 10. Therefore, for CPT using a standard 10 cm2
cone carried out at the standard rate of 20 mm/s, undrained penetration can be expected in soils with ch values less than about 7x10-5 m2/s. Because of the offsetting effect of rate-dependence shear strength, Kim et al (2010) showed that the cone resistance is unchanged for V > 1, which corresponds to a ch ~ 7x10-4 m2/s. Based on the
relationship between t50 and ch, (equation 8) this corresponds to a t50 < 0.5 min (30
sec). Hence, a simple method to evaluate if CPT penetration is occurring undrained
or partially drained is to perform a dissipation test. If t50 > 30 seconds, cone penetration for either a 10 cm2 or 15 cm2 cone is likely undrained and the measured cone resistance can be used to estimate undrained shear strength. If t50 < 30 seconds, the
measured cone resistance may be slightly high due to partial drainage. This is consistent with the observation made by Robertson et al (1992).
5 SUMMARY
Updated correlations are presented to estimate the coefficient of permeability (k)
from either CPT or CPTu results. Estimates based on soil behavior type (SBT) can
be used to provide an approximate estimate of soil permeability (k) and to show the
likely variation of soil permeability with depth from a CPT sounding. Improved estimates can be made by performing dissipation tests and recording the time for 50%
dissipation, t50. The updated relationship based on t50 incorporates the variation in soil
stiffness reflected in the normalized cone resistance.
A simple method to evaluate if CPT penetration is occurring undrained or partially
drained is to perform a dissipation test. If t50 > 30 seconds, cone penetration is likely
undrained and the measured cone resistance can be used to estimate undrained shear
strength. If t50 < 30 seconds, the measured cone resistance may be slightly high due
to partial drainage.

541

6 ACKNOWLEDGMENTS
This research could not have been carried out without the support, encouragement
and input from John Gregg, Kelly Cabal and other staff at Gregg Drilling and Testing
Inc.
7 REFERENCES
Cetin, K.O. and Ozan, N.S., 2009. CPT-Based Probabilistic Soil Characterization and Classification. Journal of Geotechnical and Geoenvironmental Engineering, ASCE, Vol. 135,
no.1, 84-107.
Chung, S.F., Randolph, M.F., and Schneider, J. A., 2006. Effect of penetration rate on penetrometer resistance in clay. J. of Geotech. Geoenviron. Eng, ASCE, 132(9): 1188-1196.
Jefferies, M.G., and Davies, M.P., 1993. Use of CPTU to estimate equivalent SPT N60. Geotechnical Testing Journal, ASTM, 16(4): 458-468.
Finnie, I.M.S. & Randolph, M.F. 1994. Punch-through and liquefaction induced failure of
shallow foundations on calcareous sediments. Proc., 17th Int. Conf. on the Behavior of
Offshore Structures, Boston, 1: 217-230.
Kim, K., Prezzi, M., Salgado, R., & Lee, W. 2008. Effect of penetration rate on cone penetration resistance in saturated clayey soils. J. of Geotech. Geoenviron. Eng., 134(8): 11421153.
Kim, K., Prezzi, M., Salgado, R., and Lee, W., 2010. Penetration rate effects on cone penetration resistance by calibration chamber tests. Proceedings of 2nd International Symposium on Cone Penetration Testing, CPT’10, Huntington Beach, CA, USA.
Lunne, T., Robertson, P.K., and Powell, J.J.M., 1997. Cone penetration testing in geotechnical practice. Blackie Academic, EF Spon/Routledge Publ., New York, 1997, 312 pp.
Manassero, M.,1994. Hydraulic conductivity assessment of slurry wall using piezocone test.
Journal of Geotechnical Engineering, ASCE, 120(10): 1725-46
Parez, L. and Faureil, R., 1988. Le piézocône. Améliorations apportées à la reconnaissance
de sols. Revue Française de Géotech, Vol. 44, 13-27.
Robertson, P.K., 1990. Soil classification using the cone penetration test. Canadian Geotechnical Journal, 27(1): 151-158.
Robertson, P.K., 2009. CPT interpretation – a unified approach, Canadian Geotechnical
Journal, 46: 1-19
Robertson. P.K., Campanella, R.G., Gillespie, D., and Greig, J., 1986. Use of Piezometer
Cone data. In-Situ’86 Use of In-situ testing in Geotechnical Engineering, GSP 6 , ASCE,
Reston, VA, Specialty Publication, SM 92, pp 1263-1280.
Robertson, P.K., Sully, J.P., Woeller, D.J., Lunne, T., Powell, J.J.M. and Gillespie, D., 1992.
Estimating coefficient of consolidation from piezocone tests. Canadian Geotechnical
Journal, Ottawa, 29(4): 539-550.
Robertson, P.K. and Wride, C.E., 1998. Evaluating cyclic liquefaction potential using the
cone penetration test. Canadian Geotechnical Journal, Ottawa, 35(3): 442-459.
Schmertmann, J.H. 1978. Guidelines for cone penetration tests performance and design.
Federal Highways Administration, Washington, D.C., Report FHWA-TS-78-209.
Teh, C.I., and Houlsby, G.T. 1991. An analytical study of the cone penetration test in clay.
Geotechnique, 41 (1): 17-34.

542

Evaluation of the CPT for assessing ground
improvement by dynamic replacement
L.J. Bates & R.S. Merifield
University of Newcastle, Callaghan, Newcastle, Australia

ABSTRACT: Dynamic replacement was chosen as a preferred method of ground improvement for the purpose of providing adequate foundation for construction of coal
loading infrastructure on a site underlain by soft estuarine sediment, at Newcastle,
Australia. Dynamic replacement is an extension of dynamic compaction used in cohesive soils, whereby suitable granular fill is driven and compacted using high energy
pounders to form large diameter columns. Cone penetrometer testing (CPT) was initially engaged to characterise the site for column design and then utilised as a gauge
to assess the improvements achieved during initial site calibration trails. Finally,
along with the flat plate dilatometer (DMT) the CPT was used as a quality assurance
tool during the construction phase. This paper presents an assessment of the capability and reliability of the CPT for assessment of ground improvement and provides
comparison with measurements obtained using the DMT.
1 INTRODUCTION
Kooragang Island is situated 5km north of the city of Newcastle, Australia and forms
part of the Port of Newcastle. The island which separates the north and south arms of
the Hunter River was formed by reclamation of a number of smaller islands.
The Port of Newcastle is the largest coal exporting terminal in the world, currently
exporting 90 million tonnes of coal per year through existing infrastructure. An area
of land on Kooragang Island adjacent the south arm of the Hunter River was chosen
for construction of a new coal loading facility by the Newcastle Coal Infrastructure
Group (NCIG). Construction of stage 1 of the new loading facility is due for completion in 2010 and will increase total export volumes to 120 million tonnes of coal per
year.
A portion of the new loading facility site, where a coal stockpile pad and associated
machinery berms are to be constructed, is underlain by a layer of soft compressible
estuarine clay of variable thickness. A crucial aspect to the design of the new infrastructure was to satisfy stringent post construction settlement criteria adequate for
machinery operation.
Keller Ground Engineering (KGE) was contracted for the design, construction and
verification of dynamically replaced, control modulus columns. The design was re-
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quired to provide a cost effective and timely solution to the likely settlement problem.
The coal stockpile pad area was divided into three sections 30R, 30C and 30L each
approximately 90,000m2. Approximately 2500 1.25m diameter columns were constructed in each area at a spacing of 6m. This paper presents the results of verification
testing of sand columns constructed exclusively in area 30R. Rock columns were
chosen for construction in areas 30C and 30L, the results of which are outside the
scope of this paper.
1.1 Pre construction subsurface profile in area 30R
A series of 34 cone penetration tests (CPT), additional to previous investigations
works, were undertaken to provide a detailed evaluation of the subsurface conditions
prior to construction. The general underlying geotechnical conditions are summarised
in Table 1 below.
Layer

Name

Description

1
2

Hydraulic Fill –
Dredged Sand
Estuarine Clay

3

Sand

4

Residual Clay –
EW Bedrock

Fine to medium sand with some silt and shell fragments,
ranging in depth from 1.8 to 2.4 m
Silty clay and clay with some shell, soft to firm, ranging
in thickness from 1m to 4m
Fine to medium sand, medium dense becoming dense to
very dense to a depth of 9m to 12m
Siltstone and sandstone, low strength, extremely to highly weathered, becoming less weathered with depth.

qc
(MPa)
12- 20
0.2 -0.5
10-25
10 +
Refusal

Table 1 Existing subsurface profile in area 30R

Typical preconstruction CPT tip resistance profiles are shown in Figure 1. Pore
pressure’s indicated the presence of a confined aquifer in the lower sand layer as evidenced by a difference in the actual and projected hydrostatic pore pressure values
measured beneath the clay layer. Figure 1 clearly shows an upper layer of hydraulic
fill sand underlain by soft clay which is in turn underlain by dense to very dense sand.
Interpretation of the CPT data suggested the undrained shear strength of the clay
layer was around 15-50kPa.
A contour diagram indicating the thickness of the clay layer is shown in Figure 2,
constructed from the 34 preconstruction CPT’s.
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Figure 1 Typical subsurface profile across area 30R
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1.2 Sand column construction and verification techniques
Construction of sand columns by dynamic replacement involved dropping a heavy
steel weight or pounder from a significant height onto the sand surface layer, creating
a crater as the sand was punched into the underlying soft clay, ideally displacing the
clay. Additional sand was used to fill the imprint as the clay was displaced. A number
of trial calibration columns were initially constructed, the effectiveness of the technique was verified using CPT and the optimum pounder mass, drop height and number of drops was confirmed. The accepted column construction required a minimum
of 10 blows with a 20 tonne, 1.5m square pounder, dropped from a height of 20m. An
additional ironing pass using a 2.4m diameter octagonal pounder dropped ten times
from a height of 10m was required to compact the sand in the upper part of the column.
Construction in section 30R, comprised of 2519 sand columns on a grid spacing of
5.0m x 6m, was completed within a 3 month period. Post Verification testing consisted of 73 CPTs, 48 flat plate dilatometer tests (DMTs), and 6 plate load tests
(PLTs). CPTs and DMTs were conducted by NewSyd in situ testing facility from the
University of Newcastle. PLTs were undertaken by Keller Ground Engineering
(KGE).
The CPT was the main in-situ test used to assess the quality of the columns during
the construction phase by means of undertaking tests through the centre of the sand
columns. A comparison of some typical pre- and post-construction CPTs is shown in
Figure 4. A number of CPTs were conducted at different time intervals to after construction to investigate any post construction time effects.
Post construction DMTs where undertaken at a test interval of 0.2m depth, typical
results are shown in Figure 3. A number of the DMTs where conducted in the same
column as the CPTs allowing a direct comparison of results. Plate load tests (PLT)
were conducted using a 1.2m diameter circular plate, the construction crane was used
as a reaction load.

(a)

(b)

Figure 3 Typical Dilatometer profile through (a) Column 1027 and (b) Column 1046
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2 RESULTS AND DISCUSSION
2.1 Sand column installation verification
The CPT provides excellent stratigraphic profiling detail (Lunne 1997) which proved
effective for determining the extent of the clay displacement. The post construction
CPT’s also provided a measure of compaction achieved in the sand in the columns. A
number of pre and post construction CPT plots for tip resistance (qc) are shown in
Figure 4.
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Figure 4 Typical Pre- and Post-CPT profiles at and through sand columns, respectively

Overall the dynamic replacement technique was deemed to be very successful. Figure
4 indicates that the majority of the soft clay was displaced and an effective sand column was installed. At locations where the clay was particularly deep (i.e. >3m, Figure
4(c)), the post construction CPT indicated the presence of clay below several columns. In this respect, the CPT was able to provide an excellent level of quality control to ensure adequate sand placement and indicate where more pounding was required.
2.2 Comparison of CPT, DMT and PLT modulus through sand columns
The basic DMT data reduction formulae (Marchetti, 1980) was used to estimate the
soil parameters from the DMT. The constrained modulus Eoed (or MDMT) and the undrained shear strength are believed to be the most reliable and useful parameters obtained from the DMT. The constrained dilatometer modulus was estimated from equation 1.
Eoed  M DMT  RM ED
(1)

547

Where ED is the dilatometer modulus and RM is a function of the material index ID
(Marchetti, 1980).
Estimates of the constrained modulus from CPT through the sand column was
made using a well used correlation to penetration resistance (Schmertmann, 1978b;
Jamiolkowski et al., 1985, Mayne, 2006) given in equation (2).

1
 c  qt   vo 
and
1
M  Eoed 
mv

mv 

c  6  2

(2)

(3)

Given the likely overconsolidated nature of the sand within the column a value of

 c  8 was used throughout the profile. The comparison between the CPT and DMT

estimates of Eoed are shown in Figure 5. Overall the comparison was favorable and
indicated Eoed ≈ 25 – 100MPa for the dynamically placed sand. It should be noted that
the DMT tests were performed between 4 - 14 days after the CPT tests and the modulus estimates may be higher due to possible ageing (see section 2.3 below). When
compared with the DMT prediction, the CPT tends to over predict the modulus of the
in-situ sands below the columns. This suggests a smaller value of  c may be more
appropriate for the in-situ sands.
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Figure 5 Comparison of CPT and DMT Constrained modulus

Plate load testing (PLT) of a number of sand columns provided estimates of (1-D)
modulus based on elastic theory of a rigid loaded circular area. It was anticipated that
the lateral constraint provided locally to the sand column by the dense upper sand
layer would ensure the validity of this elastic approach. When compared to post CPT
testing at the same column location, the PLT estimates compared well to the CPT in-
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terpreted modulus at shallow depths(<2m), tending to be conservative for depths
greater than 2m. This is highlighted in Figure 6.

20

40

60

Constrained Modulus MPa

Constrained Modulus MPa

Constrained Modulus MPa
0

Column 185 ‐Eoed

Column 183 ‐ Eoed

Column 181 ‐ Eoed
80

0

100

20

40

60

80

0

100

0

0

0

0.5

0.5

0.5

1

1

1

1.5

1.5

1.5

2

CPT

CPT

2

2

40

60

80

100

CPT
Plate Load Test

Plate Load Test

PLT 181

20

2.5

2.5

2.5

3

3

3

3.5

3.5

3.5

4

4

4

4.5

4.5

4.5

5

5

5

Figure 6 Comparison of modulus estimates from CPT and Plate Load Test through columns

2.3 Ageing effects
The effect of “ageing” in sands is a very real phenomenon observed in the results of
CPTs undertaken up to 16 days post construction. A comparison of CPTs undertaken
directly following column construction and 16 days later is shown in Figure 7, indicating increases in qc of up to 100%, which compares favorably with other reported
results (Mitchell and Soga, 2005). It is noted that the ageing effect was not only
shown to present in the constructed sand column but is also noticeable in the natural
underlying sands. The mechanism of ageing in sand is not fully understood but is
considered to be the result of either chemical or physical changes or both, in the soil
over time (Mitchell and Soga, 2005).
3 CONCLUSIONS
The CPT proved to be a valuable tool for calibrating and verifying the effectiveness
of the dynamic replacement technique, particularly in regards to the ability of the
CPT to indentify very thin clay layers present within the sand columns and to determine the extent of compaction in the sand column. The constrained modulus values
for the post construction CPTs compared favorably with the modulus values determined for the DMTs and PLTs results. The CPT was also shown to provide a reliable
measurement of aging effects in sand.
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Comparison of CPT- and DMT-correlated effective
friction angle in clayey and silty sands
G. McNulty
Parsons Infrastructure and Technology Group, Aiken, SC, USA

M.D. Harney
Shannon & Wilson, Inc., Seattle, WA, USA

ABSTRACT: An extensive site characterization study, partially consisting of 47 cone
penetration tests (CPTs and SCPTs) and 13 flat-plate dilatometer tests (Seismic and
non-seismic DMTs) was undertaken on a 40,000 m2 site in the Southeastern United
States within the Atlantic Coastal Plain. This paper discusses the comparisons of
CPT- and DMT-correlated effective friction angles. Some comparisons with laboratory test results from co-located borings/CPTs/DMTs are also presented. The comparative analyses showed major differences and key similarities in the correlated values; sources for these differences and similarities are discussed. Conclusions
regarding appropriateness of certain measurement techniques and correlations for the
investigated soil types are also presented.
1 INTRODUCTION
An extensive geotechnical site characterization study was undertaken on a 40,000 m2
site located in the Southeastern United States within the Atlantic Coastal Plain. The
study included field explorations, laboratory testing, development of soil properties
and stratigraphy, comparative and statistical analyses of data, engineering analysis to
estimate static settlement and bearing capacity, and preparation of design and construction recommendations. The field explorations included standard penetration test
(SPT) borings, Cone Penetration Tests (CPT) and Seismic Cone Penetration Test
(SCPT) soundings, flat plate dilatometer (DMT) measurements, and cross-hole seismic tests. This paper presents some results of the CPT, SCPT and DMT measurements, and discusses comparisons of effective friction angle correlated from these
tests.
2 FIELD EXPLORATIONS
The field explorations included drilling 15 standard penetration test (SPT) mud-rotary
borings, advancing 47 CPT and SCPT soundings, making flat dilatometer (DMT)
measurements in 13 soundings, measuring shear and compression wave velocities at
two locations using cross-hole seismic methods, and collecting bulk samples from
eight, 4.5-meter deep auger borings. The typical penetration depth for this study was
approximately 45 m below ground surface. Including previous subsurface explora-
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tions at the site and those completed for this study, soundings and/or borings were
generally spaced on an about 15-meter grid pattern across the project site. Borings,
CPTs and SCPTs, and DMTs were co-located in selected areas to facilitate data comparisons.
Based on the results of the subsurface explorations, and laboratory program, the
engineering stratigraphy of the site was interpreted. CPT and SCPT explorations and
SPT boring data were used to determine the thickness and presence of the engineering layers. Patterns in tip stress, sleeve stress, ratio of tip stress to sleeve stress, and
pore pressure responses were used in differentiating soil layers. The site subsurface
interpretation is comprised of 13 identified engineering soil layers. These layers are
generally horizontally-stratified at the site, and consist of very loose to dense silty and
clayey sands. Interbeds of sandy silt and silty clay are scattered in some of the engineering layers. Table 1 summarizes some of the characteristics of the engineering
layers.
Table 1. Representative characteristics of identified engineering soil layers.
Layer

Average
Depth to
Layer

USCS

(m)

Average
Fines
Content

Average
Index Properties of
Fines

Average CPT Results

LL

Corrected
Tip Stress

Pore
Pressure

(MPa)

(MPa)

(%)
PI

Friction
Ratio

1D

0

SC

23

37

18

16

0.11

2.6

1C

4.7

SP, CL

24

53

30

11

0.13

2.9

1B

7.5

SC, CL

15

41

20

7.9

0.07

2.9

1A

9.5

SC

14

39

19

3.4

0.64

3.5

2C

11.4

SM, SC

13

30

9

10

0.02

1.7

2B

15.1

SM

11

24

9

13

-0.03

0.8

2A

18.7

SP-SM

5

29

16

22

0.07

0.5

3

24.5

SC, SM

11

45

26

6.9

0.45

1.1

4

28.9

SP-SM

7

36

17

18

0.23

0.6

5C

35.3

SC

13

42

21

3.0

0.78

2.2

5B

38.1

SP-SM

9

31

9

17

0.22

0.9

5A

40.2

SC, CL

13

40

16

3.8

1.1

1.9

6

42.9

SC

16

48

20

9.7

2.9

1.7
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3 INTERPRETATION OF TEST RESULTS
Based on published relationships, several calculated and correlated soil parameters
were determined as part of the data interpretation. The published correlations are
generally based on a combination of theoretical and semi-empirical concepts, many
of which are based on site- or region-specific information. Several published correlations for use with CPT/SCPT and DMT data were determined to be applicable to the
site. For the project, correlations were selected that represent commonly-referenced
procedures believed to be applicable across a wide range of subsurface conditions.
Site-specific correlations and/or methods were used whenever available. The interpretation methods of effective friction angle and related parameters are presented in Table 2.
Table 2. Interpretation methods used.
Test
Method

Parameter

CPT

Stress-normalized tip resistance

qt1N

Site-specific

Normalized friction ratio

FR

Wroth (1984)

Pore pressure parameter

Bq

Wroth (1984)

Soil behavior type

SBT

Robertson and Fear (1995)

Soil behavior type index

Ic

Site-specific

Effective angle of internal friction

’

Robertson and Campanella (1983);
Senneset et al. (1989)

Material Index

ID

Marchetti (1980)

Effective angle of internal friction

’

Marchetti (1997)

Effective angle of internal friction

’

Schmertmann (1975)

DMT

SPT

Reference

4 COMPARATIVE ANALYSES
Comparative analyses of field and laboratory-derived soil properties were performed
to visualize and evaluate the soil properties measured, calculated, and correlated from
the subsurface data collected at the site. The comparative analyses assisted in the assessment of accuracy and reliability of individual data sets. These comparisons consisted of graphs of soil parameters versus elevation and depth at paired exploration
locations across the site. Nearly 250 of these comparative analyses were performed
in total, for 14 different soil parameters, each at up to 35 paired exploration locations.
An example of comparative analyses for ’ is presented in Figure 1. Some laboratory
results and correlations from the SPT are also presented.
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5 STATISTICAL ANALYSES
Geotechnical engineering and index parameters for the soil were measured, calculated or correlated from field and laboratory test data. A statistical analysis of each
data set and blended data set was performed to evaluate the central tendency and variability of the soil properties for each soil layer. Statistical analyses were performed
for 19 different parameters for each of the 13 interpreted engineering soil layers.
The results of the statistical analyses were visualized using a series of “box-andwhisker” plots. Box-and-whisker plots were selected to compare relative distributions between engineering layers because measures of central tendency, variability,
and overall range are apparent. The box-and-whisker plots show median (vertical
bar), inter-quartile range (shaded boxes), and minimum and maximum data range
(whiskers). The median is defined as the data point such that there are an equal number of values larger and smaller than that data point. For an odd number of data
points, the medium is the middle value. For an even number of data points, the median is the mean of the two middle values. The inter-quartile range divides the data
set into quarters. For example, the first quartile is a value that has 25 percent, of the
observations below its value (Johnson, 2000).
Confidence intervals that are based on the standard deviation do not provide a representative measure of spread about the central tendency if the underlying distribution
is far from normal. As can be observed from the box plots, some of the distributions
are skewed; therefore, other measures of variability or dispersion about the central
tendency are more appropriate. For some data sets, the sample size was too small to
calculate meaningful confidence limits.
Box-and-whisker plots were developed for (a) all data sources for each parameter
for each soil layer; and (b) all soil layers for each soil parameter and data source. An
example of a box-and-whisker plot for all data sources for the effective stress peak
friction angle in a specific unit is shown in Figure 2. Figures 3 and 4 present the effective stress peak friction angle for all layers using the CPT-based correlation and
DMT-based correlation, respectively. Similar plots were developed for for every soil
layer. In Figure 2, CV denotes the coefficient of variation, N denotes the number of
samples in the population, and XHL denotes crosshole sonic logging.
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Figure 1. Comparative analysis of effective friction angle for a paired set of CPT, DMT, and
mud-rotary boring SPT results. (Boring B36, SCPT C55, and DMT D15).

Figure 2. Box-and-whisker statistical visualization for effective friction angle correlated from
all data sources for soil layer 1A. Laboratory results shown are from consolidated-undrained
triaxial strength testing.
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Figure 3. Box-and-whisker statistical visualization for effective friction angle correlated from
CPT results for all soil layers.

Figure 4. Box-and-whisker statistical visualization for effective friction angle correlated from
DMT results for all soil layers.
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6 DISCUSSION
6.1 Potential sources of bias
During the selection of design soil parameters, the reliability of the data source,
whether the corresponding data set was from direct measurements, calculations, or
empirical correlations, and the accuracy and precision associated with the data set
were evaluated. In the comparative and statistical analyses, biases were observed in
the data source or data sets for a given soil property. The observed differences or bias
between data sets for a given soil property could be the result of the data source itself,
differences in subsurface conditions, or the empirical correlations used to determine
some of the soil properties. These potential sources of bias tend to limit the ability to
make conclusions regarding the relative accuracy and precision between two data
sources or sets and the source of the bias.
The various data sources were assumed to be reliable as they all have been extensively used throughout the field of geotechnical engineering. Strict quality assurance
procedures were followed during the field explorations and laboratory testing to increase the confidence in the reliability of these tests.
The in situ tests were advanced at distances of 1.5 to 8 meters or more apart.
Changes in subsurface conditions over this distance could have contributed to the bias
between two data sets of the same soil property.
Empirical correlation equations used for the project were obtained from the referenced literature and were developed by various researchers. Empirical relationships
are based on a database of soil properties that generally exhibit scatter. The final predictive correlation equation is only one best-fit estimate of that soil property, and
there is a distribution (or scatter) of data about that estimate. The estimate could
represent the average, lower bound, upper bound, or some other value depending on
the interest of the author. For example, one empirical correlation equation using inputs from CPT could provide the lower bound estimate for the soil property while an
empirical correlation for the same soil property from the DMT could provide the average estimate. If the subsurface conditions were the same, the correlations would
provide different but accurate estimates of the soil property.
6.2 Effective angle of internal friction
At 14 paired test locations, ’ estimated from CPT were compared with those determined from SPT blow counts and CIU (consolidated isotropically, undrained) triaxial
tests performed on undisturbed samples from the nearest SPT borings. Direct-push
Shelby tubes, pitcher barrel samplers, or hydraulically-operated fixed-piston samplers
were used, depending on the soil type sampled. At six paired test locations, ’estimated from DMT were compared with those determined from SPT blow counts and
CIU triaxial tests performed on undisturbed samples from the nearest SPT borings.
The effective angle of internal friction values obtained from the CIU laboratory
tests compared favorably with the SPT- and CPT-correlated values below the
groundwater table, but generally were significantly higher above the groundwater table. The cause of the observed difference in the engineering layers above the
groundwater table is likely due to the significant overconsolidation in Layers 1D and

557

1C. The overconsolidation in these layers results in an apparent soil cohesion at stress
levels lower than the preconsolidation pressure. The SPT and CPT correlations, however, only characterize the soil in terms of ’, thus the correlated ’ includes the shear
strength associated with apparent cohesion. It was observed that once the stress in the
soil increases beyond the preconsolidation pressure, the influence of the apparent cohesion due to overconsolidation is effectively negated.
While the DMT generally provided ’ values in the range of the other data sets, it
provided little reduction in ’ for the relatively loose engineering layers 3, 5A, and
5C. Unit weight tests on samples retrieved from these layers indicated relatively loose
soils, and other in-situ tests (e.g., CPT and SPT) indicated lower strengths in these
layers. Because of the apparent lack of sensitivity, the DMT ’ data set was not included in the ’ blended data set used in subsequent engineering analyses.
7 CONCLUSIONS
Effective friction angles correlated from multiple data sources at a site composed of
silty and clayey sands have been compared. Comparisons were performed between
results correlated from different in-situ techniques (i.e., SPT, CPT and DMT) and between correlated values and laboratory triaxial strength measurements. The ’ correlated from the CPT compared well with laboratory measurements and SPT- and
DMT-correlated values for soil layers below the water table. Above the water table,
CPT-correlated ’ values were significantly higher than laboratory measurements.
DMT-correlated ’ values generally compared well with other data sources, except in
the looser layers. In these layers, the DMT-correlated value did not exhibit a reduction, as would be expected and was observed in other data sources.
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Two examples of CPT interpretation to define
geotechnical profile

T.Mateos
Iberinsa (Madrid, Spain)

ABSTRACT: This paper includes results from two experiences in Spain, where the
employment of CPTu results, was the key to define the geotechnical profile. In one
project CPTu tests were done in pairs with DMT tests. The joint interpretation of both
tests improved interpretation in order to distinguish geotechnical levels with different
properties. CPTu tests have been previously employed to define geotechnical and
even sedimentological profiles (Devivenzi et al, 2004).

1 INTRODUCTION
This paper includes results from two experiences in Spain, where the employment of
CPTu results, were the key to define the geotechnical profile. The first study was done
for designing a highway in Medinaceli (Soria, Spain). The study area is geologically
complex. It is situated in the occidental border of the Iberica mountain range where Triassic sediment in Germanic Facies appears. These sediments are mainly composed of
clays with gypsum, classified as Keuper. Due to tectonic movements endorreic basins
were generated. This basin has been filled by alluvial sediment related to the Jalón and
Velarte rivers.
The highway will be built from Jalón river valley and parallel to the Velarte river valley. An embankment, 6 to 8 m high, has been projected in every basin the highway
crosses. All these embankments will be built over a thickness of alluvial and Keuper sediments. The superficial alteration of Keuper clays makes it difficult to establish the
depth of the alluvial sediment and the position of the Keuper sediment, in spite of their
different geotechnical behavior. The contact position between the alluvial and Keuper
clays is relevant in the highway design because it defined the depth of soil treatment to
be applied to the embankment foundations.
The geotechnical study was based on mechanical borehole and CPT tests. A total of
11 CPT tests were done. At least one CPT was done in every endorreic basin studied.
The analysis of CPT results has been the key to establish the contact between the alluvial sediment and Keuper clay to define the base of the proposed soil treatment.
In the second project, a geotechnical prospecting study was developed, whose final
aim was the design of a high velocity railway. This study consisted of borings as well
as CPT and DMT. A total of 16 CPT and 10 DMT test were done. The study area is
constituted by highly deformable marsh sediments related to Guadalquivir River in the
southwest of Spain. The peculiarity of this railway path is that it is close to the marsh
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border, so big differences in thickness of the marsh sediment and geotechnical behavior
were expected.
The joint interpretation of CPT and DMT results was useful to define three different
levels in the marsh sediment, in terms of its thickness, distribution and geotechnical behavior. The interpretation was also used to classify laboratory test results in these three
levels and to evaluate the coherence in defining levels with different geotechnical behavior. This precision in soil profile allows a more accurate definition of soil improvement
treatments. Also, the combination of results of CPT and DMT tests has been employed
in settlement estimations. The methodology is described elsewhere (Arroyo et al, 2004;
Arroyo & Mateos, 2006).
2 NAVARRA MOTORWAY (MEDINACELI-RADONA).
The geotechnical research was done for the project of a motorway in Medinaceli in the
center of Spain. The motorway begins crossing over the Jalón river valley, where there
is a thick deposit of soft alluvial sediment, and continuous along the valley of the Velarte watercourse. This is a small valley developed over Keuper sediment. Triasic materials in the center of Spain were sedimented in Germanic facies, so Keuper sediments
are composed of clays with gypsum.
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Figure 1. Casagrande chart for alluvial and Keuper sediments.

As the layout of the motorway goes by the Velarte valley, it crosses a series of endorreic
basins where there is a considerably thickness of alluvial sediment. These sediments
were formed from the Keuper materials erosion, so they are similar in color; granulometry and plasticity (see Figure 1). Moreover, the upper levels of Keuper sediments are
weathered so their appearance is similar to that of alluvial sediment. As an example, a
picture of a borehole core is shown in Figure 2. In the samples shown, there must be the
contact between the alluvial and Keuper sediments. It is difficult to define accurately the
contact position, because both sediments look quite similar. Nevertheless, their geotechnical properties must be different, although alluvial and weathered Keuper materials
can be classified as soft soils.
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FIGURE 1 EXAMPLE OF BOREHOLE SAMPLES SHOWING TRANSIT BETWEEN
Figure 2. Example of borehole samples showing transit between alluvial and keuper sediments.

The main part of the 12 km motorway studied is going to be built over embankments
between 4 to 10 m high. The highest embankments are projected over the alluvial sediments in the endorreic basins. So, stability and deformability problems are expected.
The soil improvement techniques designed to avoid these problems have been stone
columns, prefabricated vertical drains and partial substitution of soft soil. In order to accurately define the depth of these treatments it was necessary to obtain a credible distribution of alluvial sediments and weathered Keuper in the geotechnical profile. The main
tool to meet this objective was the CPTu. Also, mechanical boreholes, vane-tests, continuous dynamic penetration tests (DPSH) and pressuremeter tests were performed.
Figure 3 presents the closest CPTu profile to the borehole core shown in Figure 2.
Behavior recorded of cone resistance (qc), sleeve friction (ft) and increments of pore water pressure, changes at 15 m depth. It means that the contact between alluvial and Keuper sediment is located at this position.
Revision of all the results obtained from the CPTu helped define the characteristic
values of the CPTu records for each type of sediment studied, as it is shown in Table 1.
Table 1.Characteristic values of CPTu test for each type of sediments.
Parameter
SBT

Alluvial sediment

Weathered Keuper sediment

3-5

4-6

qT (kp/cm )

10

80

fT (kp/cm2)

1

2

FR

5-6

4

N SPT

10

> 20

su (kPa)

50

> 200

2

These values, although a simplification of the behavior of the studied soils, show that
the geotechnical behavior of the alluvial sediment is clearly different from that of weathered Keuper sediment.
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Figure 3. Results from the CPTU test closest to the borehole core shown in figure 2.

(Note: kp/cm2 = kg/cm2)

The soil improvement treatments designed are being applied at this time, showing
that predicted depth of very soft alluvial soil have been accurate.
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3 HIGH VELOCITY RAILWAY (CABEZAS DE SAN JUAN – LEBRIJA.
SEVILLA)
The second example is a project of a high velocity railway in Sevilla (south of
Spain). The layout is developed just where the sediment of Guadalquivir marsh joins to
the tertiary marl which edges the Guadalquivir river valley. The rail pathway is designed mainly over the marsh sediment, but due to the proximity of the tertiary hills, the
thickness and consistency of this sediment are very variable. The heterogeneity in
thickness and mechanical properties is probably due to the influence of continental
geomorphologic and sedimentologic processes, mostly fluvial, in the border of the
marsh basin jointed to marine processes. The fluvial dynamic has brought to the basin
granular sediment and has kept in the cohesive levels higher humidity related to the actual fluvial net.
The research geotechnical campaign consisted of mechanical boreholes, dynamic penetration tests, CPTu and Marchetti dilatometer tests (DMT).
Interpretation of the stratigraphic profile was done initially from the borehole descriptions and the results of dynamic penetration tests. These tests were able to define the
contact between the marsh sediment and tertiary marl underneath. Nevertheless, the deformability and heterogeneities in the marsh sediment were not precisely defined. The
geological description distinguishes two levels in the marsh sediment: the first one was
composed by sand and mud whose extension was almost continuous along the bottom
limit of the marsh sediment. The second level was placed over the sand-mud layer and
was composed by dark grey clay, very soft and plastic. The total thickness of the marsh
sediment is between 8 to 10 m, with local sub-basins where the thickness increases up
to 20 to 50 m.
The analysis of the results of other in situ test, specially CPTu and DMT tests, was
the key to define another two sublevels inside the marsh sediments. Due to the fact that
CPTu and DMT tests were done in pairs, a joint interpretation of the results was done.
Values to correlate were the cone resistance measured in the CPTu test and the deformation modulus (M) obtained from the DMT tests. There are published correlations to obtain the deformation modulus of a soil from the cone resistance measured in CPTu tests.
These correlations are different if the soil is cohesive or if it is granular (Lunne et al,
1997 & Marchetti, 2002).
In this study the work was carried out in a reversal way: from the data obtained by the
CPTu and DMT records the value of a proportionality parameter () between cone resistance and deformation modulus, for each pair of tests, was obtained.
As an example, in Figure 4 results from three tests are included. CPT4 was the closest test to DMT6, meanwhile, CPT12 were performed not so close to DMT6. Observation of these data allows us to define at least three levels in the marsh sediment:
- An upper level in which the relationship between the deformation modulus and
cone resistance is high ( > 18 – 20).
- An intermediate level where cone resistance and deformation modulus are low
and the relationship between them is also low ( < 5).
- A lower lever with a relationship between the deformation modulus and cone resistance growing until values over 20.
Next, from the analysis of all results obtained along the railway studied it was possible to differentiate four sublevels with different geotechnical properties. These four levels are from bottom to top:
 QM1 .- This is a granular level mainly composed of sand and sometimes mud. It extends almost continuously along the bottom limit of the marsh sediment.
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QM2 .- Second level is mainly composed of clay. It is the least deformable level of
the marsh sediment. It is formed of lightly overconsolidated clays. It shows smaller
void ratio values and less humidity than clays overlying.
QM3 .- The fundamental difference between third and second level is deformability.
These clays are highly deformable; they show high void ratio values and humidity.
They appear continuously under the superficial level but its thickness is very variable between 4 to 25 m. Areas where the thickness is big are related to actual water
streams that bring water to the area, helping to keep high humidity in this clay levels.
QM4 .- This is the superficial level. It is composed by the same clays described in
QM3 but in an overconsolidated state due to desiccation. Its thickness is between 3
to 4 meters.

As an example of the lateral variability of facies in marsh sediment is shown in Figure 5
that shows two groups of CPTu-DMT pairs in a short length (< 1000 m) along the railway.
Different behavior recorded by the tests allows defining the distribution of levels in
marsh sediment with different geotechnical properties along the railway studied. This
could not have been done just with the description of boreholes and the resulting profile
is shown in Figure 5.
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Figure 5. Example of geotechnical profile.

Once defined geotechnical level from the in situ test results, the laboratory testing
was arranged for the marsh levels defined. Results are shown in Table 2, where the differences in fine content and plasticity between clay and sandy levels can be observed;
dry density and humidity in clay levels of different shear resistance (Su) and deformability (Cc) also change
Table 2. Geotechnical parameters of different facies in marsh sediments.
Geo-

NSPT

tehnical

tent (%)

level

Plasticity

Fine conLL

LP

IP

d

W

Su

KN/m3

%

KPa

OCR

Cc

Cs

cv
cm2/s

QM1

35

60

44

24

20

17,3

21

175

QM2

20

92

55,5

27,5

28

14,8

30

120

2,4

0,19

QM3

6

92

63

32

31

12

44

28

0,68

0,36

0,06
0,09

2,46*10-4
1,67*10-4

Finally, the improvement in profile definition was fundamental in the soil improvement treatments designed along the railway.
4 CONCLUSIONS
Two examples have been presented that show how CPTu results helped define accurate
geotechnical profiles. This improved definition is related with differentiations of levels
with different sedimentological genesis but very similar in appearance due to the fact
that the more recent sediments came from the oldest. The second example corresponds
to differentiation of facies in marsh sediments.
In both cases the precision of geotechnical profiles obtained allows a more accurate
design of soil improvement treatments that are necessary to the correct behaviour of the
embankments in the two projects.
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Classification, overconsolidation and stiffness of Venice
lagoon soils from CPTU
L. Tonni & G. Gottardi
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ABSTRACT: This paper reports the latest results of a field study based on a consistent set of piezocone tests (CPTU) performed at the Treporti Test Site (Venice, Italy)
within an extensive research project aimed at better understanding the heterogeneous
Venetian lagoon subsoil, mainly composed of silts combined with sands or clays. The
project also included the construction and the subsequent gradual removal of a full
scale test bank, together with a detailed monitoring system of subsoil strains and pore
water pressures. This study especially focuses on the evaluation of overconsolidation
and loading-unloading stiffness of such complex silty sediments from the interpretation of CPTU measurements and discusses the effectiveness of some existing and
well-established approaches for classification and mechanical characterization of Venetian soils. Site specific correlations, calibrated on field measurements, are proposed
in order to properly estimate typical soil parameters.
1 INTRODUCTION
This paper presents the recent results of a field study based on a consistent set of piezocone tests (CPTU) performed at the Treporti Test Site (Venice lagoon, Italy)
within an extensive research programme aimed at better understanding the behaviour
of the heterogeneous and highly stratified silty sediments forming the upper 50m of
the Venetian lagoon basin.
The whole research programme, consisting of a detailed geotechnical characterization through in-situ tests, continuous coring boreholes and high quality laboratory
tests, also included the construction of a full scale vertical-walled cylindrical test
bank in conjunction with a very detailed monitoring system towards subsoil strains
and pore water pressures (Simonini, 2004; Jamiolkowski et al., 2009).
This study provides an attempt to evaluate some relevant characteristics of Venetian sediments - such as overconsolidation and deformation properties in both
loading and unloading conditions - from the interpretation of CPTU measurements in
conjunction with subsoil vertical strains continuously recorded since the start of the
bank construction up to its complete removal. Besides, the effectiveness of existing
classification procedures is discussed with reference to their capability of capturing
the complex alternation of different grain-sized sediments of the Venetian subsoil.
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Figure 1. Construction history of the test bank and associated settlement measured in the centre of the
loaded area, together with location of the piezocone testing campaigns.

2 THE TREPORTI TEST SITE
Sediments forming the upper 100 m of the Venetian lagoon basin consist of a chaotic
assortment of interbedded NC or slightly OC silts (ML), medium-fine silty sands
(SP-SM) and silty clays (CL) (Cola & Simonini, 2002).
A representative test site of such heterogeneous subsoil was located near Treporti,
in the North Eastern lagoon. Here, a full-scale 6.5 m high, 40 m diameter, geogridreinforced vertical-walled cylindrical test bank was progressively built and continuously monitored towards a number of relevant geotechnical quantities such as pore
water pressure, induced soil total stresses, horizontal displacements with depth, surface settlements. A crucial role in the analysis of soil vertical strains was played by
the sliding deformeters installed beneath the bank, which provided soil axial displacements at 1 m intervals along four different vertical directions. Monitoring went
on for almost four years after the loading bank construction, as well as throughout
the gradual removal of the bank, from June 2007 to March 2008. A scheme showing
the construction history of the test bank and the associated settlement measured in
the centre of the loaded area is reported in Figure 1.
The extensive CPTU programme was carried out in different phases, i.e. before
and at the end of the loading bank construction. The final piezocone testing campaign was launched four years later, once the gradual removal of the test embankment was completed. It included tests located close to selected verticals previously
investigated as well as a couple of tests performed at non-standard penetration rates.
The idea was essentially to examine the stress-history effects on piezocone measurements as well as to detect possible phenomena of partial drainage during penetration in silty layers. Details on the whole CPTU programme can be found in Mayne
and McGillivray (2004), Gottardi & Tonni (2004), Tonni & Gottardi (2009).

568

qt (MPa)

Grading (%)
0

0

5

25

50

75

4

8

u2 (MPa)

fs (MPa)
12

0

0.1

0.2

0

0.5

1

W.T.

SM-SP

10

Depth (m)

0

CPTU 20

ML

CPTU 40

15

20

25

CL

Before bank construction
After bank removal

30

Figure 2. Typical CPTU profile before bank construction (continuous line) and after bank removal
(dotted line).

A typical piezocone log profile of Venetian subsoil is reported in Figure 2, showing the corrected cone resistance qt, the sleeve friction fs and the pore pressure u from
the initial test CPTU 20, in conjunction with the grading characteristics as obtained
by the soil samples of a nearby borehole. Profiles provide immediate evidence of a
highly stratified system, with a well-defined top layer of fine clean Holocene sand, 67 m thick, followed by clayey silts interbedding sandy silts. Data from the adjacent
CPTU 40, performed after the bank removal, are superimposed for comparison in the
same figure. As a consequence of overconsolidation, a general increase in qt and fs, in
conjunction with a more pronounced dilative behaviour, especially within the silty
layer from 8 to 20 m depth, can be detected.
3 SOIL CLASSIFICATION
Classification of Venetian sediments from in–situ measurements has been first performed using the well-known and widely accepted soil behaviour type (SBT) charts
proposed by Robertson (1990), based on CPTU data normalized with respect to vertical stress (Qt, Fr and Bq). The application of these charts to CPTU 20 shows (Figures 3a and 3b) that most of the relevant points fall in zones 3, 4, 5 and 6, which include soils ranging from clays-silty clays to silty sands. Comparison with
classification from laboratory tests reveals certain differences from the Robertson
(1990)’ SBT approach when applied to silts, which generally fall in both the silt mixtures and clay domains.
Indeed, partial drainage phenomena which are likely to occur during cone penetration in intermediate soils can have significant implications not only on the assessment of reliable soil properties, but also on the proper use of classification charts.
Attempts have been made to improve accuracy of Venetian soil classification
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from piezocone measurements by using the alternative charts recently proposed by
Schneider et al. (2008), based on the normalized piezocone parameters Qt and
u2/v0 rather than Qt and Bq. However, the application of the method to CPTU 20
(Figure 3c), does not provide significant additional details to the classification of Venetian sediments but confirms once more the difficulty of separating interbedded
clays and silts, which result indistinctly located in the domain of transitional soils.
4 STRESS HISTORY
Reliable OCR estimates of Venetian sediments prior to bank construction, based
on the interpretation of subsoil strain measurements on loading, turned out to range
between 1.1 and 1.3, thus confirming that Venetian sediments are in general slightly
overconsolidated (Simonini et al., 2007).
Final OCR values, after the bank removal, could be easily back-calculated from
the stress history applied with the loading bank.
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Interpretation of field OCRs in terms of (qt – u2)/v0 shows that the relevant
points defines two different trend lines (Figure 4a), associated to fine (ML, CL) and
coarse (SP-SM) sediments respectively. Besides, normalization of OCRs using the
friction ratio Fr reveals that all points describe a unique curve, irrespective of the different soil classes. This is given by:
1.21

 q  u2 

OCR  0.038  Fr   t
  'v 0 

(OCR ≥ 1), (R2 = 0.92)

(1)

where the two numerical constants were determined as best fit of field-based OCR
values from ground surface to 20 m depth.
Unlike existing formulations, which resulted in unrealistic estimates of Venetian
sediment OCRs (Tonni & Gottardi, 2009), the new approach includes a dependence
on the friction ratio Fr, which seems to act as a sort of material index for the different
grain-sized Venetian sediments. Predictions of OCRs, obtained by applying eq. (1) to
the final phase test CPTU 34, are depicted in Figure 4b.
Preliminary analyses have also shown that a relationship similar to eq. (1), based
on the soil behaviour type index Ic (Robertson & Wride, 1998) instead of Fr, may be
found to fit the data equally well.
5 STIFFNESS
Stiffness in both loading and unloading conditions of the upper 20 m sediments has
been evaluated from field data, using the vertical strain measurements obtained from
the sliding deformeter installed beneath the loading bank centre. In this case loading
and deformation conditions can be reasonably assumed as one – dimensional, hence
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settlements can be computed using the one-dimensional modulus, M.
Previous interpretation of vertical strains induced by the loading bank showed that
the use of common empirical correlations, based on a clear distinction between
drained and undrained conditions, were unable to provide any reliable description of
the overall subsoil compressibility.
In this study, a site specific correlation for the 1-D modulus on loading has been
developed (Figure 5), fitting the vertical strains measured soon after the bank completion. Indeed, pore pressure monitoring proved that consolidation occurred almost
entirely during the bank construction.
The new formulation, given by:

M L  2.3  qt  u2  (R2 = 0.93)

(2)

is able to provide reliable estimates of the loading stiffness ML of both coarse and
fine Venetian sediments, when applied to the initial phase test CPTU 14, located in
the centre of the loaded area.
On unloading, a unique 1-D stiffness MU has been calculated, taking into account
vertical strains measurements at the start and the end of the bank removal. In this
case soil deformation can be reasonably assumed recoverable, hence the computed
stiffness may be interpreted as an elastic 1-D modulus.
Attempts have been made to relate soil stiffness MU to the final phase CPTU 34
measurements. To the authors’ knowledge there is substantial lack of available correlations providing reliable estimates of unloading stiffness on the basis of CPTU data.
Following the procedure previously assumed for ML, the unloading modulus MU
has been first related to (qt - u2). However, Figure 6a suggests that such modulus does
not show any evident dependence on the effective cone resistance (qt - u2).
Further analyses of data in terms of MU/Fr and (qt – u)/v showed that all the
relevant points seem to fit a unique linear relationship, as depicted in Figure 6b. This
is given by:
M U  42  Fr 

qt  u
p , R2 = 0.97
 v0 a

(3)

where pa is the atmospheric pressure, assumed equal to 0.1 MPa.
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The practical relevance of this approach is the ability of capturing the combined
influence of the cone resistance qt and the normalized friction ratio Fr on the soil
stiffness, regardless of Venetian soil classes.
This result seems to confirm what previously noted in the case of OCR, i.e. that the
normalized friction ratio Fr acts as a material parameter, allowing a unified description of soil response in unloading conditions.
Predictions of ML and MU , using eqs. (2) and (3) respectively, are finally reported
in Figure 7 and compared with the relevant back-calculated field moduli on both
loading and unloading.
However, it is worth remarking here that the approaches described by eqs. (2) and
(3) fully disregard the complex mechanics of cone penetration in intermediate soils.
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Figure 7. Stiffness predictions using eqs. (2) and (3).

573

Indeed, a more accurate interpretation of piezocone data should account for possible phenomena of partial drainage which are likely to cause significant uncertainty in
the assessment of reliable soil properties (Tonni & Gottardi, 2009).
6 CONCLUDING REMARKS
This paper has presented the latest results of a comprehensive research programme
carried out at the Treporti Test Site with the aim of having a better understanding of
the complex and rather stratified Venetian lagoon subsoil. Attention has been especially focused on the interpretation of the large amount of piezocone tests in terms of
deformation characteristics in both loading and unloading conditions.
Site specific correlations, requiring further evidence though, have been developed
for the estimate of OCR and both loading and unloading stiffness.
In particular, analyses have shown a clear dependence of overconsolidation ratio
and 1-D stiffness of overconsolidated sediments on the normalized friction ratio,
which enables a unified description of the soil response irrespective of the different
Venetian soil classes.
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Soil behaviour type from the CPT: an update
P.K. Robertson
Gregg Drilling & Testing Inc., Signal Hill, California, USA

ABSTRACT: An initial application of CPT results is to evaluate soil type and soil
stratigraphy. One of the more common CPT-based methods to estimate soil type is
the chart suggested by Robertson et al (1986) based on cone resistance, qc and friction
ratio, Rf. Although newer charts have been developed based on normalized parameters, the simple chart based on qc and Rf is still popular because it is easy to use and
can be used in real-time during the CPT. This paper provides an update on the soil
behaviour type charts based on basic CPT measurements of qt and fs. and proposes a
new soil behaviour index for non-normalized CPT results.

1 INTRODUCTION
The electric Cone Penetration Test (CPT) has been in use for over 40 years. The CPT
has major advantages over traditional methods of field site investigation such as drilling
and sampling since it is fast, repeatable and economical. In addition, it provides near
continuous data and has a strong theoretical background. These advantages have lead to
a steady increase in the use and application of the CPT in many places around the
world.
One of the major applications of the CPT has been the determination of soil stratigraphy and the identification of soil type. This has typically been accomplished using
charts that link cone parameters to soil type. Early charts using qc and friction ratio, Rf
[where: Rf = (fs/qc)100%] were proposed by Schmertmann (1978) and Douglas and Olsen (1981), but the chart proposed by Robertson et al. (1986) has become very popular
(e.g. Long, 2008). The original Robertson et al (1986) chart based on qt and Rf is
shown in Figure 1. Although the chart is shown in terms of the corrected cone resistance
qt, it can be used equally well with uncorrected cone resistance, qc, since the difference
between qc and qt is small, except in soft fine grained soils that produce high penetration
pore pressures.
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The chart by Robertson et al (1986) uses the basic CPT measurements of qc and fs and
has 12 soil types, whereas the chart by Robertson (1990) uses normalized parameters
and has 9 soil types. The different soil types in each chart have sometimes created
some confusion when comparing results. The advantage of the early Robertson et al
(1986) chart was that it could be used in real-time to evaluate soil type during and immediately after the CPT, since it only requires the basic CPT measurements. Although
the normalized charts of Robertson (1990) are considered more reliable because they
use CPT parameters normalized in terms of effective stress, they can only be applied after the CPT during post-processing, since they require information on soil unit weight
and groundwater conditions that are not available during the CPT. This paper provides
an update to the early Robertson et al (1986) chart using non-normalized CPT results.

Zone

Soil Behavior Type

1
Sensitive fine grained
2
Organic material
3
Clay
4
Silty Clay to clay
5
Clayey silt to silty clay
6
Sandy silt to clayey silt
7
Silty sand to sandy silt
8
Sand to silty sand
9
Sand
10
Gravelly sand to sand
11
Very stiff fine grained*
12
Sand to clayey sand*
* Overconsolidated or cemented

Figure 1 SBT chart by Robertson et al (1986) based on CPT cone resistance, qt, and friction ratio, Rf (where Rf = (fs/qt)100%)
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2 SOIL BEHAVIOUR TYPE (SBT)
Robertson et al (1986) and Robertson (1990) stressed that the CPT-based charts were
predictive of Soil Behaviour Type (SBT), since the cone responds to the in-situ mechanical behavior of the soil and not directly to soil classification criteria based on grain-size
distribution and soil plasticity (e.g. Unified Soil Classification System, USCS). Grainsize distribution and Atterberg Limits are measured on disturbed soil samples. Fortunately, soil classification criteria based on grain-size distribution and plasticity often relate reasonably well to in-situ soil behaviour and hence, there is often good agreement
between USCS-based classification and CPT-based SBT (e.g. Molle, 2005). However,
several examples can be given when differences can arise between USCS-based soil
types and CPT-based SBT. For example, a soil with 60% sand and 40% fines may be
classified as ‘silty sand’ (sand-silt mixtures) or ‘clayey sand’ (sand-clay mixtures) using
the USCS. If the fines have high clay content with high plasticity, the soil behaviour
may be more controlled by the clay and the CPT-based SBT will reflect this behaviour
and will predict a more clay-like behaviour, such as ‘clayey silt to silty clay’ (SBT zone
5, Fig. 1). If the fines were non-plastic, soil behaviour will be controlled more by the
sand and the CPT-based SBT would predict a more sand-like soil type, such as ‘silty
sand to sandy silt’ (SBT zone 7, Fig 1). Very stiff, heavily overconsolidated finegrained soils tend to behave more like a coarse-grained soil in that they tend to dilate
under shear and can have high undrained shear strength compared to their drained
strength and can have a CPT-based SBT in either zone 4 or 5 (Fig. 1). Soft saturated
low plastic silts tend to behave more like clays in that they have low undrained shear
strength and can have a CPT-based SBT in zone 3 (Fig. 1). These few examples illustrate that the CPT-based SBT may not always agree with traditional USCS-based soil
types based on samples and that the biggest difference is likely to occur in the mixed
soils region (i.e. sand-mixtures & silt-mixtures). Geotechnical engineers are often more
interested in the in-situ soil behaviour than a classification based only on grain-size distribution and plasticity carried out on disturbed samples, although knowledge of both is
helpful.
In general, the normalized chart (Robertson, 1990) provides more reliable identification of SBT than the non-normalized charts, although when the in-situ vertical effective
stress is between 50 kPa to 150 kPa there is often little difference between normalized
and non-normalized SBT. The term SBTn will be used to distinguish between normalized and non-normalized SBT.
3 MODIFIED NON-NORMALIZED SBT CHART
The early Robertson et al (1986) SBT chart was based on cone resistance, qt (or qc) on a
log scale with friction ratio, Rf on a natural scale. Figure 2 provides an update of the
chart in terms of dimensionless cone resistance, (qc/pa), where pa = atmospheric pressure
(pa = 1 bar = 100 kPa = 0.1 MPa) and Rf (in percent), both on log scales to expand the
portion where Rf < 1%. The number of soil behaviour types has also been reduced to 9
to match the Robertson (1990) chart. Table 1 summarizes the unification of the 12 (Robertson et al.1986) SBT zones to match the 9 (Robertson, 1990) SBTn zones. Reducing
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the number of SBT zones in the non-normalized chart allows easier comparison between the normalized and non-normalized SBT’s.
Table 1 Proposed unification between 12 SBT zones (Robertson et al, 1986) and 9 SBTn zones
(Robertson, 1990)
SBT zone
Robertson et al (1986)
1
2
3
4&5
6&7
8
9 & 10
12
11

SBTn zone
Robertson (1990)
1
2
3
4
5
6
7
8
9

Proposed common
SBT description
Sensitive fine-grained
Clay - organic soil
Clays: clay to silty clay
Silt mixtures: clayey silt & silty clay
Sand mixtures: silty sand to sandy silt
Sands: clean sands to silty sands
Dense sand to gravelly sand
Stiff sand to clayey sand*
Stiff fine-grained*

* Overconsolidated or cemented

Jefferies and Davies (1993) identified that a Soil Behaviour Type Index, Ic, could
represent the SBTn zones in the normalized chart where, Ic is essentially the radius of
concentric circles that define the boundaries of soil type. Robertson and Wride, (1998)
modified the definition of Ic to apply to the Robertson (1990) Qt – Fr chart. When the
non-normalized SBT chart is presented on log-log scales (Figure 2) the boundaries are
also essentially concentric circles and a non-normalized Soil Behaviour Type Index, ISBT
can also be defined by:
ISBT = [(3.47 - log(qc/pa))2 + (log Rf + 1.22)2]0.5

(1)

where:
qc = CPT cone resistance (or corrected cone resistance, qt)
Rf = friction ratio = (fs/qc)100%
fs = CPT sleeve friction
The non-normalized SBT index (ISBT) is essentially the same as the normalized SBTn
index (Ic) but only uses the basic CPT measurements. In general, the normalized Ic provides more reliable identification of SBT than the non-normalized ISBT, but when the insitu vertical effective stress is between 50 kPa to 150 kPa there is often little difference
between normalized and non-normalized SBT.
4 EXAMPLE
Figure 3 shows an example CPTu profile at a site with about 8m of very soft, essentially
normally consolidated clay, overlying stiff, overconsolidated silty clay, with occasional
thin sand layers, to a depth of about 18m. Underlying the stiff silty clay is dense sand to
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a depth of about 30m. The piezometric profile is approximately hydrostatic with
groundwater at a depth of about 3m. Figure 3 presents the measured CPTu parameters
in terms of cone resistance (qt), friction ratio (Rf) and pore pressure (u2), as well as the
profiles of non-normalized SBT index (ISBT) and the SBT descriptions, based on the
chart shown in Figure 2. The SBT zones are colour coded to aid in visual representation (Geologismiki, CPeT-IT). The pore pressure sensor appears to have lost saturation
when passing through the thin dense sand layer at 12m, but regained saturation again at
a depth of about 17m.

Zone
1
2
3
4
5
6
7
8
9

Soil Behaviour Type (SBT)
Sensitive fine-grained
Clay - organic soil
Clays: clay to silty clay
Silt mixtures: clayey silt & silty clay
Sand mixtures: silty sand to sandy silt
Sands: clean sands to silty sands
Dense sand to gravelly sand
Stiff sand to clayey sand*
Stiff fine-grained*
* Overconsolidated or cemented

Figure 2. Updated non-normalized SBT chart based on dimensionless cone resistance, (qc/pa)
and friction ration, Rf, showing contours of ISBT
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Figure 4 presents the normalized CPTu parameters as defined and updated by by Robertson (2009), as well as the profiles of normalized SBT index (Ic) and the SBTn descriptions, base on Table 1. Figures 3 and 4 show that there is little difference between
the soil behavior type interpretation for this example profile.

Figure 3 Example CPTu profile to illustrate non-normalized SBT and SBT Index, ISBT

Figure 4 Example CPTu profile to illustrate normalized SBT and SBT Index, Ic

Figure 5 shows the CPT data plotted on both the updated non-normalized SBT chart
and the normalized SBTn (Robertson, 1990) chart. Each layer is represented by different colour data points to aid identification. Figure 5 shows that the CPT data are more
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closely clustered on the normalized charts, as expected, but that both charts provide
similar interpretation of soil behaviour type. Note that the “normally consolidation” region suggested by Robertson (1990) can only been shown on the normalized SBT chart,
since a similar region is only valid on the non-normalized chart when the effective
overburden stress is close 1 atmosphere (i.e. ~100kPa).

(a)

(b)

Figure 5 Comparison between (a) updated non-normalized SBT and (b) normalized SBTn
(Robertson, 1990) for the CPTu profile shown in Figure 3

5 SUMMARY
One of the major applications of the CPT has been the determination of soil stratigraphy
and the identification of soil type. This has typically been accomplished using charts
that link cone parameters to soil type. This paper has presented an update to the Robertson et al (1986) chart to aid in comparison with the normalized chart suggested by
Robertson (1990). A new non-normalized soil behavior type index (ISBT) has also been
proposed that uses the basic non-normalized CPT results. The non-normalized SBT
index (ISBT) is essentially the same as the normalized SBTn index (Ic), suggested by Robertson and Wride (19898) but only uses the basic CPT measurements. In general, the
normalized Ic will provide more reliable identification of SBT than the non-normalized
ISBT, but when the in-situ vertical effective stress is between 50 kPa to 150 kPa there is
often little difference between normalized and non-normalized SBT. The normalized
soil behaviour type chart and SBTn index (Ic) is recommended for later post-processing
of CPT results, but the non-normalized chart and SBT index (ISBT) can be helpful for
real-time data processing and interpretation. An example CPTu profile is presented to
illustrate the comparison between non-normalized and normalized CPTu results.
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